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Abstract: Among the resisting steel types suitable for tragteof high ductility structures,
Eurocode 8 proposes MRFs and EBFs. Also if the dogsrmare generally considered a more
efficient structural solution for high-ductility dgyn, they suffers a strong weakness in the
lateral stiffness creating, during the design presse cumbersome procedures to avoid
excessive lateral displacements maintaining quikgh hductile behaviour under design
seismic actions. In many cases, the design prqueskices not optimized structural members,
oversized respect to the minimum seismic requir&srdare to lateral deformation limitations.
On the contrary, EBF combines high lateral stiffnésrnished by bracing elements and high
dissipative capacities furnished by plastic hingeseloped in links. Eurocode 8 proposes a
design procedure for realizing high ductility EBf which iterative checks are required to
properly design the links assigning to every linkedined level resistance dependant on all
other links resistance. The present paper investgjthe seismic behaviour of EBFs using the
Incremental Dynamic Analysis technique in ordeexplore their mechanical response under
increasing seismic action levels. A set of steattires is designed according to Eurocode 8.
The numerical simulations are executed considetirggvariability of both steel mechanical
properties and seismic input, aiming to a compl@®babilistic characterization of
mechanical response of the system and deeply amglire effective level of structural safety
and the ability to internally redistribute plastegtions during the earthquake. Structural
safety conditions will be defined according to dtiavel performance approach. The paper
presents also some final suggestions for possilppeavements/simplifications in EBF design.
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1 INTRODUCTION

In the last seventies the use of eccentrically didcames (EBFs) as earthquake resistant
structures in medium and high seismicity regioreatly increased; this was mainly due to the
fact that, respect to other traditional structurgbologies, EBFs are able to join good
dissipative performances to high elastic stiffn¢sg combining the plastic dissipative
behaviour of moment resisting frames (MRFs) with tiigh lateral stiffness of concentrically
braced frames (CBFs) [2].

The dissipative behaviour of EBFs is related taipalar beam elements called “links”:
during an earthquake the link, designed to plasievhile all the other elements remain in the
elastic range, develops high plastic deformationtbs@nsequently dissipates seismic energy.

The behaviour of link elements, and afterwardswhg they dissipate energy, is related to
their length (e): short links (i.e. characterized @ ratio between the plastic shear and the
plastic moment smaller than 1.6 times the link tbhggenerally develop high shear
deformations, while long links (i.e. characterizgda ratio between the plastic shear and the
plastic moment higher than 2.5 times the link léhgnainly dissipate energy trough the
formation of flexural deformations.

The ability of EBFs in dissipating energy stricdhgpends on the criteria adopted in the
design: the plastic deformations are essentialbatied on link elements, dimensioned for
yielding before beams, braces and columns thagreike, are proportioned using the forces
generated by the yielded and hardened links [3prtler to remain in the elastic field,
according with the principles of capacity desigheTverstrength of non dissipative elements
is consequently related to the mechanical and gemalecharacteristics of the links; the
overstrength behaviour of elastic elements is esgw@ trough the factde, defined as the
ratio between the plastic design resistance andfteetive action on the dissipative elements
(shear for short links and bending for long link&gcording to actual standards, such as
Eurocode 8, the distribution of the overstrengtiidaQ should be quite uniform, not varying
more than 25% respect to its minimum value: thisgsessary for guaranteeing a uniform
distribution of link plasticization on all the flo®and the global dissipation of seismic energy.

Otherwise, recent studies [4] evidenced that fratjyeespecially in presence of a high
number of storeys, EBFs underwent undesired calapschanisms, despite the presence of
small plasticization of the links of some floor atie respect of the design criteria. This fact
can be partially caused by the difference betwdwnrominal design value and the real
effective value of the mechanical properties oklsfé, 5]: this difference, generally taken
into account trough the introduction of the mateoigerstrength coefficient,,, can lead to
the alteration of the failure modes supposed indiggign, causing premature local collapse
phenomena of the structure and consequently apithie global dissipation of seismic
energy. The present work aims at the investigatibthe influence of variability material
properties on the dissipative behaviour of EBFs wad developed in the framework of a
European Research Project funded by the ResearchdFmr Coal and Steel (OPUS —
Optimizing the seismic Performance of steel anelstemposite concrete strUctures by
Standardizing material quality control). To thisrpose, different steel buildings were firstly
designed according to actual European standardshemdanalyzed trough the execution of
non linear incremental dynamic analyses (IDA), od&sng the variability of both
mechanical properties of materials and seismic tinpu order to achieve a complete
probabilistic characterization of the mechanicapanse of the system. The results obtained
using the nominal and the real values of mechanitaterial properties, provided by the
European steel producers partners of the projeete wompared in terms of activation of
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collapse criteria, analyzing the effective level sifuctural safety and the ability of the
structure to redistribute the plastic demand imgdsethe earthquake.

2 PROPOSED METHODOLOGY

Probabilistic techniques were adopted in ordersgess structural response of case studies
as function of seismic input and mechanical propgnariability.

Indeed, even if in general seismic actions are -trar@ant variables (processes) and
therefore reliability problems in earthquake engngg are time-variant reliability problems,
for OPUS purposes, the problem was transformed time-invariant problem (i.e. looking
only at extreme values) and a Monte Carlo simutatechnique was applied in an efficient
way; moreover, a probabilistic procedure able tonith a good estimation of failure
probability for all identified design points wasaldefined.

According to these final considerations, the ragearoject adopted the following general
approach devoted to the effective evaluation ofre& reliability for all structural case
studies designed during the research:

step 1. Deep knowledge of structural systeni$ie knowledge about the structural
behaviour of the case studies was completed aretrdieted thorough several numerical
simulations, adopting non-linear static and dynaamalyses.

step 2. Nonlinear modelling and collapse modalities assest. Each structural
system was described by accurate nonlinear moddisiduating the relevant collapse
criteria.

step 3. Characterization of seismic haza&kismic actions were modelled adopting
parameters and hazard proposed by EN1998-1-1;riicylar, hazard function (i.e. annual
exceedance probability) for European seismicitiaken from EN1998-1-1 and calibrated
according to design parameters associated to w#irhimit state verification. Seven
seismic inputs to be adopted in the numerical sstmrds were artificially generated from
response spectra adopted in the design.

step 4. Probabilistic model of mechanical variabl&sattering of steel products was
represented by a multi-variable model where yiglditress — R4 (fy) —, tensile strength —

Rm (f) — and elongation at fracture — A X were considered with their probabilistic

interdependencies.

step 5. Execution of nonlinear analyses and optimal glagn of numerical
simulations.The correlation between the seismic demand andstiiuetural response of
case studies was defined employing non-linear dymamalyses; peak ground acceleration

(PGA) of selected seismic inputs was varied acogrdo appropriate levels chosen in

order to activate collapse modes. In such a way htimber of simulations characterized

by failures according to different modes was insesh

step 6. Probabilistic procedure for:dP estimation. Numerical results coming from
dynamic analyses were analyzed employing a stalgtrocedure that furnishes fragility
curves and yearly threshold exceedance probabilitiie relevant collapse modes for each
case study.

The numerical simulations were executed using mergal Dynamic Analysis techniques,
suitable for the analysis of structural responggifigrent PGA levels.

3 DESCRIPTION OF CASE STUDY

In the widest framework of OPUS project, fifteefffelient buildings in steel and steel —
composite concrete structure were designed, inrdodeover the most common geometrical
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and functional structural typologies in Europe: MREBFs and EBFs for offices, industrial
buildings and car parks were analyzed.

The present paper deals with the seismic behaabBBF steel structures; three different
buildings, so on called building 3, 4 and 16, weesigned according to the criteria imposed
by Eurocode 8. External EBFs were designed to tréisés total seismic horizontal forces:
stating the symmetry of geometrical properties amaks distribution, the design of the
buildings was calibrated on single eccentricalladed frames referring to the two main
directions of the structure. The consistency ofdhsign was verified comparing the results
so obtained with the ones coming from dynamic maeaalyses of 3D global models of the
buildings.

Building 3 and 4 are office buildings, while buitdi 16 is a car park; buildings 3 and 16
are located in high seismicity region and preskaottsshear links, while building 4, located in
medium-low seismicity area, presents long bendinks| Buildings 3 and 4 have a similar
geometry, characterized by 5 storeys with an itdeey height of 3.50 m and a span length
varying between 6 and 7 m; building 16 is charamter by a span length between 8 and 10.5
m and presents only two storeys with interstoreighiteequal to 4.0 m. The link disposition
and length vary in relation to the typology (sheabending) and to floor position.

A duplication of secondary beams was applied indngs 3 and 4 in order to avoid the
amount of vertical loads and connection of elemantorrespondence of the dissipative zone
of links (see Figure 1c). Pinned connections weexlwat the ends of non dissipative elements,
such as braces and columns, and between beamslanthe for K-brace frames (frame 3xz,
16xz and 16yz); welded connection were adoptedhferbeam to column joints in D-brace
frames. The general geometrical properties of E&ifdimgs are presented in Table 1.

For all described buildings a floor type charaatedi by a concrete slab on prefabricated
trussed slab for a global thickness of 23 cm waslus the design of buildings 3 and 4 steel
grade S355 (nominal yielding strength equal to BB%a) was used; building 16, on the other
hand, was designed considering steel grade S2#hirfab yielding strength equal to 275
MPa). As regards seismic action, in buildings 3 &6 PGA equal to 0.25 g and a soil of
category B were considered, while building 4 wasatisioned for a PGA equal to 0.10 g and
a soft soil of type C; the response spectra adoptatie design are compatible with both
Eurocode 8 [6] and actual Italian Standards for stmctions NTC2008 [7]. Table 2
summarizes vertical and horizontal loads adopteterdesign.

The general geometry of buildings is representdedgares 1-4.

- X direction Y direction

Building Height Steel Resisting Resisting

number Quality system Span [n° x L] system Span [n° x L]
3 5x3.5m S355 EBF shear 3X7m EBF shear  4x6m
4 5x3.5m S355 EBF bending 3x7m EBF bendiéxpm

16 2x4.0m S275 EBF shear 5x8m + 2x10m EBF shearx10.6m

Table 1. Summary of geometric properties of EBFdings.

According to Eurocode 8 and in relation to the tawaof the buildings, design factors
respectively equal to 6 and 4 were adopted for Higttility class (HDC) buildings (3 and 16)
and for low ductility class (LDC, building 4). Athe EBF buildings so far described were
designed to resist to vertical and horizontal ferpeovided by actual standards, both for
seismic and static combination, without encounteigiobal or local collapses. The design
was optimized in order to have a uniform plastitaa of links in all the floors: an accurate
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distribution of the overstrength factais was pursued, obtaining variation smaller than 25%
among the floors. The obtained values for overgtiefactors are summarized in Table 3.
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Figure 1: General plan of buildings a) office binlgs 3 -4, b) car park 16 and c) beam duplicatan f
decoupling vertical and seismic loads.
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Figure 2: Building 3 (short links), geometry andmaknts: a) xz frame, b) yz frame.
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Figure 3: Building 4 (long links), geometry andraknts: a) xz frame, b) yz frame.
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Figure 4: Building 16 (short links), geometry arédneents: a) xz frame and b) yz frame.

Buildin Tvpe Tvoolo Live Snow Wind Soil Seismic Seismic mass
9 P YPOOY | pad Load Load type Action Floor roof

- - - kKN/mf  kN/m?  kN/m? - - kN kN

3 Office EBF 300 100 110 B 0.25g 3480 3220
4 Office  EBF 300 100 110 C 0.10g 3480 3220
16 Car ParkEBF 250 100 110 B 0.25g 27708820

Table 2: Summary of vertical and horizontal loading on buildings.

X direction Y direction

Building Storey

Qi Qi
Storey 1 1.66 2.12
Storey 2 1.54 2.47
3 Storey 3 1.53 2.00
Storey 4 1.62 2.03
Roof 5 1.86 2.24
Storey 1 1.68 1.99
Storey 2 1.87 1.74
4 Storey 3 1.63 1.78
Storey 4 1.66 1.76
Roof 5 1.51 1.61
16 Storey 1 1.53 1.57
Roof 2 1.88 1.91

Table 3: Overstrength factors for each building.

The sizing of the links with actions coming fronethnear analysis was the base for the
proportioning of the other overstrengthening elethesuch as beams, braces and columns,
according to the principles of capacity design; King phenomena of elements in
compression and interstorey drift limits, i.e. fate stiffness requirements, were also
conditioning for the definition of brace and colusmprofiles.

Typically, HEB sections were used for columns aratbs in all the buildings; otherwise,
HEB or IPE sections were adopted for links: HDCldings with short shear links present
HEB section for dissipative elements (e varies betw 250 and 700 mm), while LDC
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building employs IPE section for long bending linlesequal to 1000 mm), as presented in
Table 4.

- X direction Y direction
Building Storey : : 5 : : ,
Link profile  Link length (mm) Link profile  Link legth (mm)
Storey 1 HEB200 700 HEB200 600
Storey 2 HEB180 700 HEB200 600
3 Storey 3 HEB160 550 HEB160 450
Storey 4 HEB140 450 HEB140 350
Roof5 HEB120 450 HEB100 250
Storey 1 IPE270 1000 IPE270 1000
Storey 2 IPE270 1000 IPE270 1000
4 Storey 3 IPE240 1000 IPE240 1000
Storey 4 IPE220 1000 IPE220 1000
Roof 5 IPE160 1000 IPE160 1000
16 Storey 1 HEB320 600 HEB300 700
Roof 2  HEB360 600 HEB280 700

Table 4: Link profile and length for each building.

4 DESCRIPTION OF NON LINEAR MODELS

4.1 Numerical Non linear models

In order to evaluate the influence of the vari@pibf material properties on the effective
seismic behaviour of EBF structures, non lineardnental Dynamic Analyses (IDA) were
executed on plane frame models of the buildingsipusly described.

As many past works evidenced [8, 9] the modelliiglirtk elements should be very
accurate for obtaining numerical outcomes condistéth the EBF response prediction; both
short and long links, despite the different mectianihey use for dissipating seismic energy,
develop flexural forces combined with shear onles:mhodel of link should consequently be
able to reproduce both the two effects.

Many numerical models were proposed in literatwradpresent the behaviour of link
elements, for example one component models witltamnated plastic hinges at the ends of
the element [10] or two component models constituitg beams working in parallel [8];
nevertheless, only more recent models are ablentoumter the shear behaviour of the
dissipative link element [8].

In the present work, bi-dimensional models of thairmframes of the buildings were
realized using the numerical software OpenSees. [Ih¢ dissipative behaviour of link
elements and the combined effect of shear forcdsbanding moments were directly taken
into account modelling all the elements as “fibecton elements” (Figure 5a). The
calibration of the software was executed compating outcomes from cyclic loading
histories on single components (for example thedspwith literature results [12].

Inelastic fiber elements were used for represerdolgmns, beams without links and short
shear links; on the other hand, two elements wseel fior modelling each long bending link
and four elements were employed for each braceklBigc phenomena of braces were
directly taken into account giving an initial imgestion equal to 1/500 of the brace length to
the middle point of the brace, as represented gurki 5b; a similar imperfection was also
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assigned to the top of columns in order to includthe analysis P effect (Figure 5b). The
value adopted for the imperfection was evaluatenhfthe calibration with literature results.
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Figure 5: a) General scheme of fiber elements amdddlel of imperfections of braces and columns.

For modelling the flexural behaviour of steel mensbebeams, braces and columns —, the
Menegotto-Pinto law [13], characterized by bilinedastic-plastic stress-straicurve with
kinematic hardening, accurately calibrated in ordeagree with literature results, was used
(Figure 6a); moreover, as regards the force-distorlaw used for representing the shear
behaviour of elements, a bilinear elastic-plast With kinematic hardening was used for
links (Figure 6Db).

e —
b)

Figure 6: Constitutive law adopted for a) flexusahaviour, b) shear behaviour of dissipative elémen

4.2  Definition of collapse criteriafor EBFs

For evaluating the global ductile behaviour of gtrictures under seismic action all the
possible collapse mechanism for EBFs were analysderring to what prescribed by actual
standards, such as EN 1993-1 [15] and FEMA [1&];abllapse limits individuate the point at
which IDA simulation should be stopped, since fayhler levels of PGA it's not important to
consider the behaviour of the structure. The cebdpmitations adopted are strictly related to
different limit states, assessing the structuralgpmances both at ultimate and serviceability
limit state. One of the most conditioning collags#eria for eccentrically braced frames is
obviously the failure of link elements, in whichaptic deformation are concentrated
according to the design principles. The plastiation is calculated as the ratio between the
relative vertical displacemend)(and the link length (e), see expression (1):sloear short
link 6 is evaluated as the relative vertical displacenimttveen the two ends of the link
(Figure 7a), for long bending linksrefers to the mid length of the element (Figurg Tihe
limits assumed according to the standards are prexdén Table 5.
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Figure 7: Evaluation of link plastic rotation ay &hort shear links, b) for long bending links.
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The limit axial load for the buckling of steel meenb in compression (columns and
braces) is evaluated according to Eurocode 3 [18] expression (2), and is consequently
strongly influenced by the mechanical propertiematerials (yielding strength)f

XLALf
Ny = X0 )

The limitation imposed to interstorey drift sholle assessed; the respect of the lateral
stiffness requirements strongly influenced the ngjzof steel members such as braces,
especially in building 4, designed for low-duciilitlass. For EBFs, the collapse criteria to be
taken into account are summarized in Table 5.

Collapse Criteria Reference code Limit value

Ultimate plastic rotation EC8, FEMA 356 110 mrabdar), 20 mrad (bending)
Global buckling EN 1993-1 -

Interstorey drift ratio EN 1998-1 1.5% X Interstpieeight

Table 5: Summarizing table of collapse criteriaB@&Fs.

5 SEISMIC HAZARD vs. SEISMIC INPUT
51 Seismic hazard

Seismic hazard of a particular site expressesataral exposure to severity of possible
earthquake. Seismic hazard analysis characterezentiximal amplitude of ground shaking
during the earthquake by chosen design ground mgitsyameter in the specified level of
probability and time of occurrence of the event.

According to EN1998-1 guidelines, it is possible assume that the annual rate of
exceedance of the reference peak ground acceleggtionay be taken to vary with@as:

Hlaye) = ko 5% (3)

Moreover, EN1998-1 suggests that exponent k, depgrah seismicity, can be generally
taken equal to 3. The value of Wwas fixed according to basic performance requirdme
imposed by EN1998-1: the design seismic action Ishibave a exceeding probability of 10%
(Pncr, probability of non collapse requirement) in 50asge (T, exposition period of the
structure) for the non-collapse requirements. Tékeirn period of seismic action,g,Tis
correlated with Rcr and T by the following formula
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_TL

Ta ® In(l_ PNCR) @

that gives a return period of 475 years for theigte®GA. According to PGA levels
assumed during seismic design, 475 years of rgteriod corresponded, respectively, to
0.25g in high seismicity areas and 0.10g in lovgrs&ity areas and fixety parameter in eqgn.
(3) equal to 3.29xIdfor high seismicity areas and 2.10®1®Resulting hazard functions for
high and low seismicity are presented in Figure 8.

High Seismic Zones - Hazard - EN1998 Low Seismicity Zones - Hazard - EN1998

1.0E-01 1.0E-01

—TL=1ye: —TL=1ye:

—TL=50y 1.0E-02 £ —TL=50y

1.0E-02

Exceedance proability
Exceedance proability

1.0E-03 -

10E-03
1.0E-04

1.0E-04 . LOE0S

1.0E-05 1.0E-06
0.0 0.5 1.0 0.0 0.5 1.0
agg - Peak Ground Acceleration agg - Peak Ground Acceleration

a) b)
Figure 8: Hazard function according to EN1998-Ispriptions: (a) high seismic hazard; (b) low setshazard.

5.2  Definition of accelerograms

According to EN1998-1-1 prescription, seven ear#hkgu time-histories of natural
earthquakes or artificially generated time historiean be used. To obtain results
representative for any seismic area in Europegasonable to use artificial accelerograms,
which meet the elastic response spectra in EN 1988d are so consistent with chosen
hazard model. In order to generate artificial eguttke time histories, the program SIMQKE
[14], developed by Gasparini and Vanmarcke (19%8é} used.

Two types of seismic intensities were considered:high seismicity the PGA level was
0.25 g, while the type 1 spectrum for soil type Bswised; for low seismicity the PGA was
fixed 0.10 g, while the type 2 spectrum for soijpeyC was applied, Figure 9a. The filter
function was defined by a trapezoidal shape, whkeetime intervals for the initial and
ending ramp were 5 s and the strong motion duratias 10 s for high and 5 s for low
seismicity, Figure 9b. The relevant Eigen-periogdgerassumed to be in a range between 0.1
s and 3.0 s. The chosen sampling intervalAbf= 0.01 s allowed a sufficient accurate
calculation for Eigen-frequencies up to 20Hz (5np®ior each period).

The verification of the accelerograms by deterngnine velocity and displacement time
histories showed that the displacements were rgnoiut (Figure 10). Hence, a baseline
correction was applied to obtain a sufficient sndidplacement at the end of the record. The
adequacy of the accelerograms was checked by datgirom of their elastic response spectra,
Figure 11. For periods lower thag The spectrum value,Svas slightly too high, Figure 12;
however, the target spectrum is sufficiently med #ime requirements defined in EN1998-1
were met.

10
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Figure 9: Target spectra (a) and filter functionf@iy)the generation of artificial time histories

Seismicity  p.g.a. Spectrum  Soil Total duration  8gronotion duration
Low 0.10g Type?Z2 Type C 15s 5s
High 0.25g Typel TypeB 20s 10 s

Table 6: Parameters of target spectra and filtectfon for low and high seismicity
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-0.20

v [m/s]
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Figure 10: Baseline correction for an artificiatalerogram (high seismicity)
The COV of the spectral values for the 7 accelenogris between 0.04 and 0.12, Figure

13. It should be noted, that the energy densitgrdficial accelerograms is much higher than
of natural accelerograms, as all frequencies ef@st are included.
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Figure 11: Target spectrum and elastic responserapec/ artificial accelerograms: low seismicig) @nd high
seismicity (b).

11
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Figure 12: Target spectrum and mean value of thetiel@sponse spectra of 7 artificial accelerogrdove
seismicity (a) and high seismicity (b).
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Figure 13: COV of the elastic response spectraafificial accelerograms: low seismicity (a) andhh
seismicity (b).

5.3  Seismicinput for nonlinear analyses

IDA simulations were executed scaling generatednsiei inputs at different PGA levels;
PGA levels, considered as significant for the philsic assessment of seismic response of
designed structure, were previously determinedystgdstructural response of case studies.
In particular, for each plain structure (see Figw2e3 and 4), different excitation levels were
individuated according to the collapse modes thatlwe activated increasing PGA, see table
7. 1t is worth noting that collapse of columns veasmode that cannot be activated for PGA
levels lower than 1.50g: hence, PGA levels corredpm to column collapse were not
considered; concerning 3EBFX also collapse modecésed to braces was not activated.
This high level of PGA for these two collapse modess correlated to the frame design:
columns are sized through column verification unfidlr vertical static actions at Ultimate
Limit State; braces for 3EBFX were over-sized dodhe extreme sensitivity of structural
configuration to second order effects.

a) Frame 3X Frame 3Y
Acc Link  Col. Brace Drift Link  Col. Brace Drift

[a] [a] ] ] [a] ] [a] a]

0.60 2.00 2.00 0.40 0.45 2.00 0.75 0.50
0.50 2.00 2.00 0.55 0.50 2.00 0.70 0.55
0.50 2.00 2.00 0.60 0.50 2.00 0.65 0.55
0.45 2.00 2.00 0.45 0.45 2.00 0.65 0.50
0.55 2.00 2.00 0.40 0.40 2.00 0.65 0.40
0.45 2.00 2.00 0.50 0.55 2.00 0.70 0.60
0.50 2.00 2.00 0.60 0.55 2.00 0.70 0.55

~No o WNPRER|!
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b) Frame 4X Frame 4Y
Acc. Link Col. Brace Drift Link Col. Brace Drift

[9] [d] [] ] [d] [] [d] [9]

1 040 2.00 0.60 0.90 0.40 2.00 2.00 1.20
2 0.50 2.00 0.80 1.40 050 2.00 2.00 0.90
3 0.50 2.00 0.60 1.00 0.50 2.00 1.90 0.95
4 0.45 2.00 0.50 0.95 0.40 2.00 1.60 0.70
5 0.50 2.00 0.50 1.10 0.50 2.00 2.00 1.15
6 045 2.00 0.50 1.20 040 2.00 1.90 0.80
7 0.50 2.00 0.55 1.20 0.50 2.00 2.00 1.20
C) 212 Frame 16X Frame 16Y

Acc. Link Col. Brace Drift Link Col. Brace Drift
] [g] [d] 9] ] [a] [d] 9]

0.60 1.70 0.55 0.70 0.70 2.00 0.50 0.65
0.60 1.70 0.55 0.70 0.70 2.00 0.40 0.80
0.60 2.00 0.55 0.70 0.75 2.00 0.35 0.80
0.50 1.50 0.50 0.55 0.60 2.00 0.35 0.70
0.60 1.60 0.50 0.65 0.65 2.00 0.35 0.75
0.55 1.70 0.55 0.65 0.60 2.00 0.35 0.75
0.70 2.00 0.60 0.80 0.70 2.00 0.35 0.80

Table 7: PGA levels determined according to relecaiiapse modes, for a) building 3, b) buildingntl &)
building 16.

~No o WNPRER|!

6 EXECUTION OF NONLINEAR ANALYSES

For each case study, collapse criteria were ar@lyse each considered PGA level,
executing incremental dynamic analyses adoptingrradtively the 7 artificially generated
accelerograms.

Monte Carlo Method was applied to each analysiegdimg 500 samples of mechanical
variables and running IDA for each of them. In maitar, to be adherent to the real
assembling of steel structures, all beams and bravembers were considered as
probabilistically not dependant (generating indejeem sets of mechanical variables) while
columns of two subsequent floors were considerethagacterized by the same probabilistic
variables, see generation scheme in Figure 14c.

In order to generate samples of mechanical pragseré log-normal model was assumed
for each of them — yield strength R ultimate strength Rand elongation A — so that their
distribution resulted multivariate in which theekrvariable were inter-correlated.

The correlation matrix of the adopted model wasgeined from statistical parameters
derived from industrial steel production [15], suarimed in Table 8.

The generation procedure was based on the adopfican equivalent multi-normal
probabilistic distribution [17] obtained from theginal multivariate log-normal model.

In such a way, for each case study 3500 numericallations were carried out (i.e. 7
quakes x 500 material samples) for each conside@A level and each considered collapse
criterion.

Defining, for each collapse criterion, the damageasure (DM) for the relevant
engineering demand parameter (EDP) stated in thdeTs nonlinear analyses explored
structural responses using a strip method as @ebict Figures 14a and 14b (Figure 14a
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includes seismic input and material variability 085results for each PGA level; Figure 14b
only shows material variability, 500 results fock@GA level).

Moreover each set of 500 nonlinear analyses, egulated to a single collapse criterion,
a PGA level and accelerogram) were suitably stafisked referring to the values
Y, =100(DM, /DM, being, for the specified collapse criterion, PMe damage measure

assumed by the EDP in the i-th analysis and, RMIimit value corresponding to collapse.

The so obtained new set of data was statisticalblysed evaluating the basic parameters
(maximum, minimum and mean values and standarcatien) and executing the” test to
check the hypothesis of Normal or Log-Normal disitions. When the(® test was not
negative a Normal or Log-Normal distribution wasswased; alternatively the statistical
cumulative density function was built, completed darrespondence of tails by suitable
exponential functions [18].

The probability of failure related to each set @05data (related to a single collapse
criterion, a PGA level and accelerogram) was soplinevaluated using its cumulative
density function, beind :P[Y >10d. Clearly, for each collapse criterion and each PGA
level, 7 values of £and so 7 fragility curves, were obtained, onecfach accelerogram. The
averaged of 7 fragility curves was assumed as thgility curve related to that specific
collapse criterion (see Figure 15).

Fragility of case studies referred to a collaps@@avas finally integrated with European
Seismic Hazard function, as described in [6], fsinmg annual probability of failure for
relevant collapse criteria of all case studiesrtbhpresented in Tables from 9a to 9f.

Grade Meanu  Std. Deve  Model Correlation Matrix

N/mnf  N/mn? f, fi £y
S275 § 350 32 § 1 0.74  -0.276
S275 f 460 21 f 0.736 1 -0.402
S275 Eu 25 1.75 €y -0.276 -0.4 1
S355 § 430 27 § 1 0.85 -0.382
S355 f 550 25 f 0.851 1 -0.577
S355 Eu 25 1.75 €y -0.382 -0.6 1

Table 8: Statistical parameters assumed for sargplesration

[kN]
]
S}
1S}

Frame 3 - EBF - X 1000 Frame 3 - EBF - X

950

B5

Br

c5 Br10 cé
900 B4
850 I Br7 Br8

1000
H .
e e [, T SO S S 800 : H c3 B3 c4
" i Br5, Bré
750
" B2
| 700 ! o3 =
650
Cl: Bl c2
600
03 04 05 06 07 03 04 05 06 0.7 A
p.g.a. level - [g] p.g.a. level - [g] 7 %,
c)

a) b)

Figure 14: IDA results in terms of Brl force — aatarial and seismic input variability; b) matenariability; c)
distribution of independent variables inside 3EBFX.

1100

©
=]
=]

Axial Force in Brace 1 - [kN]

Axial Force in Brace 1

%
o
)

~
Is]
=]

@
o
S

14



M. Badalassi, A. Braconi, S. Caprili and W. Salvato

>

P = . —_———

£ A ‘r ,,,,,,,,,, 1‘ E 1.00 o gg 5= ?. —o

Q , i & 090 s

[] S M S ake 1

g ,,,,,,,,,, J 2 0.80 / . ake

2 : g

o Upper talil gomn /! e

Numerical fitting o 060 - e

ake
ake

Linear Stepwise 5
E 0.50

S 040 ’
; 2 .
Lower tail 2 o ’

oU

(=1

gzeooeoee

,,,,,,,,,, B £ 020 ?
,

0.10 ,

-
I
i
I
I
I
I
I
I
I
I
L
o
i
o
o
N
5]
o
w
S
o
B
S

0.50 0.60 0.70 0.80
Peak ground acceleration - [g]

Ge0=1 G(x)
a) b)

Figure 15: a) numerical CDF directly derived frob results (wher? failed); b) fragility of 3EBFX for
ultimate plastic rotation of the link B1.

7 ANALYSISOF RESULTS

The statistical procedure defined for a comprelensinalysis of IDA outputs was
extensively applied to most part of structural mersb in particular, all collapse modes
presented in Table 5 were analyzed. The resuteyims of annual seismic risk are reported in
Tables 9a and 9b for frame 3, in Tables 9c ando®dréme 4 and in Tables 9e and 9f for
frame 16.

Comparing failure probability of braces in frame i8,is clear which checks had
conditioned the design: risk associated to braneX idirection is 5 times less than risk
associated to Y frame, confirming the over-siziaguired during the design for braces in X
direction. The accurate design followed during sieng of links in order to reduce as much
as possibleQ factor and its differences between dissipative trems it is confirmed by
comparable failure probabilities for all links. Tkemparison o€ factor derived from the
elastic design, see Table 3, with link failure @bitity confirms that highef) are related to
lower failure probability.

Element Bl B2 B3 B4 B5 Brl Br2
Seismic Risk 4.10E-044.20E-04 4.10E-04 2.80E-04 2.00E-04 4.50E-05 4.30E-05
Element Drift 1 Drift 2 Drift 3 Drift 4 Drift 5

Seismic Risk ~ 2.80E-043.00E-04 1.60E-04 1.00E-04 9.30E-05

Table 9a: Annual exceedance probability (Seismics)iassociated to 3EBFX collapse modes.

Element Bl B4 B5 B8 B9 B12 B13
Seismic Risk  2.90E-043.10E-04 9.30E-05 1.30E-04 8.80E-05 1.30E-04 5.70E-05
Element B16 B17 B20 Drift 1 Drift 2 Drift 3 Drift 4
Seismic Risk  8.20E-053.60E-05 5.3-05 2.80E-04 7.10E-05 5.30E-05 3.30E-08
Element Drift 5 Brl Br2 Ci1 C2 C4

Seismic Risk  3.30E-082.80E-04 2.40E-04 1.50E-06 5.90E-06 1.50E-06

Table 9b: Annual exceedance probability (Seismks)isssociated to 3EBFY collapse modes.

Failure probability associated to columns are yelaiv, confirming that for such kind of
structural systems, static combinations with conepléactorized set of vertical loads
represents for the column the most demanding chreakany cases. The annual exceedance
probability is often zero or 17 largely lower than accepted threshold fixed betw#0® and
10* for this type of structure accurately designed Hréd belonging to a standard (common)
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use category. It is worth noting that this trendasfirmed also for the columns in the frame
16: columns have a (annual) failure probability éswthan 10-5 also if in such a case vertical
loads are not relevant. This effect is relatedh® ¢apacity design and, in particular, to the
contribution ofQ factor: this coefficient is equal to 1.5 in the sh@ptimized design and
higher in the common practice, increasing of 50%rsie solicitation without material over-
strength factor.

Element Bl B3 B4 B6 B7 B9 B10
Seismic Risk  1.20E-051.10E-05 3.80E-06 3.70E-06 1.10E-06 9.60E-07 1.10E-07
Element B12 B13 B15 Drift 1 Drift 2 Drift 3 Drift 4
Seismic Risk  3.50E-078.30E-06 9.50E-06 5.50E-06 1.70E-07 4.20E-09 5.50E-08
Element Drift 5 Brl Br2 Ci1 C2 C3 C4

Seismic Risk  5.50E-081.10E-05 1.00E-08 2.40E-15 2.00E-14 2.40E-15 2.40E-15

Table 9c: Annual exceedance probability (Seismic) @ssociated to 4EBFX collapse modes.

Element Bl B4 B5 B8 B9 B12 B13
Seismic Risk 1.20E-051.30E-05 2.70E-06 2.80E-06 4.20E-07 4.40E-07 2.00E-06
Element B16 B17 B20 Drift 1 Drift 2 Bri Br2

Seismic Risk  2.40E-062.30E-02 2.90E-02 4.50E-06 1.30E-06 1.20E-05 2.30E-05

Table 9d: Annual exceedance probability (Seismic) @ssociated to 4EBFY collapse modes.

Seismic links contained in the frame 3 and 16 ve&ear links designed for high seismicity
zones and their annual failure probability arediadout 1d, while for bending links — frame
4 — failure probability is set about 10giving in such a case a more conservative design
respect those executed in high seismic zones atidhigher behaviour factor. This could
suggest that EN1998 design procedure cannot allmvdesigners to optimize structural
solutions designed for low seismic loads or with lzehaviour factors.

Element Bl B2 B3 B4 B5 B6 Brl
Seismic Risk ~ 1.90E-042.00E-04 2.10E-04 3.40E-05 3.60E-05 3.40E-05 1.60E-04
Element Br2 Br3 Br4 Br5 Bré Drift 1 Drift 2
Seismic Risk  1.50E-041.50E-04 1.50E-04 1.60E-04 1.60E-04 2.40E-04 3.90E-05
Element C1l C2 C3 C4

Seismic Risk  3.50E-061.50E-05 1.50E-05 4.50E-06

Table 9e: Annual exceedance probability (Seismiqg associated to 16EBFX collapse modes.

Element Bl B2 B5 B6 B7 B8 B11l
Seismic Risk  2.60E-042.60E-04 2.60E-04 2.60E-04 3.60E-06 3.6E-0603.6E-06
Element B12 Brl Br2 Br3 Brd Bré

Seismic Risk  3.60E-065.00E-06 5.10E-06 9.80E-06 5.40E-06 4.70E-06
Element C1l C2 C3 C5 Cé6 Cc7

Seismic Risk  7.60E-087.60E-08 7.60E-08 7.60E-08 3.00E-07 3.00E-07

Table 9f: Annual exceedance probability (Seismik)rassociated to 16EBFY collapse modes.
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It is also important to underline that all casedsta furnished annual failure probability in-
line with the limit proposed by Melcher of Z@or such structures subjected to exceptional
loading conditions [19]. This confirms that contnmleasures considered inside capacity
design approach, as material over-strength facyey,— and structural over-strengti}; can
guarantee an adequate protection level to bracg<@mns. It seems, moreover, that this
protection is too pronounced in the columns angredably capacity design rules could be
relaxed for this structural member.

7.1  Upper limitation on yielding stress: influence on DA results

The probabilistic procedure was newly applied impgsa preconditioning of material
input variables: theyfof dissipative members was limited imposing aitfmis upper limit
equal to 1.375, 1.35, 1.30 and 1.25 time the nonyiigdding of the steel quality; in such a
way, all results coming from simulations charactedi by seismic link yielding higher than
fixed limits were not considered. These limits werpiivalent to impose a fictitious quality
control for the seismic qualification, according[6) or more severe limits, of steel profiles
produced according to EN10025 [20]. Upper yieldiedinition reduced the number of useful
material samples (variables) employable in theufailprobability estimation; this reduction
was more marked, as expected, for S275 qualitygbairsteel quality less controlled than
S355. In the Figure 16 it has been reported thecefff imposing an upper limit of 1.375
times the nominal yielding on link 1 properties foame 3X and 16X: the upper yielding
limit has no effect on generated samples whilesffect is stronger for S275.

680 680

630 630

580 580 -

Tensile strength - [MPa]
Tensile strength - [MPa]

530 530 -

480 480

430 1 1 1 1 1 1 Ll 430
350 370 390 410 430 450 470 490 350 370 390 410 430 450 470 490

Yielding stress - [MPa] Yielding stress - [MPa]

550 550

500 500

.
.
'y °
o % C
e
e
450 450

Tensile strength - [MPa]
Tensile strength - [MPa]

400 400

350 350

300 bl L 300
200 250 300 350 400 450 500 200 250 300 350 400 450 500

Yielding stress - [MPa] Yielding stress - [MPa]

<) d)

Figure 16: a) S355 without upper limit an h) S355 with upper limit on,fequal to 1.375; ¢) S275 without
upper limit on §; d) S275 with upper limit on, fequal to 1.375.
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Results in terms of annual failure probabilitiessky calculated with the previous
procedure are presented in Figures 17a and 17b.
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Figure 17: a) variation of risk associated to udtimplastic rotation of links; b) variation of riaksociated to
buckling of first storey braces.

The assignation of upper fy limits produced, aseekgd, a variation in the risk associated
to link rotation and brace buckling; in particuléine annual probability of the link failure
increased from 2% to 25% also while probabilityoassted to braces failure decreased from
1% to 35%. According to these results it is cléet the definition of uppey, timits must be
accurately evaluated in order to do not unbalanoentuch the design in the exploitation of
link plastic resources over its failure. At the gatime it is also clear that the big decreasing
of risk associated to brace failure is related EBRBY only, in which braces were really
optimized (i.e. Capacity Design=Buckling Strengih)the other cases, more adherent to day-
to-day practice, a little over-sizing (i.e. C.D.8PB.S.) furnished maximum variations of risk
about -6%, mitigating strongly the effects of upfelimit. It is worth noting that the benefits
and the safety increment associated to additiamatrcls for the seismic qualification of steel
profiles must be carefully evaluated because strattsafety herein estimated, considering
both seismic input and material variability — Tabl@a-9f, is in-line with nominal values
proposed by experts for the structural cases — 3EBEBFY, 4EBFX, 4EBFY, 16EBFX
and 16EBFY — under exceptional loading situatioeashquake.
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