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PREFACE

PREFACE
The International Conference on Structural Analysis of Historical Constructions (SAHC)
was first celebrated in Barcelona in 1995, followed by a second edition also in Barcelona
in 1998. Since then, nine subsequent editions have been organized in different
countries of Europe, America and Asia. The SAHC conference series is intended to offer
a forum allowing engineers, architects and all experts to share and disseminate stateof-art knowledge and novel contributions on principles, methods and technologies
for the study and conservation of heritage structures. Through all its successful past
editions, the SAHC conference has become one of the topmost periodical opportunities
for scientific exchange, dissemination and networking in the field.
During the last decades the study and conservation of historical structures has attained
high technological and scientific standards. Today’s practice involves the combination of
innovative non-destructive inspection technologies, sophisticated monitoring systems
and advanced numerical models for structural analysis. More than ever, it is understood
that the studies must be performed by interdisciplinary teams integrating wide expertise
(engineering, architecture, history, archeology, geophysics, chemistry…). Moreover, the
holistic nature of the studies, and the need to encompass and combine the different
scales of the problem –the materials, the structures, the building aggregates, and the
territory – are now increasingly acknowledged. Due to all this, the study of historical
structures is still facing very strong challenges that can only be addressed through
sound international scientific cooperation.
Taking these ideas in mind, the 12th edition of the SAHC conference aimed at creating
a new opportunity for the exchange and discussion of novel concepts, technologies
and practical experiences on the study, conservation and management of historical
constructions.
The present proceedings include the papers presented to the conference, which was
finally celebrated on September 29-30 and October 1, 2021, in an on-line mode due
to the word sanitary emergency situation created by the Covid-19 pandemic.
The conference included the following topics: history of construction and building
technology; inspection methods, non-destructive techniques and laboratory testing;
numerical modeling and structural analysis; structural health monitoring; repair and
strengthening strategies and techniques; conservation of 20th c. architectural heritage;
seismic analysis and retrofit; vulnerability and risk analysis and interdisciplinary
projects and case studies.
The SAHC 2021 conference has been possible thanks to the large contribution of the
scientific committee and reviewer panel who took care of selecting and review the papers
submitted. The contribution of the different sponsors and supporting organizations is
also acknowledged. Above all, the conference has been possible thanks to all the
authors who have contributed with very valuable papers despite the difficulties caused
by the world pandemic. New editions of the conference are already planned in normal
face-to-face formats which, in the upcoming years, will provide new opportunities for
sharing valuable knowledge and experience on structural conservation, as well as for
keeping alive and fulfilling the purpose and aims of the SAHC conference series.
The Organizing Committee
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PRO_SAM is a plugin which connects PRO_SAP with SAM II
solver, a powerful tool for pushover analysis of new and existing
structures.
SOLVER RELIABILITY
SAM II, conceived by Prof. Magenes, Eng. Manzini and Eng.
Morandi, is a well-known and robust non-linear solver highly
referenced in international literature.
CODES OF PRACTICE
Eurocode 8, Italian codes.
MATERIALS
Unreinforced and reinforced masonry, reinforced concrete and
generic linear materials.
LOCAL FAILURE MECHANISMS
Automatic geometry interfacing with PRO_CineM for kinematic
linear and non-linear analyses.
LINEAR ANALYSIS
Automatic generation of plate and shell linear model from the
equivalent frame.
FREE
PRO_SAM is free for students, scholars or scientific research.

Asdea Software S.r.l. is part of the burgeoning ASDEA brand,
which includes ASDEA S.r.l. and ASDEA Hardware. We are
a software development company staffed with engineers,
researchers, and software developers. Our goal is to provide
innovative software solutions customized for clients and of
original in-house design for numerical simulation and data
visualization. We are the company behind the revolutionary
software STKO (Scientific ToolKit for OpenSees). More than
just a simple GUI, STKO features a Python scripting interface,
meaning that users can customize and program the already
powerful pre and postprocessors as needed, harnessing the full
power of OpenSees.

CALSENS develops state-of-the-art fiber-optic sensors and
designs, deploys and operates structural health monitoring
(SHM) solutions to monitor bridges, buildings and vehicles (ships,
airplanes, UAV), among other structures. Our services are based
on constant research and innovation, creating products and
services at the frontier of knowledge.
CALSENS services cover the full process of monitoring. Starting
from the modelling of structural behavior and choice of control
parameters, continuing with the election, design, fabrication
and installation of the sensors and sensing system, until the
processing, interpretation and evaluation of the data.
CALSENS has a multidisciplinary team with a high degree of
expertise in the fields of civil engineering, photonic technologies,
signal processing, materials engineering or computing.
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Kerakoll is the international leader in the GreenBuilding sector,
providing solutions that safeguard the health of both the
environment and the people.
The company mission is embrace and promote GreenBuilding
as the new low environmental impact approach to building and
promote higher quality homes around the world through the use
of eco-friendly building materials and innovative solutions.
Since 1968 – when the Group was founded in Sassuolo– Kerakoll
has been pursuing a clear course of development in Italian and
international markets for building materials, that has taken the
company to the forefront of the GreenBuilding industry and to a
level of technological supremacy famous around the globe.

S.T.A. DATA,founded in 1982 by Adriano Castagnone, civil and
structural engineer since 1978, and pioneer of scientific software
for structural engineering, is composed of more than 20 people,
all highly qualified professionals. Our aim is to offer software
for structural calculation that alallow designers to face everyday
work with simplicity and effectiveness.
S.T.A. DATA offers 3Muri Project, developed specifically for
masonry.
In fact, it is not a generic Finite Element software adapted for
masonry structures; 3Muri Project was born from the specific
research for these structures and captures all the characteristics
to obtain a safe and reliable calculation of historical, exhisting
and new buildings.

IRS is a smart Engineering, Research and Development company
founded by a group of engineers in 1993. IRS Structural Health
Monitoring division designs, develops and integrates automated
systems for mechanical and structural monitoring. Thanks to
technological innovation, advanced modeling and design as
well as professional production and after sales service provide
a complete suite of structural health monitoring solutions.
Monitoring version are both portable version for laboratory tests
and one shot structural assessments and long term and in situ
applications like historical sites, buildings, bridges, dams and
tunnels. IRS is part of a group of companies including Measureit,
with whom provides consultancy and sales of precision sensor
and data acquisition systems.
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Abstract. The saddle-shaped shells, or hyperbolic paraboloids, often joined together to form a
pitched roof or an inverted umbrella, were used by many pioneers in structural architecture,
such as Félix Candela, which introduced a very innovative use of reinforced concrete in thin
layers or together with some reticulated ribs.
An innovative semi-prefabricated building system was developed in Italy in the years ’30 of
XX cent by a very active brick factory near Piacenza, RDB: the SAP system, that allowed
building curved surfaces by prefabricating light elements. After WW2, this technique was
applied also for the new structures covering wide spaces for the developing industry or also for
public leisure, using prefabricated panels of the desired length. A particularly interesting
application was the BISAP (double-SAP) panel that could be adapted for building large shells.
In Codogno (LO), Italy, the BISAP panels were employed to cover a large sports hall,
spanning about 37 × 26 m, without intermediate supports, resting (mainly) on the four corner
pillars. Border pitch beams sustain at the top two crossed beams that separate (and support)
the four hypar fields. On the four sides, two rafter beams are connected by horizontal
prestressed tie beams, in order to minimize displacements and assure the preservation of the
original shape.
The first aim of the structural analysis was to assess the static conditions of the roof under
the service loads assigned by Italian code for SLS, and then to evaluate seismic vulnerability
at ULS of the whole sports hall, being a public space subjected to particular safety provisions.
The FE code used (Straus7) allowed a very careful discretization of the orthotropic slab with
the correct inclination and twist of the ribs, giving a reliable forecast of the behavior also in
seismic conditions: the dynamic analysis of the modal shapes gives a satisfactory response of
the shell, which maintains nearly unchanged his shape during free vibration modes. The seismic
safety of the structure can be then increased by simply augmenting the stiffness of the four
corner supports, where shear action is concentrated, by adding ribs to the L-shaped sections
to form cross shaped ones. In this way also the slenderness (and weakness) of additional
intermediated pillars could be overcome.
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1

INTRODUCTION

In September 2018, the Municipality of Codogno charged SACEE s.r.l. to study a solution
for improving the usage of the sport-hall, a public property built in 1975 as an annex to the
secondary school, but over time more and more exploited as public space for sports events.
Some of the problems regarded the compliance to the codes for fire protection and for
accessibility of disabled persons; moreover, a reorganization of accessory spaces was requested.
A more general problem concerneded the thermal and lighting comfort improvement, both for
a better energetic behaviour and economic savings. In the meantime, the safety assessment of
the structure was requested, in order to forecast the impact of the needed strengthening
interventions.
The main building of the Codogno Sports Hall (see Fig. 1) is about 37×26 m wide, with no
intermediate supports, resting (mainly) on the four corner pillars. Border pitch beams, forming
four triangular tympana, sustains at the top two crossed beams that separate (and support) the
four hypar fields. On each side, the two rafter beams are connected horizontally by prestressed
tie beams, in order to minimize displacements and assure the preservation of the original shape.
Some low-rise buildings, used as changing and service rooms, are contiguous to the main
building on two sides but supported by indipendent structural systems.

Figure 1. The Codogno sport hall: aerial view (left) and the interior (right).

2 SUCCESS AND DECLINE OF THE HYPAR SHELLS
The shape of Codogno Sports Hall roof belongs to the family of surfaces composed by
hyperbolic paraboloids, which were used by many pioneers in structural architecture after WW
II, such as Félix Candela in Mexico, Arata Isozaky in Tokyo, P.L. Nervi and P. Belluschi in St.
Francisco [1]. Very expressive architectural forms were obtained combining simpler
geometrical shapes, with a very innovative use of reinforced concrete in thin layers or with
some reticulated ribs.
In a suitable coordinate system, a hyperbolic paraboloid can be represented by the equation
x2 y 2


z
(1)
a 2 b2
In this system, the traces (or cross-sections) parallel to the xz- and yz-planes are parabolas
and the level curves (traces parallel to the xy-plane) are hyperbolas (see fig. 2). The traces open
downward along the x-axis and upward along the y-axis.
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Figure 2: The surface of a hyperbolic paraboloid with a b 1 (on the left) and rotating axis’s as in Eq. 2.

Rotating the reference system by 45° and putting a b 2 it is possible to represent the
surface (1) also with the equation:
(2)
z  xy
Moreover, the hyperbolic paraboloid is also a doubly ruled surface: it contains two families
of mutually skew lines. The lines in each family are parallel to a common plane, but not to each
other. A hyperbolic paraboloid is a saddle surface, so its Gauss curvature is negative at every
point. Therefore it is not developable, despite being a ruled surface. Never less, the fact that
hyperbolic paraboloids are doubly ruled means that they are easy to construct using a series of
straight structural members as formwork: that explain the success of this shape in the
experimental development of ‘structural architecture’, relying on the innovative usage of castin-place concrete for the construction of thin shells.
The term hypar refers to a partial hyperbolic paraboloid, cut from the full infinite surface. It
was introduced first by the architect Heinrich Engel in his 1968 book Structure Systems [2].
Fernand Aimond (1902-1984) can be considered as the father of the thin hypar concrete
shells, who also formulated the membrane theory of the hypar. He designed and constructed
several hypar roofs in France in the 1930s for aircraft hangars and workshops.
However, a master of hypars and joined hypars was a Spanish architect, engineer, structural
artist and builder Felix Candela (1910-1997), who popularized the use of hypars for reinforced
concrete construction [3]. Candela was influenced by Aimond but followed also the
fundamentals of the Eduardo Torroja’s work, a famous Spanish structural engineer renowned
for his development of thin concrete shell structures.
He designed and built many innovative thin shell concrete roof structures. Most of these
structures were built in Mexico in the 1950s and 60s. That was the ‘golden era’ for thin shell
construction. Candela constructed over 300 shells during these decades. His thin concrete
vaulted shells were made of reinforced concrete mixed and poured in situ, over wooden
formwork. The thin shell roofs allowed the minimum thickness of concrete while having great
strength and stiffness at the same time. In 1952 Candela started experimenting with the
umbrella structures of four identical quadrants, called tympani. The shell geometry was created
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by joining four straight-edged hypars whose sides rose upwards away from the central column
(as if an umbrella blown upward).

Figure 2. The hypar as ruled surface and four different hypar combinations.

One of his major works is the Lomas de Cuernavaca Chapel (“hills of Cuernavaca”),
Mexico, built in 1958. Candela used a single hypar surface to get an open-air chapel with a
pure structural form of high impact. The Cuernavaca Chapel shell is self-supporting with a span
of 30 m and dramatic curvature. The open end of the chapel rise to a height of 24 m (Fig. 3).

Figure 3. The Cuernavaca chapel finished and under construction.

In 1958, Candela completed also his most significant work, the Los Manantiales Restaurant
in Xochimilco, near Mexico City. The Xochimilco shell is composed of four intersecting hypars
with free curved edges [4]. The soaring shape at the edges resulted in a simple and gracefully
thin shell structure. In the original drawings (Fig. 4), Candela clearly shows the form of
Manantiales Restaurant shell. It is an eight-sided groin vault composed of four hyperbolic
paraboloid saddles that intersect at the center point. The form was original and unexplored at
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that time. The innovative use of V-shaped beams allows edges free of stiffening beams and
produced a shell thickness of only 4 cm.

Figure 4. The sketch of the Mantianales (Mexico, 1958) and one of the last works of Candela,
the Oceanographic park in Valencia (Spain, 1994) on the same shape.

3

THE RDB FACTORY AND THE BI-SAP SYSTEM

3.1 Starting from a brick kiln near Piacenza

Figure 5. The vault built at Milan Fair in 1938 and a leaflet of SAP vault system.

A very innovative firm in the field of brick production developed between the two WW in
the surroundings of Piacenza, in northern Italy. Starting from a brick and lime kiln acquired in
1908, the new firm was established in 1934 as ‘Fornaci F.lli Rizzi, Donelli, Breviglieri & C.’
that in 1970 became simply RDB s.p.a. The firm introduced a semi-prefabricated floor system
that simplified the erection of civil buildings, but also allowed the construction of large span
roof for industrial and leisure settlements. In the Milano fair of 1938 a great vault in ‘reinforced
bricks’ built by RDB shown the possibility offered by the new SAP system (the Italian acronym
stands for ‘Senza Armatura Provvisoria’, that is ‘without provisional centring’). Other
innovative product were then developed, such as prestressed floor panels, precast and
prestressed concrete beams, and so on.
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Figure 6. Italp factory, near Pisa. Arch. L. Muzio. IL 70 [6]. On the right, a view of the interior.

Figure 7. A shelter for car transporters near Torino, ing. S. Bizzarri. IL 71 [6]. On the right, disposition of
SAP panels before the concrete casting.

3.2 The Bi-SAP system
The SAP system allowed building curved surfaces, prefabricating on-site light elements with
curved shape. After second WW, this technique was applied also for building the new structures
covering wide spaces for the developing industry or for public leisure spaces, with prefabricated
panels of the desired length. RDB regularly published a bulletin, illustrating the recently built
and under construction industrial sheds adopting patented RDB products (Fig. 7), but also
giving useful suggestions for the design and verification of such structures.
A particularly interesting application of the SAP system is the BI-SAP (double-SAP) panel
that could be adopted for building large shells generated from ruled surfaces. In this way, hypar
shells could be built using lightly skewed panels, prefabricated on site, posed along the straight
lines forming the hypar surface.
4

THE SPORTS HALL IN CODOGNO

In Codogno (LO), Italy, the BISAP panels were employed to cover a large sports hall built
in 1974, about 37×26 m wide, without intermediate supports, resting (mainly) on the four corner
pillars. The border pitch beams sustains at the top two crossed beams that separate (and support)
the four hypar fields. On each side, the two rafter beams are connected horizontally by
prestressed tie beams, in order to minimize displacements and assure the preservation of the
original shape.
The prefabricated panels, disposed following the rules generating the hypar surface, form
these four fields (Fig. 8). Additional reinforcement is disposed orthogonally and at 45° to the
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rib direction in the concrete slab (fig. 9). Probably for lack of confidence with the structural
solution adopted, beside the two big crossing beams separating the four hypar fields, some
additional slender pillars supporting the border rafters are disposed on the four sides between
the main corner pillars, apparently used only for windows support, but designed to collaborate
to the bearing system.

Figure 8. The construction of Codogno Sports Hall and its final appearance. IL 158-159 [7], p.1232.

4.1 Historical documents and original design
The original drawings for the entire sports hall, and the calculations certified by the RDB
technical office, were found in the archive of the Municipality of Codogno, which luckily
preserved and classified all the material. In this way, it was possible to reach a deeper
knowledge of the construction system (concrete rib positions in the roof, reinforcement in the
slab and in the beams, etc.) and to have a better definition of the ‘naked’ structural geometry,
without claddings and waterproofing layers.

Figure 9. Example of the original drawings for the roof structure and the head gable.
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5

STRUCTURAL ANALYSIS

5.1 The in-situ diagnosis campaign
A preliminary in-situ campaign was disposed to control the possible state of decay of the
concrete and the reinforcement, in order to avoid an over-estimation of structure resources. In
particular, n° 8 concrete cylindrical specimen (100 mm diameter) were extracted from columns
and walls and tested in laboratory. The results were compared with the 16 in-situ test performed
combining ultrasonic velocity and rebound index. The concrete covering of steel reinforcement
was measured in 10 positions, and the concrete cylinders were used to measure the depth of
carbonation. P&P Consulting Engineers, from Bergamo, made the tests.
5.2 The seismic assessment
A finite element model of the entire structure was set up, allowing to detect the overall
behavior under static dead and live loads according to Italian Code (NTC18, [11]): it must be
stressed that the actual loading provisions are far different from those adopted in the design in
1974. Moreover, the building structure was not at all designed for seismic loads, because only
in recent years the territory of Codogno was classified in 3rd category (seismicity of moderate
intensity), with a reference GPA (ground peak acceleration) of 0.092 g. That posed important
questions on the possible strengthening intervention needed, because the building is open to the
public and can have moderate crowding: allowing to NTC18, the building belongs to the Usage
Class III, and the resulting ‘reference life’ is 75 years.
The model was set up using Straus7 code to simulate the complete structure by means of 4nodes plate elements for the concrete covering and beam elements for the columns and the main
beams. The concrete ribs too were modeled by beam elements, disposed at the calculated offset
from the surface, with an adequate rotation of the axis in order to match with the surface of the
hypar. Finally, the design pre-stress, depurated from relaxation losses, was applied to the tie
beams connecting the four main corner columns. Considering also the structure sustaining the
stands for the public, 8252 nodes, connected by 7729 beam and 7708 plate elements were used,
producing 49180 equations. The seismic analysis has been conducted with a linear elastic
approach: first of all a modal dynamic analysis was performed that allowed detecting the main
aspects of structural behavior.

Figure 10. The Straus7 FE model: view from below (with the two cross beams) on the left, and view from
the top on the right, different colors showing different shell thickness.
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The first three modes excite the structure in the three principal axis’s directions, the lower
being 2.456 Hz in x (transversal) direction, and a torsional mode appear only at 6th place, for
higher frequency values (5.032 Hz, see Table 1 and Figs. 11 and 12). The presence of the walls
supporting the gallery increase the horizontal stiffness of one long side, altering slightly the
symmetry of the response (see mode 2 in Fig. 11 and mode 6 in Fig. 12).
Table 1: Mode participation for translational/rotational excitation
Mode
#
1
2
3
4
5
6
7
8
9
10
11
12
13

Frequency
(Hz)
2.4561
3.3730
3.5574
4.2796
4.5621
5.0319
5.4197
5.8253
6.4518
6.6768
6.7630
7.1368
7.3690

Modal Mass
(Eng)
3.6934E+05
1.4650E+05
1.6221E+05
4.2821E+04
7.1018E+04
6.8103E+04
4.9470E+04
3.1811E+04
6.2159E+04
5.4822E+04
5.7535E+04
6.5475E+04
3.4617E+04

Modal Stiff
(Eng)
8.7959E+07
6.5802E+07
8.1043E+07
3.0961E+07
5.8352E+07
6.8076E+07
5.7366E+07
4.2616E+07
1.0215E+08
9.6484E+07
1.0389E+08
1.3165E+08
7.4212E+07

PF-X
(%)
70.506
0.001
0.010
0.005
19.907
0.011
0.000
0.001
0.001
2.290
0.002
3.284
0.032

PF-Y
(%)
0.001
57.055
0.000
4.941
0.003
0.794
1.716
9.851
0.000
0.014
7.712
0.010
0.000

PF-Z
(%)
0.002
0.000
14.511
0.000
0.002
0.000
0.000
0.000
0.043
10.701
0.055
2.669
14.731

PF-RZ
(%)
0.001
3.642
0.000
0.851
0.010
46.248
7.445
1.553
0.000
0.085
28.280
0.014
0.001

Figure 11. Mode 1 and 2 (flexural) shapes, Top: mode 1 horizontal displacement DX; bottom, mode 2
horizontal displacement DY. Colored contour levels, view from top (left) and from below (right).
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Figure 12. Top: mode 3 vertical displacement DZ; bottom, mode 6 (torsional) combined DXY
displacement. Colored contour levels, view from top (left) and from below (right).

The Spectral Response solver use the mode superposition technique, applying modal
excitation factors for each vibration mode; then the spectral values for all modes are calculated
from the assigned spectral table by using the corresponding frequency value. The combination
of maximum modal displacement values is obtained using SRSS method (Square Root of the
Sum of the Squares). The design spectrum, calculated from NTC18 for Codogno, has an
amplitude of ag S  0.138 g .
The calculated stresses are then input in a verification program that check the capability of
each structural member: the procedure is repeated reducing spectral amplification until the
check is positive for all the members. A partial security coefficient take into account the ‘level
of knowledge’ (LC) of materials and geometry obtained by visual and material inspections:
LC2 was assumed, obtaining a factor of confidence of 1.2.
The more engaged members appeare to be the L-shaped corner columns, together with the
closer slender columns that reach the gables; even the lower end of the rafters reach the limit
state. The maximum capacity is attained with a spectral amplification of only ag S  0.08 g ,
that leads to a ratio between capacity and demand:

 E 0.080

g / 0.138 g
0.58
Nevertheless, it must be stressed that Italian Code request for existing buildings in Usage
Class III a minimum value of  E  0.6 to be reached in an ‘improvement intervention’ (see §
8.4.2 of NTC18, [11]).
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5.3 The strengthening design

Figure 13. Enlarged cross section of
corner columns

6

In order to reach a satisfying capacity of the
structure and reduce the vulnerability, the intervention
chosen try to focus on the main weakness outlined by
the calculations: the deformations and the shear
resistance are concentrated in the corner columns.
Therefore, their section was increased changing
from an L to an enlarged cross section (see Fig. 13),
with an important change in stiffness. In this way,
deformation amplitude was strongly reduced, and the
structure results verified for the design spectrum
amplitude forecast by the code, obtaining moreover a
value of 
 E 1.01  1. , that means a complete
‘upgrade intervention’, in the sense of § 8.4.3 of NT18
[11].

CONCLUSIONS

The structure of the Codogno Sports Hall demonstrated to be still very effective, and is very
close to satisfying code requirements even in present conditions. Nevertheless, with a moderate
upgrade only on the corner columns, it is able to reach a complete compliance to code provision
for new buildings towards seismic assessment, showing the clever vision of the original design
that worth some minor conservation interventions.
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Abstract. The Hennebique system was the most successful among the patented systems in the
pre-code period even though the design rules were not completely clear. Anchorage of the reinforcement is one of these unknown aspects and how it was calculated, and if it was
calculated at all, is still today not clear. For this reason, the efficiency of the anchorages is one
of the major issues when dealing with retrofitting a Hennebique structure or when its safety
needs to be evaluated. In this paper a series of tests have been performed on the typical
Hennebique an-chorages for reinforcing bars (fish-tails) and for the plate stirrups (bended
ends) that were used. Different concrete types have been used so that either the collapse
mechanisms of the anchor-ages and their ultimate strength may be identified.
1

INTRODUCTION

Even though François Hennebique was not the first to deal with concrete and reinforcing
bars, no doubt he was one of those who most affected the first years of reinforced concrete
constructions [1-4]. His patent, although unclear in its theoretical basis and in several technological aspects, in many countries was the most exploited system in the first pioneering period
of r.c. constructions [5-7] that ends approx. with WWI [8]. If the Hennebique system did not
find space in Germany [9], it was used in U.K. due to the cooperation with Mouchel [5] and in
Spain with Rivera [10] while in other countries, such as France [11], Belgium [4] and Italy [1114] it remained the leading building system for a couple of decades.
Even though the first codes in Europe were issued before WWI, in 1902 for Switzerland,
in 1907 for Italy and France [15] and in 1915 for Russia [16], it took more than a decade for the
patent system to be substituted by a rational approach to r.c. design. This is mainly true for those
countries in which the patents remained valid till their natural expiration, such as Italy and
Spain. The outcome is that Hennebique structures, or Hennebique-like structures, built till approx. the ‘20s, remained un-engineered to a large extent.
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Nowadays warehouses, industrial facilities, a large number of bridges and buildings, either
residential and public, built according to the Hennebique system, are in service. For many of
them retrofitting is needed due to several reasons, such as material degradation, re-functioning
and, mainly for strategic buildings such as schools, hospitals and public offices, for their seismic
upgrade.
The intrinsic weaknesses of the early reinforced concrete structures, among which the
Hennebique system plays the major role, is well known and addressed by several authors [4,
17-22]. The two main issues need specific attention: i) concrete compressive strength, affecting
the bending capacity of the beams; ii) shear capacity, which depends on the amount of shear
reinforcement and on the efficiency of its anchorage.
This paper addresses a specific problem: the anchorage performance of either bending and
shear reinforcing bars. Due to the reduced anchorage length, only partially compensated by the
shape of the bar, it will be showed that in most cases the bending and shear capacity is limited
by the sliding of the bars in the anchorage regions. This outcome is crucial when the structural
performance of a Hennebique-type structure has to be estimated.
2 ANCHORAGE OF REINFORCING BARS IN THE HENNEBIQUE SYSTEM
Figures 1 to 3 show the typical reinforcement of a Hennebique beam.
- 50% of the longitudinal reinforcement (cylindrical bars from 10mm to 40mm in diameter)
is bended up at 1/3 of the span, figure 1, [7] and [24], and anchored on the upper side by
means of fish-tail expansions. Such a rule is simply geometric and in the archives there is no
rational reason for such a choice; the upper bars, therefore, are not proportioned to the negative bending moment.

Figure 1. Longitudinal section of a beam according to the USA Hennebique patent [27]

- the anchorage of the main bars consists of fish-tail ends; hooks were used for secondary bars
only, figure 2. The fish tails were open as much as to get to twice diameter of the bar.
Amongst the large number of load tests to collapse performed by Hennebique and his concessionaries, some showed the collapse of the anchorage of the longitudinal bars, figure 3;
there is no evidence that this outcome of the test neither lead to some change in the detailing
of the bars nor raised attention on the bar anchorage.
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Figure 2. Fish-tail ends and hooks of reinforcing bar of the slab of a villa inside the Villa Gruber park, Genoa,
unknown building date, in-between 1900 to 1930.

Figure 3. Load test to collapse of a T beam performed by the Porcheddu company [24] – unpublished photo

Figure 4. Typical shape of a stirrup, 1897 [28]
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- The shear reinforcement consists of steel plates, 2-to-3 mm thick, 20-to-50mm wide, figure
4. The spacing of the stirrups, figure 1, was geometrical with minimum spacing close to the
supports. There’s no explicit origin of such a choice, that is somehow rational, that probably
originates from the load tests that Hennebique in his company and his concessionaries performed up to collapse. The anchorage of the stirrups is obtained by means of a slight bend
of the plate in the compressed part of the beam; also in this case the efficiency of such an
anchorage system is to be discussed.
3

THE EXPERIMENTAL PROGRAM

The goals of the research are the identification of the anchorage mechanisms up to collapse,
either for longitudinal bars (bending) and for stirrups (shear), taking into account different
concrete compressive strength and a grading curve that resembles an ancient pre-code concrete.
3.1 Concrete mixtures
An historical concrete differs from modern concretes because of: i) improper mixture (not
following any grading curve); ii) round aggregates; iii) excess in water content; iv) low strength
(in general, mainly for residential buildings. Industrial facilities and bridges usually exhibit
medium-to-high strength concrete).
Hennebique concrete
grading curve [18]

Fuller
upper limit

Fuller
lower limit

Grading curve
of the mix

Figure 5. Granulometric sieve curve of the historical-like concrete used compared with the limit Fuller curves

The concrete mixture used for the concrete of the tests was defined according to a weight
criterion, like the standard building practice in the past: 50kg of round coarse aggregate (max
= 30mm) + 50kg of crashed medium aggregates (max = 15mm) + 25kg of crashed fine aggregates (max = 3mm) + 25kg of sand (max = 0.5mm).
Figure 5 shows the granulometric Fuller sieve curve [31] for the aggregates used and the
grading curve deduced for a Hennebique concrete obtained in [18]; it can be seen that pre-code
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concretes, and the one used in the tests, exhibit grading curves above the upper Fuller curve,
nowadays used for aggregate proportioning.
Five concrete types were used, table 1, aiming at setting a mix that includes the main defects
of historical concrete, such as high porosity and severe bleeding. The first four types, for which
in figure 11 the maturation curves are represented (either EC2 curves [31] and the best-fitting
ones, curing conditions of the specimens as in [32-33]) were used for estimating the strength of
the anchorage, whilst the fifth concrete was used for estimating the effect of transversal confinement on the anchorage strength.
Table 1. Concrete strength and mixtures for the 5 ancient-type concrete

Concrete
mix
Mix_1
Mix_2
Mix_3
Mix_4
Mix_5

Cement
[kN/m3]
2.0
3.0
4.2
5.0
3.0

Water/Cement
Cement
/batch [kg]
ratio
18.2
1.0
27.3
0.8
38.3
0.6
45.5
0.5
27.3
0.8

Porosity
[%]
8.3
8.6
8.3
7.3
8.3

Rc,28days
8.4
14.5
25.8
29.9
20.2

C.o.V. [%]
(6 samples)
3.2
2.2
2.8
0.5
3.0

3.2 Specimens and loading conditions
Two steel specimens have been tested:
- fish-tailed bars, 20mm in diameter, figure 6
- plate stirrups 30 and 50mm wide, 3mm thick, shaped as the standard stirrups of the
Hennebique system, figure 7.
The specimens were casted inside concrete cubes, figure 8; for both the anchorage systems
the four concrete types of table 1 were used using standard curing conditions ([32] and [33]).

2

Figure 6: Fish-tailed anchorage of bending reinforcement. From a residential building in Genoa, Villa Grüber
park, Genoa, Porcheddu Building Company, in-between 1920-to-1930. main geometric ratios.

The load test was displacement-controlled in order to get also the post-peak response of the
anchorage. The load was measured by means of a CLASS 1 load cell (error less then 0.1%) and
the displacement by means of digital transducers with an error less than 0.01mm. The loading
rate was 3mm/minute so that the peak load was reached, on the average, after 3 minutes.
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The lateral confinement was provided by means of bolts and stiff distributing steel devices,
figure 8, which applied a lateral average compressive stress 1 and 2 of 0.75 N/mm2.

Figure 7: Plate stirrups – Porcheddu Archive, Technical University of Turin – unpublished drawings.

a)

b)

contr

contr

1
2
1
2

Figure 8: Tested specimens casted in the concrete cube.

4

TEST RESULTS

4.1 Test results
Figures 9-to-11 show the load-displacement response of the three different specimens for the
four concrete types tested. Figure 12 shows the average load-displacement curve, i.e. plotting a
curve that is the average out of the 5 diagrams of the previous figure.
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Figure 9: Load-Displacement response of fish-tailed bars ( =20mm)

Figure 10 Load-Displacement response of 30mm wide plate stirrups
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Figure 11 Load-Displacement response of 50mm wide plate stirrups.

Apart from the anchorage force, a difference is clear between the collapse of the fish-tail end
and the plate stirrups: in the first case the peak load is attained at the end of a substantially linear
phase and is followed by a relatively fast decrease in strength. In the case of stirrups, instead,
the post peak response shows a substantially constant anchorage force also for large displacements.
We can also outline that the anchorage strength never induces in the bar a stress level close
to yielding. This means that due to anchorage weakness, the steel elements used in the
Hennebique System are unable of using their whole section.
4.2 Collapse mechanism of the anchorage
Figure 13 shows the fish-tail anchorage before (left) and after (right) the pull out test. It can
be recognized that the fish-tail end has been shrank from twice the bar diameter to the bar
dimeter for low strength concrete and to 0.75 the bar diameter for high strength concrete.
Figure 14 shows the concrete cube after the pull-out test of the bar. It is clear that the fishtails slide inside the cube producing a rather limited crushing zone just around its original position.
Figures 15 and 16 are related to the case of plate stirrups. It can be recognized that the collapse mechanism of the stirrup anchorage system almost does not involve concrete being limited to the rectification of the bended plates.
These mechanisms explain the main features of the diagrams of figure 9: fish-tail anchorage
is shrank inside the concrete but this asks come concrete crushing to take place at the beginning
of the pull-out test. For this reason, the anchorage strength depends on the concrete strength
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and for this same reason, concrete crushing, the post peak response shows a clearly softening
branch.
For plate stirrups, instead, being the collapse of the anchorage mainly due to the plate rectification, the anchorage strength is little dependant on the concrete strength.

Figure 12 Load-Displacement response – average values

b)

a)

c)

2

0.75

Figure 13: Fish-tail anchorage a) before and after the pull out test for b) low strength and c) high strength concrete.
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a)

b)

Figure 14: Track left in the concrete cube by the fish-tail anchorage. a) sliding of the bar along the steel/concrete interface; b)
the central track (black arrows) show the sliding and the side crushing of the concrete due to the two tails

Figure 15: Plate stirrup: deformed stirrup after the pull-out test.

12 CONCLUSIONS
- Fish-tail ends. The strength of the anchorage never exceeds the force needed to close the
fish-tails. The anchorage strength is approximately this value for medium and high strength
concrete, but drops down to half this value in the rather common case of low strength concrete.
- Plate Stirrups. The collapse mechanism is that of rectification of the bended ends by sliding
inside the concrete mass. It is not clear, at this point of the research, which could be a reference value for the anchorage.
- In both the test series, a biaxial confining stress state has been applied (0.75N/mm2). This
transversal stress field is the best condition for this kind of anchorage. In case the lateral
confinement is not biaxial and/or with lower stresses, the anchorage efficiency is expected
to be lower. Further research is needed on this issue.
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Figure 16: Track left in the concrete cube by the plate stirrup. It is clear that almost no concrete crushing takes place around the
stirrup.
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Abstract. The paper presents the overall objectives of a funded research program for the
development of a Conservation Plan (CP) for the two halls by Pier Luigi Nervi of the Turin
Exhibition Center. The Turin Exhibition Center was conceived immediately after the Second
World War to host primarily the annual Automobile Show, in connection with the presence in
Turin of the FIAT motor company. The two main pavilions of the Center (Halls B and C) are
outstanding examples of a pioneering use, of new advanced methods in reinforced concrete
construction, combining innovative prefabrication procedures and the re-invention by Nervi of
ferrocement, used to form extremely thin elements. The CP is expected to push and contribute
to the preservation of the halls designed and built by Nervi, with special emphasis on structural
and seismic vulnerability aspects, also due to concerns raised on the durability of concrete
materials and technologies. Re-using these buildings entails the challenge to guarantee new
extended service life to concrete structures built many decades ago and faces the need for a
seismic assessment of these structures, in compliance to recent Italian standards.
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1

INTRODUCTION

The present work is part of a topical line regarding the analysis and structural diagnosis aimed
at the conservation of 20th century architectural heritage. A heritage of great importance which
is however characterized by several problems, first of all the scarce recognition of their
historical-documental value. In fact, the preservation of 20th century architecture has fully
entered the wider disciplinary of conservation. However, in practice, this cultural awareness
clashes with the difficulties involved in adapting recent buildings to current building
regulations. Moreover, many of the characteristics of modern architecture - such as the use of
advanced construction methods and materials and the development of new building types and
forms - challenge traditional conservation approaches and raise new methodological issues. In
fact, the assessment of the twentieth century architectures poses new problems in terms of
material preservation, structural analysis and reuse [1] [2]. Addressing these challenges will
require convergent contributions from experts of different fields. From the point of view of their
seismic improvement, 20th century buildings present specific issues, connected to the materials
and techniques used for the construction, as well as to the complex and innovative spatiality;
the continuous experimentations in all these areas have been among the characteristic features
of architectural and engineering research of the past century [3]. For these reasons, in view of
a restoration and re-functionalization of these buildings, it is a priority to carry out a careful
evaluation of the structural performances, both as regards the level of safety in static conditions
and from the point of view of seismic behavior. Experimental activities, including dynamic
tests, are part of those operations aimed at identifying the structural characteristics, determining
the state of health of the structure and predicting the response to seismic actions.
One of the reasons of the current abandonment of the Turin Exhibition Center, as well as of
other Italian Nervi’s buildings (e.g. Palazzo del Lavoro, Stadio Flaminio), is the lack of virtuous
examples for guiding the renovation and/or reuse projects of the Modern architectural heritage
in Italy. The contribution will address the issues regarding the preservation of modern heritage
architecture as seen from the perspective of a country exposed to seismic risk. The paper
presents the overall objectives of a funded research program for the development of a
Conservation Plan (CP) for the two halls by Pier Luigi Nervi of the Turin Exhibition Center.
2 THE CASE STUDY
The monumental complex of Turin Exhibition Center represents a milestone in the history of
modern engineering and architecture. The complex was designed and built between the 1948
and 1950 by Pier Luigi Nervi, one of the greatest and most inventive structural engineers of
the 20th century [4] [5], as a public space to host primarily the annual Automobile Show, in
connection with the presence in Turin of the FIAT motor company. In the construction of both
halls of Turin Exhibition Centre, Nervi used new construction procedures that he studied for
some years before this project. In fact, he had already successfully used these procedures with
his engineering firm Nervi and Bartoli, though on smaller experimental buildings, such as the
small storehouse in the Magliana area in Rome (1946) [6], the wharf Conte Trossi in San
Michele di Pagana (1947) and the ceiling of the pavilion at the Milan Fair (1947) [7]. Reference
to this celebrated and iconic masterpiece, as one of the most skillful examples of structural art,
is very frequent in the literature on contemporary architecture. This combined use of two
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different technologies for the construction of large concrete shells, would become one of the
distinctive trait of Nervi’s work.

Figure 1: Turin Exhibition Center, Pavilions by Pier Luigi Nervi: Hall B (left and center) and Hall C (right).

The roofing systems, in particular, are outstanding examples of a pioneering use, at the
intersection between inspiration and technique, of new advanced methods in reinforced
concrete construction, combining extensive use of innovative prefabrication procedures and
reinvention by Nervi of ferrocement, as an extremely malleable building material. As in the
large majority of his works, Nervi was both the designer and, through its construction company,
the builder of the Exhibition Center. In the fifties Nervi will be asked to design a second pavilion
(Hall C) and to enlarge the Hall B. Figure 1 shows the interiors of the two halls built by Nervi.
Shaped like a fascinating modern cathedral, Hall B (1947-1948) consists of an imposing wide
nave covered by a cylindrical barrel vault, and an elegant apse with ribbed hemispherical dome.
For the realization of the arches of the vault, Nervi conceived wave-like prefabricated
ferrocement elements joined by cast on site reinforced concrete ribs. Stylish fans connect the
arches to the inclined columns. The apsidal semi-dome was built using lozenge-shaped
ferrocement tiles connected by reinforced concrete cast in the lateral ribs and on their tops. Hall
C (1950) is characterized by a captivating ribbed vault, constructed with the same system of
ferrocement tiles and resting on four sculpturally shaped inclined arches. A clear proof on how
significant the design and construction of both pavilions had been in the growth as a builder for
Pier Luigi Nervi, is the fact that after the completion of both halls he immediately registered
the patents of the solutions he employed during the construction site. In fact, Nervi registered
various patents: patent no. 445781 in Rome on August 26th 1948, entitled “Ferrocement wave”
and patent no. 465636 in on 19 May 1950, entitled “Building procedure for creating flat or
curved load-resisting surfaces consisting of grids of reinforced concrete ribbing, possibly
finished with connecting concrete slabs between the ribs” [8]. These patents would be adopted
by Pier Luigi Nervi in the following decades until becoming a typical feature of the globally
recognized Nervi’s style [8] [9]. Moreover the experimentation of this new solutions was
accompanied by the structural prefabrication, that Nervi already developed during the
construction of a series of hangars for the Italian Air Force in the late 30s. It is important to
note that Nervi’s prefabrication did not concern factory-made standard construction elements.
In fact, in each building he simply used prefab elements, made onsite. Nervi’ s concept of
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structural prefabrication meant that structures had to be broken down and each element had to
be prepared on the ground (Figure 2). Every element had to be small enough and light enough
to be lifted and easily assembled. Despite its misleading name (prefabrication) it is just a very
old technique, in continuity with the tradition of stereometry.

Figure 2: The onsite prefabrication procedure of the undulated ferrocement elements of Hall B and their
positioning.

The building is protected with a Landscape protection by the City Masterplan and since 2018
is listed in the National Heritage by the Ministry of Culture (Codice dei beni culturali e del
paesaggio, D. Lgs. 42/2004) because it’s a public building of 70 years old.
Despite its remarkable historical and architectural relevance, the Turin Exhibition Centre has
been abandoned for a long time and the lack of maintenance is starting to induce serious
preservation problems. In fact, after the transfer in the late 1980s of the Automobile Show to
another location, the Center was used for sporadic exhibitions and events and progressive
abandon followed. Even more so, these buildings were designed and built with no, or very
limited, seismic provisions, due to the lack of technical standards at the time. The CP will issue
guidelines to reconcile structural requirements and conservation criteria.
3

THE CONSERVATION PLAN

The conservation of the architectural heritage of the modern movement is the latest and perhaps
one of the most contentious frontiers in the field of architectural preservation. Long-standing
prejudices and a persistent public lethargy often overcome objective analysis when Modern
buildings are faced with demolition or disfiguring renovations [2] [3].
The first act in defining approaches related to the preservation of modern architecture is aimed
at recognizing the object as a monument, document, or material testimony, having the value of
civilization, which implies a conservative need or a slowing down of the processes of
degradation. Criteria, principles and postulates of the modern restoration critically and
scientifically understood (distinctiveness, minimal intervention, potential reversibility, respect
for authenticity and ancient matter, physical-chemical compatibility of additions, recognition
under the double aesthetic and historical requirement of the work) correspond to those
developed for the now shared actions of restoration of monuments. These statements find a first
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difficulty in the specific disciplines related to the conservation project, but will be overcome
thanks to a holistic approach that focuses not on individual scientific contributions but the object
as a central element of research in the unity of architecture and structure.
Also the ICOMOS20 groups states that “There is also some confusion about the basic principles
of conservation that should be applied to twentieth-century sites and places” [10]. The
difficulty, or even lack, of communication between architects and engineers has always been
one of the main obstacles in the analysis and conservation of the architectural heritage. In fact
international guidelines states that the conservation, reinforcement and restoration of the
architectural heritage require a multidisciplinary approach. A typical example of
interdisciplinary approach is the interaction that has to occur between historical research and
structural diagnosis: historical research can discover particular phenomena involving structural
behavior whilst historical questions may be answered by considering the structural behavior.
3.1 Scope and challenges of the project

More generally, the research project may be ascribed to the structural assessment and retrofit
of 20th century architectural heritage, characterized by a complex 3D structural design. The
service life of civil and Cultural Heritage (CH) concrete spatial structures is typically thought
to range from 10 to 200 years, but in practice, the service environment plays a pivotal role in
sustained durability. We address the challenge of monitoring, conserving and rehabilitating 20th
concrete CH because: concrete has become a 20th century emblem; consequently, specific
studies are needed that contribute to the successful reuse of modern concrete built heritage.
More specifically, large spatial concrete structures, conceived by 20th century European
architects and engineers, represent a powerful common world background. Moreover, such
structures are plagued by significant deterioration and most of them are in urgent need of
retrofitting and/or radical refurbishment. There is a need to bring some of these buildings back
to life, while respecting the spirit of their original characters, through new technologies for
long-term conservation that can maintain an adequate level of structural and seismic
performance. Achieving this goal would produce substantial economic impacts through
activities such as tourism, restoration, maintenance, and cultural industry.
The scope of the research project is to develop a Conservation Plan for the two Halls designed
and built by Pier Luigi Nervi in Turin Exhibition Center, with emphasis on structural and
seismic issues. The project will be a mean to promote, support and guide the successive
executive project of the building. An analytical investigation of Nervi’s architecture, structures,
materials and construction techniques will be supported by:
i)
experimental tests on the building and its materials
ii)
dynamic vibration-based tests
iii)
historic and archival documents and direct observation
iv)
accurate geometric survey through lidar and 3D restitution.
These activities will provide clear indications and recommendations for the conservation and
restoration of the building’s original characteristics, carried out by active experts of
architectural heritage preservation. A special concern will be the correct modelling of the
unconventional prefabricated ferrocement elements, a peculiarity of Nervi’s vaulted structures
which finds in these two halls a wide spectrum of constructive variants: in Hall B the wave-like
elements of the undulated vault (interestingly interfering with the glass window panels); in Hall
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C the diamond panels in the central portion of the vault and the undulated beams in the perimeter
area. The unique features of these components make their mechanical behavior largely
uncertain and their modelling a fundamental challenge to a reliable estimation of the present
and future seismic safety of Turin Exhibition Center.
4. WORKPLAN
In order to overcome the difficulties in the diagnosis and the definition of a proper conservation
strategy, the research propaedeutic to the Conservation Plan for the halls in Turin Exhibition
Center will be centered different work streams. The various team will work together in order to
carry out this main objectives:
1. Historical analysis of the building, investigating its design and construction process,
with a particular focus on its technological features and characteristics.
2. Moreover a 3D dense clouds modelling derived from 3D sensing technologies
(integrated and fused image and range based methods) will be produced;
3. Structural analysis of the building, considering the construction techniques and
materials. Vibration-based dynamic tests will be carried out to investigate the global
behavior and the health state of the two main halls and to define guidelines for possible
interventions;
4. Analysis of the materials and their durability by means of experimental investigations
on structural elements and laboratory mockups. These analysis will be fundamental in
the definition of guidance criteria for the materials conservation and rehabilitation
5. Definition of the overall conservation and management plan for the future renovation
of the halls.
Figure 3 reports a timeline of the activities of the project. A more detailed description of the
activities of the various groups can be found in the following paragraphs.

Figure 3: timeline of the project activities.

4.2 Structural Health Monitoring and Seismic assessment of the building
The first work stream is responsible for vibration-based tests and dynamic analysis in order to
evaluate the response of the building to earthquakes and perform a seismic assessment of the
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two Halls of the building. One of the main objective of this unit is the diagnosis of the health
state of the halls. It involves a multi-scale approach based on the integration of experimental
investigations carried out on-site and in the laboratory. Indeed, the conservation and
rehabilitation of heritage buildings can be successfully accomplished only if a correct diagnosis
has been formulated. Vibration-based structural health monitoring techniques have now
become an important tool for the preservation of either antique or modern architectural heritage
[11]. Dynamic tests are particularly appreciated in this field because they are a non-destructive
technique and provide information about the whole-body response of the structure and its
overall structural integrity. Accordingly, these techniques can in turn be undertaken for: i)
understanding the structural behavior of a building; ii) assessing the response to specific events,
by measuring some sensitive parameters and comparing them to typical threshold values.; iii)
assessing the efficacy of structural or seismic interventions. The investigations of the structures
in the dynamic and seismic domain are particularly important for this kind of structures,
especially because they were designed and built to withstand only the gravity loads, accordingly
to the technical standards of the time. An in-depth analysis of both hall C and B was carried out
through several numerical investigations aimed at investigating the dynamic and structural
response of the structures. The objective of this phase was to highlight the main criticalities of
the structure and to evaluate the best strategy for the experimental campaign. An investigation
of Hall C is reported in [12], while the more complex Hall B was analyzed in different steps: a
preliminary model is reported in [13] and was implemented by adding the adjacent Hall A, in
order to take into account the influence of an annexed structure. In the case of Hall B, the main
critical aspects are connected to the large number of structural elements that govern the dynamic
behavior of the structure. These macro-elements and their influence on the dynamic response
of the building were described in [13]. In particular, it was pointed out that the most critical
responses are those related to the undulated thin shell vault, the out-of-plane movements of the
tympanums, and the presence of the apse, which cause a complex and potential vulnerable
interaction with the main body of the hall. Similarly to Hall C, in Hall B bending and shear
assessments were carried out on the main structural elements. Most elements, in particular the
inclined pillars, are unsafe with respect to shear. Moreover, the infill walls of the tympanums
are subjected to out-of-plane overturning (Figure 4).

Figure 4: On the left, the out of plane movements of the front tympanum of Hall B; on the right, the interaction movements
of the apse and the undulated vault.

The structure of Hall C consists of a vaulted roof supported by four inclined arches. It is
completed by a perimetral slab of about 10 meters in length, sustained by a series of slim pillars
and infill walls. The analysis started in [12] highlighted that the most vulnerable elements were
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constituted by the dynamics of the inclined arches. These movements are amplified by their
inertial mass, which is proportionally very high compared to the other elements of the hall,
especially in comparison with the thin ribbed vault. Another critical aspect lies in the translation
of the rigid cap of the roof with respect to the deformable contour ribs. Also due to the low
ductility associated with these mechanisms, in case of moderate seismic events, the ribs may be
affected by local interaction with the roof. Moreover, the main structural elements (arches,
ferrocement elements, and pillars) were assessed with respect to bending and shear. In
particular, results show that the arches are not verified with respect to shear loads. As a matter
of fact, the shear reinforcement is weak if compared to current standards, as at the time
designers were very confident about the resistance of concrete (Figure 5). Accordingly, the
standards of the time only required a shear assessment for beam elements.

Figure 5: Original drawings reporting the details of the reinforcements of the slanted pillars of Hall B (on the left) [14],
and shorter inclined arch of Hall C (on the right) [15].

4.3 Durability
This research stream will carry out the investigation, diagnosis and testing of the materials, by
means of on-site inspections, and experimental investigations on materials and mockups on the
ferrocement elements. The characterization of the structural materials employed in Hall B and
C will be used to reproduce, with the help of the documentation of the construction procedures
used by Pier Luigi Nervi (e.g. cement type and content, aggregate dimension, etc.), laboratory
mockups to be subjected to an accelerated corrosion procedure. This phase of the experimental
investigation is aimed to forecast the structural damage evolution of the main elements of the
Turin Exhibition Center once the initiation period is over and the propagation period for
corrosion of the reinforcing bar becomes effective. Once some reference level of corrosion will
be over, mockups will be tested to compare their structures performances with undamaged
reference specimens. Therefore, the evolution of the damage will be directly associated, to the
loss of bearing capacity with safety reduction both in service and at ultimate conditions.
Rehabilitation techniques as the use of FRCM (Fiber Reinforced Cementitious Matrix) or the
use of other thin protective layers and of materials with effects on the cement mortar at the
nanoscale will be also employed to explore their effectiveness with deteriorated ferrocement
elements.
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The experimental analyses will be crucial to define the guidance criteria for the materials
conservation and rehabilitation for the CP of the halls, especially since the halls were built with
newly patented construction systems and materials by Nervi himself.
The main aspects considered will concern:
¥ safety checks with respect to durability with a proposal of upgrade of the traditional
systems from inspections methodologies to forecast formula of carbonation diffusion to
corrosion structural damage for ferrocement construction improving the awareness of
the residual safety level of the structures.
¥ guidelines for remedial actions and structural rehabilitation; a level of intervention
priority will be proposed to check the actual conditions, plan the structural conservation
activities and to suggest rehabilitations taking into consideration of the sustainability of
interventions basically considering the most advanced and less invasive techniques;
with reference also to the results of the experimentation on the effects on durability by
additional materials as mentioned in the preceding section.
4.4 Historical Analysis and Conservation Recommendations
The conservation plan for the two halls built by Pier Luigi Nervi is an emblematic chance for
research studies of structural concrete architectural heritage. The scientific approach implied in
this kind of studies reflects the complexity of conservation, restoration and reuse policies
requested for great works of modern architecture. This works stream has different objectives:
it will closely collaborate with the other units in order to provide the necessary documentations
for the first step of their action strategies. It will provide the historical and architectural analysis
of the building, including archival researches as well as investigations on the relationship
between architecture and construction. Moreover, it will also provide a complete accurate and
dense 3D survey, and will define the conservation recommendations also considering the
current Italian and European legislation framework. In fact, iconic structures, well known and
appreciated and internationally recognized, are difficult examples on which to apply and
reconcile any invasive structural retrofitting in terms of conservation.
The main challenges connected to this work stream are connected to various kind of criticalities.
In fact, since the building had various owners, and since it has been abandoned for a long time,
there is no unified and organized archive related. In particular, archives are located in different
cities (Turin, Rome, and Parma), and some documents are in a precarious state of conservation,
e.g. the original drawings were realized on tracing papers, which is a very fragile support.
Moreover, a precise geometrical survey of the building has never been carried out and
maintenance work, that could have caused changes in the interiors of the buildings, has not been
adequately documented. The comparative analyses of different historical sources, such as
archives, pictures, and videos, can be of great value when analyzing underestimated aspects,
such as the use of color. For example some sequences of the film The Italian job, clearly show
how the interiors of the building were painted with a cream color (Figure 6) , instead of the
current bright white. The use of polychromies combined with the use of natural and artificial
light sources, introduce new facets in analyzing the work of Nervi that need careful reflections.
This is particularly true if we consider the impact of the interventions carried out up to now,
even those that were considered not-invasive, such as the operations of ordinary maintenance
and some technological updates.
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Figure 6: A frame of the movie The Italian Job, 1969, Peter Collinson in which it is possible to appreciate the different
polychromies between the vault (painted in grey) and both the slanted pillars and the walls (painted in dark cream color). On
the right, a fragment of the plaster of the hall B showings the various layers of coloring.

5

CONCLUSIONS

After years of abandonment, the celebrated spatial structures built by Nervi in the Turin
Exhibition Center will be the object of an in depth analysis in order to recover them. The grant
awarded by the Getty Foundation is a remarkable occasion to establish methodological criteria
and guidelines for all the steps to be undertaken for an appropriate and virtuous path of
structural preservation and rehabilitation. The most challenging issues to be faced in this respect
concern a) the evaluation of the residual service life of these dated structures and the definition
of adequate remedial actions to extend it in line with the new uses foreseen, and b) the
assessment, in compliance with current Italian standards, of the structural safety and reliability
of these structures with respect to seismic actions. As far as concerns item a), advanced research
actions are currently being initiated with respect to the assessment and prolongation of the
service life of the delicate ferrocement elements of the Pavilions by Nervi. As for item b) a
modeling and diagnostic investigations in the dynamic and seismic domain have already been
performed. These investigations show some seismic vulnerabilities typical of large span shell
and spatial structures that were predominantly conceived to withstand static actions and whose
behavior in the dynamic domain was not taken into account in their original conception.
Appropriate remedial actions, in terms of strengthening and/or damping interventions, shall be
properly defined in the final stage of the reuse project.
Finally, the guidelines will have a broad range applicability, so that it will constitute a reference
for possible interventions, not only on Nervi’s buildings, but also on the concrete shell
architectures which at the time were experimented all over the world.
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Abstract. The conservation of 20th century concrete heritage structures poses a major
challenge worldwide. Whilst these structures possess a remarkable architectural value
and a rather experimental character in terms of the use of materials and technologies, at the
same time there is admittedly lack of recognition of their cultural and historical value by the
wide public. More often than not, such buildings are left to deteriorate and often they are even
demolished. This paper follows the workings of the project “CONSErvation of 20th century
concrete Cultural Heritage in urban changing environments” (CONSECH20). The
aforementioned international interdisciplinary project aims to investigate concrete
constructions built until 1965 in four different European countries (Cyprus, Italy, The
Netherlands and the Czech Republic), in terms of their architectural, social and historical
value, and to address their restoration and re-use potential. The paper initially presents
the significance of 20th century concrete heritage structures in general, and describes the
methodology proposed in order to ensure the protection of such buildings from demolition,
and facilitate their restoration and re-use (if and where possible) for the benefit of the
society. The focus is on the structural assessment and restoration of 20th century concrete
heritage buildings in Cyprus, following the methodologies described by modern codes for the
assessment and retrofit of existing concrete structures. A new practical analysis approach is
described and compared to the force-control approach of the pushover analysis of Eurocode
8:3, which significantly overestimates the demands for seismic upgrading. The two
aforementioned approaches are examined for a specific case study concrete heritage building
in Nicosia, Cyprus.
1

INTRODUCTION

Concrete has a long history of use as a construction material. However, it was not until the
20th century that it became a major building material, used in the construction of innovative
and groundbreaking structures worldwide [1,2]. Whilst these structures undoubtedly
possess a remarkable architectural value, and a rather experimental character in terms of
the use of materials and technologies, their significance in terms of engineering
technology and architectural design is not always recognized. This is also highlighted
by ICOMOS, the
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International Council on Monuments and Sites, in its Madrid document [3], where it is stated
that ‘the architectural heritage of the 20th century is at risk from a lack of appreciation and
care’. In fact, more often than not, 20th century concrete heritage structures are left to deteriorate
through lack of maintenance and often they are even demolished. Hence, the conservation of
20th century concrete heritage structures poses a major challenge worldwide.
This paper follows the workings of the project “CONSErvation of 20th century concrete
Cultural Heritage in urban changing environments” (CONSECH20), aiming to highlight the
urgent need for the protection of 20th century concrete heritage structures. It elaborates on the
structural assessment and restoration of 20th century concrete heritage buildings, following the
methodologies described by modern codes for the assessment and retrofit of existing concrete
structures. It also outlines existing conservation policies for such buildings in Cyprus. The paper
recognizes the difficulties that arise in preserving historic Reinforced Concrete (R.C.)
structures, not only because of the architectural variety of these buildings, and the experimental
nature in the use of technologies and materials, but also because of the lack of regulations, good
quality materials and testing procedures, or indeed knowledge of seismic design, at the time of
their construction.
Regarding the latter, in the cases of R.C. historic structures in seismic prone areas, the
simulation and assessment of their structural capacity is of crucial importance, since the
outcome of the assessment process will also determine the requirements for retrofit and
upgrading, in terms of strength and ductility, as well as the magnitude of damage, in terms of
deformation, likely to develop in a future seismic event. The Codes used for structural
assessment, such as EC8-Part 3 [4], use a force-controlled pushover approach to determine the
target displacement of an existing structure, that is found to be problematic when applied to
historic concrete structures. The problem lies in the methods and modelling technics that are
adopted for assessing the existing capacities of old structures. Erroneous results yield in
excessive restoration and upgrading demands. This paper focuses on three major issues that
could be adjusted in the code-described procedure for the assessment of historic R.C. structures:
(a) the non-linear pushover analysis must use the post-peak performance of a structure, (b) the
nonlinearity introduced by hinges should take into consideration possible brittle shear, or other
failures, and (c) the connection of the building’s walls to the diaphragm should take into
consideration possible formation of plastic hinges on the diaphragm and complete
disconnection of the slab with the walls. A new practical analysis approach is hereby used and
compared to the force-controlled approach of the pushover analysis of EC8-Part 3 [4], taking
into account the three issues mentioned above. The two aforementioned approaches are
examined for a specific case study concrete heritage building in Nicosia, Cyprus.
2 STRUCTURAL ASSESSMENT AND RESTORATION OF 20TH CENTURY
CONCRETE HERITAGE BUILDINGS
Factors considered critical for the deterioration or loss of historic R.C. structures are
environmental changes, changes in the surrounding landscape, natural disasters (i.e.
earthquakes, floods etc.), and often demolition and replacement by skyscrapers, as many of
these structures are not yet designated by the appropriate bodies as listed and their fate is thus
decided by individuals who are not always sympathetic to historic structures. Moreover, even
when efforts are made to restore these buildings, failure to recognize their architectural value
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and blind application of the provisions of codes designed for the retrofit of ordinary structures,
or indeed insufficient knowledge of the correct restoration practices, often results in
architectural geometrical alterations (especially problematic in structures of the modern
movement with specific geometries), or in more adverse deterioration after the repair (usually
in cases of faulty repair techniques in corroded members).
2.1 Modelling of historic concrete structures
In recognition of the great likelihood of damage of existing sub-standard buildings, Codes
for their structural assessment and upgrading have been developed worldwide [4–9]. In the case
of listed R.C. structures in seismic prone areas, the use of elastic analysis, which is given as an
option by the codes, results in high demands for structural upgrading, that usually require
alteration of the architectural character of these structures. The safety of the users must
nevertheless be established, while the historic form of each individual structure must be
preserved. This sometimes leads to the overlooking of code provisions [10]. In the case of
historic structures, correct simulation and structural assessment is of utmost importance, since
the results of the structural analysis will define the displacement demand in a future seismic
event.
Possible assessment analysis procedures, as described by EC8-Part 3 [4], are linear (lateral
force and modal response spectrum) and non-linear (push-over and time history analysis).
Linear analysis models are penalizing the structure, since by assuming linear properties of the
members, the capacity in terms of loads is increased and the deformation is decreased. The
linear procedure that does not take into consideration the formation of plastic hinges at the
beams and columns cannot predict the actual response and the redistribution of forces in the
structure, due to the failure of certain members. Especially in the case of the modal analysis,
the validity of the results is disputed, since the response is a CQC or an SRSS combination of
the various modes; the drifts in the lower floors are thus underestimated and the change in the
stiffness of the structure due to the variation of the axial load is neglected [11].
For the nonlinear static pushover analysis, two possible variations may be used. One is the
monotonically increasing lateral loads (EC8-Part 3) and the other is the monotonically
increasing lateral displacements at the floor levels. The application of forces at the floor levels
in programs such as SAP2000 [12] exhibits limitations when the analysis is performed for
structures that include various brittle mechanisms of failures at the members of the structure.
The sudden failure of a member may result in negative stiffness of the structure and the inverted
matrix of stiffness cannot be used to deduct the displacements caused by the forces. This results
in non-convergence issues and abrupt termination of the analysis, leading to underestimation
of displacement and overestimation of the load capacity [13]. On the contrary, displacementbased procedures can overcome the non-convergence issues, redistributing the forces correctly
through the structure and estimating reliably the sequence of failures of the members.
The non-linear model used for the analysis must capture the proper dynamic characteristics
of the structure, as the modes of vibration and the corresponding periods define the seismic
excitation of a structure. As per EC8-Part 3 (Par. 4.3.1) the proper model must use the stiffness
of the elements by incorporating the effect of cracking, such that stiffness corresponds to the
initiation of yielding of the reinforcement. The cross-section of each element may therefore be
used to compute the Moment (My)-Curvature (φy) diagram of each cross-section and calculate

84

Antroula V. Georgiou, Maria M. Hadjimichael and Ioannis Ioannou

the cracked stiffness of the member as EIcr=My/φy. The M-φ is used thereafter in the plastic
hinges to control the load-bearing capacity after yielding, as well as the redistribution of lateral
loads.
Contrary to the behaviour of new structures designed with the capacity design provisions,
old structures, as indicated by previous earthquake events, suffer from brittle failures at the ends
of the beams (such as shear failure), from the failure of the joint’s cross-section, the punching
shear in slabs without beams, while columns may exhibit shear failure, anchorage failure of the
longitudinal reinforcement or failure of lap splices, even prior to the yielding of the beams [14].
The M-φ diagrams that should be used in the modelling of the structure must include all possible
types of failures, even the brittle ones. This can be achieved by calculating the Moment in the
beams and columns that corresponds to each type of failure, and using the weakest link to
control the behavior of the hinges in the simulation.
One more subject that needs to be addressed for the correct evaluation of the structural
response of old structures built without taking into consideration seismic provisions is the
diaphragmatic function of the structural walls, which for new structures is considered by
default. The distribution of lateral displacements and loads on the walls of the structures is
achieved through their connection with the slabs. In older structures, slab reinforcement was
the minimum required for vertical loads, resulting in severe cracking in the zones peripheral to
the walls and eventual plastic hinge formation in the slabs and disconnection from the walls. In
those cases, the disconnection of the walls leads to a sharp decrease of the stiffness and increase
of the period, which in turn increases the lateral displacements that will be introduced by the
seismic event on the structure and leads to its inevitable collapse.
2.2 Shear wall collectors in old R.C. structures
Diaphragms aim to support the vertical elements that carry the seismic actions, carry the
seismic loads from the point of application to all the vertical elements of the load carrying
system and connect the various elements in order to work as they were conceived [15]. Based
on EC2 [16], diaphragms are designed for a factored combination of the vertical loads and not
under seismic excitation. On the contrary, ACI 318 [17], as well as the ASCE/SEI 41-17 [10],
take under consideration the dynamic influence of the seismic loads on the diaphragms,
increasing stresses with appropriate factors and assigning appropriate detailing provisions for
the collectors, i.e. the diaphragm’s zones that transfer shear forces from the diaphragm to the
elements of the lateral load resisting system. In these cases, design aims at preventing the
formation of plastic hinges at the collector zones. This must be taken into consideration,
especially in the cases of old structures, where appropriate detailing of those zones was not
ensured. Those zones will most probably form plastic hinges when the diaphragm forces
overcome the shear capacity.
The formation of plastic hinges in the diaphragms also results in the separation of the
diaphragms from the lateral load bearing walls, leading to failure of the structural system, as
was observed from various collapses during previous earthquakes [18,19]. The forces between
a diaphragm and a shear wall can be computed either by finite element analysis, or by using
free body cuts on the shear walls above and below the diaphragm with force equilibrium [20].
The diaphragms are allowed to be idealized as rigid when the span to depth ratio is less than 3
and no horizontal irregularities exist, while appropriate flexibility must be assigned in the
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diaphragm in all other cases, where usual values of the stiffness modifier are between 0.15-0.5
[20].
The design of the collector for shear transfer is based on the assumption that shear stresses
are uniformly distributed on the interface between the diaphragm and the wall, as per ACI 318
[17] Par. 18.12.9.1:
(1)
′
′
𝑉𝑉𝑛𝑛 = 𝐴𝐴𝑐𝑐𝑐𝑐 (0.17𝜆𝜆√𝑓𝑓𝑐𝑐 + 𝜌𝜌𝑡𝑡 ∙ 𝑓𝑓𝑦𝑦 ) < 0.66√𝑓𝑓𝑐𝑐 ∙ 𝐴𝐴𝑐𝑐𝑐𝑐

Where ρt, is the uniformly distributed slab reinforcement perpendicular to the wall’s flexural
reinforcement and λ=1 for normal concrete. The values are referred to structures designed as
per new Code provisions and proper detailing for capacity-based design as per ACI 318 [17].
In the cases of old sub-standard structures, with low reinforcement ratios of the slabs, the ACI
equation seems to overestimate the real shear transfer capacity between the diaphragms and the
walls, as reported by experimental research [21]. The shear force for failure of a lightly
reinforced slab, with simultaneous yielding of the reinforcement in both directions, is described
by the first term of Eq. 2, while the second term of the same equation represents the yielding of
the reinforcement perpendicular to the slab’s main flexural reinforcement with simultaneous
crushing of the diagonal compressive strut.
𝑉𝑉𝑛𝑛 = 𝑚𝑚𝑚𝑚𝑚𝑚{𝐴𝐴𝑐𝑐𝑐𝑐 ∙ 𝑓𝑓𝑦𝑦 √𝜌𝜌𝑡𝑡 ∙ 𝜌𝜌𝑙𝑙 ;𝐴𝐴𝑐𝑐𝑐𝑐 ∙ 𝑓𝑓𝑦𝑦 ∙ 𝜌𝜌𝑡𝑡 √

2.3 Displacement Pushover Analysis

𝜆𝜆 ∙ 𝑓𝑓𝑐𝑐
− 1}
𝜌𝜌𝑡𝑡 ∙ 𝑓𝑓𝑦𝑦

(2)

Recent studies [13] have shown that using a displacement based approach, instead of a lateral
load pattern of increasing intensity, can increase the validity of the prediction of failure of
structures, as it does not require a positive-definite stiffness matrix for convergence. The
pushover analysis resistance curve in this approach is obtained by applying a drift demand
pattern, based on the fundamental mode of translational vibration of the structure. The
procedure of assessment proposed by Fotopoulou et al. [13] is adapted for structures with
coupled translational and rotational mode shapes. In order to perform a Displacement Pushover
analysis, the fundamental mode shapes of the structure must be determined. Especially in the
cases where a structure has irregularities in plan and elevation, a proper 3D model must be used,
including the true stiffness of the beams, columns and walls, in order to determine the torsional
moments due to stiffness irregularities. The primary modal shapes of the structures in the two
directions (including torsion when coupled), give the displacements in X and Y directions of
each node in relation to the Center of Mass (C.M.) node on the roof of the structure. Based on
the differential translation of each node to that of the C.M., incremental translations can be
imported simultaneously to all the vertical elements of the structure, according to the mode
shapes of vibration. For each incremental displacement of the Top C.M. node (Δi), the
displacements of each column and wall are derived (Dci) and the corresponding drifts (θ) are
distributed between the beams and the columns connected on each joint, based on their relative
stiffness. The drift of each column is determined as θc=λ/(λ+1)∙θbc, where λ=EIb∙hc/(EIb∙hc),
with λ being corrected in each next step, assuming the value of 1 when the column has yielded.
The Shear-Drift curve of each vertical member is then used to derive the shear that is developed
at each incremental step. The Shear-Drift curve of each member is determined based on both
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ductile and brittle possible modes of failure. The sum of the shear forces of the vertical elements
in the base floor of the structure is the Base Shear of the structure.
3 CONSERVATION OF 20TH CENTURY CONCRETE HERITAGE BUILDINGS IN
CYPRUS: POLICY AND RESEARCH
In the Cypriot society, as indeed in many other societies at present, the dominant view is that
only traditional masonry structures constitute part of the country’s architectural heritage, due
to their long span life and straightforward legal protection by the local Town Planning and
Housing Department (TPH). The construction of R.C. structures in Cyprus began in the 1930s.
The non-recognition of the social and historical value of these buildings by the general public,
as well as the constant changes in the urban environment, are rapidly leading to their
deterioration and often their demolition; thus a significant part of the history and architecture
of Cyprus is lost. Some of the R.C. buildings built by 1960 are still in use, albeit in bad
condition. Others have undergone interventions, which have led to the alteration of their
original character. The aforementioned highlight the significance of the protection of 20th
century concrete heritage structures in Cyprus and renders CONSECH20 timely.
3.1 Listing and Conserving 20th Century R.C. heritage buildings in Cyprus
The Republic of Cyprus (RoC) protects historic buildings, monuments and sites through two
main legal instruments. The first instrument is ‘The Antiquities Law’, a law dating back to
1905, through which ‘Ancient Monument’ objects, buildings or sites considered to be of public
interest by reason of their historic, architectural, traditional, artistic or archaeological value are
listed. In 1972, the ‘Town and Country Planning Law’ was introduced and since then has
become the foundation regarding the protection primarily of vernacular architecture. In essence,
Article 37 - ‘Protection Decree’ of the aforementioned Law, allows for the issuing of
preservation orders by the Minister of Interior, on the recommendation of the Department of
TPH. These Decrees declare as ‘listed’ individual buildings or structures, groups of buildings
or sites of special social, architectural, historical or other interest. There are over 100
preservation orders issued until today, covering more than 5,000 buildings across the RoC. The
majority of these buildings belong to the vernacular architecture, with a much smaller number
of buildings belonging to the ‘modern architecture’ [22]. There are no restrictions regarding the
age of the building to be recommended for listing through a Protection Decree, or indeed the
type of construction material used. Once listed, these buildings are protected, in the sense that
their demolition, as well as any alterations which could change their original character, become
illegal. Legal owners of listed buildings have the responsibility and obligation to submit any
planned alterations to the competent Section (i.e. the Conservation Section) of the TPH and get
permission before actually implementing these changes.
3.2. Selecting 20th century concrete heritage structures for CONSECH20
Following a more global trend, there has been a rise in the interest 20th century concrete
buildings have been receiving in the RoC over the past decade, in particular. In 2009 for
example, the Town and Planning Department of the RoC funded the research and production
of a publication titled ‘Learning from the Heritage of the Modern’. Additionally, the
Docomomo Cyprus list [23], including significant projects constructed roughly between 1920-
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1980, was prepared by a team of architects. The goal of the list was to showcase the impact of
modern architecture in modernization processes and the shaping of the built environment. It is
also important to mention that there is an emerging research hub on architectural modernism in
Cyprus. In this framework, the international interdisciplinary project “CONSErvation of 20th
century concrete Cultural Heritage in urban changing environments” (CONSECH20) is
currently in progress, aiming to investigate concrete constructions built until 1965 in Cyprus
(and in three other European countries - Italy, The Netherlands and the Czech Republic), in
terms of their architectural, social and historical value, and to address their restoration and reuse potential. The project is focusing on representative case studies of 20th century historic
concrete buildings, the selection of which is based on certain criteria. In Cyprus, a preliminary
extensive list of what could be considered as “concrete heritage buildings” has been prepared
using information from relevant bibliography, as well as from various archival sources (both
public and private). This list amounts to approximately 160 buildings.
In order to shortlist these buildings and perform a more in-depth analysis, a number of
additional criteria were taken into account, such as representative architectural styles, materials,
construction system, decorative techniques, aesthetic quality, and damage mechanisms (Table
1, Fig. 1). Starting from the period of construction, only structures built before 1965 were
selected. This allowed the inclusion of key-structures built after the independence of the island
in 1960. Given the social focus of CONSECH20, there was special interest on public, municipal
and state-owned buildings of social and architectural significance. Both listed and non-listed
buildings were included in the list. Similarly, buildings which have undergone successful
interventions, which could constitute good lessons from the past, as well as buildings which are
in need of restoration, have been included in the list.
Table 1: Examples of case studies selected in Cyprus in the framework of CONSECH20

Building Name

Year

Melkonian Institute
Pavilion at Halasultan
Tekke
Carob Store
Ledra Palace Hotel

1926
1960

Structural
System
Proprietary
R.C. Frame

1960
1947-49

Prefab
R.C. Frame

1951-52

R.C. Frame

1957-59

R.C. Frame

1960-62
1965
1955
1953

Hybrid
R.C. Frame
R.C. Frame
w/o slabs
R.C. Frame

1938-40

R.C. Frame

Mangoian Shops and
Apartments
Alexandros Demetriou
Tower
Tourist Pavilion
Old Municipal Market
Athienou Municipal
Market
Technical School
Nicosia
Kyperounta Sanatorium
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Current
Use

Listed

Abandoned

Yes

Abandoned

No

Industrial
Under UN
occupancy
Education
/Spectacle
Commercial/
Residential
Abandoned
Abandoned

Yes

No
Yes

Abandoned

Yes

School

No

Hospital

No

Yes
Yes
Yes

State of the
Building
Needs restoration
Needs restoration
Needs restoration
Needs restoration
Successful Past
Interventions
Successful Past
Interventions
Needs restoration
Needs restoration
Needs restoration
Past Interventions
not Successful
Needs restoration
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1

2

4

3

5

6

Figure 1: Buildings that will be examined in the framework of CONSECH20 project. 1. Melkonian Institute,
Nicosia; 2. Carob Store, Limassol; 3. Athienou Municipal Market; 4. Tourist Pavilion, Limassol; 5. Old
Municipal Market, Nicosia; 6. Kyperounta Sanatorium

For the screened case studies, the type of structural system, as well as the general state of
conservation, have been noted. The type of construction was also recorded (cast in place,
prefabricated). Finally, the original and the current location of the building were documented
(i.e. urban, industrial, maritime, rural, etc.), alongside the original and current use (residential,
industrial, offices, etc.).
3.3 Displacement pushover on selected case study
Cyprus is a seismic prone area. Up till 1979, there was no regulation in Cyprus concerning
design against seismic action, while in 1979 “Short Seismic Measures” were introduced, that
were not mandatory. The first “Cyprus Seismic Code” was made mandatory in 1994, while in
2012 the Eurocodes replaced local Codes.
Given that historic concrete structures in Cyprus were designed only for gravity loads, any
restoration procedure must take into consideration both the safety of the public, as well as the
historic fabric. In order to limit excessive restoration requirements, correct assessment of the
structural capacity of existing heritage structures, especially against earthquake loading, must
be adopted; therefore, the Displacement Pushover analysis is incorporated.
This section reports on an example of the Displacement Pushover analysis, performed on
one of the listed buildings selected in the framework of CONSECH20. The structure in
reference is the Old Municipal Market in Nicosia, Cyprus. The Market was built in 1965,
following a demand from the Greek Cypriot community after the division of the old city of
Nicosia in 1963, which meant that Greek Cypriot retailers lost their original retail space, located
in the North of the city. In the last couple of decades, the use of the market declined and the
Municipality of Nicosia has been exploring new uses for the space. Between July 2018-2019,
the building was offered as a multi-use space to a group of young artists etc. It has now been
decided that the market will be renovated to host RISE Centre of Excellence.
The structure consists of four parts, separated by structural joints. In this paper, only the west
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part is analysed (Fig. 2). The latter comprises of a two storey R/C moment frame with 3 walls
at one side of the plan, leading to eccentricity. The ground floor height is 4.45 m and the 1st
floor is 3.10 m. More information on the structural system may be found in Georgiou et al.
[24,25].

4

4

3

6

4
6

6

4
6

4
6

6

4
6

6

4

1
2

5

2

1

Figure 2: (Top) West part ground column denomination, (Middle) 2nd mode translational in the x-axis with a
period of T2=0.77 sec, 93% of translational mass participation and (Bottom) Displacement control pushover
progressive failures in X-direction

Figure 2 also shows the 2nd mode shape of the structure, derived from a 3D model in
SAP2000 [12]. Equations 1 and 2 were used to calculate the shear forces that can be transferred
by the two walls acting on the X-direction of the structure, K18 and K110. In the special case
of the K110 wall, which is not connected directly to the slabs, due to the adjacent staircase, but
only to beams, the shear that can be transferred to the wall is the one delivered by the adjacent
beam. The relation between the slab’s shear and the shear at the base of the wall in the ground
floor is estimated as [25]:
𝑉𝑉𝑛𝑛 = 𝑉𝑉𝑤𝑤𝑤𝑤𝑤𝑤𝑤𝑤 ∙ (

3
ℎ𝑔𝑔𝑔𝑔
1
3 ∙ (𝛷𝛷 − 1) − 1)
ℎ𝑓𝑓𝑓𝑓
𝑔𝑔𝑔𝑔

(3)

Table 2 shows the capacity shear of the diaphragm connected to wall K18, as well as the
wall shear forces for failure of the collector in K18 and the connecting beam in K110. The
above results are used in the Displacement Pushover analysis of the structure and are compared
to the same analysis, without taking into account the disconnection of the slabs from the walls.
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The results are compared in Fig. 3, for imposed displacements in the X-direction, where
especially for wall K110, despite its great stiffness, the shear delivered is limited by the
connecting beam. Therefore, the capacity of the structure as a whole is 25% less than that
estimated by assuming diaphragmatic action of the walls to the rest of the vertical elements.
Furthemore, by incorporating the procedure for determining the target displacement of the
structure in the two cases, as per EC8-Part 1, Annex B, the period of the SDOF in the case of
the K110 connection only to the beam is higher than that of the diaphragmatic connection, as
shown in Fig. 3, leading to the conclusion that the actual structure, which has lower stiffness,
will be requested to exhibit greater displacements for the design seismic action.
Table 2: Shear capacity of walls due to connection with diaphragm

ρsl=ρst
K18
K110

0.00452
0

ACI max
678.87
-

ACI
403.77
-

Vn
double yielding
228.91
-

yielding ρ t
888.81
-

Vwall
287.38
115.80

Figure 3: (Left) Base Shear-Control node X-displacement and (Right) Determination of target displacement
based on EC8-Part 1, Annex B, in the cases of diaphragmatic connection of K110 and connection only with
adjacent beam

4 CONCLUSIONS
-

-

There are parallel accounts regarding the future of historic R.C. structures. On one
hand, it is irrefutable that their protection has been delayed, based on a number of
different rationales, starting from the uncertainty in R.C. conservation methods, and
extending to cost, and of course the lack of (or the lag in) coercing political will towards
their protection. On the other hand, there is a move towards the appreciation of such
structures by a wider audience (from architects to engineers, as well as artists and
beyond), which in turn pushes institutions to take real steps towards their protection.
Time is of course of the essence.
The social aspect of historic structures is essential and more needs to be done in order
for conservation research to become really interdisciplinary. In Cyprus, many of the
historic R.C. buildings have been found to have an interesting social background and
importance, which can in turn be used in order to not only argue for their protection,
but also to propose their restoration and rehabilitation, in combination with a use which

91

Antroula V. Georgiou, Maria M. Hadjimichael and Ioannis Ioannou

-

-

will enhance their social importance and appreciation by the wider society.
Historic reinforced concrete structures present inherent challenges regarding their
restoration, as possible methods of retrofit are limited by the demand to preserve the
architectural concept. In order to limit excessive restoration requirements, correct
assessment of their structural capacity, especially against earthquake loading, must be
adopted.
Ignoring the possibility of plastic hinge formation at the collector zones between the
diaphragm and structural walls leads to overestimation of the base shear capacity and
underestimation of the expected displacements.

Acknowledgements. The authors would like to acknowledge funding by the Republic of
Cyprus
through
the
Cyprus
Research
Promotion
Foundation
(Project
P2P/JPICH_HCE/0917/0012). They would also like to thank Nicosia Master Plan for providing
access to records and test results for the structure under study.
REFERENCES
[1] Heinemann, H.A. Why historic concrete buildings need holistic surveys. In: Proc. Int. FIB
Symp. 2008 - Tailor Made Concr. Struct. New Solut. our Soc., (2008), pp. 103–8.
[2] Macdonald, S. Concrete: Building Pathology. John Wiley & Sons, Inc., (2008).
[3] ICOMOS ISC20C. Approaches for the conservation of twentieth-century architectural
heritage. Madrid Document. (2014).
[4] EN Eurocodes. Assessment and retrofitting of buildings. EN 1998-3. Brussels:
CEN/CENELEC; (2005).
[5] Japan Concrete Institute. Guidelines for Assessment of Existing Concrete Structures (2014).
[6] fib Bulletin No. 24. Seismic Assessment and retrofit of reinforced concrete buildings.
Lausanne, Switzerland: International Federation for Structural Concrete (fib), (2003).
[7] NZSEE. The Seismic Assesment of Existing Buildings. 1st ed. New Zealand: Ministry of
Business, Innovation and Employment and the Earthquake Commission, (2017).
[8] FEMA P154. Rapid Visual Screening of Buildings for Potential Seismic Hazards: A
Handbook. 3rd ed. Washington, D.C. ATC: FEMA, (2015).
[9] ASCE/SEI 31-03. ASCE 31-03: Seismic Evaluation of Existing Buildings. American
Society of Civil Engineers, (2004).
[10] ASCE/SEI 41-17. Seismic Evaluation and Retrofit of Existing Buildings. Reston,
Virginia, (2017).
[11] Priestley, M.J.N. Myths and Fallacies in Earthquake Engineering, Revisited. Pavia Italy,
Rose School, (2003).
[12] CSI. SAP2000: Static and Dynamic Finite Element Analysis of Structures v14.0, (2009).
[13] Fotopoulou, M., Thermou, G.E., Pantazopoulou, S.J.. Comparative evaluation of
Displacement-based vs. Force-based pushover analysis of seismically deficient R.C.
structures. In: Roeck, G. D., Degrande, G., Lombaert, G., Muller, G., editors. Proc. 8th Int.
Conf. Struct. Dyn. EURODYN 2011, Leuven, Belgium, (2011), pp. 427–33.
[14] Syntzirma, D.V., Pantazopoulou, S.J. Deformation capacity ofR.C. members with brittle
details under cyclic loads. ACI Spec Publ 236 (2007).

92

Antroula V. Georgiou, Maria M. Hadjimichael and Ioannis Ioannou

[15] Wyllie, L.A.J. Structural Walls and Diaphragms - How they Function. In: White, R.N.,
Salmon, C.G., editors. Build. Struct. Des. Handb., New York: John Wiley & Sons, Inc.,
(1987), pp. 188–215.
[16] EN1992-1-1. Eurocode 2. Design of Concrete Structures. . (2004).
[17] ACI Committee 318. Building Code Requirements for Reinforced Concrete and
Commentary ACI 318R-08, (2008).
[18] Corley, W.G., Cluff, L., Hilmy, S., Holmes, W., Wight, J. Concrete Parking Structures.
Earthq Spectra (2003), 12:75–98.
[19] Pardalopoulos, S.J., Thermou, G.E., Pantazopoulou, S.J.. Screening Criteria to Identify
Brittle R. C. Structural Failures in Earthquakes. Bull Earthq Eng (2013), 11:607–36.
[20] Moehle, J.P., Hooper, J.D., Meyer, T.R.. Seismic design of cast-in-place concrete
diaphragms, chords, and collectors: a guide for practicing engineers. NEHRP Seismic
Design Technical Brief No. 3, produced by the NEHRP Consultants Joint Venture, a
partnership of the Applied Technology Council and the Consortium of Universities for
Research in Earthquake Engineering, for the National Institute of Standards and
Technology, Gaithersburg, MD, NIST GCR 10-917-4 (2010).
[21] Pantazopoulou, S.J., Imran, I. Slab-wall connections under lateral forces. ACI Struct J
(1992), 89:515–27.
[22] Philokyprou, M. Cyprus. In: Time Frames: Conservation Policies for Twentieth-century
Architectural Heritage. Carughi, U., & Visone, M. (Eds.). Routledge.
[23] Docomomo Cyprus. Cyprus – 100 Most Important Building Sites and Neighbourhoods.
(2014).
[24] Georgiou, A., Ioannou, I., Pantazopoulou, S. Rehabilitation of 20th Century Concrete
Heritage Buildings : the Case Study of the Municipal Market in Nicosia, Cyprus. SEDEC
2019 Conf. Earthq. Civ. Eng. Dyn., Greenwich, London, (2019).
[25] Georgiou, A., Ioannou, I., Pantazopoulou, S. Contribution of slab wall connections to
the seismic resistance of structures. 4th Hell. Conf. Antiseism. Des. Eng. Seismol., Athens,
(2019).

93

Conservation
I.
Bucur-Horváth
of Historical
and J. Virág
Reinforced Concrete Structures

12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

CONSERVATION OF HISTORICAL REINFORCED CONCRETE
STRUCTURES
ILDIKÓ BUCUR-HORVÁTH1, JÁCINT VIRÁG1*
Technical University of Cluj-Napoca
15 C-tin Daicoviciu Street, 400020 Cluj-Napoca, Romania
e-mail: ilbucurro@yahoo.com, jacint.virag@dst.utcluj.ro (*corresponding author)

Keywords: Historical Reinforced Concrete Structure, Cupola, Hollow Block Slab
Abstract. During the 20th century, reinforced concrete brought historical structural systems
back into modern times, transforming them into high-performance structures. Reflection on
early reinforced concrete structures of two ancient structural systems, the dome and the girder,
is presented through two Transylvanian monuments: the reinforced concrete cupola of the
Hungarian Theater of Cluj, the earliest structure of this type, and the one-way hollow block
slabs of Villa Tataru designed as a duet, by Gio Ponti and Elsie Lazar. Diagnosis and therapy
of the hundred-year old, “new” historical structures are described. Uncovering these
remarkable, but nearly unknown buildings, the paper intends to contribute to the understanding
of cultural heritage and to raise public awareness towards the fundamental principle of
UNESCO: “The cultural heritage of each is the cultural heritage of all”.

1

INTRODUCTION

Part of European architectural heritage is built with reinforced concrete structures. The epoch
of the reinforced concrete affirmation started in the 19th century when large fields of its
application opened. Due to its special qualities, there is a large competition in finding various
forms of using reinforced concrete. During the 20th century, reinforced concrete brought
historical structural systems back into the modern times, making them high-performance
structures. At the beginning of 20th century, the state of knowledge of RC structures was far
from a full understanding of the behavior of this new material and certain arbitrariness was
present in the design [9].
The paper involves structural assessment for two historical reinforced concrete structures
from Transylvania, to uncover their state-of-the-art. Large investigations have brought out a lot
of interesting and useful structural elements. They will be extensively commented.
The spherical dome of (1909-1910) is the very first reinforced concrete cupola of large span,
with basic ring, supported by masonry piles. The reinforced concrete shell is two-layered
according to the antique Roman model in more ways than one.
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2 THE FIRST LARGE-SPANNED REINFORCED CONCRETE CUPOLA
Bridging large spans, the dome as structural form accompanies the whole history of
architecture. The roots of the cupola building can be found in the ancient dwelling
constructions. Archaeological discoveries have pointed out that the inhabitants of Jericho (8th
millennium BC) lived in circular houses covered with clay-brick cupolas. Curved and bound
wood pieces, knitted reed, and clay were used in other cases and places. The fact that the Latin
name of the cupola – domus – means dwelling cannot be a mere coincidence. Archaeological
discoveries highlighted that the dome had also been used by the architects of antique Egypt and
Mesopotamia. This tradition was continued by the Sassanid-Persian architecture. The cupola
building was essentially improved by the Romans. Their domes were built of stone or/and "opus
caementitium" (Roman concrete) cast in timber or stone shuttering. Thereupon, the cupola
accompanied the entire series of architectural ages: Early Christian, Byzantine, Islamic, Roman,
Gothic, Renaissance, Baroque, Neo-classical and modern architecture as well [1].
The "renaissance" of the domes is related to the discovery of the reinforced concrete. The
concrete dome of St. Ursula parish church in Munich, built-in 1897, marks the beginning of
concrete domes [2] and is a link between the traditional massive dome structures and modern
thin shell construction.
The first modern domes mentioned by technical references were built in the first two decades
of the 20th century. In chronological order, the very first ones are the little cupolas of the
Anatomical Institute of München (1905-1907) placed around a central space, by Max Littman
(It was demolished) and the other is the famous Jahrhunderthalle from Brest (Breslau, Wroclaw)
with a span of 65 m (1910-1911) [1]. The latter is a dome (but not a shell structure) with radial
arches bound by horizontal rings, built of reinforced concrete by architect Max Berg and
professor Willy Gehler.

Figure 1: The original neoclassical building (postcard from 1914)

In Cluj-Napoca (Kolozsvár, Klausenburg) a similar early reinforced concrete cupola covers
the central hall of the Hungarian Theatre and Opera house [3]. It is the very first large-spanned
reinforced concrete cupola in the world. It features all characteristics of classic cupolas: it has
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an “opeion” and “tambour” at the top and a perimeter ring at the bottom which rest on vertical
masonry pillars. The original form of the building is presented in Figure 1.
Documents prove that the building was designed in 1909 as a Summer Playhouse. It was
intended for operetta, comedy performances, and for social events. The original project is
preserved in the National Archives of Hungary and it is signed by the architects Frigyes Spiegel
and Géza Márkus, from Budapest and by the constructor Alajos Réhling from Kolozsvár (Cluj)
on the 25th July 1909 (Figure 2). Reinforcement plans were approved by the engineer and
professor Aladár Kovács Sebestyén. The diary news of the time confirms that the building was
inaugurated on the 18th of August 1910 [1].

Figure 2: Section plan with the authors signatures, original project from 1909, National Archives of Hungary

The whole building is composed of several blocks corresponding to a classic organization
of the space for the required function (Figure 3). The main block is that of the public hall on a
circular plan, covered with a spherical cupola. More than half of its perimeter is surrounded by
a circular corridor, covered with a toric shell, also unique at that time. The stage building arises
behind the main hall and continues with the storage and cloakrooms.
The spherical dome was designed and built with a 21.98 m radius of curvature, 27.72 m
span, and 5.00 m rise and has been preserved to this day (Figure 4). There are two superposed
thin shells: a 12 cm thick upper shell with its thickness slightly increasing towards the basic
ring and below – at 25 cm – another shell with a constant thickness of 8 cm, which supports the
ornamental plastering of the ceiling. The two shells are connected to each other by steel wires
of 2 mm in diameter placed every 40 cm apart. On the top of the cupola, there is a tambour of
reinforced concrete with a wall thickness of 16 cm, 6.00 m in diameter and 1.30 m in height.
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Figure 3: Ground floor plan, original project from 1909, National Archives of Hungary

The tambour is covered with a small reinforced concrete cupola of 60 cm rise. Under this
small cupola, the dome has a central opening with a diameter of 2.00 m. The large candelabrum
is suspended through this opening and is sustained by a special mechanism. The reinforcing of
the main cupola (identified in the region of the central opening) consists of two meshes of steel
bars of 8/200 mm in meridian and 8/300 mm in circular direction in the upper shell and the
same mesh, as well as an additional Rabitz net, in the lower shell.

Figure 4: Cross-section: timber structure over the cupola, intervention project from 1959
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The two-layered cupola lies on a basic ring with a cross-section of 50 x 110 cm along the
perimeter excepting the portion neighboring the stage side (60 x 160 cm). Very ingeniously,
the base ring is connected to the surrounding constructive elements, mainly slabs, at the same
level, which block the lateral displacement, arising due to the action of the normal meridian
forces on the edges of the shell. The cupola is supported by vertical pilasters of masonry placed
under the perimeter ring. Research performed on the cupola revealed a well-balanced structure.
In 1959, due to functional reasons, the old staircases were demolished and a new, larger
entrance hall with large interior staircases was added. The two lateral pavilions were also
demolished. Thus, the neoclassical facade disappeared. The external look of the cupola was
also influenced: a timber structure supporting the covering was placed over the reinforced
concrete cupola, raising the external profile line and hiding the central tambour. Due to these
changes, the building, unfortunately, lost its original neoclassic personality [4] (Figure 5).

Figure 5: Street view 2020 – Hungarian Theathre Cluj, Karoly Miklos photographer

Fortunately, the main block comprising the public hall and the corridor under the dress circle,
covered by reinforced concrete shells, remained unchanged. The building has been used
continuously since it was built. No intervention was made on the reinforced concrete dome. No
structural deficiencies were observed. However, safety reasons would require a new
investigation.
The large investigation made on the building was very helpful for the two-layered cupola. It
is interesting to remark that, while the upper shell surface is regular and smooth, the superior
face of the lower shell is rough and unprocessed. The two shells are connected by steel wires,
as mentioned above. Actually, the mesh of reinforcement of the lower shell is connected by the
wires included in the upper shell. However, the inferior cupola is not suspended from the
superior one. That is proved by the fact that most of the connecting wires are not straightened.
All these facts make possible the assumption about the way the cupola was erected. In this
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order:
(1) First, the upper shell was cast in a shuttering sustained by a general scaffolding. The
connecting wires are included in this reinforced upper layer.
(2) The reinforcing mesh of the lower shell was suspended on the upper shell by the
connecting wires, and a Rabitz net was fixed on its lower face. The casting of the lower shell
was not possible otherwise than horizontal strip by horizontal strip beginning from the basic
ring, performed by plastering (according to the antique Roman model). In this way, the lower
shell became self-bearing, supporting its own weight as well as the ornaments of the ceiling.
During the investigations in several points near the central opening of the cupola, the
measured compressive cylinder strength was between 26 – 30 N/mm2. The concrete of the shell
was well compacted. No damages were observed.
The characteristics of the reinforcing steel are: the grade corresponds to the characteristic
yield stress of 360 N/mm2, high ductility, and 8-10 mm size plain smooth bars. Mezzanine
floors are made of reinforced concrete, of 22 cm depth by 6 cm width ribs, spaced at 27 cm and
a 6 cm topping, covering spans up to 6,0 m. One-way hollow block slabs were formed by
placing the blocks on a wooden formwork and concreting the reinforced ribs.
3 ONE WAY HOLLOW BLOCK SLAB
The second structural form examined was the ribbed slab. The beam, as one of the most
intuitive bending structures, has been widely used from ancient times, even in the absence of
beam theory and calculus. Adjoining beams, one-way slabs were formed. With the development
of reinforced concrete construction, during the late 19th and early 20th century, the ribbed slab
becomes a convenient structure and remains in use until today. To reduce formwork and ease
the construction process, infill blocks can be introduced between the ribs. Mass fabrication of
optimal shape infill blocks fostered the spread of hollow block slab construction. Voided blocks
are used to reduce the weight of slab, offering easy installation with minimal formwork. Such
slabs were designed in Gio Ponti’s office, to be built in the villa of professor Tataru, in ClujNapoca.
Villa Tataru, built in 1938, is peaceful and modest: it was meant to be just a home, designed
for the comfort of daily life, for a happy and fulfilled life [5].
The restoration process has recently started. Despite interventions during the lifetime of the
building, the main form and structure has been preserved. Today, however, it requires
rehabilitation. Aiming at minimal intervention, intensive structural research was performed
under the authors’ supervision. Complete documentation has been done, concerning history,
geometry, materials, construction techniques, and structural works. The slab over the salon
required special attention because excessive deformation has been observed at the midspan.
Qualitative analysis of reinforced concrete slab was limited, because of the hollow block
system, used as formwork, covers the bottom of the slab (Figure 7). In order to decide the
structural intervention, the causes of damage had to be first determined [6]. Consequently, an
investigation was carried out on the structure. The depth of reinforced concrete slab was found
to be 24 cm, made of 8 cm width ribs at a spacing of 24 cm and 7.5 cm thick topping.
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Figure 6: Original building: West side and salon [5]

The quantitative approach was based on material and structural tests, monitoring, and
structural analysis. The compressive strength of the concrete was established by testing of cores
and prism cut from the slab, while the modulus of elasticity was established by testing the
prisms. The average cylinder strength of concrete is 28,2 N/mm2, for the top surface and lower
strength on the ribs, due to poor compaction of concrete. For serviceability assessment, the test
results can be considered at points where likely minimum strength and maximum stress
coincide, for deflection study of this simple supported slab, at the top surface of near midspan.
The corresponding concrete class, based on EN 13791 recommendation, considering the
number of samples (1) is C25/30.
fck=fm – k

(1)

Figure 7: Cross-section of hollow block slab above salon

The value obtained for the Secant Modulus of Elasticity of slab concrete is 22.630 GPa.
Rebar properties were determined on extracted samples, corresponding to a steel grade of
S235C. Bottom reinforcement of thinner ribs are made of a 10- and 18-mm rebar, while the
wider ribs (under partition walls) are reinforced with 3 pieces of 16 mm rebar. Concrete cover
is 20 mm.
Uncertainty regarding hidden ribs and a deflection of 50 mm near the midspan of ribs
indicated a need for load testing and monitoring, with the main purpose of proving structural
adequacy, assuming that deflection is from the construction stage, due to a possible formwork
settlement. A non-destructive static load test was carried out on the critical location, monitoring
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the structural behavior, especially deflection for demonstration of serviceability.

Figure 8: Sandbags as test loads added over the slab

The maximum load of 3.5 kN/m was applied incrementally using sand bags (Figure 8). The
problem of ensuring that one way spanning members under test are actually subjected to the
assumed test load is often difficult, due to load sharing effects. Isolation of ribs subjected to test
from the surrounding structure would be preferred but saw cutting of monument is not
acceptable.
Measurement of deflection under this design load is used to demonstrate satisfactory
performance. With no such precaution measure in European standards, the deflection limit,
where test loads needs to be removed, was established according to ACI 318 [7] provision, as
6.5 mm (2).
deflection limit = (effective span)2 / (20 000 x member depth) [inches]

(2)

Figure 9: Slab Deflection measurement with displacement transducers

Displacement transducers, clamped to independent support, at midspan and ¼ points (Figure
9) measured and transmitted deflections to acquisition data center. Plastering was removed from
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the bottom of wider rib, for crack width monitoring. The rest of the ribs remained covered by
the ceramic elements and plastering.
A structural analysis of slab strip was carried out using ATENA (Advance Tool for
Engineering Nonlinear Analysis). The model contains the reinforced concrete elements,
meshed with 3D FE, and non-structural elements (plastering, hollow blocks, partition wall)
were considered as loads.

Figure 10: Slab strip scheme (a) plan and (b) section

Like the in-situ test, loads were added incrementally, considering the same step of 0.5 kN/m.
The maximum deflection measured at midspan is 0.27 mm, for load step 7, corresponding to a
distributed load of 3.5 kN/m (figure 11). Although test loads were applied symmetrically, due
to load sharing and stiffening effect of partition walls, slab deformation is not symmetrical,
having different values in quarter points.

fint - displacement measured at “int” quarter point
fm - - displacement measured at the center of span
fext - displacement measured at “ext” quarter point

Figure 11: Measured deflection during load test [mm]

The numerical analysis results were calibrated in a conservative way, obtaining for the seven
equivalent load steps almost 1 mm deflection. Dead load is not counted as a load step, but one
can observe that it produces a 1.2 mm deflection (figure 12). The 27th load step corresponds to
a uniform distributed load of 13.5 kN/m, which is not the ultimate load, but a satisfactory
characteristic serviceability limit load, causing cracks of maximum 0.3 mm width. This
demonstrates the initial assumption concerning construction stage deflection of slab.
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Figure 12: Calculated deflection for 27 load steps [mm]

4

CONCLUSIONS
-

-

-

-

The Hungarian Theatre of Cluj and Villa Tataru foreground sources of cultural heritage
value in the dimensions of (a) cultural resource, involving technical, artistic, and
spiritual merits; (b) live document providing outstanding technical achievements, from
which societies can still learn and improve by studying and using; (c) contribution to
cultural diversity and global cultural wealth [8].
The cupola of the Hungarian Theatre of Cluj, described here, is the first large-spanned
reinforced concrete cupola in the world. Despite its age, the building seems to display
good safety. The ensemble was initially well conceived from both, structural and
architectural point of view. No intervention was made on the reinforced concrete
dome. But the architectural intervention was unfortunate, like many others.
Representing the very first large-spanned reinforced concrete cupola, it has an
exceptional historical value. It has to be protected. Its preservation requires careful
monitoring and maintenance.
Gio Ponti’s building in Cluj, Villa Tataru, reflects its creator’s belief that architecture
results in the harmony of form and function. The need for conservation of this heritage
led us to conduct extensive investigation, including in-situ loading of deformed slab.
Demonstration of the ability to sustain required loads, brings into attention the
additional aspect of authenticity besides the respect for original concept, materials and
construction techniques, the respect for imperfections (deformations).
Any intervention on a historical building has to be performed with great care. Besides
the general demands concerning functionality and structural reliability, the
rehabilitation process must comply with specific requirements regarding authenticity.
In this sense, the rehabilitation decision and technical solution should be principlebased but, in the same time, it should be aware that every case is a unique challenge.
The specialist must establish the priorities in preserving authenticity, without
neglecting the functional and structural reliability of the building [3].
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ABSTRACT.
Historic concrete buildings (end of 19th century – 1960s), because of their
“experimental” character, require a specific approach to both survey and conservation.
Although they were built with empirical approaches, some buildings show a fair state of
conservation and resilience –even though they have already exceeded the 100-year
threshold– while others of comparable age are in severe need of restoration.
As part of the European project CONSECH20, aimed at contributing to the conservation
of cultural-heritage concrete buildings, this paper investigates what are the most common
types of damage and hypothetical causes, and what direct and non-direct parameters can lead
to a faster or slower deterioration of historic concrete in the Netherlands. The research is
based on an initial screening study, which will be used as a basis for a larger research among
the participant countries.
The current research is divided in three phases. Firstly, a selection of 15 case studies
from the Netherlands are investigated; the selection was based on criteria of age, state of
conservation and type of ownership. Secondly, the history and materials of the buildings
are examined. Thirdly, an on-site visual survey is performed per each building, with predesign templates, to identify types of damage, extent and severity. The data is then analysed
combining different factors with a calculated index of severity. Results are discussed and
contrasted to provide further clarification of the degradation of historic concrete. A fourth
phase, not discussed in this paper, will use this methodology in a broader context, with a
larger number of case studies in different countries.
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The results indicate that the majority of types of damage are related to corrosion, being
the hypothetical cause carbonation-induced corrosion. The outcomes of the investigation
point out that the factors with a higher impact on the durability are the environment,
the use and maintenance of the buildings, the existence of a sacrificial plaster in exposed
elements, and the type of ownership.
Considering the limited number of buildings, the conclusions presented in this paper will
be further contrasted with a larger number of case studies.
1

INTRODUCTION

Reinforced concrete (RC) is a 'young' material, used from the middle of the 19th century
onwards. Initially, concrete was a secondary material, used mainly for planters and small
objects [1]. By the end of the 19th century, RC was used as structural construction material for
not only for modest buildings but for the early skyscrapers [2,3]. By the turn of the century, RC
became a primary construction system. After WWII, RC developed into the first global
construction materials and thousands of buildings were built worldwide.
As in any ground-braking new
technology, the first reinforced concrete
buildings were experimental. There was
no experience or a solid scientific
knowledge behind these pioneering
structures. As a result, different design
flaws can be now encountered in early
concrete constructions such as lack of
sufficient concrete cover, use of nonsuitable materials in the mix design, low
concrete and steel strength, or poor
compaction
among
others
[4].
Additionally, the corrosion damage
encountered in early RC structures leads Figure 1. Loss of rebar section due to corrosion in exposed concrete
beam from 1921
to loss of rebar sections (Figure 1), bond
deterioration and cover delamination
(spalling), which eventually can affect the structural capacity of the building.
By the end of the 1970s, concrete repairs had become a major issue, but until the 1980s there
was not a full understanding of some of the problems affecting RC such as the carbonationinduced corrosion [5]. However, it still took years for the conservation practice to merit cultural
heritage (CH) status to concrete buildings.
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Figure 2. (a) Fenix II, Rotterdam (1922); (b) Groothandelsgebouw, Rotterdam (1953); (c) Haka buiding, Rotterdam (1932);
(d) Open-air school, Amsterdam (1931); (e) Cygnus Gymnasium, Amsterdam (1956); (f) Radio Kootwijk, Kootwijk (1923);
(g) Maassilo buildings, Rotterdam (1910, 1931, 1951) (source: Wikimedia: Wikifrits); (h) Maastunnel ventilation building,
Rotterdam (1937); (i) Lisse water tower, Lisse (1925); (j) Burgerweeshuis, Amsterdam (1960); (k) Calve building, Delft
(1908); (l) Cenakelkerk, Nijmegen (1915), and (m) Leerfabriek, Oisterwijk (1916)

One of the challenges in the (re-)use of historic concrete 1 buildings is to accurately predict
the ongoing threats and how the buildings will further behave to these threats.
This paper is part of larger research project that aims at developing an improved
methodology for the conservation of 20th century CH concrete buildings. The proposed research
is fourfold. Firstly, 15 case studies in the Netherlands will be selected based on age, state of
conservation and ownership. Secondly, a background research will be carried out to identify
materials, uses, building characteristics, environment, and other parameters. Thirdly, on-site
visual assessments will be performed at each building to record damage types, extent and
severity. All the input will follow a standardized template previously designed to avoid
misinterpretations, and to obtain uniform and comparable data. A severity index, related to the
condition of the buildings, will be calculated based on the visual investigation, and contrasted
with the different parameters in order to have an indication of the chief parameters affecting
durability. Fourthly, a larger number of screening cases, from the participant countries, will be
studied following the same methodology, to verify the initial results presented in here. This
paper will focus on the first three of these four parts.
1

In this article, the term “historic concrete” refers to reinforced concrete produced before the 1960s.
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2 SCREENING CASES AND ON-SITE ASSESSMENT
The criteria for the selection of the
case studies aimed to have a wellbalanced number of buildings of
different age, from the beginning of the
19th century to the 1960s;
a
representative number of privately and
publicly owned buildings; and similar
number of restored and in-need-ofrestoration buildings. These two later
parameters were included to have a
broader context on the factors
influencing the condition of the
buildings. Another requirement for the
selection of the buildings was that they
needed to be accessible.
For each case study, a background
investigation was performed about the
history of the building and its
characteristics (age, location, exposure,
type of structure, façade, roof, exposed
elements, finishes over concrete,
materials, etc.). In the field, a visual
assessment was performed to verify the
theoretical investigation and to record
types of damage and their hypothetical Figure 3. Part of the standardized template designed for this
causes, extent and severity. The system research
MDCS 2 was used within the project to
achieve a uniform damage identifictaon.
The information was then conveyed into a standardized spreadsheet template (Figure 2), one
per each building, to be used for all partner institutions. The template was based on the synthesis
of different assessment forms [6–10]. To guarantee uniform and comparable data, and avoid
misinterpretations, the parameters and values were previously agreed upon with the partners
and programmed so that they could only be selected from a dropdown menu when entering the
information in the spreadsheet.
3 RESULTS: COMMON DAMAGES AND FACTORS INFLUENCING
DURABILITY OF HISTORIC CONCRETE
The investigation of the case studies in the Netherlands resulted in the following building
characteristics:
• 40% of the investigated buildings were classified as “restored”, and 40% of the
buildings were classified as “in need of repair”, the remaining 20% were classified as
2

MDCS https://mdcs.monumentenkennis.nl
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“Fair” and “Others”.
The original uses of the buildings were warehouses (33%), production/factories (20%)
education (20%), and other uses (27%) The present uses of the buildings included
business (33%), offices (20%), and not used - abandoned (20%), and other uses (27%).
• 67% of the buildings were privately owned, and 33% publicly owned.
• 87% had concrete elements exposed to the outdoors; from those, 69% were plastered,
with at least 1 cm of cement mortar, and 31% were not plastered.
Regarding the types of damage and their hypothetical causes, the recorded results were:
• Spalling (26%), uniform corrosion/rust layers (19%) and non-connected cracks (17%).
The rest of the damage types were scattered representing 4% or less (Figure 4).
• 85% of the damages were classified as “Light”, 15% as “Medium Severe”, and 0% as
Very Heavy.
•

Figure 4. Common types of damage

•
•

90% of the damage processes were related to moisture-related issues, including
corrosion, biological growth, surface condensation, and salt crystallization (Figure 5).
It was assessed that 61% of the damage processes were related to carbonation-induced
corrosion. This was supposed since the cracks and spalling observed were aligned with
the reinforcement, there were no indication of chloride attack (e.g. pitting corrosion),
and no structural issues were found (Figure 5).
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Figure 5. Common hypothetical causes of damage

To assess the state of conservation of the building, an index of “level of severity” was
calculated. The different types of damage were multiplied by different coefficients depending
on their extent and intensity of the damage, according to Equation 1. The resulting number
provided an estimation, based on visual assessment, of the level of severity of the damage in
the building, where the higher the number, the worse was the general condition.
Different parameters were then analysed against the level of severity to determine the factors
affecting the degradation (Figures 6 to 11). In addition, the average age of each group of
buildings and the number of the samples were analysed and shown in the graphs to better
understand the relation with the age and its representativeness. The level of severity ranged
from zero (very good condition) to 12 (medium-severe condition).
Equation 1
𝑛𝑛𝑛𝑛

𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿 = � 𝑛𝑛𝑛𝑛𝑖𝑖𝑖𝑖 ∗ 𝐸𝐸𝐸𝐸𝑖𝑖𝑖𝑖 ∗ 𝑆𝑆𝑆𝑆𝑖𝑖𝑖𝑖
𝑖𝑖𝑖𝑖=1

Where:
LI is the Level of severity used in Figures (6 to 11).
ni is the number of cells marked in the same column of the template sheet, corresponding to
the damages observed during the visual assessment (refer to Figure 3).
Ei is the coefficient regarding the extent of the damage as shown in Table 1.
Si is the coefficient regarding the severity of the damage as shown in Table 2.
Table 1. Coefficient regarding extent of damage

Coefficient E
(Extent of damage)

Extent in the surface of the element
< 1/3
1/3 < x < 2/3
> 2/3
1

2
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Table 2. Coefficient regarding the severity of the damage

Coefficient S
(Severity of damage)

Severity of the damage
Medium severe Very Heavy

Light
1

2

3

Regarding the relation between age and level of severity, the results showed a scattered
distribution without a clear correlation (Figure 6). However, when linear trend line is plotted
(Coefficient of determination R2=9%), it is evident a weak correlation between age and level
of severity, where the older the building, the worse is the condition.

Figure 6. Graph representing level of severity with age of the
buildings

Regarding the original use, position, and environment of the buildings:
• Office, religious and education buildings had the lowest level of severity. Whereas,
production, warehouses and strategic services buildings (water tower, tunnel
ventilation buildings, etc.) had the highest levels (Figure 7).

Figure 7. Graph representing level of severity per original
uses of the buildings. "N" denotes number of buildings;
orange dots represent mean age of buildings under the same
category

•

Figure 8. Graph representing level of severity per
environmental condition of the buildings. "N" denotes number
of buildings; orange dots represent mean age of buildings
under the same category

Damage to buildings located in maritime and industrial environment did show a
higher level of severity than buildings located in urban and rural areas, all having
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similar average age (Figure 8).
Regarding the monumental status (listed) and ownership of the building:
• Whether the buildings had monumental status or not did not have a noticeable impact
on the level of severity.
• However, a tendency was noted regarding the ownership of the building (Figure 9).
Damage in public buildings had in average a higher level of severity than private
buildings, even though public buildings were on average slightly younger than
private buildings.

Figure 9. Graph representing level of severity per type of ownership

Regarding type of the façade (Figure 10), roof, and structure, there was not a clear influence
on the level of severity of the damage found, as it followed the general tendency the higher the
average age the higher the level of severity.

Figure 10. Level of severity per type of facade

Lastly, the reinforced concrete elements exposed to the outdoors rendered with a cement
plaster had on average better performance than the exposed elements with no plaster or paint
(Figure 11). It is important to note that the plastered elements had higher mean age than the nonplastered elements. On the other hand, the not-exposed elements, which are protected to weather
and rain, resulted in higher level of severity. The main reason for this apparently incongruent
result lays in the fact that one of the two case studies under this category was a leather fabric,
where water and other chemicals were likely used inside the building.
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Figure 11. Level of severity per characteristics of exposed RC elements

4 DISCUSSION AND CONCLUSIONS
The current research is framed within the European project CONSECH20, which involves 5
participant countries and over 50 case studies. In this paper, a first sample of 15 RC buildings
in the Netherlands built before 1960s has been studied. A background investigation of the
building characteristics was carried along with a visual survey, to quantify the most common
types of damage, extent and severity.
A standardized template was created to minimize misinterpretations and homogenise the data
among the different countries. An indicator of level of severity was calculated and confronted
with different building characteristics (e.g. original use, type of structure, type of façade,
ownership, environment, etc.) to devise what parameters have a greater influence in the state of
conservation of the concrete.
From the results of the 15 buildings surveyed in the Netherlands, it can be extracted that the
main damage process affecting reinforced concrete buildings built before 1960 in the
Netherlands is corrosion. This does not differ from other publications [11,12]; and can be
attributed to a combination of thin concrete covers, higher permeability, and imperfection in
the concrete such as honeycombs and cracks, which can be easily found in historic concrete
buildings.
The foremost hypothetical cause of corrosion is carbonation-induced corrosion. The subsequent
most common types of damage were non-connected cracks, rust layers and spalling. Other types
of damage were generally not significant, almost aesthetical, and barely affected the
serviceability of the buildings.
Based on this research, the following parameters seem to be relevant for the durability of the
reinforced concrete:
• Industrial and maritime environments. Industrial areas tend to have higher
concentrations of CO2, which can increase the rate of carbonation in concrete. If the
concrete cover is not thick enough, as is the case in some historic concrete buildings,
the passivity layer protecting the reinforcement is destroyed due to carbonation. In
addition the higher levels of pollution in these zones can increase the concentration
of sulphates in the concrete [13], leading to other types of damage in the cement
matrix such as the formation of ettringite [14]. In addition, high RH, as in the case of
maritime zones, translates into higher moisture content (MC) in concrete. MC is the
main factor influencing the electrical resistivity [15], or in other words, the higher
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•

•

•

the MC in concrete, the lower the electrical resistivity and the higher corrosion rate
[16–18]. In addition, if the building is within the splashing zone of seawater, the
amount of chlorides ions in the concrete may increase, affecting the passivity layer
of the reinforcement.
Use of the building: Industrial and civil infrastructure buildings show more and
severer damage types than the other building types. The increase of damages may be
explained due to the discontinuity in the building use. In fact, the historical research
revealed that 100% of the buildings constructed as warehouses or production
factories were abandoned for more than 10 years in their lifetime. As any other
building, the lack of the maintenance of historic concrete buildings has a great impact
on the durability of concrete [19].
External sacrificial plaster: Exposed RC elements with a cement-based plaster
exhibited better performance against corrosion and other damage processes than RC
elements without additional plaster. Rendering the exposed exterior concrete was a
common practice in the Netherlands until the 1930s, apparently to hide the dull and
rough aspect of raw concrete [4]. This is in line with the results of the case studies,
since 100% of the buildings built before 1937 had a layer of plaster applied to the
external concrete surfaces. A plaster layer can provide an additional protection
against the ingress of CO2, moisture, and other soluble substances, which may lead
to corrosion and other damages in the concrete [20]. However, if the corrosion has
already initiated, as it may be the case in historic concrete, the corrosion will not stop
but the corrosion rate may decrease [21].
Ownership: In view of the results, private buildings are in general in better condition
than public buildings. Private buildings tend to have a more lucrative aim, and
therefore the quality and appearance of the buildings tend to be better cared and
maintained. As a new approach to tackle this issue, public-private partnerships are
being used in different countries to help governments to manage the increasing costs
and responsibilities typically carried by the public sector [22,23].

With a limited number of buildings, 15 cases in the Netherlands, this paper investigates
different indicators to understand the chief factors affecting the degradation of historic concrete.
As part of a larger project, this research aims to establish the basis for a greater understanding
of the different factors affecting historic concrete buildings.
The main conclusions are:
1. Higher RH, CO2 concentrations and levels of pollution, typically found in industrial
and maritime environments, tend to decrease the durability of historic concrete.
2. A continuous use and maintenance guarantees that RC buildings, even over 100 years
old, can extend their service lifespan.
3. Cement plasters in exposed elements can reduce the level of severity of the damages
in the concrete.
4. Public buildings tend to be in worse condition than private ones.
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Abstract. Reinforced concrete was introduced by patented systems into Spain towards the
end of the 19th c. Early patents were effectively foreign trademarks, although Spanish
engineers, architects and industrialists soon developed their own RC systems. Local builders
would build structures with scarce little regard for calculated design and construction in the
first decade of the 20th century. Nevertheless, as further knowledge was required, increasing
research led to new RC standards in numerous countries, such as France and Germany. In
the second decade of the 20th century, the use of patent systems declined. The teaching of RC
started at the Spanish Civil Faculty where systems of scientific calculation were rapidly
adopted, although no Spanish RC standard was drafted, unlike the situation in the leading
European countries of that time. Hence, the RC structures that proliferated across Spain were
mainly based on French or German standards. Spanish industrial activity began to develop in
northern areas of the country where the use of new materials was pioneered over the
following decades. Nowadays, some of those structures are listed heritage buildings. In this
paper, some common features of 15 RC structures built between 1915 and 1936 are
discussed, by focusing on their conservation problems. Preliminary structural reports from
engineers, architects, municipal councils and, in some cases, the owners of the buildings are
compiled with information on the pathologies affecting the buildings and analyses of
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structural morphologies, and steel and concrete strengths. The results of those studies are
analysed, by connecting construction features with structural conditions, in order to gain a
deeper understanding of their main characteristics and similarities. The findings will
contribute to knowledge of heritage buildings, identifying key strategies for application in
future rehabilitation works.
1

INTRODUCTION

In the mid-19th c., the inventive idea of Reinforced Concrete (RC) emerged when metallic
elements, usually steel bars, were first used to strengthen the concrete mass. Some pioneering
inventors and the dates of their patents may be mentioned, such as Lambot, in 1855, and
François Coignet, in 1852, in France [1,2]; Wilkinson, in 1854, in the U.K. [1]; and Hyatt [3],
in 1878, and Ransome [4], in 1884, in the U.S. In modern Europe, Joseph Monier is
considered the principal inventor of RC, patenting a construction system with a wire frame
covered with layers of mortar in 1867.
In the last decades of the 19th c. and the start of the 20th c., the construction of RC
structures rapidly spread, as their main advantages over the separate use of masonry and steel
structural materials came to be widely acknowledged: high durability (at the time and very
mistakenly considered “almost eternal”), monolithism, versatility, acceptable mechanical
characteristics, and very especially fireproof [5-7]. Its proliferation, based on the many patents
from numerous countries, led to the launch of RC ‘multinationals’ such as Hennebique
(France) and Wayss & Freytag (Germany). There was a proliferation of patents both in the
U.S. (Goodman, Goodbridge, Jackson or Kahn) and Europe (Blanc, Coignet, Cottancin,
Bordenave, Matrai, etc.).
The inventors made perhaps excessive efforts to protect their patented systems. It was
assumed that the system specifications had been included the calculation of RC structures
(floors, beams and columns) for the implementation of detailed reinforcements with sufficient
strength for each architectural feature. Nevertheless, there were many totally experimental
patents with no real scientific basis, and even the patents that had a degree of technical
support were reluctant to disclose the scientific basis of their claims. At the turn of the century
there were some catastrophic structural failures: a pedestrian bridge in Paris (1900), the Zum
Bären Hotel in Basel (1900), the roof of a Madrid reservoir (the Third Deposit) (1905), and
buildings in Berne (1906), and Milan (1908).
In the last decade of the 19th century, research into RC concrete started to expand, and
design requirements and calculation methods became freely available in published form.
Research was available on concrete vaults, arches, slabs, and beams, and subsequently
columns. Likewise, the first courses on the subject were launched at the “École Nationale des
Ponts et Chausses”, Paris, in 1897. All these factors –scientific research, structural collapses,
and access to academic publications- finally led to the enactment of various national
regulations that greatly enhanced RC structural safety: Switzerland in 1903 and 1909,
Germany in 1904 and 1907, France in 1906, Italy in 1907, Austria in 1907, the U.K. in 1907
and 1911, Russia in 1908 and 1911, Denmark in 1908, and the U.S.A. in 1908 and 1910 [8].
The combination of national standards and open access to RC knowledge ended the payment
of royalties linked to patents, leading to a new panorama for RC construction. Both, patented
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systems and patented free structures coexisted until WWI, although their demise after the first
World War, saw the start of a new phase in its development based on knowledge and
regulations.
Since the end of 19th c., RC structures have become a part of our Cultural Built Heritage.
Its status as Heritage is a testimony to progress in science, economics, culture and society in
its content, its technique, and its materiality. Its conservation and preservation contribute to
our historical understanding of technological and social advances, as well as other events that
may have occurred throughout that time [9]. This Heritage has invariably deteriorated, due to
functional and typological obsolescence and irreversible modifications, inappropriate
treatment, and inadequate conservation, often resulting in its abandonment and destruction. Its
relevant innovative features for which it is recognized as Heritage clearly reflect the systems
and materials used in its construction.
The first step for acceptable conservation, rehabilitation and maintenance is to gain
knowledge of the construction techniques and the main features of the structures from that
historical period. It should be focused on the targets for mechanical strength in compliance
with the regulations at that time, especially in early RC structures, and durability of the
concrete. Studies on structures built following patented systems are frequent [10-19],
although structures built in the post-patent period are now becoming an interesting period of
study too [20-26].
2 THE POST-PATENTED RC STRUCTURES OF SPAIN
In the last decades of the 20th century, the introduction of RC in Spain came later than in
other European countries and was influenced by French patented systems. At the start of the
20th century, RC had become a relevant structural material, especially in civil and industrial
constructions, still linked to patented systems up until around 1910. Whereas numerous
Europeans countries enacted their own standards, structural safety regulations were
unavailable in Spain until 1939 [27], the end of the Spanish Civil War.
From the point at which the patented systems had become obsolete at the end of 1910, up
until 1939, the common references in Spain for structural concrete design and calculation
were the French and the German standards [28]. Even though a Spanish Army standard was
enacted in 1912, it was never applied in civil construction [29]. In fact, engineers based their
RC design and calculations on foreign standards during the time between the end of the patent
systems and the outbreak of the Spanish Civil War, assisted by the knowledge gained from
their studies on RC, the first of which took place, in 1910, at the Faculty of Civil Engineers in
Madrid.
The core industrial activity of Northern Spain, mining, ship building, and steel industries,
pioneered the use of the new material, where most RC structures were built over the following
decades. Numerous examples of RC constructions were built, although some have since been
demolished, as a result of economic development and urban and social transformations. These
lost examples of heritage were integral to the industrial and the social life of that day and age,
and local government has now listed many remaining structures as heritage buildings that
stand in testimony to that period of Spanish history.
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Figure 1: Two examples of the buildings under analysis: a) Old Aquarium (San Sebastian), b) Villa Ducourau
(Irun)

In this study, some common features of 15 RC structures built between 1915 and 1936 will
be discussed: 10 from the second decade and 4 from the first decade of the 20th c., and 1 from
1936. All of them are listed heritage and none followed patented RC systems for their
construction. Two examples are shown in Figure 1. A collection of 15 pathological structural
studies are examined, developed by different architects and engineers as preliminary
structural studies. Their common points are their construction in the period between the end of
the RC patented systems and the outbreak of the Spanish Civil War, and their location in the
Basque Country, north-western Spain.

Girder

Upper slab 4 ÷7 cm
stirrups ϕ8

Lower slab 4 ÷7 cm

Figure 2: Usual structural layout: a) slab and narrow beams in structure Nr 3, b) trapezoidal foundation
(structure Nr 2), c) beam reinforced scheme (structure Nr 6)

Also near all of then have similar structural schemes, with slabs, marrow beams, columns
instead of walls and sometimes trapezoidal foundations (figure 2). The theoretical corpus for
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these studies had been researched in relation to each specific construction in an appropriate
way attending to location, age and owner’s requirements for building use and the proposed
objectives. The scope of the studies may therefore vary, but the methodology used in all of the
studies was similar. However, the range of tests and the depth of analysis were conditioned by
the purpose that the property served. The most common test of the concrete structure was its
compressive strength, although various studies included data from steel strength, steel cover,
concrete carbonation depth and chloride ions in the concrete mass.
3.1 Durability
Nearly all the studies included visual inspections for signs of pathologies. Issues related to
durability were mainly observed: parallel concrete cracking in longitudinal reinforcements
and the appearance of corroded reinforcements, even with cross-sectional reductions, all
caused by the corrosion of steel bars. The results are summarised in Table 1; Figures 3 and 4
shows typical structural damage. This pathology was found to affect more than 80% of the
structures and can be considered a widespread problem. The remaining 20% included one
partial study of a building focused on well-maintained interior parts of the buildings where no
corrosion would be expected due to exposure to the interior environment.
Table 1: Main pathologies detected in 15 RC structures

Concrete cracking parallel to reinforcements
Appearance of corroded reinforcements
Cross sectional reduction of steel rebars
Pitting corrosion
Dampness

87%
80%
67%
53%
60%

Environmental exposure to chlorides had affected the structures by approximately 46%,
followed by seawater from tidal surges, spray and splash (33%) and by airborne salts (13%),
while others had been exposed to moderate humid. It is relevant that more than 50% of
structures showed pitting corrosion, connected with corrosion induced by chloride ions in the
concrete. The studies concluded that nearly all of them were of internal origin, mainly due to
use of coastal sand in the concrete mixture, a frequent practice in coastal areas before 1936.
Only one structure was affected by environmental exposure to chloride. The use of chlorides
in concrete was not prohibited in Spain until 1973 [30].

Figure 3: Typical rebar corrosion: a) lower side of a slab (structure Nr 5) b) detail of pitting (structure Nr 4)

Information on the carbonation depths of 9 structures was also ascertained. These depths
were very variable, between minimum values of 9 mm and maximums of around 160 mm.
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Whenever both measures, concrete cover and carbonation depth, were taken, it could be
checked that the carbonation depth always exceeded the reinforcement bar depth. An
exception was noted in two tests from a column in one the structures, where the depth was
close to zero. The zone was in the tidal range, and the water saturating the pores prevented the
penetration of air inside. Nevertheless, the columns were highly affected by pitting corrosion.

Figure 4: Cross section reduction in column (structure Nr 15)

3.2 Concrete and steel features
Although precast concrete was available in the period under analysis, it was not common,
and all the structures under study were cast in situ. Nearly all the studies included an analysis
of the concrete strength of extracted cores, sometimes, combined with ultrasonic velocity
pulse tests. The results are summarized in table 2. They show a very variable strength with no
regularity: mean strengths of between 9 and 43 MPa and characteristic strengths of between 8
and 30 MPa. The remarkable differences between the mean and the characteristic strengths in
each structure were due to the usual variability in concrete strengths. These variations were
caused by the methods used in dosing (usually in volume), mixing (low mechanization), onsite transport, compacting (ramming, formwork by hand hammering or a slide bar), and
curing [31,33]. Poor mechanical tools for compacting frequently led to the addition of extra
water to ensure workability, increasing porosity and variability and worsening the durability
of the RC components [10].
Table 2: Concrete strength of extracted cores (MPa)

Structure Nr
Mean
Strength
Characteristic
Strength

1
23

2
19

3a
15

19

13

13
8

a: two batches were considered

4a
31
19
23
13

5
23

6
27

7
43

8
9

9
15

10
15

12
25

13
17

14
19

15
24

10

21

30

7

12

10

24

10

10

17
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Although ribbed bars were standard, even in proprietary systems, in the United States,
smooth bars were used for reinforcing concrete in Spain [32]. A practice that was confirmed
by the observations of the structural reports. There were fewer tests on the steel rebars than on
the concrete. The results shown in Table 3 showed higher strengths than the values calculated
for yield strengths of 220 or 240 MPa, which were considered at the end of the 20th c. for
smooth bars.
There were some difficulties obtaining rebar samples, because larger diameter rebars were
not used for testing, due to the damage that could have been caused to the structure. The
possible rolling effect on yield and tensile strength could not therefore be verified.
Table 3: Steel strength (MPa) of tensile tests

Structure Nr
Diameter (mm)

1
15

Yield strength (MPa)
Tensile strength (MPa)

3
8

4
18

7
8,1

7
10

298 314 311 274 311
396 398 426 383 502

3.2 Condition
Finally, an assessment of the structural condition was completed. Four categories were
defined, depending on the severity of the deterioration, which yielded the following results:
3 structures with very low levels of damage, including incipient cracking, due to steel
bar corrosion.
2 with a few pathologies, but with little structural damage; cracking due to corrosion
was noted.
5 with severe damage, including structural safety risks.
3 with very high damage and with very high levels risk for stability and structural
safety, including partial collapse, total steel cross-sectional reduction and severely
damaged columns.
There was insufficient information to assess the condition of 2 structures, because their
pathological analyses were only partial building studies in well maintained areas.
Over 50% of all structures had high levels of damage, mainly with problems of durability
linked to steel bar corrosion. High levels of damage due to chloride-ion penetration were
noted, especially caused by marine sand used in the concrete mix. This condition had
dramatic consequences for the buildings under analysis: 40% had undergone total or partial
demolition, while 40% needed structural repair and strengthening.
12 CONCLUSIONS
After analysing the pathological reports on all 15 structures built between 1915 and 1936,
from the end of the RC patented systems until the outbreak of the Spanish Civil War, the
following conclusions can be presented.
The concrete structures under study were designed following foreign standards until

123

I. Marcos, L. Garmendia, I. Piñero, Z. Egiluz, E. Briz and A. Gandini

the Spanish standard was issued in 1939.
Steel features were frequently not examined in the pathological reports, as their
removal from the structure risked excessive damage. Where calculated values were
needed, the features for smooth bars were taken from the literature. The test results
were necessary, otherwise the mechanical features could have been underestimated.
Concrete strength was very variable between structures and inside each structure. It
was very common and was conditioned by dosage, mixing, in situ casting and
compacting. Only two structures had characteristic strengths of under 10 MPa, even
when variability reduced the characteristic strength. However, that conceptual
difference was not common until the second half of the 20th century, after the period
under analysis. The characteristic strengths must therefore be interpreted with
caution.
The structural condition of this group of structures had important consequences for
their integrity and authenticity. Nearly 80% of them needed a complete structural
intervention including total or partial demolition in 40% of cases.
The damage was due to the combination of environmental exposure, low concrete
cover and the influence of chloride ions that are the cause of steel reinforcement
corrosion. An endogenous origin of chloride damage should therefore be investigated
in structures near coastal areas.
The central message for the conservation of RC heritage is early and correct diagnosis for
the provision of proper maintenance planning and to mitigate structural deterioration. A
conservation strategy could include more specific dampness protection, and corrosion
protection measures, such as cathodic protection, re-alkalinisation, and chloride removal.
-
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Abstract. At the end of the 19th and early 20th centuries, Reinforced Concrete was introduced
as an innovative constructive system. Many industrial, agricultural, hydrotechnical and civil
buildings have been built with structural systems incorporating reinforced concrete. The paper
presents the historical context in which the Reinforced Concrete was introduced in Timisoara,
the former capital of the Banat Region starting with the Habsburg Empire, the largest city in
the western part of Romania. The use of reinforced concrete in constructive systems increases
with the national urge, generated by the unification of the Romanian Principalities in 1918, of
defining a national identity and a specific national architectural style. The paper will highlight
the main architectural programs and the main historical buildings using reinforced concrete,
from the beginning of twentieth century, which represents local cultural patrimony.
1

INTRODUCTION

As well as 3D printing is a crucial technological and development moment for today's times
and 21th century, so was the invention of reinforced concrete represented a defining
technological evolution for the 20th century.
The history of Constructions, like the history of human civilization, is marked by
technological, cultural and social evolutionary leaps. Until the 19th century, the constructive
system was based predominantly on masonry (addition of finite elements, juxtaposed with each
other), forming a stable and coherent assembly, having the centre of gravity in the construction
design plan.
The 20th century is marked by reinforced concrete, a fluid material that takes the form of the
vessel in which it is poured, and which expresses, ultimately, the malleability and fluidity of
society. Architects like A. Peret, Le Corbussier, L. Khan, F.L. Wright, F. Candela or P.L. Nervi
strove to define a new architectural language. The technical possibilities allowed by the new
material have facilitated the construction of dynamic assemblies with the centre of gravity
within the limit of the projection or even outside it.
Being only at the beginning of the 20th century and considering the amazing speed with
which technology advances, we can only glimpse the changes of the digital information
revolution and technological transformations of technology application or form finding.
Nowadays we can already print constructions of clay, concrete or plastic.
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New materials are constantly devised - materials that can be the basis for the redefinition of
the future of constructions: Green Charchol or Recy-Block, Aero graphene, and in the topic of
current research-Programmable Cement modified microscopic structure of cement in order to
enhance its mechanical properties and in the same time minimizing the amount required. [1]
2

TO KNOW YOUR FUTURE, YOU MUST KNOW YOUR PAST-G. SANTAYANA

Reinforced concrete is today one of the most widespread building materials, having deep
roots in the mist of time and in the history of construction. Concrete is a mixture of aggregates
related to binders based on different types of cement. Although concrete is present in the history
of human civilization from immemorial times, reinforced concrete has a short history.
Reinforced concrete was invented, used and developed in the same period of time at the end of
the 19th century, by several people, who for various reasons introduced reinforcement systems
in their constructions.
In 1848 J.L. Lambot builds a rowboat using hydraulic concrete hull, having a skeleton of
iron bars. In 1855 he patented and exhibited in Paris the rowboat. He is recognized as the first
person to use reinforced concrete.
Francois Coignet, in 1852, in France builds the first structures of reinforced concrete (a fourstory house) but not as improvements of the concrete property but as constructive reinforcement
of the monolithic walls.
William B. Wilkinson in 1854 in England builds a two-level house using reinforced concrete
slabs with iron bars. This is recognized as the first building to use reinforced concrete.
The exploratory period of reinforced concrete is completed with J. Monier, who in 1867
patented a construction method using reinforcement with iron rods in concrete. Professional
gardener, J. Monier first uses reinforced concrete for making sustainable flowerpots and
continues to perfect the material and system for pipes and basins (1868), reinforced concrete
facade panels with iron (1869), bridges (1873), reinforced concrete beams (1878). At that time
in Europe, reinforced concrete constructions were commonly referred to as the Monier System.
In 1877, J. Monier developed and patented an advanced technology for reinforcing concrete in
columns and beams by arranging iron bars in a "grid pattern”. In 1886 Monier sells the patent
to the German company Wayss, which will spread the Monier system in Germany and Austria.
F. Hennebique's meeting with J. Monier at the 1867 World Exhibition in Paris opens for him
the perspective of using the Monier system in the field of construction. In 1892, after a long
period of research, Hennebique patented a complete system of constructions: pillars, beams and
slabs, using reinforced concrete.
Engineer Ernest L. Ransome perfected and patented reinforced concrete with twisted steel
bars, in 1894, thus opening a new era in the built environment. [2] [3] [4].
In Romania, the engineer Anghel Saligny is the one who introduced the reinforced concrete,
for the first time, being a pioneer and an innovator in the field of construction. In 1884 he was
ordered to build the docks and warehouses in Braila and Galati, where for the first time, in the
country, in 1888, reinforced concrete was used. The cell walls were made of prefabricated
elements cast into the ground and mounted in the work and for the first-time welded
reinforcements were used for stiffening. In 1887 begins the design of the Fetesti-Cernavoda
Railway and of the Cernavoda Danube Bridge, which was inaugurated in 1895 (Fig. 1). At that
time, the largest section of it -190 m had the largest opening in continental Europe.
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The bridge and viaduct system totaled 4088 m and was the third longest in the world [5].

Figure 1: Cernavoda Bridge

3

HISTORICAL OUTLOOK OF BANAT REGION - ROMANIA

Banat Region is a geographical area as well as a historical regime that stands at the border
between Central and Eastern Europe. Geographical is split between Romania (~ 2/3), Serbia (~
1/3) and Hungary (~ 1%). The Banat region, since ancient, has been populated by a mix of
Romanians, Serbs, Hungarians, Germans, Ukrainians, Slovaks, Jewish, French, Italian and
more. It is an area of ethno-linguistic, cultural and religious interference, a state of fact that has
not disappeared in time and which today represents a wealth reflected in architecture and social
tolerance [6].
Banat has been part of Habsburg Monarchy and later the Austro-Hungarian Empire.
Timisoara, the historic capital of Banat Region is the largest city in the Region and in the
Western Part of Romania.
The Banat region, with this rich background of culture and influences materialized in the
locally built fund, has become one of the main historical areas of Romania. The architectural
heritage consists of a homogeneous mixture of specific styles: Viennese, Hungarian
architecture, Neogothic, eclectic, secession, art nouveau, neo-Roman and neobyzantin,
modernist. [7]
The end of World War II marked a crucial moment in the history of Banat and Romania. By
uniting the Romanian Principalities from 1918, Banat comes back to Romania and from there,
history becomes joined.
Banat, traditional has an Austro-Hungarian orientation, while Timisoara is also called Little
Vienna, while Romania has a French orientation -Bucharest being called Little Paris.
In terms of education, including the technical one, we observe this similitude of influence Timisoara is oriented towards Vienna and Budapest (L. Szekely, E. Ecker, M. Hubert, A. Suciu,
V. Vlad) [8] and Bucharest towards Paris and Berlin (A. Saligny, I. Mincu, D. Germani, G.
Constantinescu) [9]
The Great Union from December 1st, 1918, through which all the provinces inhabited by the
Romanians were united, represents a turning point for the Romanian Modern State as well as
for the national architecture. From the desire to have a common cultural identity, a strong
national movement is started to create a national style rooted in Neo-Brancovenesc architecture
and the vernacular and Byzantine tradition, in the popular port and in traditional way of life.
Architects like I. Mincu, N. Ghica-Budesti, G. Cerchez, P. Smarandescu or T. Socolescu lay
the foundations of neo-Romanian architecture at the beginning of the 20th century, in the
context of the historicism and the wave of nationalist emancipation of the times. Together with
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Duiliu Marcu, I. Trajanescu and A. Suciu, the architect and engineer Victor Vlad took part in
the creation of the National Style in Banat.
In the context of the economic development from the beginning of the 20th century generated
by the industrial revolution - with repercussions also on the administrative structures and the
consolidation of the large state structures, the new investments and programs of socio-cultural,
administrative, educational, industrial architecture, commanded mainly by the state, will bears
the imprint of the National Style. C. Popescu notes “Romania Great makes of the National State
its architectural symbol and at the same time the emblem and means of propaganda of the state.
[10].
4

REINFORCED CONCRETE HISTORIC PATRIMONY IN TIMISOARA

4.1 Beginning - Hydrotechnical Loks
As in the Romanian Principalities, the introduction of reinforced concrete in Banat begins
with land improvement and technical construction works. The history of using reinforced
concrete begins with sanitation and sanitation works for the regularization of the Bega river.
The Danish engineer M. Fermant continues the work started in 1728 to regulate the course of
the Bega river and in 1958 the construction of a hydrotechnical node upstream of Timisoara
begins. Between 1900 and 1916, the 144-km range is constructed with a system of 6 locks, 4 in
Serbia and 2 in Romania - at Sanmihai (Fig.2) and at Uivar, using for the first-time reinforced
concrete. Figure 3 present the original design of the Sanmihai Lock and modernization works
along the canal. The entire Bega River hydrotechnical system with all the locks is considered a
monument. Unfortunately, like all constructions that do not have immediate financial benefits
- the navigation was completely stopped in 1867, and due to a poor maintenance, they are in an
advanced state of degradation.

Figure 2: Sanmihai lock
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Figure 3: Original project of Sanmihai lock and modernization along the canal

4.2 Historic bridges
As a result of the construction of the Bega waterway, a series of technical buildings are
becoming necessary. Thus,in Timisoara were built a series of bridges, water plant, water towers.
Decebal Bridge (Fig.4) is the most famous in Timisoara. It was built in 1909 from reinforced
concrete beams and at that time was the largest span opening bridge in Europe. It has a total
length of 58 m, a width of 9 m with a central arc span of 39 m. The bridge was designed by
Mihailich Gyozo and was awarded at the International Exhibition, Paris 1910 [11].
The Traian Bridge, of eclectic style, built in 1913 by Elemer Wachtel (Fig. 5) is also built
on a reinforced concrete beam. It was the widest bridge in Timisoara, total gauge 17 m, has a
total length of 40 m, being composed of two small pedestrian openings and a main one over the
river Bega with a size of 32.8 m.
Both the Decebal Bridge and the Traian Bridge are listed as historical monuments [15].

Figure 4: Decebal Bridge Timisoara
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Figure 5: Traian Bridge Timisoara

4.3 Water plant
Another consequence of modernization and industrialization process I the beginning of the
20th century of the City is Timisoara Water Plant. The Timisoara hydroelectric plant was
inaugurated in 1910 (Fig. 6). The project was carried out by the chief architect of the city at that
time Laszlo Szekely and the engineer Emil Szilard. It is one of the first hydropower plants built
in Europe. It is functional today.

Figure 6: Water Plant Timisoara

4.4 Water towers
In order to ensure the water supply of Timisoara, the city builds between 1912 -1914 two
twin water towers, having a height of 52 m, at the ends of the water distribution network (Fig.
7). The two towers were intended to compensate for the maximum water consumption during
the day. The project was realized in Budapest by the engineers I. Lenarduzzi and R. Sabathiel
[12] according to the plans of the architect Laszlo Szekely (Fig. 8). The structural frame is made
of reinforced concrete walks with perimeter circular columns. The concrete was prepared and
cast in situ. Except for the water tank (500 m) which is made of stall, the entire structure is
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made of reinforced concrete. The exterior and the roof which are also made of reinforced
concrete are covered with ceramic elements [11]. The water towers were disabled in the 70s
and poor maintenance led to overall degradation. In 2012 the Iosefin Water Tour was taken
over by Timisoara City Hall, which is trying to find a proper solution for functional
reconversion.

Figure 7: Water Towers Timisoara – Fabric and Iosefin

Figure 8: Water tower project in Timisoara made in Budapest in 1913
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4.5 Industrial patrimony
The industrial buildings were not perceived as valuable and thus they were not introduced
in the patrimony, until recently, towards the end of the 20th century. Having an economic
utility, they were transformed, modified or demolished without considering the architectural
values that were incorporated. Even today, important objectives of industrial heritage fall prey
to financial interests at the expense of preserving the company's patrimonial values.
Being a strong economic development hub of Banat, especially focused on the light industry,
Timisoara has developed a strong industry. The oldest factory was the Brewery, founded by
Eugene de Savoy in 1718.
At the beginning of the 20th century there were already a series of factories - tobacco (1846),
alcohol (1869), textiles (1894), hats (1894), footwear (1901). [13]
Many of these buildings have been transformed, modernized and demolished in recent years,
to be replaced with modern investments and may, in a way, be ephemeral.
One such case is the "Turnul" / “Banatim” "Shoe Factory" built in 1901 and which worked,
intermittently, until its complete demolition in 2016, including the administrative building. At
that time, it was considered the most important shoe factory in Austro Hungary. Fig. 9).
The Slaughterhouse of Timisoara is another case, still happy, which was almost completely
demolished but the central pavilion was maintained, the one with the highest patrimonial value.
It was designed by Laszlo Szekely in Secession style, between 1904-1905 and at this time it is
in a continuous state of degradation (Fig. 10).
In fact, most of Timisoara's industrial heritage, either as of the beginning of the century or
later, has disappeared, as we have shown, due to real estate financial speculation (Guban
Factory, Solvent Factory, Milk Factory).

Figure 9: Banatim Factory – Before and in the process of demolition
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Figure 10: The Slaughterhouse of Timisoara - – original and present central pavilion

4.6 Residential and administrative buildings
Civil constructions: report houses, schools, administrative institutions are tributary to
traditional construction systems, load-bearing structures with brick, hot mixed or brick or
concrete slabs. The inertia of the introduction of new reinforced concrete construction systems
is due, in large part, to the beneficiaries' habits, the low technological requirements (as opposed
to the industrial and commercial ones) and the small openings and loads.
Reinforced concrete is gradually introduced into floors, floors and beams, pillars and beams.
Only in the inter-war period does it expand and become more widespread through reinforced
concrete construction [14].
5

CONCLUSIONS

The buildings presented in the article are the most eloquent samples of the use of reinforced
concrete in Timisoara at the beginning of the 20th century. Many of the buildings,
unfortunately, are in an advanced state of degradation or are even extinct.
As shown in the study, the chronology of the introduction of reinforced concrete as a
structural system, aims to meet the technical and urban needs of society which are then followed
by the functional and aesthetic.
Regional differences, both in the art of building and in education and culture, with explicit
references to specific parts of Europe, may represent a special chapter in the intangible heritage,
which worth further study.
A process of continuous investigation and permanent cataloging of the architectural and
cultural heritage is imperative necessary for the preservation and protection of human cultural
values in the ultra-dynamic context of the becoming of the modern society. Anchoring in the
patrimonial reality is increasingly forgotten in the virtual becoming of the present times.
In addition to the buildings already in the historical Monuments list in Romania [15], there
are still many buildings that deserve and must be highlighted, protected and saved from
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financial opportunism that are worth preserving for the authentic local spirit.
Although reinforced concrete is a relatively new building material in the history of
construction, it should be considered and placed on the same plane of importance as masonry,
stone or wood. Reinforced concrete constructions have their beauty and their historical
importance and must be clarified and protected to the same extent.
Acknowledgements. The study is part of the doctoral research developed at the Politehnica
University of Timisoara under the guidance of Prof. PhD. Eng. Habil. Marius Mosoarca, to
whom I thank for his help and guidance.
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Abstract. In the early 20th century, rapid industrial growth around the world enabled the
development of many advanced mechanical structures. Some of these structures were
successfully used to improve agricultural efficiency or increase people’s comfort. Such
a situation was observed in 1910 in the western part of Poland, which at the time was
partitioned by Habsburg Austria, the Kingdom of Prussia, and the Russian Empire . In the
city of Poznan, a Polish landlord built an advanced structure to automate his farming, using
freely available wind energy. At first glance, it was a classic windmill, with a multi-blade
wind turbine fixed to the top of a cylindrical masonry tower. However, some additional
elements demonstrate the uniqueness of such a structure at the time. One hundred years
later, the structure is located at the centre of a rapidly growing area of the city. For that
reason, restoration of the tower is complex and requires the reconstruction of damaged or
missing elements while observing new safety regulations. In this work, the author presents
the basic assumptions necessary for the future renovation process.
1

INTRODUCTION

Since ancient times, many unique engineering structures have been created to support
human civilisations. Most of these structures supported basic existential needs, such as the
extraction, supply and storage of water. These important needs were directly connected to food
production. From the heritage aqueducts in ancient Rome to the thousand-year-old Nashtifan
windmills of ancient Persia, the use of natural forces, such as gravity or wind power, has
helped the human race to survive.
Innovative engineering ideas have also emerged in more recent centuries, including
the industrialisation of the 18th century, which produced steam power, and later, wind
power. As a result of such developments, there are many wind turbines around the world
which, e.g., deliver water to farms in Texas or mill grain in Europe.
This study deals with one such engineering structure that was successfully used to
improve agricultural efficiency and raise the quality of life of the Polish family living in the
Polish city of Poznan in the early 20th century (see Fig. 1). The history of this structure is as
exciting as its engineering, which will be described in a later section. Poland was in a unique
position at the
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end of the 18th century, wedged between three powerful empires that were supported by
different local interest groups; ultimately, this resulted in the partitioning of the country. A
hundred years later, Poland was still partitioned, and Poznan was under the control of the
Kinngdom of Prussia. However, Poznan’s residents were able to retain some parts of their
original culture. In 1908, the first local industrial exhibition was approved [1].

Figure 1: Wind turbine building: structure founder (middle) with family members [1920]

The exhibition included a presentation of Poznan’s industrial achievements, including the
engineering machines, tools and everyday items produced by Polish companies in the region
and abroad, including Great Britain. Due to this exhibition, the local Polish community was
optimistic and hopeful of becoming more competitive with other countries. Some important
structures were built by locals immediately after this exhibition. One of them was the structure
which is the focus of this paper. In 1910, in the area which is now the city centre, a Polish
landlord built an advanced structure to automate his farming. Based on evidence from his family
members and letters written at the time, he was inspired by the unique ideas on display at the
Industrial Poznan Exhibition 1908 (original translation from Polish) and the concept of freely
available power (i.e., wind energy).
At first glance, the structure was a classic windmill with a multi-blade wind turbine fixed to
the top of a cylindrical masonry tower. Some additional elements illustrate the uniqueness of
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such a structure at the time. First, water was extracted from three independent inactive water
points, located tens of meters away from the windmill. Second, the water was pumped to the
steel reservoir located at the top of the structure, right beneath the wind turbine. Next, this
efficient water source continuously supplied dozens of independent points located in the
owner's fields and house, using only gravity. Finally, the most extraordinary use of this structure
was the supply of electricity to the landlord's entire property.
One hundred years later, this heritage building is located in the centre of a rapidly growing
area of Poznan. For this reason, restoration of the windmill is complex and requires the
reconstruction of damaged or missing elements while observing new safety regulations. All
these works must be performed without any of the original documentation and based only on
photos from the beginning of the previous century.
In this work, the author present the basic assumptions which should underlie the future
renovation process. Moreover, will propose a conceptual approach to designing elements which
have disappeared due to age or damage, based on old photos and a 3D laser-scanning technique.
One of the primary difficulties of the project is the existing masonry tower. The working wind
turbine, together with a full water reservoir, may create a complex loading state for the mortar
composite with which the original tower was constructed; therefore, author has designed a new
support system for the turbine and the water tank. The design process was performed partially
using numerical methods and employed the fluid-structure interaction methodology to predict
displacement and stress outcomes. This methodology was applied to both the existing masonry
and the newly developed support system.
2 WIND TURBINE BUILDING
2.1 Description
The paper will now turn to the engineering objective of this research, which is to reconstruct
the wind turbine and modernise the supply system used to manage water in the structure. The
general geometry of the structure is presented in Figure 2. The primary idea of the current owner
was to upgrade the existing water supply system by developing a new system in which the water
source would not be dependent on actual ground water conditions. This means that the water
would be stored in the previously constructed reservoir.
According to the original builder, there were ten crucial elements for the proper functioning
of this device (see Figure 2): 1- the system that extracted water from the three independent
water points located outside the structure, 2 - the water pumping system powered by the vertical
movement of the steel rod, 3 - the masonry supporting the tower, which was responsible for
absorbing the forces of 15 tons of water, the wind turbine and all other dynamic forces caused
by the wind, 4 - the steel reservoir supported directly by the tower, 5 - the steel frame supporting
the turbine, 6 - the steel turbine with eighteen blades, 7 - the direction and safety wings, 8 - the
gearbox responsible for the safety system and for transferring the rotational movement of the
turbine to the vertical movement of the steel bar, 9 - the water overload valve, 10 - the water
distribution system, with more than 2,000 m of piping located up to 300 m from the structure,
and 11 - the conservation entrance to control the structure.
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Figure 2: Wind turbine building: tower scheme [2019]

2.2 Measurements
During the collection of existing documentation on the original history of this structure the
author discovered some interesting facts. One is that the steel frame and masonry were damaged
by bullets during World War II. Despite these signs of damage, the structure is stable. This is
because of the massive masonry wall, which is 0.4 m thick and fixed by three levels of
horizontal beams. This kind of irregularity in the structure’s geometry shape was easily captured
using 3D laser-scanning techniques. Surphaser HXS tool was used to capture millions of points
from the structure. A partial view of the laser scan is presented in Figure 3.

Figure 3: Wind turbine building: pre-processing 3D laser scan [2020]
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A detailed analysis of the thickness and regularity of the shape of the mortar joints allowed
me to confirm all locations in which the masonry had been rebuilt. The red line in Figure 3
shows the edge on the external side, which was covered by the brick units after it was damaged
during the war. An additional effect in Figure 3 illustrates the geometry of the steel elements,
based only on 3D modelling. The orange line shows areas with the original plaster design,
which is more than 100 years old.
The next step was the collection of data to identify the geometry of the wind turbine. The
pictures provided by the family members of the original builder allowed me to confirm the
geometric dimensions of the primary elements of the turbine, including the blades and gearbox.
This data was transferred to the 3D model to assess the stress-displacement outcomes for
different loading scenarios.
3

RESTORATION PROPOSAL

3.1 Concept
Due to the rapidly growing area around the wind turbine, the need for the reconstruction is
accepted by the current owner and city administration. The primary goal for the renovation
includes the reconstruction of all elements to enable them to be viewed by visitors interested in
such an engineering structure. The most important parts of the structure which would be
incorporated into the original wind turbine concept are:


The water supply system, including the extraction pipes, water pump, reservoir and water
delivery system
It is impossible to rebuild the original water supply system which was located beneath
the ground because the area is surrounded by newly constructed buildings. Nevertheless,
the reconstruction design concept presents detailed data on the proposed solution,
including a retrofitted pump and water supply information presented in multimedia
format.



The masonry structures, including the foundation and cylindrical tower
This structural element is crucial because it is located in the centre of the proposed
walking path. Thus, people will be able to walk very near the structure. The simple
cylindrical form includes thick walls. However, the existing mortar is damaged by age,
and the structure is unstable. For that reason, the author considers that the best solution
is the construction of a new supporting structure inside the masonry tower. This precast
steel spatial frame should be fixed to the new foundation. Moreover, the engineering
design must include a dynamic-force loading scenario caused by the rotating wind
turbine and a full water reservoir.



The blade turbine, including the supporting bar frame, turbine wheel, gearbox and
control and safety mechanisms
Multi-blade turbines are commonly used around the world. However, the geometry of
this windmill is different from that of other turbines identified in the literature [2,3,4].
Rebuilding the wings and other elements connected with the capture of wind power is
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relatively simple and is based on other wind turbines with similar dimensions. However,
the gearbox system, including a safety mechanism for use in high wind conditions, must
be designed from scratch.
3.2 Numerical support
Numerical techniques can credibly be used for structures for which default approaches and
standardisation are impossible, such as heritage structures, which typically involve irregular
geometry, ageing material and structural damage. Renovation processes have been supported
using numerical knowledge since the first finite element codes. In this research, Abaqus code
was used to assess the primary stress-displacement state under original and present-day loading
scenarios. The numerical solution related to the renovation concept presented in the previous
section can be separated into several independent problems. The first relates to the steel turbine
and includes the dynamic response of the supporting frame structure and mechanisms inside
the gearbox. The second relates to the performance of the masonry tower under static as well
as dynamic loading caused by the rotating turbine wheel and wind fluctuations.
The stress-strain relation under consideration is based on the actual unit-mortar specimens.
Moreover, concrete damage plasticity (CDP) behaviour has been applied numerically to
estimate the potential for extraordinary cracking of the masonry under critical wind loading.
The numerical design of the multi-blade wheel is another challenge. The static stressdisplacement currently observed is the result of more than 1000 Pa of static wind pressure and
neglect for the rotation of the wheel. Partial results are presented in Figure 4.

b)

a)

c)

d)

Figure 4: Numerical results of the static wind pressure modelling: a) CAD model of the wind turbine wheel,
supporting bar frame and reservoir, b) displacement results for the static wind loading under a random angle of
action, c) supporting frame displacement under maximum wind force transferred from the turbine wheel, and d)
masonry tower displacement map during CDP material calibration process [5]
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4 CONCLUSION
This paper deals with a heritage engineering structure which is currently being restored. One
of the crucial steps in the restoration process has been the collection and renewal of missing
documentation. The design has been solely based on an examination of existing structural
elements, many of which are missing due to the structure’s more than 100-year history, and a
careful review of photographs supplied by family members of the original builder.
In this study, the initial data were collected, and numerical results were obtained to support
the future directions of the renovation and enable the restoration of the structure to its full
functionality as it was at the beginning of the previous century. The preliminary numerical static
solutions have allowed me to predict the structure’s likely behaviour in various scenarios and
confirm the utility of the proposed renovation solutions, including, for example, a prefabricated
steel frame that will lessen the load on the existing masonry walls.
Acknowledgements. The author would like to thank all family members of the structure’s
original owner for supporting this research by providing authenticated pictures and original
family documents. The author would also like to thank the Poznan Historical Preservation
Office for providing access to official heritage resources.
Furthermore, the author would like to ask anyone with data supporting the viability of the
similar wind turbine building restoration (e.g., pictures or designs of similar structures around
the world) to contact.
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Abstract. The paper presents a historical outline of structural solutions of reinforced concrete
floors from the turn of the 19th and 20th centuries to the half of the 20th century in the Lower
Silesia region of Poland. It is based on the analysis of archival documentation and expert
research carried out during the design of the revitalization of historic public and industrial
buildings. The structural typology of some simple RC floors slabs used in that time of
introduction of concrete into construction life as well as constructional solutions of buildings
erected in western Poland in those days are presented. Nowadays, while some of these
buildings undergo refurbishment process to adapt them to new functional aims these RC
floors have to be strengthened using different methods, depending on the assessment results.
In some of the presented design study cases assessed technical state and load bearing
capacity of floors ensure the possibility of their further use without the need for significant
reinforcements, except for the need for surface material repairs. However, in some cases due
to concrete deterioration processes and loss of its durability, despite necessity of material
renovation, structural strengthening methods needed to be applied. For example, increasing
the load bearing capacity of floors by making additional concrete layers cooperating with the
existing reinforced concrete slab or by changing the static scheme by making new supports up
to the complete replacement of floors (not only concrete ones) with modern, concrete rib-andbeam or composite ones were considered.
1

INTRODUCTION

In many cities of the southwestern part of Poland (which geographically and historically is
named Lower Silesia) there are still buildings, used for various purposes - from residential,
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public and industrial, which were built in the late nineteenth or early twentieth century. Due to
their former function some of those buildings required large functional areas and therefore the
need to construct floor slabs having significant spans as well as sufficient bearing capacity.
The best choice was then using reinforced concrete structural elements, despite the fact that
that were years when concrete had its beginnings in construction.
In the recent years, in connection with the various activities carried out to adapt these
facilities to new utility functions, building engineers often meet and get to know interesting
structural solutions from that time, many of them made using reinforced concrete. In the
course of assessment works, aimed at diagnosing the technical state of these historic
structures, including their safety and the development of appropriate rehabilitation projects,
there are discovered different concrete elements as, for example, different types of monolithic
floor slabs in industrial or public service buildings or even complete skeletal structures of
workshops or department malls. Combining construction history analysis with current
diagnostic methods can give not only an understanding of the past design solutions and
development of structural design and construction ideas, but also is essential for the adequate
design of repair interventions. However, what is obvious, with the time pace and aging
process, these historic concrete structures at least lost partially their former material properties
and bearing capacity.
The paper presents a historical outline of structural solutions of reinforced concrete floors
from the beginning of the 20th century (also mentioning some later design solution), based on
the analysis of archival documentation and research carried out during the rehabilitation
processes of historic public and industrial buildings. The structural typology of selected
historic German reinforced concrete floor slabs and some typical constructional solutions used
in the first half of the 20th century in buildings erected in western Poland are discussed.
Nowadays, while some of these buildings undergo refurbishment processes to accommodate
them to new functional goals some of these slabs have to be strengthened using classic or
modern methods. Procedures of technical state assessment of old RC structures as well as
selection of some applied strengthening methods are described in the paper.
2 STRUCTURAL DESCRIPTION OF HISTORIC RC FLOOR SLABS
2.1 Typical historic RC floors
A description of typical solutions of reinforced concrete floor slabs that can be found in
buildings constructed at the turn of 19th and 20th centuries, also in the region of the Lower
Silesia, are presented, for example, in [1,2,3]. Below, based on the aforementioned literature
as well as on the conducted own expert studies and structural assessments [4,5,6,7,8,9],
several selected, most commonly used and met in Poland, reinforced concrete floors are
briefly presented.
Four types of many Monier floor slabs solutions are presented in Fig. 1. They were mainly
in use at the turn of the 19th and 20th century. Their typical spans were between 1.00 and 2.50
m (in 1909 even to 6.0 m), a slab thicknesses was only 3 to 10 cm, and the reinforcement was
made of smooth round bars with a diameter of 6 mm, laid every 10 cm. In the first versions
the reinforcement was placed in the compression and tension zone.
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When executing a continuous slab across several fields, the reinforcement was bent at the
moment zero points and carried out above the supports. Those slabs were mainly based on
double-T beams (at upper or lower flange), but also on masonry walls.

Figure 1: Examples of Monier floors (Monier decke) [1]

Another example of ingenious ideas was concrete floor with pre-tensioned reinforcement
(Fig. 2). In order to achieve a higher bearing capacity of such floor and an effect of structural
continuity, the iron inserts were preloaded. The round bars were pulled tight around the upper
flanges of the beams or around anchor flat bars mounted in the masonry, and laterally shifted
until a prestressing was reached. That floor slab was considered as a single-span one.

Figure 2: Tensioned concrete floor (Spanneisendecke) [1]

In 1897 the Koenen floor (Fig. 3) was built as the first version of a slab with cove-shaped
supports running through several steel girders. Due to the formation of haunches at the
support area, a bigger lever arm of the internal forces was achieved above the supports. The
shear stresses, increasing towards the slab edge, are absorbed by the haunches. The
reinforcement routes follow the moment curve and bars are bent up by the support at the
moment zero points.
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Figure 3: Koenen plate floor (Koenensche Voutenplatte) [1]

Figure 4: Cross-section of a public service building with Koenen plate floors (1899)

Figure 5: General view and rebar exposure of Koenen plate floor in a public service building
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The reinforcement was anchored at the top of the slab in various ways: hooks at the upper
flanges of the girders or a flat steel that was held by steel anchors mounted in masonry walls.
By coupling the reinforcement with the wall clasp it was possible to achieve a high degree of
clamping for the peripheral area using the wall dead load. Spans of up to 8.0 m were achieved
for that floor. That type of floor can be often met in the 19th/20th century public service
buildings in the Lower Silesia region (Figs 4 & 5).
The Wolles console floor (Fig. 6) is similar to the Koenen one, but there is no continuous
layout of the reinforcement over supports. It is divided into bottom one in a span and upper
one over supports. The characteristic element is that the upper bars were extended
approximately 100 mm beyond the zero moment point.

Figure 6: Wolles floor (Wollesche Konsoldecke) [1]

2.2 Examples of monolithic RC floors in historic industrial buildings
Below there are presented some examples of classic fully monolithic RC floors (being
parts of 3D frame structures) that are still working without strengthening necessity in different
public service and industrial buildings from the first half of the 20th century in the Lower
Silesia region of Poland.

Figure 7: Archival drawing and general view of the RC rib floor in a market hall (1909)

First of them is one of the prominent monuments of RC historic structures – the market
hall from 1908 (Fig. 7). The original design of the market hall building was made in the years
1901-1903 and consisted of the reinforced concrete foundation and the steel structure in the
part above the ground level. However, the whole structure finally was made of concrete after
performing an analysis of a variety design solutions of different market hall buildings existing
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at the time as well as due to the properties of concrete material such as: durability, fire
resistance and no need of intensive maintenance [6,7]. From the constructional point of view
we are dealing in this building with two construction materials: concrete/reinforced concrete
of foundation slabs, basement walls, floors, and arched supporting structure, and the brick
masonry exterior walls. Generally, the building remains in use in a perfect technical state.
The second object is a heritage industrial building of bakery flower warehouse built about
1913 (Fig. 8). The edifice has 8 floors above the ground, but has no basement. Although the
external walls of the building are made of brick masonry, the main bearing structure is made
of reinforced concrete: pillars, rib-slab floors, and roof frames on two attic floors. The
assessment was made with an aim to determine the possibility of reconstruction and
adaptation of the warehouse building to new utility purposes, and in turn, to extend its service
life. Currently, the building is under refurbishment process.

Figure 8: Archival drawing and general view of the RC rib floor in a bakery plant (1913)

The next two buildings (Figs 9 & 10) are not so spectacular examples of the historic RC
structures, but present the simplicity, clarity and usefulness of the use of this material in
shaping the space of industrial buildings regardless the passage of time and the development
of design methods and properties of the materials used.

Figure 9: General view of the RC rib floor of a workshop and rebar exposure (1940)
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Figure 10: View of warehouse after partial demolition and the rib floor structure in a ground floor (1950)

In both cases the assessments of technical condition of buildings (including fire resistance
demands) were conducted due to designed change of their future utility functions. Based on
the non-destructive techniques (rebound hammer and pull-out methods) used and study of
historical literature it was assumed that the concrete in the structure corresponded with
concrete classes of C12/C15. According to the literature data and taking into account the age
of the construction, it was determined that post-German so-called "commercial steel" with the
design strength 150 MPa was used for reinforcement. Basing on the static and strength
calculations it was determined that the carrying capacity of the floors in the considered
buildings was sufficient to carry on new loads without necessity to strengthen their structure.
The only necessary repair would be connected with improving the floors’ fire resistance by
creating a new spray on their lower surface which would increase the thickness of the
concrete cover of the bars, by the use of nano-concrete plaster, for example.
3

STRUCTRAL STRENGTHENING OF HISTORIC RC FLOOR – A CASE STUDY

3.1 Former public service building converted into an apartment house
The analyzed building was erected about 1909. Before the 2nd world war the building was
the seat of the Central Customs Office, after the war it served as militia barracks. The building
has 4 floors above ground (ground floor and three floors), an unused attic and is partly
a basement (Fig. 11.a). The structural system of the building is two-bay one, with corridors
located along the inner courtyard. The building's structure is traditional: the foundations are
brick masonry ones; the load-bearing walls are made of brick; the floors are in the form of
reinforced concrete slabs, locally are made with use of the prefabricated reinforced concrete
panels. The roof truss is wooden, covered with ceramic tiles. Above the ground floor slabs
were found in the form of cross-reinforced concrete slabs in rooms and unidirectional
reinforced slabs in corridors. The structural thickness of the floors varied from 10÷12 cm in
corridors to 16÷20 cm in rooms.
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a)

b)

Figure 11: a) Archival drawing of building cross-section; b) typical cracks in floor slabs

Numerous cracks were found in slabs over the corridors, especially at the ground and first
floors. Those damages were caused by corrosion of reinforcement, poor concrete adhesion to
band-iron and its torsion during concreting. In almost all the RC floors diagonal scratches of
the panels were found in the slab corners (Fig. 11.b). These are typical cracks for thin
reinforced concrete slabs, without upper reinforcement near supports. Such reinforcement was
not found in the exposures and during rebar scanning tests.
A number of rebar samples were taken out from floors projected to be demolished to
determine in steel strength machine the quality of reinforcing steel used [1,10]. The test
results let to assume the calculation yield stress for steel rebar as fyd = 250 MPa.
Based on the concrete strength tests and literature analysis [1,11,12] it was assumed, due to
the large variation in results, that the used concrete corresponded to the current class C12/C15
with a design strength of 8.0 MPa. Even assuming higher value of concrete strength, as 10.0
MPa, the slabs had not enough capacity for new loads. As the slabs were very thin it was
impossible to state concrete strength using cores extracted from them.

b)

a)

Figure 12: Slab strengthening ideas: a) shotcrete at bottom surface; b) additional concrete layer at upper surface
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c)

d)

Figure 12: Considered methods of floor slab strengthening: c) additional T-shape beam; d) additional inverted
T-shape girder

The tensile pull-off examination of concrete surface of floors adhesion showed that it did
not have enough strength to use FRP materials for strengthening and the surface repair would
be too expansive.
The static and strength calculations carried out, preceded by the above mentioned material
tests, showed that the reinforced concrete slabs above all the storeys did not have sufficient
capacity associated with the residential, hotel or office function. This let to make a decision of
strengthening all the floor slabs. Some techniques (Figs 12.a÷d) were considered, but finally
construction of additional supporting inverted T-beams were applied (Figs 13.a,b).

a)

b)

Figure 13: a) Floor slab with cuttings; b) floor with additional inverted T-shape RC girder supports

4

MODERN CONCRETE FLOORS IN HISTORIC BUILDINGS – A CASE STUDY

4.1 Former city palace converted into a public service building
According to the preserved archival documentation the revitalizing object, in its current
architectural and structural form, was designed and built in 1898 as a city palace of the family
of the Ballestrem counts. Buildings that had existed in this place before were completely
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destroyed as a result of the explosion of the gunpowder tower in 1749, and new buildings
were erected in their place. During its existence, the building was rebuilt and extended, as
evidenced by the preserved historical documentation. The palace is a three-floor building with
basement and attic (Fig. 15.a). The object has a central symmetry axis, a straight front
elevation and a fragmented rear elevation (Fig. 15.b). The building's structure is traditional,
i.e. foundations and load-bearing walls are made of solid brick, floors – vaults above
basements, Klein type and wooden on the other floors, and the roof truss structure – wooden.

a)

b)

Figure 15: a) Archival plan of old palace building; b) the palace after rehabilitation

According to the assumptions of the revitalization project, the building was to serve as
a hotel, with a restaurant in a basement. In relation to these assumptions and the resulting
design and functional requirements, a detailed assessment of the technical condition of the
object, as well as conservatory opinion (including stratigraphic ones) was developed by
specialists. The results of this assessment provided the basis for developing a construction
design for the reconstruction and adaptation of the palace building to new utility functions.
However, during the construction works, after full exposure or demolition of subsequent
fragments of the structure, it was necessary to modify the adopted design solutions or
introduce additional reinforcements. The designed new building function also enforces the
introduction of correspondingly higher functional loads. All these factors had a major impact
on the need to strengthen virtually all the foundations by using jet-grouting. All inter-floor
floors, except for those located in rooms such as bathrooms or kitchens, were made as wooden
ones. The layout of the floors was mixed, often even the neighboring rooms had a different
course of bearing beams. Finally, all old wooden floors had to be replaced with new ones.
Originally, ceilings were considered to be made as traditional RC panel slabs on steel
beams or modern rib-and-slab floor (RECTOR type) (Fig. 16). RECTOLIGHT floors are
beam-honeycombed, prefabricated dense ribbed slabs. These floors consist of prestressed
concrete beams and ceiling fillings made of pressed wood. The system is supplemented with:
supporting reinforcements, welded steel mesh and monolithic concrete made on site. The
biggest advantage of this system floor is its lightness and easy installation, which are of great
importance when performing works in historic buildings located in the city center.
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Figure 16: View of the RECTOLIGHT concrete floor

However, in the final solution, due to economic reasons, new inter-story floors were
designed in the form of composite reinforced concrete slabs, made on lost formwork made of
trapezoidal steel sheets, based on steel I-beams (Fig. 17).

Figure 17: View of the composite floor

5

FINAL REMARKS

Recently, many historic buildings in Poland undergo refurbishment process to adapt them
to new functional aims and new loads. In case of public or industrial buildings from the end of
the 19th and beginning of the 20th century there can be found ones in which concrete was used
for the first time as structural material, especially for floor slabs. In most of the cases, due to
concrete deterioration processes and loss of its durability, despite necessity of material
renovation, strengthening methods are necessary to be applied. One of the main elements of
proper definition of reinforcement method to be applied is historical analysis of design and
construction of such structural elements, according to the archival and contemporary literature
(what was presented in this paper), and the other indispensable action is careful assessment of
their real construction and technical condition [13]. As the final resulted of such analyses
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some examples of different techniques of strengthening of old reinforced concrete floor slabs
in historical buildings were presented in this paper. Also, examples of application of modern
concrete slabs in place of deteriorated floors (not only the RC ones) were briefly described.
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Abstract. Ottawa’s landmark Union Station was constructed between 1902 and 1912 to
house Ottawa’s central railway station. Located in the Ottawa downtown core, it’s situated
a short distance from Parliament Hill and across the street from the iconic Fairmont Chateau
Laurier Hotel. In the early 1960s, the train tracks and train sheds were removed and
replaced with Colonel By Drive parkway. The building sat vacant for quite some time, until it
was revived when it underwent renovations in the early 1970s. A south addition was added
with a unique geodetic canopy structure. The former Union Station had officially been
adapted into the Government Conference Centre, which it remained until this rehabilitation
project 2014-2018, which transformed the building into the temporary house of the Senate of
Canada. The building was not accessible to the public when it was a Conference Centre,
however since 2018 the building is again open to the public for the first time in 55 years.
The client’s objective for this rehabilitation was to increase useable floor space. A
seismic upgrade of the existing heritage building was also required, along with the design of a
new east addition.
Existing floor plates required upgrading based on new user
requirements. High heritage areas of the building had to be maintained in their original
integrity and worked into the design upgrade.
Creative solutions were demanded to bring this existing heritage masonry building up to
current seismic code, without the structure taking any more room within the floor spaces.
Maximizing space was absolutely critical. As well as, ensuring the new building materials
were compatible with the existing heritage building materials. Innovation was found in the
balance between a minimal intervention approach and upgrading for current code
requirements.
1

INTRODUCTION

The building was constructed with five distinct Blocks, originally there were only four
blocks. In the 1970 upgrades the South Addition was added to the end of the building.

156

L. Nicol

Figure 1: First floor plan (pre-2014)

The Main Entrance Block has always housed offices and washrooms, it is a five-storey
structure.
The General Waiting Room is a four-storey structure and was originally where the public
would wait for their trains and say their hellos/goodbyes to people coming or going. This area
was a conference room and event space when the building was a Government Conference
Centre.
The Ticketing Block is a three-storey structure and it was the block where one could
purchase train tickets. As a Conference Centre the block was used as back of house rooms and
mechanical/electrical rooms.
The Concourse was the block where the public met their trains, it is a two-storey structure.
As a Conference Centre this area was used as event space and had a kitchen area as well as a
mechanical mezzanine cutting the height of the area in two.
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Figure 2: Section through building – New Layout (post-2014)

The building has very distinct blocks structurally as well, as shown from the section through
the building. The first few storeys of the building are tied together but above the 2nd floor level
the blocks are essentially independent from each other.
Solving the seismic and structural issues around the building would prove challenging
because there were so many different scenarios. However, the building on whole has an
abundance of multi-wythe masonry walls, and the base structure of the building was generally
in good condition. There were also fully detailed original structural drawings for the building,
which helped a great deal in anticipating what was found once finishes were removed.
2 PROJECT INITIATION AND CONTEXT
The driving reason for this rehabilitation project was that the Senate of Canada was looking
for a temporary home while their original home, East Block on Parliament Hill in Ottawa, was
undergoing its own renovations.
Secondary reasons for the rehabilitation were that incongruent upgrades were done in the
1970s, along with piecemeal additions. The bottom line was that the space was not effectively
used and access between the building blocks was non-existent except at the ground floor level.
2.1 Is a seismic upgrade necessary?
When considering whether a seismic upgrade was necessary, a quick review of the proposed
functional program for the Senate made it clear that there were major changes to the occupancy
in some areas of the building. This brings the structural capacity into question, as the new
loading would be higher/different than the historic floor loading would have been.
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There was a new addition proposed, which added more weight to the building as well as
more floor square footage, which would trigger a seismic upgrade of the existing structure
unless the new structure was designed as a separate building.
The tipping point was that, seismic upgrade or not, the building would be under construction
for several years, so there was a huge opportunity to bring the whole building up to current
codes and standards.
2.2 Structural mandate
Through initial schematic designs with the Consultant team, the following became the major
structural changes to the building:
• Seismic upgrade to a minimum of 60% National Building Code Canada (NBCC)
loads. The project was able to upgrade to 75% of the NBCC.
• New 5 storey addition along east side of building.
• New first floor level structure with General Waiting Room (GWR) Block, at both the
east and west ends of the block. These structures had to be completely independent
from the existing building, to ensure the solution was completely reversible, within
this high heritage space.
• New first floor level structure within the Concourse Block.
• New full basement within part of the GWR and full basement within entire Ticketing
Block.
• New Ticketing Block structure. The existing structure was gutted, existing heritage
masonry walls were shored, and new 3 storey structural infill was constructed.
3

EXISTING BUILDING STRUCTURES

Main Entrance Block (MEB) and Ticketing Block (TB): Structural steel roof/floor beams,
supporting concrete slabs. Columns or multi-wythe brick masonry walls support these steel
beams.
General Waiting Room (GWR): Structural steel roof trusses span the full width of this block.
The trusses bear on structural steel columns that are embedded into huge multi-wythe brick
piers along the north and south walls.
Concourse Block: Structural steel roof trusses span the full width of this block. The trusses
bear on structural steel columns that are embedded into the multi-wythe brick wall along the
north wall of this block. Along the south wall, the trusses bear on a huge structural steel truss
that spans the full length of the block.
South Addition: Structural steel skeleton, with conventional lateral resisting system. It is
presumed that the unreinforced concrete block masonry, along with the pre-cast panel façade,
acted as the lateral resisting system.

159

L. Nicol

3.2 Condition of existing structure
The condition of the structural steel within the building was excellent, apart from the
structural steel framing the ground floor of the Ticketing Block which was rusting to various
degrees. This framing was removed when the Ticketing Block structure was demolished.
The brick and stone masonry load bearing walls were generally in good condition. A
masonry restoration program was completed over the course of this project to ensure the
masonry was in the best condition possible, as all of the walls were used as shearwalls within
the new design.
4

HERITAGE CONSERVATION VS STRUCTURAL/SEISMIC UPGRADES

Heritage Rehabilitation projects are the most challenging and most innovative because there
is constant tension between two opposing objectives 1) creating a design that has minimal
impact on the existing structure and 2) meeting current seismic code requirements. The
structural designs for heritage buildings are endlessly being assessed based on the question – is
this the least intrusive solution?
This requires an understanding of how the existing materials perform and finding compatible
solutions to satisfy the two opposing objectives. When using the existing building materials to
the fullest extent of their capacities, the new reinforcing required in the building naturally
becomes a minimal intervention solution.
Becoming comfortable with heritage materials, and the way they perform, requires smart
testing for physical properties and assessment of the existing condition of the building.
5

SEISMIC STRATEGY

To gain the seismic upgrade required, the focus was on reinforcing existing building
elements, to minimize the space required for new structural elements as well as to minimize the
impact of the upgrade on the existing structure.
A few examples of these structural seismic solutions used to achieve the client’s main
objectives are discussed below.
Excavation/underpinning was undertaken within the basement of the Ticketing Block and
GWR, to increase usable floor space. This allowed the East Addition required to be much
smaller and therefore have a smaller impact to the heritage façade overall. This also served to
minimize the overall seismic forces acting on the existing building because extra floor space
was created below grade.
A seismic upgrade of the existing building was complete, integrating the existing stone and
brick masonry walls as lateral resisting elements. Using the masonry walls as shearwalls
instead of modelling them as simple gravity walls, allowed for cost effective space savings.
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This involved a full masonry restoration program to ensure the masonry walls were in good
condition structurally.
A hybrid model was created in ETABS. Existing masonry walls were input as shearwalls
with physical properties determined by on site testing. New concrete shearwalls were
introduced where new stairwells or elevator shafts were created for the functional program.
Concrete shearwalls were ideal for consistency of stiffness of materials. From the model, the
most effective locations for new shearwalls could be established, loading on the existing
masonry walls could be easily calculated and the existing capacities of existing floor structures
was also determined.

Figure 3: ETABS model of existing building

A lot of time was spent confirming that the model output was verifiable based on stresses on
the building materials noted during on site assessments. The model is only as good as the level
of accuracy is contains with the on-site existing conditions. For example, the existing building
on site review of the masonry showed stress cracking and fractures at the North West corner of
the MEB. When the model was reviewed, it also showed high levels of deflection and torsion
at this same corner.
The on-site assessments also showed that there was masonry cracking at the corners of both
the GWR Block and the Concourse Block, where the masonry walls had multi-storey unbraced
heights. When reviewing the model, these corners were all high stress areas, due to excessive
deflections and weak connections to the roof diaphragm.
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The model was responding the same way the existing building had over its lifetime. This is
a critical requirement of a model on any rehabilitation project, the importance of which cannot
be stressed enough. Once the model is in tune with the existing building’s behavior, the model
becomes an extremely useful tool for seismic upgrades that meet the intent of current codes
without over strengthening or stiffening the building. There is a definite point, where stronger
and stiffer solutions do not provide favourable results, as it changes the way the building has
generally performed over the course of its lifetime, producing an overall negative effect.
6

SEISMIC UPGRADES

6.1 Main Entrance Block (MEB)
Seismic upgrades that were complete within the MEB were as follows:
• New concrete shearwalls were introduced around existing and new stairwells. The
shearwalls introduced on the west side of the block were critical to minimizing the
torsional seismic effects that the original building had, as the North and west
elevations of this block had a lot of curtain walls above 2nd floor level, with
essentially no shear walls.
• All floor slabs were mechanically connected to masonry shear walls using Cintec
grouted anchors. These anchors are designed with a weak grout, which is more
compatible with masonry than most other anchors on the market.

Figure 4: MEB Seismic Upgrades
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6.2 General Waiting Room (GWR)
Within this space, new 1st floor level floor plates were constructed as stand alone structures.
These were constructed from structural steel with x-bracing and inset from the heritage
perimeter walls so that new structure could be completely removed from the building without
damage to the heritage finishes. Expansion joints surround the three sides of these new floor
plates.

Figure 5: GWR looking east from the new western 1st floor level

Within the attic space, steel x-bracing was introduced between the existing steel roof trusses,
just under the plane of the existing timber roof diaphragm. This increased the strength of the
roof, to decrease the torsional seismic effects the original building had which were causing the
masonry to fracture at the corners of the building. The roof diaphragm was anchored to the top
of these 4 storey walls, which also reduced deflection because the tops of these walls were no
long unbraced.
6.3 Ticketing Block
As the best solution to making the functional program work within the existing building
footprint, it was decided that the existing steel and concrete slab structure of the Ticketing Block
would be demolished, and the exterior stone masonry facades would be shored to keep them
intact. A new structure would then be built within the existing four perimeter masonry walls
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of this block. Structurally, this worked well, as new concrete shear walls could be positioned
around new stairwells within the corners of this block, which would lend lateral support to the
4 storey masonry walls of the GWR at the north end of this block as well as the 2 storey free
standing walls of the Concourse at the south end of this block.

Figure 6: looking down at Ticketing Block from NW corner

6.4 Concourse
This block is the location of the house of the Senate of Canada, which meant that in addition
to seismic concerns, a new 1st floor level was required to allow for a balcony seating area around
the perimeter of the chamber. This floor level was designed for the minimum number of
penetrations through the high heritage fabric of the perimeter walls.
Additional to this scope, the roof of the Concourse was reinforced with steel x-bracing, very
similar to the GWR roof noted in section 6.2
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Figure 7: Concourse looking west, from new 1st floor seating level

Figure 8: Perspective of new Concourse looking east
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6.5 South Addition
The seismic upgrade in this area of the building consisted of adding additional reinforcing
into the cells of the concrete block masonry perimeter walls and grouting the reinforced cells,
to strength critical areas. The existing concrete block masonry was originally unreinforced.
7

CONCLUSIONS

The conservation and rehabilitation of this building is a fantastic example of how much
character and history a heritage building can provide a city and country’s narrative. It is truly
a service to the downtown core to save these heritage buildings and repurpose them for current
needs. Sustainable design strategies were achieved throughout the project.
The repurposing of this existing heritage building adds to the richness of the streetscape and
history of the City of Ottawa. Now that the public can access the building again, the structure
is a part of the community in a way that it hadn’t been in 55years.
The story of this building continues to unfold for decades and centuries to come.

Figure 9: Exterior North East side of the Senate Building of Canada
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Abstract. Brooks Aqueduct in Alberta, Canada is one of the largest and most sophisticated
reinforced concrete aqueducts in the world. Now a national historic site, Brooks Aqueduct was
built in 1914. The structure suffers from cracking and degradation in certain locations. To find
out the possible main causes of potential overstress and damage in the different areas of the
structure, it was evaluated by site inspections, some laboratory tests and analyzed numerically
using Abaqus finite element software. Results of the numerical analysis are compared with the
inspection and testing results and conclusions are made about the causes of deterioration and
ways to conserve and repair the structure.
1

INTRODUCTION

Brooks Aqueduct is a 3.2 km long elevated flume built by the Canadian Pacific Railway
(CPR) near the city of Brooks in southeast Alberta, Canada. The aqueduct was constructed to
supply water to irrigate 50,000 hectares of land, and thus had a significant effect on the economy
of that region for a long time.
The concrete in the aqueduct was subject to significant damage and deterioration almost
from the beginning of operation. The damage was mostly because of the poor quality of the
concrete with respect to durability issues, poor design and a lack of proper workmanship, all
stemming from the paucity of knowledge about these issues at the time of construction.
To address the problems and issues of the aqueduct, and to maintain the structure in a safe
condition for the public to view, several assessments have been performed on the structure over
the last few years. We used the results of past field and laboratory tests (such as concrete cover
measurements, carbonation depths, corrosion potentials, areas of delamination, concrete and
rebar strength, air void analysis and petrographic analysis) to develop a 3-D finite element
model of the aqueduct using Abaqus software. Both the concrete and the steel reinforcement
are modelled with the software.
2 HISTORY AND SIGNIFICANCE
The aqueduct (Figure 1) had a noticeable role in the CPR's efforts to settle Western Canada
and played an important role in the growth of farming establishments in southeast Alberta. The
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aqueduct was commissioned in 1914 to transfer water at a volume of 25.5 cubic meters per
second over a valley 3.2 km wide and 20 m deep [1]. The Eastern Irrigation District operated
and maintained the aqueduct after 1935.
The flume is a shell (as seen in Figure 1) in the shape of a "hydrostatic catenary". This
geometric shape is supposed to place the flume under direct axial tension with no moment or
shear when the flume is filled to the design level.
The aqueduct was abandoned in 1979 after 65 years of service and was replaced with a larger
earthen canal built to the south of the aqueduct. Brooks Aqueduct is a nationally significant
civil engineering achievement because of its design, materials, and large size. The Canadian
Society for Civil Engineering named Brooks Aqueduct as a National Historic Civil Engineering
Site in 2000 [1][2]. An interpretative centre has been constructed and a part of the aqueduct has
been removed to improve access for the public. More than 3 km still remains with various
problems in terms of cracking and spalling of the concrete, and some sections of the flume
missing patches of concrete.

Figure 1 : A view of Brooks Aqueduct

3

CONSTRUCTION

Construction of the aqueduct (Figure 2) allowed the irrigation of a region of Southern
Alberta called “the Eastern Irrigation District”. It is a remarkable product of Canadian
engineering and one of the largest aqueducts of its kind in the world [1]. Brooks Aqueduct
would be considered a significant construction project even on today’s scales. Despite the flaws
that have been observed during its century of existence, the people who built this structure
deserve high respect for their innovation and work [1].
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Figure 2 : Superstructure forms for Brooks Aqueduct, July 18, 1914 [1]

4

EARLY REPAIRS AND PROBLEMS

The concrete in the aqueduct has been subject to significant damage and deterioration since
the early stages of operation (e.g.: Figure 3). The damage is mainly due to a lack of durability
from issues unknown at the time of construction. Some of the most critical issues are a high
water-cement ratio, lack of freeze-thaw resistance (air-entrainment), lack of proper cover over
the steel, lack of pre-stressing of the concrete in tension areas such as the flume, inconsistency
in the placement of rebars, alkali-silica reaction of the concrete in contact with the soil, lack of
rebars in the footings, and poor grading of the aggregates (by today’s standards) [3].

Figure 3 : Repair of footing – 1927 [3]
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To address the problems being faced in the conservation and repair of the aqueduct
adequately, the leading causes of damage and deterioration of the structure have to be identified.
Repair and conservation options then have to be investigated. The structure was under repair
pretty much constantly from the early days of operation, due to its design flaws [3]. Lots of
problems occurred near the expansion joints due to water leakage. Some of these repairs are
documented and branded with date stamps on-site, but unfortunately, complete registration of
repair works during the long period of its service life and subsequently does not exist. Table 1
shows a summary of different damage types, the severity of the damage, and the approximate
time of their first recorded repair.
Table 1 : Recorded damages and repairs of the aqueduct [3][4]

Damage Type
1

Pedestals

2
3

Construction / Cold
Joint
Honeycomb

4

Expansion Joints

5

7

Beams at expansion
joints
Spalling of Concrete
Surface
Column Cracking

8

Delamination

9

Column head

6

10 Exposed Embedded
Reinforcement
due to Construction
Deficiency
11 Scaling of the
concrete surface

Location
Base of frames

Severity of
damage
(qualitative)
High

First
recorded
repair
1921

Columns

High

unknown

Column Bases

High

1914

Flume every 80.’

Moderate

1915

Flume beams

Moderate

unknown

Transverse Beams
And Columns
Columns Near the
Column to Beam
Joints
Flume top surface

Moderate

unknown

Moderate

unknown

Moderate

1921

Column Head at
expansion joints
Beams

Low

unknown

Low

unknown

Flume top surface

Low

1921

5 PREVIOUS CONDITION ASSESSMENTS
To address the problems and issues of the aqueduct, and to maintain the structure in a safe
condition, several assessments have been performed on the structure. The first available
condition assessment was performed by a structural engineering company in 2006 and consists
only of visual evaluation [4]. Another set of field and laboratory tests were performed on the
Brooks Aqueduct in 2016, and a summary of the results of these tests is shown in Table 2 [5].
The results of these tests were used in the structural analysis of the aqueduct.
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Table 2 : Concrete and steel test results of Brooks Aqueduct [5]

Average Values

6

Flume

Bent

Concrete Cover (mm)

33

73

Carbonation Depth
(mm)
Delamination (% of
Area)
Rebar Yield Strength
(MPa)
Rebar Tensile
Strength (MPa)
Concrete Strength
(MPa)
Petrographic Analysis

28

62

34

14

N/A

293

N/A

446

N/A

16.4

N/A

Minor ASR

FINITE ELEMENT MODEL OF THE AQUEDUCT

A finite element model using Abaqus software [6] was made to assess the behaviour of the
structure under loading and environmental effects. Given the three-dimensional nature of the
concrete members, eight-node continuum elements (C3D8) were used to model the concrete.
Parameters used in the concrete damage plasticity model of Abaqus were taken from the
literature and are shown in Table 3 [7].
Table 3 : Parameters of concrete damage plasticity model [7]

Dilatation
Angle
36

Eccentricity

fbo/fco

K

0.1

1.16

0.667

Viscosity
parameter
0

Two-dimensional truss elements (T3D2) were used to model the steel reinforcing bars, as
these elements were proved to be efficient for modelling tensile forces and stresses. The truss
elements were coupled to the C3D8 concrete elements using the “embedded regions” function
of Abaqus. This function is commonly used to model reinforcement of concrete in Abaqus and
constrains the displacements of the nodes of the reinforcing bars (truss elements) to the
displacements of the neighbouring nodes of the concrete (solid elements) in which the bars are
embedded [6][8]. The steel reinforcement was modelled as elastic-perfectly plastic material,
with a yield stress of 240 MPa, to be conservative, according to the results of the tension tests
on actual bars and the availability of material at the time of construction of the aqueduct.
A section of the aqueduct between movement joints was analyzed under what was
considered normal loading conditions and a series of different effects to determine if any
environmental or time-dependent effect could cause some of the observed cracking.
7

RESULTS OF ANALYSIS UNDER NORMAL CONDITIONS

The finite element model of the aqueduct was analyzed under normal loading conditions
which consisted of the self-weight of the structure and the flume full of water (or snow). The
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maximum principal stresses in the concrete are shown in Figure 4. The maximum compressive
stress is 4.02 MPa, while the maximum tensile stress was found to be 0.58 MPa: both of these
stresses are well below the strength of the concrete. Principal stresses in the flume and column
caps are shown in Figure 4.
Axial stresses in the rebars are presented in Figure 5. The maximum rebar tensile stress is
140 MPa, and the maximum compressive rebar stress is 28 MPa which are also well below the
yield strength of the reinforcement.

Figure 4 : Maximum principal stresses in concrete under normal loading conditions

Figure 5 : Maximum principal stresses in rebars under normal loading conditions
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8

EFFECT OF A POSSIBLE SETTLEMENT OF ONE COLUMN

Differential settlement under one column can happen due to local poor soil conditions. This
kind of settlement would induce displacements and stresses, and possibly cause damage to the
structure. To evaluate the effect of such possible settlement on the structure, a 50 mm downward
displacement was applied to each of the five columns on one side of the flume in turn. Because
of the symmetry of the structure along the longitudinal centerline of the flume, the effect of the
settlement of the columns on the other side of the flume will be the same. Results of the analysis
due to the settlement at one column are shown in Figure 6 and Figure 7. The results show that
except for very local areas due to the concentration of stresses in very small elements, the
compressive and tensile stresses in the structure are well below levels that would cause damage
despite imposing such a big and unusual settlement.

Figure 6 : Maximum principal stresses in concrete due to the 50 mm settlement at one column

Figure 7 : Maximum principal stresses in rebars due to the 50 mm settlement at one column
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9

EFFECT OF TIME-DEPENDENT RELATIVE SETTLEMENT AT ONE SIDE

Creep in concrete is defined as an increase in strain in the concrete under sustained load. The
creep rate is higher at higher temperatures and is accelerated with rapid heating as well as fast
cooling. In the case of Brooks Aqueduct, the aqueduct has an east-west alignment, so the south
side is exposed to more sun than the north side and is therefore subject to higher temperatures
and less humidity than the north side. This is obvious from the extensive amount of lichen on
the north side where more moist conditions exist, and the lack of lichen on the south side of the
aqueduct (Figure 8). A possible effect of this situation is differential creep between the north
and south columns of the aqueduct. This case was studied by imposing a 25 mm relative
movement on the south side of the structure to represent the shortening of columns due to
differential creep. The results of this analysis are shown in Figure 9 and Figure 10.

Figure 8 : Lichen on a column and beams on the north side of the aqueduct (left) due to the existence of more
humidity and cooler temperatures compared the south side (right)

Figure 9 : Max. principal stresses in concrete due to settlement in all south columns
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Figure 10 : Max. principal stresses in rebars due to settlement in all south columns

10 OVERALL RESULTS OF ANALYSIS
A summary of the results of the finite element analyses of the structure under different
possible loading and environmental conditions are as follows:
1- The maximum stresses due to thermal loading are 15 MPa in compression and 1.1 MPa
in tension which occurs in small areas due to stress concentration.
2- The location of higher stresses are not where most of the damage and deterioration exist.
Based on the results of the analyses and comparing the results with the site inspections, it
can be concluded that the most probable cause of deterioration of the concrete near the
expansion joints is the infiltration of water through damaged joints and the consequence of the
accumulated water in these areas freezing/thawing or corrosion of steel (Figure 11).

Figure 11 : Deterioration of flume at expansion joints
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Corrosion of steel could have happened due to lack of adequate concrete cover, poor quality
of concrete and poor workmanship in proper placement of the rebars in the concrete according
to drawings and specifications. As shown in Figure 12, in some places, the reinforcing bars
were placed at the edge of the concrete formwork and thus had little or no cover which makes
them very vulnerable to corrosion and deterioration. Damage and deterioration of longitudinal
beams at expansion joints are also shown in Figure 13.

Figure 12 : Lack of proper cover for concrete

Figure 13 : Deterioration of longitudinal beams near expansion joints

11 SELECTION CRITERIA FOR REPAIR MATERIALS
One of the most common methods in the preservation of concrete structures is to use patch
repairs in the areas that concrete is damaged or lost due to spalling or degradation. In the past,
patch repairs were usually done based on the availability of material and the experience of the
contractor: little attention was paid to the compatibility of the patch material with the existing
materials in the structure. Unsuccessful repairs of the aqueduct in the past also highlight the
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importance of selecting the proper materials and methods of restoration.
Some research has been performed on the selection criteria for the repair material, and a
summary of patch repair selection criteria for structural compatibility is shown in Table 4.
Table 4 : General requirements for patch repair material [9]

Property
Compressive, tensile and
flexural strength
Modulus of elasticity
The coefficient of thermal
expansion
Adhesion in tension and shear
Curing and long term
shrinkage
Fatigue performance
Poisson’s ration
Creep

Repair mortar (R) vs existing
concrete (C)
R≥C
R≥C
R≈C
R≥C
R≥C
R≥C
Depends on the type of repair
Depends on the desirable or
undesirable effect of creep

12 CONCLUSIONS
Based on the results of numerical models, visual site assessments, historical reports and
laboratory tests, the most probable causes of damage and deterioration in Brooks Aqueduct are:
1- In inland areas such as Brooks, where the winters are long and cold, the main durability
issues with reinforced concrete are usually severe freeze-thaw damage of the concrete, concrete
carbonation and corrosion of the steel reinforcing bars. These issues were not considered in the
design of the aqueduct, because at that time, they were not known to be issues that needed to
be considered.
2- Poor quality of concrete which is a result of the lack of knowledge about the effect of
factors such as water-cement ratio, aggregate selection, curing, vibration, etc. on the quality and
performance of the concrete at the time of construction of the aqueduct.
3- Poor workmanship in the placing of reinforcing bars, maintaining proper cover, concrete
quality, etc. – again not known as issues that needed to be dealt with at the time of construction.
4- Lack of proper understanding of the behaviour of the concrete of the flume in tension
and detailing of the reinforcement in different areas (adequate splice length, cover, etc.)
5- Lack of appropriate design of expansion joints to prevent water infiltration.
Given the factors mentioned above, the need to prioritize and plan for proper repair and
restoration of the aqueduct is critical to prevent further damage. Because of the massive size of
the aqueduct and the different areas that need to be addressed, and because of limitations in
available conservation resources, it is essential that the structure be inspected and repaired
frequently and that resources are allocated based on the importance and priority of the problem.
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Abstract. The tipple building located within the Greenhill Mine complex (a Provincial historic
site) in southern Alberta, Canada is a reinforced concrete frame with a steel superstructure.
The structure has been analyzed to assess its current state and the extent and causes of
deterioration. The analysis is performed using data obtained from field and laboratory tests
and evaluations and by using SAP2000 structural analysis software. Possible ways for
conservation and restoration of the building for two different future uses are explored, and
recommendations are provided.
1

INTRODUCTION

The Greenhill mine primary rotary tipple structure is a part of the mining complex located
in the Crowsnest Pass area of southern Alberta, Canada and is the most important building at
the site. The structure consists of a 40-metre-long, 9-metres wide concrete frame supporting a
steel superstructure. This type of construction was quite innovative and was considered stateof-the-art at the time of its development in 1914 because of using new methods and materials
such as steel and reinforced concrete. Various types of damage and deterioration are visible on
the tipple structure. The causes and extent of these deteriorations are examined and possible
methods for repair and conservation of the structure are discussed.
2 HISTORY AND SIGNIFICANCE
Coal mining was the main part of the economy of the Crowsnest Pass area of southwest
Alberta during the first half of the 20th century. The historic Greenhill Mine Complex was one
of a series of active coal mining operations in the Crowsnest Pass area, being a significant part
of the industry. The complex is located north of Highway 3 next to the town of Blairmore. The
mine began service in 1914, operated by West Canadian Collieries. Like other mining
communities in the area, the mine suffered from rapid changes in coal prices during its time of
operation. With the introduction of diesel engines by the Canadian Pacific Railway Company
(CPR) in the early 1950s, the mining operations at Greenhill ceased in 1957, and the site was
abandoned [1]. An overall view of the tipple building is shown in Figure 1.
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In the 1980s, in recognition of the significance of coal mining to the surrounding
communities culturally and economically in the first half of the twentieth century, the Greenhill
Mine Complex was designated as a Registered Historical Resource. It is now under the care
and control of the Government of the Province of Alberta.

Figure 1: Overall view of Greenhill mine tipple structure and its roof trusses

3

CONSTRUCTION

The primary tipple building consists of a concrete moment frame supporting a steel
superstructure. The steel superstructure consists of Fink trusses at the roof (Figure 1) built from
double angle chords, single angle web members, and channel purlins.
The columns of the steel superstructure are built-up members of channels and angles. Single
angle braces located at two bays on each side of the building provide lateral load resistance in
the longitudinal direction. Some parts of the braces, as well as some steel elements of the roof
trusses, have been removed at some unrecorded time in the past (for example Figure 2). No
lateral load supporting system exists in the short direction of the superstructure and it is not
clear if any bracings existed originally in that direction, as there are no records of design,
construction, alterations or maintenance. As a result, only moment frame action of the steel
columns provides lateral resistance in the short direction. Thus, additional bracings have to be
provided in the short direction to ensure the stability of the superstructure. This issue is
discussed later.
The steel superstructure was built on a 200 mm-thick concrete slab, which is supported on
an exposed concrete frame with 300 mm square concrete columns and beams. The beams and
columns are each reinforced with at least four round rebars of 20 mm diameter. Bars of different
dimensions and sections were used with inadequate lap splicing (for example, see Figure 3).
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Figure 2: Roof truss with part of the bottom chord removed

Figure 3: A round bar overlapped with a square bar in a splice. Also note variation in aggregate size and shape

3.1. PREVIOUS CONDITION ASSESSMENTS
A visual condition assessment of the primary tipple was conducted in 2013 [1]. Based on the
results of structural evaluation of the tipple building structure, the following types of
deterioration and damage and their respective areas were detected and listed based on the
severity of damage from most to least important [1]:
1- Section loss and spalling due to freeze-thaw in concrete columns
2- Removed members in the steel superstructure
3- Section loss and spalling due to freeze-thaw in concrete beams
Some signs of damage and deteriorations are shown in Figure 4.
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Figure 4: Signs of deterioration on concrete members

3.2 CONCRETE TEST AND SAMPLING
To investigate the condition of the structure further, field sampling was performed (Figure
5). To avoid inclusion of steel reinforcement in the concrete samples as well as to identify the
location of rebars in the concrete for further analysis, a ground-penetrating radar scan device
called “structure scan” was used during the sampling process (Figure 6). “Structure scan” is
manufactured by GSSI (a member of the OYO group) and can find the location, depth, and size
of reinforcing bars as deep as 500 mm. The existence of large size aggregate particles in the
concrete caused some difficulties such as the failure of several cores during the sampling
process. Fourteen concrete cylinder cores were obtained. Six cores had a diameter of 95 mm
(3.75 inches), and eight had a diameter of 70 mm (2.75 inches). The core samples were cut wet
with diamond cutters. The sample holes were filled with a cementitious mortar.

Figure 5: Concrete sampling
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Figure 6: Ground-penetrating radar scan

3.3 CONCRETE PROPERTIES
In the absence of any construction documents and drawings, visual inspection of the concrete
material revealed some useful information about the properties of the material used in the
concrete. The aggregates used in the concrete include a very broad range of size and shape,
including some large aggregate particles more than 100 mm in the largest dimension (Figure 7
and Figure 3). One may surmise that the contractor used gravel obtained directly from the river
nearby as there appears to be no grading of the aggregate.
Three core samples were tested to obtain the compressive strength of the concrete.
Samples were prepared for the compressive testing by cutting the ends with a 20” masonry saw.
The ends were then glycapped (Figure 7), and the samples tested according to ASTM C-39.
The compressive strengths obtained from the three core samples were 12.1, 23.4 and 17.9
MPa, so the equivalent compressive strength of the concrete for the Greenhill mine structure
based on ACI standard 562-16 (Code requirements for assessment, repair, and rehabilitation of
existing concrete structures) was calculated to be 15 MPa [2]. This value was used as the initial
concrete compressive strength in the analysis and strengthening of the structure. The average
mass density of the concrete samples was 2323 kg/m^3.

Figure 7: Preparation of samples for compressive test. Note the large aggregates in the samples

3.4 REINFORCEMENT STEEL PROPERTIES
ACI 562-16 [2] suggests using default strengths for structural steel based on their
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construction time frames. Based on the time of construction of the tipple building (around 1914)
and in the absence of construction documents and data from tests, the minimum yield strength
of structural steel reinforcing bars is considered to be 227 MPa (33000 psi) [2].
4

STRUCTURAL MODEL OF THE BUILDING

Analytical models of the tipple structure were made in SAP2000 software version 19.0 for
two future use scenarios:
1- Adaptive re-use of the building as a restaurant
2- Utilizing the structure in the current loading condition with occasional visitors
The geometry of the model was obtained from existing recently created as-built drawings
and additional site measurements. The load cases and combinations were obtained from
“National Building Code of Canada (NBCC–2015)” [3]. Load cases are defined as follows:
D: Dead load (including self-weight of the structure + superimposed dead load)
L: Live Load (if structure to be developed into a restaurant)
S: Snow Load
W: Wind Load
For the case of adaptive reuse as a restaurant, a live load of 4.8 kPa and superimposed dead
load of 1 kPa in the main floor were considered based on NBCC 2015. The missing steel
members of roof truss were replaced, and steel bracings added in both directions of the building
to ensure the stability of the steel superstructure. Figure 8 shows the structure modelled.

Figure 8: The structural model of Greenhill building in SAP2000

4.1 STRUCTURAL EVALUATION BASED ON ADAPTIVE REUSE AS A
RESTAURANT (SCENARIO 1)
The main purpose was to evaluate the sufficiency of the existing structure if the building
were to be developed as a restaurant and to identify the potential areas that may require
strengthening. “Commentary L” of the NBCC [3] requires that in the evaluation of an existing
structure, when public life safety is involved, the structural integrity of the building be checked
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with respect to the ability of the structure to provide alternative load paths in the case of a local
failure, such as losing a column due to an accident, overloading, deterioration, etc. This criterion
was checked in the structural analysis of the building and effect of the most severe local failure
(losing a corner column) was added to the results of other load combinations. Examples of the
axial forces and bending moments due to some load combinations are shown in Figure 9.
The following conclusions can be drawn based on the results of the structural analysis:
1- Cross Beams: In general, the middle two-thirds of the concrete cross beams can resist
the applied loads in their original form although the existing transverse reinforcement of the
beams does not satisfy current minimum code requirements. More attention has to be paid to
the joints between the beams and the columns (item 3 below).
2- Columns: The columns are slender and in a sway frame. Based on the site inspections,
they do not satisfy minimum code requirements for transverse reinforcement (ties). They are
subject to a maximum combined axial load of 170 kN compressive load and 21 kN-m bending
moment. In some extreme cases, the column can be subjected to 120 kN tensile force (uplift)
combined with 23 kN-m bending moment.

Figure 9: Bending moment in members due to applied vertical loads (Max=10 kN-m)

3- Beam-column connections: the details of the reinforcement in the beam-column joint
areas are not clear, but based on visual site inspections, it is almost certain that the code
requirements for beam-column joints in a moment frame are not satisfied.
Because life safety is involved if the building is re-used as a restaurant, and to make sure
that the structure can resist the loads adequately, attention has to be paid to existing uncertainties
such as the quality of the concrete, the existence and size of steel rebars and stirrups, and the
adequacy of rebar splice lengths.
4.2 STRUCTURAL EVALUATION BASED ON CURRENT USE (SCENARIO 2)
In the case of keeping the current use of the structure, the occupancy of the building will not
change from its current state, and future loads will be similar to past loads and even less than
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the loads applied during operation of the building. In this case, public life safety is also not
involved, and because of the lower reliability level of the building, more relaxation in the load
combinations is allowed based on Commentary “L” of the NBCC [3]. In this case, the live load
on the main floor is reduced to 2 kPa, with no superimposed dead load. Also due to the existence
of large openings in the walls, the applied basic wind load is less than the loads in scenario 1.
Based on the results of structural analysis and the section properties of the concrete members,
and due to satisfactory past performance of the building under similar or higher loads for more
than 100 years, according to Commentary “L” of the NBCC [3], no further strengthening other
than repairing the deteriorated members to their original shape and protecting them from further
deterioration is required for this case. Thus, the damaged beams and columns should just be
repaired with compatible and durable material, and a coating applied to protect them from the
ingress of water and other damaging materials as well as freeze-thaw cycles. Accumulation of
water has to be avoided in the top of the beams, the bottoms of columns, footings and other
susceptible areas by providing proper slopes and drainage systems.
5

SELECTION OF REPAIR AND STRENGTHENING METHODS

For Scenario 1, strengthening is required. Several repair and strengthening techniques have
been used to strengthen concrete moment frame structures. Some of the “traditional” techniques
are steel or concrete jacketing, prestressing and the use of external steel plates. Most of the
“traditional” techniques are highly intrusive, expensive and involve heavy equipment. High
strength composite materials such as Fibre Reinforced Polymers (FRP) bonded externally to
the concrete member provide a good alternative for the strengthening of concrete structures.
These materials bond with the existing structure and perform as reinforcement. FRP materials
can be used to strengthen concrete structures as follows:
1- Concrete beams and one-way slabs in flexure and shear
2- Concrete columns by wrapping and confinement which improves strength and ductility
3- Prestressed concrete beams
4- Two-way slabs and flat slabs for flexure and punching shear
5- Beam-column connections by improving ductility and shear strength
In recent years, high modulus Carbon FRP materials with a modulus of elasticity of more
than 200 GPa have become available for use in the construction industry. These materials are
thin, lightweight and easy to install using adhesives.
The performance of FRP strengthening of concrete structures depends on two main
elements:
1- The durability and performance of the bond between the FRP laminate and the concrete
substrate
2- The durability and performance of the FRP material itself.
It is well known that the interface or bond between the FRP and the substrate materials such
as concrete can be the weak link when failures occur. Several standard tests have been
developed over time to study the durability of the bond between FRP and concrete. Among
them are pull-off tests, pull-apart/push-apart shear tests, peel tests, flexural tests, torque tests,
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pull-out tests as well as non-destructive tests such as impact-echo and infrared thermography.
The following factors can influence the bond between FRP and concrete [8]:
1- Exposure to moisture
2- High Temperature
3- Freeze-Thaw Conditions
4- Saline and Alkaline Environment
Error! Reference source not found. shows the main characteristics of three different fibre
types used in FRP composites.
Table 1: Comparison of the three main types of FRP [9]

Tensile Strength

Carbon
Very Good

Fibre Type
Aramid
Very Good

Glass
Very Good

Modulus of Elasticity

Very Good

Good

Adequate

Long Term Behaviour

Very Good

Good

Adequate

Fatigue Behaviour

Excellent

Good

Adequate

Good

Excellent

Adequate

Very Good

Good

Inadequate

Adequate

Adequate

Very Good

Criterion

Bulk Density
Alkaline Resistance
Price

Design codes and standards provide coefficients for taking into consideration the effect of
different factors such as environmental effects, type of material and their application. The
Canadian Highway Bridge Design Code (CSA-S6-14 2014) [5] and CSA-S806 (CSA S806-12
2012) [4] have also provided resistance factors for the calculation of FRP composite resistance.
5.1 STRENGTHENING USING FRP COMPOSITES
In recent decades, different codes, standards and guidelines are published to regulate the use
of FRP composites in design and strengthening of structures. In Canada, two codes, CSA S806
[4] and CSA S06 [5], have provisions for the use of FRP in buildings and bridges respectively.
According to CAN/CSA-S806-12[4], before using any FRP strengthening method, an
assessment of the current situation of the existing structure or elements should be conducted to
assess the current condition of the existing structure and find out the main causes of damage
and deterioration. The effects of the applied loads and the capacity of the structure should be
calculated. The possibility and feasibility of using FRP strengthening systems such as
Externally Bonded or Near-Surface Mounted FRP systems can then be evaluated.
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5.2 STRENGTHENING OF THE BEAMS FOR FLEXURE AND SHEAR
The cross beams are 300 x 300 mm square concrete reinforced with 2 x 20M longitudinal
rebars at the top and bottom and 10 mm stirrups at every 600 mm. The size and spacing of the
rebars and stirrups were obtained from inspection of exposed areas. Some beams, especially
exterior beams, have suffered from extensive spalling and delamination of the concrete
primarily due to freeze-thaw cycles, but section losses in the reinforcing bars of the beams are
not significant and usually consist of minor surface corrosion.
If extra resistance for shear and bending moment in the beams are required, the Canadian
code S806-12 has provided methods for strengthening using externally-bonded FRP. Schematic
views of beam flexural and shear strengthening are shown in Figure 10 and Figure .

Figure 10: Flexural strengthening of concrete beams using externally-bonded FRP [6]

Figure 11: Shear strengthening of concrete beams using externally-bonded FRP [6]

In the FRP flexural and shear strengthening systems, stresses transfer from the FRP to the
concrete through the adhesive and these systems are bond-critical applications. Therefore, it is
necessary to have appropriate surface preparation and sufficient concrete strength to reach the
required strengthening.
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5.3 STRENGTHENING OF THE COLUMNS
Confining concrete columns with externally-bonded FRP (EB-FRP) wraps is an effective
way to improve the behaviour of concrete columns in several ways such as increasing column
axial load capacity, preventing buckling of reinforcement bars, reducing the lap length required
for the rebars, and reducing the rate of water ingress into concrete which slows the rate of steel
corrosion (Figure ). FRP wrapping also improves the ductility of the member which is beneficial
in the dynamic and seismic response of the structure.
Along with several national and international codes from around the world, Canadian
codes (“S6-06: Canadian Highway Bridge Design Code” and “S806-12: Design and
construction of building structures with fibre-reinforced polymers”) have provided methods and
formulas for the calculation of the compressive strength of confined members with composite
materials.
Given the new occupancy and loadings and existence of uncertainties in quantity and quality
of concrete and rebars in the members, and to satisfy the life safety requirement in respect of
the reuse of the structure, it would be preferable to strengthen the columns and make sure about
the structural stability and integrity of the tipple building. It can be observed that confinement
by FRP wraps can theoretically increase the compressive strength of the concrete in the columns
from 15 to 20.7 MPa. The compressive strength of the columns could be further increased by
circularization of the existing rectangular-shaped columns which will increase the effectiveness
of confinement by FRP wraps.

Figure 12: Confinement mechanism for the axial strengthening of circular concrete columns using externally
bonded FRP wraps [7]

5.4 STRENGTHENING OF OTHER MEMBERS
Other members of the structure such as the concrete slab and the beam-column connections
can also be strengthened using externally-bonded FRP wraps.
6 CONCLUSION
The Greenhill mine tipple structure is a Provincial historic site and was assessed by field and
laboratory tests together with computer modelling to evaluate the current state of the structure
and to recommend interventions to ensure the adequacy of the building to resist the loading
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from possible adaptive reuse as a restaurant or maintained as a monument.
The structure was built before knowledge of some critical issues in the design and
construction of reinforced concrete structures had been gained, such as the need for adequate
concrete cover, durability requirements, freeze-thaw resistance, the need for adequate
transverse rebars in beams and columns, proper design and detailing of beam-column joints in
moment resisting frames, splice and development lengths of rebars, etc. As a result, damage
and deterioration have happened to the structure with freeze-thaw damage being one of the most
important ones.
Lack of knowledge about concrete composition and proper grading of the aggregate has
resulted in the existence of very large particles in the concrete. It looks like the contractor used
ungraded gravel from the nearby river as the aggregate source.
Externally bonded FRPs are recommended for strengthening of different parts of the
structure because of their several advantages such as durability, ease of use, lightweight,
reversibility and minimum intervention. In the design of the strengthening systems, the
existence of several uncertainties about the quality of concrete and aggregates, position, size,
cover and splice lengths of longitudinal reinforcing bars, amount of damage and deterioration
in different areas, and life safety involvement in the new proposed use of the structure have to
be considered.
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Abstract. Prefabricated concrete piles have been used for the foundation of bigger
buildings for about a century. Often a change in function, an addition (also vertically) or
another type of alteration is required, resulting in different loads on the foundation.
There are several complicating factors that return regularly in these assessments. The first
one is a lack of data. Often drawings are missing or incomplete, e.g. showing only pile head
dimensions or maximum calculated load but not the pile length, pile tip shape or material
properties. Inspection is hard and only possible for the part directly under the pile head. And a
third complication is that in The Netherlands there have only been official codes for piles
since 1992.

Various calculation and design methods from WWII until 1985 are discussed to see if there
is any consistency that might lead to an indication of the load bearing capacity of piles in The
Netherlands from that era.
It is concluded that design rules for the load bearing capacity of concrete pile foundations
in The Netherlands have been inconsistent over time. If the original detailed
geotechnical calculations and/or structural drawings cannot be found in archives then the
given ultimate loads cannot only not be exceeded; even if the load on a pile is currently less
than stated on the technical specifications designers are advised not to increase the load.
1

INTRODUCTION

Prefabricated concrete piles have been used for the foundation of bigger buildings for
about a century. Some of these buildings have now become industrial monuments, which
has as a consequence that their life span will go beyond their original economic life span.
This often requires a change in function, an addition (also vertically) or another type of
alteration in order to maintain economic viability (use it or lose it), resulting in different loads
on the foundation. The question is then whether or not the old piles can carry the new load
with sufficient safety.
There are several complicating factors that return regularly in these assessments. The
first one is a lack of data. Often drawings are missing or incomplete, e.g. showing only pile
head dimensions or maximum calculated load but not the pile length, pile tip shape or
material
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properties. Inspection is hard and only possible for the part directly under the pile head. And a
third complication is that in The Netherlands there have only been official codes for piles since
1992. Before then pile foundations were designed using technical manuals with a much lower
status.
Van Tol and De Jong1 discuss pile foundations under monuments. They treat mainly wooden
pile foundations. According to them post-WWII pile foundations are in a much better shape
because of the better quality of the soil research, the introduction of the cone penetration test
(CPT), the introduction of concrete piles and the improving insight in the behaviour of pile
foundations and the calculation methods derived from that. No further information is given.
Scholten and Vrouwenvelder2 discuss the backgrounds of the Dutch national standard series
NEN 8700. This series is dealing with Assessment of existing structures in case of
reconstruction and disapproval. It is currently under development and should finally contain
eight parts as shown in Table 1.
Table 1 Overview of the contents of the NEN 8700 code series

Code number
NEN 8700
NEN 8701
NEN 8702
NEN 8703
NEN 8704
NEN 8705
NEN 8706
NEN 8707

Title
Basic Rules
Actions
Concrete Structures
Steel Structures
Composite Steel and
Concrete Structures
Timber Structures
Masonry Structures
Geotechnical
Constructions

Status
Final
Final
Draft
Draft
Draft

Related Eurocode part
EN 1990
EN 1991
EN 1992
EN 1993
EN 1994

Draft
Draft
Final

EN 1995
EN 1996
EN 1997

According to Scholten and Vrouwenvelder the safety assessment of an existing building
structure differs from that of a new one in three essential ways: increasing the safety level for
an existing building is usually more expensive than for buildings that are still in the design
phase, the remaining lifetime of an existing building is often different from the standard
reference period of 50 years that applies to new buildings, and in an existing building actual
measurements can be made in order to gather additional data. This is reflected in the NEN 8700
series and is to some extent also true for pile foundations.
For existing concrete foundation piles the parts NEN8700, NEN 8701, NEN 8702 and NEN
87073 are relevant. Together they give a set of values for required safety levels, loads, material
properties, safety factors et cetera that can be entered into the common Eurocode formulas. The
values follow from a set of research programs into the properties of construction materials as
produced through old codes and production methods. Although this is very helpful for the
assessment of existing structures in general it does not solve the basic problem of the unknown
properties of the foundation under the specific building at hand. This is illustrated in NEN
8707:2018 in § 3.3: “(1) The quality of concrete foundation elements must be determined with
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sufficient accuracy to be able to verify it to the concrete related part of the NEN 8700 series.”
F3O was the branch organization for independent foundation inspection experts. F3O has
published a report titled “Guidelines Wooden Pile Foundations under Buildings”4. It gives
alternative methods to assess the stability of pile foundations when the pile tip level is unknown,
such as the measurement of deformations and cracks over time. From that it derives an expected
remaining lifetime. This is an effective way to assess the stability of the current situation,
however it does not give any information on possible overcapacity.
Rijkswaterstaat is part of the Dutch Ministry of Infrastructure and Water Management and
responsible for the design, construction, management and maintenance of the main
infrastructure facilities in the Netherlands. Rijkswaterstaat has published a report titled
“Guidelines Assessment Infrastructure” or RBK5 for the structural assessment of existing
structures. The RBK give rules and methods that are additional to the Dutch NEN 8700 code
series. According to the RBK foundations only have to be recalculated in case of notable
structural damage to the foundation, in case of serious settlements, or in case of a significant
load increase. How foundation piles should be recalculated is not mentioned.
This study presents an investigation in de developments in designing, calculating and
building prefab concrete pile foundations in the Netherlands during the last 80 years, and
conclusions are drawn about load bearing capacity and the reusability of historic concrete pile
foundations.
2 HISTORY OF CONCRETE PILE FOUNDATIONS
2.1 Methodology
To get better insight in the expected load-bearing capacity of existing prefabricated concrete
foundation piles we have to look in more detail at the way in which these piles were designed,
produced, and placed. By comparing these aspects with the provisions of the Eurocode we can
get an insight in possible over or undercapacity even if we have only limited information.
2.2 Historic Pile systems
Both according to Van Tol and De Jong1, and the author’s own experience with many
renovation projects pile foundations from before WWII are always wooden piles. The earliest
use of concrete in pile foundations was first for foundation beams and then for pilecaps, to make
sure the wooden pile head remains under the groundwater table.
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Figure 1 Concrete pilecap system "Brunwasser" on a construction drawing of a 1927 Amsterdam housing block

Van der Schrier describes in the 10th edition of his book6 the calculation and production of
precast concrete foundation piles. The length of the piles is limited to 25 m for practical reasons.
Reinforcement is traditional; only one factory (N.V. Betondak) is mentioned that produces
pretensioned concrete piles. Van der Schrier mentions prismatic piles with square, octagonal,
massive circular, and hollow circular sections. Interestingly the pile tips for these piles seem
always to be pointed or semi-pointed. Van der Schrier also mentions various alternative pile tip
enlargements. According to Van der Schrier the pile capacity was supposed to be proportionate
to the CPT value at the pile tip level and thus a bigger pile tip surface would directly result in a
higher bearing capacity. It was also supposed to reduce negative skin friction.

Figure 2 Pile tip shapes: a Waco point, b Sprenger point, c Condor point (Schrier, 1956)

One type of pile tip could be expanded through small explosive devices that would be set off
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just before the pile was driven to its final depth.

Figure 3 H.B.T. explosion piles (Schrier, 1956)

In spite of this the positive influence of shaft friction must have been known at least
qualitatively. The wing pile was designed specifically to increase shaft friction and was
therefore also recommended for piles loaded in tension.

Figure 4 Pile tip of wing pile (Schrier, 1956)

17 years later Tussenbroek, Vlas, and Krikke7 mention in their book on prefabricated
concrete piles much less variation in pile tip shapes. Only wide pile tips with a width-height
ratio of at least 1 are mentioned and a ratio of at least 2 is recommended. Furthermore the pile
tips are mostly flat (not pointed). He also has an entire chapter on prismatic prefabricated piles,
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indicating that this modern pile type is now very common.
2.3 Bearing Capacity
The bearing capacity of wooden piles before WWII was never calculated, but was assumed
to be 10 tons or 100 kN based on experience. The pile length was also based on local experience,
usually meaning similar to that of neighbouring buildings. For bigger projects test piles were
used. Van der Schrier (Schrier, 1956) mentions a table in the building regulations of the city of
Amsterdam, stating the maximum displacement of the wooden pile head given 30 blows with
a specified weight dropping 2 m if the pile has to take a certain load.
The current way in which pile bearing capacity is calculated in The Netherlands is originally
based on research from Plantema8, and Van Mierlo and Koppejan9. It took some time for this
research to seep through into building practice. Van der Schrier in 1956 still gives a simple
calculation example of pile bearing capacity. The cone penetration test is basically seen here as
a test pile. The influence of positive and negative skin friction is not mentioned.

The size of the section of the pile tip enlargement follows from the result of a deep
sounding. If for example at a depth of 15 m a cone resistance of 75 kg/cm2 is found,
then with a 3-fold safety margin 25 kg/cm2 can be allowed. For a pile load of 60
tons a surface area of 60000 : 25 = 2400 cm2 is needed, or round 50 x 50 cm. The
pile shaft dimensions will be taken as 35 x 35 cm with 2% longitudinal
reinforcement to take into account buckling, lifting and allowable stress in the
concrete.
Figure 5 Example pile capacity calculation (Schrier, 1956)

Zeevaert10 still mentions that “theories on point bearing capacity of piles and piers are still
not satisfactory”. He then works out a method for the calculation of point bearing capacity of
piles including positive skin friction based on Terzaghi’s theories on the ultimate bearing
capacity for a pier or deep footing. He also gives detailed theory for the calculation of negative
skin friction.
Van Tussenbroek, Vlas, and Krikke7 mention the Koppejan method as a way to calculate the
bearing capacity of piles, worked out in a way that quite closely resembles the current Dutch
Eurocode practice. However according to them some organizations use different values for the
influence depth of the ground layers above and below the pile tip level. The safety coefficient
for a prismatic pile is 2.0. For piles with a pile tip area of more than 100 cm 2 a “somewhat
bigger” coefficient is used. For piles with an enlarged pile tip “often a safety coefficient of 2.5
is used when the height of the enlargement is at least twice the pile tip width.” For pile tips with
a smaller height the safety coefficient becomes partially a correction coefficient and is enlarged
by 10% for pile tip enlargements with a height equal to the width.
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According to Van Tussenbroek, Vlas, and Krikke the negative skin friction was usually just
estimated but “recent measurements” have shown that the negative skin friction could become
much greater than previously assumed. They refer to Zeevaert’s book10 for further information.
In 1985 the Commission Consultation Building Structures of the Nuisance Act and Building
Department Association (an organization of municipal building specialists) published the
Guidelines for foundations of Buildings11. In the introduction they wrote that until then different
cities had different regulations. The purpose of the new guidelines was to create more
uniformity and thus to create more clarity for designers and builders. They are however still not
an official standard and local governments still had the freedom to make up their own rules.
2.4 Durability
Reinforced concrete always carries the risk of corrosion of the reinforcement. One possible
problem is carbonatation, although the carbonatation rate of underground concrete is relatively
low. Another possible attack comes from peat acids. Van der Schrier mentions that when peat
acids are present the pile is covered with a bitumen emulsion.
The risk of corrosion is greatly reduced with increasing concrete cover. Therefore the
concrete cover in the Dutch concrete codes are shown below.
Table 2 Required concrete cover over time

Code

Year

G.B.V. 1940
N 1009
N 1009
RVB 1962
NEN 3863
NEN 6720
NEN-EN 1992

1940
1950
1962
1962
1974
1992
2012

Concrete cover
Traditional
Pretensioned
35 mm
35 mm
30 mm
40 mm
30 mm
35 mm
35 mm
40 mm
25 mm
30 mm

In all the historic codes the required concrete cover has been more that currently required by
the Eurocode.
3

CONCLUSIONS

Design rules for the load bearing capacity of concrete pile foundations in The Netherlands
have been inconsistent between WWII and the creation of the R.F.G. 1985. The exact
calculation methods did not only differ over time but also geographically per city. Therefore it
has to be concluded that care has to be taken when interpreting ultimate loads on foundation
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piles on historic documents. If the original detailed calculations cannot be found in archives
then the given ultimate loads cannot only not be exceeded; even if the load on a pile is currently
less than stated on the technical specifications designers are advised not to increase the load by
for instance adding additional floors. For buildings for which the building permit was given in
or after 1985 is can be assumed that the R.F.G. 1985 has been applied if the local government
does not indicate otherwise. Designers are advised to ask.
In all the historic codes the required concrete cover has been more that currently required by
the Eurocode. Durability of the concrete structure will therefore probably not be governing.
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Abstract. This paper aims to present the historical construction technology of churches’ bell
towers in Cyprus, starting with the initiation of their use and addressing the development of
their distinctive morphology adapting and mixing various architectural styles. Traditional bell
towers are tall and slender unreinforced masonry structures that are known to be particularly
vulnerable to earthquake actions encountered in seismogenic regions, such as Cyprus.
Therefore, iron and wood elements with high tensile capacities were commonly utilized in
Cypriot bell towers in the form of ties. In particular, the bell tower of Saint John’s church in
Psevdas village was constructed using such technology and is an example case studied in more
detail in the present work. This tower suffered a partial collapse during an earthquake on May
12th, 2016 and underwent restoration within the next year. Based on the knowledge gathered
from the case of the damaged tower and the visual inspection of other bell towers in Cyprus,
the use of timber and iron ties in these masonry structures is deemed to be essential for their
protection from seismic actions.
1

INTRODUCTION

Building seismic resistant structures has always been of major importance in seismogenic
regions, such as Cyprus. Tall and slender unreinforced masonry structures, such as the bell
towers of churches, have proven to be particularly vulnerable to seismic actions. Taking this
fact into consideration, various specialized construction and intervention technologies have
been developed throughout history to enhance the seismic resistance of such masonry
structures. For this purpose, construction materials associated with high tensile capacities, such
as iron and wood, were commonly utilized in the form of ties. Such technology was used for
the construction of the bell tower of the Saint John’s church in Psevdas village, Cyprus. The
particular about 100-year-old stone masonry bell tower suffered a partial collapse on the 12th
May 2016, when an earthquake of magnitude 4.5 Richter struck the southeastern part of Cyprus
[1].
The present study was triggered by the restoration process of the aforementioned damaged
tower and aims in providing an overall review of the historical construction technology of bell
towers in Cyprus. Hence, this paper first reports an overview regarding the initial and thereafter
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the regular use of bells and bell towers in Cyprus. Next, the morphology of traditional Cypriot
bell towers and their susceptibility to earthquake hazard are addressed. Following a rigorous
visual inspection of various bell towers in Cyprus, including the bell tower in Psevdas presented
herein in more detail, it can be deduced that the use of timber and iron ties in such masonry
structures is essential for their protection from seismic actions.
2

INITIAL AND REGULAR USE OF BELLS AND BELL TOWERS

2.1 Origin of bells and bell towers
Bells are idiophone instruments made of bronze. Since antiquity, various civilizations used
bells for both ritual and practical purposes. It is uncertain when precisely the use of bells became
part of the Christian tradition. However, the need for a means to summon the people to the
church and regulate monastic life appeared since the early years of Christianity. The
development of the semantron (metal or wooden strip knocked with a hammer) [2], which was
broadly used in the monasteries – and is actually still in use in the orthodox monasteries – and
generally in the eastern church, came to satisfy this need.
The first uses of bells are tracked in the West around the 6th century. The Latin name for
bell ‘campana’ derives from the region of Italy, Campania, where bells were first used in the
church [3]. During the reign of Pope Sabinian (604-606), the use of bells was adopted by the
western church. Gradually, due to the popularity of bells during the Carolingian period, the
need emerged to develop specially dedicated structures to accommodate the bells. The
realization that the ring sound of the bells would be traveling at a larger radius from high
altitudes led to the development of the bell towers. A prominent early example of a bell tower
is the one raised by Pope Stephen II (752-757) above the old Saint Peter's basilica in Rome [4].
2.2 Bells and bell towers in Byzantium
The origin of bells' use and thus the construction of bell towers in the Byzantine East is even
less clear. Western sources report that bells were gifted to the byzantine emperor Michael III
(842-867) by the Venetian Doge Ursus I Partecipazio (864-881) as a gesture of gratitude for
assisting the Venetians to defeat the Arabic troops in Dalmatia [4] [5]. These bells were raised
on a tower in the yard of Hagia Sophia, in Constantinople [2]. Though, as the use of the
semantron was a point of differentiation between the two principal dogmas of Christianity, the
use of bells popularized only during the occupation of Constantinople by the Latins (12041261) [4]. Bells were ringing in Constantinople until its fall (May 29th, 1453), after the siege by
the Ottomans.
Ottomans looted the areas they conquered, destroying bell towers and turning churches into
mosques. Thereon, the Islamic law enforced by the conquerors was not only the personal law
for the Muslims, but also the state law for all inhabitants of the empire, regardless of their
religion. The Christian church, as was the case also with other religious groups of the empire,
was granted privileges for administrative reasons. However, various restrictions were imposed.
These included the ban of bell ringing and posting of the cross on churches [5]. Alongside, the
construction of new churches and bell towers was prohibited (with few exceptions), while only
the preservation and renovation of the existing churches was allowed [6].
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2.3 Bells and bell towers in Cyprus
In 1571, Ottomans conquered Cyprus and imposed the same restrictions for the ecclesiastical
constructions. Due to the bell ringing ban, the semantron returned in use for summoning the
people to the church. Kokkinoftas [5] reported that the first bell imported in Cyprus during the
Ottoman period was most probably the bell of Holy Cross church in Omodos village (Fig. 1)
situated at Limassol district. An inscription dates the bell back to 1812. In 1839, the Sultan
proclaimed reforms for the reorganization of the empire with the issuance of Gülhane Hatt-ı
Şerif edict. Hence, some bells, gifted by Cypriots living in Venice, were raised on churches
around the island. Ottoman authorities consented for the use of the bells; still, there were
opposing reactions by the Muslim population [5].

Figure 1: Bell tower of the Holy Cross’s church, Omodos, Limassol district

In 1856, the Ottoman Imperial rescript Hatt-ı Hümayun eventually recognized the right of
all non-Muslim communities to administer their religious affairs. The reforms stipulated by the
rescript raised the nationalism of the local population, as their religious leader (the Archbishop
of Cyprus) also became the national leader, concentrating both religious and civil authorities
under the millet system applied in the Ottoman Empire [7]. The rescript also lifted the bell
ringing ban, leading to several bell tower erections in numerous existing churches [8]. Thereon,
all new churches constructed in Cyprus bear at least one bell tower.
3

MORPHOLOGY OF THE CYPRIOT BELL TOWERS

3.1 Architectural style
The events of the Cypriot history have influenced the ecclesiastical architecture of Cyprus.
As a part of the Orthodox East, the Byzantine style and standards were always an integral part
of the ecclesiastical architecture. During the Frankish period (1191-1489), however, the pointed
gothic arch was adopted and embodied in the traditional architecture, leading to the
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development of a combined style. This style is the so-called Franko-Byzantine style by some
authors [9]. During the Ottoman period, due to the restrictions imposed, the style was simplified
to single nave pointed vaulted churches with low windows and buttresses.
The liberation of the religious affairs and practices resulted in the development of a new
architectural style, the Cypriot Neo-Gothic style, which appeared first on the newly constructed
bell towers and later transferred to new churches. The combination of Neo-Gothic towers with
churches of Byzantine or Franko-Byzantine style is a frequent phenomenon in Cyprus. A
notable example of this is the church of Saint Lazarus in Larnaca. The massive multi-dome
Byzantine basilica was built with the funding of the byzantine emperor Leo VI (866-912) in the
890s. In 1857, a bell tower following the Italian standards was added on the southside of the
chancel [10]. The bell tower is 23 m tall and bears detailed carved ornamentation and two belfry
storeys (Fig. 2).

Figure 2: Church of Saint Lazarus, Larnaca

The Cypriot Neo-Gothic style (1850s-1930s), similarly to the international Gothic revival of
the mid-19th century [11], symbolizes the religious freedom and the formation of the national
identity of the Cypriots. The main characteristic of the Cypriot Neo-Gothic is the elaborate
carved ornamentation of the bell towers and the lintels. Often, Neo-Gothic features are mixed
with Neo-Classical – such as at pediments and columns – as well as with Neo-Byzantine and
Eclectic features. The use of the Neo-Byzantine style was accented in the 1930s, following the
influence of architects descending from Greece. The later added towers were not consistent
with the architectural style of the church they were attached to.
3.2 Form and structure
A typical bell tower has a four-part structure. First, a strong base provides support and
stability to the tower. Second, the shaft is the part primarily intended for attaining the desired
height of the tower and contains stairs leading to the belfry. The third part is the belfry, in which
the bells are housed, and it is often the most decorated part. Finally, the tower is completed at
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the top with a roof.
The tall (over 30 m in height) famous Italian campanili usually stand at a distance from their
corresponding church [12]. Unlike these towers, Cypriot bell towers do not exceed 30 m in
height, with their free-standing height often being within the range 10-15 m. As such towers
were later supplements to existing churches, any newly added tower was based on and sat atop
the main body of the church or it was attached to the exterior of the church, at one of the four
corners of the rectangular main structure. New churches built after 1856 usually included bases
for one or two bell towers as part of the church's structure.
It is unclear where the morphology of the early Cypriot bell towers derived from. Kiessel
and Tozan [8], who studied the architecture of the Cypriot bell towers from the mid-19th
century to 1974, noted that their typology showed significant similarity to the 16th century
Italian Renaissance predecessor, as it appears in the ‘Wedding at Cana’ by Veronese (15601563). Actually, there is a general sense that monumental paintings in local churches dating
back to the period of the Venetian rule might have influenced the form of Cypriot bell towers
[13]. Hence, a bell tower usually consists of a solid base, up to four storeys divided by
entablatures and a canopy at the top. If the tower is attached to the church's body, the solid base
reaches the height of the wall cornice [8]. Each storey is formed by four pillars and arched
openings at all four sides. The upper one or two storeys are the belfries of the tower. Usually,
each belfry bears one bell, which hangs from an iron bar anchored into the pillars.
Between 1856 and the 1930s, the primary material used for the construction of the towers
was limestone masonry. In the 1940s, the use of reinforced concrete gradually spread, replacing
stone masonry. The form and structure of the bell towers follows the typical typology described
firstly. The example of the bell tower of the church of ‘Panagia Faneromeni’ located in the
historical centre of Nicosia indicates the transitional stage reflecting the change of the
construction material. The current 26 m tall tower was erected in 1938 and is made of concrete
and regular masonry blocks, while metal brackets are installed at the perimeter [14]. The current
tower designed by the architect Theodoros Photiades, the first Cypriot architect, was built as a
replacement of the original masonry tower, which sustained extensive damage and cracking [6]
(Fig. 3).

Figure 3: The old masonry (left) [6] and current concrete (right) [15] bell tower of the church of ‘Panagia
Faneromeni’, Nicosia
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4

EARTHQUAKES VS. CYPRIOT BELL TOWERS

The island of Cyprus sits to the north of the boundary where the African and Eurasian
tectonic plates meet. The seismic activity of the local ‘Cyprean arc’ has been the cause of
numerous devastating earthquakes on the island. Many settlements and masonry structures, in
particular, have collapsed as a result of seismic actions since antiquity [16]. According to the
records of the Cyprus Geological Survey Department, an earthquake of magnitude 7.0 Richter
(VIII-IX Mercalli) struck the island in 1491, causing extensive damage to Hagia Sophia
cathedral, in Nicosia. Other significant seismic events (of average magnitude 6.5 Richter and
V-IX Mercalli) occurred in 1577, 1735, and 1896, causing damages and casualties.
In 1906, the earthquake that struck Limassol area (magnitude 5.6 Richter/VIII Mercalli)
caused damage to many buildings, among which was the cathedral of Hagia Napa and its bell
towers [17]. During the last 100 years, the most significant event occurred in 1953, when the
damage caused by the earthquake of magnitude 6.5 Richter (IX Mercalli) in the district of
Paphos was very severe, leaving, numerous masonry and concrete structures destroyed and
resulting in several casualties and homeless people [18] (Fig. 4).

Figure 4: Structures in Cyprus damaged by earthquakes [18]

The need for making masonry structures more earthquake-resistant led to the development
of various relevant construction and intervention technologies. Among such technologies, the
installation of iron and timber ties has been often used as an effective way to better cope with
the earthquake hazard in Cyprus [19]. Hence, tie-rods were installed during the initial
construction phase on the arches of bell towers, as well as on opposite walls of the churches’
main body. The use of timber tie-rods in Cyprus is minimal. An outstanding example
application of this technique employing timber ties is on the bell tower (built in the 1890s) of
archbishopric cathedral of Saint John (built in 1662) in Nicosia [20] (Fig. 5). On the other hand,
the use of iron tie-rods was more popular and many example applications can be found in
various regions of the island. Moreover, iron ties (cramps) were occasionally installed between
the storeys of the bell tower, in order to better fasten the entablatures.
Various previous studies focused on examining the effectiveness of tie-rods and their
contribution in the seismic response of a structure [19] [21]. Kouris and Kouris [22] specifically
studied the influence of tie-rods on the seismic behavior of slender towers. In all relevant
studies, there appears to be a consensus regarding the effect of tie-rods on structural behavior:
such ties promote integral behavior and result in increased seismic resistance for the tied up
structural system [23]. In light of the above, the use of tie-rods in various constructions by
Cypriot master craftsmen even more than a century ago reveals these workers’ awareness and
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concern regarding the high significance of the seismic hazard for the island’s buildings stock.

Figure 5: Bell tower of Saint John’s Cathedral with timber ties, Nicosia

5

THE CASE OF SAINT JOHΝ’S BELL TOWER IN PSEVDAS VILLAGE

Saint John’s church was built in 1897 as a renovation and extension of an older church dating
back in 1780 (date noted on the chancel’s outer wall). Later, in the 1910s, a bell tower on the
southside of the chancel was erected following the Cypriot form. The upper part of the bell
tower collapsed due to an earthquake on May 12th, 2016 [24]. The earthquake’s epicenter was
11 km west of Larnaca and its hypocenter was at a depth of 5 km. The magnitude of the
mainshock was 4.5 Richter/V Mercalli, while an aftershock of magnitude 3.3 Richter followed.
Thankfully, there were no casualties from the fall of tower parts, as the event occurred early in
the morning. The church is located at Psevdas village, 16 km southwest of Larnaca.
5.1 The bell tower before the damaging earthquake
Before the earthquake, the bell tower of Saint John's church consisted of: (a) a solid base
built on top of the church’s main body at the southside, (b) four masonry pillars connected with
arches – in all four sides – in two storeys divided by entablatures and (c) an arched octagonal
canopy. The upper storey was used as a belfry for one bell. The height of the tower’s parts was:
about 1.5 m for the base, 2 m for each storey and 1.5 m for the canopy. The cumulative height
was 14 m from the ground or 7 m from the cornice of the church’s masonry (free-standing
height). The horizontal cross-section of the base and the storeys was about 1.70×1.70 m2, while
the storeys’ entablatures had a central hole of 0.60×0.60 m2. The canopy covered the hole of
the upper entablature.
Typically, the preferable way of construction in Cyprus in the past was by utilizing locally
available materials. Hence, the masonry of the particular bell tower was built of natural white
limestone (compact chalk), coming from the nearby Lympia village, and lime mortar. The main
body of the church is of masonry made by cobbels taken from the nearby river. Limestone was
a popular building material due to its softness and the ease it provided in carving upon the
masonry. Another frequent practice was the use of impermeable cementitious material on the
exposed upper surfaces for waterproofing purposes. The canopy’s roof and the surface of the
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upper entablature were covered with such material.
As regards the architectural style aspect, the decoration of the tower combined at least two
distinctive styles. The carved ornamentation on the pillars, the cornice of the entablatures and
four acroteria placed on the upper entablature followed the Neo-Classical style, while the
decoration of the arches and the canopy followed the Neo-Gothic style. In contrast to the
elaborate decoration of the tower, the church was a Neo-Gothic single-nave basilica with minor
decoration.
5.2 The bell tower after the damaging earthquake
The earthquake caused the collapse of the canopy, the three out of four acroteria and a large
part of the upper entablature. Only two out of eight pillars of the canopy’s arches were standing
after the earthquake (Fig. 6). Most of the fallen parts turned into rubble.
During the visual in situ inspection of the damaged bell tower of Saint John's church, it was
found that iron tie-rods connect the intrados of the arches of the two storeys, while a grid of
four iron camps fasten each storey at the height of each entablature (Fig. 6). The bell hangs
from an iron bar anchored into the masonry pillars. There is another iron cramp just beneath the
bell, which protects the masonry from the mechanical action (erosion) caused by the friction
between the bell’s rope and the stone. All metal elements were installed during the initial
construction phase using gypsum mortar.

Figure 6: Bell tower of Saint John's church in Psevdas village after the earthquake (photos taken in February
2017)

The exposure of the iron elements of the bell tower to atmospheric oxygen and humidity led
to corrosion. This resulted in cracked stone units and exposed anchorages of the cramps, which
became visible at the exterior face of the bell tower (Fig. 6). This phenomenon was observed
also in other cases, such as at the bell tower of Saint John's church in Larnaca (Fig. 7). However,
cramps may not always become visible at an exterior wall face, as metal elements may have
been placed in protected interior parts of the structure, which hinders the oxidation process from
taking place.
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Figure 7: Bell tower of Saint John’s church (left), Larnaca, where the anchorage of the cramps is visible (right)

Nonetheless, except for a few weathered stone units and some cracking around the metal
elements, the overall condition of the survived part of the bell tower was good. It is quite clear
that the damage actually occurred at the most sensitive and the only ‘untied’ part of the bell
tower, the canopy.
5.3 Restoration of the bell tower
During the restoration works, the canopy and the whole upper part of the bell tower were
reconstructed to their original form. The corroded craps and tie-rods of the upper storey were
replaced by similar stainless-steel elements. The weathered stone units were replaced with
similar ones and the cracks were sealed with lime grouting. Finally, a special dedicated base
for the bell was installed, in order to prevent damage to the masonry due to dynamic excitation
from the bell’s swing and the corrosion of its iron base (Fig. 8).

Figure 8: Restoration (left) and strengthening (right) of Saint John’s bell tower in Psevdas (photos taken in
December 2017)
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6

CONCLUSIONS

Bell towers appeared throughout the history of Cyprus as a symbol of religious and national
freedom for the people on the island and emerged to be an integral part of the local ecclesiastical
architecture. Ensuring the long-term safety and functionality of such traditional structures is a
matter of heritage preservation. A major hazard opposed to the purpose of preservation is the
significant seismic activity resulting from the ‘Cyprean arc’.
The need to mitigate the earthquake hazard has led to the use of suitable technologies
improving the seismic capacity of such structures. In particular, an approach widely applied in
Cyprus is the installation of timber or iron tie-rods during initial construction of a bell tower.
The contribution of such elements seems to be critical for the adequate long-term seismic
resistance of traditional bell towers. The imperative need for effective tying is highlighted in
the characteristic example presented in more detail in this work: the unfastened canopy of the
Saint John church’s bell tower in Psevdas village collapsed during a recent earthquake due to
the absence of iron ties.
Although installed iron tie-rods are often encountered in traditional stone masonry structures
all over the island of Cyprus, their application during construction was based on the then
available empirical knowledge and intuition and lacks formal engineering validation following
the current codes and established scientific knowledge. This induces a need for a campaign to
study the traditional anchorage setup of iron ties and their effect on the structural behavior of
masonry structures. The results of such studies will facilitate the structural assessment process
and, if needed, the development of compatible restoration and strengthening technologies
respecting the traditional character of these structures.
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Charalambides and Constantinos Christou, who took the aerial photos presented and gave
concession for their use herein.
REFERENCES
[1]
[2]
[3]
[4]
[5]
[6]
[7]
[8]

Damages on church due to earthquake in Larnaca (in Greek). Kathimerini, (2016).
Kallinikou, C. The Christian temple and its rituals (in Greek). Grigoris Publications,
(1969).
Gatty, A. The Bell: Its Origin, History, and Uses. George Bell, 186, Fleet Street, (1848).
Williams, E.V. The Bells of Russia: History and Technology. New Jersey: Princeton
University Press, (1985).
Kokkinoftas, C. The raise of bells on churhces in Cyprus during the Ottoman period
(1571-1878) (in Greek). Church of Cyprus, (2018). [Online]. Available at:
https://churchofcyprus.org.cy/41390. [Accessed: 09-Jan-2020].
Myriantheus, D. The church of Panagia Phaneromeni, Nisocia. In: The Lady of Nicosia,
Phaneromeni and the relics (in Greek), Bank of Cyprus Cultural Foundation (2012), pp.
15-25.
Emilianides, A. Religion and the state in dialogue: Cyprus. In: Religion and Law in
Dialogue: Covenantal and Non-Covenantal Cooperation between State and Religion in
Europe (2006), pp. 19-32.
Kiessel, M. and Tozan, A. Orthodox Church Architecture in the Northern Districts of

209

Margarita L. Petrou and Dimos C. Charmpis

[9]
[10]
[11]
[12]
[13]
[14]
[15]

[16]
[17]
[18]
[19]

[20]
[21]
[22]
[23]
[24]

Cyprus from the mid-19th Century to 1974. Prostor, (2014).
Myriantheus, D. Ecclesiastical Architecture (13th-20th century) (in Greek). In: The Holy
Bishopric of Morphou. 2000 years of Art and Holiness (2000).
Michaelides, S.G. Saint Lazarus – The history of the church in Larnaca” (in Greek). Holy
Church of Saint Lazarus. [Online]. Available at: http://agioslazaros.org.cy/ιστορια-ναου/.
[Accessed: 30-Jan-2020].
Lewis, M.J. The Gothic Revival. Thames & Hydson, (2002).
Baruffi, F., Boucher, J., Coryea, M. and Spector, D. VENICE BELLS AND BELL
TOWERS A Striking Source of Knowledge. (2012).
Constantinides, E. Monumental Painting in Cyprus during the Venetian Period, 14891571. In: C. Ševèenko et al. (Eds): Medieval Cyprus. Studies in Art, Architecture, and
History in memory of Doula Mouriki, Princeton University Press (1999), pp. 263-300.
J+A Filippou, Vitti, P. and De Vito, S. Church of Panagia Faneromeni, Nicosia:
Architectural Interventions Report. (2016).
Committee of the church of Panagia Phaneromeni. Holy Church of Panagia Phaneromeni
(Nicosia): Official Memorial of the Archibishop Cyprianos and the Ethnomartyrs of 9th
July 1821 (in Greek). Church of Cyprus, (2017). [Online]. Available at:
https://churchofcyprus.org.cy/35384. [Accessed: 30-Jan-2020].
Seismicity (in Greek). Cyprus Geological Survey Department. [Online]. Available at:
http://www.moa.gov.cy/moa/gsd/gsd.nsf/page56_gr/page56_gr?OpenDocument.
[Accessed: 30-Jan-2020].
Strong Earthquake. Damages in Limassol (in Greek). Cypriot, (1906).
Earthquakes (in Greek). Cyprus Geological Survey Department. [Online]. Available at:
http://www.moa.gov.cy/moa/gsd/gsd.nsf/page40_gr/page40_gr?OpenDocument.
[Accessed: 30-Jan-2020].
Petrou, M. and Charmpis, D.C. Iron Ties Originally Anchored into Masonry as a
Historical Construction Technology – Case Study: A Church in Cyprus. In: R. Aguilar et
al. (Eds): Structural Analysis of Historical Constructions, RILEM Bookseries 18 (2019),
pp. 153-161.
Papageorgiou, A. and Committee of the Saint John’s Cathedral. The Saint John's
Cathedral.
Church
of
Cyprus,
(2019).
[Online].
Available
at:
https://churchofcyprus.org.cy/9632. [Accessed: 30-Jan-2020].
Sorrentino, L., Liberatore, L., Decanini, L.D. and Liberatore, D. The performance of
churches in the 2012 Emilia earthquakes. Bulletin of Earthquake Engineering 12 (2014),
pp. 2299-2331.
Kouris, E.G. and Kouris, L.A. Investigation of the Influence of Tie-Rods on the Seismic
Behaviour of Slender Towers. In: International Conference on Computational Structures
Technology 12 (2018).
Roca, P., Lourenco, P.B. and Gaetani, A. Historic Construction and Conservation.
Materials, System and Damage. Taylor and Francis Group, (2019).
Significant Earthquakes (in Greek). Cyprus Geological Survey Department. [Online].
Available at:
http://www.moa.gov.cy/moa/gsd/gsd.nsf/All/AD24AEF6F60B0E14C22583C9004258A
9?OpenDocument [Accessed: 30-Jan-2020].

210

M.F.
A
User-Friendly
Funari, D.V.Digital
Oliveira,
Tool
L.C.
forSilva
the Structural
and P.B. Lourenço
Assessment of Historic Domes: The Case Study
of Saint Peter in Rome
12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

A USER-FRIENDLY DIGITAL TOOL FOR THE STRUCTURAL
ASSESSMENT OF HISTORIC DOMES: THE CASE STUDY OF SAINT
PETER IN ROME
MARCO FRANCESCO FUNARI1*, LUIS CARLOS SILVA2, DANIEL V. OLIVEIRA1
AND PAULO B. LOURENÇO 1
1

ISISE, Institute of Science and Innovation for Bio-Sustainability (IB-S)
University of Minho, Guimarães, Portugal
e-mail: marcofrancesco.funari@civil.uminho.pt, danvco@civil.uminho.pt, pbl@civil.uminho.pt
2
ISISE, Faculty of Engineering, Universidade Lusófona de Humanidades e Tecnologias, Lisboa,
Portugal
e-mail: luisilva.civil@gmail.com

Keywords: Limit Analysis, Visual Programming, Historic Masonry Domes, Nelder-Mead
method
Abstract. This paper presents a digital tool for the rapid structural assessment of historic
masonry domes. It is especially suited for masonry domes that present long meridian cracks,
ergo each partitioned element governed by a pushing failure mode. The proposed procedure
considers a Heyman’s no-tension mechanical model has been implemented within a
commercial user-friendly visual programming environment. The numerical approach consists
of a parametric modelling of the failure mechanism and, therefore, exploring the domain of
possible solutions using the theorems of the limit analysis. Hence, a heuristic search method is
subsequently adopted to refine the geometry of the collapse mechanism and to compute the
value of the horizontal trust. The validation of the developed approach has been achieved
considering the Saint Peter’s dome. As reported in the literature, the behaviour of the Saint
Peter’s dome gradually shifted from a rigid shell-type – stiffened by hoop stresses –, towards a
pushing type of dome partitioned by long meridian cracks. The study also evaluated the
structural integrity of the drum. In converse with more time-consuming and advanced methods
of analysis, the present procedure allows the users to perform a structural assessment of a
historic masonry dome in a fast and computationally efficient manner. The developed digital
tool will be freely available from a web archive hosted by the University of Minho and,
therefore, easily able to reach students, researchers and structural engineers.
1

INTRODUCTION

The structural assessment of historic masonry dome is still a challenge. Main difficulties are
especially related to the intrinsic complexity of the mechanical behaviour of masonry, with the
uncertainty when modelling the potential dome load paths and with the damage-induced
anisotropy. Still, a significant number of studies can be found in the literature and include both
numerical and analytical methods [1-4]. The majority of such studies address the structural
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analysis and structural safety problem of masonry domes by using a numerical model based on
the Finite Element Method (FEM) [5] or Discrete Element Method (DEM)[6, 7].
In the case of FEM models, the masonry is typically modelled following a continuum
approach (designated as macro-modelling) [8, 9] or discretizing explicitly both units and joints
(designated as micro-modelling) [6]. For instance, Bacigalupo et al. [10] investigated the
structural assessment of the dome and drum of the Basilica of S. Maria Assunta in Carignano.
The authors developed a refined FEM model and performed non-linear quasi-static analyses.
Bartoli et al. [11] developed a detailed FEM-based model to perform the structural analysis of
the Brunelleschi’s Dome of Santa Maria del Fiore, in which both static and dynamic types of
analysis were considered. Cavagli and Gudella [12] studied the dome of the Basilica of Santa
Maria degli Angeli in Assisi. Static analysis was performed by means of a FE model considering
whereas material nonlinearity for the masonry has been included.
In the case of DEM models, the masonry is typically modelled as the assemblage of rigid
blocks inter-connected through interfaces of a given stiffness, which enables to capture large
displacement and the opening and closing of joints [13]. For instance, Boni et al. [14] proposed
a DEM model to study both the effects of brick pattern and infill on the stability of masonry
vaults when supports are subjected to settlements.
It is worth noting that such methods require a large set of input parameters and can be both
time-consuming and computationally expensive, especially when trying to model collapse.
Hence, powerful analytical tools based on the theorems of the limit analysis can be an
appropriate alternative. The main advantage of limit analysis approaches is that require less
knowledge of the mechanical behaviour of materials and are, therefore, more practical. Anselmi
et al. [15] proposed a computer program based on the static theorem of the limit analysis that
demands, only, an a-priori discretization of the dome in macroblocks. Casapulla et al. [16]
developed a novel digital tool to design semi-circular masonry arches composed of interlocking
blocks. Recently, Funari et al. [17] proposed a new digital tool aimed to parametrize the
geometrical variables that characterize the failure mechanism and compute the load multiplier
based on an upper bound limit analysis coupled with a genetic algorithm.
In such a context, the main aim of this paper is to demonstrate how generative/parametric
modelling is a useful tool for the structural assessment of historic masonry domes. The
parametric modelling of the failure mechanism allows the user to explore the domain of possible
solutions using the upper bound method of the limit analysis. Then, a heuristic solver based on
the Nelder-Mead method [24] is used to refine the geometry of the failure mechanism and
obtain the value of the minimum horizontal thrust of the dome. The proposed methodology has
been all integrated within the commercial visual programming environment offered by
Rhinoceros3D + Grasshopper. The program appears easy to understand and might be used by
both students and structural engineers. Unlike more advanced methods of analysis, the proposed
algorithm is integrated into a user-friendly environment and allows us to perform a quick
structural assessment of masonry domes. The paper is organised as follows: section 2 included
the theoretical aspects of the proposed methodology and its implementation; section 3 briefly
describes the selected case study; section 4 reports the obtained results; and finally, the main
conclusions are discussed in section 5.
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2 METHODOLOGY: THE COMPUTATION OF THE MINIMUM THRUST OF
MASONRY DOMES: THE KINEMATIC APPROACH
Masonry domes tend to crack due to the low tensile strength that masonry hoop rings typically
present. Hence, a diffused type of cracking along the meridian lines is observed. As extensively
reported in the literature [18], the number of these cracks is not easily detectable but only one
is sufficient to change the structural behaviour of the domes, i.e. from a membrane type of
behaviour to a pushing dome [19].
In this framework, the computation of the minimum thrust following a static or kinematic
limit-based approach is a relevant task [18]. The static approach traces the statically admissible
funicular curves of the load. In the incipient collapse state, the pressure curve passes by the
extrados of the key section, whereas a rotational hinge is supposed to appear. The pressure
curve continues running inside the dome’s thickness skimming the intrados in a point in which
the second hinge appears. Yet, due to computational convenience, the present paper adopts a
kinematic approach. In particular, the formulation by Como [18] has been assumed to build the
digital analysis tool.
The application of the kinematic approach is based on the proper positioning of hinges to
allow horizontal sliding of the dome at its springing. According to [18], the first hinge has to
be placed at the extrados of the key section. In converse, the second hinge is placed at the
intrados of the dome, but its position over the latter is assumed to be a variable of the
mathematical problem (  h  ). The minimum value of the thrust can be computed by solving the
following optimization problem arising from the Principle of the Virtual Work (PVW) [18]:

max


o,V  h 

(1)

  h

where o,V  h  is the work performed by the vertical load associated to the to the vertical
displacement,   h  is the radial widening of the dome at its base due to the mechanism. Fig. 1
shows different positions  h  for the hinge along the intrados of the dome. When the horizontal
thrust assumes the maximum value, it means that the pressure curve is inside the thickness of
the dome and it is tangent to the intrados at the point  h  . The parametrization of the collapse
mechanism is achieved by writing a generative algorithm using Grasshopper’s component. The
same algorithm integrates the capability to define the horizontal thrust and the numerical
algorithm to compute the safety factor of the drum/attic/buttresses system. This approach allows
the user to have full control of the problem and to visualize, at the same time and in an
interactive fashion, the collapse mechanism. In this work and aiming the solution of the
optimization problem reported in Eq. (1), the Nelder–Mead method has been adopted [20]. The
Nelder-Mead iterative method is commonly applied to find the minimum or maximum of an
objective function in a multidimensional space. It is a direct search method (based on function
comparison) and is often applied to nonlinear optimization problems for which derivatives may
not be known. Figure 2 represents a synoptic representation of the proposed methodology that
has been implemented in the visual programming environment offered by Rhinoceros3D +
Grasshopper.
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Figure 1: Parametrization of the collapse mechanism.

Figure 2: Flow-chart representing the proposed methodology.

3 HISTORY OF THE SAINT PETER’S DOME
Saint Peter’s dome has been designed by Michelangelo and is worldwide known for its
remarkable size and architectural features, see Figure 3. The dome has a diameter of 42.3 m
and it is formed by two interconnected shells stiffened by 16 ribs. The thickness of the internal
and external shells is 2.0 m and 1.0 m approximately, whereas the total thickness of the dome
ranges from 3.00 m at the interface to 5.00 m at the crown. Concerning the original concept
idealized by Michelangelo, the design of the dome was slightly modified by G. Dalla Porta.
The curvature of the dome has been slightly changed to make it alike with the Florence domes
designed by Brunelleschi. Two iron rings were also introduced, which revealed to be essential
containing the structure after the damage occurred during the seismic event of 1703 [18]. After
50 years of its completion, some damage has been reported on the dome. By the mid-18th
century, the latter damage was rather evident and, therefore, a survey was performed by L.
Vanvitelli. It revealed that the drum and the attic were rotating outwards causing the onset of
meridian cracks that lead to the split of the dome in several pushing arches. This is, from a
structural standpoint, undesirable as these arches behave independently and the membrane
effect is lost. In 1742, two reports published by three famous mathematicians [21] stated that
Saint Peter’s dome was seriously damaged and would require extensive straightening
interventions.
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Figure 3: Timeline of the San Peter’s dome.

The latter theory, the so-called “The Three Mathematicians” theory, was formulated based
on a simple but ingenious model able to identify the thrust of the dome (Figure 4). While other
scientists gave controversial opinions, Pope Benedict decided to follow the recommendations
from another brilliant scholar, Giovanni Poleni [22]. Together with L. Vanvitelli, the
researchers stated that Saint Peter’s dome was adequately designed and proposed non-invasive
interventions that allowed to keep the original architectural elements and concept.

Figure 4: San Peter’s dome: drawings presented by the so-called “The Three Mathematician”.
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The most crucial strengthening operation on the dome was encircled by six iron rings.
Recently, it may be remarked that other researchers are trying to better understand the structural
behaviour of Saint Peter’s dome using advanced methods of diagnosis [23].
4

RESULTS

In this section, the structural safety assessment of San Peter’s dome has been performed by
adopting the digital tool described in Section 2. The main aim is to compute the horizontal
thrust of the dome and verify the structural safety of the drum/attic/buttresses system. For that,
the structural verification is performed considering the absence of the strengthening
interventions designed by G. Poleni. (1743). Poleni [22] and M. Como [18] investigated the
structural behaviour of the dome on a single 1/50 slice of the entire dome. Here, the parametric
modelling of the dome allows us to consider a 1/16 slice of the dome (see Fig. 5). This is the
most rational choice when considering the architectural geometry and its symmetry conditions
(Fig. 5). After the parametric modelling of the dome, the second step consists of the evaluation
of the minimum horizontal thrust of the dome and associated failure mechanism.
The failure mechanism depends of the rotational hinge  h  position and the algorithm
proposed is capable to incorporate the formulation of the PVW equation given in Eq. (1). The
digitalization of the geometry allows us to instantly compute distances and to perform the
integral calculus to evaluate the centroids’ positions of the macroblocks and corresponding
weights.

Figure 5: Representation of the 1/16th slice of the dome.
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Table 1: Specific weight of the masonry and the lantern body force.

Specific weight [ kN m-3]
18.50

Lantern weight [kN]
14877

Lantern weight (1/16) [ kN]
930

Furthermore, the program integrates the capability to consider the work performed by other
loads, as the lantern’s weight. Table 1 shows the specific weight assigned for the masonry, as
well as the lantern self-weight (note that the lantern has been simulated using its body force).
Once the minimum horizontal thrust is computed, the tool can verify the structural safety of
the drum/attic/buttresses system. The user can set the position of the rotational hinge based on
engineering considerations, i.e. the crack pattern that affects the buttresses. To compare the
result with the one given by Como [18], the position of the rotational hinge is assumed to be at
the interface between the drum and buttresses (Fig. 6a). The obtained results are in agreement
with those obtained by Como [18] and are summarized in Table 2. Figure 6b shows the
capabilities of the proposed digital tool which shows the failure mechanism obtained in no time.
Referring to a slice of 1/16 of the dome, the horizontal thrust computed is equal to 2287 kN,
whereas the vertical weight is equal to 12676 kN. Hence the structural efficiency of the San
Peter’s dome, defined as the ratio between the thrust and the weight of a single slice, is equal
to 0.18. The solver converges after few interactions, in 3s with an Intel® Core™ i7-6700HQ.
Furthermore, it is worthy of mentioning that the modelling of the geometry has been
conducted having the available drawings as a basis. However, a more detailed geometrical
survey should be performed to get more representative results.

Figure 6: Obtained failure mechanism: (a) 1/16 slice of the dome; and (b) collapse mechanism of the entire
dome.
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Table 2: Summary of the results.

5

Horizontal Thrust
[kN.m-1]

Dome efficiency [-]

255.0

0.18

SF
drum/attic/buttresses
[-]
1.08

Computational Time
[s]
3.00

CONCLUSIONS

This work presents a digital tool for the structural assessment of historic masonry domes. The
method embeds an upper bound limit analysis under a no-tension capacity hypothesis for the
masonry material and an optimization scheme based on the Nelder-Mead method. The
workflow is integrated within a user-friendly computational tool implemented in the visual
programming environment offered by Rhinoceros3D+Grasshopper.
The numerical performance of the proposed methodology has been validated on the case
study of San Peter’s dome. According to Como’s model, the proposed methods can evaluate
the minimum horizontal thrust of the dome and properly find the geometry of the prone failure
mechanism. Furthermore, the structural integrity of the system drum/attic is evaluated. The
numerical result is in agreement with that obtained by Como. Unlike other more timeconsuming advanced methods of analysis, the proposed method allows the users to perform a
structural assessment of historic masonry domes in a rapid and computationally efficient
manner. Furthermore, the graphical visualizer allows us to give, in a direct way, the failure
mechanism. The proposed visual script has been developed by using existing grasshopper
components. However, future works will be focused on the development of a single component
(ad-hoc programmed in C# language). The digital tool developed in this study will be freely
available from a web archive hosted by the University of Minho. Future studies aim including
the effect of the iron rings designed by G. Poleni and the investigation of the structural
behaviour of the San Peter’s dome through advanced methods of analysis.
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Abstract. Built in the artistic splendor that prevailed in the late 19th century, Amazonas
Theater is considered the most significant architectural construction of the so-called golden
age of rubber, both for the values applied in its construction and for the symbolic importance
it assumed, that is, the man's victory over the jungle, financial prosperity and the alleged
artistic-cultural effervescence. However, when compared to the millenary constructions of the
Ancient World, Amazonas Theater can be considered a “baby” and therefore a source of
knowledge to be explored. In this sense, this paper intends to be the first one of a series of other
ones that intends to study the behaviour of this structure. The paper is focused on describe the
history of the construction of the Amazonas Theater highlighting the structural solution adopted
to overcome the logistical challenges faced by a construction carried out in the middle of the
largest tropical forest in the world and the main interventions performed during its 123 years.
To this end, the building records of the Theater, an indispensable documentary source of the
building´s history, were consulted.
1

INTRODUCTION

Located in the middle of the Amazon forest in Manaus, Amazonas capital city, Brazil, the
Amazonas Theater (Figure 1) took 17 years to be built from its conception until its opening in
December 31, 1896. A place that would be frequented by the elite of belle époque, as it was
called the period in which Manaus lived the golden age of rubber, Amazonas Theater became
a symbol of a period of prosperity.

Figure 1: a) Amazonas Theater in construction [1,2]; b) Amazonas Theater in 2019.
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For its construction, not only architects, builders, painters, decorator and sculptors were
brought from Europe, but also various materials such as Carrara marbles, Murano chandeliers,
pieces of worked iron from England and French tiles. In the internal structure, the steel dome
was manufactured in Belgium by the "Compagnie Centrale de Construction Haine-SaintPierre”. The dome roof is composed of 36 thousand pieces of enamelled ceramic pottery and
glazed tiles, coming from Alsace. The original coloring in green, blue and yellow is an analogy
to the Brazilian flag.
It is important to mention that due to the difficulty of importing noble materials, some
colonnades, straighteners, glasses and balusters were made of cement, masonry and plaster, but
prepared to look like marble and other noble materials. Besides that, its construction caused
controversy, as the city had only one hundred thousand inhabitants.
Throughout its history, the theater underwent four major structural interventions, being the
last two real restorations. The four interventions took place, respectively, from 1926 until 1929,
from 1959 until 1962, from 1972 until 1974 and finally, from 1987 until 1990.
In 1966, on the occasion of its 70th birthday, the building was listed by the National
Historical and Artistic Heritage Institute (IPHAN) being the first monument registered in
Manaus by the Historical Patrimony.
2

A BRIEF HISTORICAL CONSTRUCTION CHRONOLOGY

On May 21, 1881, the congressional representative A. J. Fernandes Júnior presented at the
Amazonas Provincial Assembly the project for the construction of a masonry theater in the
Manaus city [3,4,5]. On May 31, 1881, the Provincial Assembly approved the project, but only
on May 29, 1882, the Law 593 authorizing the provincial president to open competition for the
presentation of plans for the construction was approved [3,4,6]. In compliance with Law 593,
the provincial president José Paranaguá declared open competition for the presentation of plans,
establishing the period from June 3, 1882 to November 23, 1882 for the proposals submissions.
Only two projects were submitted: one presented by C. Celeste Saccardi and another one
presented by the merchant Bernardo Antônio de Oliveira Braga. The project presented by
Bernardo Braga and signed by the Portuguese Office of Engineering and Architecture of Lisbon
(Figure 2) was chosen by the jury composed of the engineers Joaquim Leovilgido de Souza
Coelho, João Carlos Antony, Charles B. Brisbin and the master builders José Pires dos Santos
and Ismael Vitório Gomes [3,4,7]. On January 13, 1883, the Provincial Assembly accepted the
plans chosen by the jury and ordered competition for the construction of the theater [3,4,7]. On
January 17, 1883, the provincial treasury was authorized to open competition for the
construction of the theater, and on May 17, 1883, four proposals were submitted. The proposal
presented by the Manuel de Oliveira Palmeira de Meneses was approved and the contract was
signed on August 23, 1883 [3,4,8]. Later the contract was transferred to the Italian company
Rossi & Irmãos [3,4,9]. Although the construction contract was signed on August 23, 1883 until
December 31, 1883, the works had not been started because the earthwork was not properly
prepared. In the following year, the earthworks began and finally on February 14, 1884 the
foundation stone of the building was laid [3,4,9]. In September 1885, President Ferreira Júnior
reported that in that year the theater had not progressed, but announced that in April 1885,
almost all the iron material needed for the construction of the building arrived on a British
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steamer [3,4,10]. In February 1886, the director of the Public Works Bureau reported that in
August of the previous year the president had the works suspended [3,4,11]. The construction
contract with Rossi & Irmãos was terminated on January 12, 1886 [3,4,11]. Construction was
only restarted in 1893 by Governor Eduardo Gonçalves Ribeiro. In May 1893, Manuel Coelho
de Castro signed a contract to restart the works. Eduardo Gonçalves Ribeiro hires the Brazilian
artist Crispim do Amaral for the decoration, painting, ornamentation and furniture works of the
Theater. Despite all the dedication of Eduardo Gonçalves Ribeiro, it was not possible to
complete the work during his administration and still unfinished, Amazonas Theater was
opened on December 31, 1896 [3,4,12,13,14]. In March 1897, Governor Fileto Pires Ferreira
stated in his first message that despite all efforts, it was not possible to inaugurate the theater in
the desired conditions. The work was not completed. The back facade, the balconies, the
platform around the building and some internal work, including the decoration of the Noble
Hall, were still missing [3,4,15]. In 1897, the Governor Fileto Pires Ferreira hired the Italian
painter Domenico de Angelis to decorate the Noble Hall of the Amazonas Theater, which was
opened only on the probable date of June 24, 1901 [3,4].

Figure 2: Original drawing of the Portuguese Office of Engineering and Architecture of Lisbon [16]: a) Ground
floor plan [16]; b) 3th floor plan [16]; c) Attic plan [16].

3

STRUCTURE AND CONSTRUCTION DETAILS OF AMAZONAS THEATER

When researched about the structural solutions and construction details of the Amazonas
Theater, it can be easily seen that Amazonas Theater have a very simple patterns, including a
simple dome above, and a very common roof solutions. The construction structure of the theater
is quite conventional, adopting the traditional four-walled box format (Figure 3a).
The monumentality of the building, with the overlapping of floors, required the use of much
iron material, especially the large structures, which embrace the building and are hidden under
the masonry. The presence of the iron elements in the construction of the theater is not so
evident, but are revealed in the attic of the building, as well as in the roof and dome structures.
The structural solution of the whole building in terms of the load transferring structure, start
from the top of the dome to the end of the columns and the perimeter masonry, supported with
iron bar in between columns, to the earth level.
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Although, externally, the Amazonas Theater presents renaissance composures, the diversity
of materials and the variation of stylistic trends applied to the building facade and the different
stylistic treatments adopted in the various environments defined the Amazon Theater as an
eclectic architectural building.

Figure 3: Amazonas Theater: a) Upper View; b) Frontal facade. Photo by Ivo Brasil Filho on June 4, 2019 [17].

3.1 The facade
The facade is divided into three bodies, the prominent central body consisting of a frame
that, on the ground floor, has five arches supported by pillars. On the second floor of this frame,
there is a balcony surrounded by balustrades interrupted by the bases of the eight Corinthian
columns that camouflage the pillars and support the entablature; above it stands another set of
pillars that support the base of the pediment, these pillars being disguised by eight small pillars
with capitals decorated with feminine faces. On these elements stands the curved pediment
which in its tympanum presents a relief set composed of two female figures, probably allegories
to music and theater, among them a card engraved with the date 1896 (Figure 3b).
3.2 The plans
The Amazonas Theater has a ground floor, three floors and the Attic floor (Figure 4), being
covered in masonry treated with continuous bossing, except for the floor corresponding to the
Attic floor. The mains environments on the ground floor are the Foyer and the Concert Hall.
The Noble Hall is located on the first floor. In the ground floor, the audience has 266 armchairs
and 93 chairs distributed in 20 trimmings.

Figure 4: The plans of Amazonas Theater after renovation of 1972-1974: a) Ground floor plan; b) 3th floor plan;
c) Attic plan. Filed in the Amazonas Theater Museum [18].
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The 1st floor has 110 chairs distributed in 22 staterooms and the Governor's cabin. The 2nd
floor has 125 chairs distributed in 25 cabins and finally, the 3rd floor has 95 chairs distributed
in 19 staterooms. In according to the architectural ground plan, the Amazonas Theater has a
plan with around 60.80 m x 30.80 m and a height of 35 meters considering the dome.
3.3 The Dome
In the internal structure, the steel dome (Figure 5) was manufactured in Belgium by the
"Compagnie Centrale de Construction Haine-Saint-Pierre”. The dome roof is composed of 36
thousand pieces of enamelled ceramic pottery and glazed tiles, coming from Alsace. The
original coloring in green, blue and yellow is an analogy to the Brazilian flag (Figure 5f).

Figure 5: The Dome: a) Original Prussian Iron Dome Charpent Plant filed in the Amazonas Theater Museum
[18]; b) The iron dome in 1885 [18]; c) In section dome plan [19]; d) The iron dome in 2019; e) The iron roof in
2019; f) The dome roof in 2019.

In according to the architectural plan, the dome has a diameter of around 19 meters. The iron
dome is composed of 8 curved flat trusses of variable height. In according to historical records
[12,13,14], the metallic structure of the roof and the dome took two years to assemble.
3.4 Foyer, Concert Hall and Noble Hall
The Foyer has 16 iron columns from Glasgow lined with concrete supported by pedestals
lined in marble (Figure 6a).
The Concert Hall has a floor plan in the shape of a lyre or horseshoe. Around this hall there
are three floors of cabins or friezes. Between the friezes on the ground floor there are columns
of the Ionian order. These concrete-coated iron columns extend to the third floor, the capitals
are of the Corinthian order. There are a total of 22 iron columns from Glasgow (Figura 6b). The
decoration of the Concert Hall is by Crispim do Amaral. The ceiling of the Amazonas Theater
concert hall consists of a barrel vault, an arched roof, built in wood pieces that lean into each
other, in order to support their own weight and external loads. The wood used are blonde lead
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wood and black wood called “envira”. The barrel vault structure, all made of interlaced wood,
forming a kind of the shell which is supported by a intricate system of levers and wood beams,
attached to rods, to resist efforts, forces or stress, fixed to the iron frame of the ceiling.

Figure 6: Amazonas Theater in 2019: a) Foyer; b) Concert Hall; c) Noble Hall. Filed in the Mário Ypiranga
Library [19].

The Noble Hall also has 16 columns. Although supported by Carrara marble, the shaft is
covered in plaster in order to imitate marble. The floor of the Noble Hall is the most original
part of the Amazonas Theater, composed of 12 thousand pieces of wood placed with a technique
called marquetry, which consists of not using nails or glue, making the woods stay in the perfect
fit position. between the pieces. It is important to highlight that the Noble Hall decoration work,
perfomed by the Italian painter Domenico de Angelis, extended for a few years after the official
opening in 1896 (Figure 6c).
4 STRUCTURAL INTERVENTIONS
According to consulted building and historical records, the four major structural
interventions underwent by Amazonas Theater took place, respectively, from 1926 until 1929,
from 1959 until 1962, from 1972 until 1974 and finally, from 1987 until 1990.
4.1 First structural intervention (1926-1929)
In the Ephigênio Ferreira de Sales administration (1926-1929), the building underwent
internal changes (Figure 7a,b). The seven front cabinets of the second order were removed and
a grandstand topped by a large stylized shell was built there (Figure 7b). There was also
suppression of internal walls, which separated two longitudinal and continuous corridors to the
friezes of the first order. The orchestra venue was expanded and stucco and painting works were
done in the hall and corridors [20,21,22]. The Foyer was decorated with guaraná leaves and
half pupunhas changing the original design of the Theater (Figure 7a). No record of changes in
the Noble Hall during this renovation was found (Figure 7c).

Figure 7: Amazonas Theater after renovation of 1926-1929: a) Foyer; b) Concert Hall; c) Noble Hall. Filed in
the Mário Ypiranga Library [19].
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Figure 8 shows the branches of guaraná behind the columns. The columns with capitals
alluding to the Amazonian flora have half pupunhas and simple half flutes on the plinth [19].

Figure 8: Foyer after renovation of 1926-1929. Filed in the Mário Ypiranga Library [19].

Amazonas Theater has been open for a long time, but since the 2nd World War it has
remained almost closed for about 20 years.
4.2 Second structural intervention (1959-1962)
During the government of Gilberto Mestrinho de Medeiros Raposo (1959-1962), the theater
underwent the second main structural intervention. Although the consulted historical records
mention this restoration, details of the modifications, interventions and changes made in the
original structure of the Theater have not been found.
4.3 Third structural intervention (1972-1974)
This restoration performed in the João Walter de Andrade administration was based on the
resumption of the original propositions of the theater and, at the same time, the installation of
indispensable technical devices capable of giving it a compatible contemporaneity, without
harming the appearance, details or character of the time when it was inaugurated (Figure 9).
For this, a careful research work has been done to verify the details of its original design that
have not been completed and, in addition, those that in subsequent renovations have been
modified or misrepresented [23].
A thorough examination of the foundations, the structure in general, the steel structure in
particular, the situation of the roof, the installations of light, power, water and sewage, the state
of conservation of the frames and the ironmongery and the valuable existing paintings in
theater. Some surveys were carried out to verify the foundations of the theater building and
sufficient solidity and stability were found [23]
The steel structure that supports the roof was the object of special study in the face of
deformations in the main element of the ridge. Structural stability analysis was performed and
a report on the subject was presented suggesting corrective measures. As a result,
reinforcements of steel profiled elements were added to the structure by electric welding. All
steel frame paint was treated with a metallic brush and solvent, receiving new anti-oxide paint
protection and two-coat finish. The wooden framework of the Noble Hall floor received, for
reinforcement, a special steel structure, supported by the peristyle columns [23].
Still in terms of structural steel, it is worth mentioning that 120 tonnes of profiled steel,
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constituting the imported warp from Austria, were mounted on the stage box. To support this
structure, another reinforced concrete was built, after being completely demolished the old
wooden for improper and obstructive. As for the wood in the theater, there was a need to replace
almost ninety percent of the structural elements, floors, ceilings and frames [23].
About two thousand and one hundred linear meters of wood beams were replaced. On these
rebuilt frameworks, two thousand square meters of new floor were put in place, replacing the
floor damaged by time and poor conservation. One thousand eight hundred square meters of
wood lining have been replaced in the same way, preserving the shape, size, quality of the wood
and the original look [23].

Figure 9: Amazonas Theater under renovation of 1972-1974: a) The facade [19]; b) The dome roof [19]; c) The
roof [19]; d) Excavations for the construction of the air conditioning unit and generator room [18]; e) Internal
works of the Concert Hall [18]; f) Renovation of the friezes of the Concert Hall [18].

The frames, doors and windows, were removed, repaired and replaced their ironmongery,
some of them had to be manufactured according to model. The two main side access stairs to
the staterooms and friezes were demolished and replaced by reinforced concrete stairs and
covered with Liós marble [23].
The lack of sanitary facilities required the construction of new units, thirty-two sets in the
dressing room area and ten sets in the audience area. Taking into consideration the type and age
of the theater building, one can get an idea of the difficulties in locating, building, finishing and
installing the whole system, which is indispensable for the operation of a theater house with a
larger population, a thousand people, including spectators, artists, musicians and technicians
[23].
The stage box has been totally reformulated. All internal constructions were demolished and
removed, taking advantage only of the outer walls. Then, with reinforced concrete structure,
were built twenty dressing rooms, with capacity for seventy people, besides other service
facilities, walkways, access, stairs, toilets, bar, involving a built area of nine hundred square
meters and more than two thousand and five hundred square meters of brick masonry. A new
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wooden stage floor, including its structure, was built [23].
The original form and appearance of the concert hall has been restored and a gallery built in
one of the renovations at the expense of the mutilation of the second and third cabins was
demolished. This work restored the hall, restoring it to the classical, elegant conformation
typical of the lyric theaters of the time. To this end, cast-iron railings and special columns were
ordered to merge, completing, in the smallest detail, the boxes that had been suppressed [23].
4.4 Fourth structural intervention (1987-1990)
A decade after the last renovation, during the Amazonino Armando Mendes government
(1987-1990), the theater underwent the last major restoration. The building's condition was
precarious and a survey was conducted that pointed to the urgent need for further reform [18].
A long work of prospecting was carried out in all internal environments of the theater, as
well as on the facades and walls. This technique was applied in places where supposedly there
had been no previous interventions to observe the original. Several layers of paint and
decorative elements were discovered [18].
The woods underwent several types of treatment. Thousands of liters of immunizers were
consumed. Even so, about 40 m3 of wood totally damaged by the action of termites had to be
removed. The new woods that were applied strictly followed the same specifications as the
previous ones (Figure 10a).

Figure 10: Amazonas Theater under renovation of 1987-1990: a) Treatment of the wooden structure of the
Concert Hall plafond [18]; b) The dome roof [19]; c) Apparent surrounding wall restoration [18], d) The
parallelepiped blocks restoration [18].

A reservoir with a capacity of forty thousand liters of water was built exclusively for fire
fighting. The entire sewage and water installation system was replaced since the previous ones
were in a high state of oxidation. In addition, a further 2,300 meters of piping were installed.
To facilitate maintenance, the rainwater pipes that were embedded in the external walls gained
a new direction and were connected to the network through external PVC rigid tubes [18].
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For the feasibility of presenting any type of show, the theater was equipped with modern
sound equipment. Over two hundred and seventy scenic projectors and other accessories have
been restored. These are originally from England. The audience and the stage now have an
efficient cooling system with the installation of a central. The dressing rooms also have cooling
units. A new telephone installation system was developed and executed, serving the entire
dressing room, bar, foyer and ticket office area. Closed circuit TV was installed covering the
main space and interconnecting them through video monitors [18].
The drainage of the gardens was planned in such a way as not to allow water to seep into the
apparent stone walls that delimit the external area of the Theater and was carried out in the four
flowerbeds. In order to avoid infiltrations caused by the porosity of masonry and coverings, all
terraces, slabs, substation, engine room, water tanks, cisterns, cornices and plateaus were
waterproofed [18].
Part of the 36,000 enamelled ceramic tiles of the dome have been replaced. In previous
renovations, original tiles were replaced and those that remained were given a coat of paint.
The paint from thousands of original parts were removed while the non-original ones were
completely replaced due to the very low quality standard (Figure 10b). The metal structure of
the dome received careful repairs and the various points of oxidation were eliminated.
All the wooden ceilings in the circulation of the friezes were replaced since the ones that
were there were placed without previous historical study. The other ceilings were overhauled
and the damaged parts were replaced. The plaster-like ceiling of the frontal circulation to the
Noble Hall was completely rebuilt after reinforcing the structures. The dressing rooms and
circulations received a lowered ceiling made of easy-to-maintain aluminum material [18].
The wall surrounding the theater was completely painted and grafted with cement and sand
mortar imitating stone. As the research showed the wall was originally apparent, all the
suspicious material found was removed and other stones with the same characteristics were cut
and placed in the necessary places (Figure 10c).
The woods on the stage floor that were previously in Louro-Preto and Jacareúba were
completely replaced by Freijó. The other floors that bring wood such as Pinho de Riga, Acapú
and Macacaúba, Amarelinho were scraped and sanded by hand. The white marble floors of the
terraces, the noble balcony and the sills of the 1st floor have been replaced by Aurora Pérola
marble. The Liós stone floors were polished and waxed [18].
The imported stones on the external sidewalks and staircases that had defects were
reconstituted. The parallelepiped blocks of the external street were analyzed and 74 thousand
pieces with the same characteristics and resistance as the originals were produced and laid
(Figure 10d).
In the bathrooms and toilets, high-strength materials such as granite, marble and tiles were
applied [18].
A total of 800 pieces of furniture including Concert Hall chairs and armchairs has been
restored. Specialized restorers performed the restoration work on the theater's rich collection of
32 chandelier in Murano crystals, 166 bronze chandeliers equipped with 1,360 tulips, 2 curtains
making a total of 308 m2, arch of proscenium, medallions, plafond of the Concert Hall with 204
m2, railings of the Concert Hall, fresco to the mask of the Concert Hall, plafond of the Noble

230

Maria S. M. Sampaio

Hall with 100 m2, parietal paintings of the Noble Hall, 6 cast iron statues, ceiling of the Noble
Hall balcony, fresco to the mask of the room 37, 28 plans of the original drawing and the foyer
columns
Finally, the structural wood embedded in the facades was totally attacked by termites. The
classification and restoration of reusable wood was planned and a technical solution for
structural recovery without causing architectural changes was studied [18].
During its renovations, the Amazon Theater had the colors imperial rose, bluish gray, and
gray. Currently, Amazonas Theater is back to being imperial rose (Figure 11).

Figure 11: a) Before restoration of 1972-1974 painted in gray [19]; b) Under renovation of 1972-1974, painted
in bluish gray [19]; c) Under renovation of 1987-1990, when it was painted in imperial rose, its current color
[19].

Recently, during a painting's scraping a deep gold layer was discovered. Gold was applied
in a small amount, more or less in the same proportion that exists in the Noble Hall. Nowadays,
almost 30 years after its last major restoration, Amazonas Theater retains much of its original
decoration, architecture, paintings, furniture, floors and objects used 100 years ago. Besides
that, a rigorous and permanent maintenance keep the original environment solid [18].
5 CONCLUSIONS
-

In this paper, a brief historical construction chronology of Amazonas Theater is
presented. The structure and construction details as well as the main structural
interventions performed during its 123 years are described. Considering all the
challenges faced by a construction carried out in the middle of the largest tropical forest
in the world, its construction presented advanced solutions for the time, highlighting
the metallic structure of the roof including the dome that took two years to assemble.
According to consulted building and historical records of the Theater, that took 17
years to open, its construction taking all this time mainly because of logistical issues,
since practically all the materials used in its construction came from Europe.

Acknowledgements. The author would like to acknowledge the Escola Superior de Tecnologia,
the Universidade do Estado do Amazonas, the Governo do Estado do Amazonas, the Secretaria
de Cultura e Economia Criativa do Amazonas, the Gerência de Acervos Digitais, the Amazonas
Theater, The Arquivo Público do Estado do Amazonas and the Memorial e Biblioteca Mário
Ypiranga Monteiro for the support for this research.

231

Maria S. M. Sampaio

REFERENCES
[1] D.M. Durango. Manaus entre o passado e o presente. 1st Edition, Mídia Ponto Comum,

2009.

[2] A. Caccavoni. Album Descriptivo Amazonico. Genova: F. Armanino, 1899.
[3] M.Y. Monteiro. Teatro Amazonas. 2ª edição revista e aumentada. Manaus: Editora Valer.
[4]
[5]
[6]
[7]
[8]
[9]
[10]
[11]
[12]
[13]
[14]
[15]
[16]
[17]
[18]
[19]
[20]
[21]
[22]
[23]

Governo do Estado do Amazonas, 2003. 686p.
O.M. Mesquita. Manaus: história e arquitetura (1669-1915). 4th Edition revisada e
ampliada – Manaus: Editora Valer, 2019. 362 p.
Annaes da Assembléia Legislativa do Amazonas. 1880-1881. Manáos: Typ. do Amazonas,
1881.
A.J.Furtado. Exposição do presidente Alarico João Furtado, 7 de março de 1882. Manáos:
Typ. do Amazonas, 1882.
J.L.C. Paranaguá. Relatório do Presidente em 25 de março de 1883. Manáos: Typ. do
Amazonas, 1883.
J.L. Paranaguá. Relatório do Presidente em 16 de fevereiro de 1884. Manáos: Typ. do
Amazonas, 1884.
J.L.S. Coelho. Relatório do diretor da Repartição de Obras Públicas em 8 de julho de
1884. Manáos: Typ. do Amazonas, 1884.
J.J. Ferreira Júnior. Fala do presidente da Provincia em 21 de setembro de 1885. Manáos:
Typ. Jornal do Amazonas, 1886.
L.B.Bitancourt. Relatório do diretor interino da Repartição de Obras Públicas em 10 de
fevereiro de 1886. Manáos: Typ. Jornal do Amazonas, 1886.
E.G. Ribeiro. Mensagem do governador em 10 de julho de 1893. Manáos: Typ. do Diário
Official, 1893.
E.G. Ribeiro. Mensagem do governador em 10 de julho de 1894. Manáos: Imprensa
Official, 1894.
E.G. Ribeiro. Mensagem do governador em 1 de março de 1896. Manáos: Typ. do Diário
Official, 1896.
F.P. Ferreira. Mensagem do governador em 4 de março de 1897. Manáos: Typ. do Diário
Official, 1897.
Governo do Estado do Amazonas. Secretaria de Cultura e Economia Criativa do
Amazonas. Gerência de Acervos Digitais.
I.B. Filho. Acervo pessoal. Manaus: 4 de junho de 2019.
Governo do Estado do Amazonas. Secretaria de Cultura e Economia Criativa do
Amazonas. Museu do Teatro Amazonas.
Governo do Estado do Amazonas. Secretaria de Cultura e Economia Criativa do
Amazonas. Memorial e Biblioteca Mário Ypiranga Monteiro.
E. F. Salles. Mensagem do governador do Amazonas em 21 de dezembro de 1927. Manáos:
Typ. da Imprensa Publica. 1927.
E. F. Salles. Mensagem do governador do Amazonas. Manáos. 1928.
E. F. Salles. Mensagem do governador do Amazonas. Manáos. 1929.
C.P. Valladares. Restauração e recuperação do Teatro Amazonas. Governo do Estado do
Amazonas, 1974.

232

G. Kaymak
An
ExampleHeinz
of Fit-for Purpose Use of Materials in Roman Architecture: P Temple, Side,
Antalya/Turkey
12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

AN EXAMPLE OF FIT-FOR PURPOSE USE OF MATERIALS IN
ROMAN ARCHITECTURE: P TEMPLE, SIDE, ANTALYA/TURKEY
GAMZE KAYMAK HEINZ
Faculty of Engineering and Architecture, Department of Architecture
Beykent University
Hadımköyyolu, 08034 Ayazağa, Sarıyer, Istanbul, Turkey
e-mail: gamzekaymak@beykent.edu.tr

Keywords: Side, Pamphylia, Temple P, Fit-for Purpose Use of Material, Historical Structure
Abstract. The high-podium Roman Period temple, with a semi-circular plan scheme, was
discovered by Lanckoroński and his team in Side, Turkey and named after ‘P’ in 1890 [1].
The temple was unearthed by Mansel [2] and his team in 1947 through archaeological
excavations. In 2013, further studies started on the temple. The aim of the still ongoing work is
to seek answers to such issues that haven’t been clarified yet, as the plan scheme, to whom it
was dedicated, and the date of construction.
In this context, the construction structure of the Temple P was investigated during the present
study based on in-situ and precise documentation: At least five different types of stones were
classified by purpose, including conglomerate, travertine, sandstone, marble and rubble stone
mixed with mortar as infilling material. It was seen that fit-to purpose use of the material was
considered more important than the ideal and repeated dimensions of the building blocks.
Moreover, local material was used except for the outsourced marble.
In addition to the large-sized clamps and dowels in the load-bearing core blocks of the
walls, the spaces between the coatings and the load-bearing core were filled with mortar.
In this construction technique, opus revinctum and opus caementitium were used
together. The partition walls separating the three rooms of the lower floor and the vault
cover made with mortar and formwork system belong to the construction period of the
temple. However, there are indications that the outer walls, about 2,5 m thick, originated
from the foundations of a precursor structure. Four construction stages of the pillar profiles of
the orthostat coating blocks of the podium, each having different lengths, can be
traced from the upper surface workmanship, without scalping. The podium, which is
approximately 2,30 cm high, is reached by one main and two side stairs. Numerous, high
quality marble blocks in front of the cella on the podium indicate the presence of a
monumental entrance structure made in opus revinctum technique. Unlike the profiled
orthostat blocks of the podium, which were processed in situ after assembly, the cassette
and cornice blocks of the entrance structure were produced 'on the ground' previously. The
restitution of the marble cassette ceiling of the monumental entrance structure has been
developed by combining the 1:10 scale precision surveys of the blocks via a computer aided
method. The efforts for a modular planning and production are witnessed in the construction
of cassette ceilings.

233

G. Kaymak-Heinz

1

INTRODUCTION

The temple P, with high podium and a plan scheme of slightly larger than a semi-circle, is about
100 m away from the Athena and Apollo temples dedicated to the chief gods of the city in the
Ancient city of Side in Pamphylia region. The 231 cm high podium forms the lower floor of
the temple with its three vaulted rooms. The semi-round cella over the podium has a linear
entrance façade of 16.80 m to the west and a depth of 11.15 m measured at right angles from
the middle of the façade. In front of the cella there is a filled-in platform forming the lower
structure of the monumental entrance structure, bounded by orthostat coatings on both sides.
The arrangement of the orthostats suggests the presence of a wide main staircase leading up to
the podium to the west and a secondary staircase each from the northern and southern sides.
The lower floor, which houses three spaces connected to each other by door openings, has
an outer wall thickness of 2.50 m, excluding the outer orthostat coatings. The bottom level of
the lower floor is below the street level. Today it is accessed from the partly collapsed vault
cover; there is no external access (Figure 1).

Figure 1: Temple P aerial view (Side Excavation
Archive)

Figure 2: Remains of the cella wall

2 TYPE AND LOCATION OF MATERIALS USED AT TEMPLE
In Roman architecture, adaptation to regional conditions was achieved by means of different
construction techniques rather than by different building styles. Different construction
techniques were developed as a result of the use of more economical and easily accessible local
building materials [3].
Greek master builders meticulously paid attention to the harmony of stone joints in order to
obtain repetitive measurements and maintained this rule for centuries. For the Roman building
masters, the fit-for-purpose use of material was more important than the ideal and repetitive
dimensions of the building blocks [4,5].
Wright states that the precision of the Roman craftsmen in joining face stones lacked the
ability to combine them with almost no joint spacings as in the Classical Greek workmanship.
He argues that the Greeks used tools for ‘forging’ where Romans for ‘cutting’, and that the
Romans preferred soft, less crystallized stones due to the difference in the methods of
stonework [6]. The fact that Temple P, a Roman Temple, had six different types of stones in
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various sizes, distributed in accordance with the location and construction technique, confirms
these claims:
Table 1: Types of stones used in Temple P

Conglomerate

Foundations

Travertine

In the carrier core of the cella wall

Sandstone

Orthostat coatings

Marble
Face stone

At two-storey monumental entrance structure and cella gate,
at the inner coating of cella in thin plates
On the vault cover of the lower floor

Rubble

In the filling of the lower structure of the monumental entrance structure

There is a distinctive hierarchical structure among the building materials used in the temple,
according to their functioning as bearing unit or surface layer. Also, different applications
regarding the mortar use are seen, depending on the location, such as whether there is a mixture
of bricks (rough and fine construction works) or not.
2.1. Conglomerate
Conglomerate (conglomerāre, Lat. = gathered into a ball or rounded mass), local ‘natural
concrete’ or so-called ‘sea coastal stone’, which has a very high bearing capacity and durability,
occurs spontaneously in the nature and formed by hardening of sea stones, pebbles, sand, and
remains of sea creatures altogether by means of the dissolution of lime in sea shells. If the
pebbles in the conglomerate are not rounded but angular, they are called 'breccia'. Their color
varies according to the color distribution of pebbles [7,8].
Lamprecht suggests it can be asserted that the master builders were inspired by the
conglomerate in nature, in other words 'natural concrete' in development of opus caementicium,
also called as Roman concrete [3]. Regarding its technical properties, conglomerate is generally
a difficult-to-cut building material; it is difficult to obtain smooth-edged blocks because the
hard gravels within it are broken in heaps during the production and processing of the blocks.
Therefore, the location of their use is generally determined by the size of the gravel grains. The
smaller the grain size, the better it is suitable for fine profiling. In Side, fine-grained
conglomerate blocks as used in the jambs and lintels of some gates on the walls were profiled
with fascia. The conglomerate used in Temple P has a coarse-grained structure (Figure 3-4).

Figure 3: Example of conglomerate block used in
foundations

Figure 4: Cella wall foundation
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2.1.1 Use of conglomerate in the structure: foundations
It can be observed that the master builders had more confidence in conglomerates, which
was frequently used in the antique buildings of Side, compared to the travertine in static terms.
They preferred conglomerate for the point foundations set for the frontal columns of the
monumental entrance structure, the continuous, uninterrupted foundation of the second row of
columns, and in the lowest sequence of the cella wall, i.e. where the structure should be
'stronger' in static terms (Figure 4).
The conglomerate blocks, which form the lower row of the travertine bearing core of the
cella wall, were aligned side by side on the massive wall of the lower floor. They contained
clamp slots indicating that they were connected to the sandstone blocks at the same level and
in front of them. However, they do not have a clamp connection between each other or dowel
slots for fixing the next row of stones onto them. This indicates the fact that the master builders
were more concerned with the pull and push force than the compressive force. There are no
dowel holes on the upper surfaces of the conglomerate blocks forming the basis of the columns.
The singular column foundations or 'continuous conglomerate blocks' of the monumental
entrance structure also function as a binder and reinforcer in static terms, preventing the sliding
of small sized rubble and fill material forming the substructure.
2.2 Travertine
Travertine is a type of large perforated limestone formed by continuous addition of lime to
the fossilized residues of seashells. The formation of these stones can be clearly understood
from the fossilized residues of living beings or the traces they left on the stone. Travertines,
which are available in quite different qualities, are generally very robust and weather resistant.
It takes a long time for travertines to reach ideal properties such as having different color layers
used by sculptors, being able to be polished well and weather resistant [7].

Figure 5: Travertine blocks used in the bearing core of cella

2.2.1 Use of travertine in the structure: the inner core of the cella wall
The travertine used in Temple P is of lime tuff, which had not yet completed its
crystallization process. These hard-to-break, porous (thanks to the traces of the fossils), and
hard travertines with fossil traces are not suitable to be used as surface layers because of several
pores and are not suitable for producing blocks of standard dimensions. The cella wall of the
temple was built by a three-walled construction technique. Here, the carrier core is formed by
travertine blocks behind the façade coverings and on invisible surfaces (Figure 5). Sandstone
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was used as a coating material on the outside of travertine. A 2,2 cm thick marble cladding
material was used inside the wall, facing the cella space.
On the upper floor, travertine blocks were brought together side by side in longer format in
the in-situ wall part of the linear western facade of the cella and in shorter format in the rounding
part of the cella wall (Figure 2-3). This wall technique, where the 6-8 cm gap left between the
inner and outer claddings is filled with mortar, did not require that the travertine blocks were
very precise in size or the blocks were cut circularly. Long clamps up to 30 cm were used to
cover the mortar-filled distance between travertine blocks and cladding blocks. In the northern
corner of the cella, there is an in situ 96 cm high and 20 cm thick orthostat-style sandstone
outer crust and 55 cm thick travertine array (Fig. 2). The dowel slots on the inward side of the
travertine blocks and the remains of 2,2 cm thick marble slabs over the surface levelled by 5-6
cm mortar indicate that the cella was covered with marble.
2.3. Sandstone
As mentioned, the conglomerate and travertine blocks were used only in foundations and in
the bearing core, on the grounds that they failed to meet the expectations as surface layer.
Homogeneous, smoothly cut and processed gray, local sandstones with fine pores were used on
the sides of the temple that were visible from outside. Static integrity was achieved with dowels
and clamps, where sandstone met conglomerate and travertine. Mortar was used as additional
support.
Sandstone is a type of sedimentary rock formed by fusing sand grains smaller than 2 mm. It
has a friable structure; and it is not possible to obtain a glossy surface. It is easy to cut and
process and hardens by drying in the air. The sandstone, which may have very different
technical properties, is available in many colors including red, yellow, brown, greenish, and
whitish [9].
The local sandstone must have been easy to acquire because of its friable characteristics;
therefore, it can be considered an economic option. Such characteristics as easy formability and
a homogeneous structure must have been effective in the decision to use it as cladding material
at the podium and Temple P, with a circular-formed cella. Surface damages on this type of
stone occur in the form of crumbling, wearing, and scouring. Due to the bedding property
fractures generally occur in thin layers. Due to this feature, the top and bottom profiles of
orthostats, the block of the cella wall after the base, and the round architrave-frieze block of
cella were not embellished.

Figure 6: Sandstone orthostat blocks used for podium coating
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2.3.1 Use of sandstone in the structure: orthostat coatings
The 2,50 m thick outer wall of the lower floor of the temple was cladded with orthostat
blocks of various lengths made of approximately 20-30 cm thick sandstone (Figure 6).
Aschenheim suggests that the vertical stones (orthostats) placed in front of the masonry
made of rubble stones were taken from Greek Architecture of the Archaic Period and that the
'tripartite base' was introduced by incorporating the foot and 'head' profiles [10]. Hueber asserts
that the first use of orthostats was based on building physics, and that moisture, as drawn from
the soil with homogeneous and upright blocks, was prevented from damaging the building.
Furthermore, this principle of construction was transformed into a design and style tool over
time [11].
The first connection between the 146 cm high orthostats of the podium and the massive
circular wall was made by placing the profile blocks, which were deeper than the orthostats on
top, onto this thick wall. After the orthostat was placed in its location, the 5-6 cm gap with the
wall was filled in with mortar and clamped to the rearward block. Thus, in terms of structural
physics, any moisture that might have occurred would be directed upwards through the filling
mortar between the orthostat and the massive wall. This would possibly prevent the mortar
from disintegration by drying out, before trying to drain out of the dense stone texture of the
vertical blocks.
Orthostat blocks of various lengths and thicknesses indicate that the stones were not ordered
in standard sizes but delivered in such sizes that satisfied the 'preliminary data', perhaps in the
terms of lower and upper limits. The ordered stones must have been pre-treated after they were
brought to the construction site, either at the crane's area of operation or in a stone workshop
within easy reach. While this is done, the stones must have been worked after the visible
surfaces of the blocks were placed in their location with their back surfaces roughly machined
-perhaps left as they came from the quarry- and the bottom and side faces were the smoothest.
It's even advantageous if the back surface was not very smooth, considering that the gap left
with the existing wall would be filled in with mortar. This is because five stages can be
determined until the end of the profile.
The upper surface workmanship of the foot profiles, which are 14–15 cm deep,
approximately 31 cm high and of different lengths, such as the orthostat blocks of the podium,
indicate that these blocks were roughly machined with stonemason's chisel and placed as cut at
a certain angle in the direction of the profile. This type of assembly, which can only be done
from the front, requires a clearance on the rear surfaces to ensure precise placement of the
blocks. In a section showing the untreated stage of the profile, it is found that three dovetailshaped 'docking slots' were drilled into the upper surface of the stone in order the orthostat
block above could be aligned and pushed towards the neighboring stone or backwards. Thus,
the orthostat block was placed in its position as much as it was possible, it must have been
pushed to its the ideal position with the help of a lever. This lever detail in the foot profile must
have been made after the orthostat block array was placed. From the differences in surface
workmanship of the foot profile array of orthostats, it can be observed that the profile was
brought to the desired final state in five stages. As for the section, the profile was not yet
processed, the workmanship was completed, and that there were irregularities in the
workmanship that continued beyond the joints: This proves that the surface layer was treated
after assembly. On the front side, the marks of the stonemason's chisel are visible under the
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marks left by the stonemason's dredge. This detail shows that the final process was delayed
after the completion of the construction.
2.4. Marble
All material used in the construction of Temple P is the local material, except for the marble
preferred in the monumental entrance structure in front of the cella. Ward-Perkins states that
only the 'marble style' was preferred in the monumental buildings of the Roman Empire in
Pamphylia in the middle of the 2nd Century [12].
İnan suggests that the absence of a marble quarry near Side shows that the marble
requirement for sculpture was met from outside [13]. However, the remains of many buildings
in the city, and many of the statues and sculpture fragments that have been recovered show that
marble was used in abundance. It also indicates that the overseas ordering and delivery of the
material was successfully implemented. The marble brought from outside must have been
processed in the city workshops.
Nolle acknowledges that the people of Side have rich donors from the wealthy strata, who
were willing to pay the high price of overseas transport in order to give their cities a marble
appearance by covering the local building materials with marble. He considered the same as a
sign that it was very popular as a way to make oneself immortal by being memorialized on the
buildings. As a matter of fact, the marble used in the monumental entrance structure in temple
P in front of the cella and oriented towards the square must have been be acquired from
overseas.
Scientifically, marble is a crystallized rock stone, the grains of which can be individually
discerned by naked eye [7]. They can be of various colors depending on the additive source;
they are statically resistant and have good weather resistance. A gray-white veined marble was
used in Temple P; the fractures are along the veins and in layers.
An important difference of marble compared to other materials used in the construction is
the construction technique. The richly decorated marble blocks of the monumental entrance
structure were worked out almost entirely on the ground before assembly. The one-piece
cassette and cornice blocks suggest that they might have been produced at accurate and precise
sizes by taking measurements in place after the assembly of the columns and architraves. Like
the ceiling cassettes of the stage building of Side ancient theater and the cassettes surrounding
the cella of Tyche Temple, the cassettes of the entrance structure of Temple P were carved from
a single block with all its profiles and frames.

Figure 7: Cassette-Cornish block

Figure 8: Marble threshold block of cella door
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2.4.1 Use of marble in the structure: Monumental entrance structure (revinctum
construction technique)
There are many architectural blocks made of gray-white veined marble such as column body
fragments, column bases, column caps, elaborately worked richly decorated cassette-cornices
(Figure 7), architrave-frieze blocks with double-sided appearance, and tympanons on the
platform in front of the cella. It is also understood from the in-situ threshold block (Figure 8)
and the gate lintel that fell just in front of it that the door on the western wall of the cella was
made of marble.
The technical connections between the blocks are limited to dowels; clamps were not
considered necessary in the construction of the ceiling. There are remains proving that a lead
channel was used in addition to iron dowels for the installation of columns and bases.
Anathyrosis was not applied to the seating surfaces of cassette and toothed cornice blocks and
the whole surface was smoothed to distribute the load over a larger area. It is seen in the single
column cap available that the surface on which the architrave will sit was made higher by
pulling back from the profiles. This, therefore, secured the profiles against compressive strength
and fractures.
There are slots for two small lower dowels each on the two lower ends of the cassettes, where
the clamps are not used and the frieze seats. With smooth machining of the side faces, the blocks
were able to approach each other with zero clearance. Very few blocks have lifting holes. Use
of deeper reliefs on visible surfaces and less deep reliefs on less visible surfaces in
embellishments should be interpreted as an economic working method.
Hoepfner suggests that the oldest example known to have influenced the design of marble
ceilings is Hieron in Samothrake dating to the 2nd Century. There cassettes of various sizes
were brought together. He asserts that while it was previously preferred that cassettes should
be as uniform as possible, combining areas of different sizes was preferred as from the Late
Hellenism. According to Hoepfner, this solution shows that the high beams surrounding the
cassettes were considered disturbing, because they covered the painted or relief-decorated main
surfaces of the cassettes [15].
The large cassette type at both ends of Temple P occupies a large area. In the parts close to
the cella, many smaller cassettes were brought together, extending the cassette area, and
therefore the field of view, to prevent the likelihood of a beam hindering the appearance.
2.5 Face stone
Opus caementicium technique was used in the vaulting of the rooms on the lower floor of
Temple P. Gruben states that the vault construction, the most important invention of the Roman
Period, was not prominent in the temple buildings, because it was preferred to adhere to the
Classical Greek temple construction as proposed by Vitruvius [16]. This technique, which did
not require a great deal of manual dexterity, could have been done by local builders well as by
unskilled workers. To that end, use of rubble stone, mortar, and mold night have been enough.
In Temple P, the vault cover was used only on the ceiling of the lower floor. The fact that not
only rubble stones but also stones with smoothly cut side and bottom surfaces were used
indicates that the stonemasons worked in the construction of the vault.
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2.5.1 Use of face stone in the structure: vault cover of the lower floor (mortar and
formwork system)
The cradle vault cover in the middle of the lower floor starts at the same height on the two
side walls and transfers the static load to those walls equally. On the underside of the barrel
vault, from the semi-round shaped print marks left by the molds to the mortar, approx. It is still
clear that logs with a diameter of 16 cm (round trunk of cut trees) have been used.
The apex of the half vaults in the triangular planned side rooms are positioned approximately
50 cm away from the wall separating the middle space in the southern room and approximately
70 cm in the northern room. They sit on this wall by reducing the height of the vault by only 67 cm. They sit on the thick outer wall with a fairly steep incline in the other direction. Thus, the
loads of the vaults of the side rooms were transferred to the 2.50 m thick outer wall. The vaulted
cover of the triangular planned side rooms was mounted on a circular thick wall at an increasing
height and irregular geometry towards the top of the triangle in the plan.
The fact that the vault was placed on the thick wall in such an irregular geometry suggests a
repair that was conducted subsequently on the wall rather than a designed construction. During
the Roman period, if the area, where a building was located, was to be reused, the building was
not demolished and destroyed. Alternatively, the old building was covered with filling and
incorporated into the foundations of the new construction. In Rome, for example, some of the
walls of Nero's Golden House, built in 64-68 AD, were used as the basis for the Trajan Baths
built in 109 AD [17].
The wood formwork system was also used in the construction of the vaults of the side rooms.
The round form of wood that made up the formwork is understood from the traces on the mortar
over the vault left by the wood added end to end in short pieces in order to rotate. The clear
visibility of the mold marks also suggests that the lower surfaces of the vaults were not plastered
after the mold was removed. The front of these three rooms, which had the appearance of a
closed cave when they were built, must have been kept open during construction. This section,
which also forms the boundary of the platform in front of the podium to the temple, was closed
by a wall about 70 cm thick, which was considerably less than the 2,5 m thick wall of the lower
floor after dismantling and removing the mold used to build the vaults.

Figure 9: Vault cover of the lower floor

Figure 10: Infrastructure of one of the side stairs
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2.6 Rubble (untreated) stone and its place of use: Infrastructure of the monumental
entrance and stairs
In addition to the conglomerate foundations, a mortar mixture without rubble stone and bats
were used as the filling material for raising the infrastructure of the platform in front of the cella
up to the podium level and for the infrastructure of the stairs. It is known that mortar was
especially important for the Roman construction technique [18]. In Temple P, rubble stone,
bats, and a mortar mixture without bats were used for the bases of the vault covers of the lower
floor that were placed on the thick outer wall. They were also used for the filling of the platform,
where the monumental entrance structure was located, in front of the cella (Figure 10). In
general, two types of mortars were used: one without bat addition as seen in the masonry and
fillings, and another one with bat addition, where there was contact with marble. As in today's
buildings, rough and fine work was differentiated in construction.
3 CONSTRUCTION TECHNIQUE AND STONEWORK
In ancient times, while architectural ideas and aesthetic creativity were tested by means of
application, special requests encouraged the development of the technique and generation of
new building ideas.
Opus caementicium, one of the most important “inventions" in architectural history, which
Ward-Perkins described as “a turning point in the history of architecture” [19] and Deichmann
as “revolution of building technique” [20] had long been known when P Temple was built.
Although the foundations of the podium of the Concordia-Temple (121 B.C.) has been
considered the oldest surviving example that used this technique [21], a wall-building
technique, where the gaps between the bedrock and the cladding blocks were filled in with
mortar was found at Belevi Mausoleum, a Hellenistic period structure dating back to 280 B.C.
in Anatolia [22]. Thanks to “opus caementicium”, the Romans were able to build more
ambitious, more durable monuments with increasingly larger domes and vaults along with
bridges and aqueducts. As a matter of fact, in 118-125 AD, this technique reached to a peak
with Pantheon, which has a dome of 43 meters in diameter. Especially, the fact that the density
of the components of the mortar used in the Pantheon gradually decreases from the bottom to
the top [23], suggests that they were very competent about statics and the said construction
technique.
In his second book on building materials and construction techniques, Vitruvius compared
the wall technique of the Roman and Greek structures: He criticized the way Romans used
vertically positioned stones and filled in the gap with a mixture of mortar and broken stones
with an aim to form the outer shell and the three-layered method with two outer shells and the
filling wall between them. He stated that the Greeks made the whole wall massive, which
consisted of an inner and outer shell made of carefully engineered stone blocks without using
mortar and the core between them again made of smoothed stone blocks. He praised the Greek
method of emplecton stating that the outer and inner shells were held together by clamping,
stone blocks, or metals covering the entire width [24]. With its wall technique, Temple P is
different from the two definitions by Vitruvius', and even that it is a combination of the two.
The opella revinctum was used along with mortar in the construction technique of the cella wall
of Temple P. Despite its coarse texture, the inner travertine block was prepared by cutting all
the surfaces to have it function as filling in the wall. The mortar used in the space between the
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bearing core and the coatings does not have a bearing function. The load bearing function is
predominantly assumed by the travertine core in this wall technique. Although Lamprecht
asserts that generally the core wall was responsible for load bearing in concrete structures of
the Roman period, he meant the core made by opus caementicium [3]. In Temple P, the
travertine core layer assumes that function.
4

CONCLUSIONS
-

-

-

The selection and distribution of materials suitable for the purpose of Temple P is only
possible with great building experience and material knowledge. Because it requires
an insight into not only the bearing capacity of the material, but also the likely
movement and pressure forces that may occur in the structure.
Master builders preferred to use as little material as possible in each period. This
approach had a positive effect as a working method on the acceleration of the
construction process and the construction economy. We can define this as
rationalization: Nowadays, the concept of rationalization means the use of modern
production methods, in which better results can be achieved with the same effort or the
same results with less effort. It can be said that this approach also applies to Side
building masters from during Antiquity. Use of opus caementicium and opus
revinctum, where it's deemed necessary, is an example of the foregoing. It must have
provided a rapid construction process beyond being an economic option.
Nowadays, while there are standardized ready-made ceiling elements produced in high
numbers taking into consideration a certain tolerance in dimension, a 'same style'
production mode was preferred in 'Temple P', which allowed conducting adaptation
processes during assembly. As it is today, the construction elements were pre-finished
elsewhere as much as possible, in order to ensure easy and quick production during
construction. However, no cassette element at Temple P is exactly the same as another
but used as mirrored due to symmetry at most. Nevertheless, even in this state, it is a
candidate of being a pioneer of prefabricated production.

Acknowledgements. The activities at Temple P are carried out under Side Excavations.
Geodetic measurements; conducted in 2015 thanks to the financial support of Suna-İnan Kıraç
AKMED Research Institute. The studies were supported by TUBITAK at Beykent University
within the scope of 2232 BIDEB scholarship program between 2016-2018.

REFERENCES
[1] K. G. Lanckoroński, Städte Pamphyliens und Pisidiens I (1890)
[2] A. M. Mansel, E. Bosch ve J. İnan, 1947 Senesi Side Kazılarına Dair Önrapor - Vorläufiger

Bericht über die Ausgrabungen in Side im Jahre 1947, TTK (1951).

[3] H.-O. Lamprecht, Opus Caementitium. Bautechnik der Römer (1996). Römisch-

Germanisches Museum Köln, Beton-Verlag.

[4] E. R. Fiechter, Der Ionischer Tempel am Ponte Rotto in Rom. S. Maria Egiziaca.

243

G. Kaymak-Heinz

Mitteilungen des kaiserlich deutschen archäologischen Instituts. Band 21. 1906, 220-279.

[5] H. von Hesberg, Römische Baukunst (2005).
[6] G.R.H. Wright, Ancient Building Technology, Vol.1, Historical Background, (2000).

Leiden-Boston-Köln: Brill.

[7] A. Kieslinger, Gesteinskunde für Hochbau und Plastik. Fachkunde, für Steinmetz,

Bildhauer, Architekten und Baumeister (1951). Wien: österreichischer Gewerbeverlag.

[8] E. M. Winkler, Stone in Architecture. Properties, Durability3 (1994). Berlin Heidelberg:

Springer-Verlag.

[9] M.–H. Wanetschek, Naturstein und Architektur. Materialkunde und Anwendung

Steintechnik (1992). München: Callwey: 16.

[10] C. Aschenheim, Der Sockel: seine Form und Entwicklung in der griechischen und

hellenistisch-römischen Architektur und Dekoration von den ältesten Zeiten bis zur
Verschüttung Pompejis. von M. Vetter (1910). VIII Bl. (Zur Kunstgeschichte des
Auslandes; 75), Straßburg: Heitz
[11] F. Hueber, Ephesos gebaute Geschichte. Sonderheft AW (1997)
[12] J. B. Ward-Perkins, Roman Imperial Architecture7 (1990). London: Penguin.
[13] J. İnan, Roman Sculpture in Side, TTK 5, 30a, Antalya bölgesinde araştırmalar 8.
Researches in the Region of Antalya 8 (1975).
[14] J. Nollé, Side im Altertum. Geschichte und Zeugnisse I, Inschriften griechischer Städte aus
Kleinasien 43 (Bonn 1993).
[15] W. Hoepfner, Zum Problem griechischer Holz- und Kassettendecken, in: Bautechnik der
Antike, internationale Kolloquium in Berlin vom 15.-17. Februar 1990 veranstaltet vom
Architekturreferat der DAI in Zusammenarbeit mit dem Seminar für klassische
Archäologie der Freien Universität Berlin. Herausgegeben von Adolf Hoffmann, ErnstLudwig Shwandner, Wolfram Hoepfner und Grunnar Brands, Verlag Philipp von Zabern,
Mainz am Rhein, (1991), 90-98.
[16] G. Gruben, Die Rolle der Architekten in der Geschichte, (50-58) in: Aus der Geschichte
der Bautechnik, Fritz Scheidegger (ed.), Band 1: Grundlagen, (1990). Basel, Boston,
Berlin: Birkhäuser Verlag.
[17] R. Mark (ed.), Vom Fundament zum Deckengewölbe: Großbauten und ihre Konstruktion
von der Antike bis zur Renaissance, Basel [u.a.]: Birkhäuser 1995
[18] B. Cech, Technik in der Antike2 (2011), Darmstadt: Theiss Verlag.
[19] J. B. Ward-Perkins, Architektur der Römer (1975). Stuttgart: Belser
[20] F. W. Deichmann, Westliche Bautechnik im römischen und rhomäischen Osten,
Mitteilungen des Deutschen Archäologischen Instituts, Römische Abteilung, Bd. 86,
1979, S. 473 f. Mainz.
[21] G. Haegermann, Vom Caementum zum Zement, in: Vom Caementum zum Spannbeton, Bd.
1, (1964). Wiesbaden: Bauverlag. 3-72
[22] G. Kaymak, Kültürel mirasın yapı malzemeleri tarihine katkı boyutu: Belevi Mausoleumu
Örneği, in: TMMOB yayınları, 5. Ulusal Yapı Malzemeleri ve Sergisi Kongresi, Istanbul,
03-05 Kasım 2010, 205-218.
[23] H.-O. Lamprecht, Verwendung von Beton bei Wasserbauten in der Antike, Mitt.bl. BAW
Nr. 65, Bundesverband der deutschen Zementindustrie, Köln 1989
[24] P. M. Vitruvius, Mimarlık Üzerine On Kitap (çev. S. Güven), İstanbul, 1990.

244

First
P.
Šculac,
Reinforced
D. Grandic
Concrete
and N.
Building
Palinic in Rijeka Port - Ferenc Pfaff ’s Warehouse No.17

12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

FIRST REINFORCED CONCRETE BUILDING IN RIJEKA PORT –
FERENC PFAFF’S WAREHOUSE NO. 17
PAULO ŠĆULAC*, DAVOR GRANDIĆ AND NANA PALINIĆ
University of Rijeka, Faculty of Civil Engineering
Radmile Matejčić 3, 51000 Rijeka, Croatia, www.gradri.uniri.hr
e-mail: paulo.sculac@uniri.hr, davor.grandic@uniri.hr, nana.palinic@uniri.hr (*corresponding author)

Keywords: industrial heritage, reinforced concrete, frame structure, construction history,
reinforcement detailing
Abstract. This paper will explore an early reinforced concrete warehouse, constructed from
1906 till 1909, which is the most impressive warehouse in Rijeka Port – with ground floor
dimensions equal to 45x100 m, consisting of a basement, high ground floor and three storeys,
designed to sustain 15 kN/m2 floor loading. This warehouse is the first building in Rijeka Port
constructed entirely as a reinforced concrete structure and demonstrates significant technical
achievements, which have not been sufficiently valorised so far. Besides obtaining information
about the structural design of early reinforced concrete structures special attention will be
given to better understanding of early 20th century construction techniques and particularly to
reinforcement detailing, since original plans and construction drawings with detailed
information about the reinforcement have been preserved.
1

INTRODUCTION

As the main port of the Kingdom of Hungary the city of Rijeka experienced significant
growth at the end of the 19th and in the beginning of the 20th century, when becomes the largest
construction site in the Monarchy. The largest construction works took place in the port where
grand extension of the coast was made, with coastline shifts up to even 200 m. The port was
built mostly from 1872 till 1894 [1], and can be described as a typical Mediterranean port with
wide piers in the shape of a comb, protected by a 1707 m long breakwater (Fig. 1).
By 1940 there were around 40 warehouses built in the port and in the neighbouring railway
zone. These warehouses were first built as temporary timber structures but were soon replaced
using more permanent materials such as brick, steel and reinforced concrete. Due to damages
caused by bombing in WWII and followed by modernization of the Port, there are only nine
warehouses preserved from this period [2].
This paper will explore one of this preserved warehouses - the reinforced concrete
Warehouse no. 17 (former XIV) located on 120 m long and 80 m wide Visin Pier (former Marie
Valerie Pier), which is the largest warehouse in Rijeka Port. Although reinforced concrete has
already been used in the port from 1893, as part of the Monier's floors in several warehouses –
two of which still exist [3], this is the first building in Rijeka Port constructed entirely as a
reinforced concrete structure. This warehouse is protected as a heritage monument inscribed in
the Croatian registry of cultural objects. It is still part of the port, but nowadays, due to changes
in the way the goods are transported it is no longer in use.
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Figure 1: The Port of Rijeka with enlarged view of Warehouse no. 17 located on Visin Pier [4]

It should be emphasized that at the same time another monumental building (160 m long, 24
m wide and 17,5 m high) made completely of reinforced concrete was being constructed in
Rijeka: the Emigrant Hotel, as the only purpose-built hotel to be used by emigrants travelling
to America. It was designed by Szilárd Zielinski, professor of Polytechnics at the University of
Budapest, as a frame structure according to Hennebique patent. These two buildings with the
earliest use of reinforced concrete place Rijeka side by side with other European cities in terms
of introducing new materials and construction techniques.
In this work emphasis will be given to: (I) obtaining information about the design of early
reinforced concrete structures; (II) better understanding of early 20th century construction
techniques and local peculiarities (reinforced concrete structures were constructed according to
systems based on the original patents but were frequently adopted to the individual building as
well as to the work of local builders); (III) since original plans and construction drawings are
preserved with detailed information about the reinforcement provided (size and spacing of
reinforcement as well as joint detailing) the next goal will be to analyse the detailing of
reinforcement with an indication of the differences with respect to today’s practice.
We will present results based on the research of archival materials [5], what would be the
first step in condition assessment of this historic building. Warehouse no. 17 is no longer in use
and there are currently no plans for future usage; on the other hand it demonstrates significant
technical achievements, which have not been sufficiently valorised so far, therefore our
intention is to point out the importance of this 20th century heritage building.
2 ABOUT THE STRUCTURE
Warehouse no. 17 has been designed by Hungarian architect Ferenc Pfaff, at that time in
charge of the Building Construction Division of the Hungarian Royal State Railways. It is a
symmetric structure 100 m long and 45 m wide, consisting of a basement (with slightly larger
dimensions – 100 x 49 m), high ground floor and three storeys (Fig. 2). The basement and the
ground floor are divided in the longitudinal direction into two parts, separated by two tracks for
railway wagons passing throughout the middle of the ground floor. All the floors above ground

246

Paulo Šćulac, Davor Grandić and Nana Palinić

floor are divided by transversal walls into five smaller sections 20 m long, each provided with
two elevator shafts (Fig. 3). Besides transportation of goods within the building, goods could
also be transported from the outside by portal cranes since 1,6 m long cantilevered balconies
are located on each floor along the building. A 1,7 m solid concrete slab is used as the
foundation of the building (Fig. 4). Such a thick foundation base has been used due to very soft
deposit under the pier. The lower edge of the foundation base is 0,3 m below the sea level.
Additionally, under the columns 0,3 m deep square 1,3x1,3 m pad foundations are formed.

Figure 2: Front view of Warehouse no. 17 [6]

Figure 3: 1st and 2nd floor plan [5]
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This warehouse is designed as a, for that time common, space frame structure. When
selecting cross-sectional dimensions special attention was paid to being economical. Therefore,
columns have a square cross-section variable over the building height: from 77 cm in the
basement up to only 32 cm on the top floor. Peripheral columns have a rectangular crosssection. There is a total of 189 columns per floor: 9 columns in the transversal direction, spaced
at 5,6 m, and 21 columns in the longitudinal direction spaced at 4,9 m (Fig. 3). Besides primary
beams, intermediate beams have been added in both directions. In this way the slab span was
effectively reduced from the basic grid of 5,6x4,9 m into just 2,8x2,45 m (Fig. 5).
The cross-sectional dimensions are summarized in Table 1. Near the supports (at a distance
about 40 cm from the column/beam face) beams have slightly bigger dimensions: 8 cm
increased width and 4 cm increased depth. All structural elements are in quite good condition:
there is no spalling of concrete or visible rust from the reinforcement (Fig. 5).

Figure 4: Transversal (left) and longitudinal cross sections (right) [5]

Figure 5: Layout of the basic column grid (5,6x4,9 m), primary and secondary beams on the 3rd floor [5]
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Table 1: Cross-sectional dimensions in cm

storey height
basement
ground floor
1st floor
2nd floor
3rd floor

2,30 m
3,95 m
2,75 m
2,75 m
3,39 -3,84 m

roof

3

columns
77x77
67x67
55x55
40x40
32x32

primary
beams (bxh)

secondary
beams (bxh)

slab
thickness

midspan: 32x70
support: 40x75

midspan: 24x45
support: 32x49

12

midspan: 24x46
support: 32x50

midspan: 16x38
support: 24x42

7

CONSTRUCTION

Warehouse no. 17 has been constructed from December 1906 till January 1909. The building
contractor was Grünwald Testvérek (Brothers Grünwald) from Budapest. Fig. 6 presents two
photographs taken during the construction, where one may notice that first the columns, beams
and slabs have been built, while the 10 cm thick façade walls have been added afterwards.
Since the construction site was rather large, there were a lot of participants involved. To be
specific occasionally even more than 300 workers were present, although their number varied
on a daily basis, mostly due to wageworkers. For example on 29th August 1907 (Fig. 7) there
were 2 construction foremen, 3 stockmen, 5 mechanics, 57 carpenters, 18 blacksmiths, 42
concreters, 4 stonemasons, 10 women, 167 wageworkers and 6 carriers present at the
construction site [5]. Also, on the same day three concrete test specimens (43-45) were cast (no
record of obtained concrete strengths was so far detected).

Figure 6: Warehouse no. 17 during construction [1]

4

STRUCTURAL DESIGN

Structural design and reinforcement plans were made by Kálmán Balogh, a chartered
engineer from Budapest. All the floors are designed to withstand imposed storage load of 15
kN/m2, except the (not accessible) roof which is designed for 3 kN/m2. Exterior walls are
calculated for wind load of 2 kN/m2.
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Figure 7: An extract from the Construction log book for 29th August 1907 [5]

At the end of the 19th century reinforced concrete has taken such a development that almost
every day a new patented system appeared [7,8,9,10]. The theory of reinforced concrete was
yet not completely understood (no generally recognized theory existed for the design [11]) and
each system had different reinforcement details. At the beginning of the 20th century first
standards and regulations appeared: about 1907 in England, France and Germany [10].
According to the linear theory, the stress distribution in the cross section is linear [7,9,12].
Concrete carries no tension, therefore bars are installed in the tensile region (Fig. 8). The rebars
should not be subjected to loads exceeding 100 MPa. After hardening for 28 days under normal
climatic conditions in 30 cm cubes concrete has to develop a compression strength of 20 MPa.
The permissible stress in concrete in bending is limited to 3,5 MPa. The ratio of modulus of
elasticity of steel and concrete is adopted as equal to 15 [5].

Figure 8: Distribution of stresses in reinforced concrete in case of simple bending [5]

Floor slabs are designed as two way spanning plates (Fig. 9). Continuous primary and
secondary beams are designed as T-sections only for bending moments, not for shear (Fig. 10).

Figure 9: Structural design of the roof slab [5] (Note: old units are used in the figure 1000 kg/cm2 = 100 MPa).
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It was a common practice until 1908 when Mörsch published his book Concrete-steel
construction [11] where he introduced the truss model for shear design based on experiments
on T-shaped beams. The width of the slab acting with beam was taken as 1/3 of the span.
Columns are designed only as compression members (Fig. 11).

Figure 10: Structural design one of the secondary beam with 4,9 m span [5]

Figure 11: Structural design of the columns at the 3rd floor [5]

5

REINFORCEMENT DETAILING

Some basic features of the reinforcement detailing, with emphasis on the size, arrangement
and shape of reinforcement, will be presented from the original construction drawings [5]. All
the reinforcement plans were made by Kálmán Balogh, who used E. Coignet and N. de Tedesco
principles for arrangement and detailing of reinforcement.
Concrete cover was not specified on the drawings. We may assume that it is thinner than
what is prescribed by standards today, since at the time of construction adverse effects of
chlorides infiltration and related deterioration of concrete structures was unknown. As
indicative values, we may use values as reported in [11]: (I) recommendations from 1904
prescribe that the concrete cover should not be less than 1 cm, (II) in regulation from 1907 the
cover should be at least 2 cm thick in beams and at least 1 cm in slabs.
5.1 Slabs
Fig. 12 reviews the reinforcement layout in the roof slab. Rebars ϕ7 are spaced at 16 cm,
except in the middle third of the slab where spacing is 8 cm. In the middle third of the slab,
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half of the reinforcement is bent into the upper zone at the supports, at a distance of L/8 (60
cm) from the axis of the beam, and extended by L/16 (30 cm) over the beam axis (bent bars
marked as dashed lines). Fig. 13 presents the reinforcement of the slab before concreting [1].

Figure 12: Reinforcement details of the roof slab (bars are labeled as: egyeness – straight, hajlitott – bent) [5]

Figure 13: Warehouse no. 17 during construction - reinforcement arrangement of the slab [1]

5.2 Beams
Table 2 summarises the required reinforcement area in primary and secondary beams, while
Fig. 14, 15 and 16 review the reinforcement detailing. Bottom bars (instead of being cut at the
point where they are no longer required) are lifted into the upper zone at an angle of 45° and
extended over the column, where they serve as main tensile reinforcement. At the same time
this bent-up bars also serve as shear reinforcement. Mandrel diameter for bending was
recommended as 20-40 cm [5]. The ends of reinforcing bars are not made with a hook (despite
using plain round bars), meaning that bond relies only on adhesion and friction.
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In addition to bent-up bars special enclosed type bars of trapezoidal shape are placed above
the columns (as a “rider”) and used as shear reinforcement. In the middle of the span two (or
three) upper bars are of smaller diameter than the lower bars (ϕ12 in primary or ϕ10 in
secondary beams). They are used for connection with lower bars via stirrups (see also Fig. 17).
The branches of stirrups are twisted together over the upper bars so as to tie the bars together
[8]: ϕ6 and ϕ5 are used for primary and secondary beams, respectively. Note that this shear
reinforcement is spaced at 35 cm in primary beams and 30 cm in secondary beams. This spacing
is decreased near supports: first and second spacing measured from the column face are reduced
to 10 cm and 25 cm in primary beams, and 10 cm and 20 cm in secondary beams.
Table 2: Cross sectional area of required reinforcement in primary and secondary beams [5]

floor
ground
floor,
1st, 2nd
and 3rd
floor

roof

position
midspan
bottom
support
top
support
bottom
midspan
bottom
support
top
support
bottom

primary beams
span 5,6 m
span 4,9 m
6ϕ24
6ϕ22
2
27,14 cm
22,81 cm2
10ϕ24
10ϕ22
45,24 cm2
38,01cm2
8ϕ24
8ϕ22
2
36,19 cm
30,41cm2
6ϕ16
6ϕ15
12,06 cm2
10,6 cm2
2ϕ18+ 8ϕ16
2ϕ20+ 8ϕ15
21,17 cm2
20,42 cm2
4ϕ16+ 4ϕ18
4ϕ15+ 4ϕ20
18,22 cm2
19,64 cm2

secondary beams
span 5,6 m
span 4,9 m
2ϕ20+ 2ϕ22
13,88 cm2
4ϕ20+ 2ϕ22
20,17 cm2
8ϕ22
30,41 cm2
1ϕ16+ 2ϕ12
1ϕ15+ 2ϕ12
4,27 cm2
4,02 cm2
2ϕ16+ 2ϕ14
2ϕ15+ 2ϕ14
7,10 cm2
6,61 cm2
4ϕ14+ 4ϕ12
4ϕ14+ 4ϕ12
10,68 cm2
10,68 cm2

Figure 14: Reinforcement details of a secondary (above) and primary beam (below) – above the column in
longitudinal direction (bars are labeled as: e. – straight, h. – bent) [5]
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Figure 15: Reinforcement details of a secondary (above) and primary beam (below) – end span in longitudinal
direction [5]

Figure 16: Reinforcement details of a primary beam – end span in transversal direction including cantilever [5]

Figure 17: System Coignet - reinforcement details of a beam [13]

5.3 Columns
Columns are rigidly connected with the beams, whilst the haunches in beams give additional
strength to the joint. They are reinforced with 8 longitudinal bars, except for columns on 3rd
floor which have only 4 bars (Fig. 18). Stirrups enclosing the section of ϕ6 mm are spaced at
30 cm along the entire column length; additional inner links are also provided. Reinforcement
for continuity between the floors is marked with red colour.
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Figure 18: Reinforcement details of the columns [5]

5.4 Walls
Fig. 19 shows the reinforcement of an inner wall, only 8 cm thick. It consists of vertical and
horizontal bars of ϕ7 spaced at 25 cm both in horizontal and vertical direction, on both sides of
the wall. U shaped anchor bars ϕ8 of total length 80 cm are installed in bounding members
(beam, column and plate) for connection with the wall.

Figure 19: Reinforcement details of an inner wall [5]
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6

CONCLUSIONS
-

-

-

This paper presents an early reinforced concrete frame structure where special attention
was given to better understanding of the early 20th century construction techniques.
Basic features of the reinforcement detailing rules have been presented. At the time of
construction, the theory of reinforced concrete was yet not completely understood and
each patented system had different reinforcement details. Nevertheless, regardless of
the reinforcement detailing this building is still operational, despite its long-term usage
and environmental conditions (located next to the sea).
This building demonstrates significant technical achievements, which are not
sufficiently valorised. Regardless of the age of the building, it still has exceptional
potential. Such a 20th century heritage industrial building should be given a new
purpose and preserved for future generations.
We presented results based on the research of archival materials. In the next step a
more detailed field research should be performed in order to determine material
characteristics (concrete and rebar strength, the amount of chloride ions, through visual
inspection, evidences of historical repair) which would be used to assess the remaining
lifespan in a more detailed analysis.
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Abstract. The subsoil of Mexico City, Mexico, has had a complex behavior; filled with light
flocculent structure and layers at different depths of stiff material, producing regional and
local differential settlements and liquefaction being a seismic zone. Long Span and High Rise
buildings in this City have been a challenge to construct, being its foundation solution, one of
the essential elements for its success. This study aims to present the evolution of the long span
and skyscraper in Mexico City, being the foundation solution a crucial issue for this new
construction era. The foundation solution of five iconic buildings built during this period
analyzed by their designers and authors of this paper is presented. Each foundation solution
is evaluated considering today's advance in Mexican soil mechanics, arriving at the solution
most used nowadays in the city for this kind of buildings.
1

INTRODUCTION

Since early times the subsoil of Mexico City has been a challenge for engineers and
architects to erect buildings without suffering settlements because of its stratified soil
sediments of high and very high compressibility in addition to strong earthquakes and ground
surface subsidence. The characterization of Mexico City subsoil started in 1948 with Engineer
Nabor Carillo [1] and continue with Leonardo Zeevaert in 1952 [2] and Marsal and Mazari in
1959 [3] continuing this task until nowadays. Its complex behavior is due to its stratigraphical
and hydrological conditions.
2 GEOTECHNICAL PROPERTIES OF THE VALLEY
The Valley of Mexico City is formed by volcanic and pyroclastic materials, interspersed
with alluvial deposits covered with lacustrine clays. The valley remained a closed basin with
several shallow lakes (like Texcoco, Chalco, Xochimilco, among others), and it became an
open basin in 1789. The lakes were drained during the 20th Century, leaving the valley with
lacustrine sediments. These are highly plastic soft clays interbedded with layers of silt, sand,
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and sandy gravels of alluvial origin. [4]. According to Marsal and Mazari [3], there is at the
top a desiccated crust of artificial fill, underneath are the upper and lower clay layer separated
between by a hard layer and a sandy, clayey stratum. The composition of this volcanic clay is
a mixture of a) clayey and non-clayey minerals with microorganisms, b) dissolved salts and,
c) organic components (i.e., ostracodes and diatoms). [5].
This soft lacustrine soil has been suffering a consolidation process due to the exploitation
of the aquifers underlying the old lake zones. [5]. Because of its composition and drainage,
the subsoil of this Valley has a subsidence today around 30 to 40 cm per year, and the sinking
process of the city will continue producing differential settlements on the foundations,
especially from the iconic heritage buildings. Earthquake of 1985 shows that this soft soil on
the surface settled after the tremor being interpreted this behavior as an instantaneous vertical
displacement induced by the residual expansion as the seismic waves travel through the soil
mass. [6]. The upper layer clay is highly plastic, remaining elastic with low damping,
explaining that for large-amplitude cyclic strains, the clay structure degrades continuously,
causing pore water pressure variations and reductions in stiffness and strength. [5].
3

FOUNDATION DEVELOPMENT AT THE CITY VALLEY

Around 1840 first general studies of the subsoil were made to get an unconfined
compressive strength that avoids or diminishes structural settlements. Militar engineer
Gonzalo Garita worked hypothesis from the practical engineering point of view and, as a
result, established a value of 5 ton/m2 as bearing capacity of the substrate [7] and started
using slab foundations for small buildings. The most effective foundation solution was the
concrete slab to distribute the one or two-story building load to the substrate.
3.1 Casa Boker, 1898
The main objective of the Porfirio Diaz government was to build iconic buildings showing
to the world Mexico modernity. Building materials and construction machines were imported
from Europe and the United States, and so the engineering practice and knowledge arrive in
Mexico too.
Living Mexico City in this modernity, Family Boker introduced to the country the new
way of shopping and decided to open a department store downtown. This building was
constructed by architects De Lemos y Cordes with the participation of the engineer Gonzalo
Garita. It was one of the first steel department store buildings built in Mexico City with four
stories high (higher than all the buildings around). The structural design, building system, and
must materials (steel and concrete) were imported mainly from the United States, as the
contractor hired for this job was Milliken Brothers Company around 1980, with their main
offices in New York.
The spans for this new building were 5.5 m in both directions, with a floor height of 4 m.
As this store was a replicate from the ones being constructed in New York, selling any engine,
car, or electro domestic furniture, the live load used for its structural design was 119 MPa as it
was considered as a warehouse. [7]. The structural system used for this building by Milliken
Brothers was the “Skeleton Construction Plan” (a semirigid steel frame with “Z bars”
columns and standard I beams). Floors were fireproof constructed with a steel rolled plate
supported by secondary beams and filled the upper part with concrete.
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The foundation solution used was the “continuous grillage foundation”; it consists of twolayer steel beam grillage embedded in concrete with a bed thickness of 1.96 meters and
covering an area of 1700 m2 ( ¾ of the total building area). The main steel beams for this
grillage had a section designated “IE” with a depth between 45 and 50 cm., while the second
line was steel beams of 20 cm depth. This kind of foundation solution was used around 1905
in Chicago and New York tall buildings; the only difference was that rails of cast iron were
used instead of steel. [13].
Analyzing today the weight of the building, considering live loads (63 MN) and the
weight of the foundation (76 MN), it can be observed that the foundation system weights 20%
more than the building´s load. The weight of the foundation and structure was of 68.64 KPa,
slightly higher than the 49 KPa bearing capacity established for that site. Fortunately, the
building never had the live load considered in its structural design, reaching the 49 KPa of
soil bearing capacity. This building still stands today, and it continues to be a store with
offices in its upper levels, and it has only a small differential settlement of around 5 cm over
one corner, concluding that this kind of foundation could be used for buildings of 3 to 4
levels) over soft soil.

Figure 1: Casa Boker Construction, from Milliken Brothers Catalogue 1903.

3.2 Palacio de Bellas Artes, 1904
This iconic building design by architect Adamos Boari and structural design by W.
Birkmire started its construction in 1904 and ended until 1934. This building is four stories
high with a structural system of steel frames for all its stories. Perimeter non-bearing walls are
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of concrete wrapped with marble plaques; they make the façade of the building. In its interior,
spans are variable; the small spacing between columns is 5 m, and the longest is around 25m
located inside the main theater. Concrete and most of the steel structure was imported from
the United States, only the steel for its foundation was produced in Mexico.
The foundation selected for this massive building was continuos grillage, made with two
layers of beam grillage embedded in concrete. It was considered an underground basement of
two meters for all the building except under the theater stage, which was three meters depth.
During the excavation process, they found pre-hispanic ruins (consolidating clays where the
ruins were) underneath the substrata, so they decided to increase the basement depth only 50
cm more. [14]
This steel building has an extraordinary deadweight (floors and walls were covered with
marble, spans were 13m long, more significant than any other edifice constructed by that
time). Engineer Birkmire decided to use as main steel beams for the grillage sections “IE”
type of 60 cm depth. This steel section was used for making the two layers grillage embedded
in a concrete slab of 2.32m of thickness. The total weight of the foundation was 381 MN,
while the building weight was 395 MN, making a total weight of 778 MN. Considering today
the basement as a floating raft foundation, the total weight of the building that received the
substrata was 72 KPa, higher than the 51 KPa substrata capacity [8]. Differential settlement
problems started since the beginning of the construction and, along with the construction
progress, stopping it several times; the problem was not the weight of the building, while it
was only the steel skeleton erected.
When the settlement problem started, Birkmire suggested the use of some metallic
flashboards around the building to avoid hydraulic issues caused by the underneath phreatic
water. Still, the settlement continued being worse while it was differential and not uniform.
The problem was partially solved, pumping concrete into the clay subsoil to confined it,
slowing the subsidence, and getting a uniform settlement [8]; this procedure lasted from 1910
to 1925. Analyzing today the foundation of this building, it can be concluded that the preconsolidation of some spots under the slab foundation and the different levels of depth of the
underground levels played an essential role in the differential settlements suffered during the
building progress. Today this building is 2.33 m below its original construction level, being
subsidence the leading cause of this effect.
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Figure 2: Construction of Palacio Bellas Artes, from Milliken Brothers Catalogue 1912.

3.3 La Nacional Building, 1930
Since 1908, Mexican engineers did not consider the grillage foundation as an adequate
solution for soft clay soils like the one in Mexico City. Hence, engineers of that time decided
to use wood point bearing piles supported in the bearing stratum as a better foundation
solution, using it for the column of independence built in Mexico City in 1900 and
inaugurated in 1910 by Porfirio Diaz.
With the growth of Mexico City, there was a need to control the building process, so
authorities created and published in 1920 the first Building Code. This code contained
regulations about architecture solutions and spaces, but few things about the construction
process. Because must of the times buildings had problems with settlements, this code just
stated the bearing capacity of the soil as 49 KPa and must housing buildings should have a
slab of 10 cm depth made with unreinforced concrete as the foundation. [15].
More water was extracted from the subsoil, and subsidence increased, causing failure in
the city drainage system and soil surface cracking all over the city. In 1925, Roberto Gayol
was the first engineer to study the properties of the subsoil from Mexico City while building
the main drainage of the city.
The life insurance company called La Nacional, Compañía de Seguros para la Vida SA,
(founded by W. Woodrow and L. Neergard) hired in 1901 the architects Monasterio and
Calderón to design a building for their company. They proposed a 13 story building with 55
m height; it was the first skyscraper of Mexico City. The primary structural system is steel
frames with reinforced concrete floors; all the steel structure was protected with reinforced
concrete to make it fire resistant and giving a higher strength to the structural system without
knowing. Because the Building code of 1920 did not include any section about structural
design, engineers used the American 1923 AISC allowable stress design. Spans are regular of
7m in both directions; floors support the facades which are made with non-bearing concrete
walls.
The building has a total weight of 89 MN with a built surface of 735m2, generating a unit
pressure to the substrate in case of using a slab foundation of 142 KPa, which is a higher
pressure than the substrata capacity established by the building code (49 KPa). Soil tests were
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performed and analyzed; standard penetration tests were made, and the soil profiles were
analyzed, finding sand with a small amount of lime and clay stratum with the thickness and
resistance required for supporting piles. The depth of this resistant stratum was 36m from the
surface [9].
With Dr. Karl Terzaghi working as a consultant, the foundation solution assigned for this
building was a two-level box type and wood point bearing piles below the box. Because
floating foundations were not known by that time, it was ignored the compensation effect of
the box, and all the weight was considered to be supported by the woodpiles. A total of 373
piles of 30 cm diameter were used; piles were segmented in sections of 6 to 8 m long. The
piles were fitted with cast iron points and caps to prevent damage to its bottom during the
phase of operation; they were joined together in their upper part with the beams that support
the concrete slab of the box. [9].
Not all the piles reached the hard stratum, but considering the compensation work of the
basement box, the piles that reached the stratum were enough to support the building. After a
series of 4 strong earthquakes and changes in live loads, this building remains until today
open and functioning. It has a differential settlement of 7 cm over a corner, and it has emerged
approximately 50 cm. This settlement produced where the piles did not reach the hard
stratum; also, this stratum could have suffered changes, while the other four buildings nearby
(Torre Latinoamericana among them) also stands over it.

Figure 4: La Nacional Building, courtesy of Archive Fundacion Ramos.

3.4 Loteria Nacional Building, 1933
In 1933 the National Lottery system hired architect Ortiz Monasterio and engineer José
Antonio Cuevas to built its new house. With an irregular shape and three sections, this
building is 66 m tall, with 20 stories in the central tower. Its structural system consists of
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steel frames using beams and trusses because of the spans at the auditorium (15 m long
approximately and a height of 18 m). Columns are protected with reinforced concrete, and
floors are reinforced concrete slabs. This building is one of the first skyscraper built with
Mexican materials (concrete and steel).
The foundation solution design and built for this building was a floating foundation; this
was the first time this foundation solution is used in Mexico City. The global solution
consisted of a two-level concrete box of 10 m depth, stiffened with concrete trusses; the soil is
in general composed of clay stratum with a high phreatic level creating heave as the soil was
removed.
Before beginning the construction, engineer Cuevas started analyzing the mechanic
properties of the soil. He evaluated the soil's density, which changed as ít came from a deeper
layer; the variation of its specific weight was from 12.6 kN/m3 at the top to 10 kN/m3, at 1.8
m depth. The phreatic level was found at -1.80 m., so the soil under this level could reach a
density of 28.5 kN/m3. Phreatic water was pumped out of the field to maintained dry the
construction site.
Because there were no soil mechanic laboratories, engineers could not know the soil elastic
and plastic reaction; Cuevas started measuring deformations every day, discovering that the
subsoil swells 1.27m in eight months. He lay a flexible wood with a waterproof membrane
over it; concrete “T” inverted beams were constructed, and additional weight was placed like
ballast in order to push the subsoil to its original level. The ballast was removed as the
construction developed, and the weight of the box foundation restrain the soil to its original
position and the loads transmitted. [10].
As the building was finished and to gain stability, it was ballast using water inside the
concrete box below the auditorium, and water tanks of 80m3 were placed on the endpoints in
the basement of the main body. The total height of the building is due to restrain the soil and
compensate the weight of the soil excavated. This building still stands today, functioning
normally; earthquakes have cause minor affectations, and differential settlements (19 cm at
the top) have been reported.

Figure 5: La Loteria Nacional, courtesy of Archive Fundacion Ramos
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3.5 Introduction in Mexico City to soil mechanics and seismic effects
In 1941 an earthquake stroke Mexico City; buildings from 10 to 18 stories constructed
over soft soil suffered structural damages. This earthquake forced authorities to review the
building code and invited engineers to research soil properties and seismic actions.
In 1942 the new building code for Mexico City was published; this is the first code to
established a substrata capacity equal to 49 kPa when the soil was pre-consolidated or 29.4
kPa if it has never been used for construction. The most popular foundation solutions were
concrete slabs and isolated concrete footings; the use of grillage using reinforced concrete and
iron or steel sections remained. When tall or heavy buildings were built, it was allowed to use
bearing piles supported on rigid stratum; piles could be made of concrete or wood. [16].
Between 1946 to 1956, engineer Nabor Carrillo began the scientific study of soils (soil
mechanics), especially of clays and soft soils. He specialized in the behavior of foundations
supported by different types of soil, stablishing that difficult foundation problems were found
in very fine water laid sediments of high compressibility stratified with sand layers, exhibiting
high secondary compression (or intergranular viscosity, as he named it) as these silty clays or
clayeye silts have high viscous behaviour induced by the relative displacement of the mineral
grains. [11].
3.6 Torre Latinoamericana, 1948
The insurance company Latinoamericana Seguros gave the commission to architect Agusto
Alvarez to design an iconic building at the city center of Mexico City. This tower was built
between 1948 to 1956, became the first tall building constructed in a seismic zone with
compressive soil. The structural system consists of rigid steel frames and concrete slab floors.
The steel sections were imported from the Bethlehem Steel Company, which fabricated the
steel sections for the Empire State Building in New York. This Steel Company questioned the
engineer Ph.D. Leonardo Zeevaert because the steel sections of the Latinoamericana Tower
were more significant and more massive than the ones from the Empire State Building. The
response from Zeevaert was simple; the seismic effect needed those sections. The span length
is constant of 7m in each direction.
Zeevaert was in charge of the foundation and structural design. He studied the structural
system and foundation solution in order to get a safe building. The architectural design
followed the recommendation of the engineer in order to obtain an excellent seismic and
foundation behavior, some of the action taken was: light partition walls, regular geometry of
the building, number of stories. The foundation and soil behavior was considered when the
seismic design for this building was evaluated. [17].
The subsoil conditions were investigated, with the following results: the first 5.55m a fill
was found of clayey silt, sand with humues and Aztec pottery remain; the content of water
was 45%. The following 20 cm a layer with black volcanic ash with silt and clay was found.
The next 2 m were formed with light grey silty clay with high content of calcium carbonates
and a water content of 100% and pumice sand. The last layers were lacustrine volcanic clay
with brown pumice sand. [12].
The foundation solution was a floating raft with a concrete box, with a unit load at the
foundation of 206.9 kPa. The reinforced concrete mat foundation is located at a depth of 13
m, and it is 60 cm thick; in order to ensure no settlements, 361 concrete point piles were built
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under the reinforced concrete mat. Piles were driven to a depth of 33.5m into a firm sand layer
acting as point bearing piles; this layer was selected to avoid large negative friction on the
piles. Both elements (box and piles) were designed to stand the total weight of the building
separately. Piles were Button Bottom with 30 cm of diameter; they were poured in the site,
and the concrete compression stress was equal to 73.54 MPa, having a prefabricated concrete
point of 43 cm diameter.

Figure 6: Torre Latinoamericana, courtesy of Instituto Investigaciones Esteticas UNAM.

Because engineers believed that the piezometric level would push up the building, 13.3 m3
per day of water was pumped to the soil in order to assure flotation. This special hydraulic
system was design also to reduce the heave of the bottom of the excavation and avoid
settlements outside. The area to be excavated was surrounded by a wood sheet pile 16m
depth; upon saturation this membrane did not allowed the entrance of water in the excavation;
the pressure in the sand layers was maintained by injecting clean water under pressure in the
subsoil using eight wells all over the building surface. The heave was avoided by producing a
strong reduction in the piezometric water levels inside the wood sheet-pile to keep the same
effective pressures. In order to take care of ground surface subsidence, the ground floor was
was divided into panels supported on wood blocks, permitting the panels to be lowered as
required. [12].
This building has emerged approximately 100 cm as predicted by Dr. Zeevaert; it has
survived the most significant earthquakes of Mexico City, and it stands without any damage
or settlement.
4

CONCLUSIONS

It is essential to learn about the success and failure of foundation solutions applied for
compressible clay soil like the one in Mexico City. The buildings that are designed and
constructed today, taller, with irregular shapes and greater span lengths, are a product of the
advances in technology but mainly in the research of soil properties and behavior of
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foundations over different kinds of soils.
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Abstract. The bridge commissioned by Maria Luigia to Eng. Antonio Cocconcelli and built
between 1816 and 1821 over the Taro River (near Parma, Northern Italy), is a very important
monument, both from a cultural and strategic point of view. This 20 arches masonry
bridge reaches the length of nearly 600 meters and constitutes a very interesting case study,
not only for the technical and structural issues related to its restoration and use (with
increased traffic loads) but also for the role that geometry played in its history and
stability. In this paper, a compared analysis on the historical ‘proportional theory’ and the
constructive features of this ancient bridge is proposed with the final aim to show the
importance of recovering “empiricism” in dealing with ancient monuments. Thanks to
a high precision survey the realized structure has been compared to the original
project, in order to detect the deformations suffered by the structure in time, thus
applying the “historical monitoring” procedure to the monument. Hence, starting from the
dimensional theory, a static analysis of the bridge is proposed by means of Mery’s
graphic method, in order to investigate the structural safety level of the original project,
also considering the current load conditions. A comparison with the static results
obtained by means of limit analysis, finally shows the validity of ancient proportional
theory, which can constitute a first qualitative method for structural validation of ancient
masonry structures.
1

INTRODUCTION

It is well known that ‘empiricism’ has been at the base of main architectural constructions
up to the 17th Century, but this geometrical method of structural design has been used,
in particular for bridges, at least until the beginning of the 19th Century, despite the
availability of the new theories of the newborn Building Science.
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This permanence over the centuries has definitely shown that, despite the fact that the
ancient master-builders didn’t possess the modern mathematical instruments (proper of the
modern science of construction) they have realized such complex structures, perceiving by
intuition a ‘static sense’ which permitted them to correct the previous constructive ‘errors’,
just by observing the past.
Not always these geometrical rules have been codified in proper architectural treatises;
most of times – also etymologically – ‘monuments’ are ‘documents’ of many basic evolutions
(geometrical and constructive) in the history of construction.
Each improvement or dimensional change is due to a significant technological
enhancement which derives from the understanding of failures: each successful construction
can be considered as the result of a ‘pre-vision’, adequate and complete, of what would have
not worked. We can call this method ‘empiricism’.
The ‘error’, is the vantage point for observing the evolution of masonry structures during
centuries and the reconstruction of this historical route can represent an additional
fundamental instrument for a deeper knowledge of these magnificent historical structures and
it can help in clarifying the difficult process from ‘art’ to ‘science’ of construction [1].
This procedure can help in investigating the real present structural behavior of ancient
masonry buildings and infrastructures, considering and reliably interpreting their present
geometry in terms of constructive corrections or deformations occurred during time. The final
aim of the work is to show the permanence of empirical analysis and proportional theory in
defining reliable strategies of conservation for ancient masonry structures, thus confirming –
even in structural analysis – the “Art of building” principles.
2 THE DIMENSIONAL RULES AND THE STRANGE OF BRIDGES
In the ‘correct’ ancient constructions (and those arrived to us, definitely are) each structural
element has a proper role – from the aesthetical, static and technical point of view – matured
through the observational method: by finding the solution to constructive ‘mistakes’.
The ancient master-builders were certainly unaware of the theory at the base of the
structural behavior of masonry, which slowly developed after centuries of construction
practice; nevertheless, they could experiment the final effects of this structural mechanism
through the simple observation of cracks.
Despite their massive appearance, masonry structures are essentially labile, not isostatic.
Still at the beginning of the 20th century, G.B. Milani, shows their peculiarity, underlying the
difference with the new ‘elastic systems’: a monolithic structure “can remain in equilibrium
for each value of S for which the resultant R is internal to the section” [2].
What has to be avoided is its overturning, that, regardless of resistance values, inevitably
occurs when the resultant force falls outside its thickness. Then, the geometrical ratio between
the thickness of the wall and its height is the fundamental parameter, in order to state the
stability condition of the wall itself in front of horizontal forces (like the thrust of arches).
It is well known that there are at least three main prescriptions provided by the various
treaties for a correct construction of arches [3]: the best shape (the "more solid" one); the limit
thickness (the minimum possible) for that shape (e), which is often provided in relation to the

268

F. Ottoni, V. Braglia, E. Coïsson, L. Ferrari

span of the arch itself (e / L); and finally the thickness of the piers (p), also very often given
compared to the span (p / L).
Only few ancient authors [4] explicitly solved the question of pier slenderness (h/p) for
arches, while this fundamental data is, more often, derivable by the "architectural orders"
theory. For these fundamental structures, until the 17th century few variations are recorded in
the proportional rules, which see the best shape in the round arch, an ideal thickness equal to
1/10 of the span and an ideal ratio between span and thickness of the piers equal to 1/3,
recovering the “medieval rule”, also knew as “Gothic rule n.1” [5].
In time, the thickness of piers is reduced to p=L/4, which increases in the case of the
lowered arches and decreases for the acute ones, thus displaying the thrust intensity.
In this permanence, an interesting case is that of the bridges, which bring together different
dimensional issues (foundations, pillar thickness, thickness and shape of the vaults, span and
size of the spandrel walls), closely related to precise and particular technical-construction
problems (filling, roadway materials, hydraulic and material problems).
In particular, the size of the pillars represents a central theme, having to answer both
questions simultaneously: the piles of a bridge must resist the thrust of the various spans and,
at the same time, must have a shape and a size which do not hinder the passage of the water
between the spans, often of different sizes.
In step with this, the ‘proportional theory’ at the base of the main architectural treatises and
buildings (from XV to XVII Century) have been herein analyzed, relatively to bridge
constructive criteria and in the following Tab.1, the dimensional prescriptions for masonry
bridges given by the most important treaties from XV to XVII century are presented.
As for the treatises, the rules formulated by Alberti coincide, with few alterations, with
what will be the official doctrine for bridges until the 19th century, which still sees the span
(L) of the bridge as the main reference. According to this rule, the arch thickness must be
equal to one tenth of the span (e=L/10) while the pile thickness must be between L/4 and L/6
[6].
However, as often happens, it is in the technical prescriptions that the intuitions of the
ancient master builders on the functioning of the masonry can be really seen.
Table 1: The dimensional prescriptions for bridges, on vaults (e) and piles (p) thickness, in comparison to
their span (L).
BRIDGE RULE
Roman bridge – Rimini
Medieval bridge on Bacchiglione
Alberti’s rules
Palladio bridge in Vicenza (on Rerone)
Palladio’s bridge (treatise)
Fra Lorenzo da San Nicolas rules
Vincenzo Scamozzi’s rules
Hubert Gautier (1716)
Cocconcelli’s bridge in Ponte Taro

e/L
1/6
1/10
1/12
1/12
1/12
1/10
1/12
1/12
1/18

p/L
1/2
1/5
1/4 -1/6
1/6
1/5
1/3
1/4
1/6
1/6

As for the best shape to be assigned to the arches, indeed, we assist to a "license" - granted
only to bridges - with respect to Alberti's "doctrine of the ideal arch": the possibility of using
lowered arches (if necessary) is foreseen, only on condition of strengthening the spandrel
walls. In particular, Alberti insists on the need - on a technical-constructive level - to reinforce
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the filling of the vaults and to set them in the best way, using solid and large-sized blocks,
especially when bridges are called to support large live loads. For these structures, indeed, the
proportional rules are not simply reducible to dimensional parameters; conversely, in the
technical/qualitative construction prescriptions the most interesting insights on the real
behavior of masonry can be read. In this peculiar aspect – thus in the need to support not only
their own dead load, but also additional, even large, ones – coupled with the hydraulic
performance, we can fix the main difference between bridges and other historical vaulted
masonry structures: these two combined aspects led, over time, to the maximum reduction of
the pile thickness (for hydraulic efficiency) compensated by an extreme care in the
construction technology used.
Therefore, only the occurrence of both aspects involved in the design of an ancient
masonry bridge - thus the respect of the ancient dimensional rules and proportions, and the
use of the correct technology in material arrangement and in vault construction - can
constitute a reliable qualitative method for expeditious "stability analysis" of ancient bridges,
thus anticipating the results of further limit analysis.
This is the case of the Ponte Taro bridge, below described, in which, on one side, the
evidence of respect of proportional rules has anticipated the results of further static analysis
(Mery’s method and safe theorem application) showing a first guarantee of its stability, and,
on the other side, the damage observed can be directly attributable to the inadherence to some
technological prescriptions, which conversely are central to bridges.
3 THE PONTE TARO BRIDGE, BETWEEN “ART” AND “SCIENCE”

Figure 1. The Ponte Taro bridge: longitudinal prospect by Antonio Cocconcelli (below) and virtual
reconstruction of the structure (above, right)
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The construction of the Ponte Taro bridge, commissioned by Maria Luigia, duchess of
Parma, to Eng. Antonio Cocconcelli, took place between 1816 and 1821. After several
calculations and comparison with proportional rules [7], the final shape of this important
infrastructure was articulated in 17 three-centered, lowered arches, with a 24 m span,
supported by rectangular pillars (rounded on the two to longitudinal prospects in order to
reduce the water impact) laying on 5 m long timber poles as foundations. This first project
was changed in 1818, after a flood, adding three arches and deepening the foundations.
Moreover, in the final 20 arches bridge, whose external brick structure unfolds an internal
filling of river cobblestones mixed with mortar, Cocconcelli inserted an oculus above each
pillar, thus easing the outflow of water (Fig.1).
3.1 Starting from the end: the bridge current state
The bridge nowadays is still in use, although the main heavy traffic has been diverted on a
larger road, which passes over the river Taro about 1 km North. The 19th century bridge,
indeed, is too narrow for the modern traffic requirements, not allowing a safe passage by cars,
bicycles and pedestrians at the same time on the two directions. In the past, several accidents
happened on the bridge and some ended up with vehicles breaking through the lateral walls,
which are now rebuilt in about half their extension.
Most of the works carried out on the latest decades on the bridge regarded the upper “used”
parts – including the roadbed layers and the lateral walls – and the bottom foundation
elements – to ensure their stability with regards to the water-flow actions. Conversely, they
rarely faced the conservation problems of the masonry arches, which lay now in a poor state:
brick pieces have started falling from the barrel vaults on the underlying roads and paths and
some deformations are detectable on the original shape.
Are these detachments only due to surface material decays or can they be related also to
structural movements? Did the previous interventions on the piles foundations solve their
stability problems or did they evolve in time? Is the crack pattern of the vaults intrados
connected to constructive phases or is there a connection with the arch mechanisms?
In order to define a correct intervention approach on the bridge, and to correctly evaluate
its present conditions, answering to these questions is crucial and a deep analysis of its current
geometry, in comparison with the original shape, has constituted the first step in a progressive
investigation path, which has mapped the decay phenomena and the crack pattern, looking for
proofs on the building itself.
All the further analyses start from a reliable and detailed geometrical survey carried out in
2018 by Parma University – fully described in (Bruno et al., 2019) [8] – which used different
integrated techniques: proximity range UAV photogrammetry, laser scanning and terrestrial
photogrammetry with DSLR high resolution digital cameras. The over 50 TLS scans allowed
to reach a Ground Sampling Distance (GSD) of about one centimeter and a resolution of the
same order of magnitude of the UAV and terrestrial photogrammetric survey (0.7÷1.0 cm).
3.2 Decay and cracks analysis
The decay phenomena on the masonry surfaces were mapped on the photogrammetric
surveys of the two façades (North and South) and of the pillars and arches, with a specific
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attention to the correct representation and quantification of the affected areas on curved
shapes [8]. The analysis of the uneven distribution of these decays can supply meaningful
indications about their possible origins: as predictable, the North façade is clearly more
affected than the South one, due to the higher level of humidity and the consequent higher
diffusion of biological patinas, black crusts and erosions. The top part of the arches is also
affected by percolation of rainwater out of the roadbed: nowadays the use of de-icing salts
worsens the effects of these waters on the masonry and the loss of effectiveness in time of the
original drainage pipes let these waters reach the inner part of the masonry, causing diffuse
efflorescence in the vaults.

Figure 2: cracks caused by brickwork disposition, on the left. and structural fractures originated from differential
deformations and settlements. In particular, in the center longitudinal crack on the intrados vault worsened by
post-WWII reconstructions (span n.12) and, on the right, lateral cracks on the arch extrados (span n.17).

It is also interesting to notice that the position of the brick masonry areas more affected by
missing parts appear related to the brickwork disposition: in particular, the edge between the
vault and the arch front elevation in some cases shows the detachment of a more or less long
masonry portion along the edge itself, whose boundaries seem related to the intersection
between the header course masonry of the vault and of the arch, possibly also enhanced by
structural stress concentrations (Fig.2, left). In some cases, the masonry portions are still in
place, but already detached by a characteristic crack pattern at about 20 cm from the edges.
Other cracks are clearly related to reconstructions, carried out after bombs hit the structure in
World War II and after car accidents damaged the lateral walls.
Nevertheless, some other cracks in specific parts of the bridge can have a structural origin.
These can be schematically divided in two typologies: cracks on the fronts, related to the arch
mechanisms and cracks under the vaults, related to differential deformations. In the vaults n.2,
n.5 and n.12, starting from the West end, longitudinal cracks are visible: these could be
connected to different settlements of the North and South arches, possibly already during the
removal of the centering in the building phase, as reported in some historical documents.
On the fronts, several arches show cracks on the extrados, laterally, in positions that are
typical for depressed three-centered arches. When movements of the imposts (for settlements
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or rotations) are present, the crack pattern loses its symmetry. In some cases, also the parapet
shows inclined cracks, related to the settlement of the arches and of the supporting piers. Both
for the piers and arches settlements, for a confirmation of these hypotheses it is important to
check the actual present geometry, thanks to the precise survey, identifying deformations and
loss of horizontality in the two directions.
3.3 Deformations analysis
In order to identify the deformations, the geometrical survey has been analyzed comparing
the levels of the pillars and the levels of the arches crowns, in the hypothesis that they were all
(respectively) at the same level and that all the arches had the same geometry. Another basic
hypothesis is that no elements increased their level in time. Therefore, comparing the levels of
the elements originally aligned it was possible to identify the differential settlements both
longitudinally and transversally to the bridge.
Table 2: Data of longitudinally and transversally settlements of piers and arches

PIRES SETTLEMENTS

ARCHES SETTLEMENTS

SPAN

HNORD

HMAX-HP

HSOUTH

HMAX-HP

F NORD

F MAX-F A

F SOUTH

1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20

541,67
540,52
543,8
545,16
540,98
541,53
544,12
543,85
544,94
548,57
544,33
547,81
544,96
545,20
546,00
544,94
535,23
541,50
543,05
542,98
542,03

6,90
8,05
4,77
3,41
7,59
7,04
4,45
4,72
3,63
0
4,24
0,76
3,61
3,37
2,57
3,63
13,34
7,07
5,52
5,59
6,54

539,96
539,1
542,81
545,04
542,11
542,15
544,13
543,91
543,69
546,45
544,36
545,66
543,00
545,03
542,69
544,51
539,09
538,19
537,12
537,86
538,74

6,49
7,35
3,64
1,41
4,34
4,30
2,32
2,54
2,76
0
2,09
0,79
3,45
1,42
3,76
1,94
7,36
8,26
9,33
8,59
7,71

425,12
433,65
418,86
428,86
425,78
411,96
405,54
411,15
400,44
410,55
399,32
387,68
385,43
410,30
401,01
407,20
411,38
396,10
393,25
407,84

8,53
0
14,79
4,79
7,87
21,69
28,11
22,50
33,21
23,10
34,34
45,97
48,22
23,35
32,64
26,45
22,27
37,55
40,40
25,81

427,98
433,43
417,53
424,42
421,44
407,26
417,61
415,84
392,09
407,63
405,62
393,56
394,20
408,31
418,94
412,46
397,81
404,97
380,56
417,88

F MAXFA
5,45
0
15,9
9,01
11,99
26,17
15,82
17,59
41,34
25,80
27,81
39,87
39,23
25,12
14,49
20,97
35,62
28,46
52,87
15,55

The first analysis regarded the pier top levels (Tab.2). The differential settlements turned
out to be quite limited: less than 10 cm on more than 600 m of length and never more than 6
cm among two subsequent piers. These data prove the effectiveness of the underpinning
interventions of the central piers foundations (from n.4 to n.14, starting from the West end):
although these pillars are more directly affected by the river water flow, they show a mean
settlement of 2.9 cm compared to 9 cm in the West piers (1 to 5) and 5.4 cm in the five more
eastern piers. Indeed, also the geological tests had identified thicker layers of deformable silty
sands on the West side while, on the East side, the stiffer gravels reach 17 m of depth.
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Comparing these levels on the two fronts, the differences are quite small: the maximum
inclination is 6 cm Southwards (i.e. upstream), on the Eastern piles.
As far as the shape of the arch is concerned – and particularly its rise – a comparison was
made between the survey and the design shape, as inferred by the descriptions and drawings
of Cocconcelli (Fig.3, left).

Figure 3: Differences of geometry between the original drawing by Cocconcelli (on the left) and the surveyed
one (on the right, arch n.12).

7 out of 20 arches show a lowering of the keystone higher than 30 cm (Fig.3, right): this
value seems to be imputable to further movements after the physiologic lowering of the
arches during the centering removal in the construction phase (quantifiable from literature in a
range between 16 and 30 cm [9]). Moreover, in order to evaluate if the longitudinal cracks
could be connected to some torsional effects, the levels of the keystones of the North and
South arch of each span were compared.

Figure 4: Comparison between the levels of keystones in the northern and southern side for each arch.
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From the Figure 4 it’s possible to see that the highest differences – between 15 and 20 cm were measured in the arches n.19 (-18.2 cm) and n.15 (-15.8) while the arches n.7 and n.9
show differences between 10 and 15 cm. It is noteworthy that these level differences are not
always in the same direction; anyway we can state that most of these inclinations are
Southwards in the West Side of the bridge, changing Northwards in the East side (as
represented by the arrows in Fig.4).
In conclusion, comparing the crack pattern with the deformation analysis, only in two
arches it is possible to find correlations between the longitudinal cracks in the vault and the
lowering of the keystone (n.12), as well as between the cracks in the extrados (arch n.9) and
the settlement of the vault itself. This fact, together with the evidence of some loss in masonry
apparatus and considering the possible mistakes during the construction phase (particularly
important in the case of bridges with independent arches [10], as the case of study, Fig.5)
leads to speculate that the cause of the damage is not structural but more reliably linked to
local mechanisms ascribable to as many construction defects: only in these cases indeed, the
question of resistance (otherwise not influential for the massive historic masonry
constructions [11]) intervenes, showing local cracks.

Figure 5: The longitudinal cracks below the arcades, imputable to as many mistakes in masonry apparatus during
the construction phase (and the centering removal).

3.4 The simplified static analysis: back to geometry
In this geometrical route, an integrated analysis of the historical ‘proportional theory’
and the constructive characteristics of this peculiar masonry bridge has been carried out, in
order to verify its stability, by a simplified and qualitative approach.
Many studies exist in literature on structural calculation of masonry bridges, which have
included different load cases by using analytical and experimental methods [12, 13].
In this case, the first “verification” has been the adherence of the dimensions of the bridge
to the prescribed proportional rules recalled in the first part of this paper (Fig.6, left).
By analyzing the main dimensions of the span and the pillars, indeed, it can be seen that
the prescribed ratio of p/L equal to 1/6 is verified, thus following the proportional method, as
explicitly declared by Antonio Cocconcelli himself in his project [7].
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What we can notice is a slight “licence” in the thickness of the arches: Cocconcelli applied
in his bridge a smaller ratio than the one prescribed by treatises, reaching – in the keystone – a
thickness equal to L/18. This advancement certainly derived from the Mery’s method results,
used during his calculations of the bridge, whose reliability is definitely confirmed by the
evidence that, despite the load over the bridge has significantly increased in time (up to the
current traffic), it has demonstrated, until now, a surprisingly high load bearing capacity.

Figure 6: From the left, the analysis of the bridge: starting from the proportional theory to the “safe theorem”
with the current loads.

Therefore, recovering the Mery’s method, used by Coccocelli for the primeval
dimensioning of its bridge, the first step has been the validation of the arch by static graphic
analysis (fig.7, left), considering only the dead load of the three-centered arch and the
abutments, constituted by bricks (specific weight equal to 18 kN/m3) and the internal filling
of river cobblestones mixed with mortar (21 kN/m3), thus proceeding with a homogenization
of the blocks. From this simple analysis, the curve of pressure was found to be all contained
in the middle third of the arch thickness, thus guaranteeing the best beahviour of the masonry,
within the imposed hinges at the extrados at the key and at 45° on the impost plane.

Figure 7: On the left, the result of the pressure curve with Mery’s static analysis method, applied to the arch
subject to dead load (with filling). On the right the same condition analyzed by limit analysis method.
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The same result has been obtained by applying simplified limit analysis to the complete
arch, considering the abutments and the different thickness at the imposts (1,30 m in the key
and 1,6 m at the abutments).
The “safety factor” obtained in this case (intended as a ratio between the thickness of the
arch and the minimum one suitable to contain the pressure curve) was 3,88, thus well above
the collapse limit stated by Heyman [14].
As well known by literature and observed in the built evidences, the load on the abutments
improves the stability of the structure: indeed, the same analysis carried out on the arch itself,
without this additional load (Fig.8, left), restituted a sensibly lower “safety factor” (2,54),
however far above the minimum required for stability.
Surprisingly, even the simulation of the current worse load combination has given good
results: the third simulation saw the load of a 5-axle articulated lorry (17kN / m) in the worst,
asymmetrical, configuration on the arch. Also for this extreme condition, the limit analysis of
the arch, even simplified, has shown a sufficient “safety factor” (2,22).

Figure 8: The results of limit analyses of the arch in the simple configuration (with the only dead load, without
abutments) and in the current load conditions (on the right).

4

CONCLUSIONS

The history of construction can be ultimately seen as the translation of structure into
geometry: the final shape of a construction used to be the formal result of an empiric
calculation – strict and scientific: each built monument constitutes an experiment, 1:1 scale,
whose positive, or even more negative outcomes (as repeated collapses) has given in time
important pieces of information for the correction of the ‘mistakes’.
The comparison between similar mechanisms and pathologies has allowed to trace the field
of application of these theories in solving the safety problem and in guaranteeing the
equilibrium of masses.
In step with this, the information obtainable through a specific interpretation of the
geometrical survey data can represent powerful tools for the comprehension of the present
structural conditions of an historical structure and precious elements for the validation of any
further numerical model [15]. Moreover, retracing in the structure, the ancient dimensional
rules prescribed for the specific building typology, can constitute a first and expeditious
method of analysis which, recovering the equilibrium principles, can give a reliable base for
further and more complex analyses, which are not always gobernable in the final results.
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Recovering the principles (dimensional and technical) which governed the design and the
construction of ancient structures, is the first step to reliably interpret, even in a very
simplified way, their current damage and residual behavior, which is the first condition for
setting up a correct strategy of structural strengthening.
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Abstract. For the first time in the history of architecture, Antonio Gaudí used structural
elements based on complex ruled surfaces – beyond traditional conical or cylindrical surfaces
–, catenary vaults or branched pillars, in order to increase the structural efficiency of his
buildings. The catenary arch had been used only in the construction of bridges by a few
engineers, starting in the 18th century. Arata Isozaki said that the “scale model and the
structural analysis of the church at the Güell Colony are the most original in the history of
architecture”. Beyond his artistic and creative genius – which has now been widely studied
and acknowledged – Gaudí was a revolutionary architect, whose experimental approaches
to the design and calculation of structures implied a focus that was so far ahead of its time
that later, hugely significant engineers and architects have coincided with the methods and
systems used by Gaudí half a century earlier. Norman Foster said in reference to Gaudí:
“his methods, a century later, are still revolutionary”.
1

INTRODUCTION

Antonio Gaudí – the architect of seven buildings on the UNESCO World Heritage List –
has been acknowledged as one of the great authors of the formal renovation of architecture in
the twentieth century [1]; his artistic talent, the innovation in his natural architectural style –
with surprising forms and colours – his technical and constructive innovation, and
even the bioclimatic progress in his architecture have all been valued. Not enough work,
however, has been done on the importance of his person, the great legacy of his work in many
other fields, such as sustainability and biomimetics in architecture; we could make special
mention of the
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mechanical optimization of structural designs and structural efficiency.
We could state that the “significant formal renovation brought about by Gaudí’s architecture
in the early twentieth century was not just an aesthetic or stylistic renovation, but also functional
and technological, planting its roots deeply in numerous social, economic and environmental
causes, the forerunners of modern ecology and sustainability” [2]. Antonio Gaudí was not just
a great architect and a great artist – as is generally acknowledged – he was much more in
addition; he was a great engineer and a great scientist, comparable to the great geniuses of the
Renaissance, such as Leonardo Da Vinci and Michelangelo. Just like the great humanists of the
Renaissance, he did not just study architecture and art, but also cultivated many other fields of
knowledge; he devoted his life to study and research.
As shown in the PhD thesis entitled Antonio Gaudí, precursor de la sostenibilidad en la
arquitectura [3], Gaudí may be seen as one of the fundamental forerunners of sustainability in
architecture – 100 years ago – and at the same time, of twenty-first century biomimetic
architecture too [2]; nevertheless, some of his most outstanding achievements – in the field of
sustainability and biomimetics in architecture – are related to structural design, the fruit of the
tireless quest for mechanical optimization and structural efficiency.
Gaudí – by means of a profound scientific study of mechanical models in nature – came up
with surprising and innovative structural designs. These designs implied the first significant
progress – in the field of structural architectural design – after many centuries of the cyclical
repetition of the same mechanical principles: the mechanical principles of Gothic, Renaissance,
Baroque, Neo-Gothic, Neo-Classical architecture and numerous other historical styles.
Examples of this innovative structural design can be found in buildings as diverse as the
Sagrada Familia Church, the Sagrada Familia Schools, the Crypt at the Güell Colony and Güell
Park.
2

NATURE AS A MODEL: BIOMIMETIC ARCHITECTURE

We could say that there are two creative forces: nature and mankind. Nature has its own
laws, which we cannot change and which we are subject to; mankind – in his creations – may
respect the laws of nature or go against them – fighting against the elements – whimsically or
opportunistically; this does not mean that mankind’s respect for nature implies limiting his
creative capacity, but rather simply bringing both creative forces together to avoid conflict
between them [4]; creativity in Gaudí’s architecture – and his respect for nature – is a good
example of this.
Gaudí realized the importance of studying models in nature, not just aesthetically or
artistically – as had been done throughout the history of architecture – but rather in a much
more profound way; in a purely scientific way. Gustavo García Gabarró states that:
“Faced with architects’ foolish passion for ‘inventing’ new forms that turn out to be a
repetition or combination of previous ones (…) the great merit of Gaudí resides precisely in
turning his gaze to nature, recognizing it as a generous teacher and maintaining a humble state
of mind in its presence, not so much in order to invent anything but rather to discover it all” [4].
“This inspiration in nature is not approached as a romantic dream, removed from daily
reality, but rather consists of working through the profound observation of the models nature
has been rehearsing for millions of years, taking advantage of its experience, capable of reading
wise lessons of welfare, economy and the reduction of costs, expressions so often repeated in
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today’s world” [5].
En 1969, Ian McHarg published the book Design with nature [6], a pioneer in the concept
of the “ecological project”. In 2000, the Hannover Principles explicitly expressed the
importance of nature as a model of sustainability and architectural efficiency: “Those who
create and plan should practice humility in the face of nature. Treat nature as a model and
mentor… [7]”.
There is today a new science known as “biomimetics”, in which – just as Gaudí said 100
years ago – nature is taken as a model, or source of inspiration, for the development of new
technologies. Nature – in its 3.8 billion years of evolution – has developed extraordinarily
efficient designs, the result of a lengthy process of adaptation to endless geographical,
orographic, geological, biological, climatic and environmental variables; we could say that the
complex equation of these variables has been solved by nature, giving rise to “smart design”
structures. This kind of functional structure can be studied and mimicked – or more precisely,
reinterpreted – in order to develop more efficient and more sustainable technologies.
Janine M. Benyus, the founder of the “Biomimicry Institute”, says that “the first level of
biomimicry is the mimicking of natural form, but you can reach a second level, which is when
you mimic the natural process”. Access to this second level is the great contribution of Gaudí’s
architecture, a century before the beginning of what we now know as “biomimetic architecture”.
The first level – i.e. the mimicry of natural forms on an aesthetic level – had already been used
in architecture since ancient times.

Figure 1: “One Ocean” Pavilion at EXPO 2012 (South Korea)
Source: www.youtube.com/watchv=iCAGlu4vPog

By way of example, the thematic pavilion “One Ocean” (figure 1), at EXPO 2012 in Yeosu
(South Korea) – designed by the Austrian company Soma – includes a folding system known
as “Flectofin”, inspired by the pollination mechanism in the Bird of Paradise flower, whose
petals are capable of folding up to 90°; the system has no need for hinges, and operates on
changes in the temperature. Ventilation and solar radiation can thereby be controlled.
3 GAUDÍ’S GEOMETRY: BIOMIMICRY, SUSTAINABILITY AND STRUCTURAL
EFFICIENCY
We could say that geometry is architecture’s own language, just as sound is for music, and
language for literature [4]; this is why Gaudí said that:
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“The architect should not talk vaguely (…) but rather specifically; his language is geometry”
[8].
From the point of view of biomimicry, we could say that architectural design and the varied
geometries of nature are the best model for efficiency and sustainability, as they are the result
of a process of adaptation over millions of years (figure 2); the problem resides in its formal
complexity and the difficulty in transferring it to the field of architectural design.

Figure 2: La Roca (Mont-Roig) and windows of the Crypt at the Güell Colony
Source: C. Salas Mirat (“Gaudí Centre” Museum in Reus)

And yet Gaudí realized that some forms of nature can be easily transferred into architecture,
assimilating them to those derived from ruled geometry; in other words, those which can be
generated by means of straight lines which move in space. The builders who worked with Gaudí
erected them quickly and simply using no more than rulers and cord. Even though these figures
are not easy to depict graphically on plans, Gaudí also overcame this problem, by working with
scale models [4].
For the first time in the history of architecture, Antonio Gaudí used structural elements based
on complex ruled surfaces – beyond traditional conical or cylindrical surfaces –, catenary vaults
or branched pillars, in order to increase the structural efficiency of his buildings, saving huge
amounts of material, improving the use of inner spaces [9], ventilation, illumination and
exposure to sunlight, with the consequent savings in energy.
The vaults in the Sagrada Familia (figure 3) are formed by hyperboloids. These ruled
surfaces are hollow in the middle – where the keystone was on old Gothic arches – and this
means the vaults are lighter and their mechanical function is performed better, providing a great
deal of natural light in the transepts. At the same time, at the intersection of the vaults – where
the ribs were in the Gothic style – the hyperboloids open up small bays, achieving the effect of
a starry sky.
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Figure 3: Vaults in the Sagrada Familia
Source: esbocoseprojetos.wordpress.com/2017/04/02/exposicao-gaudi-barcelona-1900/

The Sagrada Familia Schools are built with just hollow brick tiles and wooden beams (figure
4). The technology employed is extremely simple. It consists of the traditional Catalonian vault,
adapted to the shape of the conoid, as “this ruled surface could serve vertically to provide
structural rigidity for the perimeter walls of the building, with a minimum use of materials and
labour” [10]. Le Corbusier himself was impressed and publicly expressed his admiration for
this little building when he visited it in 1928.

Figure 4: Sagrada Familia Schools
Source: www.gypsynester.com/gaudi.htm

Gaudí said that the “true silhouette is born of the structure itself” [11]; and later on, Eduardo
Torroja also said that “the best buildings are held up by their form and not by the hidden
resistance of their material” [11].
4

STRUCTURAL EFFICIENCY IN GAUDÍ

Gaudí did not search for easy solutions, but on the contrary, he studied the advantages and
disadvantages of each of his innovations in great detail; some of them are the fruit of many
years of research, tests and trials.
Carlos Flores says that “the experimental approaches to design and the calculation of
structures used by Gaudí were such an advanced solution to the problem for their time that later
engineers and architects of great prestige have all inadvertently employed the methods and
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systems used by Gaudí half a century earlier” [12]; a good example of this is the double-curve
ruled structure of the Olympic Park in Munich, built by Frei Otto in 1972 (figure 5).

Figure 5: Olympic Park in Munich, Frei Otto
Source: footage.framepool.com/es/shot/665113940-estadio-olimpico-pilar-puntal-frei-otto

New information technology for structural calculation has shown how accurate Gaudí’s
designs and calculations were. In 1986, the professors of structure at the Polytechnic University
of Catalonia Juan Margarit and Carlos Buxadé calculated the structure of the Sagrada Familia
Church, and saw that it coincided perfectly with Gaudí’s previsions [13].
The calculation system developed by Gaudí in the stereostatic scale model of the Church at
the Güell Colony – in over ten years of research before work actually started – “goes beyond
what was achieved by his predecessors in experiments with (hanging) models. In accordance
with what was known at the time, Gaudí built the first ever three-dimensional hanging model
for the design of a building” [14].
4.1 Catenary arches, ruled surfaces and branching pillars
The catenary arch and ruled surfaces are the fruit of many years of research by Gaudí,
“gathering information from studies published at the time by mathematicians, physicists,
biologists, architects and other scientists” [15]. The mechanical properties of the catenary have
been known since 1691; the first mathematicians confused it with the parabola, until Dutchman
Christiaan Huygens showed that they were in fact two different curves. In the history of
architecture, however, this kind of arch was rarely used until it was rediscovered by Gaudí [16].
In ancient times, especially in the East, stable arches were intuitively built with the curvature
of inverted catenaries. In Sudan, for example, catenary adobe vaults were built. However,
western culture – from Greece and Rome – designed its arches and vaults based on curvatures
derived from the circle; this type is easier to build, but less stable and efficient. During the
Middle Ages and the Renaissance, catenary arches and vaults were forgotten in Europe, despite
the poor functioning of the semi-circular arches. Later on, even the Gothic architects were
unable to find the appropriate form to transmit the horizontal forces.
From the 17th century onwards, theoretical research on inverted catenary began. In 1675,
Robert Hooke wrote that “as hangs the flexible line, so but inverted will stand the rigid arch”
thus opening up the path for the investigation of catenary arches; in 1697, David Gregory
showed that the arches are supported when they have a catenary inside; La Hire, from 1695 to
1712, studied in detail the friction between voussoirs and the stability of the arches; from 1730
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to 1732, Complet and Danyzy carried out a number of mechanical experiments; in 1743,
Giovanni Poleni, based on the investigation of the fissures in the Dome of Saint Peter,
progressed in the study of the static model of the functioning of Gregory's catenary; in 1744,
Euler carried out research on catenoid surfaces and consequently many other scientists –
mathematicians, physicists, architects, engineers, etc. – devoted themselves to the investigation
of catenary arches and catenary vaults during the 17th, 18th and 19th centuries. However, all
these studies on the inverted catenary were only put into practice by a few engineers, starting
in the 18th century, for the construction of bridges. Therefore, they did not have repercussions
in the field of architectural design – nor in the different architectural trends and styles of the
19th century – until the arrival of Antonio Gaudí.
At the end of the 19th century, Antonio Gaudí devoted himself to the in-depth study of all
these sources during many years until he achieved – for the first time in the history of
architecture – the development and systematic application of the catenary and other antifunicular arches in large buildings; he was the first to investigate and make use of them in his
works. By way of example, as mentioned above, in the Crypt of the Colonia Güell, ten years of
studies with funicular models preceded the start of the works. In these years, Gaudí developed
an ingenious and practical calculation system using funicular models based on strings and small
bags of shot pellets (figure 6), of which he later took photographs from different angles. By
turning the photographs upside-down, he obtained the layout of the catenary arches and the
vaults.

Figure 6: Funicular model of the Colonia Güell Church
Source: C. Salas Mirat (“Diocesano” Museum in Barcelona)

However, the use of arches and catenary vaults are not Gaudí’s only great contribution to
architecture in the field of structural design. In the Sagrada Familia, Gaudí’s intention was to
create architecture with new, more balanced and more resistant structures, to improve on the
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structures of European Gothic cathedrals. He therefore came up with pillars with a branching
tree structure – based on a complex study of cord and weights, used in the crypt in the Güell
Colony – which enabled him to determine the diameter and inclination of the pillars and the
load transmitted onto the central core. He thus got the greater part of the structure to work under
compression – instead of by flexion – and made the distribution of load more balanced,
transferred onto the inner pillars and not just the perimeter elements. He was thus able to
eliminate the huge Gothic flying and other buttresses, thereby saving material and space in the
layout [3].
The branched tree structure of the pillars in the Sagrada Familia – like a self-supporting
wood – eliminates the flying buttresses, which Gaudí called the “crutches of the Gothic style”
[14]. Gaudí liked comparing the stability and resistance of Cologne Cathedral to those of the
Sagrada Familia (figure 7), taking into account that with similar spans, the pillars cross-section
of the latter is three times less, and in the buttresses four times less [17]:

Figure 7: Pillars and buttresses in Cologne Cathedral and the Sagrada Familia
Source: www.sagradafamilia.cat/sf-cast/docs_instit/estructura1.php

“When Gaudí took charge of the Sagrada Familia, which started out in the Gothic style – at
the time this was almost compulsory for religious buildings – his main concern was how to
diminish the inclined force, which would have meant building buttresses, flying buttresses and
spires which act as mainstays and dead weights to verticalize the force. His spirit of synthesis
could not accept the complex of centrifugal force which acts in Gothic churches and favours
the disintegration of the elements, compensated by parasitical superstructures of dead weights
and contrary thrust which tend to compensate the disintegrational force” [18].
Furthermore, in the Sagrada Familia Church the parabolic belfries with a circular horizontal
cross-section, designed by Gaudí, reduce the wind force by over half – one of the main problems
when building at height – in comparison to the continuous square horizontal cross-section
belfries – designed by Francisco de Paula del Villar – in the original project. The openings in
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the belfries also contribute to this [17].
Gaudí thereby brings together three fundamental principles: mechanics, geometry and
construction, in order to produce a logical architecture in which each element fulfils its function
with the minimum effort. The “mechanical” fact is manifested “geometrically” and specified in
the appropriate “constructive” element [18].
4.2 Other structural innovations by Gaudí
In the Casa Milá, Gaudí – ahead of his time – placed one of the first garages in Barcelona in
the basement; in order to achieve a more open space, he designed an innovative metallic
structure with radial beams – shaped like a bicycle wheel – which was later mimicked in the
United States pavilion at the Universal Exhibition in 1958 (figure 8), where it was the object of
great praise [19]. It is a radial structure with triangular metallic beams, joined in the middle to
a metal ring and resting on metallic pillars on the outside [9].

Figure 8: Metallic structure with radial beams in the basement of Casa Milá
Source: Martinell Brunet, C. (1967)

Still in Casa Milá, Gaudí designed an innovative metallic structure – lying on a base of
mainstays and pillars – replacing the heavy load-bearing walls which buildings had at the time
[20]. This structure enabled large spans and almost clear floors; i.e. the “Le Corbusian open
floor, which Gaudí anticipated in this project” [21]. Furthermore, the elimination of the loadbearing walls meant considerable financial savings [18], and the possibility of opening up large
spaces on the front for the ventilation and illumination of buildings, with the consequent savings
in energy.
In the Güell Palace, the coffered ceiling in the visiting room is surprising thanks to its daring
mechanics; its spatial structure boasts a greatly resistant efficacy, anticipating the future
structures of reticular beams. Likewise, the ceiling in the dining room and the adjoining rooms
is made up of reticular beams with Hispano-Muslim decoration [22].
In the Bellesguard Tower, we could say that Gaudí anticipates ribbed forging by an original
brick design, whose solidity means that no joists were needed [23].
5

CONCLUSIONS
-

The Catalonian architect Antonio Gaudí was not just a great architect and artist –
extremely ingenious and creative, as is generally acknowledged – but also a great
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-

-

-

scientist and a great engineer, who devoted many years of his life to researching the
calculation of structures. He made such great progress in the concept of mechanics and
the structural design of buildings that his contributions defined a before and after in
the history of architecture.
From a structural point of view, Antonio Gaudí was the author of a change which was
many centuries in the coming; Gothic architecture was a significant step forward, but
in the subsequent centuries – the Renaissance, Baroque, Neoclassicism, etc. – there
had been no further significant progress in the field of structural design.
Gaudí is one of the fundamental forerunners of sustainability and biomimicry in
architecture; at the same time, he was the author of a new concept of organic
architecture, of great mechanical perfection and innovative, never before imagined
geometries: complex ruled surfaces, branching pillars, inclined pillars, catenary vaults
and arches and endless geometries with the greatest possible structural efficiency.
One might think that Gaudí’s architecture was of great value in its historical moment,
but that today it is a difficult model to follow, however nothing could be further from
the truth. As was mentioned at the beginning, some of the world’s most prestigious
architects of the 21st century, such as Norman Foster, have come to affirm that:
“Gaudi's methods, one century on, continue to be revolutionary” [17]. In order to
fathom this, one must understand that interpreting the message of Gaudí’s architecture
is not about imitating his forms, textures or colours – or even his innovative
construction systems – but rather it is about imitating the depth and scientific rigor with
which he studied his works, focusing on nature as an example of efficiency, economy,
ecology, functionality and beauty: “In this way, looking to the past, Gaudí’s example
and the genius of his architecture are projected into the 21st century, to help us in our
search for authentic scientific progress” [2]. Hence, the architectural values of Gaudí
that have been described, are not – as it might appear – a panegyric on Gaudí, but rather
a rigorously scientific argument.
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Abstract. The current study presents several geotechnical structures which were built
during the antiquity, aiming to illustrate the ancient technological achievements and to
provide an insight into the geotechnical skills in the past. It is evident that ancient
civilizations had awareness of the various geological and climatological / meteorological
hazards (i.e. natural hazards) that affected the structures and used rather reliable
techniques for that time. Furthermore, the study aims to illustrate how some of these are
related to modern geotechnical structures. More specifically, the earth retaining techniques
used for the construction of the massive pyramid-like structures Ziggurats are shown,
highlighting their contribution to structural safety. In this framework, several numerical
models have been built and analysed, using the Bishop Analysis for slope stability method
and the Finite Element Stress Analysis Method. The results of the numerical simulations are
presented and discussed.
1

INTRODUCTION

Initial efforts of humans to understand the basic principles of geotechnical engineering
date back to the prehistoric ages while using soil as a construction material has probably taken
place well before the historical records. It is reasonable to assume that the first attempts
to add materials to soil to increase its strength were made to stabilize swamps and marshy
soils, using tree trunks, shrubs, and other ‘reinforcement’ materials. Such stabilization
efforts may have continued with the development of a more systematic approach where for
example tree trunks were uniform in size and length and tied together to form a uniform
surface. Such an example are the corduroy roads (Figure 1), which were roads made of tree
trunks in around 3000 BC [1].
Furthermore, retaining and fortification walls were often built during the antiquity, usually
from stones and mud. Many archaeological sites worldwide include such walls,
relatively well preserved. Foundation engineering techniques were also well known,
aiming to control the water content in the soil and to distribute the loadings of the
constructions uniformly. In the following section, examples of various geotechnical related
constructions of the antiquity are shown.
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Figure 1. Sketch of a corduroy road. (left) and excavation of a corduroy road (right).

2. ANCIENT GEOTECHNICAL STRUCTURES
Regarding ancient geotechnical structures, a well documented example consist the fortification
walls of Troy [2], built during the Bronze Age (1700-1300 BC). The great walls of Troy were
constructed using large hewn stones attached together, including also a layer of soil between
foundation and bedrock (Figure 2). The specific structure is considered to be quite atiseismic,
since the earth fill of the subfoundation acted like a seismic absorber. Another important
example of ancient geotechnical structure is the polygonal wall in Delphi, Greece, where the
well known ancient sancturary of Pythia was located. The walls were built from stones with
curved joints that had excellent adaptation between them (Figure 3).

Figure 2. A view of the Troy wall (left) and a section showing the layer of earth between the
foundation and the bedrock (right) (Blegen 1953).

Figure 3. The polygonal walls in Delphi, Greece (left), a wall failure in Delphi, Greece (right).
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The very important archaeological site of the Acropolis of Athens, also includes extensive
geotechnical works. More specifically, the Acropolis Hill was chosen due to its geomorphology
by the fist inhabitants of Attica since the Neolithic period (4000 / 3500-3000 BC). Among the
standing monuments of the Hill (i.e. Parthenon; Erechtheion; Propylaia; Arrephorion etc), the
Circuit (Perimeter) Wall serves a pure geotechnical purpose, since it functions as a typical
gravity wall, retaining the backfill that forms the plateau of the Acropolis and has total length
of about 800 m and variable height areas 5-20 m [3], [4]. In Figure 4 the Acropolis Hill and the
Circuit Wall are shown and a cross section of the south-east side of the Wall.

Figure 4. The Acropolis Hill and the Circuit Wall (left), and a cross section of the Wall (right).

Soil stabilization with reinforcement materials is another geotechnical engineering technique
used during the antiquity. The Great Wall of China includes parts which were formed as
reinforced soil. More specifically, layers of earth and gravel were reinforced with layers of
desert brush branches and rammed solid (Figure 5).

Figure 5. Surviving Great Wall from the Han Dynasty.

Earth reinforced techniques also included the Ziggurats (Figure 6) which were built by the
Sumerians, Babylonians, and Assyrians in ancient Mesopotamia, from the 40th to the 6th
century BC. [5]. These constructions consisted of walls covered with clay bricks and layers of
mats made of baskets, which were placed in the mud between the bricks as horizontal
reinforcements. Additional reinforcement was included in some of the Ziggurats in the form of
ropes, about 50 mm in diameter each, placed perpendicular to the wall at even intervals, in
horizontal and vertical directions.
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Figure 6. The reconstructed facade of the Great Ziggurat of Ur.

3 ZIGGURATS AND EARTH REINFORCEMENT
The operation of reinforced earth lies in the combination of the soil and reinforcement, in such
way that a new composite material is created, combining their best characteristis. More
secifically, the low cost soil has high resistance to compression and represents the largest
volume of the construction material. On the other hand reinforcement materials increase the
tensile strength and contribute to the development of a composite construction material with
improved mechanical properties. The idealized reinforced soil mass can be seen in Figure 7
where friction between soil grains and reinforcement contributes to stabilization [6].

Figure 7. Idealized reinforced soil mass.

Οne of the oldest applications of soil reinforcement can be found at the Ziggurats in ancient
Mesopotamia and western Iran. The Ziggurats were massive pyramid-like structures with the
form of terraced steps of successively receding levels. They were constructed of clay bricks
varying in the thickness between 13-40 cm, reinforced with woven mats of reed laid
horizontally on a layer of sand and gravel at vertical spacings varying between 50 and 200 cm.
A characteristic Ziggurat is the Aqar Quf structure, near Baghdad, Iraq which originally is
believed to have been over 80 m high and now is 45 m tall [7]. Reeds were used to form plaited
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ropes approximately 10 cm in diameter which passed through the structure and acted as
reinforcement (Figure 8).

Figure 8. Stabilisation of foundations and brickworks with reet mats at Ziggurat temple at Aqar Quf
(left). The Ziggurat of Aqar Quf in 1915 (right).

Another well known Ziggurat is the Great Ziggurat of Ur, which is Neo-Sumerian and was built
in the Early Bronze Age (21st century BC). The famous ziggurat of Ur was constructed in three
layers and the temple was built on the top layer. The structure was built from the outside with
grilled wrapped bricks and woven canes in thick layers, and the inside with grill weges. The
lower layer of the Ziggurat was built in a height of about 15 m and its dimensions were
approximately 60 *45 m. The second layer was built with a height of about 6 m and dimensions
approximately 35 * 25 m, and the third layer with a height of about 3 m, and dimensions
approximately 20 * 10 m. In Figure 9 a representation of the Ziggurat of Ur can be seen (Amiet
et al. 1981) and relatively recent restoration works.

Figure 9. Representation of Ziggurat (left) and extensive reconstruction works (right).
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4. NUMERICAL MODELLING

In the current section numerical simulations of constructions similar to the great Ziggurat of Ur
are shown, focusing on the soil reinforcement that was included at the initial ancient
construction. More specifically two dimensional, three-step numerical models have been built,
with a height of 15m and length 45m for the first step, a height of 5m and length 30m for the
second step, and a height of 3m and length 26m for the third step. The temple that existed at the
top of the highest step has been replaced with a uniform loading, equal to 100kN/m. Sand was
used for the soil material with friction angle equal to 35 degrees. Inclined walls were included
at the exterior surface of every step, following their inclinations. Two different numerical
methods have been used and more specifically a) numerical modelling with the Bishop Method
for slope stability analysis, and b) numerical modeling with the use of the Finite Element Stress
Analysis. The results are presented and discussed in the following and the importance of the
horizontal reinforcement of the soil material is highlighted.
In Figure 10, the first model built can be seen, as it was analysed with the Bishop Method for
slope stability analysis. This model includes inclined walls at the exterior surface of every step,
without horizontal reinforcement layers at the soil mass. The Safety Factor (SF) that has been
calculated is significant smaller than 1, which would be relatively acceptable SF. More
specifically it has been calculated equal to 0.389 and the shape and center of the failure
mechanisms are shown. The most critical failure mechanism is located at the fist step of the
construction, which is expected since this step is the highest one (15m), with the steeper
inclination (80 degrees). In Figure 11, the analysis at the other side of the model (right) is
shown, and the results are quite similar as expected. It is therefore safe to examine only one
side of the numerical model (left), with the Bishop Method for slope stability analysis. In Figure
12, the previous model with significant increased strength of the inclined walls is presented,
and the results show that while the critical failure mechanisms are fewer, there is no impact to
the Safety Factor of the construction.

Figure 10. Numerical Model including inclined walls. Safety Factor: 0.389.
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Figure 11. Numerical Model on the right side. Safety Factor: 0.372.

Figure 12. Numerical Model including inclined walls with increased strength. Factor of Safety: 0.389.
For the next series of analyses, horizontal reinforcement has been included in every step of the
construction. More specifically, in Figure 13, horizontal reinforcement with tensile strength
equal to T=40kN/m has been added with a length of 5m and spacing (i.e. distance between
support) equal to 1m. The new Safety Factor is 0.780, significant higher that the Safety Factors
that were calculated in Figures 10 to 12. Furthermore, the failure mechanism is now extended
from the top to the bottom of the model and not exclusively to the first step. In Figure 14, the
length of the reinforcement layers has been increased from 5m to 15m for the first and second
step and to 10m for the third step of the construction. The tensile strength of the reinforcement
layers remains equal to T=40kN/m. As can be noted, the Safety Factor increases significantly
to 1.071, higher than 1, indicating that the length of the reinforcement layers plays an important,
stabilizing role to the construction.

297

E. Kapogianni

Figure 13. Numerical Model including inclined walls and horizontal reinforcement with tensile strength
equal to T=40kN/m and reinforcement length equal to 5m. Safety Factor: 0.780.

Figure 14. Numerical Model including inclined walls and horizontal reinforcement with tensile strength
equal to T=40kN/m and reinforcement length equal to 15 and 10m. Safety Factor: 1.071.

The next series of analyses present results of the same previous models analysed anew with the
Finite Element Stress Analysis Method. The first model can be seen in Figure 15 and more
specifically a three stepped soil construction with walls at the exterior that follow the inclination
of the three steps. Uniform loading of 100kN/m has been included on the top of the construction.
This model is similar to the model shown in Figure 10 and was analysed with the Bishop
Method for slope stability analysis. In Figure 16 the maximum shear strains developed are
shown and very high deformations are noted. Additionally, the strain vectors can be seen (in
red). Horizontal reinforcement materials have been included at the left side of the model as can
be seen in Figure17. The reinforcement is uniform (i.e. with a spacing of 1m), with a length of
15m for the first two steps and 10m for the third step of the construction. In Figure 18 the
maximum shear strains developed are shown and significant deformations are noted on the right
side of the model, where no reinforcement has been included. The variation between the left

298

E. Kapogianni

and right side of the model in terms of strains developed is significant, demonstrating the
importance of the reinforcement layers on the overall safety of the construction. Furthermore,
the failure mechanism on the right side can be seen. Finally, in Figure 19 the strain vectors are
shown (in red) demonstrating the significant differences between the left and the right side of
the model.

Figure 15. Numerical Model with inclined walls, utilizing the Finite Element Stress Analysis Method.

Figure 16. Maximum shear strains, failure mechanism and strain vectors developed at the Numerical
Model with inclined walls.

Figure 17. Numerical Model with inclined walls and horizontal reinforcement at the left side.
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Figure 18. Maximum shear strains developed and failure mechanism at the Numerical Model with
inclined walls and horizontal reinforcement at the left side.

Figure 19. Flow vectors at the Numerical Model with inclined walls and horizontal reinforcement at the
left side.

4 CONCLUSIONS
In the current study various geotechnical structures built in the antiquity have been presented,
aiming to demonstrate that ancient civilizations had awareness of advanced construction
techniques and applied reliable methods to deal with structural loadings and various natural
hazards. These structures can be found in various archaeological sites worldwide. Furthermore,
the earth retaining techniques used for the construction of the massive pyramid-like structures
Ziggurats were examined and more specifically, the contribution of soil reinforcement to
structural safety.
Several numerical models were analyzed utilizing the Bishop Analysis for slope stability
method and the Finite Element Stress Analysis Method. The results of the numerical
simulations were presented and discussed. The analyses showed that soil reinforcement plays
an important role to structural safety, increasing significant the Safety Factor of the
constructions. Furthermore, the increased length of the reinforcement is also a factor that
benefits the high, inclined soil-mass structures. The numerical models utilizing the Finite
Element Stress analysis method are in good coherence with Bishop Analysis numerical models
and showed that the reinforcement materials decreased the strains and deformations of the
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construction. It is evident that it would be rather difficult to build the Ziggurats at the specific
heights and with such steep inclinations, without the reinforcement materials.
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Abstract. UNESCO declared Cusco a historical site due to the importance of
its constructions and traditions. However, Cusco lies on an active tectonic area with several
plate faults and thus, is prone to endure seismic activity. The 1650 and 1950
earthquakes had devastating consequences on churches, with collapses of bell towers, roofs
and vertical walls. After these earthquakes, the churches became more complex because of
reinforcement and diverse structural changes introduced. Therefore, it is necessary to
understand their current static and dynamic behaviour. In addition, it is fundamental to
establish control measures to preserve churches and to guarantee safety of the hosted people,
as well as to protect the artistic, architectural and cultural treasures they contain. The first
step, however, is to survey the churches and to fully identify their structural features.

This article presents a description of the architectural and structural typologies of
the churches in the historic centre of Cusco and its relation to the most common failure
mechanisms experienced by churches during earthquakes. To this end, this research
carefully recreates typologies, geometry, materials and interventions carried on over centuries
on these churches. It contributes to the seismic vulnerability knowledge of the studied
churches and gives conclusions for decision-makers in future resilience plans.
1 INTRODUCTION
Nowadays, Cusco is one of the most important UNESCO World Heritage sites in Latin
America. Its historical centre still shows a valuable case of superposition of various historical
phases. Among its main architectural expressions are religious buildings. After the XVIth
century Spaniards occupation of Cusco, the city’s urban organization experienced some
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adaptation to European architectural standards. The new inhabitants occupied the most
important areas and replaced ancient Inca structures with their buildings. The conquerors built
their residences around parish churches while natives had to move to peripheral sub-urban
areas, so-called barrios de Indios, which also expanded around smaller churches.
In order to establish their religious beliefs, Spaniards started immediately construction of
valuable sacred architecture, often atop ancient Inca structures such as temple walls. This
superimposition of Spaniards building techniques over Inca ones is still visible today in
churches [1].
The arrival of Spaniards to America brought construction techniques already widespread in
Europe at that time, such as arches and domes. In Peru, most churches had large naves that
ended at the presbytery where baptistery, choir, and altar with sacristy and other accessory
places on the sides were located. The material used for churches depended on their location. In
some areas stones were mainly used (Figure 1a) rough-hewn or in square blocks joined with
lime mortar. Alternatively, the material was adobe with mud mortar and mud plastering (Figure
1b). The Spaniards also introduced terracotta roof tiles but continued to use thatched roofs for
smaller or temporary churches [2].

(a)

(b)

Figure 1: Materials used in Cusco churches a) Stone with lime mortar in the Basilica de la Catedral and, b)
Adobe with mud mortar in the Templo de San Blas.

The 1650 earthquake produced serious damage to many buildings, especially religious ones.
Most of them were totally rebuilt or drastically modified until the end of the 17th century. These
architectural features remained almost unchanged until 1950 when, following another major
earthquake, all main churches in the city were restored. This restoration kept shapes identical
but in some cases used different materials for reconstruction or consolidation [3]. A large-scale
vulnerability evaluation was carried on in the centre of Cusco based on experiences learned
from the L’Aquila earthquake. It took in account mainly adobe and stone masonry dwellings.
The conclusion was that changes at the historical centre increased vulnerability of this important
part of the city [4].
Nowadays, it is a fact that unreinforced masonry churches are more vulnerable to
earthquakes. This is mainly due to their volumetric configuration and large dimensions of
interior spaces. In addition, they have several potential sources of fragility problems such as
inadequate connection between walls or absence of restraining elements, buttresses or similar,
to help support vertical and horizontal loads from sub-horizontal structures (roof) [5]. Churches

303

Sovero et al.

analysis is complex due to their architectural configuration and the difficulty in material
characterization because of its non-linear behavior and low tensile strength. In this type of
buildings, it is possible to identify multiple macro elements as main façade, sidewalls, columns,
vaults, apse, transept, dome, and bell tower. Therefore, there are multiple potential failure
mechanisms as compared to common masonry buildings [6].
This research describes the main characteristics of Cusco churches and their historic,
architectural and structural features, taking into account interventions made after earthquakes,
with the purpose of understanding their seismic behaviour. The International Council of
Monuments and Sites (ICOMOS) established a series of steps to diagnose and implement
interventions in structures considered as cultural heritage. These steps are: (a) data acquisition,
to obtain basic information about main characteristics of the building; (b) historical, structural
and architectural research; (c) structure survey and (d) field research, laboratory tests and
monitoring. Natural causes expose cultural heritage to deterioration and even to socio-economic
phenomena deriving from society evolution. ICOMOS indicates that it is mandatory for
governments to identify, protect, conserve, rehabilitate and transmit cultural and natural
heritage to future generations. As part of this, the development of scientific and technical studies
as well as research is needed to improve intervention methods on monumental heritage.
2

CHURCHES IN CUSCO CITY

In Cusco there are nineteen colonial churches from the XVIth century of relevant historicalarchitectural value, concentrated mainly in the historic center. Those in the main square have
two symmetrical bell towers on the main front, while others have usually only one bell tower.
Churches plan view have a rectangular layout with geometric regularities or a Latin cross
configuration [1]. Figure 2 lists the twelve churches inside the Historical Centre of Cusco and
shows their geographic localization. Four of them are around the Plaza de Armas (Cusco main
square) and the others are at the perimeter of the area.
The construction of most churches started twenty years after the fall of the Inca Empire, in
1531. In most cases, materials came from the destruction of Inca temples. The 1650 earthquake
destroyed most structures, which were rebuilt in a different style. Table 1 presents the
construction year of each church, as well as some useful information such as construction
material, plan view shape and number of towers or bell gables.
The former National Institute of Culture [8], now Ministry of Culture of Peru, declared all
the historic buildings described in this article as Cultural Heritage on December 28, 1972.
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Figure 2: Location of the basilicas, churches, and temples in the Historic Centre of Cusco [7].
Table 1: Main characteristics of Cusco churches
Church
1.

Basílica de la Catedral.

2.

Iglesia de Santa Catalina
de Sena.
Iglesia de la Compañía
de Jesús.
Basílica menor de La
Merced

3.
4.
5.

Templo de Santa Clara.

Construction
year
1560,
1650-1654
Before 1650,
1669
Before 1650
1651-1668

Plan view
shape

Main material

Number of
bell towers

Number of
bell gables

Rectangular

Carved stone

02

--

Rectangular

Carved stone

01

01

Latin cross

Carved stone

02

--

01

--

01

--

1650-1657

Latin cross

1622

One-nave
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Rounded
stone
Rounded and
carved stone
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Table 1 (continuation): Main characteristics of Cusco churches
Church

Construction
year

Plan view
shape

1549-1652

Latin cross

6.

Iglesia de San Francisco
de Asís.

7.

Templo de Santa Teresa.

1673-1676

One-nave

8.

Iglesia de San Cristóbal.

1546

Latin cross

9.

Templo de San Blas.

1559

One-nave

10. Iglesia de Santo
Domingo.
11. Iglesia de San Pedro.
12. Iglesia de Santa Ana.

1633,
1650-1680
1556,
1650-1657,
1688

Main material
Rounded and
carved stone
Rounded
stone
Adobe and
carved stone
Adobe and
carved stone

Number of
bell towers

Number of
bell gables

01

--

--

01

01

--

--

01

Latin cross

Carved stone

01

--

Latin cross

Rounded
stone

02

--

One-nave

Adobe and
rounded stone

--

1560

--

2.1 Description of the churches in Cusco
Church 1. The Basílica de la Catedral is the most important building for its symbolic value.
Part of the reuse construction material came from destruction of Sacsayhuaman fortress, close
to Cusco downtown. The Basilica rises on rests of an ancient Inca building. Its construction
began in 1560 and ended in 1654 [9]. The structure consists of three main buildings: the central
Basilica (at the center of the complex), the Iglesia del Triunfo (at the left) and the Iglesia de la
Sagrada Familia (at the right). The Basilica has five naves, three central ones higher than the
two lateral ones; the roof consists of twenty-one vaults supported by fourteen columns, twentyone stone arches, and thirty-two semicircular arches. The façade has a Baroque style [1]. The
two quadrangular stone bell towers were completed after the 1650 earthquake, with a height
lower than the one of the initial project.
Church 2. The Iglesia de Santa Catalina de Sena, located 100 meters from the cathedral,
was rebuilt after the 1650 earthquake. It was probably completed in 1669 but was already in
use since 1653. The new walls rest on an embankment formed by the fall of the ancient building
stonewalls [10]. The church has a single rectangular nave [1] covered with cross vaults and a
dome. Around the church are two cloisters, the main one with stone and brick galleries and the
other one with adobe. From there, it is possible to observe twenty-nine niches that belonged to
a wall of the Hunkunkancha, an important building from the Inca era. Currently, the monastery,
besides being a religious center, has become a tourist museum.
Church 3. At Cusco main square, besides the Cathedral, there is also the Iglesia de la
Compañía de Jesus. Before the Spanish conquest there was an important Inca architecture
where this church stands. It became property of Hernando Pizarro (one of the Spanish
conquerors), and was later demolished. Later on, the land was sold to the Jesuits who built a
Church and a school; both were seriously damaged by the 1650 earthquake. Reconstruction
began in 1651, starting from the chapel of the Virgen de Loreto. The new Iglesia de la
Compañía de Jesús, with a Latin cross plan view, was completed in 1668 [10]. The symmetrical
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bell towers are the most interesting external architectural elements because of the indirect visual
relationship with those analogous of the cathedral.
Church 4. Not far from the three churches already presented is the Basílica Menor de La
Merced, facing Plaza Espinar. For construction of this church, Francisco Pizarro donated the
land to the Orden de La Merced (Mercedarian Order), who began construction in 1535. In the
beginning, it was a very simple church, in adobe with trusses of the type called "par y nudillo"
(sort of reticular two-beam truss with horizontal stiffening element). The 1650 earthquake
devastated the first building; that year the new construction began and lasted around seven
years. In 1680, construction of a second cloister and the bell tower began [1]. This church has
a Latin cross plan view with three naves; the central nave with a vaulted roof is wider and taller
than the lateral ones.
Church 5. The Templo de Santa Clara is 500 m from the Plaza de Armas. Its construction
began in 1599; this first building was replaced by the current one-nave building together with
the monastery, both completed in 1622 [1].
Church 6. The construction of the Iglesia de San Francisco de Asís, located at the square of
the same name, began in 1549 and ended in 1652. The delay was due to the devastation caused
by the 1650 earthquake. The church has a Latin cross configuration with three naves; the central
one is higher than the lateral ones.
Church 7. One block from the Plaza de Armas is located the Templo de Santa Teresa, in
front of the square of the same name. Captain Don Antonio de Zea and his wife Doña María
Urrutia donated the land to the Orden de los Carmelitas (Carmelite Order) in 1673, but its
construction started in 1676. This church has only one rectangular nave with a two-sided roof.
In addition, it has two bell gables with three columns each. At the façade, it is possible to
observe openings with round arches, where is located the corner balcony rebuilt over Inca walls
[1].
Church 8. The Iglesia de San Cristóbal is close to Cusco main square. Built in 1546, in 1560
it became a parish reserved for Indians. The plan view presents a Latin cross scheme with a
single nave and a gable roof.
Church 9. Another building initially reserved for Indians is the Templo de San Blas, one of
the first five temples built following a special evangelization request from Viceroy Andrés
Hurtado de Mendoza in 1559. The church consists of a single nave, with two access portals,
one overlooking the San Blas square and the other facing the main front. On the right side of
the main façade is a bell tower built in stone masonry with semicircular arch openings.
Church 10. The Iglesia de Santo Domingo, located in the homonym square, was built over
remains of the Templo del Sol (Qorikancha), area which was assigned to Pizarro´s brothers.
Juan Pizarro donated the land to Fray Vicente Valverde, who belonged to the Dominican order.
Transformation of the Inca temple into a Catholic church took place in 1633, but the original
building suffered serious damage with the 1650 earthquake. Reconstruction of the church was
completed in 1680.
Church 11. The Iglesia de San Pedro was built by the architect Juan Tomás Tuyrutupa. It is
located six blocks from Cusco main square. This church has a Latin cross shape in plan view
with two bell towers made of carved stone. This building has a main central nave with chapels
at each side. The roof consists of five vaults over the main nave, two above the transepts and
one over the baptistery. Its façade is baroque, three bodies in height.
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Church 12. The Iglesia de Santa Ana was constructed as a church for town people, so its
structure was very simple. The 1650 earthquake did not produce much damage to it. The
structure has rectangular shape plan view, with a single nave. The roof is simple, made of
wooden structure with triangular shape and colonial tile coverage.
The characteristics of most churches are a Latin cross plan view with one central dome
(Figure 3a). Furthermore, almost all façades are two or three bodies in height (Figure 3b) with
baroque pilasters close to the main entrance. In addition, they have at least one or two towers
with round arches or bell gables (Figure 3c).

(a)

(b)

(c)

Figure 3: Classic architecture of Cusco churches, a) Latin cross shape plan view, b) façade with three bodies
and columns and, c) façade with bell gable instead of bell tower.

2.2 Structural system of the churches
Structural system analysis of these buildings is very important for their protection, especially
their seismic risk. The Cathedral is made of perimeter stone masonry walls, with 1.60 to 2 m
thickness. There is no information about another material inside the walls. Columns are
externally made of stones and internally have a filler material; together with arches, they
support the roof system (vaults). The stone used is granite and is mainly obtained from the
Sacsayhuaman fortress. Both Iglesia de la Sagrada Familia and Iglesia del Triunfo constitute
buttresses to the Basilica walls. The difference in height among the three buildings could
increase seismic vulnerability of the central Basilica.
Other churches have structural characteristics similar to the Cathedral, with thicker walls
(about 2 m) formed by square stone blocks joined with lime mortar. The Iglesia de Santa
Catalina de Sena has brickwork with non-rectangular blocks. The relatively regular
configuration of this building would indicate that it has adequate seismic behavior. However,
window openings are not aligned correctly and this makes the sidewalls areas weak.
The Basílica Menor de La Merced has two stone buttresses that strengthen the side façade.
The second floor walls of the cloisters and the sacristy are of adobe bricks. The roof system of
this church consists of vaults supported by arches and covered with light roofing bricks.
The Templo de Santa Clara has similar structural characteristics as the Basílica Menor de
La Merced. Inside, arches are made of brick masonry and outside vaults are of bricks protected
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with handmade tiles. The plan view of the entire complex (church and cloister) is of irregular
shape. The cloister walls are of adobe masonry, with a “par y nudillo” type roofing system and
handmade tile covering [7].
Other churches are made of adobe. The Iglesia de San Cristóbal has mixed masonry with
carved stone at the base and adobe walls at the top. Externally, walls have stone masonry
buttresses. Inside, the roof is a wooden structure supported by five semicircular carved stone
arches. A baptistery deposit and the sacristy are two small adobe buildings at the back façade.
At the Templo de San Blas, the structural system is adobe masonry with stone cladding. Inside,
the choir rests on a simple stone arch. Its roof system is "par y nudillo" type, covered with
handmade tiles. Only the bell tower is completely stone structure.
As previously explained, the churches structural system consists of stone walls, adobe walls,
or a combination of both. They are bearing walls that also support earthquake lateral loads. The
condition of these walls may play an important role in their seismic vulnerability analyses.
Some churches also have stone buttresses. The Cathedral has stone columns to support the roof
system but in other churches stone or brick arches directly support them.
3

PAST EARTHQUAKES AND IMPACT ON CUSCO CHURCHES

3.1 Earthquakes in Cusco
Cusco region is prone to several types of hazards, such as landslides, floods, earthquakes,
and fires. The Peruvian code [11] classifies Cusco as an area with moderate seismicity. Soil
accelerations can reach up to 0.25 g on rock soil during an earthquake event. Although Cusco
is distant from subduction between South American and Nazca plates, its high seismicity is by
cause of geological faults across the city.
Fifty-three geological faults go through the Cusco region [12]. Most are active faults and
have been source of the main Cusco earthquakes in the past. Table 2 shows a list of the seismic
events in Cusco, counted since the XVIIth century to present. This table also reports the
magnitude of each earthquake expressed in Richter scale (ML), its intensity in Modified
Mercalli scale and the geological fault that produced it. As shown, the major intensity in Cusco
was IX (MM scale) in the 1650 seismic event produced by the Tambomachay geological failure.
In addition to this event, the earthquakes of 1950 and 1986 had a macroseismic intensity of VIII
in the MM scale. Table 2 also indicates that Tambomachay, Pachatusan and Qoricocha
geological faults have caused the main earthquakes in Cusco. Other seismic events with
epicenter in the Peruvian coast due to the subduction phenomenon were perceived in Cusco,
but they caused only minor damage.
Table 2: List of earthquakes at the Cusco city since 1650 [12]
Date
31/03/1650*
19/11/1744*
21/05/1950*
03/06/1980
05/04/1986*

Deep (km)
30
---15
20
07

Magnitude
(ML)
7.2
---6.0
5.0
5.3
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Intensity (MM)

Fault

IX
VI
VIII
VI
VIII

F.Tambomachay
F. Tambomachay
F.Pachatusán
F. Zurite-Huaracondo
F. Qoricocha

Sovero et al.
10/01/1998
08/08/2003
28/09/2014
2015 - 2019

38
32
06
07 - 30

*Sismos que han afectado el Centro Histórico de Cusco

6.4
5.1
5.1
3.2 - 4.4

V
V
VII
II - IV

-----F. Capacmarca
Many

3.2Damages in Cusco churches due to earthquakes
The 1650 earthquake was one of the most destructive in Cusco. According to Chara and
Caparó [1], several churches suffered serious damage and in most cases, some structures were
demolished and rebuilt with other materials. Such is the case of the Iglesia de la Compañía de
Jesús that originally was of adobe and after the earthquake was rebuilt with stone; also the
Iglesia de Santa Catalina de Sena, where all Spaniard made walls were destroyed and only the
Inca stone base did not suffer damage. Another example is the Iglesia de Santo Domingo that
was totally destroyed.
After the 1650 earthquake, some constructions needed a change on their architecture. For
example, the Basilica de la Catedral originally was designed with three towers but after the
event, only two towers were built. Similar case is the Iglesia de San Francisco de Asís that
remained with only one bell tower. On the other hand, some churches did not suffer damage,
like the Templo de Santa Clara and the Templo de San Blas.
After the 1950 earthquake, according to Kubler [10], four churches needed restoration and
two churches needed partial intervention. In addition, five churches needed only minor repairs
and one needed demolition. The Basilica de la Catedral needed only partial intervention due to
little damage in the façade, in the arches and in the towers. The Iglesia de Santa Catalina de
Sena presented only some cracks in the transverse arches. In the Iglesia de la Compañía de
Jesús the central arch of the façade, the tower, and the central dome collapsed. The Templo
Santa Clara had only separation of perpendicular adobe walls.
In addition, damage on buildings was classified. Four categories were identified: buildings
that must be restored, buildings that need partial or small interventions, buildings that need
some major interventions, and buildings that must be replaced.
After the 1950 Cusco earthquake, six failure mechanisms were reported as the most common
in churches [7]: at the façade top, aisle vaults, domes, apse overturning, bell tower fail, and bell
gable fail (Figure 4).
As seen, churches may collapse partially or totally during earthquakes. In consequence, it is
necessary to study and understand their seismic behaviour, and to propose fast and minimal
interventions.
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a) Mechanism at the top
façade.

b) Aisle vaults.

c) Dome.

d) Apse Overturning.

(e) Bell tower.

f) Bell gable

Figure 4: Common failure mechanism in churches of Cusco [7].

CONCLUSIONS

In the past, Cusco has undergone some earthquakes that have damaged its historical
constructions. Therefore, it is urgent to understand the seismic vulnerability of these buildings
in order to draw mitigation plans. This task should be done with simplified tools to cover the
entire historical city and not only individual structures. Thus, large-scale methodologies could
be useful for this purpose. This paper presents a historical and typological characterization of
Cusco churches as a first step of a large-scale study. The main conclusions are as follows:
In Cusco city there are nineteen colonial churches, but only twelve are inside the
Historical Centre. Most of them were built before the 1650 earthquake. Nine of these
churches were made with stone (carved or rounded). The other three (Templo de San
Blas, Iglesia de San Cristóbal and Iglesia de Santa Ana) were made with adobe walls
over a stone base. Furthermore, two of the colonial churches were built over Inca
remains. This is the case of Iglesia de Santo Domingo built over the Templo del Sol, and
Iglesia de Santa Catalina de Sena constructed over the Hatunkancha.
It is possible to know the geometry of these buildings through chronicles and old
paintings. The Latin cross shape with one nave and one bell tower or bell gable is
common in the analyzed churches.
Based on the same chronicles, it is possible to know the churches main material type. In
most cases, masonry was made with stones (belonging to ancient Inca walls) and lime
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mortar.
Since 1650, three big earthquakes had epicenters in Cusco city: earthquakes of 1650,
1950 and 1986 with intensities of IX, VIII and VIII in the MM scale respectively. Of
them, the 1650 and 1950 events have had the most important consequences in the
churches structures. However, only after the 1950 earthquake was it possible to identify
the six most common failure mechanisms: at the façade top, aisle vaults, domes, apse
overturning, bell tower fail and bell gable fail.
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Abstract. In the 19th and 20th centuries both iron and steel were worldwide applied to construct
structures such as halls, markets, stations and bridges. Belgium, an early industrialised country
on the European mainland, was famous for its iron and steel production and the export of iron
and steel structures. Nevertheless, most early Belgian construction workshops are under
explored. Since the company archives of Belgian construction workshops are seldom preserved,
trade catalogues are analysed in this paper to get insight in the structures the workshops built.
These catalogues offer a broader context for the individual structures that were transported
and built worldwide.
1

INTRODUCTION

When studying historic iron and steel structures such as bridges, roof trusses, halls, markets,
etc. it is not always feasible to retrieve the iron construction workshop that assembled the iron
and steel structure. And if the name of a workshop can be retrieved, we often do not know much
about it [1,2]. Nevertheless, it is important to position a construction within the global oeuvre
of the workshop, as these workshops brought in their own expertise and insights [3]. Moreover,
iron and steel structures occupy an exceptional position within the construction sector: they
were often transported over long distances. Structures manufactured in Belgium have been
shipped to countries all over the world.
Up until now, iron construction workshops got little attention in literature. In Belgium, too,
there are only a few texts devoted to the subject [1,4]. The workshop Baume & Marpent is one
of the few iron construction workshops that has been studied in depth in Belgium [5,6].
However, this is in great contradiction with the importance that Belgian workshops had in the
19th and early-20th centuries, both nationally and internationally [1].
In order to increase the knowledge of Belgian iron and steel workshops, this paper
concentrates on trade catalogues published by Belgian iron workshops to promote their
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activities. The catalogues enable to attribute a construction to a specific workshop and to
position the importance of the construction of bridges and buildings in their activities.
2 TRADE CATALOGUES OF BELGIAN IRON AND STEEL WORKSHOPS
Two tracks were followed to collect historical catalogues of iron and steel companies with a
workshop in Belgium. First the Museum voor de Oudere Technieken in Grimbergen (MOT),
that contains a large collection of trade catalogues, was visited and all catalogues connected to
the iron and steel industry were consulted to check if a company constructed bridges or
buildings (as main or secondary activity) [7]. Second, the Receuil Financier, a yearly
publication that lists and describes all stock-listed companies in Belgium was analysed to draft
a list of companies that were involved in the construction of iron and steel bridges and buildings.
By doing so, about 100 iron and steel workshops were retrieved that constructed bridges, roof
trusses, frames, gasometers, etc. in Belgium in the 19th and early-20th centuries [7]. Next,
national and international databases were consulted in order to trace trade catalogues of these
companies. Additionally, city and company archives were consulted containing trade
catalogues of their own and of competing companies.
Since companies still publish trade catalogues today, we set the end date in this paper to
1950 as from then on, the Belgian iron and steel workshops merged into larger national and
international entities such as Les Ateliers Belges Réunies [7]. As most trade catalogues do not
specify a publication date, the estimated publication date is derived, taking into account the
dates indicated in the introductory texts as well as the construction date of the structures
depicted in the trade catalogue. The starting date of the period studied in this paper is determined
by the oldest trade catalogue found during the search, being approx. 1875. Table 1 gives an
overview of the 15 trade catalogues of Belgian iron and steel workshops (c. 1875-1950) that
included photographs or drawings of bridges and buildings.
It is noteworthy that the vast majority of the abovementioned trade catalogues do not focus
on the construction sector, but on the railway sector. These trade catalogues mainly show
wagons, tenders and railway equipment. It is also remarkable that the projects included in the
trade catalogues are mainly intended for foreign markets. Yet this is not strange when we look
at the broader Belgian context. In the 19th century, the Belgian state had followed a twin-track
strategy with regard to the development of the railway network [8]. The state had first laid an
iron cross over the country, whereby the main axes of the railway network were financed and
exploited by the state (1835-1843). These main axes ensured a good connection between a large
number of Belgian (harbour) cities, mining and industrial areas and the connection to the
international network. Subsequently, private capital was stimulated for the construction of a
secondary network. From 1843 onwards, massive private investments in the railway sector took
place, in the beginning almost exclusively English capital, and after the crisis of 1847-48,
Belgian capital plunged into the railway sector. Between 1843-1870, more than 2500 km of
railroads were built by the private sector (and 24 km by the state). When the Belgian State
started buying back the concessions from 1870 onwards, Belgian companies turned abroad to
continue their investments in the construction of railway networks [8]. So, from 1870 onwards
Belgian iron and steel construction workshops focused actively on foreign markets.
The trade catalogues we study all date from after 1875, corresponding to the period where
Belgian companies strove to be strongly involved in building railways abroad. It is clear that

314

Ine Wouters and Romain Wibaut

the trade catalogues target an international audience: some catalogues were printed on the
occasion of a world exhibition, photographs of exhibition stands were included in the catalogue
and several companies took up a description in four languages including French, English,
Spanish and German or Portuguese. Business studies show that during the nineteenth century,
Belgian iron and steel workshops exported between 70 to 90% of their production which
corresponds with the proportion of foreign structures shown in the trade catalogues [9].
In the following paragraphs we zoom in on five trade catalogues (indicated in bold in table
1). First the oldest catalogue S.A. des ateliers de la Dyle à Louvain (c. 1875) is analysed. We
then discuss the only catalogue that exclusively mentions bridges and buildings Aug. Lecoq et
Cie (c. 1880). And finally, we compare the catalogues of two companies Nicaise & Delcuve
and La Brugeoise before and after they merged.
Table 1: Trade catalogues of Belgian iron and steel construction workshops (1875-1950). Archives:
Biblioteca National de Espana (BNE), Company archive Bombardier Transportation in Bruges (Bombardier),
City Archive Bruges (CAB), Ecomusée Bois-du-Luc (EBL), Museum voor de Oudere Technieken in
Grimbergen (MOT), Archive of the National Railway Company of Belgium (NMBS/SNCB)

Name of trade catalogue
S.A. des Ateliers de la Dyle à Louvain
Aug. Lecoq et Cie. Constructeurs. Hal (Belgique)
S.A. des Ateliers Nicaise et Delcuve à la Louvière (Belgique)
S.A. des Aciéries d’Angleur. Liège
S.A. de Produits Galvanisés et de Constructions Métalliques.
Successeur de J.F. JOWA à Liège.
S.A. Compagnie Centrale de Construction
S.A. Compagnie Centrale de Construction. Wagons. Voitures.
Ponts. Charpentes.
Société John Cockerill. Seraing
Les Ateliers Métallurgiques. Bruxelles
S.A. La Brugeoise. Usines métallurgiques. Saint-Michel-LezBruges
S.A. Ateliers de construction d’Hérinnes-lez-Enghien
Baume et Marpent. Haine-St-Pierre (Belgique)
S.A. La Brugeoise et Nicaise & Delcuve. Usines métallurgiques.
Ateliers de construction. St.-Michel-lez-Bruges et La Louvière
La Brugeoise et Nicaise & Delcuve
S.A. La Brugeoise et Nicaise & Delcuve

Date
Archive
±1875
BNE
±1880
MOT
±1895 NMBS/SNCB
1896
MOT
±1900
MOT
±1905
±1905

EBL
EBL

1905
±1910
±1910

MOT
MOT
CAB

1912
MOT
±1920 NMBS/SNCB
±1930
CAB
±1937
±1949

CAB
Bombardier

3 AN EARLY TRADE CATALOGUE : SOCIETE ANONYME DES ATELIERS DE LA
DYLE A LOUVAIN
The oldest Belgian trade catalogue depicting the works of an iron workshop, traced back so
far, dates from approx. 1875 and depicts the works of Société Anonyme des Ateliers de la Dyle
à Louvain (Belgique). The subtitle Matériel de Chemins de Fer, Sucreries, Raffineries,
Distilleries, etc already indicates that rolling stock for railways and equipment for refineries
were products they produced. Another source that gives insight in the activities of the company
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is the notarial act that was drafted when, in 1875, engineer Aimé Durieux changed the name of
his company Société en Commandite A. Durieux et Cie (1866-1875) into Société Anonyme des
Ateliers de la Dyle (1875-1879). The notarial act mentions that the main object of the company
is ‘the execution, sale and rental of railway equipment, all supplies for road, river and canal
works, all metal construction for bridges, frames and other structures, all construction of
machines for use in distilleries, breweries, refineries and others, in general, all construction of
large iron and copper boiler works’ [10]. Between 1879 and 1928 the company cooperated with
the French naval company Société des chantiers de Bacalan in Bordeaux, moved its headquarter
to Paris and changed its name to Société de Travaux Dyle et Bacalan (1879-1928). In the
Belgian workshops in Louvain all activities continued and in 1928 the company split up again
and pursued its activities as SA des ateliers de la Dyle (1928-1959). Since 1866 the company
was located in Louvain in between the railway and the canal, offering excellent conditions for
material supply and the presence of skilled workers [9].
The trade catalogue contains 87 photographs of which two depict the exterior and interior of
the workshop, 76 illustrate wagons for railways and tramways, and only eleven photographs
show bridges and roof trusses. A photograph of the stand for the World Exhibition in Vienna
(1873) is included. Although the Ateliers de la Dyle is seen as an important actor within the
construction sector, the main activities of the company are thus situated within the railway
sector.

Figure 1: Album Société Anonyme des Ateliers de la Dyle à Louvain depicting an outside view of the factory in
Louvain, two bridges assembled at the factory, the company’s stand at the world exhibition in Vienna (1873), the
crown of the Royal Wintergarden at the factory and the almost completed iron structure of the Royal
Wintergarden at the Royal Palace in Laeken (1875) © Bibliotheca National Espana
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The catalogue does not add titles to the objects depicted (see figure 1), but names mentioned
on the wagons such as Lille-Valenciennes, Elsas-Lothringen, Chemnitz-aue-Adorf, Merida à
Sevilla, Carlsruher Pferdebahn, Séville-Xeres-Cadix and abbreviations such as E.F.D.P.II
(Estrada de Ferro Dom Pedro II) point to the export of rolling stock to France, Germany, Spain
and Brazil. The catalogue depicts two bridges and four roof trusses and frames. The
photographs are taken on a plot adjacent to the workshop. The geometry of the bridges and
trusses, which is quite generic, does not enable to identify the structures. Yet, the shape of the
cupola of Royal Wintergarden in Laeken, designed by architect Alphonse Balat is easily
recognisable and is the only project that gets a caption Jardin d’Hiver construit pour S.M.
Leopold II Roi des Belges. No less than five photographs of this construction are included in
the album. They depict the pre-assembled crown at the workshop yard and several stages of the
construction site until the completion of the iron structure in 1875.
The 1953 trade catalogue of the company mentions that Ateliers de la Dyle was the first
Belgian workshop exporting rolling stock to Brasil [11]. By 1879 the workshop had supplied
39 bridges for the Baturité Railway and they constructed inter alia the Railway line Paranagua
– Corytya (1880-1885) [12]. Furthermore they contributed to the Spanish railway line PalanciaVillalon and the electric lines of Nyon-Saint-Cergue (1916, Switzerland) and La Cure-Morez
(1921, France) [11].

Figure 2: Trade catalogue Aug. Lecoq & Cie. Constructeurs Hal (Belgique) (c1880) depicting the roof truss of a
safe deposit in Baltimore, the Corea Amphitheatre in Rome, a bridge over river Santa Cruz in Cuba, the Sarpsfos
twin bridge and the Lysedal viaduct in Norway © het MOT, Grimbergen

3 BRIDGES AND ROOF TRUSSES BY AUGUSTE LECOQ ET COMPAGNIE
Although the company of Lecoq was involved in both the railway and the construction
sector, the trade catalogue Aug. Lecoq is exceptional as it only mentions bridges and buildings.
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In 1873 the industrial Auguste-Joseph Lecoq from Halle collaborated with Emile Ehlers from
Antwerp, director of Emile Ehlers et Cie, to establish La société commerciale en commandite
“Auguste Lecoq et Compagnie, à Hal” to make and sell iron and copper boilers and railway
material [10]. After two years, in 1875 the company dissolved and Lecoq started a new
cooperation with the Antwerp industrialist Charles Faider, who represented the company
Société commerciale “Bernstein et Faider”. From august 1875 the company is called Société
commerciale en commandite “Aug. Lecoq et Cie, à Hal”. It is unclear how the company
developed during the following ten years, yet it can be expected that the production of rolling
stock rose as Bernstein et Faider was active in the exploitation of Belgian and foreign railways
and tramways since 1870. In 1875, for example, they became shareholder of the Société des
tramways d’Algers [10].
In June 1894, after the death of Auguste Lecoq, widow Lecoq and family members erected
the company J.L. Lecoq et Cie that went bankrupt by the end of 1895. In 1898, the production
of fixed and rolling stock for railways and trams, steam engines, bridges and trusses was
continued by the Société des ateliers de construction de Hal [9]. Although we do not have
information about the activities in the period 1895-98 photographs taken during the positioning
of a metallic bridge in Congo in 1898 show the partly visible painted letters Ch. De Fer. Matadi
Congo. Ateliers [de] construct[ion]. Aug. Lec[oq]. J.L. Lecoq Hal. Belg[ique]’ suggesting that
bridge construction continued [13].
In the Recueil Financier we can follow up the yearly financial balances from 1898 onwards.
The company stayed successful until the 1930s, but was loss-making in 1910 because of an
incoherent contract for the construction of bridges in Bulgaria [14].
The trade catalogue that explicitly mentions Aug. Lecoq & Cie on the cover could have been
published in the time period 1875-1894. Although the catalogue is not dated, the structures that
could be identified date back from around 1877.
Although the company was also active in the railway sector, the catalogue Aug. Lecoq &
Cie. Constructeurs Hal is the only catalogue in table 1 that solely contains bridges and roof
trusses. The catalogue contains 16 photographs provided with explanatory titles. Only two
structures in Belgium are depicted: the Kattendyck lock in Antwerp and a private suspension
bridge in Mariemont. The other photographs show a roof truss to be shipped to England for the
reading room in Liverpool, for the aquarium in Tynemouth and for a safe deposit building in
Baltimore, frames for the panorama in Milan and the Corea Amphitheatre in Rome, lattice
bridges for Australia (Parramatta) and Cuba (Arroyo Manso over Rio Santa Cruz) and four
large bridges for Norway: the Prestebakke and Liadalen railway bridge, the Lysedal viaduct
and the twin-deck bridge over river Sarps Fos (see figure 2). The export destinations of this
company differ from the other workshops. Although Spain and Italy are a common destination,
exporting Belgian iron structures to USA and England is rather exceptional as these countries
had a flourishing iron and steel industry.
The bridges in Norway were all part of the construction of the Ostfold Railway Line and
were designed by the Swedish-Norwegian structural engineer Axel Jacob Petersson. The
Sarpsfos bridge was one of the first designs on this Railway Line. The English weekly magazine
Engineering dedicated two issues to this bridge in January 1878 [15]. The bridge was built on
top of an existing suspension road bridge, dating from 1854. Figure 2 shows how the lower road
bridge deck is suspended to the new railway deck shaped as a lenticular truss spanning 54
meters at midspan. For this bridge the existing deck and columns of the former suspension
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bridge were re-used, yet for the following bridges Petersson applied hinged columns, which
was considered innovative. This design of Lysedal viaduct was praised in the English magazine
Engineering in 1879 not only for its facility and quickness of erection, but also for the structural
efficiency and economic advantages [16]. Tyrrell mentioned the Lysedal viaduct (1877) in his
book The history of bridge engineering and explained the innovative shape of the pillars: the
columns taper longitudinally, being wider at the middle than at the ends, and they are hinged at
the shoes [17]. The railway line was in use from 1879 onwards. As the requirements of the
railway network evolved, these bridges and viaducts were replaced over time.
4. TRADE CATALOGUES OF MERGING COMPANIES LES ATELIERS NICAISE
ET DELCUVE AND LA BRUGEOISE
Today, most of the remaining Belgian iron workshops that have their roots in the 19th
century are part of the international company Bombardier Transportation (1986-today). This
company took over B.N. Constructions Ferroviaires et Métalliques in 1977, that is in its turn
an alliance between Les Ateliers Belges Réunis (1956-77) and La Brugeoise et Nivelles (195677). [7] In the following, we study how companies merged between 1855 and 1956 to establish
the company La Brugeoise et Nivelles.

Figure 3: La Brugeoise et Nivelles was founded in 1956 by merging several Belgian workshops [7].

4.1. Société des Ateliers Nicaise et Delcuve
In 1956 the company La Brugeoise et Nivelles (1956-77) was founded. Figure 3 illustrates
how the company brought together La Brugeoise, Nicaise et delcuve and Les Ateliers
Métallurgiques. The first company in itself is an alliance between Société des ateliers Nicaise
et Delcuve and La Brugeoise that merged in 1913 [7]. These different acquisitions explain why
the image of a structure is sometimes repeated in various trade catalogues. In figure 3 the
catalogues of the three companies we discuss in this section are marked with a bold frame.
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The company Société Nicaise et Delcuve, founded in 1867 changed its statute in 1889 and
underwent a minor name change: Société des Ateliers Nicaise et Delcuve. Next to rolling stock
for railways and tramways they constructed bridged and metallic structures, and pieces of
foundry in iron and copper. A famous employee of this company is the Belgian structural
engineer and professor Arthur Vierendeel who invented the Vierendeel girder and published
handbooks on iron architecture. After his graduation in 1874, Vierendeel started his career in
the iron workshop Société Nicaise et Delcuve in La Louvière until 1885. That year he became
provincial engineer in West-Flanders and combined this position with a professorship at the
University in Leuven [18].

Figure 4: Trade catalogue Société Anonyme des Ateliers Nicaise & Delcuve à La Louvière (Belgique). Matériel
fixe et Roulant (c1895) depicting a bridge spanning 248 meters, the hall calculated by Vierendeel in La Louvière,
and two towers © Ecomusée du Bois-du-Luc

The catalogue S.A. des Ateliers Nicaise et Delcuve à la Louvière (Belgique) is not dated and
does not contain any photographs but drawings. The catalogue contains 126 plates of which 43
wagons, 17 cranes and 18 plates depicting iron roof trusses for stations, halls and markets, iron
towers, small and large bridges and gasometers. The title of the drawings is kept quite general
(charpente en fer, pont de 248 mètres, passerelle jardin) and does not allow identification. It is
therefore not clear whether the catalogue refers to structures that have been built or structures
that could be build. However, some drawings could be identified. For example, there is a clear
resemblance between plate 149 charpente en fer in the trade catalogue and the colour plate 65
in Vierendeel’s publication La construction architecturale en fonte, fer et acier (1902). As
Vierendeel’s plate is entitled Atelier à La Louvière (Calculé et excécuté en 1881 par A.
Vierendeel) it is clear this structure had been built.
4.2. La Brugeoise
The trade catalogue La brugeoise. Usines métallurgiques. Société Anonyme. Saint-Michellez-Bruges. Belgique is published after the relocation of the factories to a plot in between the
canal and the railway station in Saint-Michel-lez-Bruges, in the South of Bruges. This
relocation might explain why so many interior pictures are included in the catalogue. One
general drawing of the factory and twelve photographs depict the different workshops. A picture
of the workman leaving the factory is also included. The catalogue starts off with a description
and small history of the company in four languages (French, English, German, Spanish). These
international ambitions are underpinned by adding two photographs of their participation in the
world exhibition in Liège (1905) and Milan (1906). The main part of the catalogue shows 45
photographs of wagons and tenders shipped to all parts of the world. As the purchasers are
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Figure 5: Trade catalogue La brugeoise. Usines Métallurgiques. St-Michel-lez-Bruges (c1910) depicting view of
the new factory in Bruges, an interior view, a bridge spanning 50 meters for Compagnie Auxiliaire de Chemins
de fer au Brésil, a turning bridge for Compagnie de Tramways et d’Eclairage de Tientsien (China), the first
Vierdendeel bridge in Belgium (built 1904) and the iron tower of Dadizeele church © City Archive Bruges

clearly mentioned we get a view on their international clients : Compagnie des chemins de fer
de l’Ouest Paris, Chemin de fer du Nord de l’Espagne, Compagnie des Chemins de fer de la
Tajuna (Spain), Chemin de fer de l’Etat Italien, Compagnie générale des tramways d’Athènes
et du Pirée, Chemins de fer des Indes Anglaises, Chemins de fer de Rosario à Puerto-Belgrado,
Compagnie Générale de Chemins de fer dans la province de Buenos-Ayres, Compagnie
générale de Chemins de fer et de tramways en Chine. Chemins de fer du Pienlo. The catalogue
includes 19 photographs of bridges and structures. (see figure 5) Some of the destinations
reappear: three bridges with a span of 10, 25 and 50 meters are destined for the Compagnie
auxiliaire de Chemins de fer au Brésil, a dome for the Necroterio in Bello Horizonte (Brasil),
a turning bridge over the Haï-Ho for Compagnie de tramways et d’éclairage de Tientsin (China)
and a bridge with a span of 30 meters over the yellow river for Chemin de fer de Pékin à Hankow
(China). The photographs show the construction of these structures in the workshop. For the
Belgian structures, iconic examples were selected: the catalogue includes two photographs of
the first Vierendeel bridge, constructed in 1904 over river Sheldt, between Avelghem and
Ruyen [3]. The bridge is commissioned by Service provincial de la Flandre Occidental, which
is not a coincidence as Arthur Vierendeel was heading this department. Furthermore, there are
two photographs of the iron tower of Dadizeele church (system Vierendeel), a military hall for
balloons in Antwerp, bridges in Charleroi, Termonde and Marchienne-au-Pont and a gasometer.
The Belgian examples are depicted in situ, during or just after construction.
4.3. La Brugeoise et Nicaise & Delcuve
In 1913 the two companies Nicaise et Delcuve and La Brugeoise join to become La
Brugeoise, Nicaise et Delcuve. Table 1 includes three catalogues of this company dating from
around 1930, 1937 and 1949. In the 1930 catalogue the German language has been replaced by
Portuguese. The catalogue shows interior views of both factories in Bruges and La Louvière,
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Figure 6: Trade catalogue La brugeoise et Nicaise & Delcuve (c1937) depicting the photos of the construction of
the Vierendeel railway bridge Val Benoît in Liège (1935), a bridge in Argentina - a Vierendeel railway bridge
for Congo (Bas-Congo au Katanga), roof trusses and the windscreen for the Alexandria station in Egypt © City
Archive Bruges

followed by photographs of wagons, cranes, bridges and buildings. Many photographs are
recuperated from the previous catalogues. Therefore, we go into the catalogue dating back to
c1937. The lay-out of that catalogue is completely different, combining several pictures on one
page (figure 6). After an introduction of the two factories in Bruges and La Louvière, bridges
are the first structures that are shown. Indeed, large reconstruction and infrastructure works had
taken place in inter-war Belgium. The construction and onsite pictures of Vierendeel bridges in
Liège (Val Benoit), Gellick and Geel are shown. The pictures illustrate how the shape of
Vierendeel bridges had been optimised: the upper part is curved as a parabola. In the 1930s also
the connection techniques of steel Vierendeel bridges evolved from riveted to welded
connections and Espion pointed out the leading role of the iron construction workshops in this
evolution [3]. When workshops were invited to send in their offers to construct a Vierendeel
bridge over the Albert canal the iron construction workshop Société Métallurgique d’Enghien
Saint-Eloi send in a counterproposal in 1932 to weld parts of the Lanaye bridge in the workshop
and hot rivet the parts on site. This method was accepted and the bridge in Lanaye became the
first partly welded Vierendeel bridge in Belgium in 1933. In 1934 the first entirely welded
Vierendeel bridge was constructed in Herentals, again because of an accepted counterproposal
by Société Métallurgique d’Enghien Saint-Eloi. When a fully welded Vierendeel bridge
collapsed in Hasselt in 1938, without any prior sign of failure, the optimism about this progress
was tempered [3].
In the trade catalogue ‘welded’ is added to the description of the Vierendeel road bridge in
Geel, spanning 49 meters. The other two depicted large span railway bridges are still hot
riveted: Vierendeel bridge in Val Benoît (1935, spans 60m, 85m and 60m), Vierendeel bridge
in Ghellick (1938, spans 113m). Next to these Belgian bridges, a Vierendeel railway bridge for
Congo (chemin de fer du Bas-Congo) and several bridges for Republique Argentine are
depicted: a road bridge 109m long over the Riachuelo with two movable parts, a railroad bridge
for the line J.V. Gonzalez à Pichanal over Rio San Francisco and a bridge for Rio Sali. The two
pages dedicated to buildings contain a roof structure mentioning charpente coloniale and the
windscreen for the Alexandria station in Egypt (1927).
The main body of the catalogue is still dedicated to rolling stock (wagons and tenders), yet
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new destinations appear which explain the link between bridge orders and rolling stock orders:
Congo (Chemin de fer Leopoldville-Katanga-Dilolo, Compagnie du chemin de fer du BasCongo au Katanga), Maroc (Chemin de fer de Maroc), South-Africa (Chemins de fer SudAfricains, Johannesburg), Peru (The Peruvian Corporation LTD), Egypt (Chemins de fer de
l’Etat Egyptien), Argentina (Chemin de fer de l’Etat Argentine). Next to these destinations,
wagons and tenders were still exported to France, Spain, China and Brazil.
5

CONCLUSIONS

In the 19th century about 100 Belgian iron and steel workshops were active in the
construction of buildings and bridges. The search for trade catalogues of these workshops
showed that widely-distributed catalogues were not used by companies whose main activity
was in the construction sector. The 15 trade catalogues identified in this study all relate to
companies with their main activity in the railway sector. For these companies it was an
advantage to take up the construction of bridges and related structures when developing railway
lines abroad to bridge rivers and roads when constructing a railway or tramway line. From the
1870s onwards Belgian construction workshops exported a vast amount of structures to
countries where railway activities took place such as Spain, Italy, Egypt, Congo, Brazil,
Argentina and China.
The trade catalogues are not comprehensive as they only cover a selection of projects and
the data they provide is often too limited to identify a bridge or a building. However, these
catalogues often provide new information because they contain little known pictures from the
construction in the workshop or of the construction on site. The catalogue also provides insight
into the company's broader oeuvre.
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Abstract. A few months after the San Francisco earthquake and fire in April 1906, the
prosperous and cosmopolitan city of Valparaíso (Chile) suffered a similar catastrophe,
sparking the forerunner application of new materials and construction systems. After the
earthquake, reports, and articles were produced analysing the characteristics of the earthquake
and its effects on the built environment, emulating at a more basic level those emanating from
the ad hoc commissions created to analyse the earthquakes in San Francisco and Messina
(1908). At the theoretical level, solutions for reconstruction were discussed between reinforced
concrete and steel structures, and the applications of these new materials, structural systems,
and constructions in the world were closely observed. The solutions used for reconstruction
ranged from proven inefficiencies prior to the earthquake to new techniques and materials. In
this area, the use of steel with imported pre-manufactured systems as well as local solutions
stands out. The need to reconstruct public and private buildings in Valparaiso with a reliable
and fast system leaned the choice at the beginning towards the use of pre-manufactured metal
structures. The article will expose and analyse the discussions of the time regarding
construction systems and materials from a seismic-resistant point of view, complemented with
the description of three emblematic cases of metal medium height construction in Valparaiso,
after the earthquake: the Hucke Factory, Cardonal Market and the “Jabonería La Estrella”
Factory.
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1

INTRODUCTION

On August 16, 1906, a few months after the earthquake and fire in San Francisco, the
prosperous and cosmopolitan port of Valparaiso suffered a similar catastrophe, detonating the
pioneering application in Chile of new construction systems and materials for the local area.
The Valparaiso earthquake along with the San Francisco earthquake of the same year1 and the
Messina earthquake of 1908 was a turning point for seismology and seismic engineering, setting
the end of the so-called historical earthquakes, with the transition in the approach to seismic
engineering from one based on empiricism to another based on science. After the San Francisco
earthquake, detailed reports made on the effects of the quake as regards the built environment
and seismological aspects [1]. Lawson's work, one of them, focuses on describing earthquake
effects on rural areas, buildings, drinking water, and railway networks. In Italy, Engineer Mario
Baratta and a team also prepared a detailed report with injury surveys, and damage planimetry
in the main cities [2] and a committee of experts analyzed, evaluated and proposed dynamic
seismic calculation formulas and new regulations [3]. After the Valparaiso earthquake, some
reports and articles arose, analyzing the characteristics of the quake and its effects on the built
environment, quoting in one of them the reports and scientific articles of the San Francisco
earthquake [4]. Chile also published a series of articles analyzing the San Francisco earthquake
that had considerably more ground information than the local earthquake [5-7]. Discussions
among specialists reveal the heterogeneous flow of knowledge and the freedoms given to
architects, engineers, and builders in the absence of national building regulations and weak
local ordinances, a weakness that has persisted for almost three decades2.
The solutions used for reconstruction ranged from the proven inefficiencies before the
earthquake, to new techniques and materials. On a theoretical level, reconstruction solutions
were discussed between the use of reinforced concrete and steel structures, looking closely at
the applications of these new materials in the world. The need to rebuild public and private
buildings in Valparaiso with a reliable and fast system, at first favored the choice of
prefabricated metal structures. Both the speed of assembly and the seismic-resistant
characteristics of the steel structural systems influenced this choice, as did, to a not lesser extent,
the origin of the owners and principals of the buildings. In the analysis of the material choice,
it should take into account that Chile did not have local steel production until 1924, with a brief
and failed attempt in 1910 at the Altos Hornos de Corral [8, 9].
2 THE ASSESSMENT OF THE EARTHQUAKE'S EFFECTS
Five days after the earthquake, in New York, 8,200 kilometers away, The New York Times
interviewed Chilean engineer Juan Tonkin [10]. According to Tonkin, the destruction in
Valparaíso had not been as high as indicated by different sources, affirming his belief that the
earthquake damage reports were exaggerated. We are not clear who Tonkin's informants were.
Yet, the information he received was incorrect, as the earthquake for Valparaiso was a
catastrophe, and for a sector of the city called El Almendral, the ruin [11]. Despite this error,
Tonkin's comments regarding the characteristics of the construction in Valparaíso, its possible
problems, and the projections for the reconstruction are understandable. Tonkin was clear that
the area most affected by the earthquake had been the land reclaimed from the sea, the sector
of El Almendral, characterized by uncontrolled sand and artificial fillings. Another relevant
factor was that it had been years since Valparaiso had suffered an earthquake of magnitude,
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with buildings constructed without the necessary provisions, stone, and brick buildings that did
not have the required flexibility to withstand an earthquake. In the interview, Tonkin declared
his preference for lightweight partitions and steel structures, due to the advantages in their
behavior against earthquake and fire, arguing how convenient it was to build buildings of up to
8 or 10 floors of steel, thinking how limited was the space of the city plan.
After the earthquake, the Chilean government appointed an ad hoc commission to analyze
the quake, headed by geographer Hans Steffen. Steffen, aware of the importance of on-site
observation used in his explorations, applied the observer method for earthquake analysis [12].
However, these methods had long since fallen into disuse. The magazine of the Chilean Institute
of Engineers published the report's results [13]. Within the analysis line of the seismological
phenomenon, there is also the article by Luis Zegers [14]. Although we found a series of
published works on seismology, such as those mentioned above, the analysis of the earthquake
effect in Valparaiso on the built environment and the rest of the affected cities is limited. It is
in contrast to the series of articles published in Chile analyzing the San Francisco earthquake3.
The first report published on the earthquake effects on the built environment was by Prussian
engineer Carlos Koning [15], Director of Public Works and founder of the Materials Resistance
Laboratory of the Universidad de Chile. In his article, Koning describes the effect of the
earthquake on commercial construction to learn lessons for future buildings, assessing the
problems in masonry and possible solutions. Undoubtedly the most interesting analysis of the
earthquake is that of the young engineer Hormidas Henríquez, who published in the newspaper
La Unión de Valparaíso a scientific article in six editions gathered under the title "The
earthquake of Valparaíso under its constructive aspect." [16]. The article was published in a
book and also in two well-known Spanish magazines4. They contrast the knowledge of seismic
engineering of Henriquez, a newly qualified engineer, with that of Koning, an experienced
engineer. Henríquez had up-to-date knowledge about seismic engineering; he knew Lawson's
report on the San Francisco earthquake and the work of Milne in Japan, one of the pioneers of
seismology worldwide. Koning sought to position "well-executed masonry" alongside iron and
reinforced concrete masonry. On the contrary, Henríquez proposed the abandonment of
masonry, judging the "detestable brick." Henríquez cites a series of articles in Engineering
Record magazine about the effects of the earthquake and the suggested solutions. One of the
cited articles is that of the engineer Edward Boggs [17], who postulates that "Steel Frame" is
the best solution to earthquakes for high-rise buildings, as the Claus Spreckels building. Other
engineers also cited shared this position5. Henríquez was debating himself between the
reinforced concrete systems and the metallic structures. The entry of reinforced concrete into
Chile was delayed after the disastrous collapse of the Casa Prá building in 1904, built with the
Cottancin system [18].
3 « VALPARAISO OF THE FUTURE »
Before the earthquake, in Valparaiso, iron, and steel were used in building construction as
insulated parts (i.e., columns, beams) and reinforcements (i.e., hardware, inserts), just as in the
early days of iron use in Europe [19]. These pieces and reinforcements were inserted in
traditional masonry models, resulting in some cases detrimental to their seismic performance.
The deficiencies of mass construction systems in seismic behavior were exposed, after the
catastrophic consequences of the earthquake, leading to a debate among professionals who
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proposed various solutions for reconstruction. Most of them based on construction models used
abroad, considering the use of steel structures among them.
A few months after the earthquake, the illustrated current affairs magazine Sucesos
published a report entitled "Valparaíso of the future," with photographs of a metal structure
building under construction, in a central area of the city (figure 1). The architect and director of
the work Antonio Lafoglia designed the building in question, the metal structure assembled by
Alejandro Beltrami, and the masonry by C. Pirazzoli, all of the Italian origin. The building,
designed before the earthquake, was originally a masonry structure. Nevertheless, the
experience of the catastrophe made it necessary to rethink the construction system, replacing
the weighty masonry walls with an "elegant iron cage." Note the term "elegant," perhaps related
to the lightness of the construction system's appearance, a symbol of modernity. Since the
building construction started before the earthquake, the plinth was made of masonry, and the
metal structure mounted on it. The steel and concrete building is advertised in the news report
as a fire-resistant building rather than an earthquake-resistant building. In contrast to
"Valparaíso of the future," the same magazine publishes in another edition the "Valparaíso of
the Past," a photograph of the Valparaíso Theatre under construction, a building with masonry
walls and a wooden structure on the roof that did not finish due to the earthquake. Lafoglia's
work can be seen as a relevant milestone in the constructive transition from mass systems to
metallic systems. This building is positioned as an example of replacement of the traditional
systems, making possible the construction of more slender buildings, with a greater number of
floors and free of the ornamentation that predominated in the masonry buildings.

Figure 1: Construction of the metal structure
building by architect Antonio Lafoglia, San
Agustín slope, Valparaíso (Revista Sucesos 1907,
No. 227, January 10, 1907).

Figure 2: Building with a metal and concrete structure
resistant to fire and earthquakes, San Agustín slope,
Valparaíso (Revista Sucesos 1907, No. 251, June 28,
1907).

Concerning the architectural aspect, but also structural construction, there are two
possibilities for integrating the metal structures and their filling: expressing the steel framing in
its facade or hiding it. The latter will not be discussed in this article as they are seen as a
precedent for reinforced concrete systems. Among the first we will analyze three emblematic
cases of metal construction in Valparaíso after the earthquake: the Mercado El Cardonal, the
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Hucke Factory, and the Jabonería La Estrella6. In the studied buildings, of compact geometry,
walls’ filling is placed between the steel profiles, keeping them visible both towards the outside
and inside. The three analyzed buildings correspond to the Steel Frame system, a metal grid
with infill walls, whose first exponent as a medium height building with an iron structure is the
Chocolaterie Menier by Jules Saulnier built-in 1872 near Paris. However, the analyzed
structures differ from the building of the chocolate factory in two significant aspects. In the
studied cases, laminate steel predominates, as a construction material, and the configuration of
the bracing elements are cross-linked beams and columns, not a net as in the Menier factory.
4 EL MERCADO EL CARDONAL
Mercado El Cardonal building occupies an entire block. Before occupying the land, the
market was located in an adjacent block, under the name of "Recova del Cardonal," built-in
1855 by the American builder Alexander Livingstone [20]. The masonry building had two
floors with a central courtyard.
As with other buildings in El Almendral, the earthquake and subsequent fire destroyed the
Market. In the first instance, a temporary facility called "El Mercado de las Delicias" was
built while waiting for a project for the new market. Then, there were a series of proposals,
such as the one from the municipal official Abelardo Arriagada, influenced by the European
markets of the 19th century. Also, the one from the well-known architect Eugenio Joannon,
who finally became the architect of a project, whose authorship is still unclear. Eduardo
Feureisen Harms, a Civil Engineer, graduated from the Universidad de Chile in 1903.
In 1912, the works of the new Mercado building began, a steel and concrete block structure
imported by the Municipality of Valparaíso through the company based in Valparaíso,
Vorwerk y Co., representative of the German company specialized in steel constructions,
Aug. Klönne from Dortmund (figure 2). In mid-1914, the new Mercado de El Cardonal
opened. According to a publication for the 50th anniversary of the company, El Mercado was
one of the projects of Aug. Klönne abroad. The 1,000-ton building was manufactured, moved,
assembled, and delivered on a turnkey basis [21]. The company had specialized departments
for the integral development of steel projects.

Figure 3: Construction of Mercado el Cardonal in
1913 (Source: Aug, K., Aug. Klönne Dortmund
1879-1929. 1929, Dortmund: Krüger GmbH)

Figure 4: Exterior facade of El Mercado (drawing:
Katherine Cabezas).
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4.1 Building description
Mercado El Cardonal is a trapezoid-shaped building whose sides measure 67, 54, 68, and 60
meters, and its corners are octagonal. The building has a compact appearance and occupies the
entire surface of the block, with two floors plus a basement (Figure 3).

Figure 5: Components of the structure of the exterior
facade of El Mercado. 1) braced walls 2) lattice
beams 3) simple composite column and bracing
(drawing by Katherine Cabezas)

Figure 6: Components of the internal structure of El
Mercado. (top) 1) rigid diaphragm 2) cross-linked
truss (bottom) 1) lattice beam 2) column 3) bracing
(Katherine Cabezas drawing).

A perimeter ring and a central piece shape the building, both separated by a double-height
space that makes them structurally independent. Both the perimeter ring and the central piece
are structured based on flexible steel frames, achieving free floors on each of their levels. As
an enclosure of the building and also its interior partitions, the metal structure was filled with
concrete blocks, giving the structure greater rigidity. The metal framework consists of singlesection, cross-linked pillars, and beams, on the outside and part of the inside of the building
(Figure 4). The cylindrical pillars inside the first floor are cast-iron pieces. In the underground,
only its interior skeleton is exposed, leaving the metal structure embedded in a concrete wall
on the perimeter, thus avoiding the oxidation of the metal parts. The roof structure is composed
of exposed steel trusses and turnbuckles with a corrugated zinc plate covering. The latticework
of its exterior facade stiffens the building. The façade made up of two lattice beams that extend
along its entire length and of pillars made up of triangular and plain profiles, which make up
the building's frames. The interior facade is made up of trusses with few diagonals on the upper
level and a lattice beam on the first floor. The rigid diaphragm is a slab ribbed by a succession
of steel beams that rest on pillars and intermediate walls of the building in a perpendicular
direction to the perimeter axes (Figure 5).
5 HUCKE COOKIE FACTORY BUILDING
The Hucke factory7 is a particular case in this selection, with a building inaugurated in 1901
with two floors, built with brick perimeter walls and a wooden interior structure. The building
resisted the earthquake with minimal damage, restoring normal factory operations within a
few weeks. However, three months later, a fire destroyed the entire factory8. First Ernst
Hucke and after his death his brothers, Otto and Georg, traveled to Germany to observe on-
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site the buildings and facilities of the most important factories. In Germany, they contracted at
the German steelworks Burbacher Hütte in Saarbrücken a prefabricated steel structure for a
five-story, 10,000 square meter building [22]. Fourteen months after the fire, and under the
direction of the architect-engineer Otto Andwanter, the building was inaugurated (Figure 6).
Its height and aesthetics positioned it at the time as the tallest and most modern building in
Valparaiso.

Figure 7: Construction of the new Hucke factory in
1908 (Source: Resurgence of Valparaíso, 1908, August
16, Zig-Zag Magazine No. 182).

Figure 8: Structure of Hucke factory facade
(drawing by Katherine Cabezas).

5.1 Building description
The Hucke factory building occupies the end of an elongated block, with three facades facing
the street and a dividing wall adjacent to the reinforced concrete construction of the sugar
refinery built years later, designed by architect Karl Mönch. The factory is a compact
trapezoid-shaped volume with sides ranging from 38 to 40 meters and a maximum height of
30 meters, divided into a basement, five floors, and the mansard. Inside, it housed large and
heavy machinery for the production of its products. The interior luminosity of the building is
possible thanks to its structure, which in addition to reducing the mass, allows for larger
openings in its walls compared to masonry buildings.
The first bay next to the façade absorbs the difference between the plant’s perimeter
irregularity and the interior structure regularity. The interior distribution in each one of its
floors resolved in a free level divided into seven crossings of 5.70 meters wide by 40 meters
long and six transversal to these of similar measures. The widths of the bays are variable on
the facades: one goes from 5.20 meters to 1.70 meters and the other from 5.30 meters until it
disappears at the other end. The height of each floor is, on average, 3.70 meters between the
slab and main beam and a maximum of 4 meters between slab and vault. From the
underground level, the floors are vertically connected by an inner courtyard that adapts to the
frames of the primary structure, located off the central axis of the building. The metal skeleton
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is mainly made up of nine uniformly spaced frames, which are transversally tied by eight
main beams in each of their slabs. At the same time, the perimeter of the structure acts as
support against lateral forces as it is made up of lattice beams and columns (Figure 7). In the
basement, the perimeter walls in reinforced concrete and in the upper floors in brick masonry.

Figure 9: Interior structure of the Hucke factory
(drawing by Katherine Cabezas)

Figure 10: Structural components of the Hucke
factory facade. 1) lattice beam 2) structural panel
3) span reinforcements 4) meeting of lattice beam
with structural panel (drawing by Katherine
Cabezas)

Inside the building, the horizontal structure is constituted from the basement to the fourth
floor by a secondary steel beam that supports masonry vaults and that are arranged
transversely to the main beams, transferring the loads to the vertical structure. The vaults are
covered with concrete, leaving an approximate thickness of 50 centimeters. As for the internal
vertical structure, it consists of pillars made of simple laminated steel profiles joined by
plates, stiffeners, and rivets, obtaining vertical continuity through connecting plates. On the
fifth floor, this structure changes by creating branched support for the roof structure. The
joints between the vertical and horizontal structures use angle plates and bolted or riveted
gussets (Figure 8). It should be noted that the general structure of the case is mainly supported
by a rigid perimeter and center, which in the building can be recognized as the exterior façade
and the interior façade towards the inner courtyard, concentrating in them all the bracing
systems (figure 9).
6 LA ESTRELLA SOAP FACTORY
John Deichert founded the candle and soap factory in 1866, with experience in the business in
his own factory in Kassel [22]. His son, John William, who studied at one of Brunswick's
leading soap factories, took over the factory in 1899. The soap factory before the earthquake
was located on a central street in Valparaiso in a colonial building. After the earthquake, the
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building was in ruins, and the factory moved to another lot in the city where they built a shed.
In September 1910, the shed was burnt down, and in October of the following year, the new
building with metal and reinforced concrete structure was inaugurated, a building specially
built for its functions (Figure 10). In the Municipal Archives, the current lot of the factory has
the entrance of a building project of metallic structure similar to the existing one, the first
semester of the year 1908; the construction of a new building was already in the horizon.

Figure 11: Interior of La Estrella soap factory
(Source: German progress in America, 1924).

Figure 12: The steel structure of the soap factory
(drawing: Katherine Cabezas)

6.1 Building description
"La Estrella" factory is a rectangular-shaped volume with three blindsides and a façade facing
the street, measuring 33 by 22 meters at the base and 19 meters high from its underground
level (figure 11). Structurally, the building's interior is regularly divided into six bays on its
longest side and four cross bays, while its height is made up of three open-plan floors plus a
basement level, with the upper levels connected by a large central void that served as
ventilation and natural lighting system (figure 12). The factory is structured by steel elements
from the underground level to the roof, with reinforced concrete enclosures in the whole of its
perimeter walls. Additionally, brick masonry is used as a lining for the metal elements located
in the underground, as a strategy for protection against moisture and to provide greater
strength. The metallic skeleton is made up of seven frames that cross the smaller side of the
volume, composed of five pillars each and intersected in the same direction by main beams
and a transversal framework of eleven secondary beams that tie up the set of structural
elements. The perimeter of the building has stiffening elements, which in its smaller walls, are
made up of V-shaped braces that intercalate their orientation between floors, from the
basement to the roof (Figure 13). As for the larger walls, stiffening is based on the formation
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of two lattice beams at the height of the slabs and a V-shaped bracing in the basement wall,
embedded in the reinforced concrete.

Figure 13: The internal structure of the soap factory
(drawing: Katherine Cabezas).

Figure 14: Structural components of the factory
facade. 1) braced wall 2) lattice beam (drawing by
Katherine Cabezas)

7 CONCLUSIONS
The use of metal construction systems in Valparaíso had an unprecedented application after
the earthquake, an expression of its capacity for reconstruction and its booming industry, in a
cosmopolitan city that was economically projected in the Pacific due to its potential as a
commercial exchange port. The fact that it was a port allowed the fast-import of new
technologies and construction materials from North America and Europe (e.g., cement, steel
beams, pipes, wood, etc.). Thus, the origin of the structural components of at least two of the
three cases is German steel companies - Mercado el Cardonal and Hucke Factory -, and the
Soap factory certainly as well. It should be noted that at that time, there were no steel mills in
Chile that supplied iron or steel parts; however, there were central-workshops capable of
assembling a structure based on imported standard profiles.
The excellent performance of the metallic structures in the San Francisco earthquake earned
it a good reputation among the engineers and architects of Valparaiso, in addition to the similar
characteristics of the soil.
According to the seismic-constructive strategies, a configurable relationship is established
between the traditional construction models of mass and steel frames, where both distribute a
large part of the stiffening elements in the structure perimeter. For the study cases, the elements
are braced columns, structural panels, lattice beams, and complete wall bracing, distributed
symmetrically with respect to the main structural axes of the buildings. On the other hand, in
some cases, the filling of the metal structure through a hidden reinforcement contributes to the
stiffening of the steel framework avoiding deformations. About the structural elements, these
are mainly U-section, double T-section, flat and angular profiles, while for the joints, riveted
and bolted gussets and connecting plates are used.
Finally, as a general conclusion, it is argued that the 1906 earthquake considerably
accelerated the process of architectural transformation that had begun in the mid-19th century,
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positioning steel trusses as the most reliable and fastest system for reconstruction. However,
the close link with international technical and technological development means that the use of
reinforced concrete will soon replace this system.
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dicembre 1908). 1910, Roma: Presso la Società Geografica Italiana. 2 p. ., [vii]-xv, 426,
[2] p.
[3] Freeman, J.R., Earthquake damage and earthquake insurance : studies of a rational basis
for earthquake insurance, also studies of engineering data for earthquake-resisting
construction. 1932, New York: McGraw-Hill Book Co.
[4] Henríquez, H., El terremoto de Valparaíso bajo su aspecto constructivo. Artículo dedicado
a la I. Municipalidad y a los que edifican, in La Unión. 1906: Valparaíso.
[5] Hoerning, C., El Terremoto de San Francisco de California sus efectos i la reconstrucción
(Continuará). Anales del Instituto de Ingenieros de Chile, 1907. año VII(n° 4): p. p. 168180.
[6] Calvo Mackenna, D. and G.H.d. Canto, El Terremoto de San Francisco de California sus
efectos i la reconstrucción (Continuación). Anales del Instituto de Ingenieros de Chile,
1907. año VII(8): p. p. 391-407.
[7] Herreros, J., Reglas de construcción que debe seguirse en vistas de los terremotos. Anales
del Instituto de Ingenieros de Chile, 1906. Año VI(n° 1): p. p. 523-526.
[8] Sánchez, C., Evolución histórica de la industria siderúrgica chilena e ibero-americana.
1952, Santiago de Chile: Nascimento.
[9] Palmer, M., 50 años de arquitectura metálica en Chile: 1863-1913. 1970, Santiago de
Chile: Instituto de Historia de la Arquitectura : Facultad de Arquitectura y Urbanismo
Universidad de Chile.
[10] Engineer says city will rise from ruins, in The New York Time. 1906: New York.
[11] Rodríguez, A. and C. Gajardo, La catástrofe del 16 de agosto de 1906 en la República de
Chile. 1906, Santiago de Chile: Barcelona.
[12] Valderrama, L., Observando la catástrofe: terremotos y conocimiento sísmico en Chile
(1868-1912), in Departament de Història de la Ciència i Documentació. 2017, Universitat
de Valencia: Valencia.

335

S. Maino, K. Cabezas and M. Koch

[13] Steffen, H., Contribuciones para un Estudio Científico del Terremoto del 16 de Agosto de
1906. Anales de la Universidad de Chile, 1907: p. 633-713.
[14] Zegers, L., El terremoto del 16 de agosto de 1906. Anales de la Universidad de Chile, 1906.
tomo 119: p. p. 1-33.
[15] Koning, C., Las construcciones i el terremoto, informe pasado por la dirección de obras
públicas al ministerio del ramo. Anales del Instituto de Ingenieros de Chile, 1906. Año
VI(n° 8-9): p. p. 405-411.
[16] Henríquez, H., El terremoto de Valparaíso bajo su aspecto constructivo. Artículo dedicado
a la I. Municipalidad y a los que edifican, in Diario la Unión. 1906: Valparaiso.
[17] Boggs, E.M., Comments of Californian Engineers on the Earthquake and Fire. The
Engineering Record, 1906. 53(18): p. p. 558-560.
[18] Booth, R., La irrupción del hormigón armado: circulación de conocimientos, patentes y
terremotos. Chile en un contexto global, 1896-1920. 2019, unpublished.
[19] Mark, R., ed. Tecnología arquitectónica hasta la revolución científica: arte y estructura
de las grandes construcciones. Textos de Arquitectura. 2002, Akal: Madrid.
[20] Pereira Salas, E., La arquitectura chilena en el siglo XIX. 1956, Santiago, Chile: Ediciones
de los Anales de la Universidad de Chile.
[21] Aug, K., Aug. Klönne Dortmund 1879-1929. 1929, Dortmund: Krüger GmbH.
[22] El Progreso alemán en América. Vol. 1: Chile. Resumen general de las actividades que ha
desarrollado en Chile la colonia alemana. 1934, Santiago de Chile: Rio de La Plata.

1

On January 31, 1906, the Esmeraldas earthquake occurred between Ecuador and Colombia, with a calculated
magnitude of 8.8 Mw. Despite the magnitude, the impact of this earthquake was less than that of Valparaíso and
San Francisco because it did not affect urban centers (Moncayo, M., et al., Terremotos mayores a 6,5 en escala
Richter ocurridos en Ecuador desde 1900 hasta 1970. Ingeniería, 2017. vol. 21(n° 2): p. 55-64).
2
The General Law and Ordinance on Construction and Urbanization promoted after the 1928 Talca earthquake,
published in 1936. The law dedicates a section to the calculation of building stability to achieve the assimilation
of the constructions.
3
As an example the following articles: Hoerning, Cárlos. 1907. "El terremoto de San Francisco de California sus
efectos y la reconstrucción (will continue)." Anales del Instituto de Ingenieros de Chile año VII (n° 4): p. 168-180;
(n° 5):p. 197-284. Calvo Mackenna, Domingo, and G. H. del Canto. 1907. "El Terremoto de San Francisco de
California sus efectos y la reconstrucción (Continued)." Anales del Instituto de Ingenieros de Chile año VII (n°
7):p. 374-375; (n° 8):p. 391-407.
4
Henríquez, Hormidas. 1907. "El Terremoto de Valparaíso bajo su aspecto constructivo." Arquitectura y
Construcción. Año XI (n° 177):p. 119-127; (n° 178):p. 147-156. Henríquez, Hormidas. 1907. "El terremoto de
Valparaíso bajo su aspecto constructivo." La Construcción Moderna (n° 7): p. 116-119; (n° 8): p. 130-137; (n° 9):
p. 146-151; (n° 10): p. 165-170.
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Phillip E. Harroun, Maurice C. Couchot, W. C. Ambrose, profesor Frank Soulé y Carl Leonardt.
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At present the Market building continues to fulfill the same functions, the Hucke factory houses the Faculty of
Engineering of the Universidad de Valparaíso and the La Estrella soap factory the Labor Court of Valparaíso. Both
factories have been subjected to reinforcement works of their structure due to their excessive flexibility.
7
The Hucke cookie factory in this period achieved great success both locally and internationally, reaching a
position as the largest factory in the entire Pacific coast (Sucesos Magazine n°s 208-225, 1906).
8
On November 17, 1906, a fire in the biscuit ovens destroyed the factory in two hours (Sucesos Magazine n° 208225, 1906).
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Abstract. The field of lightweight structures becomes an important field of activity, not
only in the built environment. The relevancy of this field to the conservation of the historical
built environment is also very high. One of the most important and innovative issues is
the integration between lightweight structures and historical heavyweight structures. But in in
the current situation, many of the the practice and the research activities in this field are
relatively specific and local. The activities are in many cases even done using
different kinds of terminologies. This in addition to the fact that in general most of the
research in conservation focuses mainly on historical heavyweight structures. In the current
situation there is a need to create a wider and more integrated body of knowledge in order to
explain and guide the existing activities as well as the future research and developments.
The present research lays the foundations for a conceptual framework and a theoretical
basis for the integration of new lightweight structures and historical heavyweight structures;
reviews the recent theoretical and historical background; and defines an initial scheme of
intervention design strategies for integrating lightweight structures with historical
heavyweight structures. The basic implications of those strategies, in relation to the
architectural – structural visual language, are presented and discussed, while other
implications will have to be developed in future research. These efforts are part of an overall
activity for developing a body of knowledge dealing with lightweight structures and
conservation.
1

INTRODUCTION

The conservation process of the built environment deals with a large gamut of
structures. The richness of structures is continuously growing in the last centuries and
nowadays it includes as well many structures with advanced technologies. These structures
become more and more relevant to the conservation field. One important group of structures
is the one of lightweight structures, in their contemporary meaning.
Lightweight structures always existed in the history of the built environment and different
examples like tents, canopies, and other lightweight shelters can be brought. In parallel,
designers and builders invariably aspired to lighten the weight of structures even when
dealing with heavyweight structures. But in the last eras, different scientific
engineering and technological developments enabled to lighten the weight of structures
outstandingly, creating great challenges to the conservation field.
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Despite the importance and relevancy of lightweight structures to the field of conservation,
most efforts of research and practical activities focus on historical heavyweight structures, since
naturally, many of the historical structures are still heavyweight structures. In the current
situation, there is a great necessity to concentrate more on lightweight structures in the
conservation field, in parallel to historical heavyweight structures.
This research deals with the use of new lightweight structures in a historical heavyweight
conservation context, which is one of the challenges in the field of lightweight structures and
conservation. The present research lays the foundations for a conceptual framework and a
theoretical basis for the integration of new lightweight structures and historical heavyweight
structures; reviews the recent theoretical and historical background; and defines an initial
scheme of intervention design strategies for integrating lightweight structures with historical
heavyweight structures. The basic implications of those strategies, in relation to the
architectural – structural visual language, are presented and discussed, while other implications
will have to be developed in future research.
The term "architectural-structural visual language" is used since in lightweight structures,
very often, it is nearly impossible to separate between the architectural and the structural
language. In addition, the focus in this research is on the intervention design strategies in which
there is a clear visual distinction between the new lightweight structures and the historical
heavyweight structures. The term “historical heavyweight structures” relates not only to
historical structures but also to old existing structures.
2 LIGHTWEIGHT STRUCTURES AND CONSERVATION – THEORETICAL
BACKGROUND
2.1 Lightweight structures – General background
The issue of lightweight structures is an interdisciplinary issue, which gets a special focus in
a wide range of fields as: mechanical engineering aeronautical engineering, industrial and
product design, architecture, civil engineering, materials engineering, morphology science, and
other fields including art (for example, in connection to the possible relations between
lightweight structures and sculptures[1]). Indeed, many objects surrounding us, such as laptops,
cars, air-planes, etc., have a strong connection to the issue of lightweight structures. But
"lightweight structures" is a relative and dynamic term. Accordingly, what we consider today
as "lightweight" in the built environment can be considered heavyweight in the future. This
relativity, beside additional reasons, makes it sometimes difficult to determine which buildings
and structures have to be included in this category of lightweight structures. The borders can
change with time and are not always clear. Generally, lightweight structures can be identified
nowadays with the topics of minimal structures, minimum use of materials, natural structures
and others. Yet, lightweight structures are connected especially with tensile structures like
membrane structures, cable net structures, cable domes etc., as well as with other kinds of
structures [2] like lightweight grid shells [3]
In the architectural language, lightweight structures are connected, in many cases, with
transparency, and weightless appearance. Lightweight structures are special structures, not only
due to their lightness, but also due to the fact that within them, little, if anything, is dividing
between the configuration and the formal expressions. This topic deals with the question
whether a structure can be beautiful by itself [4] and other issues dealing with the connection
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between science and art in lightweight structures. There are many ways to lighten structures
and different strategies can be identified to reduce the structure's weight, addressing aspects
such as materials, overall geometry and other characteristics [2]. In general, all these strategies
to lighten structures are continuously in a process of evolution, towards more lightness of the
structures.
3.2 Lightweight structures and conservation
The field of lightweight structures can be strongly connected and relevant to conservation
engineering and architecture in different facets, and is especially important since the modern
era. Lightweight structures, many of which are from the recent past, contribute to the unique
diversity of the modern heritage. The study of those structures, can contribute to understanding
the philosophy of lighter structures along history and it is also relevant to the field of
conservation engineering and architecture. Different mutual benefits can derive from
connecting lightweight structures to the field of conservation.
Various examples of the challenges in the field of lightweight structure and conservation can
be brought: the conservation of aging lightweight structures from different periods, the
integration of new lightweight structures with historical heavyweight structures, lightweight
strengthening intervention in historical heavyweight buildings, pedagogical issues of
lightweight structures and conservation, etc. [2]. All these, in addition to the challenge of
understanding the history and the philosophy of lightweight structures and their connection to
conservation. As mentioned, this research focuses mainly on the challenge of the integration
between new lightweight structures and historical heavyweight structures. It is important to
stress that especially today, in the digital era that enables the application of very innovative
technologies, those new lightweight structures can be designed as outstanding and unique ones.
The results can be a mixture of new complex geometries, new advanced materials, in different
variations together with the historical heavyweight structures. It is emphasized in this paper that
researchers, engineers and architects who deal with conservation of the built heritage, should
also concentrate on lightweight structures, generally and also specifically, on issues like
integration of lightweight structures with historical heavyweight structures.

Figure 1: Examples of integration of lightweight structures with historical heavyweight structures
(Photographs by the author)
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2.3 Relations between new lightweight structures and historical heavyweight structures
The issue of the relations between new and old-historical in conservation is a complex and
multi-dimensional issue, dealing with many subjects. It can have cultural, social, aesthetic,
economic, environmental and other aspects. Indeed, different strategies and approaches to those
relations can be developed. The focus in our research is on the cases where the new structure
integrated with historic heavyweight structure is lightweight, and there are relations which
create a clear visual distinction between the old and the new. In the new situation the old
historical entity is not the same any more. The new and the old are now an innovative system
with new specific and unique characteristics and features.
3 NEW LIGHTWEIGHT STRUCTURES INTEGRATED WITH HISTORICAL
HEAVYWEIGHT STRUCTURES – HISTORIC PERSPECTIVE
3.1 General
Understanding the development of the field of the integration between new lightweight
structures and historical heavyweight structures along history is an important and fundamental
step in this relatively new field in conservation. Understanding its evolution and architectural
and engineering expressions along time can help us to analyze the developments and the main
trends in the past, but also to acquire a background for the future developments of new abilities
and strategies of design in this field. Accordingly, in the next paragraphs different selected
milestones along time will be introduced.
3.2 New lightweight structures and historical heavyweight structures in early days
Creation of new structures integrated with old structures always existed in the history of the
built environment. From early days of history, many buildings were designed and erected on
the same site, in different periods and by different people, in a process of evolution. Indeed, in
this process numerous buildings were heavyweight and it is reasonable to assume that many of
the integrations between new and old were done with heavyweight structures. In addition to
heavyweight structures, lightweight structures were also erected from the early days of the
human being, as tents, canopies etc. Between the more sophisticated lightweight structures, it
is possible to find deployable lightweight structures, which were integrated in the Roman
amphitheaters to provide protection against the sun. For example, In the Roman Coliseum,
which is considered to be a heavyweight structure, there was a lightweight deployable fabric,
which created an upper shelter [5]. In the Renaissance one can find the use of lightweight textile
structures integrated with heavyweight structures for covering courtyards. This, in order to
create ephemeral shelters for public events, as the covering of the courtyards in Medici Palace
and Pitti Palace in Florence [6].
In parallel, also in vernacular architecture it is possible to find lightweight fabric structures.
Those were used also for shading, integrated in heavyweight historic buildings or urban areas,
as a cover for courtyards, streets, or other open spaces. In Sevilla, Spain, there is an old tradition
called the "Seville awning" [7] and it can be seen even nowadays in Sevilla and in other places.
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3.3 Lightweight structures in the industrial revolution and the modern era
In the industrial revolution, new materials and technologies, industrial production, advanced
theories and other achievements facilitated significant improvements in the capacities to
diminish weight and create much lighter structures. Especially, the new technologies using iron
and steel allowed designers to lighten the weight of structures [4]. This process had a great
impact also on the architectural language which became, in many cases, lighter, transparent,
with new elements of visual lightness. The Crystal Palace, which was designed and erected with
iron and glass [8], can serve as an example for this phenomenon, besides many other projects.
In parallel, textile structures for tents, circuses and other purposes were created as well and can
be brought as examples for lightweight temporary shelters in this era [6]. Those structures were
erected in different environments, including in the historical built environment. Other
developments in lightweight structures include activities of figures like Vladimir Suchov,
Buckminster Fuller and other designers, who had new ideas and visions in different aspects like
geometry, materials etc. [2].
3.4 Integration of new lightweight structures since Frei Otto and beyond
One of the most important contribution to the field of lightweight structures in the modern
era is the work of Frei Otto. His fields of activities and projects include structures like fabric
tensile structures, cable structures, pneumatic structures and other lightweight structures from
different materials and with various geometries. One of the projects which deals with the
integration between new lightweight structures and historical heavyweight structures is the
open-air theatre roof for the Bad Hersfeld church - a retractable textile roof over the courtyard
of the church, designed for a seasonal purpose [9].
As an outcome of the developments in the field of lightweight structures, more lightweight
structures integrated with historical heavyweight structures were erected. For example, the
retractable roof installed for the "Schubertiade" in the inner court of the Hohenems Castle. The
roof consists of a white translucent inner membrane, plus a loosely tensioned outer membrane
[9]. Other examples can be brought from the work of the architect Renzo Piano. The first is the
Otranto urban regeneration workshop - a UNESCO-supported project aimed at the renovation
of historic town centers, with the purpose of testing the feasibility of using local artisans to
restore an ancient town center [10]. The project included a tent roof that sheltered a wide range
of activities open to and inviting the participation of the local citizens [11]. The next example
is the Schlumberger Renovation, Paris, France [10], which includes the usage of a lightweight
structure – a membrane structure - in the rehabilitation process [12]. Schlumberger Renovation
was the first of a series of projects aimed at reclaiming industrial sites. While extensive changes
were made inside the precinct of the site, the original exteriors were conserved to keep the
historical identity of this area in the outskirts of Paris [10]. This project is one of the earliest
cases of using membrane architecture in the rehabilitation of a significant area of urban
landscape [12]. Other examples from the work of Renzo piano are from the historical old port
- Porto Antico, in Genova Italy. Here, new lightweight structures, like tensile membrane
structure and others, were built in the historical context of the old port of Genova as part of the
urban renewal plan [10].
In addition to the examples above, which are mainly membrane tensile structures, many
other tensile structures were erected. Among them it is important to mention pneumatic
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structures integrated in historic buildings. The pneumatic structure which was built to cover the
historical heavyweight arena in Nimes, France [13], can serve as an example.
3.5 Advanced transparency in lightweight structures integrated with historical
heavyweight structures
In parallel to all the above developments with lightweight structures, great important
advances took place during the 80’s of the twentieth century, in the field of lightweighttransparent structures, mainly with glass. This advancement towards more transparent
architecture happened thanks to different innovative figures like Peter Rice and Jörg Schlaich
[14] and others. One of the main important milestones related to the integration of those
lightweight-transparent structures with heavyweight ones is the Pyramid at the Louvre in Paris,
France. The structure of the glass pyramid is an early example of structural glazing stabilized
with the help of cables [15]. In this case the space grid structure was innovative at the time in
its large use of tensile elements [16].
In addition to this important project, examples of other new lightweight structures integrated
with historical heavyweight buildings, can be brought. The covering of the courtyard of the
Museum of the History of Hamburg in Germany with a glass grid shell is one of them.
According to Addis, only the utilization of a sophisticated three-dimensional structural analysis
software, made available in the late 1980’s, enabled to build such a structure [14]. Indeed, the
influence of the digital revolution was significant to lightweight structures developments.
Other important examples for transparent structures are the Louvre Sculpture Courts courtyards in the Louvre museum, which were covered with lightweight glazed roof [17] in
addition to projects like the inverted pyramid in the Louvre, Paris [18]. Later, additional
significant transparent structures were erected like the glass dome for the historical heavyweight
Reichstag in Berlin [19], the new lightweight glazed roof for the Great Court in the British
Museum redevelopment [20] and others.
3.6 High level of Complexity – materials, geometries, design, fabrication
In addition to lightweight glass structures advancements, various developments like design
technologies, fabrication, materials, and others, had a great impact on the integration of
lightweight structures with historical heavyweight structures. For instance, other materials like
ETFE were also used in new lightweight structures which were integrated. Some examples are:
the "Kleiner Schlosshof" – the central meeting place within the castle complex in Dresden – in
which the courtyard was covered with a lattice shell, filled with ETFE cushions [21]; the HM
Treasuries renovation project, in which new lightweight transparent ETFE roofs were
integrated to cover the large light-wells punctuating the building [22]. In addition, printing
abilities on ETFE were also developed. The Aarau Bus Terminal in Switzerland, which is a
lightweight structure in an urban fabric with old and heavyweight buildings, includes a large
cushion wrapped by an arbitrary net of steel cables [23]. A pattern of bubbles was printed on
the blue upper and the transparent lower ETFE-foil [21]. In parallel to ETFE, a great diversity
of other materials relating to lightweight structures can be brought as for example composite
materials [24].
Beside more advanced materials, different advanced technologies, dealing with the creation
of non-standard geometries, enabled new lightweight structures with complex geometry to be
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integrated. An example for this case is the "Capital C" (De Diamantbeurs) in Amsterdam. Here,
a new lightweight grid shell structure with a free form, was built on the roof of a historical
heavyweight building. In this case an advanced design process with parametric design tools
and a unique fabrication process [25] were part of the architectural and engineering creation of
new with old.
4 NEW LIGHTWEIGHT STRUCTURES INTEGRATED WITH HISTORICAL
HEAVYWEIGHT STRUCTURES IN THE CURRENT SITUATION
In the current situation, in the digital era, there are many types of new lightweight structures
which can be integrated, in a great richness of configurations, with historical heavyweight
structures. Examples of this richness include different structural strategies, advanced design
tools, simulation abilities and advanced theories, different materials, textures and colors using
advanced technologies, different kinds of geometries including free form, different fabrication
abilities using traditional beside advanced tools and other abilities. All these achievements
create great challenges in the integration of new lightweight structures with historical
heavyweight structures. These can be used in innovative and creative manners, in different
intervention design strategies which have to be analyzed and identified, as shown in the next
paragraphs.
5 DIFFERENT DESIGN STRATEGIES FOR NEW LIGHTWEIGHT STRUCTURES
INTEGRATED WITH HISTORICAL HEAVYWEIGHT STRUCTURES
5.1 General
Dealing with the issue of new lightweight structures, integrated with historical heavyweight
structures, requests defining an initial scheme of intervention design strategies in the
conservation process. This act is especially important as a vital step for the development of the
theoretical body of knowledge of this unique field in conservation. Knowing the possible
intervention design strategies can significantly improve understanding and analyzing existing
situations. It can also help in the future to achieve successful synthetic and integrative design
between new and old. In the next paragraphs, the focus is on cases where there is a clear visual
distinction between the new and the old. Accordingly, the new lightweight interventions in
these cases have also a visual lightness which can be expressed by different means such as light
appearance, transparency, immateriality etc. The basic implications of those strategies, in
relation to the architectural – structural visual language, are presented and discussed, while
other implications will have to be developed in future research.
5.2 Addition of new lightweight structures to historical heavyweight structures
In this case there is a need to add new parts or elements, which in our scope are also
lightweight, to the historical heavyweight structure. The additions can be external or internal
and they can get different configurations and possibilities. External additions can consist, for
example, of an enlargement of the existing old heavyweight structure with a new lightweight
structure placed aside, above or in other positions. The new lightweight additions can fulfill
different functions as additional floors, entrances, lifts, stairs etc. Internal additions can be
different lightweight elements, used inside the original buildings for the separation of spaces,

343

A. Mosseri

internal lifts, stairs, etc. The additional lightweight roofs over many courtyards in historical
heavyweight buildings are one type of addition. The new lightweight roof for the courtyard in
the renovated “Palacio de Comunicaciones“– a single layer glass grid shell over the courtyard
[3] – is an example of this type. This intervention design strategy enables to conserve the visual
identity of the historical heavyweight structure as an independent historical entity versus the
new lightweight structure. This distinction is especially important when dealing with the
different architectural-structural languages of each period – the historical versus the new.
5.3 Replacement of historical heavyweight structures by new lightweight structures
In the conservation process there is, in some cases, a need to replace original elements or parts,
like walls, ceiling or stairs, of the historical heavyweight building. This replacement can be
needed as an outcome of destruction or deterioration of the original elements or of other reasons.
In such situations one of the possibilities is to replace the historical heavyweight element with
a new lightweight structure. The replacement of the original elements can be internal or
external. The replacement of the original dome in Reichstag Berlin by a new transparent
lightweight dome can serve as an example for this case. Other examples can be the replacement
of original heavyweight elements by ETFE in Corbera d' Ebre church restoration in Spain [26]
and the Speicherstadt Hamburg Chimneys Boiler House, Germany. In this later project two new
filigree steel grid towers were erected, which remind the chimneys destroyed during World War
II, and thus re-create the historic silhouette of the boiler house [27]. This intervention design
strategy allows to understand visually which parts of the original buildings were destroyed and
what was the real situation before the new intervention. The story of the deterioration process
along time is not erased in this case and it even becomes an undivided part of the whole story
of the building.
5.4 Completion of historical heavyweight structures with lightweight structures
There are cases when different parts or elements of the original historical heavyweight
structure were not completed in the original construction process. Different reasons exist for
this situation but in the conservation process it may be possible to complete the unbuilt elements
or parts with a new lightweight structure. An example for this case can be brought from Lille
in France - The Cathedral of Notre Dame de la Treille. Here one of the original façades was not
completed during the historical construction process and a new lightweight façade was erected
nowadays [18]. This way a clear visual distinction is seen between the new completed façade
and the uncompleted historical heavyweight structure. This strategy allows to visually
understand the building's uncompleted story and the completion act in the conservation process.
This intervention design strategy requires a thorough understanding of the intentions of the
original designers and builders of the historical heavyweight structure and to create an
appropriate solution using new lightweight technologies.
5.5 Covering historical heavyweight structures with new lightweight structures
New lightweight structures can be used not only in cases of addition, replacement or
completion, but also as a shelter or covering for historical heavyweight structures. In this case
the new lightweight structure acts as a kind of canopy or envelope and not as part of the original
building. One of the most common usages in this category is lightweight shelters above
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archeological sites. Examples for tensile membrane structures covering archeological sites can
be found in different places. Another outstanding example in this category, dealing with
covering an historical building, is the initial scheme for the rebuilding of the historical
Reichstag, Berlin. Norman Foster’s initial scheme included a large canopy to cover the existing
structure [20] of the historical heavyweight Reichstag. At the end, this proposal was not built,
but in spite of that this proposal had a great exposure in the literature until nowadays. In relation
to the visual language aspect, this intervention design strategy allows to create wide-span
covering solutions, which enables relative visual freedom under the canopy. It can release the
internal space and minimize visual disturbances. This in addition to the visual lightness of such
covers that in many cases have a relatively large scale.
5.6 A new independent lightweight structure in vicinity to a historical heavyweight
structure
A new lightweight structure can also appear as an independent structure in vicinity to or
beside a historical heavyweight structure or structures. For example, in a case of two structures
- the new and the old structures are not necessarily physically connected as one continuous
element and they can act as two different objects, standing near each other. This category
mainly focuses on the building scale - the relations between close buildings or structures. The
space between the structures can act as a mediator between them, and they can behave as
separated projects or as a united one. In addition, the new lightweight structure can be
temporary or permanent, according to different circumstances and needs. An example for this
strategy is the project of Zaha Hadid in Serpentine Gallery, London [21]. This design strategy
allows a visual duality in the composition between two objects in space, standing one near the
other. This duality is inherent to old versus new but can be expressed also by opacity versus
transparency, static versus dynamic and other possible visual relations, which are enabled by
lightweight technologies.
5.7 New lightweight structures within historical and large-scale built areas
The conservation process relates to different levels in the built environment. One of the most
important levels is the urban level, which deals with the conservation of historical urban areas
or other historical built places like big archeological sites that can also be in this category. In
these areas or sites there may be a need to place structures which have an urban role, such as an
urban landmark, or fulfill a specific function in the historic urban space. In such cases the use
of a new lightweight structure can be relevant. The new lightweight structure can be easily
identified in different public spaces like Piazzas, squares and it can act as a distinctive feature
in the space, either temporary or permanent. Possible examples are: entrances to Metro stations,
bus stops, structures for temporary markets and others. One example is the lightweight
pneumatic structure erected in the historic urban environment of Berlin, directly in front of the
Brandburg Gate (for the Ecumenical Church Day in 2003) [27]. A second example is the tower
including a membrane structure in Phänomenta Science Centre in Lüdenscheid, Germany [28].
This intervention strategy enables to distinguish, in the urban scale, between the historical
heavweight environments and new lightweight structures in this landscape. In addition, the
lightweight structure can, in some cases, act as a landmark in the urban context, that draws
attention to the historical heavyweight structure.
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5.8 Lightweight structures and artistic-design activities in historic environments
Historical buildings and historic urban fabrics can be in many cases a place where different
artistic and design activities take place. Lightweight structures can take an important part in this
unique activity. They may appear outside in historic public spaces or in internal spaces of
historical buildings. The lightness, transparency, flexibility, and other properties of these
structures allow them to serve in a wide span of possibilities in art and design. They can be used
as sculptures, monuments, structures or for other artistic and design activities. An example of
using lightweight elements for an outstanding art activity is the wrapping of the historical
Reichstag building in Berlin as a temporary sculpture [29]. Another example which can be
considered as a design creation with artistic values, integrated in a historic environment, is the
Elytra Filament Pavilion. The pavilion was erected in the Victoria and Albert Museum in
London, using advanced technologies which include a robotic fabrication process. The pavilion
establishes a dynamic space and an evolving structure. The pavilion structure is also inspired
by lightweight construction precepts found in nature – the fibrous structures of the forewing
shells of flying beetles known as elytra. The cover forms a fibrous tectonic system that is as
architecturally expressive as it is structurally efficient [30]. This intervention design with
lightweight artistic structures, in historical heavyweight environments, requires in many cases
a lot of scientific understanding beside visual-artistic abilities. In addition, the issue of an object
or a figure and its background is especially important in many visual artistic creations, and here
the historical heavyweight structures can act as a background for the new lightweight creation.
5.9 Lightweight strengthening intervention in historical heavyweight structures which
create a new visual and architectural appearance
There are cases where new lightweight structures are used to strengthen historical
heavyweight structures. For this purpose, one can use steel tie rods, steel ribbons and other
lightweight components according to specific circumstances [2]. In cases where the new
lightweight structures are visible, they can, together with the historical heavyweight structure,
create a new system which has also an architectural-structural visual language. This system has
its own unique visual and aesthetic properties, which were born as an outcome of the necessity
to strengthen the historical ruins. Since many historical heavyweight structures are strengthened
by lightweight elements and components, which are visible in many cases, it is very important
for the designers to understand the integration of the new and the old also from this point of
view. In this intervention design strategy, the functional aspects of the lightweight
strengthening system within the historical heavyweight system are strongly connected to the
architectural-structural aspects. Functional strengthening elements, which naturally are
engineering oriented, can also have a visual architectural-structural contribution.
5.10 Other possible design strategies
The intervention design strategies, which were identified and analyzed above, are selected
principal strategies. Each one of them can be a crucial element in the conservation process. In
addition, it is also possible to search and create new different combinations between these
strategies and, as a result, to have new design strategies, which can be called hybrid strategies.
In parallel it is very important to continue to deepen the study and the research in each strategy
and to enrich our knowledge about its main characteristics.
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6

PEDAGOGICAL ASPECTS

The study and research in the field of integration between new lightweight structures and
historical heavyweight structures can also bring pedagogical benefits. It can enrich the people
who are involved in the conservation studies and open them to new horizons for future design.
Since in many cases most of the attention is devoted to historical heavyweight structures,
understanding the possibilities of using new lightweight structures within the historical
conservation context can create new innovative solutions in the conservation field. This issue
is especially important in this era which is characterized by richness of different advanced
technologies and possibilities of design.
7

CONCLUSIONS

The field of lightweight structures in conservation is a relatively new field. The findings of
this research show that there are many advanced developments in lightweight structures, such
as complex geometries and new advanced materials in different variations, which can be
integrated with historical heavyweight structures. It is also demonstrated that there has been a
significant evolution along time in this field. The findings also indicate that, in the first stage,
a wide span of intervention design strategies for integration of lightweight structures with
heavyweight historical structures can be identified. In this research a discussion is started on
the implications of the different strategies on the architectural-structural visual language.
In the current situation it is important to continue the development of the body of knowledge
in this field. This paper is one of the efforts to enlarge and to deepen this field of activity. In the
future it is important to continue the research dealing with lightweight structures and
conservation. For example, it will be useful to further develop the database on different cases
of intervention such as additions, replacement, completion etc., according to different criteria
and to follow the performance of the new-old systems. More research in this field can focus on
further understanding the implications of different strategies on the visual architecturalstructural language, in addition to other performance and functional aspects like climatic,
lighting, acoustic, and other aspects.
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Abstract. The palace of the Roman emperor Diocletian in Dalmatia, a Mediterranean region
of Croatia, is an important Late Antique complex, whose most important buildings have been
excellently preserved, including their vaults: the brick dome of the Diocletian’s Mausoleum,
the stone barrel vault of the so-called Jupiter’s temple, and the vaults of the large substructures
of the imperial apartments, constructed in Roman concrete. Because in Dalmatia there was no
pozzolana (pulvis Puteolanus) – a volcanic material used for making first opus caementicium
structures in the Roman world, the concrete for the vaults of the substructures of the Palace
was made with crushed terracotta. This type of Roman concrete was called opus signinum. The
vaults of the substructures of the imperial apartments within Diocletian’s palace are important
for the research of Roman concrete structures because the whole complex of vaults of various
types, covering the area of approx. 150 m by 35 m, has been entirely preserved. In this article,
of this variety of vault types, several interesting vault solutions are analyzed.
1

INTRODUCTION

The most prominent example of opus signinum structure in Croatia are the vaults of the
substructures of the emperor Diocletian’s palace. The Palace was built at the end of the third –
beginning of the fourth century AD, in the vicinity of Salona, the capital of the Roman province
of Dalmatia, and presumably the homeland of the Emperor.1
The Palace has been admired and researched by important European artists and scholars
since the 18th century.1,2 Although the major part of the large complex of substructures of the
Emperor’s apartments was filled with trash and not accessible from the Early Middle Ages to
the 20th century,3 the interest for the Grotte, as locals called the substructures, arose already in
the mid-18th century: Scottish architect Robert Adam attempted to do excavations, but was not
allowed by the local authorities.1 Systematic excavation of the substructures began only in the
mid-20th century.3
As the disposition of the walls of the substructures delineate and reveal the disposition of
the Emperor’s residential and ceremonial rooms, they have been in the focus of scientific
interest;1,4 but on the other hand, the vaults of the substructures have not been given enough
interest as important examples of Roman concrete structures.
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2

ROMAN CONCRETE

Roman concrete (opus caementicium) is one of the most important innovations in Roman
ars aedificatoria. Made with volcanic material called by Romans harena fossicia5 or pulvis
Puteolanus (from Puteoli – Pozzuoli), it proved to have excellent mechanical properties. This
enabled major innovations in building technology and development of large-span vaults.6 There
is evidence of skilful use of opus caementicium in important public buildings already in the first
half of the first century BC. Substructures of the temple of Jupiter Anxur at Terracina and of
the sanctuary of Fortuna Primigenia at Palestrina imply that the Roman builders by that time
already had got impressive experience of building with opus caementicium.6, 7
Vitruvius (first century BC) describes raw materials for making mortars and concrete,
mentioning different kinds of sand. He distinguishes harena fossicia from harena fluviatica,
appreciating the special characteristics of harena fossicia for making structurae caementiciae.5
Opus caementicium, first used for less important buildings, proved to be an excellent material,
so that in the imperial period it was used even for the most prominent representative buildings,
e.g. the Pantheon in Rome.6, 7
Construction of Roman concrete structures depended on its essential component: volcanic
materials found only in volcanic regions, the deposits of which are limited. Roman builders,
knowing the advantages of Roman concrete, found a substitute for harena fossicia: instead of
volcanic material, they used broken terracotta, i.e. tiles broken up into very small pieces, to
achieve characteristics similar to those of opus caementicium made by using pozzolana. Thus,
they invented opus signinum ('cocciopesto').8
Opus signinum is a hydraulic material, i.e. it hardens also under water, just like opus
caementicium made with harena fossicia. Opus signinum is also a waterproofing material; it is
even better for this purpose than concrete made with pozzolana. Therefore, it was used for lining
aqueducts, cisterns and exterior surfaces of vaults in the entire Empire.6
3

PALACE OF THE ROMAN EMPEROR DIOCLETIAN IN DALMATIA
The palace of the Roman emperor Diocletian (284 AD – 305 AD) is one of the best preserved

Late Antique imperial palaces and is therefore important for the research of ancient structures

and their evolution from Hellenistic period to the end of Antiquity. In the 7th century, during
Great Migrations, the fortified Palace provided shelter for the inhabitants of the nearby town of
Salona and in the Middle Ages was transformed into the town of Split.3 It has been inscribed
on the UNESCO World Heritage List as an outstanding example of architectural ensemble,
which testifies to developments in architecture and technology. 9
3.1 Historical context
The Palace was commissioned and built by the Roman emperor Diocletian in a relatively
short period, probably from 293 AD (when he instituted tetrarchy) to 305 AD, when he
abdicated the throne by his own will.
The Palace was built on the Adriatic coast, near Salona, as Diocletian’s home after his
withdrawal. It was conceived as a combination of imperial villa and military camp,10 with
garrison buildings in its northern part and representative buildings (religious edifices and
imperial apartments) in its southern part. This concept is clearly visible in the plan of the Palace,
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conceived as castra (military camp): as a fortified complex, nearly square in plan, with cardo
and decumanus and four gates at their ends; the perimetral walls of the Palace are fortified with
16 towers.1, 4 The function of a lavish villa is materialized within the residential zone in the
southern part of the Palace, overlooking the sea.

Figure 1: Diocletian’s Palace (reconstruction according to R. Adam, published by G. Niemann, 1910

3.2. The Emperor’s residential and representative buildings
According to historians’ hypothesis, Diocletian decided to build his palace on the Adriatic
coast in 293 AD when he reformed the administration of the huge Empire and decided to
withdraw from the throne within a certain number of years. Thus, the palace near Salona was
planned for the time when he would no longer be emperor. Still, the art-historians believe that
the so-called residential area of the palace included also representative and ceremonial rooms
– from the Prothyron, where the ex-emperor appeared before his prostrating subjects as Sol
Invictus – a divine title that he retained even after his “retirement”11 - to the series of
representative rooms in the western part of the apartments. The eastern part of the apartments
is believed to have been a private residential area.3
Imperial apartments are situated on a higher level than other parts of the Palace: indeed, they
are constructed on the platform created by a large substructure consisting of a number of thick
walls and pillars carrying vaults. The imperial apartments are stretched along the south façade.
The centrally positioned entrance to the palatium divides the emperor’s residence into two parts.
The large central hall, preceded by the Prothyron and the Vestibule, led to the so-called
Cryptoporticus, southern corridor - porch opening to a beautiful sea view through a series of
large arched openings. The Cryptoporticus was the main communication corridor of
Diocletian’s private and ceremonial suites, running the whole length of the southern façade.
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Of the large central entrance hall only scarce traces exist. Its substructure, on the contrary, is
well preserved. The same applies to most rooms of the imperial residential zone: from the
Emperor’s residential and ceremonial buildings, raised on the artificial platform, only the
circular Vestibule and the Prothyron are preserved.4
3.3. Substructures of the imperial apartments
Unlike the major part of the structures of the imperial apartments, the substructures of these
residential buildings have been excellently preserved. The huge complex of substructures
occupies an area of approx. 150 m by 38 m.12 It was constructed to form a raised base for the
Emperor’s apartments. In spite of their popular name “Diocletian’s basements” or “Diocletian’s
cellars”, they were built only to support the structures above.3 As such, they also protected the
apartments from rising damp – which is important, especially considering the proximity of the
sea.

Figure 2: Substructures of the imperial apartments, plan

The substructures form a large assembly of rooms of different shapes and sizes, divided by
thick bearing walls. The walls are constructed of high-quality stone masonry - opus quadratum.
The massive pillars are also constructed of large stone blocks, perfectly cut and constructed
with extreme precision.3, 4 From historical sources it is known that the high-quality limestone
for the construction of the Palace was brought primarily from the quarries on the island of
Brač.13
Due to the high quality of the stone and excellent workmanship, vertical structural elements
(walls and pillars) have resisted all the aggressive impacts for 17 centuries. Another reason for
the excellent preservation of the substructures might be the fact that most of them were
inaccessible for more than a millennium. Nevertheless, the inhabitants of Split were aware of
the existence of the substructures, they even used parts of them as storage. In the 18th century,
R. Adam describes substructures as “half sunk or vaulted story. Part of these vaults now remain
entire, and at present are used by the merchants for warehouses. They lie all along that side of
the Palace next to the sea… There is also another vault which runs from South to North,
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…which appears to have been a common entry to all the under-ground offices. These have been
partly destroyed, and partly filled up…”.1
The structures of representative residential quarters were very heavy, because the imperial
apartments were undoubtedly vaulted, as we can deduce from other Roman imperial palaces.
Following the structural logic, the walls of the substructures were planned and built exactly on
the positions of the walls of the superstructures. This has enabled the scientists to propose ideal
reconstructions of the imperial quarters – from Adam and Niemann to Marasović.1, 3, 4
4

VAULTS OF THE SUBSTRUCTURES OF THE IMPERIAL APARTMENTS

The vaults of the substructures of the emperor's residential quarters display a multitude of
Roman vault types: barrel vaults, cross vaults, domes, semi-domes and their variations.
The materials of the vaults have not yet been researched systematically: according to a few
samplings that have been done to date, the structure of the vaults is made of a kind of opus
caementicium, with caementa of tufa (very light sedimentary rock, locally called sedra), but
without harena fossicia component in the mortar paste (G. Nikšić, personal communication,
July 2015). Already Vitruvius knew that harena fossicia can be found only in a limited region
of south-western part of Italy: “… fossicia harenaria, trans Appenninum vero, quae pars est ad
Adriaticum mare, nulla inveniuntur, item Achaia, Asia, omnino trans mare, nec nominantur
quidem”.5 Builders in other parts of the Roman empire had to substitute harena fossicia, the
essential component of opus caementicium, with brick rubble, which also gives strength and
durability characteristic of the Roman concrete.8
4.1. Cross vaults of the central hall of the substructures
The large central hall of the substructures is the main communication hall that connects the
Peristyle with the southern gate.
The vertical structures of the large hall, approx. 35 m long and 10.5 m wide,12 carried the
upper ceremonial entrance hall of the imperial apartments. The representative entrance hall was
presumably covered with a large-span barrel vault, as can be concluded from the very thick
longitudinal walls of its substructure; hence, the large entrance hall of the imperial apartments
did not have any additional supports within the large span.
Into the substructure hall of the ceremonial entrance hall, which has approximately the same
dimensions as the demolished hall above it, the constructors of the Palace inserted two rows of
strong pillars which divide the central substructure hall into three “aisles”. In this way they
reduced the spans of the vaults, and also their height. Reducing the height of the vaults was
essential in order to achieve the horizontal platform for the imperial apartments.
Unfortunately, the vault of the central hall of substructures has been damaged and considered
structurally unsound. The reconstruction of the Roman vault in mid-20th century was carried
out with a wrong assumption that the original Roman vault was a stone masonry structure, so
it was reconstructed as a modern prestressed concrete structure with intrados faced with stone
(G. Nikšić, personal communication, January 2020). The fake “stone vault” can be misleading,
although it can be seen that this is not a stone masonry vault, because the stone pieces are not
put together as a set of voussoirs.
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4.2 Cross vault of the largest hall in the western part of the substructures
The original, intact (i.e. not reconstructed nor repaired) Roman concrete cross vault can be
seen in the largest hall in the western part of the substructures, which is approx. 26.2 m long
and 14.3 m wide.12 The room of imperial apartments above it was undoubtedly a representative
(probably ceremonial) hall: a large undivided space, with a vault spanning the whole width of
the room – approx. 14.3 m.
The room below it, its substructure, is divided by two rows of strong pillars into three aisles:
the central one is 5 m wide (clear span), and side aisles 3.10 m. Like in the central
communication hall, the pillars were probably inserted to avoid a too high rise of a vault: all
the vaults of the substructures should have had the summits at approximately the same height.
In order to achieve the same height of the summits of the vaults of the central aisle and of
those of side aisles, constructors had to find a solution, which is not in accordance to the
orthodox rules of the ars aedificatoria. The vaults of the side aisles do not have a semi-circular
cross section: they have a nearly parabolic form.

Figure 3: The largest hall in the western part of the substructures:
cross vault in the central aisle (left) and in the side aisle (right)
(photograph by the author)

The spatial and structural concept of this hall is similar to that of the central communication
hall of the substructure: it has mighty pillars (1.75 m * 1.17 m in cross section) made of large
stone blocks; the walls are constructed in opus quadratum to the height of approx. 4.25 m.
Above this height, the walls are constructed in opus mixtum, with layers of unhewn stone and
bricks. Opus mixtum is the usual facing of Roman concrete walls: the core of the walls is made
of opus signinum.
Brick was used for the springings of the cross vaults on pillars, because constructing this
part of the structure required special care.14 The same applies to the vault springings on the
walls. Above the springings, the vaults have opus mixtum facing, like do the upper parts of
walls. Opus mixtum in this substructure hall does not have a regular, neat pattern, neither on
walls nor on vaults.
In the upper parts of the vaults one can discern unhewn tufa pieces within thick mortar. Tufa
pieces are not shaped and set like voussoirs of the stone vaults: indeed, they are separated by
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thick mortar. Obviously, tufa elements alone cannot create a bearing structure. They are not
elements of a stone masonry, but caementa within opus signinum mortar. In this type of
structure, stone pieces do not act as a masonry vault. The concrete structure, made of mortar
paste with crushed tiles and tufa caementa, is the real bearing structure of the vault.
The longitudinal walls of this hall are very thick, and its orthogonal, “gable” walls are
considerably thinner. The cross vaults concentrate forces in several points: the thrust of the
cross vault acts on the structure in both directions (X and Y). The very thick longitudinal walls
indicate that the hall of the imperial apartments above this substructure hall was not divided by
pillars and that it had barrel vault, with continuous thrust acting only on the longitudinal walls.
4.3. Barrel vault of the smaller longitudinal hall
The third-largest longitudinal rectangle hall (approx. 20.8 m long and 7.0 m wide) has a
barrel Roman concrete vault. Longitudinal walls are constructed in excellent opus quadratum.
The „gable walls”, i.e. the walls at the narrower sides of the hall, are constructed in opus
quadratum up to the height of springings of the vault; in the upper part they are faced with opus
mixtum, with unhewn stone pieces and thin horizontal layers of bricks; the core of the walls is
undoubdetly of opus signinum.

Figure 4: Barrel vault of the smaller longitudinal hall of the substructures
(photograph by the author)

The barrel vault, semi-cylindrical in cross section, spanning 7.0 m, has the intrados faced in
a kind of opus mixtum, with longitudinal rows of brick and irregular pieces of tufa (sedra). The
core of the barrel vault, i.e. its structural, bearing part, is obviously made of concrete.
As the substructures did not have function (except for that of bearing the imperial
apartments), the intrados of vaults did not have a protecting layer of plaster. Therefore, they
were exposed to adverse impacts of rising damp and saline aerosol. Materials of the vault - opus
signinum and tufa - are less resistant to humidity and salinity than high-quality limestone from
the island of Brač; therefore, vaults are much more damaged than pillars and walls made of
limestone in opus quadratum.
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4.4 Dome of the circular room
The walls of the room with a circular plan (diameter 7.33 m) were built in excellent opus
quadratum. The lower part of the dome is faced in opus mixtum, and the upper part in thin
bricks. Opus mixtum was usually a lining of a concrete core. It is reasonable to assume that the
bricks of the intrados of the dome are only a lining of a much thicker dome of opus signinum.
In the Palace there is a dome built exclusively of bricks: the representative Mausoleum is
covered with a thin brick dome, spanning approx. 13.3 m. 15 This elaborate double-shell brick
structure, consisting of two layers of bricks (33 * 33 cm square)14 with the inner layer
constructed of fan-like relieving arches,16 which were self-supporting during the construction
of its lower part,17,18 was undoubtedly constructed by specialized experts invited to the
important imperial building site.14 On the other hand, in the massive substructures, built to carry
the load of a superstructure, it is reasonable to suppose that the dome, like many other vaults of
the substructures, was constructed of Roman concrete, and that only the intrados of the dome
was lined with bricks.

Figure 5: Dome of the circular room
(photograph by the author)

4.5 Dome of the “crypt” of the Mausoleum
The dome of the so-called crypt, or substructure of the Diocletian’s Mausoleum, is
interesting for the research of the vaults of the substructures of the imperial apartments,
although it is not physically connected to them. The dome, spanning 8.25 m, is constructed of
Roman concrete, without any covering layer; in fact, the imprints of formwork are still visible
on its intrados. (G. Nikšić, personal communication, July 2015).
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Figure 6: Mausoleum of the emperor Diocletian (by Niemann 1910)
Figure 7: the dome of the crypt of the Mausoleum with the imprints of formwork

5

CONCLUSIONS

5.1 Vaults of the substructures - Types and materials
The solution of vaults of the substructures of the imperial apartments of the Diocletian’s
palace is a logical and simple answer to the complex requirements of their superstructure. Due
to the complex disposition of rooms of the imperial suite, the rooms of their substructures
display a great variety in size and shapes, and so do their vaults.
For spanning rooms of various forms, spans, and proportions, the constructors of the Palace
constructed various types of vaults: barrel vaults in elongated rectangular rooms, domes in
circular rooms, semi-domes and cross vaults in apsidal rooms. In rooms with larger spans, rows
of pillars were introduced, in order to reduce spans and, accordingly, also the height of the
vaults, because the substructures, including their vaults, had to form a horizontal platform for
the imperial apartments. In these rooms cross vaults were constructed, to concentrate loads and
forces into the non-continuous bearings of pillars.
The material of the vaults has not been systematically analyzed. Systematic excavation of
the substructures of the Diocletian’s palace began only in the mid-20th century. It is easy to
recognize the material of the vertical structures - walls and pillars: it is local limestone, in large
precisely cut blocks. On the other hand, the material of the vaults is not so easy to recognize.
Because in the mid-20th century the vaults of the central hall of substructures were
considered not to be structurally sound, they were repaired without proper research on the
materials and techniques used for their construction, which resulted in inadequate
reconstruction of these vaults.
The vaults of the central hall of substructures, reconstructed in a modern material (prestressed concrete) with a stone lining which gives the appearance of a stone vault, could be
misleading: it was believed that the vaults of substructures were stone masonry structures (G.
Nikšić, personal communication, January 2020). The thesis that the major part of the
substructure vaults was made out of stone can be easily refuted by simply observing the intrados
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of the vaults. As they were only a substructure without other function, they have never been
plastered, so the texture of the vaults is clearly visible.
The intrados of the vaults is rough, with visible irregular pieces of tufa inserted into thick
mortar; some of them are faced with opus mixtum, with rows of brick between stone layers.
These vaults are not stone vaults, as interpreted by some scholars; the pieces of tufa are not
constructed in a regular masonry bond: in fact, they are caementa of the opus caementicium.
The vaults of the substructures are built of Roman concrete, made without harena fossicia: in
fact, the complex of vaults of the Diocletian’s palace’s substructures is an important, precisely
dated structure of opus signinum, constructed by skillful builders employed specially for an
important imperial building.
The intrados of certain vaults are faced in the opus mixtum technique: the intrados of the
upper parts of domes and semi-domes is made of bricks. According to G. Nikšić, brick was one
of important materials used for building the Diocletian’s palace because of the tight deadline
within which all the construction work should have been completed.14
Whether the upper parts of domes and semi-domes were constructed of brick in their whole
thickness or is the visible surface of intrados just a brick lining of a concrete dome – this cannot
be asserted with certainty without further investigation. However, it is more likely that the
bricks are only a lining of the intrados of the dome. The fact that the lower part of the dome is
constructed of concrete faced by opus mixtum ascertains this claim; the concrete dome of the
crypt of the Mausoleum is another argument for this hypothesis.
5.2 Hierarchical use of materials
As far as it is known from the preserved structures, the constructors of Diocletian’s palace
used concrete only in the complex of substructures of the Emperor’s apartments and in the
substructure of the Mausoleum. They were not concerned about the appearance of the vaults of
substructures: in the “crypt”, the imprints of the wooden formwork are still visible on its
concrete dome. For the representative vaults (the ones of the Mausoleum and of the so-called
temple of Jupiter), they used “traditional”, “classical” materials – brick and stone.
The tradition of building with opus caementicium was at the end of 3rd – beginning of 4th
century already well established. In Rome itself the most representative large-span vaults and
domes had been erected in opus caementicium. We can hypothesize that, for some reasons,
several centuries after the Pantheon had been built, constructors of the Diocletian’s palace
appreciated the “traditional”, “natural” materials higher then concrete.
In a way, the attitude of the architects of the Diocletian’s palace toward opus caementicium
seems to have returned to the practice of the architects in the initial phase of construction with
Roman concrete: the use of Roman concrete in the substructures of Diocletian’s palace (and not
in the representative parts of structures) has a direct parallel in the structural concept of the
sanctuaries of Jupiter Anxur at Terracina, of Fortuna Primigenia at Praeneste (Palestrina), and
of that of Hercules Victor at Tibur (Tivoli); in these complexes, built in the first century AD,
the substructures were built of opus caementicium, and the temples upon them were constructed
of stone.6, 7
The use of concrete spread first to utilitarian buildings like markets, thermae etc.7 The first
large concrete dome, still preserved, is the dome of the so-called "Temple of Mercury" at Baiae
(diameter 21.6 m). The domed edifice, built in the late first century BC, was actually part of
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thermae.6 Temples, the most traditional building type in Roman architecture, were constructed
in the traditional form and materials for several centuries after the early examples of concrete
substructures had been built. In 118-128 AD the largest dome made of Roman concrete, the one
of the Pantheon in Rome (diameter 43.3 m), was built,7 testifying that by then opus
caementicium was acknowledged as a “noble” material, suitable for the most representative
edifices, and irreplaceable for large-span vaulting.
Analyzing the preserved structures of the palace of Diocletian, it could be concluded that the
approach and taste of the investor and of his architects changed. The traditionalism in the choice
of materials for different parts of the Palace, i.e. for its representative and utilitarian parts,
should not be surprising in a complex of buildings constructed as a residence of an emperor.
In ancient Rome (and in other ancient civilisations) the meaning of materials and colours
was defined: e.g. porphyry (used for imperial sarcophagi, for the well-known statue of Tetrarchs
and for other imperial statues and decorative elements) symbolized imperial power. Maybe
similar rules and traditions also determined the use of materials in the Diocletian’s palace.
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Abstract. Certain architectural structures have the ability to persist over time when a building
undergoes a change of use. This is the case of patios, according to the conclusions of a study
focused on the reused buildings of Barcelona recently developed. The survey of
this architectural element should enable us to better understand the behaviour of these
buildings.
If we define the open-air inner courtyard of a building as a patio, this study is especially
interested in those who have the capacity to organize spaces, systematize circulations —
along with stairs and corridors — and configure the building as a whole. This set of
structuring patios particularly applies in a dense city like Barcelona because their position and
size also provide liveability to interior rooms. In light of these qualities, such patios can
be regarded as an essential piece of both the formal and the bearing structure of a building.
The location and attributes of these patios can be associated with the potential for adaptive
reuse: they can help achieve a lower impact on the architectural and formal structure of a
renovated building, when used appropriately. Hence the patio can be seen as an indicator of
how a new programme adapts to the existing support. 171 out of 565 buildings documented
and analysed in Barcelona — a thirty percent of the overall — have at least one patio of a
kind whose characteristics have outlived one or more renovation processes. The percentage
rises to 50% in Ciutat Vella and Eixample districts, where density and architectural
typology make them particularly relevant.
Buildings with patios match different uses and periods from the 11th to the 20th century. In
spite of the expected differences, the studio draws conclusions on the understanding of
material transformations and changes of use they have undergone.
In short, with regard to buildings included in this category — both heritage and common
ones — this paper helps verify the hypothesis that the very existence of a patio is responsible
for the persistence of the internal arrangement and structure and must be carefully considered
in future interventions when addressed to extend the life-cycle of a building.
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1 INTRODUCTION
The 2013 call for proposals of the Spanish National R&D Programme Aimed at the
Challenges of Society resulted in a study on the reused buildings in the city of Barcelona, which
concluded with the publication of an Atlas del aprovechamiento arquitectónico, estudio crítico
de los edificios reutilizados en Barcelona [1], hereinafter Atlas. This research, carried out by
the Habitar UPC group, revealed the extent of the phenomenon of change of use in the city of
Barcelona and, among other conclusions, brought to light the importance of the patio, not only
as a structural and structuring element of the functionality and use of a building, but also in its
preservation, durability, evolution and transformation over time, that is, in its adaptive
capacities for reuse.
The concept of adaptive reuse — as a sustainable strategy to extend the life of a building
considered as a resource — constitutes a consistent corpus of research that has been intensively
developed in recent decades. If, the literature on this concept can be initially associated with
the transformation of heritage buildings [2], the logical evolution of the term has expanded to
the capacity to value any building susceptible of being adapted to a new use and to the particular
conditions of the necessary transformation process [3, 4, 5, 6, 7].
In this sense, the Atlas considers built architecture and the urban environment as a resource
that can be triggered when the life cycle of buildings is strategically addressed; a resource that
allows the generation of urban habitability by taking maximum advantage of what already exists
and minimizing the need to consume more territory. In the consolidated city, where the
availability of space is so limited, the programmed conversion of the building stock is a feasible
sustainable alternative to satisfy the needs that are generated at any time. For this purpose, it is
essential to identify the room for manoeuvre in which this reprogramming can move [8], and
to analyse the capacity of the patio as a fundamental piece for structuring reprogramming and
change of use. Therefore, this paper aims to analyse the patio as an element that makes the preexisting architectural support and the proposed new activity compatible, emphasizing the
attributes of both the container and the new contents.
The term patio describes a variety of spatial situations in architecture directly related to a
building’s inner courtyard, usually in the open air or under a skylight. The patio — whose main
task is to provide light and aeration to the interior areas of a building — plays various roles
depending on its scale, shape, character and use. We can identify as patios cloisters, backyards,
courtyards of public buildings, patios of palaces and private houses, peristyles, atriums, or air
yards [9].
Beyond this wide spectrum of situations, the archetypal patio considered here is one whose
purpose is not only to illuminate and aerate, but also to structure a building, linking the different
parts that constitute it. Thus, the patio can be identified as the ‘main room’ of the house, a piece
without a roof that organises space and activity around it. Its character is that of an introverted
space that may recreate a small fragment of nature, a delimited and secluded space that becomes
the stage for everyday life. And which, at the same time, grants the independence of the private
parts of the building from the public space.
2 PERMANENCE OF THE PATIO
The persistence of the patio in Barcelona’s urban architecture, despite the changes in the use
of the building in which it is located, proves the significance of this first-rate element both as a
space and structural configurator. This permanence occurs in buildings that correspond to a
very broad time framework, ranging from the 11th century to the 20th century.
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The origin of the Barcelona patios that have been preserved over time corresponds to a wide
variety of typologies: detached palace houses, town houses, apartment blocks, religious
buildings, barracks, schools, offices, industries and facilities. Such buildings were initially
erected to meet specific functional needs, but they have evolved and modified their interior
layouts to a certain extent. In contrast, the structure of the patio and its connections with the
staircase and galleries or corridors, have remained unchanged and have favoured a relative
preservation of the spatial organisation of the building.
3 PATIO AND URBAN FABRIC
In Barcelona, the patio has a special relevance in denser urban fabrics as it is an element of
clearance that provides hygienic conditions to buildings set in narrow and deep plots whose
inner rooms need this space to provide a connection with the open air. For this reason, a large
number of patio buildings are preserved in Ciutat Vella district, despite the diversification of
uses they have undergone over the centuries.
Statistical data can be drawn from the 571 reused buildings in Barcelona listed and
documented in the Atlas.1 It can be noted that there is a greater number of reused buildings that
preserve the courtyard in the most compact urban fabrics. Out of the 571 registered buildings,
171 have at least one patio that has preserved its original features with the changes of use,
representing a 29 percent of cases — almost a third of the total. This scenario shows the
relevance of this element in maintaining the structural characteristics of a building over time,
especially in high-density cities like Barcelona.
Table 1: Number of cases by District

District
Ciutat Vella
Eixample
Sants-Montjuïc
Les Corts
Sarrià-Sant Gervasi
Gràcia
Horta-Guinardó
Nou Barris
Sant Andreu
Sant Martí

Reused buildings (with patio)
194 (88)
83 (45)
44 (7)
29 (4)
95 (7)
25 (4)
47 (3)
8 (2)
21 (1)
43 (8)

Average %
45.8
54.2
15.9
13.7
7.3
16.0
6.4
25.0
4.7
18.6

However, the dissemination by district is uneven (Table I). The evidence that patios in Ciutat
Vella are maintained in most cases has already been mentioned. In addition, the significant
number of reused buildings with a patio in the Eixample district may be the result of the
emphasis given by Ildefons Cerdà to hygiene issues in order to provide ventilation and sunlight
to the dwellings. Due to the building compacity, most of the constructions in the Eixample have
one or more inner patios — some of them sheltered by a skylight to house a central staircase —
that tend to remain in place when the function changes. Yet the buildings located in less dense
The Atlas gathers a total of 1,464 currently existing buildings that have changed use at least once during their
lifetimes. Of these, a sound amount of documentary detail is available in 571 cases to illustrate their original
structure and discuss the transformation processes they have undergone.

1
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urban fabrics, and even those located in garden cities, seldom use the courtyard as a key element
in the internal structure of rooms. And if they do, it is in unique facilities or buildings. Such is
the case of districts like Sarrià-Sant Gervasi, or Horta-Guinardó.
4

SCENARIOS AND CASE STUDIES

The Atlas describes thirteen situations in which the plays a specific role in the change of use.
These situations are determined by two factors: the typology of the patio and the modifications
occurred with the new activity. On this basis, the following five basic categories can be
highlighted:
1. Noble patios of medieval buildings and later reinterpretations of the 19th and 20th centuries,
mostly located in Ciutat Vella and Eixample districts. They are part of the entrance system to
noble houses or urban palaces. They maintain a structural function by means of bearing walls,
although some of the patios — halfway through the cloister — have an inner section of pillars
or columns on the ground floor.
2. Cloisters that organise the central void of a variety of buildings, from the Middle Ages to
the 19th century, with a main function in the distribution of activity and which, on a structural
level, are bounded by a perimeter gallery defined by an outer wall and an inner arcade supported
by columns or piers.
3. Patios of apartment buildings involved in the access system, lighting and ventilation of
multi-storey constructions basically erected in the Eixample district from the 19th century to the
present day. Usually defined by brickwork bearing walls, they maintain a basic structural
function, often as a shear core of the building.
4. Industrial courtyards conceived as empty spaces between factory buildings.
5. Other courtyards resulting from the gap between buildings, either in a planned way, as
part of a built complex, or spontaneously, as a result of the combination of different buildings
developed over time.
Out of these five categories, this paper focuses on the first three, as they are the most
intimately related to the building structure. Noble patios and cloisters along with patios of
apartment buildings constitute the core of their corresponding constructions, to the extent that
their identity as primary structural elements and their ability to organize the activity of the
building cannot be considered separately, especially when a strategic change of use is
envisaged.
Regarding these categories, two basic scenarios are worth mentioning when it comes to
adaptive reuse: a) Conservation of structure and function and b) Preservation of the structure,
but alterations of the function. Accordingly, six combinations between the three categories
considered and the two basic scenarios are possible. Each of the combinations can be illustrated
with outstanding cases and by listing other examples in which a similar situation occurs.
4.1 Noble patios that preserve structure and functions
Case study 1: Casa de l'Ardiaca, 1190. Association of Lawyers of Barcelona, 1895 (Lluis
Domènech i Montaner). Historical Archive of Barcelona, 1920 (Josep Goday) and 1998 (Lluís
Doménch, Roser Amadó).
The patio of L’Ardiaca has special characteristics that distinguish it from the rest of the
archetypal palatial patios. Firstly, it is elevated above street level and is accessed by steps that
extend into the public space. At the same time, as the plot is not very deep, the main bay of the
house is located adjacent to the Roman wall and there is no space left for a central patio. Its
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position is shifted, it is attached directly to the enclosure's urban wall and the entrance door
opens directly onto the street. This marginal situation gives it a hybrid functional and spatial
character, as it acts simultaneously as a vestibule and a patio. In spite of this, it preserves the
morphological characteristics of any noble patio: a perimeter deambulatory and a main staircase
that, from one of its sides, leads to the first floor.
These original features have been maintained over the centuries, despite the changes in use
and the successive extensions to the adjacent buildings. The various alterations have mainly
affected secondary vertical communication nuclei, which have moved from a central position
to the space freed up by the rooms formerly attached to the Decuman Tower. The position of
the lift has also moved the axis of circulation to an area parallel to the wall, thus clearing a
larger space for the archive's reading rooms.

Figure 1: Casa de l’Ardiaca, Carrer de Santa Llúcia, 1

Case study 2: Palau de la Virreina, 1772 (Josep Ausich, Manuel Amat, Carles Grau).
Museum of Decorative Arts, 1949. Museum of Bobbin Lace, 1968. Art Centre and Seat of the
Local Cultural Services, 1983.
The location of the main and secondary patios and staircases — as well as the hierarchy of
circulation and connection elements — have been maintained over time, despite the various
changes in use. Both the main patio and a second smaller one are located in the central bay of
the wing adjacent to Les Rambles. As they are aligned with the axis of the main entrance, the
presence of these ‘wells of light’ can be perceived from the street, particularly since the recent
opening of a second entrance from the back alley. They thus become reference elements both
from the outside and from all the internal areas of the building. The smart geometric layout of
the floor plan places them in an eccentric position with respect to the rest of rooms on the plot,
but in a central position with respect to their depth.
On the upper floors, the main courtyard is surrounded by a glassed-in gallery that opens up
to the rooms on La Rambla, to the back rooms and to the side corridors with service rooms and
secondary staircases. Recent alterations in use have placed the lift shafts in this bay. The current
use of the museum, together with the relevant placement of the lifts, coexists perfectly with the
original structure of the palace, with hardly any modification to the original circulation or the
load-bearing elements. In addition, the large gallery is optimised as a complementary exhibition
space to the displays in the other noble rooms.
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Figure 2: Palau de la Virreina, Les Rambles, 99

Other documented cases:
1. Palau in Carrer de Montcada 18, 1450. Nursery School Nen Jesús, 1899 and 2009.
2. Palau Cervelló-Giudice, 1490 (circa). Maeght Art Gallery, 1974. Gaspar Art Foundation,
2015.
3. Palau Centelles, 1517. Barcelona Philharmonic Society, 1847. Advisory Council of the
Generalitat of Catalonia, 1980. Headquarters of the IEA, Institute of Autonomic Studies, 2002
(Soler-Farriol).
4. Palau Bassols, 1550 (circa). Royal Artistic Circle, 1959.
5. Palau Moxó, 1770 (Francesc Mestres). Museum – Restaurant – Housing, 2015.
6. Palau Moja, 1774 (Josep Mas Dordall). Office Building, 1936 and 1959. General Directorate
of Cultural Heritage, 1981.
7. Palauet Alòs, 1807-14 (Antoni Centelles). Atheneum Polytecnicum, 1925 and 1936. Cultural
Association, 1940. Apartment building, 2008 (Eduard Montané Balagué).
8. Reial Acadèmia de Bones Lletres, 1907. Renovation, 1992 (Joan Bassegoda Nonell).
4.2 Cloister patios that preserve structure and functions
Case study 1: Palau del Lloctinent, 1557 (Antoni Carbonell). Seat of the Archive of the
Crown of Aragon, 1836 and 2006 (Lluis Domènech, Roser Amadó).
Despite the interior changes undergone over the centuries in the four bays that structure the
building, the main patio, of generous dimensions, remains the central articulator of the palace.
The same applies to the adjacent staircase, located in the bay adjacent to the only party wall
that connects the building with the rest of the constructions in the complex.
On the ground floor, an ambulatory open to the cloister through four bell arches connects
the two entrances currently facing each other: one opens onto the Plaça del Rei and the other
onto Carrer dels Comptes. On the first floor, the gallery built with Tuscan-style carved stone
arches supported by balusters continues to serve as a connection and distribution of the rooms
organized around it. Two elevators placed in pieces near the staircase, solve the current
requirements of accessibility without interfering with the original circulations.
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Figure 3: Palau del Lloctinent, Carrer dels Comtes, 2

Case study 2: Convent of La Mercè, 1590. Headquarters of the General Capitaincy of
Barcelona, 1845 and 1920.
As a result of the Law of Confiscation, issued in 1836, the convent was converted from
religious to military use. Even so, the original layout of the building remains practically intact.
The convent was initially organised into two areas: a section containing a large cloister, the
main entrance from Carrer de la Mercè, the most relevant rooms and the main staircase; and an
equivalent section of service rooms, refectory and kitchen on the ground floor, with a secondary
entrance on the same street and another secondary staircase, bedrooms, a small courtyard and
other private rooms on the first floor. The upper galleries of the cloister were connected to the
church by a covered bridge across the street.
With the change of use, the dichotomy between the two sections is maintained, as well as
the large cloister, the secondary patio and the stairs. In 1845, three new entrances were added
to the two original doors from Carrer de la Mercè, from the recently developed Passeig de
Colom. Circulations extend transversally, now connecting the two façades and permeating the
cloister. The 1920 reforms also added other floors and changed the interior decoration of the
rooms.

Figure 4: Convent of La Mercè, Passeig de Colom, 14

Other documented cases:
1. Casa de Convalescència (House of Convalescence), 1629. Institute of Catalan Studies, 1931.
Barcelona Provincial Council, 1939. Institute of Catalan Studies, 1982.
2. Casa de la Caritat (House of Charity) – Pati Manning, 18th century. Center for Cultural
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Studies and Resources CERC, 1981 and 1995.
3. Former Customs House, 1790 (Conde de Roncali). Spanish Government Delegation, 1902.
End of activity, 2008.
4. Llars Mundet Llevant Pavilion, 1927 (Joan Rubió i Bellver). Concentration Camp, 1939. Old
Ladies’ Home, 1982 (Manuel Baldrich). Llevant Building, Mundet University Campus, 1996
(F. Labastida, M. Ribas).
4.3 Patios of apartment buildings that preserve structure and functions
Case study 1: Caixa de Barcelona Headquarters, 1899 (August Font i Carreras).
Directorate General of Contentious Affairs, 1998 (TAC Architects).
The building — with facades facing four streets — has a trapezoid-shaped floor plan from
which a portion has been subtracted in order to regularize the geometry of the Plaça de Sant
Jaume. The central space, visually connected with the entrance axis from Carrer de la Ciutat,
limits at one of its angles with the noble staircase, which is shifted from the access line to adapt
to the irregularity of the plot. The building has also two secondary staircases located at the two
corners of Carrer Jaume I. This central space serves as a hall on the ground floor, as it is covered
at the height of the first floor by a skylight.
In one of the renovations the patio was occupied by a suspended auditorium located on the
upper floor. In the last intervention, the auditorium was removed, recovering the original
qualities of the central space and bringing light and ventilation back to the lower floors. The
secondary stairs — situated on the two corners of Carrer Jaume I — are complemented by a
core of lifts that do not affect the original structure.

Figure 5: Caixa de Barcelona Headquarters, Plaça de Sant Jaume, 7-8

Other documented cases:
1. Community of Dominican Sisters, 1868 (Francisco de Paula Villar Lozano). Elisabets
University Housing (Sergi Burgada Rodríguez).
2. Transmediterranean Ship Company, 1917 (Juli Maria Fossas). Department of Universities
and Research of the Generalitat of Catalonia, 1994.
3. Provincial Savings Bank Offices, 1956 and 1962 (Robert Terradas i Via). Apartment
building, 2014.
4.4 Noble patios that preserve structure but modify functions
Case study 1: Casa Macaya, 1899. Architect: Josep Puig i Cadafalch. Institute for Deaf-
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Mutes, 1949. ‘La Caixa’ Cultural Centre, 1988. Architect: Eugeni Bach & Gabriel Mora.
The building is a former urban palace, organized in four bays around a central patio with a
roofed staircase leading to the first floor. The wide façade bay contains, on the upper floors, the
rooms of larger dimension and, on the ground floor, the access to the building located off the
axis of the courtyard. The double back bay is formed by equivalent rooms — which ventilate
and illuminate through the backyard — and by smaller rooms that accompany the secondary
staircase that gives access to all the floors.
The changes in use have preserved the main access, through a side entrance hall that, after
the first two bays, opens out onto the large patio. Both the noble staircase and the secondary
staircase have remained intact. The main renovations affecting the circulations occur in one of
the two secondary patios that originally ventilated and illuminated the side rooms. With the
latest alteration, this space has been used to house a third staircase and two lifts. This has
displaced the original circulation around the main patio towards the bay that connects with the
new stairs and lifts.
The partition walls around the main patio have been removed, causing the disappearance of
the passageway around it and modifying circulations. At the same time the patio has been
covered by a skylight.

Figure 6: Casa Macaya, Passeig de Sant Joan, 108

Other documented cases:
1. Palau Mercader, 1550. Cercle Artístic de Sant Lluc, 2014 (Portal Ballber Architects).
2. Palau Mornau-Palau Nadal, 1590 (circa). Cannabis Museum.
3. Palau Gomis, 1750. European Museum of Modern Art, 2011 (Josep Infiesta, Jordi Garcés).
4. Urban House, 1770. Cercle Barcelonés de Sant Josep, 1879 (Joan Martorell). ‘Antic Teatre’
Space of Creation, 2003.
5. Palau Sabassona, 1796 (Josep Francesc Ferrer de Llupià). Ateneu Barcelonès, 1907 and 2011
(Manel Brullet, Mateu Barba).
6. Palau Dou, 1818 (Antoni Celles Azcona). Cervantes School and High School, 1940 (Juan
Antonio Zaragoza).
7. Casa de les Altures, 1890 (Enric Figueres). Summer Camp House, 1936. Hydrological
Research Institute and Headquarters of theHorta-Guinardó District, 1989 (Víctor Argentí).
8. Palau Baró de Quadras, 1904 (Josep Puig i Cadafalch). Music Museum, 1980. Asia House.
Ramon Llull Institute, 2003.
9. Pérez Samanillo House, 1910 (J.J. Hervás). ‘Círculo Ecuestre’ Club, 1950 (Raimon Duran i
Reynals).
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4.5 Cloister patios that preserve structure but modify functions
Case study: Convent of Santa Monica, 1635. Santa Monica Art Centre, 1987 (Albert
Viaplana, Helio Piñón).
The convent — the only one left standing in the final section of the Ramblas after the Law
of Confiscation of 1836 — used to organise all its chambers around a large square cloister with
a central well. On the ground floor, the galleries, with Roman arches on Doric pilasters,
connected the rooms located in the four adjacent bays. On the upper floors, balconies or
windows opened onto the cloister. The other rooms in the complex adapted to the unevenness
of the plot, so that the geometry of the cloister was left regular. The cloister communicated
laterally with a still existing church that was also accessed from Les Rambles through a narthex,
while the entrance to the convent was from the Carrer del Portal de Santa Madrona.
The 1987 renovation redefines the formal and functional logic of the original cloister by
erecting two parallel walls that divide its centre into three parts. This fact, together with the new
roof, totally changes its open character and its perimetral circulation. On the ground floor, the
cloister becomes a walkable exhibition area. In contrast, on the upper floors, the
intercommunicating rooms continue to open with balconies or windows to this great central
empty space, now interrupted by thick concrete walls. The original entrance to the convent is
preserved but a new main access is added from Les Rambles directly to the first floor through
a wide ramp that also serves as a large public balcony. The relationship with the church —
which currently functions as a parish — is broken. Despite these changes, the building
maintains the location of the original staircase and, in general, the original rooms of the former
convent, even though internal circulation has been severely disrupted.

Figure 7: Convent of Santa Monica, Les Rambles, 7

Other documented cases:
1. Convent of Sant Agustí Vell, 1347. Sant Agustí Barracks, 1738. Sant Agustí Vell Civic
Centre, 1994 (Antoni de Moragas). Museum and Photographic Archive, 1994.
2. Convent of the Franciscan College of Sant Bonaventura, 1652. Hotel Orient, 1881 (Eduard
Fontseré) and 2001 (Robert Brufau).
3. Palace of the Governor, Ciutadella Park, 1718 (Joris Prosper van Verboom). Fire Station,
1932. Verdaguer High School, 1932.
4. Casa de la Caritat (House of Charity), 1736, 1804, 1861 (Josep Oriol Mestres), 1912 (Josep
Goday). Centre of Contemporary Culture of Barcelona CCCB, 1991-1995 (A. Viaplana, H.
Piñón, R. Mercadé).
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4.6 Patios of apartment buildings that preserve structure but modify functions
Case study: Joan Puig House, 1872 (Pere Bassegoda Mateu). Warehouses and Offices.
Hotel, 1997 (José Luis Sayos).
The late 19th century building was organised around a main patio with a noble staircase,
located in the fourth bay of the building, closer to the backyard than to the façade. Four
secondary patios, two of which had service staircases, completed the ventilation and lighting of
the entire floor. The building's circulation was basically around the main patio, connecting the
various rooms directly to each other, in an “Italian-style” layout.
With the latest conversion to a hotel, the noble patio and the staircase to the main floor have
been maintained, but two lifts have been added. The rest of the secondary patios are used to
ventilate and illuminate some of the new hotel rooms, covering the entire surface of the floors.
The service stairs change their configuration but not their position and interlink with each other
and with the lifts connected to the main patio through a new network of corridors.

Figure 8: Joan Puig House, Portal de l’Àngel, 15-17

Other documented cases:
1. Apartment building, 1850. Fernando Hostel, 1998 (G. Amigó Buixaderas).
2. Apartment building, 1863 (Narcís Nuet). Hostel, 2010.
3. Joan Serra House, 1867 (Francisco de Paula Villar). ‘Las Noticias’ and ‘El Correo Catalán’
Newspaper's Office, 1925. Montecarlo Hotel, 2000 (Lluis Jaumandreu i Anglada).
4. Apartment building, 1870. Cocoon apartaments, 2000 (A&M arquitectes).
5 DISCUSSION AND CONCLUSIONS
The Atlas has been able to classify buildings with a patio according to their structural,
organisational, and typological characteristics along with the changes undergone in those fields.
Despite the differences initially revealed among those buildings, the research draws conclusions
on the understanding of material transformations and changes of use.
On the basis of the study on the evolution of the urban patio and its capacity to adapt,
transform and reconfigure when a change of use applies, it is possible to state — in the light of
the documented cases — that the patio is an enduring architectural element, because of the
combination of both its structural and organizational characteristics. This double potential is
also largely responsible for preserving the structural characteristics of the rest of the spaces
adjacent to it, even if changes in the functioning and organization of the building occur when
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there is a change of use. Indeed, it could be argued that the enclosing walls of the patio — as
they simultaneously belong to such a consistent bearing and functional system — define an area
of influence on both sides that has the capacity to persist over time, even when the building
undergoes profound transformations.
Thus, the patio — defined as the open-air inner court of a building — is an element that
clearly shows the relationship between the supporting structure and its function — understood
as the use or activity that takes place in a building. This clear and direct relationship, which also
characterises and defines its spatial qualities, is the key to its adaptive capacity and must
therefore be carefully considered in future interventions that seek to extend the lifespan of
buildings, especially when environmental factors are considered, along with artistic, historical,
social and heritage aspects. Public policies should address these processes, by establishing clear
and useful criteria to evaluate transformations. Political support is definitely needed to facilitate
this scenario [10].
Acknowledgements. This paper is made possible by the funding of the Spanish Ministry of
Economy and Competitiveness, through the National R&D Programme Aimed at the
Challenges of Society 2013.
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Abstract. The stronghold of Arquata del Tronto was heavily damaged by earthquakes in 2016
and it drew the attention of the experts in reinforcing historic buildings. They regarded it as a
case study, a predicting model of the failure in employing specific construction elements
in fortified architecture, whose geometric and material data were only approximately
considered. The overhanging battlement is the most seriously damaged part of the building
and has raised particular attention and interest. As often happens in other castles and
fortresses, it dates back to the late 19th and even more to the 20th century. A first close
examination of the building’s repairs shows how the new additions, whose maintenance is
difficult, ended in failure. The additions were inspired by ancient details, but nonetheless
they are unreasonable from the point of view of structure and durability: they – and even
more the irrational repairs of the last decades – are the principal cause of failure. Material
decay – closely linked to circumstances and places – has also played a decisive role. An
extensive and rigorous historical research is necessary to find the sources and to evaluate
their nature and limits, as well as to relate all information to the building, thus operating
in close correlation with the building archaeology, by now a so widespread and consolidated
research field. . Jointly, the written documents and the building itself in its historical
stratification allow a better analysis of the structural behaviour , an essential step to
achieve an effective restoration planning.
1 THE XIX CENTURY STUDIES ON MEDIEVAL FORTIFICATIONS AND
THEIR RECENT USE IN THE FIELD OF STRUCTURAL STRENGTHENING
Recent technical literature on seismic prevention aimed at developing calculation models
and identifying typical cases in order to take preventive action. For this purpose, the
studies outline a story in broad lines, by types and periods (which only conjure the infinite
number of possible variants), and in parallel develop a synthetic calculation of some concrete
cases, only in broad terms corresponding to the identified types. By quantitative data,
this kind of approach reiterates only some intuitive general remarks. Actually the
heterogeneity of construction techniques and decay, peculiar to each building, as well as the
numerous repairs carried out in areas of high seismic risk – where damage has repeatedly
occurred – determine very different behaviours. So the results could be scarcely useful in
few actual cases, whose
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structure deeply differs from its often only formal type. The battlements of the medieval
architecture offer a significant example of these contradictions.
An overhanging battlements is a chemin de ronde on top of the walls protected by a parapet
with merlons built on the extremity of brick or stone corbels, between which machicolations are
realized; they originate from the necessity of making the vertical flanking – or plunging fire –
easier. Overhanging battlements characterized many Italian fortifications between the end of the
13th and the middle of the 15th century, when artillery progress made this type of defence obsolete.
The construction – an overhanging wall on thin corbels – is intrinsically vulnerable. Its duration in
time depends on the cohesion of mortar, porosity of bricks and compactness of stones: the decay
of materials due to the ravages of weather affected structural efficiency. Horizontal surfaces were
protected from water with hydraulic mortar of lime made hydrophobic with the addition of protein
materials as testified by so numerous 19th century manuals in all European languages that one
reference in Italian can be enough [1]. Where machicolations were not protected, they let
rainwater leak on the top of the walls and even between the corbels. Especially in harshest
climates, it was preferred to cover the battlement with a roof. Under the entry for Mâchicoulis in
his Dictionnaire [2], Viollet-le-Duc emphatically underlined the difference between the
overhanging battlement of Avignon walls – lacking a roof – and the covered one in Pierrefonds.
Thanks to his surveys of the construction details in Piedmontese fortifications of the 13th-14th
centuries, Alfredo d’Andrade drew up a documentation that was unparalleled in the rest of Italy
[3]; he himself began to write a Dictionnaire and carefully covered numerous towers which he
repaired or entirely rebuilt. Owing to these maintenance issues, nowadays almost all existing
overhanging battlements date back to late 19th and 20th century. Where they have not been rebuilt
entirely, the lack of homogeneity between ancient and added parts may determine significant
behavioural differences: being often more fragile than their prototypes, over time they have
required continuous maintenance and further substitutions.
The recent studies focused on the two principal failure mechanisms: either the out-of-plane
overturning of merlons around a hinge at the top of the parapet or of the whole battlement
around a hinge at the top of corbels; the cross-cracking of merlons that mainly occurred when
they were hold – but also loaded – by a roof, widespread in the XIV-XVth century examples.
2

STRUCTURAL BEHAVIOUR OF OVERHANGING BATTLEMENTS
The copious specialist bibliography on medieval fortifications, published during the 19 th
century in various European languages, thoroughly illustrates the origins, evolution, and
characteristics of the battlements, merlons and crenels. Printed monuments, such as the work
by Otto Piper (1895) [4] for the German-speaking area, or erudite syntheses, such as the text
in Italian by Enrico Rocchi (1908) [5], are only two, but reliable examples. Even the general
works on medieval architecture are rich in references. Among these, the earliest ones are the
most reliable: they describe still preserved, ancient examples, but the culture of their time
influenced the observations. A subsequent generation of studies dates back to the post-World
War II period, while parallel developments in postclassical archaeology introduced stricter
truth criteria. The use of this literature requires a critical comparison of almost two centuries’
publications, up to the most recent syntheses of archaeologists and medievalists.
Two different construction techniques were commonly used to build the corbels which had to
support these overhanging structures (fig. 1): the former involved the insertion of several
superimposed orders of large stone corbels into the masonry: the latter had to realize a brick or stone
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masonry that protruded gradually from the vertical plane below. If we do not consider the friction in
the contact surfaces, when stone cantilevers are used, each element is subjected to bending
independently of the upper and lower ones, and there are tensile (in the upper fibres) and
compression (in the lower fibres) stresses in its cross section. When we take friction into account,
axial compression is generated in the lower cantilevers and traction in the upper ones. To support
the weight of the parapet and merlons at their external ends, the stone cantilevers are to be
considered as fixed in the masonry; they should be loaded by a weight at their internal end (for
example a back wall), held downwards by a metal bracket anchored in the masonry, or balanced
inwards with a significant load. In all cases it is necessary to use stones with a high tensile strength
and compactness, to avoid a rapid decay caused by rainwater absorption. It was possible to create a
considerable overhang with corbels of reduced height using a very resistant stone. To achieve the
same overhang, masonry corbels should necessarily be higher. Given the significant height in
relation to the projection, on their upper surface fewer tensile stresses are generated than in the
previous case; however these stresses can hardly be balanced by the tensile strength of the masonry,
which in this case is essentially given by the adhesion of mortar. It was therefore common to insert a
wooden beam at the top of the corbels which adhered to the masonry thanks to friction, thus
allowing to provide it with the necessary tensile strength; at the same time, owing to its bending
stiffness this beam contributed to directly transfer part of the load to the masonry behind. For this
reason – especially in the fortifications of the middle Adriatic area – another beam was often
inserted at half height of the corbels (e.g. Gradara, Jesi, Acquaviva Picena, Canzano). Alternatively
– or together with the wooden beams – a more expensive iron tie rod could be inserted, equipped
with an external anchor: it could guarantee a greater tensile strength. Although initially it produced a
greater resistance, later the presence of wooden elements within the masonry often became a source
of vulnerability: not adequately protected from atmospheric agents, timber gradually decayed, losing
contact with the adjacent masonry, therefore generating a discontinuity within it.

Figure 1: Overhanging battlement with corbels made of stone cantilevers (on the left) or of brick or stone
masonry reinforced with timber cantilevers (on the right) (drawings by E. Zamperini).

3 RESTAURARE EST REFICERE: EARLY 20TH CENTURY WORKS IN THE
STRONGHOLD OF ARQUATA DEL TRONTO
The stronghold of Arquata del Tronto, already subject to at least two expeditious
interpretations [6, 7] of the damage following the earthquakes of August 24 th and October
30th, 2016, is halfway the result of restoration works carried out during the 20 th century (from
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1903-06 till 1991-94). The earthquake damaged all inadequate additions, repairs and
prevention systems; the only few ancient parts to be damaged were those whose maintenance
was omitted and waterproofing had not been realised, seriously weakening the walls.
The quadrilateral donjon is probably the most ancient part of the fortress. It may date back to
the mid-14th century, but no documents citing its existence allow us to distinctively identify the
still preserved remains; there are not even ancient construction elements that can be compared
with others having a firm date in the same geographic area. A curtain wall was connected to the
donjon to define a protected area. By the 15th century, two minor towers were added to reinforce
the wall. The first has a pentagonal plan and it’s still existing; the second was approximately
circular and had a triangular buttress; between 1903 and 1950, without proper consolidation it
gradually collapsed and it was finally demolished. Works were documented in the seventh
decade of the century, [8, pp. 135-137] [9, p. 30] and the upper part might have been in ruins in
1525 [9, p. 30, n. 63]. In 1655 the fortress – abandoned for over fifty years – laid in ruins and
was not suitable for hosting the castellan [10]: the situation was acknowledged in a decree
issued by Pope Alexander VII on February 9th, 1657. The earthquake of L’Aquila in 1703 [11,
12] and that of Valnerina in 1730 [11, 13] caused serious damage to the town. The fortress also
needed repairs, which were contracted for the remarkable amount of four hundred scudi in five
years [14]. Subsequently, till the end of 18th century, it’s very doubtful that the Community
spent other funds to maintain the building [15]. Still in 1815 [16], it’s documented that a newly
appointed castellan took over the stronghold, but there is no information about its conditions.
The divestment by the State coincided with the drafting of a summary restoration project
by Vincenzo Pascucci of the Provincial Finance Office (Intendenza di Finanza) of Ascoli
(May 7th, 1883) [17], which gives a summary idea of the state of the building in that moment.
After the transfer to the Municipality of Arquata in 1890 [18] – following a decade of
negotiations [19] – the State’s commitment to the restoration involved the direct intervention
of the Provincial Commission for the Protection of Monuments, and in particular of its more
active member Giulio Gabrielli, an amateur gentleman; through reports and writings he
offered many useful elements to document the state of the building [20]. The problematic
financing of the works by the Ministry of Education directly brought into question the
General Directorate of Antiquities and Fine Arts, whose fonds has preserved some
preliminary material, including a first series of photographs [18] (fig. 3). In 1901 the Regional
Office for the Protection of Monuments – then directed by Count Giuseppe Sacconi, the
architect of the Vittoriano [21, 22] – was charged with drafting the project on which to
quantify the funding. His illness and death (1905) almost coincided with the establishment of
the Superintendencies (1907). The first superintendent of the Marche region was Icilio Bocci
[23], who had previously worked at the Lombard Regional Office.
It may be asked whether this mobility between offices had determined conventional
restoration solutions, as a result of common references. The answer is difficult, both for the
intrinsic diversity of the buildings and contexts, and because – especially in places that are
difficult to reach – the project gives only rough indications referred to shared rules of art, and
it was managed by local people such as contractors and municipal technicians.
4

RECONSTRUCTION OF THE DONJON’S OVERHANGING BATTLEMENT
In 1901 the project was drafted by Guglielmo Giustiniani, on behalf of the Regional Office
[17]: the costs envisaged by the previous appraisal of the Provincial Finance Office of Ascoli
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were considered excessive. According to the project report, the donjon was reduced to the
perimeter walls and even the existence of the upper vault (at the level of the battlement) is
doubtful; however «traces of ancient wooden ties with anchor rods to support the overhanging
merlons were still visible». The appraisal instead provided for the construction of a masonry
staircase on rampant vaults to access the top, and for the “restoration” of the vault: the term is
ambiguous, indeed it’s used even for large reconstructions in correspondence of fragments or
simple traces. As the photos [24] show, on the north wall the corbels had collapsed to a level
incompatible with the existence of the vault, however the existing round barrel vault – made
in large irregular sandstone ashlars – suggests that on the other sides at least the springers
were still remaining. The reconstruction of the overhanging battlement needed an «Iron frame
around, to support the overhang of the merlons», defining an encircling tie about 10 m long
on each side. The appraisal enumerates also eight tie rods, however their position is not
described. To protect the underlying vault, a square room of about 4.30 m on each side was
designed; its perimeter walls were 60 cm thick built in continuity with the internal side of the
tower walls: therefore a large terrace difficult to maintain was avoided. The pavilion roof was
set on 3.50 m high walls, and had to protrude to protect the chemin de ronde. A schematic
drawing shows the eaves leaving Guelph merlons (about 1.2 m high over the parapet)
uncovered (on the left in fig. 2) and remaining about 40 cm above their upper face, on the
contrary a dimensioned sketch suggests a bigger protrusion of the eaves to cover the entire
overhanging battlement (on the right in fig. 2), as already designed by Pascucci [17].
However, the wooden eaves included «struts with iron connection to the frame of the
merlons». Giustiniani recognized the function – even static – of the roof, and he suggested an
essential, hardly visible version of it, based on presumptive dimensions; indeed there was no
means of climbing to the top of the donjon.

Figure 2: From the left: design drawing and dimensioned sketch of the donjon battlement by Guglielmo
Giustiniani; design sketch by Dante Viviani [15].

Again this project was rejected because it was too expensive. Dante Viviani [25] – from
Arezzo, but trained in Rome, later first Superintendent of the Monuments of Umbria – was
commissioned to scale it down. His succinct elaborations [26] were developed by the
municipal surveyor according to his indications. All the correspondence that replaced the
inspections, the quoted sketches (which Viviani recommended to follow faithfully), and the
construction accounting documents clarify the nature of the project and are confirmed by the
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existing tower. According to ancient – or at least supposed to be so – traces, instead of the
masonry stair designed by Giustiniani, Viviani designed a brick vault at one third of the
internal height and two timber floors, connected by subsequent timber stair flights. Against
Viviani’s instructions, the mayor ordered the master masons to build a vault corresponding to
the entrance floor. Thus providing an access to the top of the tower, the reconstruction of the
overhanging battlement began, using a suspended scaffold. Viviani reduced the height of the
central room to 2,40 m, but he increased its side, placing its perimeter walls aligned with the
axis of the underlying masonry; furthermore he reduced the protrusion of the eaves to 60 cm.
They therefore covered the last part of the access stair which entered the thickness of the wall
and turned parallel to it. Corbels were rebuilt «from the most resistant part of the [clay brick]
base», so almost completely, although photographs taken before 1903 show that they were
largely preserved, except on the southern side. Arguably, due to long exposure to weather
mortar became incohesive and bricks splintered, thus leaving no alternative. The scaffolding
allowed accurate surveys, and Viviani’s sketches provide significant indications, although it is
difficult to distinguish the existing parts, its interpretation and the project.

Figure 3: Views of the stronghold of Arquata before [18] and after the restoration works.

Parapet and merlons are 40 cm thick, but rectangular niches (about 40 cm high, 50 cm
wide, 13÷15 cm deep) were obtained in the thickness of the parapet itself to reduce corbelled
masonry protrusion (in the middle, fig. 4); this allowed to widen machicolations without
reducing the net passage within a chemin de ronde, that did not exceed 1.60 m in width.
Therefore for about half of its length the thickness of the parapet was reduced to 25 cm, while
the external face of the tower wall tilted inwards to increase the width of the machicolations.
In this way the overall protrusion of corbels was no more than 60 cm, with a height of about
2.4 m. Although modified several times, the construction of the parapet and merlons is
revealed by the damage they suffered: they consist of two external wythes made of brick and
tuff stones and a nucleus built with less carefully, mainly in probably reused bricks; some
larger tuff blocks act as headers. Above the machicolations, masonry was supported by single
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tuff ashlars worked in segmental arches; each of them lays for about 10 cm on the corbels,
which are 42 cm large like three brick headers. The large remains – equal to one third of the
masonry according to Giustiniani – in 1901 included the two corner merlons on the west side,
the two central ones on the north side and, at least in part, the two central ones on the east
side; however the merlons of the northern side collapsed in December 1903 and subsequently
the right corner had to be demolished. The surviving specimens allowed a substantially
faithful reconstruction, at least in size and in the use of materials.

Figure 4: From the left: battlement of the donjon and one of niche above the machicolations in 2012 (user:
interminatispazi - wikimedia commons); view of the stronghold of Arquata after the earthquakes of 2016
(courtesy of the Arquata del Tronto Municipality).

The bricks were either recovered or similar in size to the existing ones, measuring 26 cm x 13
cm x 5.5 cm, as Viviani had insistently requested. It’s possible that the mixed masonry of the
parapet and the merlons didn’t reproduce the original construction, but the result of subsequent
repairs in which the most versatile brick had gradually replaced the stone. Iron tie-rods had been
placed inside the parapet masonry, crossing each other in the corners, thus hooping the wall that
supported the merlons. Unlike the underlying sandstone masonry, the top part of the tower has a
brick face; the corbels protrude from it. Ten to twelve brick courses constitute the lower part of
them, while above there were limestone tuff blocks – of different heights and with horizontal
laying surfaces – up to the maximum protrusion. A sketch suggests that there are wooden
cantilevers inserted in the masonry. They are located at the height of the arches that support the
parapet and are testified by the presence of bricks between the springs of the tuff ashlars, to allow
a reduction of the thickness of the external wythe; in the south-eastern corner other two timber
cantilevers can be seen at the height where tuff ashlars begin and at an intermediate level, but it is
impossible to know if there are similar cantilevers in the other corbels (on the left in fig. 5). At
each corbel, wrought iron tie-rods were placed 15÷20 cm above the timber cantilevers, as shown
by the anchor rods still present or by the grooves in the masonry that housed them before their
removal. The presence of timber cantilevers and iron tie-rods is confirmed by the booklets of
measures. Merlons were 1.3 m high over the parapet; in the drawings appeared the dovetail of the
ghibelline merlons (on the right in fig. 2), an interpretation of the discontinuous top plane of the
remaining elements and probably of some iconographic references: probably a low relief
depicting a small castle with a tower, on the Sant’Agata Gate of Arquata [27], and a painted ex
voto existing in the sanctuary of the Icona Passatora about 30 km from Arquata [28]. Despite the
care dedicated to the bricks, however the materials used for the additions to the donjon battlement
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were the same commonly used at the time, including machine-made bricks, and the
undifferentiated use of hydraulic lime, pozzolana or even cement in mortar. As the documents
relating to the supply of materials testify, the works continued until the summer 1909. Owing to
the changes to the design of the upper room, Viviani renounced to provide the battlement with
effective weather protection. Even before the earthquakes of 2016, bricks above all, but also
stones had extensive cracks and splintering, and the joints were often lacking mortar; favoured by
percolation of rainwater, in the machicolations vegetation could grow. Wind is another significant
pathogenic factor, since it strongly erodes mortar joints and the sandstone of the masonry below
the battlement, especially in the corners of the tower.

Figure 5: From the left: the damaged battlement (courtesy of the Municipality of Arquata); the bars for
reinforced concrete without anchors inserted to replace the old tie-rods; the collapsed south merlons of the
donjon, in which we can see the x-crossing reinforcing bars.

4.1 One hundred years of replacements.
The construction was fragile and already in 1922 a series of partial renovations began, but
they were of little use, since an appraisal of 1932 states that crenellation was «in total ruin»
[29]. Following the 1943 earthquake, three of the donjon merlons collapsed and were rebuilt
in 1946 [29]. After the 1979 earthquake, an extensive renovation of the battlement followed in
1982 [29]. However the most problematic intervention was the removal of the parapet hoop
made in the early 20th century, replaced with bars for reinforced concrete without terminal
anchor bars (in the middle in fig. 5); to put them in place, deep chases were cut in the already
slender section of the parapets, then filled with a cement grout that only partially adhered to
the masonry. The merlons were subject to a nominal strengthening realised by perforating
them and inserting a couple of inclined reinforcement bars. These were placed in the
barycentric plane of the merlon, parallel to the parapet below; at the base of the merlon they
crossed exactly at the centre of gravity of the section (on the right, fig. 5). In 1992-93 the
timber structure of the roof – already rebuilt in 1960-61 [30, 31] and resting on a reinforced
concrete ring beam – was replaced by a reinforced concrete slab and six out of twelve merlons
were rebuilt. Very little of the ancient remains existing in 1903-04 survived till the
earthquakes of August 24th and October 30th 2016.
The collapse of parapets and crenellation on the two sides perpendicular to the seismic
wave can be easily explained: the battlement had been weakened by the chases made at its
base and the lack of anchor bars made the new tie-rods totally unable to provide any
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connection with the perpendicular walls. The significant seismic force induced by the mass of
the roof slab caused the collapse of the upper room on itself, further contributing to the failure
of the southern side of the battlement, towards which it ruined. On the eastern side, only the
central merlons remained, the corner ones collapsed with northern and southern parapets. On
the western side, only the parapet is preserved; the two central merlons suffered in plane
failure due to shear: the reinforcement bars were not only useless – due to their position – but
also harmful, since the perforation for their insertion weakened the masonry; moreover the
masonry at the base of the merlons was probably decayed by the stagnation of water in the
crenel. Given their significant width compared to the height, merlons generally collapse by
out-of-plane overturning if they don’t have a roof loading them. However, material decay and
incorrect strengthening interventions play an essential role in the activation of the out-ofplane collapse mechanism and can also cause an in-plane shear failure; nonetheless it’s very
difficult to translate their influence into a numerical parameter.
5

THE OVERHANGING BATTLEMENT OF THE EASTERN CURTAIN WALL

In the works of the first two decades of the 20th century two other overhanging battlements
were rebuilt, using techniques very different from the one that has already been examined. On
the eastern curtain, the building site was active between 1908 and 1909 [26]. The corbels of the
external façade (on the left in fig. 6), towards the town, are made up of four rectangular-shaped
sandstone cantilevers which – fixed in the core conglomerate – cross the external wythes and
progressively protrude. The free end of each cantilever is rounded to form a quarter of an
ellipse, which originates at the end of the cantilever below; the corbel has the shape of a scalene
right triangle in which height is about 1 m and protrusion about 60 cm. The spacing of the
corbels is about 60÷75 cm, while their width is 20 cm. To prevent stone cantilevers overturning,
wrought iron straps were placed to connect them to the masonry. Parapet and merlons were
never rebuilt. The cantilevers are still largely ancient as documented by the photos of the early
20th century. The additions are recognisable by workmanship and decay.

Figure 6: From the left: stone cantilevers in the corbels of eastern curtain wall; stone cantilevers supporting
brick arches; I-beam with L shaped anchor bar in one of the brick masonry corbels of the polygonal tower.

The greatest damage, up to the loss of an entire corbel, is due to the sandstone decay: in
some cases splintering affects also the internal parts of the material decreasing its strength. On
the internal face of the same wall a simpler overhanging structure widens the chemin de
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ronde: this has corbels about 30 cm wide, made of two layers of sandstone cantilevers, the
lower one is rounded, the upper one has a simple parallelepiped shape; they support brick
arches one header thick and three header deep (about 40 cm) (in the middle in fig. 6). In this
case the corbel spacing is more than 1 m. Some of the stone cantilevers are ancient, the whole
is a probably faithful interpretation of existing traces. Apart from some percolation, due to the
cracks produced in the concrete cover that should have waterproofed the top of the wall, this
system has not reported any damage.
6 THE OVERHANGING BATTLEMENT OF THE PENTAGONAL TOWER AND
ITS STRUCTURAL DISORDER
The reconstruction of the battlement of the pentagonal tower started in 1908-09, but it was
later abandoned. Neither the internal space of the tower was covered with the designed vault,
nor the stairs were built, nor the chemin de ronde was finished. In some photos taken before
1990, the last was covered by a discontinuous layer of soil [29]. No traces of pre-existing
structures were left. The overhanging battlement was Viviani’s invention. He reinterpreted the
crenellation of the donjon: the structure was entirely made of bricks on the discontinuous
plane of the perimeter walls. The stepped corbels projected from the vertical masonry; the
distances from each other varied – about 30÷60 cm – while their width is uniform and about
40 cm, i.e. three headers. The small arches are made of rowlocks reinforced by headers above,
however their out-of-plane depth doesn’t exceed half the thickness of the superior parapet: as
in the donjon, to widen the machicolations, in correspondence with each of them the parapet
had a niche, whose back is aligned to the arch. The top of the niches is horizontal, and the
parapet is made of two external wythes between which there is a casting of broken bricks and
hydraulic lime or cement. Accentuating a peculiarity of the donjon, in the machicolations the
façade masonry tapers inwards with an inclination almost mirroring that of the corbels. In this
way the parapet rests only on the corbels, entirely overhanging outside the walls of the tower.
On this unstable base, Viviani designed heavy angular merlons loaded with a triple dovetail.
This battlement is a sort of autonomous screen: on the curtain walls no battlement was built,
which would have partially contributed to the stability of the extreme merlons. Thus some
merlons collapsed (and were rebuilt) several times, in particular after the 1943 earthquake;
finally all the merlons were reconstructed during the last restoration campaign in 1992 [29].
So it’s easy to understand the failure in 2016. The rigid block of merlons and parapet crushed
the internal part of the pilasters between the niches, and fell in blocks on the chemin de ronde,
thanks to its more resistant mortar. The damage suffered by the upper part of the corbels has
brought to light various metal elements inside them, in a non-systematic way: tie rods with
anchors are positioned at the springs of the arches, just below the parapet; about 30 cm lower,
inside the masonry of the corbels, some I-beams show a hole at the end of their web, inside
which a circular L-shaped bar is inserted (on the right in fig. 6).
The deterioration of the bricks – probably from the beginning a lower quality material –
not sufficiently protected from atmospheric agents gave rise to a significant decrease in the
structural strength. The detachment of splinters or entire portions of bricks would have
required a constant maintenance effort. Owing to the scarce economic resources and the
administrative procedures of a small town, maintenance works were unsustainable and in fact
they could not be realized. As on the donjon, also here a part of the damage to bricks might be
due to the use of waterproofing substances, described in all the restoration specifications of

382

Emanuele Facchi, Alberto Grimoldi, Angelo G. Landi and Emanuele Zamperini

the second half of the 20th century: they ensure a very discontinuous protection, and they
impede evaporation, thus causing the permanence of water in the masonry.
6

CONCLUSIONS
A research susceptible of numerous insights – both on the sources and on the building and
its materials – is summarized and simplified here, rather than illustrated; it proves that in a not
large construction there are five different overhanging battlements, in which the formal
analogies with other buildings do not correspond to the structural ones. The failure occurred
in significantly different ways owing to a specific vulnerability, construction methods, repairs
and material decay. It would be more useful to investigate in-depth into individual cases, to
evaluate the differences between them and to identify future situations of real or potential risk.
If such a practice were widely carried out, a sort of abacus would be established, the more
valid, the more numerous the cases studied. In particular, it would be possible to establish a
catalogue of failure phenomena that occur – especially in seismic events – when certain
inadequate ways of building or repairing are employed, facilitating prevention on a territorial
scale. Building diagnostics and interventions would be better addressed.
An essential tool is the historical research, particularly referred to the last centuries, carried
out in a scientific and rigorous way, on the archival sources and on a selected bibliography,
avoiding all texts – principally the most recent ones – that do no mention their sources … It is
necessary to start from the present state and gradually go back to all documented
interventions, trying to identify their traces in the building. As for instability and decay
phenomena, it is necessary to identify not only their nature, but also their duration and try to
determine their remote or recent causes. A micro-history of construction, degradation and
repairs prevents from falling into generalizations – only briefly above described – paying the
utmost attention to every single and real feature of the building, leaving nothing for granted.
On the basis of a very detailed diagnosis it is therefore possible to find solutions and respond
adequately to the real and peculiar problems that engineers and architects are called to solve.
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Abstract. With his design of the Novocomum building in Como (1928-29), the famous first
example of Rationalist architecture in that city, Giuseppe Terragni began to experiment with a
mix of different architectural languages and construction techniques. Within the space of less
than a year – from January to October 1928 – Novocomum saw a shift from the traditional to
the innovative. Starting out with a weight-bearing structure of brick walls, the development of
the project led to the introduction of reinforced concrete, which however did not entirely
substitute the former: by 1929, such ‘mixed’ structures were to be seen in many buildings then
being created and might be taken as a hallmark of the various forms of so-called Italian
modernisms. Within the enclosed building site, work on Novocomum preceded right up to the
terraced roof, and would only be unveiled to the unsuspecting citizens of the city once completed
(1930), giving rise to a fierce controversy. The paper here proposed draws upon wide-ranging
research into the Novocomum project to offer material of great significance for our
understanding of the characteristic features, methods and phases of construction work – all
aspects that have received little attention in the many studies dedicated to Terragni’s
architecture. The research made ample use of the documents now conserved in numerous public
and private archives in Lombardy, continually comparing the information therein with the
building as it stands nowadays. There was a focus on documents relating to work on the
building site, which record each successive phase in construction. This material included:
notes, technical drawings, estimates of costs, work reports, calculations, payment records and
letters, as well as the documents relating to the tense dispute with the building contractor which
involved the architect’s brother, the engineer Attilio Terragni. A systematic analysis of the data
thus gathered made it possible to reconstruct the far from straightforward interweave between
the different phases in the building’s construction and the various ideas advanced in the project
designs. Furthermore, study of the structural aspects themselves could draw upon a 3D graphic
model, which made it possible to assembly and dismantle the various parts of the structure and
thus understand the articulation of the building more fully. At the same time, study of how the
various building materials were used provided a further key to understanding the different
components of the weight-bearing structure. Comprising an analytic assessment of the material
collected, the study aims to be an important source of knowledge for future research into issues
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related to the structural behaviour and durability of the building.
1

INTRODUCTION

The issue of housing was of central importance to modern architectural research in the 1920s
and 30s. This was a period when experimentation with new types of materials and new systems
of construction resulted in developments in both design and building techniques. [1] And a
decisive factor here was the use of structures in reinforced concrete.
Within Italy, structural components in reinforced concrete did not entirely replace walled
structures but were gradually combined with them, resulting in the ‘mixed structures’ adopted
in the still largely traditional construction sites which existed in the period between the two
world wars. [2].
A significant example of this phenomenon, the Novocomum building (Como, Lombardy,
1927-30) directly reflects developments in contemporary European architectural design – in
particular, within work by the leading figures of the Modern Movement, to which Giuseppe
Terragni belonged.
By the time he graduated from the Politecnico di Milano in 1926, the young Terragni (190443) was already challenging the historicist tendency that was so dominant in the teaching of
architecture. And in his first important work in Como – a building of apartments with a ground
floor partly given over to office space – he would, from the very start, set the forms of
Rationalist architecture in clear contrast to the eclectic forms proposed by the architects of
preceding designs for the building. As he himself put it in the presentation of his project:
“Starting from the premise that, as a result of rational study of modern environments, new trends
in architecture emphasize simplicity of line, lightness and rationality in the framework of
construction, and highly-developed service facilities [...] this project arises not from [the design]
of pointless ornamentation but from the composition of a few, finely-finished, materials, and
the careful study of the combination of masses and forms.” [3]
Nevertheless, his initial designs were for a traditional brick-built structure of six floors
(above ground level), which ran in a straight line along Via Sinigaglia and was defined by the
use of cylindrical volumes at the corners.
The whole Novocomum project was far from straightforward, and right from the very
earliest stages one can see continual modifications. In part, these responded to functional needs,
reflecting Le Corbusier’s notion of housing as a machine-à-habiter in which each part performs
to a precise purpose; in part, they reflected the “rational study of modern environments.” [3]
Ultimately, these modifications also included the adoption of structural components in
reinforced concrete, while nevertheless maintaining part of the solid-brick structures that had
been envisaged in the initial designs. Within Terragni’s studio, it was his brother Attilio – in
later years the podestà [the mayor, in the fascist period] of Como – who was responsible for
structural planning.
Various studies of Terragni’s work have offered chronologies and interpretations of the
sequence of plans drawn up for the Novocomum project. [4,5,6,7,8] And in a recent research
project concerning the construction of Novocomum and the alterations it has undergone over
time [9], the already-published material was compared with further visual documents (studio
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designs, intermediate versions) that were interpreted in the light of material that had yet to be
fully explored (including the instructions drawn up at various phases in the construction work).
Most of the drawings consulted in that research (the basis of the present paper) can be dated
over the period from 1927 – when Giuseppe Terragni received the commission for the project
– to 1929. And it is precisely the dates of these drawings and designs which, together with the
dates of the different phases of building work, reveal how the changes in the project design
were bound up with the development of the on-going construction; how the chronology of the
solutions proposed overlaps with that of the building work. This was true right up to the
completion of the project, even if it is also the case that the final versions of the designs do not
correspond fully to the structure as built. The study and organization involved documents from
many public and private archives – first and foremost, the archive of the Terragni studio - made
it possible to reconstruct the complex history of the design and of construction work. 3D graphic
reproductions were created to study the relation between the various components of the
structure.
2 THE STRUCTURE OF NOVOCOMUM

Figure 1: Project for the building in Via Sinigaglia (Como) which was intended to occupy the entire city block,
elevation, G. Caranchini, November 1925, Terragni’s studio Archive (ATCo), 6/016/B2/S/E, on the left;
“Maison de rapport Novocomum”, sketch of the elevation, signed, 1929, ATCo, 6/005/D1/S/L, on the right.

The origin of the Novocomum project is to be found in the desire to complete a trapezoidal
city block after work on a residential building designed by the architect Giacomo Caranchini
(fig. 1) had been interrupted. The existing structure at this point was a C-shaped building of
five floors above ground, with facades “characterised by sinuous lines inspired by late
Secessionism” [10], complete with oriel windows at the corners and pitched roofs. The ideas
that inspired Terragni’s design were entirely different, and so innovative that the completed
building dumbfounded the unhappy citizens of Como and the local authorities.
By the end of 1927 Terragni was at work on the project, producing various designs that can
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be grouped in four main versions (fig. 2). The first “floorplan study” [11] reveals the initial
ideas for the project: the C-shaped structure develops around the slightly projecting volume of
the central staircases and the two trapezoidal staircases located at the internal corners of the
building, with the apartments laid out along a central corridor.
In the first version of the project, dated January 1928, the weight-bearing structure comprised
brick walls of a certain thickness, whilst columns of reinforced concrete supported the two
staircases giving access to the basement. There were two solutions for the distribution of access
to the building: the first involved four staircases (the two in the corners and two in the central
block); the second involved the creation of three staircases and is comparable with that finally
adopted.
A second version of the project is dated May 1928. Luigi Zuccoli, who worked with Terragni
for years, would later write that this version, presented to Como City Council on 23 May [12],
was deliberately outlined using drawings different to the solution ultimately adopted in order
to facilitate approval by the Council’s Building Committee [13].
On 30 May authorization was requested to erect fencing around the site. [14] Work began
on 8 June and ten days later the Podestà sent a letter [15] to the engineer Ezio Peduzzi of the
Società Novocomum to inform him that authorisation of the beginning of work was provisional
upon the elimination of the intermediate floor envisaged within the structure, and the
submission of plans which had been modified accordingly to the authorities responsible for
building permits.
The third version of the project (October 1928) is the closest to what was actually built. Here,
the structure comprises pillars and beams in reinforced concrete, with the exception of the three
main staircase wells, which are in brickwork. The use of reinforced concrete was in line with
the eagerness with which the various members of “Gruppo 7” had championed that material, a
stance which in turn reflected the enthusiasm voiced by many of the engineers, and of the
architects and militant critics belonging to the Modern Movement. This new construction
technique, it was argued, combined the properties of a composite material with high-quality
structural performance and opportunities for new freedom in architectural composition [16, 17].
To return to the chronology of the project, on 10 July 1928 the Società Ghisleri, which had
taken on the task of carrying out the work, had forwarded the first plan of the layout of the
concrete pillars, so that the architect could then draw up definitive working designs. On 2
August the company then sent the structural project designs to the Prefecture, which would on
23 August send then back as failing to meet ministerial guidelines. Only on 10 October 1928
would authorisation be granted for the structures in reinforced concrete. At the same time, the
authorities also requested the submission of definitive designs, which would be the abovementioned drawings and plans of October 1928.
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Figure 2: Project designs for Novocomum. Ground plans for the raised/ground floor in the various versions of
the project (ATCo).

3

A MIXED STRUCTURE

Even before implementation of the plans for the structure had been authorised, behind the
wooden fencing around the site work began on casting the cement for the building’s
foundations. On 12 December 1928 the structures for the basement, raised floor and first floor
seem to have been completed, given that on that day work began on casting the floor between
the first and second storeys [12].
Documentation from the worksite provides apparently contradictory information. It would
seem that from 22 December 1928 to 28 February of the following year work on the concrete
components had to be suspended due to freezing temperatures. However, the report submitted
to the arbitration panel – hence a very important document – claims that the floor of the last
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storey was cast at the end of March, whilst another passage in the same document attributes the
delays in proceeding with work on the reinforced structures to the lack of timber for the
formwork (before proceeding to one floor, they had to wait for the dismantling of the formwork
from the floor below). Furthermore, delays in submitting the full project drawings and plans
had an effect on the sequence of work on site and on the rate of progress.
Overall, the reports prepared by the opposing parties for the arbitration panel depict a
worksite where progress was troubled by continual disagreements and clashes between the
Director of Works and the building contractors. Nevertheless, even if they portray the state of
affairs from very different viewpoints, these documents provide very useful information with
regard to the work carried out, the materials used and the construction methods adopted.
3.1 The Components in Reinforced Concrete

Figure 3: Project designs of the structure: foundation bed, 1:20 – 1:50, 6/009/E1/S/E (left, ATCo); photograph
of the reinforcing for the foundations and the jutting rods in the pillars, 12 August 1928 (right, ATCo).

The drawings and documents relating to the execution of building work reveal that the designs
of the raised structures were drawn up as work was proceeding to excavate and consolidate the
site; that in the early phases of work there was as yet no design project that had been fully
approved and then submitted as such to the contractors [18]. As far as the materials used were
concerned, it was “first-quality man-made cement from Caluso” that was chosen, and tests were
carried out on normal mortars at the Material Testing Laboratory of the Politecnico di Milano.
The material chosen for the reinforcing comprised “solid round rods of homogeneous iron,
without any imperfections”; these were to be smooth and of a diameter that varied from 14 to
20 mm. After a seasoning of 28 days, the resistance to compression was 595 kg/cm2 (certificates
n. 4210-4211, 9 August 1928). The sand and gravel used in the cement mix were fully in
compliance with the prescriptions laid down in art. 6 and 7 of chap. II, second part of the law
decree 1431 of 7 June 1928 (“Prescriptions for the approval of hydraulic agglomerates and for
the execution of work in cement conglomerates”). The proportions of aggregate/cement were
0,40 m3 of sand and 0,80 m3 of gravel per 300 kg of cement [19].
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Figure 4: Groundplan of the basement with the abacus of the pillars, 1:50, 6/011/E1/D/E FTGR. 1 and 2 (ATCo).

The site of the building was near the lake, and the presence of water at foundation levels
required a series of measures to prevent infiltration and provided protection for the foundation
structures. Thus a “robust foundation bed” in reinforced concrete was laid; this was made up of
two types of inverted beam and two types of “small beam” (components in reinforced concrete
that were to serve as linking crossbeams). The lower and upper ends of the inverted beams
were, respectively, 120 and 60 centimetres below the perimetral pillars, and 45 cms below the
internal pillars. The small crossbeams measured 45 by 65 centimetres. Thanks to worksite
photographs (fig. 3) one can see the dense weave of reinforcing rods in the inverted beams of
the foundation.
Through comparison of the details regarding the execution of the foundation bed (fig. 3), the
plan of the pillars in the basement (fig. 4), the structural report for the arbitration panel and onsite photographs, it was possible to develop a virtual reconstruction of the structure in reinforced
concrete that was created (fig. 5). This could be done by analysing the position of each pillar
and assuming the entire structure to have been symmetrical around a supposed axis running
through the entrance atrium.
The floor plan of the basement (fig. 4) shows that the system of pillars, of twelve different
types (varying in shape and size), was designed to be adapted to the layout and development of
the walls. Also the statics calculations were carried out following the rules laid down in art. 17
and 18 of the Royal Law Decree 1431 of 7 June 1928. Armor brackets were to be placed at a
distance equal to ten times the diameter of the longitudinal reinforcing rods, with the exception
of some pillars where there were to be double lattice brackets. [18] The bases of the pillars were
mainly square or rectangular in section, with the exception of those used in the corner
cylindrical structures, which were polygonal in base section. In the structural report it is stated
that the designs included no pillars of a section less than 25x35 cm, “so as to avoid problems
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with column loads”.
The sizing of the beams distinguishes between the perimeter beams – of base 45 cm and
height 40 cm – and the rooftree beams (base: 45 cm; height: 56 cm). The beams were created
with a “countersink” at the point where they met the pillars, which was then concealed within
the walled structure. This detail, which can be made out in the worksite photographs now in the
Terragni archives, appears to be very similar to something one sees in the Hennebique system:
“a characteristic feature [of which] is the link between pillars and beams, which often involves
inclined brackets near their point of support.” [20].
In accordance with the final plans and designs there were three staircases to the upper floors,
right up to the roof. All of these gave onto the internal courtyard and comprised projecting
ramps of steps. The solid slabs in reinforced concrete were cast on site, and the bond-beam was
inserted into the weight-bearing walls, which were five bricks thick (fig. 7). Between the
basement and the raised floor level there were two staircases in reinforced concrete. From the
basement level to street level there was a ramp (again in reinforced concrete) that opened into
the internal courtyard in correspondence with the central block of the building.

Figure 5: 3D reconstructions of the skeletal framework in reinforced concrete (left); photograph of the structures
in reinforced concrete (right, ATCo).

3.2 The Walls
The documents relating to the materials used are here incomplete. We know that for the
masonry veneer work and the internal partition walls, hollow bricks were used; whilst for the
weight-bearing walls of the stairwells – which were pierced by windows from the ground floor
up to the level of the roof – it was solid bricks that were used.
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Figure 6: Novocomum under construction: one can see the outside and internal walls in perforated brick (ATCo).

As regards hollow bricks, Terragni would use Frazzi bricks in his Casa del Fascio; we can
also find advertisments by the Frazzi company of Cremona, which produced bricks of similar
size to those used in Novocomum in some architectural magazines such as ‘Edilizia Moderna’
and ‘Quadrante’.
The on-site photographs (fig. 6), as well as the documents submitted to the arbitration panel
between Società Ghisleri and the Novocomum, show the bricks used for the outside walls to
have had four perforations in them, whilst for parts of the walls of the corner cylinders twoperforation bricks were used to face the pillars. The overall thickness of the external nonbearing walls of Novocomum is 57 cm. Further information can be gleaned from the technical
notes to be found in Luigi Figini’s article entitled Una casa (1930), where it is specified that
the perimeter walls of Novocomum were made up of two layers of masonry veneer in hollow
bricks separated by an air gap [21].

Figure 7: Novocomum. Worksite photographs showing the stairwells with walls of solid brick (ATCo).
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Indirect confirmation of the systems described by Figini can be found in Griffini’s textbook
[22], and in various other structures built in the 1930s (including Terragni’s own Casa del
Fascio).
3.3 The Floors between Storeys and the Roofing
The floors of the building were created in hollow-core concrete, that is, hollow bricks and
beams of reinforced concrete cast on site. Here, too, thanks to on-site photographs (fig.8) one
can see that the reinforcing rods of the beams were fitted into brick ends. The project defined
the “spans” delimited by the beams, with specific characteristics depending on the greater or
lesser distance between the pillars. The graphic reconstruction of the structure brought out the
similarities and differences that exist between the floors in the various parts of the building. In
some “spans” the planned floor was to have an overall thickness of 20cm. This comprised a 5cm slab of reinforced concrete with hollow-block bricks to a depth of 15 cm: these blocks were
laid in pairs, whilst at the edges (near the beams) they were laid singly. In other open spans the
floor was designed to be 23 cm in thickness: a 5-cm concrete slab and 18 cm of hollow-block
bricks. These were either laid out in pairs, with the end bricks next to the concrete beams laid
singly, or in groups of 8, with the end bricks in groups of 4 [18]. In the absence of exhaustive
records, we proceeded by approximation, supposing the structure to be symmetrical – that is,
that the solution proposed for the west side of the building was like that used for the east side.
Similarly, it was supposed that one solution was standard for all floors, being integrated with
other “spans” in the parts that did not exist on all storeys of the building.
The flooring of the last storey – in particular, the projecting corner sections – was again
reconstructed by comparing executive drawings, on-site photographs and the structural report
for the arbitration panel and finally found evidence in a technical description and related
illustration published by engineer Candiani (Ghisleri company). [23] Novocomum’s “weightbearing structure in reinforced concrete” was declared completed on 15 May 1929, and on 15
July work began on casting the “roof slabs”.

Figure 8: Novocomum. Worksite photographs showing the floors of the building in hollow-core concrete (ATCo).
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4

CONCLUSIONS

In October the scaffolding and worksite fencing around Novocomum came down, and the
building finally became visible. Echoing protests by numerous citizens of Como, the local
newspaper «La Provincia» published an article that lambasted a structure which it nickname
“the ocean liner” and described as “ugly ... and in bad taste” [24]. The city authorities declared
themselves surprised, saying that the final building did not correspond to the plans that had
been approved by the Building Committee, and on 9 December 1929 set up a commission to
decide whether Novocomum “was a feature that disfigured the area, and, if so, what measures
might be taken to make it fit in better with the surrounding environment” [25]. As is wellknown, the members of that commission – Piero Portaluppi, a planner and a professor at the
Politecnico di Milano; Giovanni Greppi, a Milanese architect who also worked in the Como
area; Luigi Perrone, a state functionary at the Soprintendenza ai Monumenti della Lombardia
[Superintendence for Preservation of Lombardy’s Monuments] – ultimately decided in favour
of keeping as it had been completed a building which would soon be said to mark “the birth of
a new aesthetics, a new way of living; a new way of envisaging housing [...] It will, for
everyone, become ‘home’, the ‘house of tomorrow’.” [26]
Nowadays, Novocomum is recognised as one of the great examples of twentieth-century
architecture, even if in the 90 years since its completion the structure has undergone various
alterations – both before and after it became a listed building on 17 November 1986. These
changes have gradually and noticeably altered the internal appearance and layout of the
building, even if the demolition, shifting and replacement of various partition walls does not
seem to have compromised the weight-bearing structure.
By reconstructing the history of the construction process itself, it was possible to get a first
outline of the material history of a building which is one of the various examples of a “mixed
structure” created in this period; in the case of Novocomum, this was the result of an eightmonth sequence of changes to the project, leading to the replacement of a brick-wall weightbearing structure with one in pillars and beams of reinforced concrete (brick walls ultimately
only figuring in the stairwells). The knowledge generated by this research provides a useful
basis for studies of the structural behaviour of the building and for planning the maintenance
work necessary to preserve a monument of twentieth-century architecture.
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Abstract. The interest in the structural maintenance design of existing bridges of the
Italian road network is nowadays growing, due to the need to overcome structural
inadequacies and/or degradation phenomena. In this framework, the new "Guide-lines for
risk management, safety assessment and monitoring of existing bridges" outline the required
procedures and tools, identifying the most critical issues of the different bridges’ structural
typologies, including Gerber girders in reinforced concrete bridges. A safety assessment of
Gerber bridges is thus mandatory as for the presence of joints which do not comply with
current design practice and codes as for the occurrence of aging-related decay phenomena,
e.g. due to water infiltration. In this context, a novel cross-disciplinary procedure for the
assessment of Gerber bridges is here presented, giving an insight on the so-called ‘knowledge
phase’. Firstly, the paper analyses the introduction and diffusion of this structural typology in
Italy, giving a classification of existing Gerber bridges and focusing on their recurrent
degradation phenomena. Finally, a discussion on historical sources which can be used to
draw useful information, e.g. construction history surveys, archival drawings, calculation
manuals and codes, is presented.
1

INTRODUCTION

In Europe, during the 1950s and 1970s the wide development of roads and highways
network led to the fast construction of a wide stock of reinforced concrete bridges. Alongside
the development of the typology of the arch bridge, the diffusion of girders bridges was
supported by the adaptation, from the 1930s onwards, of the Gerber scheme to reinforced
concrete bridges. Concerning the half-joint design, building code and calculation methods of
the time led to reinforcements arrangement solutions that today, following the calculation
theory evolution, are considered improper for the actual structural task [1,2]: as a
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consequence, the whole stock of existing Gerber truss bridges of the Italian road network
exhibits insufficient performance in terms of structural safety, representing an urgent task for
the structural maintenance design.
On May 6th, 2020 the Italian National Ministry of Infrastructures and Transports approved
the new "Guide-lines for risk management, safety assessment and monitoring of existing
bridges" [3]. In addition to the procedures and the tools to respond to the general purposes of
this document, it identifies critical issues related to different bridge structural typologies.
In particular, a detailed classification of "critical elements" (i.e. those bridge parts that are
particularly subject to degradation phenomena and whose possible malfunctions can
significantly affect the overall structural behaviour of the structure) was provided. These
elements include Gerber girders in reinforced concrete bridges, requiring a mandatory and
urgent general safety assessment of the structure of Gerber bridges.
If, from the one hand, internal steel reinforcement layouts of the Gerber joints do not
comply with current design practice and codes, from the other, Gerber joints are difficult to
inspect and, due to their shape, they are particularly subject to water infiltration.
Moreover, the Guidelines highlight the importance of “an accurate investigation of the
technical and administrative documentation of the existing bridges” [3], in order to acquire
the knowledge necessary for any conservation project, regarding both the adopted design and
construction procedures, as well as the transformations of works over the years of their
functioning. From the cited document, on the one hand, the importance of the role of the
historical research in the monitoring and preservation projects of existing bridges emerges
and, on the other hand, the urgency to focus the analysis on reinforced concrete "Gerber
bridges" that still exist in the Italian national territory.
In this code framework, the proposed paper presents a novel cross-disciplinary procedure
for the performance analysis. According to the actual flowchart in the assessment analysis,
composed of the two steps of the ‘knowledge phase’ and the analysis phase’, the proposed
procedure gives an insight on the ‘knowledge phase’ through construction history surveys, in
order to set useful data for the accurate safety assessment.
The paper is structured as follows: firstly, the analysis focuses on the introduction and
diffusion of this structural typology in Italy and on the list and classification of existing
Gerber bridges alongside their recurrent degradation phenomena; then, the historical sources
typologies are discussed, focusing archival drawings and calculation manuals and codes.
2 THE GERBER BRIDGE
The progressive introduction of the static scheme of the cantilever beam (cantilever
bridges) was developed with the intention of transforming the continuous beam on several
supports into a statically determined system, through the introduction of a strictly
indispensable number of hinges. In fact, this solution permitted simplification of calculations,
optimisation of stresses on the structural elements, compensation of vertical failure whilst
developing construction processes without falsework.
The scheme of the cantilever bridge, which had been systematically developed in the
nineteenth century, with the rise of iron and steel as construction materials, dates back to
ancient times [4,5]. As noted in the literature [4,6-9], the development and systematization of
this bridge typology took place in the second half of the 19th century. Between the 1940s and
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the 1960s several engineers (Fairbairn, Clark, Ritter, Culmann) tried their hand at the subject,
obtaining substantial theoretical and design solutions. The scheme, already known as a
cantilever bridge, portes à faux in French, took the name ‘Gerber girders’, from the German
engineer Heinrich Gerber (1832-1912), in the 1860s. Although it was not always mentioned
in the treatises of the time [9], Gerber was nonetheless recognized as the author of the first
bridge built with this static scheme. It was the bridge over the Main in Hassfurt (1867), in
which the central span beam was placed on the two lateral cantilevered beams, by hinge
joints. The static solution was repeated the same year in the Sofia Bridge in Bamberg. The
system was patented in 1866 [10] (Fig. 1).
In 1877, Charles Shaler Smith (1836-1886) built the Kentucky Viaduct, the first large span
cantilever bridge in America: in this structure and, in the subsequent Niagara Viaduct, built in
1883 by Charles Conrad Schneider (1843-1916), the assembly of the beam without fixed
scaffolding was adopted. The names of the two American viaducts identified the types that
classify the construction procedures without false works, which were later adopted for the
construction of structures of this type. In 1889, the opening of the Forth Bridge on the Firth of
Forth, by John Fowler (1817-1898) and Benjamin Baker (1840-1907), marked the end of the
experimental period of this structural typology and its definitive systematization for large
span metal truss bridges.

Figure 1: Gerber patent, 1866 [10] and Italian bridge design manuals [11, 19]

2.1 Introduction in Italy
In Italy the 'Gerber bridge', entered engineering practice late; this was testified by the wellknown and widespread Manual of the Engineer [11] edited by engineer Giuseppe Colombo
(1836-1921) from the first edition of 1877 to 1917; still, in the 1926 edition of this Manual,
the Gerber beam was not included in the chapter dedicated to structural schemes.
In 1905, Antonio F. Jorini (1853-1931) dedicated chapter VI of his manual "Theory and
Practice of Bridge Construction" to "continuous beams with hinges" [12]. The bibliographical
references at the bottom, all foreign, suggest that this text was the first published in Italy on
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the subject. In the manual, where the calculation of a three-span beam, with two hinges in the
central span, was illustrated, the convenience of introducing hinges into the continuous beam
schemes was defined because "with the choice of the number of hinges, and their position in
the continuous beam, it is possible to obtain a statically determined structure, in which the
internal stresses are independent of the vertical movements of the supports" [12].
In Italy, given the limited development of large span metal viaducts at the end of the
nineteenth century when compared to other industrialized countries, the spread of Gerber-type
bridges was directly due to the introduction of reinforced concrete.
In 1930, Giuseppe Albenga (1882-1957) in chapter V of his book Lessons of Bridges
reported the convenience of adopting hinged patterns in continuous reinforced concrete
trusses. "Introducing as many hinges as there are superabundant support conditions", with the
warning "not to drop more than two hinges between two consecutive supports and not to have
more than two supports between two successive hinges" [13]. In the Manual, there are no
examples of "Gerber bridges" in reinforced concrete built in Italy, but the "very frequent use
in reclamation areas" of cantilevered beams is mentioned, in particular for "three-span
schemes characterized by two intermediate piers and small cantilevered bank spans" [13]. On
the other hand, not even the two editions, published in 1924 and 1932 respectively, of the
"Ponti in cemento armato Italiani" manual by G. Santarella and E. Miozzi, reported built
examples of 'Gerber bridges' [14,15].
In 1933, the catalogue of the Ferrobeton firm [16], at the time one of the main Italian
companies active in the sector of reinforced concrete construction, reported the construction
of the following bridges known as 'Gerber-type girders': the bridge over the Amendolea river
in Calabria; the bridge over the Leira torrent in Voltri and the bridge over the Volturno in
Capua designed by the engineer Giulio Krall (1901-71).
Only in 1953, when Albenga published an updated edition of his book Lesson of Bridges
[17] reporting the greatest diffusion of the typology also for large span bridges, examples of
reinforced concrete Gerber bridges built in Italy were cited: the bridge of the Empire over the
Arno in Pisa, designed by Krall (1901-71) and built by Ferrobeton himself in 1936 [18] and
the Belvedere overpass in Vercelli, designed by Antonio Giberti (1883-1963). The diffusion
of the typology was also testified by the updated edition of the same Albenga manual,
dedicated instead to theory [19]: the third chapter was entitled "the simple beam and the
Gerber beam", testifying the diffusion of the latter structural typology for reinforced concrete
buildings. In 1974, Giuseppe Rinaldi in his manual “The construction of bridges” [20]
reported a series of economic considerations on the use of different types of reinforced
concrete bridges, in the light of the development of the freeway network (1956-73): even if
"recently works of this type have been carried out with positive results", there was an overall
decrease in the application of the scheme. The Gerber scheme, considered more suitable for
casting, was considered ideal for spans within 65 meters and “limited for higher spans by the
costs of centering” [20].
2.2 For a census of the existing reinforced concrete Gerber bridges in Italy
From a first survey on the Italian territory road bridges, the existing reinforced concrete
‘Gerber bridges’ were mostly built between the 1930s and 1970s, in particular according to
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the urgency of the reconstruction after WWII and the development of the national road
network between the 1950s and 1960s.
These structures feature a remarkable shape variety and can be classified according to the
three static schemes represented in Figure 2. The first scheme represents an articulated girder
with multiple supports: considering the general principle that a Gerber girder must have as
many hinges as there are intermediate supports and that these hinges must be placed in order
to ensure the stability of the system, an articulated girder is placed between the two overhangs
(internal hinge - Niagara Type) or between the central piers and the abutments (external hinge
- Kentucky type) (Fig. 2a). The second diagram describes a sequence of cantilevered piers and
suspended span (Fig. 2b). The third scheme describes a sequence of multiple statically
determinate frames (Fig. 2c).

Figure 2: Sketches of the major static schemes adopted for Gerber bridges built in Italy

As showed in Figure 3, the first scheme (Fig. 2a), codified in the bridge design manuals,
was widely adopted for the construction of ordinary roads and urban bridges that, built mainly
between the 1930s and the 1950s, were featured by the exclusive use of cast in situ reinforced
concrete. Some significant examples were among the first bridges featuring this static scheme:
the aforementioned bridge over the Arno river in Pisa, rebuilt by the same construction
company Ferrobeton in 1947 after the WWII; the Magliana bridge over the river Tiber in
Rome (1938) and the Marconi bridge over the rives Tiber in Rome (1939).
The second scheme (Fig. 2b) was mainly used for the construction of highway bridges
built in the 1950s and 1960s. Also taking advantage of the greater diffusion of
industrialization in the building sector and of the pre-stressing technique in reinforced
concrete construction, these bridges feature prefabricated suspended spans and cast in situ
cantilevered piers. Noteworthy examples of this typology are: both the Rio Sanda bridge over
the Teiro bridge on the Voltri-Albissola highway (1955) and the Settefonti viaduct of the
Autostrada del Sole highway (1959); the Colle Isarco viaduct for the Brennero highway
(1962), characterized, instead, by the combined use of the cantilever construction technique,
pre-stressing systems and prefabricated elements [21]. On developing the same optimization
goal of the execution, avoiding falsework, the third scheme (Fig. 2c) representing a sequence
of multiple statically determinate frame was in the viaducts designed by engineer Silvano
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Zorzi (1921-94). Between them, noteworthy examples are the Stura viaduct of the TurinSavona highway (1968-70) [22] and the Poala viaduct at Veglio Mosso (1972-73) [23]. If,
from the construction site point of view, the adoption of this static scheme brought an actual
construction effectiveness, on the structural level this scheme proves to be, today, completely
devoid of the recent concept of ‘structural strength’ [24].
In addition to the types mentioned, the Gerber girders were even adopted for special works,
such as the bridges designed by the engineer Riccardo Morandi (1902-89). In his research on
‘balanced structural systems’ Morandi relied on this bridge typology several times. This
bridge typology was used for both the project of articulated girders on multiple supports - as
in the case of the Quercia-Setta viaduct on the Autostrada del Sole (1957-58) that also
featured prefabrication of the elements forming the suspended span [25] - and the conception
of special schemes, such as the cable-stayed bridges (i.e. the existing Carpineto viaduct
(1976) on the Basentana road [26]).

Figure 3: Table extracted from the census of Gerber bridges in Italy

2.3 Detected common aging and deterioration phenomena
The whole stock of existing Gerber bridges in Italy feature numerous aging-related decay
phenomena. If, most of them are common issues for reinforced concrete structures, such as
the natural aging of the materials and the phenomena of carbonation, others are, instead,
specifically related to the Gerber bridge half-joint shape. In particular, in Italy, most detected
phenomena [27] are leakage of water through the joint causing deterioration of the concrete
and corrosion of the reinforcing steel, as it was detected in the Magliana and the Marconi
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bridges in Rome (Fig. 4) and errors during execution, such as misalignment between the
cantilever extremes.

Figure 4: Water leakage effects through the half-joint, Magliana and Marconi bridges in Rome, 2020

Figure 5: Metallic support device of Magliana bridges during maintenance operation [28] and reinforced
concrete pendulum of Faenza Gerber bridge [29]

Furthermore, even the half-joint equipment, placed on the protruding nib of the structural
element, are particularly subject to premature aging, causing dangerous discontinuities in the
road surface that, due to even contained disruption, alter driving comfort. In this joint
deterioration phenomena framework, it is, thus, necessary to understand how the Gerber halfjoint equipment were built in Italy and whether it is possible to trace the adoption of some
recurrent details or solutions. In executive practice, indeed, the use of metal devices (hinges,
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pendulums, rollers) [28], derived from metallic construction practices, was combined with the
extensive use of lead sheets, steel plates and the design of the special reinforced concrete
pendulums devices, such the one showed in Figure 5 [29].
3 THE HISTORICAL SOURCES
Historical data for the ‘knowledge phase’ of an accurate safety assessment of existing
heritage structures requires specific sources. Construction history discipline traditional
sources, ranging from primary archival sources to the technical literature of the time period,
fit this research purpose [30]. In this investigation framework, the reinforced concrete bridges
in Italy, built between 1930s and 1970s feature specific archival sources, that reflected the
Institutional framework of the administration charged for the road bridge construction, and
specific technical literature, such as bridge design manuals [12,13,17,20] and calculation
code.

Figure 6: Load pattern considered in the calculation of the Magliana bridge in Rome, 1939 (Courtesy of Rome
State Archive)

3.1 The archival documentation
Archival documentation represents the base source to acquire strong knowledge of the
original design. In particular, through original design drawings is possible to find the actual
geometry and dimensions of the structural elements and of the reinforcement of the halfjoints. Furthermore, through original design reports it is possible to find the adopted
calculation, embedding the code regulation of the time period, mechanical characteristic of
the employed material and load test results. For example, for the investigated Magliana bridge
in Roma (1938-50), through the archival documentation it was possible to extract data relating
to the mechanical properties of materials, the load pattern embedded in the original
calculations, as reported in Figure 6 and reinforcements geometry and dimensioning, as
shown in Figure 7 and Figure 8. Within archival documentation, a crucial source is
represented by the construction-site photography. Indeed, through construction-site photos, as

404

S. Coccia, F. Di Carlo, I. Giannetti, S. Mornati and Z. Rinaldi

shown in Figure 8, the design drawings data can be verified, thus providing accurate
information about both the built construction details, and the adopted construction processes.

Figure 7: Reinforcement arrangement and dimensional detail of the Magliana bridge in Rome, 1940(Courtesy of
the Rome State Archive) , reinforcement CAD redrawing by F. Di Stefano, 2020

Figure 8: Reinforcement arrangement and dimensional detail of the Magliana bridge in Rome and construction
site picture of the same bridge, 1940-43 (Courtesy of the Rome State Archive)

3.2 The bridge design and calculation manuals and code
Bridge design and calculation manuals represent the base documentation to understand the
evolution of the calculation models of this bridge typology over the different period of their
major diffusion. In particular, Albenga manual published in 1930 [12] represent the first
treaty dedicated to the calculation of this bridge typology, as explained in paragraph 2.1.
For a proper safety assessment of Gerber bridges, useful information regarding load
patterns considered in the original calculations can be derived by past codes. The Circolare
n.8, September 15th, 1933 of the High Council of the Italian Ministry of Public Works [31],
classifying the road network in three categories depending on the traffic flow, provided three
elementary loading patterns: an indefinite column composed by 12 tonne trucks, a 18 tonne
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road roller and a column made up vehicles up to 40 tonne (Fig. 9). These last had to be
differently combined, depending on the category of the road, according to the schemes
reported in Figure 10.

Figure 9: Load patterns from Circolare M.LL.PP. n.8, September 15th, 1933 [31]

Figure 10: Load schemes from Circolare M.LL.PP. n.8, September 15th, 1933 [31]

Subsequently, with the Circolare n.6018, June 9th, 1945 of the High Council of the Italian
Ministry of Public Works [32], the Italian road network was classified in the two categories of
high and low/medium traffic flow roads, for which the following load patterns (Fig. 11) and
schemes (Fig. 12) had to be adopted in the calculation phase.

Figure 11: Load schemes and patterns from Circolare M.LL.PP. n.6018, June 9th, 1945 [32]
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Finally, aiming to account for the flow of military vehicles, the Circolare n.384, February
14th, 1962 of the High Council of the Italian Ministry of Public Works [33] divided the road
network in first category roads, intended for the flow of civil and military vehicles, and in
second category roads, in which civil vehicles only were allowed. New load patterns were
introduced to this end, including 61.5, 32 and 74.5 tonne military vehicles (Figure 13).

Figure 12: Load patterns from Circolare M.LL.PP. n.384, February 14th, 1962 [33]

CONCLUSIONS
Among all reinforced concrete bridges’ structural typologies, it is worth to count the Gerber
bridge, whose diffusion in Italy dates to the years 1930-1970, concurrently with the urgency
of the reconstruction after WWII and the development of the national road network between
the 1950s and 1960s. Nowadays the need for the safety assessment and structural maintenance
of Gerber bridges is fundamental, due to joints which do not comply with current codes and to
the occurrence of aging-related decay phenomena. In this framework, a great contribution to
the ‘knowledge phase’ of the entire process of the assessment analysis can result from
construction history investigations. In this direction, the paper outlines the history of this
particular structural typology, from its introduction and diffusion along the Italian road
network, together with a description of the main historical sources at the disposal of engineers
called to carry out a crucial role in this context.
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Abstract. Chronology of brick historical buildings might be established much more precisely
than the chronology of stone ones due to the architectural and metrical analysis of bricks,
mortars and brickworks. Comparison of historical sources allows to reconstruct the previous
stages of constructing monuments. Causations between transformations and developments of
monuments are usually interpreted as the results of artistic or ideological influence rather
than pragmatic decisions. Such explanations neglect, however, the impact of structural
disasters and imperfections. Experience, delivered by the previous erroneous solutions or
failures, undoubtedly influenced the further development of architecture.
In this paper the authors present how numerical modelling and structural analysis of
complex historical brick buildings and different stages of their alterations might be used as a
supporting method for the research of their history. Consequently, modern numerical tools for
structural analysis can also be useful in investigating of the process of creating architectural
solutions [1]. Because more accurate historical analyses belong to the qualitative research, it
is not possible to examine very wide group of different monuments. Therefore the authors
chose for that purpose the homogeneous group of the mendicant orders’ medieval churches in
the former State of Teutonic Order in Prussia, which have been the subject of authors’ in situ
research since 2009 [2]. This group is thought to be representative for the medieval
techniques of the brick architecture in northern Europe and Baltic Sea Region.
The aim of this research is to find out whether structural analysis might be carried out in a
historical building in which consecutive transformations partially erased its original form
(reconstructed on the base of the architectural and archaeological research)? A positive
answer to that question allows to put another one – about whether the numerical modelling of
the structure of monument might give some additional information on its history? The results
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of described research might give a new tool for conservators, architects, archaeologists and
engineers in their research and other conducting works.
1

INTRODUCTION

Medieval brick structures are the subject of research in many different fields of art,
humanities and science including history, archaeology, architecture and engineering. Despite
the fact that such types of research have been continuously conducted and developed, the
combined interdisciplinary studies on historic buildings are rare and usually limited to the
most significant ones. It is caused by financial reasons as well as different state of art in
particular disciplines. In most typical cases, the history of a monument was elaborated
without any archaeological or architectural examines, which - in turn - did not include the
structural analysis. Moreover, because of the development of no-destructive methods of the
structural analysis the current state of structure might be examined without intervention in the
historical substance of monument. Undoubted benefits for conservational values give,
however, highly limited support in expanding the knowledge about the history of the
monument. What is more, historians very rarely used the results of research in situ as a
primary source although they might allow to reinterpret information gained from the written
sources.
The most recent research on using advanced digital technologies (like BIM, FEM) in the
heritage preservation focuses on the analyzing the current state of particular structures or the
managing and fixing the data from different sources [1, 3, 4, 5]. An important element of the
protection of cultural heritage related to buildings is the appropriate analysis of their
structures. The reviews of methods applicable to the study of masonry historical structures
have been presented in [6-9]. In general, such structures can be analysed based on limit
analysis, distinct element methods or finite element methods, although it is the latter that is
used most often. The FE method for masonry is based on two main modelling approaches,
namely, Micro-modelling and Macro-modelling [8]. In the first case, the units and mortar are
modelled as continuum elements and unit-mortar interfaces are modelled as discontinuum
elements. In the latter, the masonry is considered a homogenous material with no
distinguishing between units and mortar. Some interesting examples of applications of finite
element methods to analyze historical masonry structures are given, among other, in [7-8, 10].
Recently, the damage model based on plastic degradation, proposed by Lubliner [11], is
increasingly used in modelling historical masonry structures [12-14]. Numerical analysis of
masonry should take into account not only its above-ground parts, i.e. walls, pilars, ceilings or
vaults, but also foundations. Unfortunately, there are few comprehensive studies devoted to
foundations of historical buildings [15, 16]. Most of the papers concern the diagnostics and
maintenance of specific buildings foundations and case studies. Various aspects of the history
of foundation engineering, with particular focus on its development, techniques applied,
materials used and stabilization methods, are described in the latter. Numerical analysis of
stone foundation by the finite element method is given in [17, 18]. In the latter, the damage
model based on plastic degradation was applied.
The aim of this paper is to present how structural analysis might be used to supply the
architectural investigations and give a feedback to the interdisciplinary studies of historic
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monuments. This thesis is to be illustrated on the examples of mendicant churches from the
former state of Teutonic Knights in Prussia.
2

METHODOLOGY

Architectural investigation was carried out with computer support - inventories were
supported by photogrammetry, inventory drawings and reconstruction drawings that had been
processed using AutoCAD programs. Although the historical research includes mostly
traditional method of analyzing the monuments, using the numerical methods allows to verify
particular reconstructions proposed on the basis of architectural research. Such a verification
has not been proposed yet. Therefore, the architectural research will be supplemented in
selected facilities with engineering research. The authors of this paper selected particular
objects, in which state of art allowed to compare the historical, architectural and engineering
research. The archival and library queries were conducted in State Archives in Gdańsk and
Elbląg (Poland) and the Images Archive of Herder Institute in Marburg. In the next step, the
results of historical studies were confronted with the architectural investigations which
methodology is described below. Eventually, the numerical analyzes for subsequent stages of
construction were performed.
Architectural research presented in this paper is based on destructive and non-destructive
examines that have been conducted in situ since 2010. The aim of that research was to
acknowledge the stratigraphy of the historic building. It was completed thanks to
accomplishing five following tasks: 1. Performing architectural and conservation inventory, 2.
Comparing the results of previous research (including historical studies as well as
archaeological surveys); 3. Determining construction systems, masonry analysis, statistical
measurement (about 20 per node) of bricks to distinguish the parts, sampling of bricks,
mortar, 4. Relative dating based on determined construction stages, 5. Absolute dating based
on historical research and other date stamps (mortar studies, dendrochronology).
Described research was possible to conduct because of the state of survived medieval brick
architecture in northern Europe. Most historic objects in this area were partially destroyed
during the Second World War, which caused huge wastes for cultural heritage but also gave
an opportunity to recognize the structure of buildings. In case of the church in Elbląg, almost
whole authentic uncovered brick walls were accessible for the research team. Therefore, it
was possible to establish over 200 nodes and conduct a very precise analysis of its
architectural structure. Those works bring the evidence basis for the further examines – the
structural analysis of the following stages of construction. This will allow verifying the
hypothetical reconstructions proposed on the basis of architectural research. Because such a
study requires comparing the results of architectural investigation and structural analysis for
each stage of construction, they will be described in two following parts, but the relations
between them will be summarized together.
3

RESULTS OF ARCHITECTURAL INVESTIGATION

Dominican church of Our Virgin Lady in Elbląg (Elbing) is the oldest brick building within
the territory of the former state of Teutonic Knights in Prussia. The lower part of the east
choir was elevated after 1246, which was connected to the foundation of the first brickyard at
the southern coast of Baltic Sea that was confirmed in historical written sources [2, 19]. The
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current research, that was conducted in years 2010-2019, allowed to recognize the several
stages of its construction which were unknown before. The stratigraphy of the church is
presented at the Fig 1.

Figure 1: Plan of the church of Our Virgin Lady in Elbląg. The results of architectural research [2]: 1 - 1246-c.
1250, 2 - around 1275, 3 - 1287/1288 - end of the 13th century, 4 - hypothetical, approx. 1300, 5 - 1st quarter of
the 14th century, 6 - 2nd half of the 14th century, 7 - around 1470-1504?, 8 - 2nd half of the 16th century - early
17th century, 9 - 17th - early 18th century, 10 – 1st half of the 19th c., 11 – 2nd half of the 19th c. - 1930, 12 after
1960.

Multiple spatial transformations in the Middle Ages were typical for the mendicant orders’
architecture in large merchant cities like Elbląg, (as well as Gdańsk or Lübeck). The first
choir was enhanced twice ca. 1275 and then, at the end of the 13th century. The archaeological
surveys from 1959 and 2008 [20, 21] gave information about the construction of foundations
of the church and the rests of previous versions of the rebuilt nave. Those results had not been
interpreted however by the excavators because they did not conduct the parallel examines on
architecture. The corpus was erected as a single nave church (around 1300) and extended later
to a symmetrical two-nave hall (around 1320). The central row of circular pillars, that
separated two naves, was situated then on the stone bases, which were later reused in
fundaments of the octagonal pillars. The choir screen and vaults above the naves were
probably set at the same time. Although, during next two centuries, the church was enhanced
several times, the external plan of the building was not transformed. Therefore the analysis of
the eastern wall of the nave is crucial for aknowleding the history of the monument (Fig 2.).
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Figure 2: Inner view of the eastern wall of the church of Our Virgin Lady in Elbląg. The results of architectural
research [2]: 1 - 1246-c. 1250, 2 – wall from c. 1250 repair in the 19 th century, 3 - 1287/1288 - end of the 13th
century, 4 - 1st quarter of the 14th century, 5 - 2nd half of the 14th century, 6 - around 1470-1504?, 7 - 17th - early
18th century, 8 - First half of the 19th century, 9 - second half of the 19th century - 1930, 10 - after 1960.

The low two-nave church from ca. 1320 was rebuilt in the second half of the 14th century
(Fig. 3a). Because of changing architectural trends the friars wanted to erect the nave on the
axis of the east choir. However, such decision caused demolition of the circular pillars and
then replacing them by the octagonal ones. The new construction needed better foundations
than the previous one, therefore the row of octagonal pillars was not situated exactly in the
place of circular pillars but around 1.5 m to the south. As a consequence, the corpus lost its
symmetrical plan. The two naves got then different height and width, though they were
covered by the one roof. Such a construction used to be called a “pseudobasilica” [22].
Described action is proved by the evidence such as the shape of the demolished vaults, which
is situated on the eastern wall, between the current pillar and the chancel arch.
After the Thirteen Years War (1454-1466) the church was enlarged once again. The
southern nave was enhanced to the height of the northern one. At the end of the 15th century
the western and eastern walls got a new gable (partially reconstructed after the Second World
War). The new hybrid crystal-netted vaults were set before 1504. Although those alterations
caused the height of the nave to arise from 14 m to 22 m, Dominicans remained the chancel
arch from the middle of the 13th century which was only around 10 m in high (Fig. 3a).
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a)

b)

c)

d)

e)

Figure 3: Church wall resting on soil foundation from: a) 1504, b) ca. 1680, c) 1827, d-e) after 1880

A decade later, the reformation gained many supporters in Elbląg (as well as in whole
northern Poland) which caused the cancelation of the Dominican monastery. The church was
taken by the protestants, whose aesthetical beliefs focused on the purity of architecture and its
functionalism. Therefore, the new owners had not conducted any important transformations of
the church for the next 150 years. In the 17th century new chancel arch was created through
the demolition of 8 m of the wall above the previous one. The new arcade was topped with an
elliptic arch, typical for the baroque period. The historical sources gave no information why
ecclesial administration decided to rebuild this part of the church, It might have been caused
by the destruction of the spire and the vaults in the east choir in 1680 [23]. However, the
structural reasons of that damage remained unknown (Fig. 3b).
At the beginning of the 19th century Prussian government centralized building
administration in the entire state. As an effect of that reform, the former Dominican church
was controlled by some officials because of visible cracks on the vaults. Similar observations
were made in other former mendicant temples in Eastern and Western Prussia [2]. In 1827 a
system of supporting construction and removal of the gothic roof was designed, but its
realization was delayed and later cancelled [24]. The structural analyses of potential
rebuilding described above allowed to evaluate whether the proposed repairs would have been
needed and reasonable (Fig. 3c).
In the 1880s the ecclesial administration decided at least to strengthen the cracked walls of
the church including baroque chancel arch. In the first step a massif flying buttress across the
chancel arch was built, which supported the central part of the eastern wall. Then the space
above the flying buttress was filled with modern, fabric-made bricks from Kadny (Imperial
brickyard in the neighbourhood of Elbląg) [25]. The last step was creating of a smaller gothicrevival chancel arch, which is preserved to the present day. The partial demolition of the
church during the last war (1945) fortunately did not include the eastern wall except for the
gable (Fig 3d, 3e).
4

NUMERICAL ANALYSIS

The structural analysis of the former Dominican church in Elbląg was prepared for its four
stages. The aim of this investigation is to present how the modern, numerical methods of
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structural analysis might be used in research of historic brick buildings, enlarging the
knowledge on their past.
The FE calculations were carried out for gable wall of a height about 36.80 m and width
21.13 m. The wall thickness was 1.25 m. In the numerical model parts of other
(perpendicular) walls of width 1.2 m were included. Four types of the church wall static
schemes were considered (Fig.3 a-c, e). In all variants both the church masonry walls, stone
foundations and the soil were included in the numerical model. There was a cut made in the
soil for the masonry and stone foundations block. The structure was loaded by inertia and by
self-weight.
The numerical static analysis was performed by means of non-linear explicit procedure and
commercial program [26]. The method is effective for simulation of damage and degradation
of masonry structures. The total number of finite elements of type C3D10M used in the
analysis was equal 492983 (model 1A - Figs. 3e, 5a), 487602 (model 1B – Figs. 3d, 5a),
259731 (model 2 – Figs. 3c, 5b), 447368 (model 3 – Figs. 3b, 5c) and 454278 (model 4 –
Figs. 3a, 4, 5d). The finite element size for the church masonry and stone fundament was 250
mm while for the soil 1000 mm. The damage model based on plastic degradation
implemented in Abaqus software program was used for masonry wall. The following soil
parameters were assumed [26]: density 2000 kg/m3, Young modulus 40 MPa, Poisson’s Ratio
0.2. The stone foundations characteristics were the following: modulus of elasticity 1200
MPa, Poisson’s ratio 0.2, density 2000 kg/m3 (Fig. 5b-d, 6a-c).

Figure 4: FE mesh of church wall resting on soil foundation from for model 4.

Modulus of elasticity for masonry from Middle Ages was 1910 MPa, Poisson’s ratio was
0.166, and masonry density equal 2000 kg/m3. The parameters of reinforced parts of the
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model (1A – Figs. 3e, 6d) were assumed according to the results of research by Kujawa [14],
which was conducted for a similar brick village church situated about 50 km from the
examined temple: modulus of elasticity 7634 MPa Poisson’s ratio 0.209, density 1800 kg/m3.
The damaged model plasticity (CDP) characteristics were: dilation angle 20, eccentricity 0.1,
the ratio of biaxial compressive yield stress to uniaxial compressive yield stress 1.16, the ratio
K of the second stress invariant on the tensile meridian to that on the compressive meridian
for the yield function 0.667, viscosity parameter 10 -6.
The displacements of the wall for all considered models are presented in Figs. 5a-d. The
maximal displacements of the wall were 86 mm (model 4), 64 mm (model 3), 38.5 mm
(model 2) and 31.5 mm (model 1B), 27.8 mm (model 1A).

1
A

1
B

a)

b)

c)

d)

Figure 5: Displacement of church wall for model a) 1A, 1B, b) 2, c) 3, d) 4

The crack propagation for the cases considered is shown in Figs. 6a-d. The main cracks
were located above the door and above and under the window and depended on the weight of
the masonry. For the case with restrained wall (1B) the cracks were clearly smaller than for
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the original masonry (1A). The results for the tension tests are presented as color maps of
equivalent plastic strains in tension (PEEQT). Analysis of material parameters shows that
cracks occur for deformations greater than 10-3 × 10 -3.
The first analysis is prepared for the model of the church from the end of the Middle Ages
(Figs. 3a, 6a). The form of the triumph arch was created at the turn of 13th/14th century and
was not transformed during the following medieval building actions, although the height of
eastern wall arose from 12 up to 38 m. The structural analysis allowed to recognize the
process of damaging the wall through the quadrupled pressure, which was observed in the
following centuries (Fig. 6a).

a)

b)

c)

d)

Figure 6: Eastern wall of the church (a - after 1504, b – ca. 1680, c – 1827, d – ca. 1880) with main cracks
according to FEM solutions expressed by equivalent plastic strains in tension.
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The second analysis allows to examine the transformation of the church after the
collapsing of the spire in 1680 (Figs. 3b, 6b) The falling parts of wooden bell tower destroyed
the roof and vaults above the east choir. Although there is no evidence for a coincidence
between those events and the rebuilding of the chancel arch, the eastern wall was transformed
undoubtedly during that period. Comparing the previous version of the chancel arch with the
new one (baroque), allowed to note two issues. The shape of baroque arch is similar to the
main cracks above the gothic arch. Thus, the rebuilding of the triumph arch seemed to have
been an attempt of its repairing through liquidating the part of the wall directly above the
archade, which had been separated from the structure above. It should be mentioned here, that
at the turn of the 17th/18th century there were no professionals who could interpret the
behaviour of structures like engineers in contemporary meaning of this term. Therefore, the
structural analysis of the historical transformations may give some additional information on
the ability of people back then to react on structural accidents and damages. Descriptions of
such actions are often neglected in historical written sources.
The next issue (Figs. 3c, 6c) lets verify whether the project of removal of the eastern gable
from 1827 was necessary from the engineering point of view, or whether it was rather an
attempt to change the aesthetic value of the church to a more fashionable one. It was
remarkable, that the design of urgent repairs was delayed before the ecclesial authorities
would finance the construction works. The removing of the gable would have solved the
structural problems of the eastern wall but it was also a radical move, changing not only the
shape of the church but also the panorama of the whole city.
The last analysis (Figs. 3e, 6d) illustrates the repair of the chancel arch in the 1880s. As it
may be observed those works solved the structural problems of eastern wall which allowed
the church to survive through the war damages. What is more, the using of more durable
bricks and mortar was as important for strengthening the wall as changing of the shape of the
chancel arch.
5

CONCLUSION

Architectural investigations allow to reconstruct the history of the heritage monument, but
they are almost always conducted separately from the structural analyses. What is more, most
researchers focus on interpreting architects’ decisions through the artistic and ideological
aspects rather than the pragmatic issues. This scientific method may be observed well
particularly in central Europe, where many historical written primary sources were lost. As a
result of that, many objective reasons of building actions from the past were neglected. The
presented example of Dominican church in Elbląg allows comparing the results of its
architectural investigations with the structural analysis of recognized stages of construction.
This research gives an opportunity to expand the evidence base and to seek the answer about,
why some architectural and engineering solutions were ever adopted. It is obvious that such a
research may be conducted only during the traditional architectural examines, because the
representatives of different scientific disciplines give and receive a proper feedback then. This
is also the reason, why structural analysis has not been used as a supporting method to
historical studies on architecture yet.
The authors of this paper expand their research on other monuments (e.g. Franciscan
church in Chełmno, Poland), which were created in a multi-stages process.
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Abstract. The parish church of “Santa Maria” is considered one of the most important
medieval buildings of Arezzo Although the church is attested from 11th century, it is between
the 13th and 14th centuries that reached its current consistency, characterized by the
particular façade with small columns on several levels and an imposing bell tower. Later,
from the 16th to the 18th century, the church underwent profound transformations, that were
almost completely erased by extensive restoration works in the second half of the 19th century.
The architectural survey of the parish church of “Santa Maria” was carried out with a
phase-shift laser scanner and a digital reflex camera (Z+F 5006h). 189 scans were performed
for generating the 3D model of the church: 180 of them with high density and normal quality,
lasting 5-6 minutes; the remaining ones with super high density and high quality, lasting 1314 minutes. Vectorial drawings of plans and sections were then created from the 3D model.
Thanks to laser scanner survay of the chuch, it was possible to highlight the singularity of
the structure of the basilical body and the transept. The tilt of walls and columns, the
variations in the thickness of the walls, the considerable deformations of some arches, the
cracks and textures of the wall facing were thus shown.
The information obtained attested an architectural structure created by complex
construction events that over time have affected this building. The cnstructive singularities
involve the medieval genesis of the building, the transformations during the following
centuries and the following restoration works.
These composite features are specific and common to every ancient building. This peculiar
epistemological condition eschews from simplifications and requires deep and complex
studies closely linked to the problems of conservation of the structures.
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1

INTRODUCTION

On the origin of the “Pieve” a fragmentary documentation is avaiable, such as the date of
the foundation in 1009. Thus the dating of sculptural works in the church takes on particular
relevance. The bas-relief of the Assumption in the central portal of the facade is dated to
1216; a further date 1221 is engraved in the lunette of the right portal. The extremely
significant sculptures which represent the Months in the vault in front of the main entrance
portal are dated to the thirties and forties of the XIIIth century1. It is believed that, except the
bell tower and the presbytery completed around 13302, the construction of the church,
including the entire external facade with the three levels of overlapping loggias, were
completed around 1250.
The medieval structure, built through complex construction phases, is only a part of the
history of the church, which was subsequently subject to further incisive changes. The
structures today constitute a palimpsest very difficult to understand in its own varied
formation.
In this article the understanding problem of the structural peculiarities is faced by
integrating the historical sources with information obtained from laser scanner survey, using
the 3D model to obtain useful plans and sections.
2 CHANGES TO THE BUILDING FROM XVITH CENTURY
From the XVIth century, significant transformations began with the aim of modernising the
church. Among those that have had the greatest impact in the consistency of the structures, we
can mention the opening of new windows and the expansion of others existing at that time.
Furthermore the floor was raised, the crypt destroyed and new vaults were built3. Cristofano
Conti's drawings, executed at the end of the XVIIIth century4, document the naves of the Pieve
covered by barrel vaults.
In the first half of the XVIIth century, a series of expert reports regarding the static
instability of the Pieve began, and some interventions to the structures followed5. The
engineer Francesco Nave in 1649 was first called. He removed the spandrel of the vaults and
recommended the partial demolition of the drum to reduce the load on the arches of the
crossing; he provided the crossing with a new roof and by ties made the structure reinforced.
The work of Nave was not considered satisfactory, so in 1657 an opinion was asked to the
engineer Francesco Valle, who carried out supports for the wall on via della Seteria and
infilled the openings of three shops of the same side6.
In the second half of XIXth century extensive restoration works of the church erased all the
modifications deemed later of the medieval construction. It was a very common restoration
methodologies at the time and persistent even in the following decades. In some cases it
affected entire ancient towns7; in the Pieve extensive reconstruction of both wall facings and
entire walls were involved; the crypt was built with a new design8.
3

THE LASER SCANNER SURVEY OF THE PARISH CHURCH

Current survey methodologies of historical building heritage, exploiting massive geometric
data captured by laser scanning or 3D Imaging techniques, rise many procedural questions
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about the treatment of these data in the various processing stages of the historical architecture
knowledge9.
In recent years, in fact, Geomatics have developed many measuring instruments
characterized by high portability, ease of use, speed and precision in capturing. The outcome
of an acquisition process carried out with these tools is represented by a point cloud, which
provides a digital model of the building. It essentially consists of a dataset of geospatial
coordinates, corresponding to as many points on the building surface, whose number depends
on the acquisition density established in the instrumental setting phase. Then dedicated
management software operate automated registration procedures of the various point clouds.
The reliability of the obtained datasets is very high, in relation to the geometric accuracy
generally required in the subsequent multidisciplinary analyzes to be carried out on the
historic building.
However, the extraction of a "significant" geometry from massive data, useful for
developing knowledge deepening phases, frequently proves to be a complex challenge. The
outcome in uncertain, if not adequately oriented to the purposes10.
In fact the vector mapping procedures require a huge activity of recognition of planes,
surfaces, volumes, primitive or complex geometric shapes on the 3D point cloud; despite the
recent automated procedures development, it is essentially based on manual editing. So the
quality of the 2D/3D implementation depends not only on the appropriate choice of
approximation algorithms, but also and not secondarily on the operator's ability to interpret
the captured data. Every adopted simplification in the digital building implementation
processes leads to a "modeling error"11, which is always greater than the uncertainty owned
by the raw data contained in the point cloud. The control of this deviation must be managed
through a specific planning by preparing appropriate validation procedures of the modeled
data.
This problem assumes considerable importance in the field of Building Information
Modeling (BIM) techniques, because the digital model reliability does not lie exclusively in
the degree of its geometric convergence with the physical artifact. The overall information
content qualifies the "level of development" (LOD) of the BIM model12 and the geometric
accuracy is only one of the many parameters to be considered.
3.1 Data capture: the 3D model of the parish church of "Santa Maria"
The knowledge project of the parish church of "Santa Maria" in Arezzo intended to test a
capture and implementation process of geometric data, divided into different study stages. It
was aimed at interpreting the structural singularities of the basilica body, through the
identification of a management workflow of geospatial datasets collected in geometric and
informative outputs consistent with the research objectives.
In particular the point cloud has generated different exploration possibilities of the digital
model, from which multiple 2D/3D implementations have been derived and focused on
specific aspects of the building geometric configuration.
The use of digital scanning technology for three-dimensional surveying has had a
significant development in the last decade. Taking advantage of the speed of light propagation
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and the reflective capacities of the materials, the laser scanner allows to capture in a very
short time the spatial coordinates of millions of points13.
Although the remote sensing technologies let us accomplish a large amount of
measurements, the selection of points to be detected no longer takes place at the time of
capturing, except the scanning grid; this is set more or less dense to be capable of grasping
evident discontinuities and small deformations. The point cloud creates a sort of intermediate
model between physical reality and graphic representation, in which building is broken down
in spatial coordinates. Just later we can move selecting of the most significant points,
discarding the redundant ones, and then define the 2D/3D geometric digital model. The
undifferentiated set of captured points must undergo a processing procedure before extracting
necessary information for the mathematical model implementation. The recognition of the
primitive forms of the surveyed artifact represents one of the most critical but also interesting
study phases; it is aimed to element classification, structural analysis and evolution in time of
the building. In fact the point cloud conveniently processed makes available a massive data
amount, which is useful to product graphics such as plants and elevations, but above all
sections; these can have an accuracy and reliability much higher than those made through
traditional techniques of survey.
However laser scanner technology has a series of inherent limitations, due to the way the
geospatial point data are captured on the surface of the object. The laser ray must have a
completely free rectilinear trajectory for reaching the point to be measured. Therefore any
obstacle between the point and the laser source generates an information gap equivalent to the
shadow projected by this obstacle on the object, the so called "occlusion space". The same
morphological characteristics of the historic architecture (rich in details and irregular shapes)
make the cited problem particularly complex in the data management phase. The need to carry
out a high number of scans addressed to the same building area, for ensuring complete
coverage, creates likewise a great redundancy of captured geospatial data.
A phase-shift laser scanner and a digital reflex camera were used to accomplish the survey
project of the Parish Church of "Santa Maria", integrating where necessary with direct survey.
The Z + F 5006h (Zoller+Fröhlich) laser scanner has a range of 79 m, a maximum speed of
1.000.000 points per second, a gripping angle of 360° horizontally and 310° vertically. The
scanner is equipped with 5 acquisition presets, which correspond to as many levels of point
cloud density: Preview, Middle, High, SuperHigh, UltraHigh.
One hundred and eighty nine scans were carried out over three days for generating a point
cloud, which consisted of the whole geospatial data of the basilica body and the bell tower.
The scans were recorded using Autodesk ReCap© software for assembling them together; they
were used at least three targets located in the scene to shift and rotate the various point clouds,
one on the other. Once the registration procedure was completed, the result was an only one
point cloud with the complete 3D building model.
The file was saved in .rcp format to be imported for graphics production into the Autodesk
Autocad© software, where it was possible to section the cloud with ideal plans at will and
obtain screenshots. Then after setting the orthogonal UCS on the current section and the plan
view, it was possible to outline the various profiles of interest of the building in wireframe
and draw elevations, plans and sections.
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The referred procedure allowed final drawings to reach the level of accuracy, decided upon
the 1:50 scale at the start of the survey activities. The further detail required for representing
moldings and architectural elements (1:20/10) was achieved by integrating the laser scanner
survey with 3D Imaging techniques (digital photogrammetry and photo-modeling) with high
resolution images from camera.
4 IDENTIFICATION OF DEFORMATIONS AND MODIFICATIONS OF THE
STRUCTURES: AN APPROACH BASED ON THE 3D MODEL
The point cloud of the Pieve provides an almost unlimited possibility of extracting plans
and sections. It is a very versatile tool both for studying structures and to obtain a rapid
acquisition of information. In case of data processing does not require processing in autocad
format, it is sufficient to perform sections by the 3D model.
The studied aspects of the church have concerned:
- the verticality and deformations of the pillars and walls;
- the conformation of the arches of the aisles;
- the configuration of the crossing structures.
4.1 The basilican body. Pillars, arches and walls
The inclination of the construction elements, walls and columns, has been verified by
comparing plans carried out at different levels. The columns flanking the nave show diagonal
displacements towards the outside, that have different magnitude in longitudinal and
transversal directions (Figure 1).
On the side with three columns the inclinations towards the facade vary from 5 to 7 cm;
starting from the facade, the external movement of the first two columns is small, 2/3 cm; it
becomes about 10 in the column next to the cross, where the inclinations towards the outside
have the greatest extent. The section across these columns shows a tilt under the thrust of the
arches of the crossing, where not by chance the pillar is inclined about 6 cm towards them. In
the opposite side of the crossing, the conspicuous wall of the facade, being an effective
buttressing, has maintained the plumb position of the pillar.
It is noted that the greatest deformation have occurred in the two central arches. In the
current construction, the crossing thrusts on a system of diaphragm arches that rests on the
massive facade wall, and such deformation seems little justifiable.
This deformation could not even be attributed to the thrust of the barrel vaults which were
added in the basilican body after the medieval period and then demolished by the restoration
works. It could be hypothesised that the peculiar static conditions occuring in the construction
works phases could have contributed to determine it; in many cases the static condition during
and after the construction works are infact very different.
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Figure 1: Plan of the church; we can see the maximun inclinations of the pillars and walls.
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Figure 2: Longitudinal sections corresponding to the pillars which highlight the deformations of the structure.
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The XIXth century restorations contributed to make the interpretation of the elements under
consideration particularly complex. The barrel vaults of the naves, for example, should have
necessarily left relics of the springer, of which today there is no trace in the facing wall. This
is substantially homogeneous except for small vertical discontinuities.
The third arch (starting from the facade) is equally singular for the offsets on the intrados
(Figure 2). It is unknown if consider them construction phases evidence, or corrections of
curvature of the arches made during the restoration works.
On the opposite side of the nave the arches are three due to the presence of the bell tower;
here the inclination of the columns is few accentuated, except for the one close to the crossing
that has a tilt by about 8 cm on the outside.
The sides of the church have the greatest deformations where the transverse arches are
aligned with the largest pillars of the crossing. Each of the pillars has an inclination of 2°
towards the outside; the corresponding sides of the church have outwards tilts of 1° on via
della Seteria, 1.5° on the opposite side.
However, the wall on via della Seteria has a particularity which needs to be explained. The
part that flanks the aile is inclined, while the remaining stretch that extends to the presbytery
area is perfectly vertical. The part between the out plomb wall to the vertical one takes place
in correspondence of the pilaster aligned with the largest pillars of the crossing.
This peculiar structure makes clear that the vertical wall was definitely rebuilt and this had
to be carried out during the restoration works in the years 1873-187414.
The characteristics of these walls have a further relevant aspect to consider. The entirely
rebuilt wall should be considered homogeneous, while the out plomb one is made up of stone
facing rebuilt in adherence to an original nucleus. In this case, the problem of the
effectiveness of the connection between facing wall and inner core arises. In fact, for the
earthquakes impact, detachment sometimes occurs between reconstructed facing and original
masonry. That is due to the difficulty of creating a strong connection between these two
differents parts.
This happened for example in the basilica of San Francesco in Assisi, where the
earthquake of 1997 caused the collapse of a recontructed portion of masonry in the southern
tympanum of the transept15.
4.2 The crossing
The four pillars of the crossing have a first singular aspect concerning the difference, not
only in features but also on resistant section, between the two adjacent to the naves and the
other towards the apse. These last compared to the first ones have a reduced section by 30%.
Today the pillars support a drum covered by a wooden covering, which might seem an
unfinished work.
Moving on the examination of structural deformations, the pillars of the crossing show an
inclination of 2° to the outside, except for the north-east one inclined by 1°; while they are on
a modest tilt towards the naves.
It should be underlined that between the pillars of the crossing there are also differences in
the structural connections with the sides of the church. The largest ones are connected with a
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diaphragm arch, the smaller ones with two diaphragm arches that diverged into a V starting
from the pillars themselves, thus distributing the thrusts on a wider area of the sides.

Figure 3: Crossing surveys: plan of the pendentives with horizontal level lines, the arch in front of the nave,
cross and diagonal sections.
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The arch of the crossing in front of the nave has a number of unique features (Figure 3). Its
horizontal projection is not as straight as one would expect, but is visibly curved towards the
crossing. In addition, the arch has the intrados with a marked vertical displacement in the
central part; it is a deformation that must be related to the fact that, at the height of the
capitals, the underlying pillars are inclined outside by a total of about 31 cm.
The structural alteration of the pillar-arch system has been confirmed by the stone facing
above the arch. It shows rows with a rotation, towards the center of the arch, which varies
between 7° and 9°; so the maximum vertical displacement of the rows is about 50 cm.
The pendentives of the crossing, analysed with plans at different levels, look similarly
curved. The diagonal sections highlight pendentives with similar and slightly curved profiles.
We have no specific information on the facing wall of the pendetives. However, as far as
visible from their facing, it can be assumed they were made by rows of progressive
overhanging ashlars and they are probably part of a wall extended in depth until reaching the
extrados of the adjacent arches. The pendetives are probably a type of massive masonry block
which extends as far as inserting itself into the haunches of the arches. At the same time, the
pendentives made stiffened the haunches and created a cantilever supporting the drum. In fact,
in the arch in front of the nave, the center is the most subjected part to deformation over the
level of the haunches.
The construction context of the crossing has a larger transversal vulnerability, resulting by
displacements. Longitudinally, diaphragm arches stand on the massive walls of the facade and
of the apse, which act as buttressing. The diaphragm arches, transversely, rest on the sides of
the aisles, built up of rather thin walls.
However, it is questionable whether the displacements were produced by loads due to both
the current modest drum and the wooden roof of the crossing; otherwise it should be assumed
at least the beginning of the construction of a dome, which collapsed following the
displacement of the underlying structures.
The investigations on the crossing and the data obtained pose therefore new questions
concerning the construction phases and the interpretation of the structures. In this regard, the
structural modeling of the church could be useful, to deepen the relationship between
displacements and loads, such as an in-depth study of the blind loggia placed on the inner side
of the drum.
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5

CONCLUSIONS

The analysis of the structures of the “Pieve” highlighted the importance of understanding
the history of the constructions varied over time, by relating different fields of studies,
archival documents, architectural diagnostics and structural modeling.
In the current situation the building shows architectural features and types of structural
alterations that reflect conditions changed over time. The time dating back to the organization
of the medieval construction sites, the time of subsequent modifications, the time of the
restoration works that deeply contributed to built the architecture and consequently the
structure of the “Pieve di Santa Maria”.
Starting from the outcomes illustrated in this work, a new research line based on Scan-toBIM processes, was also identified for the implementation of parametric models aimed at the
information management of the historical building heritage (H-BIM). Some investigation
developments are already underway regarding the following areas of study: 4D modeling of
the evolution phases of the monument; structural analysis and simulations; integration of
heterogeneous datasets (archive data, photographs, drawings and geospatial datasets);
integration of intangible information (cultural meanings and values) associated with specific
components or spaces; interoperability for data sharing and their reuse by the property
manager; testing of interfaces with different information management systems, such as GIS,
CAFM and other databases.
Acknowledgements.We wish to thank Don Alvaro Baldelli, priest of the “Pieve di Santa
Maria”, for allowing us access to the church to carry out the laser scanner survey.
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Abstract. The purpose of this paper, which is part of a multi-disciplinary research project
started in 2018 [1], is to investigate both the geometry and stability of the dome of the temple
of Diana, which partially survived for many centuries. Important observations made by De
Angelis d’Ossat [2] and results of the architectonic survey performed by Rakob [3] will be
presented and discussed; they introduce the delicate issue concerning the identification of the
geometric profile of the dome, on which its structural stability depends. It is the Authors’
opinion that ascertaining the geometric profile of a dome is not only a matter of measuring, but
also of historical context, geometric knowledge and traditions in construction. Thus, by taking
all the above issues into account and making use of data from a recent architectonic survey
[1], this paper searches for possible connections with consolidated traditions of the Sassanid
architecture imported by the Emperor Alexander Severus, verifies the geometric knowledge
presumed to have been acquired by the time of the dome’s construction and identifies the most
probable theoretical design: the dome’s meridian profile is a unique curve – to be precise, a
parabola, the best approximation of a catenary. Thus, once the profile of the dome has been
identified, structural analysis confirms not only the stability of the dome, but also that the
Romans were aware of the dome’s behaviour in relation to the construction solutions adopted.
1

INTRODUCTION

Roman mortar, a refinement of the most ancient building systems, common throughout the
Mediterranean basin since at least the 5th century BC, was introduced into Roman building
methods from at least the 3rd century BC. It consisted of slaked lime and fillers such as
“pozzolana” sand, gravel, and “cocciopesto” (crushed earthenware, tiles, and/or bricks).
It was only in the 1st century AD that opus caementicium began to be used on a massive
scale; at first, only for the interior design of buildings and then, in the 2nd and 3rd centuries AD,
for various types of public buildings and territorial urbanization. Certainly, the switch from a
radial arrangement of the elements used in the construction of arches and vaults to the horizontal
layout typical of the caementa in opus caementicium is in line with the principle of economy
and industrialization of the construction process, which determined the building technique
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typical of Roman architecture. The Romans extended experimentation with opus caementicium
from the 1st century AD by using it also to build domes.
In this paper the dome of the temple of Diana will be investigated with a double purpose: to
ascertain the dome profile adopted by the Romans, and to verify the consequence on the dome’s
structural stability. In Section 2 geometrical and architectonic features of the dome will be
presented. Section 3 is focused on the historical reconstruction of the events that probably
induced the Roman emperor Severus to build this temple in Baiae. Section 4 analyses the
debated question of the dome profile, by discussing the results of the surveys performed up to
now. Section 5 tackles the problem of searching for a possible geometric profile, both
theoretical and experimental, by identifying the distributions of deviations of the theoretically
presumed profiles of the meridians from the corresponding experimental data.
By assuming that the most probable intrados profile of the dome meridians corresponds to
an upper parabola and a lower circle arc, the Authors demonstrate in Section 6 that the
geometrical knowledge to design and build the dome was adequate and well known at the time
the dome was built. Finally, in Section 7, a preliminary structural analysis of the dome will be
performed by means of the membrane theory.
2 THE PRIMACY OF THE DOME OF DIANA
The architectural choice of covering a spacious circular hall with a monumental dome in
opus caementicium was first made in Baiae – the pusilla Roma – for the construction of the
temple of Mercury [3]. The domed circular halls of Baiae date from the late Republican to the
late Severian period; there is no reason to presume that they derive from pre-existing models of
the capital. On the contrary, it can be assumed that the new construction technique found its
first practical and architectural application at the Campi Flegrei. Our analysis follows on from
previous investigations, such as those proposed by Maiuri [4], De Angelis D’Ossat [2] and
Rakob [3]. The temple of Diana (3rd century AD) is the largest in Baiae and its dome, for the
most part still extant, is the largest in antiquity after the Pantheon; the diameter of the dome is
in fact about 29.80 metres (Fig. 1). Its construction represents the biggest challenge in building
a dome in opus caementicium in Baiae: the largest rise, largest span, largest windows, and
thinnest thickness of the dome. Small openings are interposed between the large, high span
windows, which are surmounted by double ring splayed arches (Fig. 1).

(a)

(b)

Figure 1: The temple of Diana. The remaining part (a); Rakob’s vertical section (b) [3].
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The plan of the internal hall is circular, whereas externally it is octagonal. The tambour
surrounding the dome springing is very thick, as it is the only external strengthening device in
the lower part of the dome. Half of the structure has collapsed; although the causes are not
completely understood, this may be due to a combination of local bradyseism and earthquakes.
3. THE RELATIONSHIP BETWEEN OCCIDENT AND ORIENT
Because of the special techniques used in building it, the temple of Diana has been attributed
to the Emperor Severus Alexander (222-235) by De Angelis d’Ossat [2], who quotes from the
detailed work Vita Severi Alexandri by Aelius Lampridius: “Et in Baiano palatium cum stagno
fecit, quod Mammeae nomine hodieque censetur. Fecit et alia in Baiano opera magnifica in
honorem adfinium suorum et stagna stupenda admisso mari”, (24, 9-10). (“And in the Baiae
district he created a palace with a lake, which, named after Mamaea [his mother] is still in the
records today. He also did magnificent works in Baiae, in honour of his family, and formed
amazing artificial lagoons by allowing water to flow in from the sea” [translation by the
Authors].
Severus Alexander (208-235 AD) was only 13 years old when he ascended to the throne: he
died after about 13 years as Emperor. The leadership then passed to the women of his family,
who were of Syrian origin: his grandmother Iulia Maesa and his mother Iulia Avita Mamaea.
Severus was remembered as a good and gentle emperor, but he was probably not capable of
dealing with the military problems that faced him. The most important event in his life was the
military campaign against Ardashir – the founder of the Sassanid dynasty – who started an
offensive to win the Syrian lands from the Romans. The sequence of events forced Severus
Alexander to leave Rome in 231 and to spend a long time – at least until 233 – in the Orient,
where his mother Iulia Mamaea had joined him.
Based on the observations made by De Angelis d’Ossat [2] and the events characterising
Severus Alexander’s life, the Authors will try to demonstrate that the dome of Diana could be
the opus magnificum, the Severi family’s Heroon in Baiae, in the form of an Îwân.
3.1 Sassanid architecture: the Palace of Ardashir and the Temple of Diana
During the Sassanid Empire, the most essential innovation in architecture occurred with the
construction of domes, which were often erected over palace reception halls (Îwân), such as the
domes over the palace of Sarvestan and Ardashir (Fig. 2) in Firuzabad. These domes provide
the first known examples of the use of squinches, a technique that had an enduring effect on the
development of the dome in Islamic architecture [5, 6]. The palace of Ardashir (3rd century AD)
is the most famous and imposing domical monument of the Sassanid era, which extended from
224 to 651. The building consists of three oval domes, with a span of 13.30 m., resting on
squinches that are used as transition parts between the horizontal polygonal section and the
upper circular calotte. By analysing the organization of the various architectonic elements in
the palace of Ardashir, some similarities with the organisation of space in the temple of Diana
can be ascertained (see Fig. 1). Bearing in mind that the lower part of the temple of Diana
collapsed due to bradyseism, it is possible to observe in both structures that small recesses
intersperse the high, large span windows, which are surmounted by splayed arches. The domes
of both structures seem to spring just above the arches, resting on squinches located in between
two adjacent arches; the domes are immersed in the tambour (see Fig. 1, a), whereas only the
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upper cap (characterised by a small oculus in the case of the domes on the palace of Ardashir),
is self-supporting with constant thickness.

Figure 2: The palace of Sarvestan and Ardashir. Sassanid period. Firuzabad [5].

The dome’s profile in both structures can be defined as gibbous. Balneum Gimburusu is in
fact the term used by Pietro da Eboli (Fig. 3, left) as nickname for the temple of Diana [7].
Moreover, the oriental inspiration of the profile of the dome of Diana is proved by the Ctesiphon
vault (Fig. 3, right), built in the palace of the Persian King Kosrow (591-628). The entrance hall
to the palace – an Îwân with a span of 26 metres and a rise of 31 metres – is one of the most
emblematic examples of parabolic barrel vaults, a sign of the faraway beginnings of vaulted
roofs in the Sassanid era, built according to the ancient Mesopotamian technique using bricks
without centring.

Figure 3: Balneum Gimburusu, Biblioteca Angelica, Roma, ms. 1474, end of 13th century, fol. 18 (left), (from
Sinopoli et al. 2018); Îwân in Tâq-Kisrâ in Ctesiphon, Iraq: the vault of the Kosrow palace (right).

4.

THE DEBATED QUESTION OF THE DOME PROFILE

With reference to the dome of Diana in Baiae, De Angelis d’Ossat affirms: “We do not know
if the dome’s profile – which has never been surveyed – corresponds to either one or more
curves (catenary, parabola, circle’s arcs). Nevertheless, the typical curve trend we have defined
as ovoid, can usually be observed in the vaults of all the ancient Orient, starting with the rare
significant Egyptian examples of barrel vaults” [2].
4.1 Rakob’s photogrammetric survey
More recently, Rakob [3] tried to solve the question of the profile of the dome of Diana
through a photogrammetric analysis. He thus proposed a polycentric profile composed of four
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circle arcs, characterized by two different radii and aligned centres, in order to guarantee
tangency continuity along the meridians at the parallel connection. Rakob stated that the dome
is characterized by span and rise equal to 100 and 50 Roman feet, respectively.
It is the Authors’ opinion that, by proposing the polycentric profile, Rakob followed the
analyses performed by Choisy [8], who, observing the form of many Egyptian barrel vaults,
proposed an oval form composed of circular arcs with aligned centres. As a matter of fact, the
oval form appeared in Europe in Roman times for the design of amphitheatres, whereas it seems
that the Romans did not build oval domes characterised by a polycentric design. Moreover, it
is the Authors’ opinion that ascertaining the geometric profile of a dome is not only a matter of
measuring, but also of historical geometric knowledge, construction tradition and problems
posed in practical building by the use of a given profile [9, 10]. These are the reasons that
motivated the start of a research project in 2017, aimed at solving the controversial question of
the dome profile [1].
4.2 Recent survey of the dome of Diana and preliminary interpretations
In accordance with the research project, the architectonic survey of the intrados of the dome
of Diana was performed by Valenti and Romor [1] using two instrumental technologies: 3-D
laser scanning and digital photogrammetry. The detailed analysis of the critical approach
pursued during the measuring process, together with the preliminary interpretations of the
results obtained, have been reported in [1].
In synthesis, the central symmetry of the dome with the corresponding symmetry axis was
tested through the identification of nine horizontal sections, defining circle arcs as
approximation for the parallels. The identification of the vertical symmetry axis also allowed
the dome meridians to be drawn as well, by sectioning the experimentally obtained cloud of
points through 16 vertical planes crossing the symmetry axis and spaced out from each other
by 10 degrees. The preliminary interpretations of the experimental data do not seem to be either
conclusive or definitive, although the polycentric profile proposed by Rakob in [3] has been
considered as plausible with the results obtained.
It has indeed been assumed (presuming that Rakob made the same assumption) that the
springing of the dome is located just over the extrados key of the double splayed arches (see
Fig. 1, b), where a horizontal string of large bricks seems to outline the plane height reached.
Consequently, the rise of the dome thus identified by Valenti and Romor was found to be only
47.70 Roman feet rather than 50. Neither they nor Rakob took the experimental data of the
meridian points located under the assumed springing into consideration.
Moreover, the radii of the circle arcs of the polycentric profile turned out on the whole to be
significantly lower than those proposed by Rakob.
5 SEARCHING FOR THE DOME PROFILE
To begin their investigation the Authors made use of the numerical file kindly provided by
Valenti and Romor [1], which includes all the geometrical data of the 16 meridians surveyed.
By performing analytical elaborations based on these data, the Authors have tried to solve the
question of the meridians’ profile. On her first on-site inspection in Baiae in 2016, the first
Author certainly had the impression that the extrados profile of the dome of Diana over the
tambour was parabolic; this impression needed to be analysed.
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5.1 Theoretical investigation into possible profiles
Before analysing the experimental numerical data, it was necessary to investigate if,
assuming Rakob’s theoretical features of the dome design – namely, the dome’s span and rise
corresponding to 100 and 50 R.ft., respectively –, it was possible to identify a polycentric profile
made up of a lower circle arc, with its centre at the same height as the dome springing, and an
upper curve – either a circle or a parabolic arc – matched in tangency continuity conditions.
For the profile composed of a lower circle arc and an upper parabola, the tangency continuity
requirement for the connecting point identified infinite solutions depending only on the lower
circle arc radius. By considering a radius equal to 37 Roman feet for the lower circle arc, as
proposed by Rakob, both the parabola curvature and the matching point C have been identified;
the curvature is equal to –0.0153, while the connection occurs for xC = 42.2885 Roman feet and
yC = 22.6093 R.ft., respectively, as shown in Fig. 4a.

Figure 4: Theoretical dome profiles, composed of a lower circle arc, with radius rl=37 Roman feet: theoretical
upper parabolic arc (a); upper Rakob’s circle arc with radius ru=80 Roman feet (b).

The search for Rakob’s theoretical polycentric curve has been simpler. If the radii of the two
circle arcs are assumed equal to rl =37 and ru =80 Roman feet, respectively, as Rakob proposed,
in this case (Fig. 4, b), the coordinates of the upper circle centre are xA = –20.1150 R.ft. and yA
= –27.4299 R.ft., while the matching point lies at the height of yC = 23.6024 R.ft.. Obviously, a
slight modification of the value of either radius is sufficient to obtain different values for both
the centre coordinates of the other circle and the height of the connecting point. In conclusion,
if the radii of the two circle arcs are unknown and the dome span and rise are given, ¥2 solutions
corresponding to Rakob’s polycentric profile exist; moreover, if the dome rise is changed a
further indeterminacy is added to the problem.
5.2 Comparison between theoretical and experimental data
Identification of the value of the lower arc radius – which better approximates the
experimental data distribution – has been obtained from the comparison between the
experimental data with the results of the theoretical analysis of a profile made of a lower circle
and an upper parabola. Moreover, it has been possible to demonstrate that the dome’s springing
is at the zero value of the y coordinate, where the tangent’s slope to the profile is 90°.
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The dome starts with eight squinches located in between two adjacent arches; the squinches
end just above the extrados of the double splayed arches, where the intrados parallel of the
dome finally becomes a whole circle. This relevant result confirms the oriental inspiration of
the temple of Diana in the use of squinches to connect the springing to the circular contour of
the upper calotte.
The procedure adopted to compare theoretical results and surveyed data – a reliable
approximation of the standard statistical regression – considered the analytical expression of
the assumed profile and the known experimental coordinates; both y coordinates corresponding
to the same experimental x coordinate were then evaluated, in order to compare theoretical and
experimental y and minimise the mean absolute deviation of the corresponding distributions.
Fig. 5a shows the distribution of the points encompassing the sixteen theoretical meridian
profiles corresponding to the upper parabola and lower circle arc, in comparison with the
experimental data; the value of the lower circle radius is equal to 37 Roman feet, as already
found by Rakob.

Figure 5: Theoretical parabolic-circle arc profile and experimental data (a); best-fit parabolic-circle arc
profile and experimental data (b).

Figure 5a suggests that the theoretical parabola approximates the experimental data;
however, it shows a mean deviation of the lower circle arc, as if the built dome was
characterized by a span larger than 100 Roman feet. By slightly modifying the centre coordinate
x of the lower circle, it has been possible to obtain the best-fit dome profile shown in Fig. 5b;
the centre coordinate x of the lower arc is x=13.41 (rather than 13), corresponding to a dome
span of 100.82 R.ft.. Obviously, the best-fit matching point coordinates are changed: they
become x=42.3354 and y=23.0058, respectively.
An investigation similar to that discussed so far was also performed for Rakob’s polycentric
curve, made of two circle arcs of radii equal to 37 and 80 Roman feet, respectively. The
comparison with the experimental data is shown in Fig. 6a; the assumed rise and span of the
dome are still 50 and 100 Roman feet. As can be observed, in addition to the deviation of the
lower circle arc, probably due to an actual span larger than 100 Roman feet, as in Fig. 5a,
agreement between the upper circle arc and experimental data is lacking.
When looking for a best-fit polycentric profile the parameters on which the problem depends
must be modified. For the lower circle arc, it is sufficient to increase the x coordinate of its
centre; for the upper circle arc, on the contrary, the indeterminacy is doubled, since its profile
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depends on both the dome rise and the upper circle radius. Assuming the experimental dome
rise to be correct, it is clear that the possible polycentric profile admits infinite solutions,
depending on the radius and the corresponding centre of the upper circle. Moreover, by varying
both the rise and the radius among infinite possibilities, a very good approximation can be
obtained; the comparison between experimental data and best-fit polycentric profile obtained
is shown in Fig. 6b. The theoretical rise of the dome is, however, equal to 51.41, whereas the
upper radius corresponds to 79.70 feet and the connection point is at a height of about 22 feet.

Figure 6: Theoretical Rakob’s circle arcs and experimental data (a); best-fit polycentric circle arcs and
experimental data (b).

In spite of the apparently good result shown in Fig. 6b, the Authors believe that, in
investigating the profile of a dome, the most important comparison is between the built profile
– inevitably badly affected by construction irregularities, tested by the experimental data – and
the presumed theoretical design. In this respect, Rakob affirms that the dome rise is equal to 50
Roman feet, in agreement with a consistent theoretical design, by obtaining a fake agreement
between experimental data and theoretical design, unless the dome’s springing is moved from
y=0 R.ft. to y=1.5 R.ft.. To confirm this, the absolute Dy deviations distributions of the two
theoretical upper profiles (circular and parabolic, respectively), corresponding to a dome rise
equal to 50 Roman feet, and evaluated with respect to the experimental data, are shown in Fig.
7; Rakob’s deviations distribution is double that of the parabolic profile.

Figure 7. Absolute Dy deviations distributions between theoretical upper profiles and experimental data. Both
distributions correspond to a dome rise and span equal to 50 and 100 Roman feet, respectively.
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6. FROM THEORY TO PRACTICE

To support the Authors’ opinion that the theoretical profile of the dome of Diana is composed
of a lower circle arc and an upper parabola matched at the height of about 23 Roman feet, let
us analyse the geometric knowledge assumed to have been acquired by the time of the dome’s
construction. The period in which the body of Greek geometric rules was formed extends from
the third century BC to 550 AD, that is, from the Hellenistic civilization of the Mediterranean
basin and throughout the Roman dominion, until the time of the Byzantine hegemony. Euclid
(about 300 BC), Archimedes (287-212 BC) and Apollonius (262-190 BC) form the triad of the
greatest Greek geometers.
6.1 Apollonius of Perga and the Conics
Apollonius’s fame is due to his Conics, a fundamental work that is partly a collection of
instruments deduced from preceding scientists (including Euclid), and partly an original treatise
containing very profound results. Apollonius uses as reference the stereometric origin of conics
only to obtain the fundamental properties of each one – these are plane properties constituting
the basis for further theoretical developments. The most important of Apollonius’s theorems
concerning the properties of the parabola, useful for the purposes of this paper are contained in
book I of his Conics [11].
His Proposition I.11 can be detailed as follows: Let QV be any ordinate relative to the
symmetry axis PM (Fig. 8). If a line is drawn, crossing P and perpendicular to PM, then: QV2
=PL×PV, where PL is a defined constant segment named as “right side” of the parabola. This
proposition and the segment PL are precisely the parabola “symptom” and the “right side”,
respectively, which allow the construction of a parabola starting from a circle, the diameter of
which represents the “right side”.
In Propositions I.33-I.35 Apollonius introduces two theorems concerning the tangent to a
parabola, in this way: consider a point T (Fig. 9), along the symmetry axis of a parabola and
outside the curve, so that: TP = PV, where V is the foot of the ordinate corresponding to a
generic point Q; thus, the line TQ is tangent to the parabola at point Q (Proposition I.33).
Conversely, if the line TQ is tangent to the parabola, thus: TP=PV (Proposition I.35).

Figure 8: The parabola “symptom”.

Figure 9: Drawing the tangent to a parabola.

These theorems are fundamental for defining the features of a dome design, the profile of
which corresponds to an upper parabola and a lower circle arc, once the dome span and rise
have been defined. In fact, having fixed only the height SV of the connection between lower
circle arc and upper parabola, it is possible to identify the unique right-angled triangle TQC,
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with its right-angle at point Q (Fig. 9), which intercepts the lower circle centre C at the springing
height, guaranteeing the tangency continuity condition of the two curves at point Q.
7.

STRUCTURAL ANALYSIS OF THE DOME OF DIANA

The static regime of an axio-symmetrical dome subject to its own weight depends on the
profile of the meridians. The search for its best shape is, in fact, the extension in 3-D of that
funicular principle, according to which the funicular curve of a load distribution is the best
shape for plane arches and ropes of negligible thickness, by guaranteeing equilibrium in terms
of pure compressive/tensile stresses.
In fact, the spatial organization of an axio-symmetrical dome is always able to resolve its
static functions in terms of compressive and tensile stresses, since the hoop forces provide the
missing action deriving from the deviation of the meridian profile from the funicular curve.
This peculiarity allows a thin dome, built with material resistant to both tension and
compression, to be characterized by membrane behaviour and configures it as a thin form
resistant structure. For a hemispherical dome, compression is guaranteed along the meridians:
it grows from the crown to the springing. Along the parallels, on the other hand, the stress state
is characterized by a reversal of the sign at a colatitude of 51.82°: compressive stresses decrease
from the crown to the critical parallel, while a state of increasing tensile stresses manifests itself
as far as the springing.
Depending on the shape of the dome profile, however, the colatitude of the critical parallel
could tend to approach the springing: a cap-like regime – characterized by compression along
both meridians and parallels – could therefore act on most of the dome. Is this the reason why
the dome of Diana is characterized by a parabolic upper profile (Fig. 1)? In the next Section
some preliminary results obtained using membrane theory are presented.
7.1 Membrane theory of shells for identifying the theoretical stress state
The thickness of the dome of Diana – from the key to the maximum height of the drum – is
almost constant and is roughly equal to 5 Roman feet; membrane theory can therefore be used
to perform its structural analysis. The dome under examination is subjected to axial symmetrical
loading, represented by its self-weight; it is characterised by intrados height and span equal to
50 and 100 feet, respectively, while the intrados profile corresponds to the theoretical upper
parabolic and lower circular curves identified in Section 5 (Fig. 5a).
By adopting the same notation proposed in [12], Figure 10 shows dimensionless meridian
and hoop forces 𝑠𝑠! (𝑥𝑥) and 𝑠𝑠" (𝑥𝑥), obtained by dividing the forces S1 and S2 by span, thickness
and specific weight. It can be seen that meridian forces are compressive along the whole dome
(Fig. 10b), whereas hoop forces are compressive only in the upper parabolic segment (Fig. 10c);
tensile hoop forces, in fact, arise below the connection joint (Fig. 10a).
This relevant result can thus justify why the height of the drum is roughly equal to that of
the connection point between lower circle and upper parabola: thus the self-supporting portion
of the dome is the only part that corresponds to the upper parabolic segment, while the lower
part is completely immersed in the drum, which acts as an extended buttress. In this case, the
lower arc-shaped intrados profile simply has a merely aesthetic role, being only a geometric
connection in tangency continuity conditions rising with the parabola and descending with the
vertical drum.
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A further controversial question tackled by the Authors concerns the possibility of building
the dome of Diana in opus caementicium without the need of global supporting centring.
Therefore dome-building processes, and in particular domes corresponding to different steps of
construction, have been considered. These domes (Fig. 11) are characterised by an increasing
rise, so that the diameter of the oculus – measured at the intrados – varies with the dome height
from 100 R.ft. (first construction stage) to zero (last construction stage) in correspondence to
the achieved rise of 50 Roman feet.

Figure 10: Profile made of an upper parabola and lower circle arc. 𝑠𝑠! (𝑥𝑥) and 𝑠𝑠" (𝑥𝑥), as function of abscissa x.

Making use of membrane theory, it was demonstrated that, whereas meridian forces are
always compressive irrespective of the dome rise achieved, hoop forces are always
characterised by a change of sign. The height yz at which such a change of sign occurs is always
lower than the rise reached yw (Fig. 11); during the simulated construction process, therefore,
hoop forces are compressive in the upper part of the dome and tensile in the lower part.
The position of the change of sign varies as long as the building process in elevation, until
it asymptotically converges to a stable value. It is worthwhile to observe that the height of the
rise over which hoop forces are always compressive corresponds exactly to the connection
between the upper parabolic and lower circle-arc intrados profile. In this case, the asymptotic
height corresponding to the change of sign is identified by the value yz = 24.4 Roman feet at
the axis line; the corresponding oculus height yw is greater than 40.8 R.ft.
Thus, De Angelis d’Ossat’s opinion [2] that the dome was built from the intrados side
without global centring, as a standard masonry wall, is now decisively confirmed by the above.

Figure 11: Varying height yz at which hoop forces change sign (continuous line) and asymptotic
behaviour (dotted line), as function of the oculus height yw reached.
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8

CONCLUSIONS

The temple of Diana (3rd century AD) is the largest in Baiae and its dome, for the most part
still extant, is the largest in antiquity after the Pantheon; the diameter of the dome is in fact
about 29.80 metres. Its construction represents the biggest challenge in building a dome in opus
caementicium: the largest rise, largest span, largest windows, and thinnest thickness.
De Angelis d’Ossat first recognized in the dome’s profile an ovoid shape by him ascribed to
an oriental tradition, that the Authors recognised as belonging to the Sassanid architecture.
Moreover, since ascertaining the geometric profile of a dome is not only a matter of measuring,
but also of historical context, geometric knowledge and traditions in construction, the Authors
first performed a theoretical investigation on possible geometric profiles, having assumed the
fundamental features of the dome’s span and rise [3]. Then, the most probable dome’s design
has been identified by comparison with the experimental data of a recent architectonic survey
[1]: the upper dome’s meridian profile is a unique curve – to be precise, a parabola, the best
approximation of a catenary –, which immerses itself in the tambour. Finally, the geometric
knowledge presumed to be known at the time of dome’s construction has been verified, and a
preliminary structural analysis of a dome has been performed by using membrane theory.
It is worthwhile to outline that the Romans’ primacy in dome construction was the result of
their awareness (based on intuitive and experimentally verified knowledge) of the static flow
generated in a dome depending on its geometric profile. In any case, the building techniques
adopted were based not only on empiricism, but also on theoretical knowledge of a substantially
geometric nature. In fact, from an early start in Greek cultural history, up to the 17th century,
Mechanics was to develop as a Science of Weights governed by Geometry.
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Abstract. This contribution is part of a larger study on the island of Nisida (Naples) and its
architectures, that has been conducted by the authors for several years now in collaboration
with a research group at the Department of Architecture of University of Campania "Luigi
Vanvitelli". The work previously proposed constitutes a state of progress of the current
knowledge on the architectures present on the island, in particular on the cylindrical tower
(with the original paths to access it) and on the buildings of the Institute for Juvenile Justice
(IPM). By comparing the data taken from the historical iconographic sources with those
derived from the architectural and structural surveys, it has been possible to advance a number
of hypotheses on the modifications of the cylindrical tower (placed on the highest part of the
island) and of the buildings that belong to IPM. The small spiral staircase found in the inner
back side of the circular tower is part of this study. This spiral staircase can be seen as an
unrolled ribbon of extreme proportionality and architectural accuracy despite its small size,
and its helical movement shows the ability reached by masters of stonemasonry in the
realization of one of the main elements in the building composition of space. The research
focuses on studying the structural behavior of the spiral-shaped masonry stair of the Tower of
Nisida, with a circular plan and a central circle, in the framework of Limit Analysis. García
Ares (2007) demonstrates for the first time the static equilibrium of this type of constructions
(helical-shaped stairs) from the point of view of Limit Analysis and, some years later, Block
(2009) analyses them by using the Thrust Network Analysis. Through the equilibrium approach,
which can be considered the more suitable for the study of masonry structures, one of the
equilibrium solutions of this construction has been found analytically. The analysis also
demonstrated that the geometry and proportion of the spiral stairs play a fundamental role in
their structural behavior by deepening the conceiving process that allowed to the construction
of such splendid artefacts.
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1

INTRODUCTION

Spiral staircases with a central oculus are a very widespread typology found in several
buildings of the architectural heritage. It is a constructive system that has been used since
ancient times adopting different materials in relation to the geographical position and time of
construction.
In his treatise I Quattro Libri dell'Architettura (1570) Palladio introduces the theme of the
spiral staircase, whom he named "a lumaca" (snail). In particular, in chapter XXVIII he makes
a classification (figure 1a) and in chapter XVIII he highlights the constructive qualities of one
of them, the helical staircases without central support, as they allow the passage of light and
enhance the visual permeability between the different levels [1]. This description, as well as the
stair built by Palladio in the Convento della Carità in Venice (figure 1b), can be considered as
the constructive antecedent for the spiral staircases with central eye realized in England and
Spain.

a
b
Figure 1: a) Palladio, I Quattro Libri dell’Architettura, Book I - Chap. XXVIII - Delle Scale e varie
maniere di quelle, e del numero e grandezza de’ Gradi. Classification of spiral staircases; type C is the spiral
staircase with central opening. b) Venice, Convento della Carità, spiral staircase.

In England this type of staircase is known as cantilevered stairs or geometrical stairs. It was
the English architect Inigo Jones (1573-1652) who was the first to build such a spiral staircase
in England (the Tulip Staircase in the Queen's House in Greenwich) and, after him, Robert
Hooke and Christopher Wren (the spiral staircase inside the Monument London).
Instead in Spain, this type of staircase is known as caracol de Mallorca taking its name,
probably, from the spiral staircase located in the Lonja of Palma de Mallorca. This model is
collected in all the main texts dedicated to stereotomy in Spain in the sixteenth century (Rodrigo
Gil de Hontañón, Vandelvira, Martínez, Gelabert) which contain drawings and rules for the
realization of the cuts of the stones.
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1.1 Objectives and motivations
For further information on the treatises on spiral staircases, you may refer to the extensive
bibliography on the subject. This article is mainly concerned with the issue of the stability and
mechanical behavior of this type of masonry staircase through a critical retrospective of the
several structural analysis models adopted up to now.
Secondly, the work is completed with the analysis of the spiral staircase of the Tower of
Nisida. This typological solution with an open eye or central oculus, despite being a protagonist
among the different varieties present in the towers, bell towers and buildings dating back to
before the eighteenth century, and, despite not appearing innovative or sensational with
reference to the historical period of the case study, is part of a scenario whose study can be
configured as "the missing piece" in an ongoing investigation on the fortified structures of the
Neapolitan island. A project that the authors have been conducting for several years in
collaboration with a research group at the Department of Architecture of the University of
Campania "Luigi Vanvitelli".
2 LITERATURE REVIEW
The structural analysis of spiral staircases was a challenge for architects and engineers
primarily because of the complexity of their geometry. Hence, several computational codes
based on the finite element method (FEM) have been introduced in recent years. Anyway, the
application of known solutions based on the elastic analysis of helical beams [2] or shells [3] is
not easily applicable to the study of helical staircases in masonry, due to the significant
relationship between the parameters of the material and the boundary conditions [4].
Consequently, it is more appropriate to work in the theoretical framework of limit analysis,
whose principles were formulated by Heyman and applied to masonry [5].
In this section, a brief critical retrospective of approaches for the modelling of these kind of
historic staircases is illustrated within Heyman’s frame, namely considering that masonry
structures are modeled as composed of rigid-unilateral material, that can resist compressive
loads but not tensile loads. Many works in the literature have focused on this theoretical
assumption, applying it to different types of historical vaulted constructions, from the simplest
case of the arch (see [6,7]) to vaults and domes [8-10]. More recently, a work by some the
authors on the topic of the open roman staircases in the Neapolitan area [11].
2.1 Solutions that involve torsional actions
Heyman’s solution.
The first approach to the study of the mechanical behavior of spiral staircases in masonry,
was the one provided by Heyman and it is based on the equilibrium of a series of rigid
interlocking blocks. As Heyman remarked [12], the basic structural action for a small
cantilevered staircase (quarter or half landing) is the twist of the individual steps. This action
generates shear stresses in the masonry, which are low for short staircases but becoming
increasingly dangerous for long flights. This solution can be defined as the superimposition of
two balanced distributions of vertical forces consisting of the own weight of the single block,
or of the applied load P, and of the contact force transmitted by the previous one. By combining
these two equilibrium conditions, the whole stair can be studied by analyzing in sequence all
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the steps from the top down. A particular feature of this solution is that a torque is produced
inside each step, which increases proportionally with the height of the structure. As you can see
from figure 2, in Heyman's solution each step is sustained by the step below on the free edge
and, on the other edge, it is embedded into the wall: thus, he looks at each step as a simply
supported beam1. It is evident that this simple equilibrium solution can work only for open stairs
of modest flight, otherwise high values of torque can appear inside the steps close to the ground,
leading them to breakage [13].

Figure 2: Equilibrium solution from Heyman [6] for a helical staircase with the tread under its own weight
(or applied load P) and the contact force transmitted by the step above.

Continuum (Ring-Like) equilibrium solution.
Similar considerations can be drawn from the solution proposed by Angelillo in [13] for the
analysis of helical staircases composed of monolithic steps interacting only through the internal
rib. This different model combines Heyman's equilibrium solution with a sort of ring-like
solution valid, by itself, only for a generic helical stair structure fixed at both ends. It is shown
as the torsional Heyman’s mechanism, combined with a Ring-Like regime, gives rise to large
compressive forces and to moderate torsional torques, whose intensity reaches a plateau for
long flights too.

Figure 3: Plan and elevation of a typical helical stair [13].
By applying the load P in the centroid of each step, the values of the reactive forces at the edges are equal to
P/2. Looking at the top down, the forces applied in the four edges of the step determine the equilibrium on the
1
second step: it means that each step is subject to a torque equal to 𝑀𝑀𝑀𝑀 = 𝑃𝑃𝑃𝑃. The forces acting on the second step
2
are given by the forces on the step 1 and that of the step 2, and so on. In this way, on the generic step, the stress
2𝑛𝑛−1
𝑏𝑏
𝑊𝑊𝑊𝑊
) 𝑊𝑊 ; 𝑀𝑀𝑀𝑀 = where W is the self-weight of the step [12].
values are: 𝑡𝑡 = (
1

2

2

8
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In figure 3, the stair is considered as a helical surface, composed by radial segments AB (the
steps) and by a helical arch (the rib), on which the steps transmit part of the load. On the outer
edge of the step, inserted into the wall, a bending and torsional support is considered; the inner
edge of the step is simply supported on top of the step below, and modelled as a unilateral
contact. On assuming that the stair is a membrane, the stresses concentrate on a surface (as a
fan of uniaxial stresses) and on a line, namely the internal rib.
According to Heyman’s behavior, the loads are transferred from the upper steps to the lower
steps through vertical forces applied at the contact points between them. These vertical forces,
balanced with the vertical load, form a torque, representing a torsional moment acting on the
step and that, increasing from the top down, produces shear stresses (that is tensile stresses)
inside the step (figure 4b). Considering the Ring-Like behavior, there is an axial contact force
tangent to the spiral arch. Moreover, the steps, besides the vertical load acting and defined per
unit length, transfer to the spiral arch, at each point, a distributed compressive force contained
inside the steps. From the equilibrium, we obtain a constant axial force N, which is tangent to
the spiral arch (figure 4c).

a)
b)
c)
Figure 4: Equilibrium solution from Angelillo [13]: Coupling of Heyman’s and Ring-Like behaviours. (a)
Scheme of the connection to the wall. (b) Heyman's solution. (c) Ring solution.

Considering that Heyman’s solution is valid for stairs of moderate flight and the Ring-Like
solution is valid for stairs constrained at both ends, or equivalently, to stairs whose ends are
subject to convenient compressive axial forces, the combination of the two models, implies to
use the Heyman’s equilibrium solution in a first sector springing from the top of amplitude
(minimal amplitude), and the Ring-Like solution in the remaining part of the stair.
This combined solution allows obtaining limited shear and tensile stresses into the steps and
also limited compressive stresses into the central rib, for any flight of the helical stair.
Despite the complexity of this model, a confirmation of the complementarity of Heyman and
Ring-Like stress regimes is achieved in [14] for the case study of the triple helical stair of San
Domingos de Bonaval, by employing a discrete model formed by rigid pieces, which are the
steps of the stair. By applying the energy criterion, this complex multi-body model gives a
razonable solution in terms of displacements and internal forces. Thus, it confirms the general
validity of the proposed approach for the analysis of discrete structures, whose pieces are in
unilateral contact, without sliding, among each other.
2.2 Unilateral membranes
The challenge of finding equilibrated solutions for non-tensile materials has led to the
development of increasingly advanced models, based on the definition of a “unilateral
membrane” entirely contained within the thickness of the masonry structure. This approach was
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first adopted for the analysis of masonry vaults in [15] (also see [16,17]) and then successfully
used for the analysis of helical staircases in [18,19].
By adopting the membrane theory of shells [20], the geometry of the membrane is assigned
in the form z = f(x, y), assuming a non-orthonormal covariant reference system to define the T
of surface tensions. Its projection S on the x-y plane (figure 5) is expressed by the Airy function
F(x, y). The F function assumes concave to ensure that the S tensor is semi-defined negative,
while the requirement of differentiability ensures the continuity of the S field [21]. Therefore,
the function F may have concave folds that can be interpreted as singular tensions [22].

Figure 5: Image taken from [22]. Geometry of the no-tension membrane f(x,y), stresses T of the membrane
and projected forces S.

2.3 Funicular polygon nets and the Thrust Network Analysis (TNA)
Another approach to the analysis of masonry helical stairs is to consider the membrane as a
discrete network of interacting thrust lines. García Ares in [23] proposed a solution for spiral
staircases by considering that longitudinal thrust lines interact with the transversal funicular
curves that convey the vertical loads through the supporting walls. García Ares [23] presents a
solution by applying the lower bound theorem (Static Theorem) and he demonstrates the static
equilibrium of these helical shells.

Figure 6: Parameters used by García Ares and applied to the elliptical spiral staircase by Guastavino in the
National Bank of Peterson (New Jersey) [23].

Figure 6 shows the parameters used by García Ares and applied to the elliptical spiral
staircase by Guastavino in the National Bank of Peterson (New Jersey). García Ares [23] finds

450

Claudia Cennamo, Concetta Cusano and Maurizio Angelillo

the minimum horizontal thrust state of a strip unrolled formed by the intersection of the spiral
with a cylinder having the same central axis. An intuition out of the helical spiral property of
having a constant slope, or "climb angle" [24]. The minimum thrust found (figure 7) is the
deepest parabolic funicular between the parabolas2.

a)
b)
Figure 7: a) Straight strips (when unrolled) formed by the intersection of the spiral with a cylinder having the
same central axis, unrolled sections and outlines of the funicular polygons of the parabolas [24]. b) Identical
force pattern. From the top: dome with a circular oculus; circular at vault with an oculus; helical spiral stair with
compression hoops; primal grid and dual grid. Image taken from [24].

Block introduced the TNA in [24] to study an equilibrium solution for this typology of stairs.
A three-dimensional equilibrium solution in compression of vaulted structures has been found
for different load cases based on the use of a network of thrusts, meaning compressive forces
acting inside the structure, in equilibrium with the applied loads. He clearly explains the
topological relationship between a dome spiral, a circular at vault, and a helical staircase with
an oculus: in plan, the assumptions for an appropriate force network for all three structures are
identical, namely a compression central ring and meridian "hoops" and radial arches [24]. For
the dome with a circular oculus (figure 8a) or the circular at vault with an oculus (figure 8b),
the compression ring of the oculus (and each meridian hoop) is in the same horizontal plane
and in equilibrium by itself under applied vertical loads. Instead, for the helical stair (figure 8c),
where the compression ring also circular in plan, becomes spirals in the z-direction: due to the
fact that compression hoops are not closed, external reactions are required at the landings to
keep them in equilibrium. In fact, the horizontal thrusts of all radial arches are to be equal in
the circular inner compression ring, considering that a uniform loading applied radially
generates a circle as funicular shape. Consequently, the force pattern assumed by Block for
these helical stairs (figure 8d) needs a continuous wall and supports at the landings. In [24], a
comparison between the TNA and the solution proposed by García Ares is also discussed.

2

According to García Ares, the minimum horizontal thrust RH(r) given in kN/m per strip to be:

RH(r) =

𝑤𝑤𝐿𝐿2
8ℎ

=

2

ρ(gΔr)·(𝛄𝛄𝑑𝑑 𝑟𝑟)
8𝑔𝑔

=

ρΔ𝛄𝛄2𝑑𝑑 𝐫𝐫2
8𝑔𝑔

where Δr is the tributary width of the strip.

The distributed reaction forces E at the wall are equal to 𝐸𝐸𝑟𝑟2−𝑟𝑟1 =
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3

CASE STUDY

All that remains of the coastal defense tower on the island of Nisida today is the sole scarp
(integrated in the circular plan), a volume containing the spiral staircase and an annular body
leaning against the scarp. The small spiral staircase with a central hole, object of this work,
allows access from the outside to the original tower; it is placed inside the scarp and leads to
the only surviving space of the upper floor. It is almost possible to date its construction to the
year 1899 for the presence of an epigraph (figure 10a) on the wall at the entrance to the staircase
that reports this inscription: "Candido Casagrande, born in Rome on February 2, 1877, master
mason completed this staircase on September 20, 1899".3

a)
b)
Figure 10: a) Epigraph on the wall at the entrance to the staircase. b) View of the stair from the bottom.

3.1 Geometrical and constructive configuration of the staircase
The spiral staircase of the tower of Nisida has a circular plan of 1,83m in diameter and it is
located in a "well", a vertical void of 8,10m in height. Along the staircase, there are two empty
windows for lighting and ventilation. The steps are made of cut stone with a rise of 21cm, 61cm
wide without considering the part of the step embedded in the wall of the staircase cylinder.
The perimeter wall is in tuff masonry covered with plaster. It consists of 36 steps that rest on
the helical pillar and, as it rises, rotates and moves from the vertical so that the transmission of
loads through the central support is somehow compromised.

Figure 11: Photographs of the spiral stair by the authors.
3
The original text is as follows: “Candido Casagrande, nato in Roma il 2 febbraio del 1877, mastro muratore
chiuse questa scala il 20 settembre 1899”.
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The tracing of each step starts from the plan drawing, carving a vertical prism with the fixed
height of the step and removing excess material from the bottom face, so that each piece
connected to the adjacent one generates a continuous helical surface.

a)
b)
Figure 12: The spiral staircase in Nisida: a) plan (by F. Bocchino); b) geometric analysis (by the authors).

Recent studies have shown that up to the 4th step the complex is very stable, capable of
supporting itself even when materials and workers are placed on the edge. Only considering its
own weight, the staircase can accumulate up to 7 cantilevered steps without the risk of tipping
over. The eighth step presents clear stability problems [25]. Figure 12 shows the geometric
analysis of the staircase and the identification of its main dimensional parameters.
3.2 Stability analysis
Premise. We consider the helical pillar as a space filament Γ* that can carry a compressive
axial force 𝑁𝑁 and to which the steps transmit an external force 𝒒𝒒 per unit length of Γ*, whose
vertical component is a known action, whilst its horizontal components are unknown reactive
forces transmitted to the steps.
Geometry. We consider a 1d space filament Γ* and its plane projection Γ onto the planform
of the stair. We parametrize both Γ and Γ* with the arc length s along Γ. We can write:
Γ = {𝒙𝒙 = 𝒙𝒙(𝑠𝑠) , 𝑠𝑠𝑠𝑠[0, 𝐿𝐿] } ; Γ* = {𝒚𝒚 = 𝒙𝒙(𝑠𝑠) + 𝑓𝑓(𝑠𝑠)𝒆𝒆3 , 𝑠𝑠𝑠𝑠[0, 𝐿𝐿] }

(1)

𝐿𝐿 being the length of the curve Γ, and 𝑓𝑓(𝑠𝑠) a continuous function of its argument describing
the elevation of the curve Γ* with respect to the planform.
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We call the tangent and normal unit vectors to Γ, and, on introducing the arc length σ along Γ*,
consider the unit tangent vector along Γ*
𝑑𝑑𝒙𝒙

𝑑𝑑𝒚𝒚

(2)

𝒕𝒕 = 𝑑𝑑𝑑𝑑 ; 𝒏𝒏 = 𝒆𝒆3 × 𝒕𝒕 , 𝝉𝝉 = 𝑑𝑑𝑑𝑑
𝑑𝑑𝑑𝑑

Define 𝐽𝐽 = 𝑑𝑑𝑑𝑑 , Γȗ ΓǤ
 α𝝉𝝉𝒕𝒕ǡ

1
1 𝑑𝑑𝒚𝒚
𝐽𝐽 = 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 ; 𝝉𝝉 = 𝐽𝐽 𝑑𝑑𝑑𝑑  








ሺ͵ሻ



𝑑𝑑𝒕𝒕

𝑑𝑑𝑑𝑑 = 𝜌𝜌𝒏𝒏ǡ𝜌𝜌 being the curvature of Γ. In the present notation, the curvature 𝜌𝜌 has a sign:
it is positive if the centre of curvature is on the positive side of 𝒏𝒏.
Equilibrium analysis. We call 𝑁𝑁 ≤ 0 the contact axial force along the filament, and introduce
the thrust
𝑆𝑆 =

𝑁𝑁

(4)

𝐽𝐽

In terms of the thrust𝑆𝑆, the three equilibrium equations of the filament reduce to the form
𝑆𝑆 ′ + 𝑝𝑝𝑡𝑡 = 0 , 𝜌𝜌𝜌𝜌 + 𝑝𝑝𝑛𝑛 = 0 , 𝑆𝑆𝑓𝑓 ′′ + 𝑝𝑝3 − 𝑓𝑓 ′ 𝑝𝑝𝑡𝑡 = 0

(5)

𝒑𝒑 = 𝐽𝐽 𝒒𝒒 , 𝒑𝒑 = 𝐽𝐽𝐽𝐽𝑡𝑡 𝒕𝒕 + 𝐽𝐽𝐽𝐽𝑛𝑛 𝒏𝒏 + 𝐽𝐽𝐽𝐽3 𝒆𝒆3 , 𝑝𝑝𝑡𝑡 = 𝐽𝐽𝑞𝑞𝑡𝑡 , 𝑝𝑝𝑛𝑛 = 𝐽𝐽𝑞𝑞𝑛𝑛 , 𝑝𝑝3 = 𝐽𝐽𝑞𝑞3

(6)

𝒑𝒑 being the load per unit projected length, defined as follows:

Considering that 𝑝𝑝3 = 𝐽𝐽𝑞𝑞3 is given, we can solve this system of differential-algebraic equations
for 𝑆𝑆, 𝑝𝑝𝑛𝑛 , 𝑝𝑝𝑡𝑡 on any given shape 𝑓𝑓.
The case study. For the case study, we can assume:
𝑓𝑓 =

ℎ

2 𝜋𝜋 𝑟𝑟

1

(7)

𝑠𝑠 ; 𝑝𝑝3 = 𝑝𝑝 = 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 ; 𝜌𝜌 = − 𝑟𝑟 = 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

then, by solving the system of the equilibrium equations, one obtains
1

𝑝𝑝

𝑆𝑆 = 𝑓𝑓′ (−𝑝𝑝𝑝𝑝) + 𝑆𝑆° ; 𝑝𝑝𝑡𝑡 = −𝑆𝑆 ′ = 𝑓𝑓′ =

2 𝜋𝜋 𝑟𝑟
ℎ

𝑝𝑝 ; 𝑝𝑝𝑛𝑛 = 𝜌𝜌𝜌𝜌 =

1

𝑟𝑟𝑟𝑟 ′

𝑝𝑝𝑝𝑝 −

𝑆𝑆°
𝑟𝑟

=

2 𝜋𝜋
ℎ

𝑝𝑝𝑝𝑝 −

𝑆𝑆°
𝑟𝑟

(8)

On assuming 𝑆𝑆° = −10 𝐾𝐾𝐾𝐾 , and 𝑝𝑝 = 10 𝐾𝐾𝐾𝐾/𝑚𝑚, since for the case at hand h=5.04m, r=0.45m,
we obtain
𝑆𝑆 = (−

50 𝜋𝜋
28

𝑠𝑠 − 10 ) 𝐾𝐾𝐾𝐾; 𝑝𝑝𝑡𝑡 =

50 𝜋𝜋 𝐾𝐾𝐾𝐾
28

𝑚𝑚

; 𝑝𝑝𝑛𝑛 = (

454

250 𝜋𝜋
63

𝑠𝑠 +

200
9

)

𝐾𝐾𝐾𝐾
𝑚𝑚

(9)
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3

CONCLUSIONS

The assessment of the stability of a remarkable structural element, such as the small
staircase discovered in Nisida, represents only an aspect of a wider research program already
developed [26, 27, 28]. It offered the opportunity to experiment a combined approach between
graphical and analytical methods [29]. In fact, as part of the now classic Heyman's methodology
for masonry structural elements, in the present work the stability is achieved based on specific
graphic parameters, which end up connecting the scientific process to the geometry of the
artefact in an unavoidable way.
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Abstract. Elmina Castle is the first of a series of European trading bases along Africa’s west
coast, and it is the oldest and best preserved early European building in Sub-Saharan Africa.
The structure shows a combination of mud-mortared and lime-mortared sandstone masonry
macro elements and has undergone reconstructions and modification throughout time under
Portuguese and Dutch occupation. This study focuses on the structural analysis of Elmina
Castle’s east curtain wall, which features two massive masonry buttresses built only along
selected portions of the wall. The hypothesis that these buttresses were built in correspondence
of deep voids in the foundation bedrock platform is numerically evaluated using pushover
analysis. The lateral capacity is determined based on energy considerations using nonlinear
FE models in Abaqus/CAE Explicit and concrete damaged plasticity. Results indicate that, at a
later Dutch stage of structural modification, loose soil filling might have caused rotational
instability of the curtain wall, requiring the addition of the buttresses.
1

INTRODUCTION

As the oldest and best preserved early European building in Sub-Saharan Africa, Elmina
Castle is the first of a series of trading bases along Africa’s West Coast. Erected in 1482 by the
Portuguese Crown to protect its control of the gold trade, after the 1637 Dutch conquest the
castle became a major hub of the Atlantic Slave Trade involving Europe, Africa, and the
Americas. Acquired by the British in 1872, the castle came under control of Ghana with the
country independence in 1957 and is currently part of a UNESCO World Heritage Site in
Ghana.
The Elmina Castle has been the object of a multidisciplinary (engineering and historical
archeology) field school conducted at Elmina, Ghana, by the Archaeology, Technology, and
Historical Structures program of the University of Rochester in summer 2017 and 2018. At the
present time, the building consists of an inner keep of three-story buildings and a large courtyard
surrounded by curtain walls, with bastions at the southeast, southwest, and northeast corners
(Figure 1). The structure shows a combination of mud-mortared and lime-mortared sandstone
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masonry macro elements, incorporating original 1482 Portuguese elements (towers, walls) with
successive Portuguese, Dutch, and British reconstructions and modifications. European built
fired-clay bricks were first used sparingly by the Portuguese for windows and doors openings,
and then in very large number for extensive vault construction by the Dutch.
The present paper focusses on the structural analysis of the east curtain wall which features
two massive masonry buttresses which reach up to the parapet but were built only along selected
portions of the wall (Figure 2). Historical documents clearly show that these buttresses are a
Dutch addition, since they do not appear in the only drawing showing the castle still in
Portuguese hands in 1637 (Figure 3). However, they are present in detailed - and particularly
accurate – Dutch maps of the second half of the 1700’s [1]. Similar to the western curtain wall,
the original eastern curtain wall appears to be built with foundation resting on levelled limestone
bedrock, as reported by the Portuguese chronicles describing the 1482 construction process [2].
The laser-scan and photogrammetric survey conducted during the field school and information
extracted from the historical record allow us to construct a reasonably accurate building
sequence beginning from late Portuguese period (before 1637) to the mid 1700’s.

Figure 1: Elmina Castle floor plan with Dutch buttress highlighted, based on 2017-2018 FARO scans taken by
Michael Jarvis – U. Rochester/ U. Ghana, Field school.

The late Portuguese east wall was extended in elevation and considerably thickened with
mud-mortared masonry covered by lime plaster, and a two-story building was added along its
entire length, with the inner side of the curtain wall becoming part of the new building. The first
(ground) story of the building is vaulted with a 4 m-span barrel vault approximately 16 cm thick
(the length of an average Dutch brick). This thin vault – excellently executed with bricks
interlocking in two directions – carries a considerable dead load of loose material 1 m deep at
the crown and is in undamaged structural conditions. To explain the presence of the irregular
buttressing architecture noted above, we make the following hypothesis (Figure 2b). The
section of the original Portuguese wall later covered by the buttress is likely not built on the
bedrock but on compacted loose soil and debris used to fill a void where the bedrock dips below
the level of the courtyard. Using compacted loose soil to fill such voids is largely attested in
other European forts along the coast of Ghana. The wall carried by this weaker foundation could
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have been damaged by the 1615 earthquake in Elmina or by the Dutch assault on the castle, or
both. The dead loads introduced with the extension and thickening of the wall and the
construction of the vaulted building could possibly have caused concerns in the Dutch builders,
who, noticing signs of rotational instability, reinforced the wall with a buttressing system
limited only to the affected areas. We test the structural conditions on which the hypothesis is
based through a sequence of 2- and 3D nonlinear FE models, by first testing how the presence
of a pocket of loose soil affects the structural response of the Portuguese wall under lateral
accelerations, then testing the structural effect of the Dutch modifications to the wall, and finally
introducing the effect of the vaulted building. In modeling the curtain wall, we test separately
the case of a solid masonry wall or, as it is more likely, of a wall with an internal mass of loose
material bounded by external and internal masonry curtain. The masonry physical
characterization is based on published material and the nonlinear mechanical behavior is
modeled through the concrete damaged plasticity formulation available in Abaqus/CAE
Explicit.

Figure 2: (a) East curtain wall and buttressing wall in current condition; (b) Hypothesized wall and foundation
composition behind buttresses.

Figure 3: Elmina Castle in 1637, Frans Post, 1637 [3].

2 METHODOLOGY
Pushover analysis is a well-established approach for assessing the overall behavior of a
structure due to seismic activity that uses an incremental-iterative solution based on static
equilibrium to determine the response of the structure under monotonically growing lateral load
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patterns [4] [5]. These can be implemented by lateral displacements or forces applied to one
side of the structure or by subjecting the entire structure to a uniformly applied horizontal
acceleration. In this study, after gravitational loading, a uniform monotonically increasing
horizontal acceleration is applied to the entire model using the explicit FE formulation available
in Abaqus. The desired quasi-static condition is enforced by adopting long time intervals for
the application of both gravitation and lateral accelerations: for example, five seconds for
gravitation to increase linearly from 0 to 1 g followed by ten seconds for lateral acceleration to
go from 0 to 0.8 g.
The time-evolution of strain (SE), kinetic (KE), and dissipative energy (PD – due to plastic
deformations simulating internal fractures) is used to identify the development of local damage
conditions up to structural collapse (Figure 4a). As long as structural integrity is maintained
under increasing lateral acceleration, KE remains negligible during the evolution of quasi–static
structural response. Structural failure is associated with the sudden transition from quasi-static
to a fully dynamic state and is detected by the accompanying asymptotic growth of KE. In the
example shown, PD follows an identical asymptotic growth pattern, while SE immediately
decreases after having reached a peak at failure. Notice also that the viscous dissipative energy
(VD) produced by the fictitious viscosity parameter used in Abaqus/CAE Explicit to dampen
possible oscillatory behavior remains negligible during static conditions and then goes
asymptotic at failure. Figure 4b shows the concomitant time-evolution of the horizontal and
vertical reactions normalized by the weight of the wall and expressed as fractions of g. As a
result of the inertial forces caused by the applied lateral acceleration, an equilibrating horizontal
reaction force (basal shear) develops at the constrained boundary face. In the first five seconds
only gravitational load is applied and thus only a vertical reaction is developed. Thereafter, the
gradual application of lateral acceleration causes almost linear increase in the basal shear versus
time while the vertical reactions hold constant. At failure, both curves show a sudden decrease
indicating that the structure has lost the capability of resisting the lateral load and, in this case,
the mass of the wall has nearly completely separated from its base. As expected, failure occurs
by outward rotation about the base of the wall. The fracture pattern at failure – represented in
the concrete damaged plasticity formulation by the formation of plastic zones – is shown by the
black band on the inner side at the base of the wall in the insets of Figure 4a.
The examination of the energy and reaction plots in Figure 4 suggests complementary ways
to associate a specific time interval to failure. KE begins to develop at 7.3 s and becomes
asymptotic at 7.9 s, reaching the 10% value of the total internal energy (i.e. SE + PD + KE) at
7.7 s. PD, which can be taken to represent the work necessary to propagate the fractures at the
base of the wall, begins to appear at 6.6 s and crosses the SE at 7.85 s. Thus, purely on energy
considerations, total failure can be reasonably defined to happen between t = 7.7 s (when the
loading process cannot anymore be regarded as static) and t = 7.85 s (when the PD equals the
SE). Hereafter we will use the 10% kinetic energy criterion to determine failure.
The explicit (dynamic) nonlinear FE formulation is preferred over the implicit one because
of its capability to sustain large deformations and attendant local material failures, and to
capture unequivocally the collapse condition due to lateral accelerations [6]. In fact, in most of
the cases of the present study, it may be not possible to detect the actual failure condition using
an implicit nonlinear FE formulation because the analysis terminates due to numerical error
(e.g., the stiffness matrix becomes singular) before the actual structural failure occurs. On the
negative side, dynamic explicit models are computationally costly. In order to ensure
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algorithmic convergences, Abaqus Explicit requires the time increments of the order of 10-6
second for both gravitation and lateral acceleration [7].

Figure 4: (a) Energy curves versus analysis time; (b) Normalized reaction force versus analysis time.

3

MODELS

The geometric models in this study follow an assumed chronological building sequence.
Thus, the 3D “P” models simulate the original Portuguese curtain wall; 3D “D” models simulate
curtain wall’s height elevation introduced by the Dutch; 3D “T” models simulate thickening of
the curtain wall and the effect of loose soil filling at foundation level. Within each of the above
cases, the wall length, the length and depth of the downward extension, and the number of these
extensions are varied to explore their effects on the lateral capacity of the curtain wall. Finally,
we use 2D “V” models to simulate the effect of construction of a vaulted structure against the
curtain wall. We vary the density (due to the uncertainty of filler density) and the height of vault
filling (due to possible variation of filler thickness from historical map from 1774 [8]) to explore
their effects on structural capacity of the curtain wall. The “V” models are then explored with
the effect of adding the external buttressing walls. Figure 5a shows a basic “P” model. Due to
symmetry, only half the length is represented. The wall thickness is taken as 1.3 m based on the
measured thickness of the exterior wall at the current “door of no return” where the original
Portuguese structure is still visible. The height of the original Portuguese curtain wall is taken
as 2 m based on Frans Post’s 1637 drawing shown in Figure 3, in which the height ratio between
curtain wall and bedrock platform is 2:5. Figure 5b shows a basic “D” model with wall thickness
unchanged from “P” models and the height elevated to 5 m, which is the current measured wall
height. As shown in Figure 1, the two buttresses have different lengths: the southern is 4 m long
while the northern is 20 m long. To explore the possible downward configurations of the curtain
wall in correspondence of these two buttresses, we consider the length of the downward
extension to be either 1 m or 10 m, and as for the long buttress, the possible presence of either
one or two extensions. As for the depths of the extensions, we assume either 2.5 m or 5 m.
Notice that the P/D0 models represent the uniform wall without downward extension. The
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various subcases are summarized in Table 1. Notice also that in this table “A” indicates the
curtain wall with two downward extension dips for the specific subcase.

Figure 5: (a) Dimensions of basic “P” model; (b) Dimensions of basic “D” model.

For the “T” models, the thickness and the height are taken as 3 m and 5 m, respectively,
based on the current wall thickness and height. In correspondences of the voids of the bedrock,
the thickened wall is assumed to be partially supported on loose material as shown in Figure
6b. As stated above, similar foundation conditions are attested in other European forts along the
coast of Ghana. The bedrock void is inclined by 75° following the visible average bedrock
eastward inclination. As for the previous models, subcases T1, T2, T3, T3A, T4, and T4A are
created to represent the variations on the wall configurations based on the voids depth, length
and number (Table 1). For the T4 subcase, Figure 6b gives the cross-sectional dimensions.
The “V” models represent east curtain wall with the construction of vaulted structure. Figure
6d shows the dimensions of “V” models, in which loose material is bounded by internal and
external masonry curtain walls. Only one depth (5 m) of downward wall and soil extension is
explored in the “V” case, and subcases (VA and VB) are created to explore the effect of the
construction of buttressing on the curtain wall with vaults in place.
Table 1: Dimensions of subcases with reference to Figure 5.
Configuration

Length of wall (m)

P/D0
P/D/T1
P/D/T2
P/D/T3
P/D/T3A
P/D/T4
P/D/T4A

10
10
10
20
20
20
20

Depth of downward extension
(m)
0
2.5
5
2.5
2.5
5
5

Length of Downward
Extension (m)
0
1
1
10
10
10
10

Number of Dips
0
1
1
1
2
1
2

Quadratic tetrahedral elements and quadratic triangular plane strain elements are used for
3D and 2D models, respectively. Figure 6a and 6c show the mesh and material distribution for
T4 and VA. Grey indicates mud mortar (adobe in Table 2), green indicates stone masonry
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(masonry in Table 2), yellow indicates loose material (lateritic soil in Table 2), and purple
indicates sandstone. For all models, the base of the curtain wall is tie-constrained to the
sandstone surfaces. Surface to surface contact is defined for all other surface contact
interactions.

Figure 6: (a) T4 model shown with color-coded material distribution; (b) Dimensions of T4 model cross-section
at deepest downward wall extension; (c) VA model shown with color-coded material distribution; (d) Dimension
of “VA” model. (All units are shown in meters).

4

MATERIALS

The concrete damaged plasticity model in Abaqus/CAE is primarily intended to provide a
general capability for the analysis of concrete structures under dynamic/cyclic loading. The
model is also suitable for the analysis of quasi-brittle material such as mortar [9]. It is a
plasticity-based model that assumes the two main failure mechanisms for the concrete material
are tensile cracking and compressive crushing. The material’s brittle behavior can be
characterized by a stress-displacement response under tension and by a stress-strain response
under compression [10]. We use concrete damaged plasticity to model post critical behavior of
mud mortar (adobe in Table 2) and stone masonry (rough-hewed stone in Table 2). General
concrete damaged plasticity parameters shown in Table 2 are taken from Tarque [11], and
elastic material properties of stone masonry are taken as the average of the range of roughhewed stone [12]. The post critical softening compressive behavior is represented parabolically,
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and the post critical softening tensile behavior is represented by exponential decay. The
tabulated values of mud mortar’s post critical behaviors are taken from previous research [13].
The tabulated values for stone masonry’s post critical behaviors are hypothesized to be between
that of mud mortar and Roman pozzolanic concrete [14]. Therefore, both post critical behaviors
are scaled down from those of pozzolanic concrete based on stone masonry’s compressive and
tensile strength [12]. For two subcases in “V” models, Mohr-Coulomb model is used to
represent loose material filling. Mohr-Coulomb criterion assumes that yield occurs when the
shear stress on any point in a material reaches a value that depends linearly on the normal stress
in the same plane [15]. The parameters needed to construct Mohr-Coulomb model are obtained
based on previous research and are documented in Table 2.
Table 2: Material properties used in this study.
Materials
/Properties
E (MPa)
ν
ρ (kg/m3 )
Dilation Angle (°)
Friction Angle (°)
Cohesion Yield Stress (kPa)
Eccentricity
fb0/fc0
K
Viscosity Parameter
Compressive Strength (MPa)
Tensile Strength (MPa)

5

Adobe
[13]
123
0.2
1735
1 [11]

Masonry / Roughhewed Stone [11], [12]
1740
0.2
2000
1 [11]

0.1 [11]
1.16 [11]
0.67 [11]
1E-8 [11]
0.41
0.04

0.1 [11]
1.16 [11]
0.67 [11]
1E-8 [11]
2
0.07

Lateritic Soil
[17]
26
0.38
2200
0 [16]
17.13 [16]
21.43 [16]

Elmina Sandstone
[18]
12100
0.29
2000

RESULTS

Capacity curves and failure mechanisms of model “P”, “D” and “T” are shown in Figure 7
to Figure 9. Displacements are measured at the reference point (Figure 5), a point with the
largest displacement.

Figure 7: Capacity curves and failure mechanisms of “P” subcases.
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Capacity curves and failure mechanisms of P0, P1 and P2 show that structural capacity and
stiffness are not sensitive to downward wall extension when its length is small compared to wall
length. They also show that structural capacity and stiffness are sensitive to the length and depth
of downward wall extension. The same observations can be made for both “D” and “T” models.
The worst structural condition in “P” models, P4, gives a structural capacity of 0.21 g in
resisting lateral acceleration. However, due to the increase in wall height, structural capacity
and stiffness in “D” models have both decreased. The worst structural condition in “D” models,
D4, gives a structural capacity of 0.14 g in resisting lateral acceleration. The worst structural
condition in “T” models, T4, gives an increased structural capacity of 0.23 g in resisting lateral
acceleration due to thickening of the curtain wall.

Figure 8: Capacity curves and failure mechanisms of “D” subcases.

Figure 9: Capacity curves and failure mechanisms of “T” subcases.
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For model VA, the density is varied (2200 kg/m3, 1600 kg/m3, and 1200 kg/m3) for the
loose material filling above the vault with its other material properties unchanged, resulting in
models VA1, VA2, and VA3 respectively. The three models are repeated with half the vault
filler thickness (0.42 m), resulting in models VA4, VA5, and VA6 respectively. For model VB,
lateral acceleration is applied toward (VB1) and away (VB2) from the external curtain wall. For
VA and VB1 models, failure takes place by outward rotation of external curtain wall. For model
VB2, failure takes place by outward rotation of inner wall. Therefore, the structural failures of
model VA and VB1 are determined from energy curves of the external curtain wall, and the
structural failure of VB2 are determined from energy curves of inner wall. The structural
capacities are hence shown in Table 3, and failure mechanisms of model VA1, VB1, and VB2
are shown in Figure 10.

Figure 10: Failure mechanisms of (a) VA1, (b) VB1, and (c) VB2.
Table 3: Structural capacities at failure for “V” models
Models
VA1
VA2
VA3
VA4

Structural capacity at failure
0.46 g under gravity
0.52 g under gravity
0.57 g under gravity
0.49 g under gravity

Models
VA5
VA6
VB1
VB2

Structural capacity at failure
0.51 g under gravity
0.52 g under gravity
0.14 g under lateral acceleration
0.08 g under lateral acceleration

The structural capacities at failure shown in Table 3 for VA1 - VA3 and VA4 - VA6 indicate
that the structural capacity of the external curtain wall is not sensitive to the density and
thickness of loose material filling above the vault. However, as expected, it is altered by the
addition of the supporting buttress.
6 DISCUSSION
The presence of the bedrock voids and the attendant downward extensions of the curtain wall
induces localized failures that lower the lateral capacity of the external curtain wall to 0.21 g,
0.14 g, and 0.23 g for the “P”, “D”, and “T” configurations respectively. The peak ground
acceleration (PGA) of the coastal region of Ghana ranges from 0.026 g to 0.2 g [19].
Considering the proximity to Cape Coast, we take the PGA of the Elmina area to be 0.05 g.
Given this value of PGA, all the possible Portuguese and early Dutch configurations considered
here are likely to have survived seismic action. This picture may have changed dramatically
when the Dutch built the vaulted system along the entire curtain wall. As shown by model VA,
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without the counterbalancing presence of the external buttress, the vaulted system would fail
during construction in correspondence of the bedrock void by the combination of the pressure
exerted on the loose soil and the effect of the lateral thrust generated by the vault itself. The
addition of the buttress (model VB) stabilizes the external curtain wall under static conditions.
However, the results of VB2 show that a minimal amount of lateral acceleration directed away
from the curtain wall would bring structural failure to the inner wall, indicating that the structure
is still prone to collapse under a very modest seismic action.
In conclusion, this initial study suggests that while a Portuguese 2 m high curtain wall would
have survived local seismic action, the height elevation to 5 m due to the Dutch would have
considerably weakened the structure. Noticing possible signs of rotational instability, the Dutch
builders would have likely thickened the curtain wall to the current dimensions. Thus, under
the conservative hypothesis that the wall was initially made entirely of mud-mortared masonry,
the analysis shows that the thickened structure would again be able to sustain the same level of
seismic activity as the original Portuguese curtain wall. At a later stage, before the introduction
of the vaulted system, following a common procedure, the Dutch reconstructed the curtain wall
as an external and internal curtain made of lime-mortared rough stones bounding a loose
material filling. The construction of the vaults is likely to have caused concerns about failure
conditions in correspondence of the bedrock voids, and thus would have required the addition
of the present buttressing system. Finally, we note that the 2D plane strain models adopted to
test the “V” configurations overestimate the effect of the soil filling. Under actual 3D
conditions, portion of the vaulted structure is supported by bedrock, which would help stabilize
the portion built on soil, as shown in the failure mechanisms of the “T” models. This issue will
be addressed in future work.
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Abstract. The role of timber connections as reinforcement for vertical masonry walls is well
known but still requiring a systematic study. Considering the main sources coming from the
architectonic treatises, a real identification of the use of wooden poles as binding elements
between walls is not recognized. Several important authors belonging to the 15th and 16th
century recommended avoiding the use of timbering elements into the section of the walls,
arguing that the perishability of this material cannot provide a long durable solution.
Nevertheless, since the 17th century also some indications from the so called “high knowledge”
seem to identify a reliable technique in the timber reinforcements for masonry walls. This work
explores the contraposition between theoretical approaches and the building site practice,
focusing on the mechanical function of orthostatic timbers inserted into masonry structures.
Recent contributions based on archive studies indicated that the use of wooden reinforcements
was widely diffused in Italy, but rarely documented by the architectural theorists. The technical
documentation discovered into archives is instead a rich source of information concerning the
persistence of timbers inside walls as a solution against the vulnerability of masonry structures
to shear forces. The case of the building site documentation for the realization of Volpi Palace
in Como offers an important occasion for improving the studies on a building practice that did
not meet official credits by the theoretical experts in architecture.
1

INTRODUCTION

Defined as a creative process produced by the mutual influences among strictly connected
entities, the idea of coevolution can be applied to the rich panorama of the historical building
techniques for interpreting the realization of peculiar construction solutions. Wooden elements
used for improving the common connection system among masonry elements, like vertical
walls and masonry arches and vaults, are an example of an upgrade required by those structures
showing forms of vulnerability interacting with the environment [1].
Referring to historical buildings, local construction solutions represent the response to
technical demands appeared in different times for facing specific problems, from common state
of stress distribution in masonry structures to seismic mitigation. The introduction of wooden
elements into masonry walls, for instance, is a widely diffused measure for reinforcing stone or
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brickworks [2]. These connections, inserted into the masonry walls, were identified by
Vitruvius’ treatise, as orthostatic timbers, considering the version edited by C. Cesariano. The
peculiar vulnerability of masonry structures to shear stresses required such reinforcements. In
Italy, after recent earthquakes (L’Aquila 2009 and Amatrice 2016), the rediscovery of such
building techniques, in some cases belonging to a sort of forgotten world of knowledge, drove
to design alternatives and more sustainable retrofitting interventions for historical buildings [3].
The authors, with the aim to improve the attention on these construction solutions, focused
on the rich contributions contained in the historical treaties of the Italian building tradition and
on some archive documents describing original design for reinforcing elements [4]. Among the
various materials, the study proposes the analysis of some specific contests: Como Lake in
Lombardy and the regions that in the past were under the control of the Vatican State or the
Kingdom of the Two Sicilies, where this technology, based on tie beams and hut-oriented
diaphragms, improved the mechanical properties of the buildings.
2 MASONRY BUILDINGS AND WOODEN REINFORCEMENTS
The vulnerability of historical masonry structures is an issue that becomes always prior
especially after seismic events. The use of wooden frames as mitigation techniques against
seismic actions was codified since the 18th century for local situations (as in Naples kingdom).
In the rich theoretical tradition about architecture, the Italian theorists did not reserve a peculiar
role for the timbering elements used as reinforcing supports for masonry structures. In some
cases, authors are considering the use of wooden elements into the masonry walls as a technical
mistake. This assumption contrasts with several evidences indicating a tradition in the use of
timber elements into the masonry sections of the buildings. This study tries to deal with an
apparent conflict between the building technical knowledge expressed by the so-called “high
culture” contained in the architectonic treaties and the common practice of building that adopted
the use of timber elements together with masonry walls as a reliable solution.
2.1 The “high culture” approach
The use of timber elements into the section of masonry walls was observed in several
archaeological campaigns on historical buildings. Even during restoration works, the traces of
wooden elements into cavities arranged in the masonry section of the walls testified the
common application of wooden reinforcements into the masonry apparatus. A first important
reference for this technical solution comes from the treaty De Architectura written by Vitruvius.
In the edition translated in Italian by C. Cesariano in 1521 [5], the insertion of timber into the
section of the walls is described as “orthostate”, a technique used for improving the connection
between the walls and more in general the box-like behavior of the buildings. In the 8th chapter
of the second book of his illustrated edition, Cesariano offers a representation of some masonry
typologies. The sketches at page 39 of the second book (see figure 1), referred to sepulchral
monuments, show the transversal connections for masonry walls with large sections: the use of
metal anchorage for linking the stone blocks is clear, but also vertical wooden elements are here
represented along the edges of the structures. This chapter of the De Architectura treaty contains
also the comments provided by Cesariano to its illustrations and, more than in the sketches, the
role of metal or wooden connections is emphasized in his description. Respect to other theorists
that will follow during 16th and 17th century, Cesariano did not denigrate the timber material as
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a cheap alternative to the more expensive use of metal reinforcements. He recalled the building
tradition of empty cavities arranged into the masonry walls in order to be used for placing
transversal connectors, which could be made by wood or metal material. Both materials were
able to provide the tie effect to the stones, according to the author.

Figure 1: illustration to the Vitruvius’ De Architectura issued by Cesariano (page XXXIX of the second book)
in 1521. Letters A and B identify the position of wooden or metal connections inserted in the masonry structure.

The building tradition maintained the use of the tie beams into the masonry structures as
documented by Viollet Le Duc for the monuments dated back to Merovingian and Carolingian
era in France [6]. The linking function of the timber elements inserted in the walls is underlined
by the author that in the first chapter of the Dictionnaire, about the principles of Gothic
architecture, describes the mechanical logic of the masonry structures used in the Medieval
cathedrals. Respect to the Romans’ tradition mentioned by Vitruvius, the masonry apparatus of
Gothic buildings was composed by rabble materials contained into an external layer of wellshaped stones. No cavities were here arranged for hosting timber elements, but wooden beams
were inserted into the chaotic core of these structures with a fundamental role: the reinforcement
of the connection between the main joints of the masonry structures, as for longitudinal walls
and pillars (see figure 2a). He also stated that the long timbers inserted into the masonry at the
springs of the vaults had a stabilizing and linking function in the constructive logic addressed
to a reliable containment of the thrust effects generated by the masonry vaults (see figure 2b).
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Figure 2: drawings from the Dictionnaire raisonné de l’architecture française du XI au XVI siècle by Viollet le
Duc. Use of timber reinforcements in Mediaeval architecture: a) timber connection into a masonry section (from
picture 2 of the Dicionnaire [6], elaborated by the authors); b) timber link for the masonry support of the wall
(from picture 3 of the Dictionnaire [6], elaborated by the authors).

The structural role of timber elements integrated into masonry walls, described by Violletle-Duc in the 19th century, comes after a long period characterized by a negative opinion
concerning the use of wooden materials as reinforcement material for the walls, stated by
several important theorists. L. B. Alberti, S. Serlio and later Palladio, following the setting of
Vitruvius’ treatise, reserved detailed descriptions about wooden structures and the preparation
of the material before its building use, but they recognized its application for specific
construction categories: horizontal floors and roofing systems. Any structural aids for
contrasting shear forces, should be realized by the introduction of metal tie rods into the
masonry apparatus, being the material more durable than the wooden beams. The
reinforcements realized by timber structures are here considered a cheap alternative respect to
the more expensive, but more proper, technique based on metal chords crossing the section of
the walls.
Among several negative opinions, V. Scamozzi, in the 9th book of his treatise on the
“universal architecture” [7], offers a description of the reinforcement aids introducing the
masonry vaults, indicating both metal and wooden connections as reliable solutions. He states
that timber elements request more attentions, due to the nature of the material, recommending
a proper displacement near masonry structures, but not inside their sections. As an example, he
mentioned the case of the cupola built by Brunelleschi for S. Maria del Fiore in Florence, where
e retaining ring made by timbering system is placed at the base of the structure, in the open
space between the internal and the external dome. As pointed out by Di Teodoro in [8] and
Ottoni in [9], since the realization of the Florentine dome, F. Brunelleschi addressed his efforts
to solve the problems connected to the discontinuities created by the octagonal geometry of the
cupola. The insertion of the chain in chestnut (the “catena dei castagni”) at the base of the dome
(Figure 3), close to the drum, anticipated the further debate on the reinforcements requested by
masonry domes and prefigured the passage from the building competences based on empirical
knowledge to the more scientific analytical approach that will characterize the studies of the
17th and the 18th century. The builders of the 15th century could not be supported by the studios
coming from the modern solid mechanics, but the empirical experience matured on domes and
vaults raised to the topic of the improvements needed by vertical masonry walls connected to
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those structures. The awareness of Brunelleschi over the thrusting effects of his dome is still
discussed by the experts [8, 9], but the reinforce obtained by the wooden ring inscribed into the
internal and the external dome of the Florence Cathedral has two main effects:
supporting the linkage between each masonry segment of the dome and the main
angular ribs:
contrasting the elastic deformation imposed by the increasing load of the structure
during its realization and induced by the low hardening process of the mortar joints
composing the brickwork.
The use of timber elements for improving the connections between perpendicular walls at
the level of other thrusting structures, like the dominical cross vaults of Santa Maria Novella
(dated back to 1355), testifies the attention to the mechanical problems deriving from the
interaction between masonry walls and masonry vaults. Instead of using metal tie rods, in this
case diagonal timbers were placed at the extrados of the vaults, between the perpendicular walls
of each span containing the vaults, in order to create a sort of tension ring effect around them.

Figure 3: The wooden chain realized around 1420 at the base of the dome by Brunelleschi: a) archive drawing
published in [9], p. 159 and b) the constructive system of the dome (from Margani L. Archi e volte in muratura,
Caltanissetta: Lussografica edizioni, 2009).

Even if the use of wooden reinforcements is documented in outstanding historical buildings,
the peculiar attentions requested by wood material was considered a limit for its application in
civil engineering. At the beginning of the 20th century, S. Mastrodicasa, whose treatise on the
mechanical behaviour of masonry buildings [10] produced an important impact on the
construction field, referred to the presence of timbering systems into masonry walls as an
“anomaly”. A revaluation of the role of such structures had to come from other studies matured
in occasion of recent seismic events, with new analysis of wooden reinforcements observed
into the masonry structures of damaged buildings.
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2.2 The “on-site practice” approach
The use of timber elements into masonry structures is commonly accepted as a cheap
alternative to the use of the more expensive metal tie-rods. As anticipated in the previous
paragraph, theorists considered the use of reinforcements made of wood as a deviant solution
from the so-called “good practice”. Changing the perspective from theoretical field to the
construction practice, the continuous research of strategical solutions for ensuring a global
equilibrium, among the structural components of the building, required the utilization of timber
elements. The constructive tradition based on timber-frames widely diffused in Central and
North Europe was not largely adopted in Italy, but the presence of wooden ties and reinforcing
timbering continued to be applied in masonry buildings. Several examples were recently
documented by different studies developed in Central Italy, where the last seismic events
renewed the attention to the use of timbers as preventive measure against the earthquake effects.
M. D’Antonio in [11] offers a detailed description of the wooden elements inserted in the
masonry walls, adopted in Abruzzo Region. The so-called “radiciamenti” (literally “rooting
systems”) are wooden beams placed in the wall section at different levels along the vertical
structure. Their function is a reinforce able to constitute a linkage for the masonry apparatus.
These “radiciamenti” can be inserted transversally into the wall, in order to connect the different
layers forming the masonry section, or longitudinally, for reinforcing the wall against flexural
stress and for improving the connection in the corners (Figure 4a), if jointed by metal carpentry
with another perpendicular timbers. By the inspections carried out after the 2009 L’Aquila
earthquake, several examples of wooden reinforcements were documented in masonry
buildings, like in the partially collapsed dome of Santa Maria del Suffragio (figure 4b).

Figure 4: The wooden anti-seismic technique diffused in L’Aquila, known as “radiciamenti”: a) wooden frames
with different structural functions and b) the 3 orders of “radiciamenti” visible in the partially collapsed dome of
Santa Maria del Suffragio hit by the 2009 L’Aquila earthquake (source from [11], pp. 27 and 52).

The frequent use of timbers into masonry walls was documented also by other studies [12,
13, 14] carried out in Central Italy. The analysis on the masonry quality of the walls, often
characterized by multiple leaf sections with chaotic rubble materials in the core, underlined a
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problem connected to the lack of resources that required the use of wooden beams for a general
improvement of the masonry properties. Independently from the seismicity of the territory, the
building technologies observed over the entire Italian territory showed this common feature:
the recourse to timbering systems supporting the masonry apparatus. The wooden elements
could be limited or inserted with a certain regularity along the vertical development of the walls,
displaced inside the section or organized along its borders (Figure 5a and 5b), but in the various
regional declinations, this technology supplied to the intrinsic vulnerability of masonry
structures realized with poor materials. The same studies testify the diffusion of the wooden
reinforcements also as preventive aid for contrasting the lateral thrust of masonry vaults and
domes, as represented in the reconstruction of the timbering system surrounding the dome of
San Giovanni Battista church in Penne (Pescara), reported in figure 5b.

Figure 5: Tie beams: a) historical masonry building in Guardiagrele (Chieti) with improving connection
between the walls (survey by E. Candigliota and published in [12], p. 16, modified by the authors); b) two details
of transversal and longitudinal connections; c) the extrados of a dome in Penne with the layout of the timbering
system realized for containing the lateral forces, with a picture (source in [13], p. 62, modified by the authors).

These bindings solutions are also present in Italian areas where earthquakes have a minor
impact, demonstrating that the on-site practice assumed the wooden reinforcements as a reliable
solution. As remarked by several authors, the building techniques based on the multiple leaf
masonry typologies, belonging to the Italian constructive tradition, maintained a long-lasting
relationship with timber aids. A sum of this technical knowledge about the application of
reinforcements in opposition to the intrinsic vulnerability of masonry structures is provided by
Pellegrino Tibaldi, one of the most influential architect of the second half of the 16th century
[14], active before in Rome and later in Milan. In his treaty (L’architettura, remained
unpublished until 1990), he pointed out that the wooden floors, although not providing lateral
thrusts to the walls in normal conditions, were often connected by metal tie rods and even
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integrated by timber linkages (named “ligamento”, literally “tying beam”) inserted into the
masonry and more rarely by metal tie rods. These reinforcements had to improve the
mechanical behaviour of the building that could be simplified to a box-like behaviour. Aware
of the fact that wooden materials are subjected to a limited durability if confined into the wall
sections, Tibaldi provided also the indications for the preliminary preparation of the material,
stating that a general benefit to the stability of the building could be obtained by the use of
“legno biusciato”, interpretable as “burnt wood” in authors’ opinion (but other experts
suggested a different interpretation, translating it as “debarked wood”) applied into the walls
for each order of room, connected to the heads of the roofing timbers or to the springs of the
vaults. This description gives a new perspective to the state of the art of the building modalities
diffused in North Italy at the end of the 16th century, where a consolidated methodology seems
to be based on the common use of timber structures strictly connected to the masonry elements.
3

RECENT CONTRIBUTES FROM SEISMIC AREAS

The presence of timber frames applied into masonry walls for reinforcing their ligature and
for implementing their deformability is widely documented in Central and South Italy. From an
historical point of view, the Kingdom of Naples produced important laws and studies for the
post-seismic reconstruction on different areas of its territories hit by seismic events, like
Calabria and Sicily. The active support provided by timber-frames set into the masonry walls
was codified after important seismic events occurred in the 18th century in Lisbon (1756) and
Calabria (1783). The large destruction left by those earthquakes led to the introduction of new
constructive principles for the buildings and the organization of the rebuilt towns. The main
anti-seismic typologies developed in that period are characterized by timber-frames, built into
the vertical walls, organized in primary vertical and horizontal beams, connected by diagonal
and horizontal joists. In the recent earthquake that stroke Ischia island, some partial collapsed
in the village of Casamicciola, a village rebuilt after a previous earthquake occurred in 1883,
showed the recourse of such reinforcement technique for the common buildings (figure 6). The
references for this kind of wooden aid are the Pombalina technique in Portugal and the Casa
Baraccata in Calabria Region.

Figure 6: A timber-frame realized in a masonry wall of a house hit by the 2018 Ischia earthquake
(representation realized by the authors).
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If the intensity of the damages of some seismic events created the conditions for the
formation of the so-called local seismic culture, with the preparation of specific measures for
improving the buildings, it is also known that the long periods from an earthquake to another,
sometimes with low magnitudes, did not contribute to maintain alive these technical solutions.
The large amount of damages occurring to the built heritage in seismic areas are mainly due to
the discontinuous application of the reinforces introduced immediately after the earthquakes
and later abandoned when the perception of the risk becomes a far memory of past times.
The sensibility to the vulnerability of masonry structures to horizontal stresses, matured in
Central and South Italy, traditionally more subjected to earthquakes respect to the North,
supported the use of wooden aids with the masonry structures. As shown in the recent study set
by C. Bartolomucci [15], a form of resilience can be recognized in the historical set of measures
applied in important architectures belonging to a city subjected by several earthquakes like
L’Aquila. Here, historical palaces are the result of a complex modification of the structures,
realized in origin without the proper preventive measures for facing the seismic actions, later
modified with peculiar solutions, able to contrast the telluric strains. Among them, the
realization of light timber vaults, the connections between flooring systems and vertical walls
by metal tie rods and the use of timber-frames into the walls introduced during the realization
of some additions (see figure 7).

Figure 7: Anti-seismic measures adopted in Carli Benedetti Palace in L’Aquila: a) heads of the metal tie rods
connecting vertical walls to horizontal structures; b) timber (radiciamento) reinforcing a masonry wall,
connected to a metal tie rods crossing a chimney flow; c) tie rods at the intrados of the arches of the porch; d) the
18th century additions composed by wooden frames, directly connected to e) the wooden reinforcements of the
vaults, forming a box-like devise with f) the vertical partitions (pictures from [15] elaborated by the authors).

The same consolidated culture based on the use of wooden reinforcements for masonry load
bearing walls and partitions is also characterizing the building technology of the 18th and the
19th century in the Kingdom of Naples [16, 17]. Examples coming from Naples and Palermo
demonstrate the attention of the designer addressed to anti-seismic preventive measures and the
problems concerning thrusting structures. The large use of vaulted ceiling in monumental
palaces and churches build in Baroque age and the experiences matured with the domes from
the archetypes of Santa Maria Novella in Florence and St. Peter in Rome contributed to keep
attention on wooden and metal reinforcements.
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4

THE ARCHIVE DOCUMENTS ABOUT VOLPI PALACE IN COMO

The long-lasting tradition of beam systems systematically applied to masonry structures is
also testified by the technical drawings realized for the project of an important palace in Como,
during the first half of the 17th century. Volpi Palace had to become the residence of Volpiano
Volpi, an important ecclesiastic that matured relevant assignments also in Rome [18].
The project was developed by Sergio Venturi, an architect from Siena, active in Rome at the
court of Pope Paolo V. The on-site activities for the building of the palace were based on an
intensive epistolary exchange between the designer, in Rome with Volpi, and the local builders.
Among the various technical aspects described in the letters, some technical drawings
contain important information concerning the building technique proposed for the realization
of the main representative rooms set at the ground floor of the palace. All the rooms are
characterized by cloister vaults (figure 8a), a typology largely diffused in Baroque age and also
known for the high lateral forces transmitted to the supporting walls. The document showing
the plan of the ground floor with the vaults presents interesting details: the setting of the wooden
carpentry is displayed along the masonry walls, with the timbers centered in the middle of the
section, and wooden joists are also arranged at the corner of each room for providing a tension
ring effect around the extrados of the vaults (figure 8b).

Figure 8: Archive documents of the executive project proposed for Volpi Palace in Como dated back
approximately to 1623: a) vertical section and b) plan of the ground floor with the tie beam system arranged
around the vaults and inserted into vertical walls (published in [18], pp. 20-21).

The case of Volpi Palace represents an experience overpassing the physical limits of the
distance between the designer and the on-site builders, but also crossing over two well defined
different cultural environments, where the art of building was deeply based on local traditions
[19-20]. An aspect of the physical and cultural distance between the actors involved in the
building of the palace is represented by the technical lexicon found in the letters, alternatively
influenced by the Roman jargon and the Lombard dialect. The timbering system is described
by using two terms, “ligato” and “telaro”, which seem equivalent, even if coming from slightly
different semantic domains. They both mean a wooden tie-rod, or a system of tie-rods [21],
used for the global firmness of the building, usually working as a passive aid. The use of timber
as additional components of the masonry walls appears here as a common practice,
demonstrating an advanced knowledge over the mechanical behaviour of vaulted spaces. Even
if important contributes in the literature, concerning historical structures, emphasized the role
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of wooden elements as anti-seismic measure, the analyzed archive documents are showing a
technical solution based on strain containment, that is described as a non-written standardized
methodology.
The practice of tying the masonry walls, involved in the load distribution under the actions
produced by masonry vaults, is described both by graphical drawings and written documents.
The role of the timbering system surrounding the vaults is more connected to the research of
the congruence of the building components more than a general response to seismic actions.
12 CONCLUSIONS
The use of timber elements in historical buildings knew a limited success in the Italian
literature produced by the main theorists about architecture. The present study collects several
examples of the application of timbering systems to the masonry building, showing a mature
knowledge of the mechanical behaviour of complex structures, like vaulted spaces, requiring
special attentions. The common practice of using tying beams in wooden material, described in
the archive documents concerning Volpi Palace, is a useful evidence of the state of on-site
practices. The common assumption that the timbering systems applied into masonry walls, as a
reinforcing grid mainly connected to the response in case of seismic actions, should consider
that the diffused knowledge of the mechanical properties of masonry vaults constituted a first
substrate for founding the technological solutions against the vulnerability of historical
buildings to seismic events.
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Abstract. The monitoring of deformations on a historical construction, both over the
entire building as well as on selected parts, is one of the essential elements of conservation
strategies. Traditional surveying techniques require placing permanent, stable markers
around the object being monitored to define a fixed reference system, and then, at specified
intervals, repeating measurements of characteristic points on the construction. The situation
becomes complicated when markers cannot be placed, and at the same time, the site is remote
and difficult to access. This is the case for El Mirador de Inkaraqay - the Incan
astronomical observatory on the northern slopes of Huayna Picchu. A method for monitoring
local deformations at this particular place was sought. The research resulted in a
photogrammetric method allowing the detection of local deformations greater than 2 mm
despite the lack of permanent reference markers.
1

INTRODUCTION

Since its very beginning, terrestrial laser scanning (TLS) has been seen as a useful tool for
documenting cultural heritage [1÷2]. Its effectiveness in monitoring structural health [3÷7]
and virtual strength test simulations of historical constructions [8] also quickly became
widely recognised. The parallel development of digital close-range photogrammetry (DCRF),
both in terms of digital camera performance and the constant evolution of software solutions,
has also directed researchers to DCRF [9÷11]. The last decade, in particular, is
abundant with publications comparing the range of application, feasibility and accuracy of
TLS and DCRF in monitoring the structural health of historical constructions [12]. The
theoretical foundations for the use of DCRF [13] as well as specific applications have been
considered, and case studies of the most famous monuments have been presented [14÷17]. An
important subject among these publications is the use of DCRF in monitoring deformations.
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2 AIM OF THE RESEARCH
Monitoring possible deformations on an archaeological site or a historical building, both
over the entire object as well as on selected parts, is one of the essential elements of
conservation strategies. The basic monitoring method requires placing stable markers around
the object in order to define a fixed reference system, and then, at specified intervals, repeating
measurements of characteristic points on the structure. Usually, laser theodolites are used for
this kind of analysis, and recently TLS has also begun to be applied.
The situation becomes complicated when, within the visibility range of the instrument, we
cannot place stable marks around the object, and at the same time the site is remote and difficult
to access, so sending a crew with special equipment is complicated and expensive. This is the
case with the Incan astronomical observatory El Mirador de Inkaraqay [18÷20], a site located
within the borders of the Machu Picchu Archaeological Park on the northern slopes of Wayna
Picchu and covered with dense jungle (Fig.1).

Figure 1: View of El Mirador de Inkaraqay ruins
exposed in the jungle in 2016 (courtesy of M. Ziółkowski)
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The very steep and insecure hill, as well as the condition of the main walls of the observatory
and the retaining walls protecting the slope, raises concerns about stability. In the case of a
monument such as an ancient astronomical observatory, it is crucial to preserve its original
geometry. Even slight deformations can lead to a state where astronomical phenomena observed
in the past will no longer be visible. For example, such as the situation with the famous “Sun
Dagger” in the Chaco Culture National Historical Park, in northwest New Mexico [21].
The essential part of the El Mirador de Inkaraqay observatory consists of two niches with
two observation holes pointing towards the Yanantin peak towering above the eastern horizon.
One of them was used by ancient astronomers to observe the Sun rising over Yanantin summit
during the June solstice, the other to follow the path of the Pleiades during their heliacal rising
along the southern slope of the Yanantin mountain [20]. Therefore, the most crucial task was
to monitor possible changes in the geometry of both niches and both observation holes. The
lower part of the niches on the solid masonry platform seems to be relatively stable. What could
be worrying are the observation holes in higher parts of both niches that are exposed to direct
erosion caused by the frequent rainfall in this area and exuberantly growing vegetation.
As already mentioned, placing stable reference markers around the observatory is not
possible due to the steep and slippery slopes. Even if it were conceivable, since this site cannot
be permanently guarded, there is a danger of possible vandalisation of markers. Although it is
remote from the part of the Park that is accessible for tourists, it is still occasionally visited. For
the same reason, it was considered not sensible to use any permanently installed devices such
as inclinometers, gap gauges or MEMS sensors [22] to monitor the condition of the monument.
Another essential factor to consider was that it was not feasible to repeatedly send a well-trained
surveying crew equipped with a 3D laser scanner or at least a precise total station to the site.
Thus a simple monitoring method that met the two following criteria was needed:
- stable reference markers near the site would not be required,
- the most straightforward equipment that did not require professional handling could
be used.
It was also necessary to determine the effectiveness and accuracy of such a method, and at
the same time propose an adequate workflow covering both the phase of data acquisition in the
field and the subsequent processing in a specialised laboratory.
3

METHODS AND TOOLS

Under the conditions of the site, DCRF with the use of a middle-class consumer camera was
the first choice. A Sony Alpha STL-A65 camera with an APS-C sensor matrix of 24 megapixels
and an attached Sony 18-55mm f/3.5-5.6 standard lens was selected for collecting photos. The
AgiSoft Metashape Professional package was used as the photogrammetric software [23]. A
Leica P40 laser scanner (Tab. 1) was the reference measuring tool to which results of the
photogrammetric approach were compared.
Table 1: Technical specification of the Leica P40 scanner [24].

Range accuracy
3D position accuracy
Range noise at 78 % albedo

1.2 mm + 10 ppm over the full range
3 mm at 50 m; 6 mm at 100 m
0.4 mm rms at 10 m; 0.5 mm rms at 50 m
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Three additional applications were also used to embed measurement results into the common
coordinate system: Leica Cyclone [25], open-source application CloudCompare [26], and
Artec Studio Professional [27] usually sold together with an Artec 3D scanner.
4

TESTING THE METHOD

The search for an effective method for detecting local deformations was divided into two
main phases (Fig. 2):
- testing the most effective methods of registering the results of photogrammetric studies
into the common coordinate system,
- determining the accuracy of the DCRF method compared to the results of TLS and direct
measurement with the calliper.
Additionally, the impact of camera pre-calibration on measurement accuracy was checked.

Figure 2: Two main phases of testing the method.

As testing fields, two sites (both in Poland) were chosen (Fig. 3). One was the rusticated
stone socle of the building of our faculty (Fig. 3 A), the other a fragment of a wall of the
medieval castle in Grodno (Fig. 3 B). Each of the selected walls has a slightly different
character. In the case of the first one, the stone blocks were closely adjacent, similar to the
original, undeformed fragments of the Incan walls of the El Mirador de Inkaraqay observatory.
The other wall, with deep, empty joints between individual stones, was to simulate a situation
when, as a result of local deformations, the joints open. A layer of modelling clay a few
millimetres thick (approx. 2-8 mm) stuck to the faces of the walls simulated local deformations.
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Figure 3: View of both testing fields.
A – the stone socle of the faculty building; B – the stone socle of the faculty building with modelling clay
simulating deformations; C – the wall of the mediaeval castle in Grodno; D – the wall of the mediaeval castle
in Grodno with modelling clay simulating deformations

4.1 Testing referencing methods
The first phase of tests aimed to indicate the most effective method of registering the results
of photogrammetric projects in a common coordinate system. Two series of measurements were
carried out. The first documented the original conditions, and the second documented the
simulated displacements of stone blocks from the application of an approximately 2 - 8 mm
thick layer of modelling clay on the axis perpendicular to the wall surface.
Two measurement methods were employed on both test fields. For the first method, the
Leica P40 scanner was used. Since the scanner did not change its position between both series
of measurements (for the undeformed and deformed wall), there was no need to adjust the
coordinate systems of both scans. Thus, the results obtained from TLS could be considered as
a reference point for further evaluation of photogrammetric projects.
The second method was the photogrammetric project, with the use of the Sony Alpha STLA65 camera and AgiSoft Metashape Professional software. Both projects (for the undeformed
and deformed wall) were scaled with meter-stakes placed alongside and perpendicularly to the
wall surface. Scaling errors for individual scale bars were within the range of +/- 0.5 mm, and
the average scaling error for both projects was below 1 mm. Resulting 3D point clouds were
exported as *.pts files and imported into the three already mentioned applications for registering
3D point clouds into the common coordinate systems.
As expected, due to the different registration algorithms implemented in each software
package, the results varied. The differences in registration became apparent after calculating
the range of detected deformations. CloudCompare software was used for this purpose. It offers
several ways of calculating the distance between two 3D point clouds. The most accurate (cloud
to mesh) calculates the distance between the points of one cloud and the centroids of the nearest
triangle of the mesh grid resulting from the other 3D point cloud. However, the process is slow
and requires a lot of computing power. In our case, we used a more straightforward (cloud to
cloud) method that directly calculates the distance between the points of both clouds. Because
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both 3D point clouds obtained from the photogrammetric projects were filtered so that the
density of each of them was within the 1 x 1 mm range, any errors caused by using the cloud to
cloud method were smaller (<1 mm) than the required accuracy.

Figure 4: Testing referencing methods – the stone socle of the faculty building.
Comparison of detected deformations: A - reference results (Leica P40); B - photogrammetric project (Leica
Cyclone registration); C - photogrammetric project (CloudCompare registration); D - photogrammetric project
(Artec Studio registration)

Figure 5: Testing referencing methods – the wall of the mediaeval castle in Grodno.
Comparison of detected deformations: A - photogrammetric project (Leica Cyclone registration);
B - photogrammetric project (CloudCompare registration); C - photogrammetric project (Artec Studio
registration

On both test fields, the best results, i.e. results closest to those acquired by TLS, were
obtained with the use of Artec Studio Professional software for registration (Fig. 4 and Fig. 5).
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The algorithm implemented there mainly takes into account the distinctive features of the local
relief of compared 3D clouds (edges, vertices, pits), and does not rely only on minimising the
root mean square error.
4.2 Testing the accuracy of the method
The second phase of testing determined the accuracy of the proposed method and was carried
out on data from a fragment of the walls of the medieval castle in Grodno registered with the
use of Artec Studio Professional software. Additionally, at several selected points, the thickness
of the applied modelling clay was measured using a calliper. At these points, detected
deformations were measured by comparing thin slices of both 3D clouds representing the
deformed and undeformed wall (Fig. 6).

Figure 6: Wall deformations detected by the DCRF method

An analogous procedure was repeated for both TLS and DCRF measurements. The results
obtained from both remote sensing methods (TLS and DCRF) were compared with direct
measurements made with the calliper (Tab. 2).
The comparison of results shows that TLS measurements tended to understate the detected
deformations (mean error = -0.29; median = -0.29), while the DCRF method overstated the
results (mean error = +0.19; median = + 0.50). Also, comparing the root mean square (RMS)
calculated for both methods indicated, as expected, that the results obtained from TLS
measurements were more accurate than those collected using DCRF. The average differences
oscillated around -0.5 mm.
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5.31
3.70
5.56
6.02
5.04
3.90
Mean error
Median
Root mean square (RMS)

Differences in
detected
deformations
(Δ=TLS–DCRF)
[mm]

6.25
4.32
5.03
6.50
4.15
4.41

Differences in
detected
deformations
(Δ=DCRF–
calliper)
[mm]

5.68
3.52
5.16
5.51
4.11
3.82

Deformations
measured with
the calliper
[mm]

Detected
deformations
DCRF
[mm]

D1
D2
D3
D4
D5
D6

Detected
deformations
(TLS)
[mm]

Point

Measuring method

Differences in
detected
deformations
(Δ=TLS–calliper)
[mm]

Table 2: Comparison of detected deformations

+ 0.39
- 0.20
- 0.40
- 0.71
-0.93
- 0.08
- 0.29
- 0.29
0.49

+ 0.94
+ 0.62
+ 0.53
+ 0.48
- 0.89
+ 0.51
+ 0.19
+ 0.50
0.69

- 0.57
- 0.80
+ 0.13
- 0.99
- 0.04
- 0.59
- 0.48
- 0.58
0.62

4.3 Determination of camera pre-calibration impact on measurement accuracy
Although the primary objective was to use any middle-class consumer camera, the last test
checked whether usage of pre-calibrated cameras could significantly improve the accuracy of
measurements. For this purpose, the open-source application AgiSoft Lens was used [28].

Figure 7: Sony A65 18 mm camera calibration in AgiSoft Lens application

Based on several photos of the standard checkerboard pattern, the software calculates and
stores all the coefficients necessary for lens calibration (Fig. 7). Stored results can be used as
pre-calibration data in every subsequent photogrammetric project based on photos taken with
the same camera. In order to determine the impact of the pre-calibration process on the final
result, two 3D point clouds obtained from the same set of photos were compared - first for a
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not pre-calibrated, and second for a pre-calibrated camera. It turned out that because the
software used in these studies had it’s own built-in lens calibration algorithms, for projects
based on over 50 images, pre-calibration of the camera had a negligible impact on the final
results - differences in the scaling of both projects did not exceed 0.2 mm.
However, it should be clearly stated that this particular conclusion is valid only for the Sony
Alpha STL-A65 camera with a Sony 18-55mm f/3.5-5.6 standard lens attached, when at least
50 images were used for the project. For other cameras and DCRF projects with a fewer number
of images, the impact of camera pre-calibration could differ.
5

DISCUSSION AND CONCLUSIONS

Analysing the results (Tab. 2), in some cases (points D4 and D5) one can notice the
unexpected large discrepancy between the results of direct measurements (calliper) and the
results obtained from TLS. They are more significant than the +/- 0.5 mm accuracy usually
mentioned in the literature when TLS is used for monitoring displacements [13]. In the case of
scanning a porous surface of crystalline rocks, this can be explained by a high scanner range
noise - much higher than that declared by the manufacturer (Tab. 1). The scanner's pulses not
only disperse on an uneven rock surface but they also partially penetrate quartz crystals where
internal, multiple reflections occur.
The results obtained (Tab. 2) allow the proposed, specific method for monitoring local
deformations by DCRF to be considered adequate for detecting displacements larger than 2
mm. Moreover, the scope of application of the method should be limited only to situations
where the use of other, more accurate and effective methods is not possible, as in the case of
the El Mirador de Inkaraqay. Further limitations of the method relate to the proportion between
the non-deformed and deformed part of the monitored object. So far, it seems that the nondeformed part should constitute at least 50% of the surveyed area. However, this issue requires
further investigation.
The proposed method enables successive monitoring of the monument only with the help of
photographs taken in the field by the crew of the Machu Picchu Archaeological Park that will
be then sent to our laboratory for analysis. The crew necessary for collecting such data in the
field can consist of only an inspector equipped with any middle-class consumer camera who is
familiar with general rules for taking photos for photogrammetric projects, and one machetero
who knows the area and can blaze a trail through the jungle. An additional factor that can be
considered is the possibility of using archived sets of photos from the past.
It is also worth mentioning that the proposed method can also be used to monitor the progress
of erosion of the faces of the monument or land surface.
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Abstract. In order to investigate the mechanical behaviour of the typical ancient rubble stone
masonry type at the archaeological Pompeii site, an experimental program was carried out on
masonry panels realized with the aim of reproducing the ancient technique opus incertum.
Three panels (1.20m x 1.20m x 0.45m) were realized by using original rock units from ruins
emerged in the excavation works at Regio V at the site and pozzolanic lime-based mortar
realized according to the traditional technique. The first phase of the experimental program
involved the accurate reproduction of Pompeii-like masonry panels and the execution of sonic
pulse velocity tests to be compared with those carried out on original structures at the site.
Thus, three in-situ diagonal compression tests were carried out to derive masonry shear
strength and relevant correlation with sonic velocities. The last phase of the experimental
program focuses on laboratory axial compression tests on five specimens extracted from the
three panels analyzed in the first phase and is herein described in detail. The results of axial
compression tests on two of such specimens in terms of axial compression strength and elastic
modulus as well as the analysis of the crack pattern and failure mode is herein presented and
discussed.
1

INTRODUCTION

The achievement of a deep knowledge of the mechanical behaviour of ancient masonry
structures is a critical issue for the preservation of the built heritage, especially in the
archaeological field [1]. Indeed, the main mechanical properties of the single building materials
and the masonry assemblages are required for the structural assessment of the masonry
structures and for the definition of proper restoration interventions. However, the need to
preserve the built heritage clearly set restrictions to the collection of standard specimens for the
execution of laboratory tests on materials and assemblages and also set restrictions to the
execution of destructive and minor-destructive in situ tests. Thus, the development of new
methodologies and investigation protocols for the knowledge of the built heritage is required
and should include: i) the contribution of different disciplines to achieve a comprehensive
knowledge and to limit the number of tests needed; ii) the application of non-destructive
methodologies, to ensure the preservation of the heritage [2,3].
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In the archaeological Pompeii site, a specific database on the mechanical properties of the
different building materials and masonry type is still lacking. Therefore, the present study is a
part of a wide experimental programme aimed to the mechanical characterization of one of the
most common masonry building technique at the archaeological Pompeii site: the rubble stone
masonry, traditionally known as opus incertum. Since the investigation of the original masonry
structures at the site is restricted to the execution of Non-Destructive Tests, NDTs, this part of
the experimental programme involved the realization of masonry panels reproducing the
ancient technique opus incertum, for the execution of Destructive Tests, DTs. The design of
the panels (i.e. definition of the mortar; shape, size, nature and arrangement of the rock units;
arrangment of the cross-section and wall thickness) was defined based on datailed geometric
and material surveys of the original structures at the site. Original rock units from the ruins
emerged in the excavation works in Regio V started in May 2018 and pozzolanic lime-based
mortars compliant with the traditional typologies were selected to built the panels. Thus, a
preliminary investigation of the mechanical properties of the single building materials was
carried out including the execution of both NDTs and DTs [4,5]. Therefore, three panels (1.20m
x 1.20m x 0.45m) were built and sonic pulse velocity tests were performed in order to provide
a useful tool for a comparison with the same tests performed on original structures at the site.
Thus, three in-situ diagonal compression tests were carried out to derive the masonry shear
strength and relevant correlation with sonic velocities. The last phase of the experimental
program focuses on laboratory axial compression tests on five specimens extracted from the
three panels analyzed in the first phase.
In this paper, the results of the first phase of the experimental programme as well as the
realization of the specimens are summarized, while the axial compression tests performed on
two specimens are described in detail. The results in terms of axial compression strenght and
elastic modulus as well as the analysis of the crack pattern and failure mode of such specimens
is herein presented and discussed.
2

BUILDING MATERIALS

The definition of the building materials for the construction of the panels was based on a indepth knowledge process on the typical rubble stone masonry type at the Pompeii site, i.e. the
ancient opus incertum. Specifically, the definition of the shape, size, nature and arrangement of
the rock units was based on datailed surveys of original structures, particulartly focusing in the
area of the Regio V at the site, while the defintion of the mortar was mainly based on the the
traditional composition and materials knowledge.
2.1 Original rock units
Three different rock types were defined to be used for the construction of the masonry
panels: travertine, lava and foam lava (i.e. “calcare del Sarno”, “lava” and “cruma”). Over the
course of the archaeological excavation work started in May 2018 at the Regio V, it was possible
to collect original units of such rock types from the newly-emerged ruins [5]. A brief description
of such rock types is summarized in Table 1.
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Table 1: Brief description of the rock types defined for the construction of the masonry panels

Travertine

Lava

Foam lava

Carbonate rock, whitish
coloured, cavernous fabric

Effusive rock, dark grey
coloured, scoriaceous, glass-rich

Tephrite subtype, dark red to
grey coloured, air bubble fabric

Ten units (i.e. three travertine units, five lava units and two foam lava units) were used for a
preliminary experimental programme that included both NDTs and DTs for the machanical
characterization of these materials. As NDTs, the experimental programme involved the
execution of Schmidt hammer rebound tests, SHR, and ultrasonic pulse velocity tests, UPV:
the first allowed obtaining the rebound number, Hr, that was related to the surface hardness of
the material; the second allowed obtaining the compression wave velocity, V, that gived
information on the homogeneity of the specimen and and can be used for the estimation of
physical and mechanical properties of the material [6–10]. In detail, the units were tested by
SHR and UPV first, then UPV and uniaxial compression tests were performed on thirty-two
cubic specimens 70mm x 70mm x 70mm obtained from the units according to [11] for the
definition of the uniaxial compressive strenght and correlation with NDTs results. Table 2
reports a synthesis of the main results of the tests performed on the rock specimens [4]. In detail
it reports for each investigated rock type: the number of units involved, n units; the average value
of rebound number obtained on the units, Hr; the number of cubic specimens tested for each
rock type, ncubes; the average bulk density of the cubic specimens, ρ; the average compression
wave velocity evaluated along the same direction of the compression load, V; the average
compressive strenght, σ.
Table 2: Main results of tests performed on the rock specimens

Rock type

nunits

Hr
[-]

ncubes

Travertine

3

17

11

Lava

5

29

8

Foam lava

2

15

13

ρ
[kg/m3]
1382
(CoV = 14%)
2300
(CoV = 4%)
904
(CoV = 10%)

V
[m/s]
2315
(CoV=19%)
1987
(CoV=26%)
1532
(CoV=13%)

σ
[MPa]
5.88
(CoV = 75%)
38.43
(CoV = 40%)
3.90
(CoV = 35%)

The main outcomes showed a significant difference among the investigated rock types.
Moreover a notable variability of the outcomes resulted for each rock type, especially as regards
the compressive strenght. This is probably due to the natural heterogeneity of the investigated
materials and the mechanical and physical decay of the collected units. As concerns the
correlation between NDTs and DTs results, the uniaxial compressive strenght was correlated
with: i) the rebound number, Hr, and ii) the parameter V∙ρ, where V is the ultrasonic pulse
velocity evaluated along the direction of the compression load and ρ is the bulk density of the
specimen evaluated before the execution of the DTs [4]. In the first case a linear function was
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defined, while in the second case a quadratic function was defined. Both correlation showed a
good matching between analytical formulation and experimental results (R2 = 0.75 and R2 =
0.80 respectively), as reported in Table 3.
Table 3: Empirical correlation between NDTs and DTs

Parameters
σ, Hr
σ, V, ρ

Empirical correlation
σ = 1.9454 Hr - 25.254
σ = 312 (Vρ)2 - 1E-05 Vρ + 13.507

Coefficient of determination
R² = 0.80
R² = 0.75

2.1 Pozzolanic lime-based mortar
A mortar consisting of putty lime as a binder and pozzolana as a aggregate with a ratio 1:3
by volume was defined for the construction of the panels. The constituent materials were
defined to be very similar to the ones traditionally used in the ancient techniques [12,13]. In
particular, the pozzolana used came from the area of the Phlegrean Fields in Campania, Italy,
as the volcanic ash that the ancient builders in Roman time used and called pulvis puteolanus.
For the mechanical characterization of such mortar six prismatic specimens 40mm x 40mm x
160mm were realized for the execution of flexural and compression tests according to [14]. In
order to evaluate the strenght evolution, a set of three specimens was tested at one month and
another set of three specimens was tested at two months from casting [4]. The main average
otucomes obtained on each set of specimens are summarized in Table 4. In detail Table 4
reports: the age at which the tests were performed; the number of prismatic specimens, nprisms;
the average bulk density evaluated on the prismatic specimens, ρ; the average flexural strength
evaluated on the prismatic specimens, f; the number of cubic specimens, ncubes; the average
compressive strength evaluated on the cubic specimens, σ. The results showed an increase of
+21% of the compressive strength moving from one month to two months of curing time.
Table 4: Main average results of tests performed on the mortar specimens

3

Age

nprisms

1 month

3

2 month

3

ρ
f
σ
ncubes
[kg/m3]
[MPa]
[MPa]
1181
0.77
2.39
6
(CoV = 3%) (CoV = 6%)
(CoV = 3%)
1105
0.55
2.87
6
(CoV = 2%) (CoV = 9%)
(CoV = 5%)

RUBBLE STONE MASONRY SPECIMENS

Three panels 1.20m x 1.20m x 0.45m were specifically designed based on in-depth survey
of the original structures at the site (Figure 1 (a)). Specifically, a newly-emerged opus incertum
masonry structure as part as the archaeological excavation at Regio V was selected, analysed
and used as a reference for the realization of the new panels. The panels were realized with
original units and putty-lime-and-pozzolana-based mortar, as described above. The wall
thickness was defined to be 0.45m based on a survey of similar ancient structures at the same
area at the site. The cross-section was defined to be double-leaves without connecting elements.
The leaves were realized with travertine, lava and foam lava ancient units with irregular size
and shape plus some fragments of other nature as in the real masonries. The units were
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embedded in the putty-lime-and-pozzolana-based mortar, without any vertical or horizontal
alignment. The internal part of the masonry was filled with the same mortar and rock fragments
or smaller units.
A campaign of sonic tests was performed on the panels as a preliminary phase to the
execution of DTs at different ages in order to: i) evaluate the evolution of the curing of the
panels; ii) compare the results with the ones of the DTs to be performed; iii) provide useful data
to set up comparison with similar old structures at the site. Indeed, sonic pulse velocity tests is
one of the most common NDT used for the assessment of old masonry structures and some
experimentation at the Pompeii site are already present in literature [15,16].
Afterwards, the first phase of the experimental programme of DTs involved the execution of
three in-situ diagonal compression to derive the masonry shear strength and relevant correlation
with sonic velocities. Diagonal compression tests were performed according to [17], with a
specific set-up designed for the execution of outdoor tests. The main results of the diagonal
compression tests and sonic pulse velocity tests are summarized in Table 5 in terms of: average
sonic pulse velocity detected before the execution of the diagonal compression tests, V; average
shear strenght evaluated according to [17], τmax; average shear strain corresponding to the
maximum shear stress, γmax; average shear modulus, G. Note that the shear modulus G was
evaluated only for two specimens due to inaccurate local recordings detected on one panel.
Table 5: Main experimental outcomes of the diagonal compression tests

V
[m/s]
2767
(CoV = 11%)

τmax
[MPa]
0.23
(CoV = 16%)

γτmax
[-]
0.16%
(CoV = 3%)

G
[MPa]
520.83

Finally, after the diagonal compression tests five masonry specimens were extracted from
the undamaged portion of the panels to perfom laboratory axial compression tests (Figure 1
(b)). In the following the first axial compression tests performed on two of such masonry
specimens are described in detail and their results in terms of axial compression strenght and
elastic modulus as well as the analysis of the crack pattern and failure mode are presented and
discussed.

(a)

(b)

Figure 1: Masonry panel 1.20m x 1.20m x 0.45m (a); scheme indicating the portion of one of the panels
extracted for the execution of the axial compression tests
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4

COMPRESSION TESTS

The axial compression test allows obtaining important information on the mechanical
properties of masonry specimens in the vertical direction: the ultimate compressive strength;
the deformation capacity; the elasticity properties (i. e. modulus of elasticity and Poisson's
coefficient). The tests consist in applying monotonically or cyclically an uniform compression
load to the masonry specimen. To obtain the compressive strength of the masonry and
investigate the deformation capacity in compression, the load must be applied to the specimen
up to the failure and the maximum load achieved and the vertical displacement must be
recorded. If the modulus of elasticity, E, is to be determined, specific measuring devices must
be applied to the specimen for measuring the vertical shortening. Moreover, for the definition
of the modulus of elasticity the compressive load should be applied by several loading cycles
until a load stage estimated to be in the elastic range with respect to the maximum load expected
[18].
In the present study, the axial compression tests performed on two masonry specimens C1
and C2 are presented. In order to ensure that the load distribution faces of the specimens were
flat, parallel between them and perpendicular to the direction of application of the load and als
in order to prevent local brittle damages, a layer of about 30 mm-thick shrinkage-free and quicksetting mortar was applied at the top and bottom surfaces of each specimen. Between the
specimens and the hydraulic cylinder of the testing apparatus, a steel beam and a steel platen
were placed on the top surface of the specimens in order to ensure a uniform loading. The test
on C1 was performed under displacement control with a rate of 0.02 mm/s in order to define
the maximum force attained. Conversely, a cyclic testing protocol including three loading
ramps until one third of the maximum expected force with the same rate was used in case of C2
specimen in order to investigate the elastic behaviour of the specimen. At the achievement of
each relative maximum load, a constant ramp of 120s was defined, in order to stabilize the state
of stress in the specimen. Several measuring devices, i.e. linear variable displacement
transducers, LVDTs, were applied to the specimens. Given a reference system with the axes x
parallel to the leaves of the masonry specimen, the axes y parallel to the cross section and the
axes z in the vertical direction, the measuring devices were positioned for each specimen as
follows: i) one longitudinal LVDT (i.e. positioned along the direction x and fixed to an external
support; ii) one transversal LVDT (i.e. positioned along the direction y and fixed to an external
support); iii) four vertical LVDTs (i.e. positioned along the direction z and directly fixed to the
specimen). Figure 2 shows the preparation of the specimens, the test set up and the location of
the measuring devices.
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(a)

(b)

(c)

Figure 2: Compensating layer on the up and bottom surfaces of the specimens (a); test set up (b); location of the
measuring devices for each panel (c)

4.1 Experimental outcomes
The specimens showed similar maximum compressive load, thus similar compressive
strenght (i.e. Fmax=369.12 kN and Fmax=368.12 kN, σmax=1.52 MPa and σmax=1.49 MPa, for C1
and C2 respectively). For the evaluation of the vertical strain, the average measurements
recorded by the four vertical LVDTs fixed on the specimens were used. Similar results were
obtained in terms of vertical strain corresponding to the achievement of the maximum
compressive stress also (i.e. εσmax=0.0050 mm/mm and εσmax=0.0052 mm/mm, for C1 and C2
respectively). For C2 the modulus of elasticity, E, was evaluated as the average of the slopes of
the loading ramps in the stress-vertical strain curves.
The main experimental outcomes obtained for C1 and C2 are summarized in Figure 3, Figure
4 and Table 6. In detail, Figure 4 reports the compression stress-vertical strain curves for C1
and C2 and Figure 4 reports the compression load-displacement curves in the direction x, y and
z for C1 and C2.
The recordings were stopped on the post-peak phase in correspondence of the attainement
of the 85% of the maximum stress, except where the measurements were stopped before due to
the low quality of the acquisition or the detachment of the measuring devices. From the curves
it is possible to observe that the specimens showed very similar behaviour in terms of
compression stress-vertical strain relationship despite the different loading protocols applied.
A more relevant difference between the two specimens can be detected for the displacement in
the horizontal plane. However, both specimens showed a more significant expansion in the
direction x than in the direction y.
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Figure 3: Compression stress-vertical strain curves for C1 and C2
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Figure 4: Compression load-displacement curves in the direction x, y and z for C1 and C2

Table 6 summarizes the main experimental outcomes in terms of: maximum compressive
load attained, Fmax; area of the cross section, A; compressive strenght, σmax; vertical strain
corrsponding to the achievement of the compressive strenght, εσmax; modulus of elasticity, E.
Table 6: Main experimental outcomes

Fmax
[kN]
369.12
368.12

A
[mm2]
243000
247500

σmax
[MPa]
1.52
1.49

εσmax
[mm/mm]
0.0050
0.0052

E
[MPa]
1252.7

A preliminary comparison is reported with reference to the elastic modulus computed through
the sonic pulse velocity test and the elastic modulus experimentally obtained. Indeed, according
to [19], it is possible to evaluate the dynamic modulus of elasticity, Ed , for a concrete specimen
from the pulse velocity, V, of the longitudinal stress waves according to the following equation:

499

Francesca Autiero, Giuseppina De Martino, Marco Di Ludovico, Andrea Prota

Ed (1 − υ)
𝑉𝑉 = √
ρ(1 − 2υ)(1 + υ)

Where
- V is the sonic pulse velocity of the specimen;
- Ed is the dynamic modulus of elasticity;
- υ is the dynamic Poisson ratio;
- ρ is the density.
Such equation was defined on the assumption of solid, elastic, isotropic and homogeneous
material. Despite masonry is not an homogeneous material, the use of such equation has been
considered in some studies for a primary estimation of the mechanical properties of a masonry
specimen from the results of a sonic pulse velocity test [20,21]. Thus, in order to assess a
comparison between compression tests and sonic pulse velocity tests results, the dynamic
modulus of elasticity Ed was calculated, by assuming:
- V equal to 2767 m/s (i.e. average sonic pulse velocity of the specimen);
- υ equal to 0.25;
- ρ equal to 1406 kg/m3.
The density was evaluated according to a simplified homogenization procedure based on the
bulk density of the single components reported in Table 2 and Table 4. According to such
procedure the the dynamic modulus of elasticity Ed resulted to be 8971.3 MPa.
In the present evaluation, the calculated value of Ed was significantly higher than the one
evaluated through the compression test. This confirmed the need to establish specific
experimental relationship for the estimation of mechanical parameters from the sonic test
results, based on the specific masonry typology.
As concerns the crack pattern, almost vertical thin cracks developed in the mortar matrix at
first, then the crushing of certain units and the expulsion of material outward also occurred. In
particular, the units with a lower strenght, i.e. travertine, foam lava and clay fragments were
mainly invlolved in the crack pattern. The view at failure of the two specimens is showed in
Figure 5.

(a)

(b)

Figure 5: Collapse of the specimens: C1 (a) and C2 (b)
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4

CONCLUSIONS

Three rubble stone masonry panels 1.20m x 1.20m x 0.45m were realized reproducing the
ancient technique opus incertum at the archaeological Pompeii site. The panels were realized
with original rock units collected at the site and mortar made with putty lime and pozzolana.
The experimental program on the panels involved a preliminary phase for the characterization
of the building materials, including the execution of both NDTs and DTs on the rock units.
Therefore, sonic pulse velocity tests were performed and then three in-situ diagonal
compression tests were performed on the panels. Finally, five masonry specimens were
extracted from the three panels and the first laboratory axial compression tests were performed
on two specimens. The first outcomes showed:
The axial compression strength were almost the same for C1 and C2 (i.e. σmax=1.52
MPa and σmax=1.49 MPa respectively) despite the variability of size, shape, nature and
arrangement of the units within the two specimens;
The modulus of elasticity of the specimen C2 resulted 1252.7 MPa;
Despite the different loading protocols applied, the specimens showed very similar
behaviour in terms of compression stress-vertical strain relationship with almost the
same vertical strain corresponding to the achievement of the maximum compressive
stress (i.e. εσmax=0.0050 mm/mm and εσmax=0.0052 mm/mm, for C1 and C2
respectively);
Both specimens showed higher lateral expansion in the direction perpendicular to the
cross section compared to the direction perpendicular to the main surfaces;
The crack pattern mainly developed in the mortar matrix (σmax=2.87 MPa at two
months of age) and the expulsion of material outward occurred;
The units with lower compressive strenght (i.e. travertine and foam lava with σmax=5.88
MPa and σmax=3.90 MPa respectively) were damaged while the units with higher
compressive strenght were not involved in the crack pattern (i.e. lava with σmax=38.43
MPa)
Based on the design process and the building materials adopted for the realization of the
masonry specimens, the experimental results showed above could be a unique and useful tool
for a preliminary examination of the mechanical behaviour of one of the most common masonry
building technique at the archaeological Pompeii site.
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Abstract. Cracks are structural pathologies that affect the structural integrity of historical
buildings. The methodologies commonly used to detect cracks are based on visual inspections
or in intrusive techniques that involve removing external wall layers. The main objective of this
study is to develop and validate a semi-automatic and non-destructive tool that helps the user
to analyze the position and growth of the cracks in masonry constructions based on a
photogrammetry analysis. The developed tool uses image processing to plot a curve of the crack
area, and, in case needed, its evolution over time. The tool was validated in laboratory using
earthen samples that were subjected to uniaxial compression tests. The research also provides
the results of the tool used in a case study of a 16th Century stone masonry church located in
the main square of Cusco; Southern Peru. This case study validates the qualitative metrics of
the present work, and indicates that the tool provided accurate results when compared to the
ground truth, which could be helpful in future research studies in order to automatize crack
monitoring.
1

INTRODUCTION

When the Spanish arrived to Peru, they started the evangelization process, that was done
among others, by replacing sites that were sacred to the Inca culture, with churches to impose
Christianity. Therefore, destroying partially or fully the predominant stone structures and
introducing an earthen mixture of materials called adobe as the main material. These structural
modifications resulted in multiple constructions of adobe and mixed structures combining
adobe with stone [1]. In Peru, 30% of dwellings are built with adobe because the supply
materials are low-cost and comfortable. The downside of this material comes from its
vulnerability to the destructive effect of telluric movements [2]. Structural Health Monitoring
of heritage constructions allows researchers to have a better understanding of the current
behavior of the structure and it benefits its preservation. Often this procedure requires the
installation of many of sensors in order to extrapolate the global behavior of the structure and
process that information about the anomalies present in the structure [3]. Machine Vision
technologies have been studying procedures that could benefit Structural Health Monitoring;
the most commonly used system consists of an image acquisition device, a computer and an
image-processing tool. Using a system like this would allow the user to record how the structure
changes through time, therefore allowing the image-processing tool to detect anomalies like
cracks as they change in time [4].
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2

MACHINE VISION TECHNIQUES

Machine vision techniques have come as the technological approach for crack detection and
monitoring, given that the conventional methods are usually performed by experienced human
inspectors who identify and manually draw the crack patterns [5]. Machine vision
methodologies mostly use a configuration as shown in Figure 1. This set up consists of the
tested structure and targets, the Image Acquisition Device that captures and stores the
information in a computer where it is processed with an Image-Processing Tool that is tailored
to the specific purpose of the study [4].

Figure 1: Machine vision methodologies most used measurement system.

In recent years, different types of technologies are being used towards the development of
better tools to facilitate the work involving of monitoring structures. These techniques are of
great importance due to the non-destructive approach that they provide regarding the
assessment of buildings [6]. Specifically, for crack detection and monitoring, there has been a
variety of approaches involving new technologies like photogrammetry, which allows a better
detection of the targets in order to give more precise quantitative results [7]. In most cases, there
is a specimen preparation process that involves the creation and insertion of the targets that
would later be used by the image-processing tool to correlate images within the same test or to
assess how much has the crack changed [8,9]. Therefore, the creation and selection of the target
used is an important step that affects directly the results; however, even more important is the
ability to detect and use the information that the target provides to the image-processing tool
[10].
3

DEVELOPMENT OF IMAGE PROCESSING TOOL

The initial hypothesis of this work is based in the use of tensor voting in order to detect the
pixels, that belong to the crack, in an image, by properly analyzing edges between these pixels
and the background [11]. This tool was developed with Matlab 2019b, and its Image Processing
and Computer Vision toolboxes [12]. First, the images were captured with the acquisition
device, in this case a D5000 Nikon camera. Next, the images (Figure 4) were processed by
isolating the part of the image where the target is located and then cropping the ROI (Region
of Interest). The ROI is used as the area where all the binarization algorithms are performed.
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Initially, a sparse detection of the pixels belonging to the crack is performed by analyzing the
overall variation in color between the crack and the background. After that, stick voting is
applied to the previously detected pixels to analyze the interaction between them. Finally, the
tensor voting algorithm is applied to establish which pixels are proximate enough to others to
be part of the crack. On the other hand, the region where the target is contained is processed to
detect the red target and extract its measurements. The real measurements of the target are
known; therefore, they were compared to the metrics extracted from the previous step. This
process allows the tool to obtain a resolution in pixels/meters. Due to human error introduction,
the images taken are not entirely parallel to the surface of the specimen, thus, the measure in
pixels of the target will not be exactly the same horizontally and vertically, as it should be,
given the shape of the target. The final step, consists of calculating the area of the crack in
pixels and converting it to meters with the previously calculated resolution.

(a)

(b)

(c)

(d)

(e)

(f)

Figure 2: Process that the acquired images follows (a) image acquired (b) target region (c) ROI of the image (d)
image after the binarization algorithms (e) final binarization in green over the original ROI in RGB and (f) the
comparison between the ground truth and the final binarization.

All of the binarization algorithms use the resolution provided by the target in order to clean
the image from little imperfections that could be mistaken by a crack pixel. The user sets the
minimum and maximum thickness of the crack, this is very important because it provides the
approximate scale of the crack compared to the scale of the image, all the measurements are set
in meters. While creating the target the circle was selected, because it is an easy shape to detect
and it fits in a rectangle, therefore the horizontal diameter and vertical diameter would be given
by the size of the rectangle that wraps it. The red color for the circle was selected because in an
RGB image it is easier to eliminate any of its primary colors (red-R, green-G, blue-B). The first
part of the detection of the target allows the user to select where the target is, it does not have
to be precise because, the algorithm detects only round objects, after that, a bounding box is
stablished and later used for the calculation of the resolution in pixel/m. This part of the process
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is straightforward but it is taken into account that the camera might not be directly parallel to
the surface of the specimen, thus, whereas the actual measurements of the circle are the same
vertically and horizontally this is not necessarily the case with the measurements of the
bounding box. Therefore, this step calculates the vertical and horizontal resolution.
The algorithm starts to process only the last image in the database, in order to get the fully
formed crack and goes backwards from there. This helped reduced the errors regarding sudden
detachment of adobe that could introduce error in the segmentation. The first step to find crack
pixels consists in a binarization where the threshold was calculated according to where did the
most difference in color occurred by gray value. A Laplacian 3x3 kernel was used to do a local
convolution and stablish local differences between the neighbor pixels. After that, the
differences where added up according to its corresponding gray value. The first binarization is
performed using the gray value with the most difference and a binary image with the initial
crack pixels is obtained. After this process, Tensor Voting is applied to the binary image that
shows the sparse set of pixels belonging to the crack. Tensor voting uses a proximity vote,
which allows pixels close to each other to have a stronger vote, therefore, the further a way they
are the weaker the vote. This allows to easy rule out the noise that could be introduced into the
image for various reasons.
Lastly, the area is extracted at every stage for each specimen, obtaining the graphics that
could be analyzed later to see the relation between the load and the change of area. This process
consists on another vote in a 4 neighborhood, which assigns the area of 1 to a pixel that is fully
surrounded by 4 crack pixels. Thus, gathering the area in pixels for all images. With the
horizontal and vertical resolution obtained in the target detection process, the calculation for
the actual area in meters done by multiplying both resolutions to get the pix2/m2. Finally, the
monitoring process involves the same steps repeated through all the images acquired for each
specimen.
4

VALIDATION IN LABORATORY

4.1 Data acquisition:
This research used the C109 standard by ASTM to elaborate the specimens for the data base,
even though this standard is set for cement mortars [13], it is used for adobe in this case because
of the lack of any international standards referring to compression tests in adobe. Therefore, the
specimens used in this first stage where made in cubic molds of 50mm per side, the proportions
used to get an stabilized earthen mixture were 60% of natural soil earth and 40% of sand. The
added water needed to be between the 8% or 9% of the total weight of the previous mix [14].
However, the mentioned proportion of water was used to build compressed blocks in a
compression machine, so for this process the water used was between 10% and 20%. For the
present paper there were 10 specimens evaluated, all the samples were tested in a MTS E45
compression machine until the crack became a rupture compromising the integrity of the block.
The acquisition system used in this process is consistent with the machine vision
methodologies used in recent years. In Figure 3, there is a representation of the layout
configuration for the compression tests that were performed in the specimens to generate the
cracks that would be evaluated later. In this layout, a set of two stereo lights was used to enhance
the illumination inside the compression machine as its structure introduced shadows that would
pollute the acquisition of data. The camera captures the images with a resolution of 12MP
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(4288x2848), it was set at a distance of 45cm from the specimen with the lenses approximately
parallel to the surface of the specimen. A separate program was created in Arduino for the
acquisition of data to obtain the pictures automatically while running the compression test.
Therefore, we obtained a different number of images per specimen, because the time of rupture
was moderately different. The Arduino was connected to a Surface tablet in order to stop the
acquisition when the compression test finished. After that, all the images where introduced in
a computer where each data base went through an automatic organization process, that would
help later with the image processing tool developed in this work.

Figure 3: Data acquisition system layout.

Finally, in order to scale and get an approximately measurement of the cracks area a target
was introduced into the tests. The target is shown in Figure 2.a, the red circle in the middle has
12.7mm of diameter. This would be later detected and used to scale the image in order to have
the resolution in pixels/m, the target was positioned parallel to the surface of the tested
specimen.
4.1 Results
The qualitative results of this methodology are given by the Intersection over Union (IoU)
metric which measures the intersection of the pixels detected and the pixels provided by the
ground truth over the union of the same groups. Considering, that the pixels that are part of a
crack do not represent more than 20% of the images, the accuracy would not be the best fit for
a qualitive metric for the results given by the present tool. The IoU metric of each of the ground
truths for all the specimens is given in Table 1, which shows that the IoU for the first frame in
almost all the tests is 0.0%, this is because the first frame does not have any cracks, therefore,
the ground truth does not have any pixels to be compared with. However, during the tests,
specimen 4 did have some visible cracks that where drawn on the ground truth but since their
thickness is lower that the resolution of the tool its segmentation does not show optimal results.
Moreover, specimen 2 did not have any cracks shown until after the frame corresponding to the
second ground truth, therefore, its IoU in the second column shows a 0.0%. Accordingly, the
column corresponding to the second ground truth, mostly represent cracks that could be below
the 1mm thickness required to be detected. Finally, the columns that show the ground truths 3
and 4 provide a good result given the resolution condition.
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Table 1: Qualitative metric IoU percentage obtained by the comparison of the tools output and the ground truth
of every specimen.

Ground Truths
Specimen 1
Specimen 2
Specimen 3
Specimen 4
Specimen 5
Specimen 6
Specimen 7
Specimen 8
Specimen 9
Specimen 10

Intersection over Union (IoU)
1
0.0%
0.0%
0.0%
13.9%
0.0%
0.0%
0.0%
0.0%
0.0%
0.0%

2
74.0%
0.0%
67.6%
58.5%
78.6%
70.3%
51.1%
83.3%
82.4%
84.9%

3
85.3%
70.9%
79.2%
65.2%
84.9%
84.1%
79.9%
79.9%
84.5%
87.3%

4
92.1%
91.0%
78.4%
84.8%
85.5%
90.2%
87.4%
79.2%
90.3%
90.1%

In Figure 5, it is shown the result of the comparison between the Ground Truth segmentation
to the one realized by the tool in two specimens. The color green represents the accurate
segmentation of the crack, the color red provides information about the false negative pixels
and lastly the color blue displays the false positive pixels. For each test, four ground truth
images were created in order to validate the monitoring of the cracks through time, this manual
segmentation was performed with the Image Labeler belonging to the Computer Vision toolbox
and was done pixel by pixel

(a)

(b)

Figure 4: (a) Comparison of the proposed segmentation with the ground truth in the last frame of specimen 3
and (b) Comparison of the proposed segmentation with the ground truth in the last frame of specimen 5.

The quantitative results of the tool are provided by the change in the crack’s area produced
through time. Thus, each row in Figure 5, represent different frames in time while the crack in
each specimen starts to grow. The first column represents the first frame where no crack was
previously formed. The next column corresponds to the 150th image for each specimen in this
part both adobe cubes where still on the elastic deformation region. Specimen 2 shows cracks
but little segmentation, this is because the cracks in that image are thinner than 1mm which is
the minimum thickness that the tool perceives. The third column shows the image in the elastic
limit point where the adobe cubes enter the plastic deformation region and the crack starts
growing faster. The last column the last frames of each test.
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(a)

(b)

(c)

(d)

(e)

(f)

(g)

(h)

Figure 5: Images that represent how does the crack changes (a) first image of specimen 1, (b) image 150 of
specimen 1, (c) image 293 of specimen 1, (d) last image of specimen 1,(e) first image of specimen 2, (f) image
150 of specimen 2, (g) image 273 of specimen2 and (h) last image of specimen 2.

The results of the first 5 specimens are shown in Figure 6, which is a graphic corresponding to
the change of the area versus the time of duration in each test. It is correlated to Figure 5, the
letter indices correspond to the frame the belong to. Thus, Figure 5a and 5e are the first frames
of the tests for Specimen 1 and 2, and so on. The graphic shows that two specimens where more
resistant and the growth in their cracks area is moderately constant, it also compares how in
some specimens the area of the crack is substantially bigger. The points “c” and “g” correspond
to the limit where the behavior of the adobe cubes stops representing a constant growth, the
crack’s area starts to change rapidly and reaching faster the rupture point.

Figure 6: Graphic of the change in area of the cracks in the first 5 specimens through the duration of the tests.
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5

VALIDATION IN A HISTORICAL STONE MASONRY CHURCH

The case study evaluated in this paper is focused on an important heritage building, which
is part of the Andean Baroque Route, composed of four representative churches of Cusco, Peru.
The Church of the Society of Jesus, was built in 1576 over the Inca temple called Amaru
Cancha, however, it suffered the consequences of the 1650 earthquake and had to be re-built in
1651. In this occasion, it was contemplated with three doors facing the main square; the main
vault was finished and closed in august of 1653. In 1950, another earthquake caused damage
mainly in the structures of the façade and choir. The structure was rebuilt in a Latin cross shape,
its façade, shown in Figure 7.a, is made of profusely decorated stone and it has two bell towers
and two external chapels.
This research was part of a project for the Structural Health Assessment of the church. In
order to know the current state of the building image registration was performed. Consequently,
cracks and humidity spots on the inside and outside of the church were registered. A great
number of cracks was found in the façade, therefore, a large number of images was collected.
The pictures shown in Figure 7.a and 7.b, were some of the most representatives within the
research. In order to assess the cracks in this structure these pictures were evaluated with the
tool provided by the research on this paper. Particularly, for this evaluation it was not possible
to use the target. However, the results obtained validate the accuracy of the test using the IoU
metric.

(a)

(b)

(c)

Figure 7: (a) The church of the Society of Jesus, (b) right bell tower and (c) left side of the façade.

5.1 Results
The qualitative results are shown in Table 1, which confirm that the great variations in
contrast that the façade has play against the capabilities of the presented tool. However, the
results do not correspond to a poor segmentation, it is also seen in Figure 8 how some junctions
are not detected as cracks.
Table 2: Qualitative results for two pictures from Figure 9.

IoU

1

2

3

56.3%

61.1%

55.5%

In Figure 8, the results of the tool being used are shown in the images obtained of the
representing cracks of the façade of the church. Due to, the large variation in color in the façade
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the use of the tool was performed in parts as its shown in Figure 8, the first two columns
represent parts of the same image, in this case the full image is presented in Figure 9.b. The
third column of Figure 8 represents another part of the façade, in this case only one section had
visible cracks, the full image is presented in Figure 9.b. In the second column belonging to
Figure 8, it is shown how some parts of the borders and shadows introduced become false
positives for the tool being represented in blue. Moreover, in Figure 8.f, some cracks that were
not detected represent cracks of a thickness below the proportional minimum, given that these
images represent a bigger surface than the adobe cubes previously tested.

(a)

(b)

(c)

(d)

(e)

(f)

Figure 8: (a),(c) and (e) are the segmentation in green over the ROI, (b),(d) and (f) are the qualitative result of
the tool from different cracks on the façade of the Society of Jesus.

(a)

(b)

Figure 9: (a) Image 1 of the top part of the façade, (b) Image 2 of the middle part of the façade.
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6

CONCLUSIONS

The results in this research show that the tool developed has high accuracy in segmenting
the crack selected in order to perform a geometric characterization to get the crack’s area and
see how it changes trough time. This feature is the key contribution of this research, because it
provides a tangible measurement of the change the crack suffers in time. For the field of civil
engineering and real estate business, it is of upmost importance to control cracks as they start
to form in order to assess if the crack will become a danger to the integrity of the studied
building.
Therefore, it can be used in studies regarding cracks that could potentially become a great
danger, the change in the area could become a red flag if it starts to increase rapidly compared
to the rest of the monitored time.
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Abstract: The history of the South African construction industry dates as far back as the Castle
of Good Hope (1666), Slave Lodge (1679), Robben Island (1700), Union Buildings (1913),
memorials and cathedrals, among many others. These structures represent the political,
slavery, liberation and religious history of South Africa and its development throughout the
years, while also contributing towards economic growth through tourism. Historical buildings
stand out from the rest of the modern constructions as they portray marvellous architectural
designs and unique materials used for their construction. However, due to ageing and
environmental conditions, they often show critical signs of deterioration, which threaten the
existence of some. In attempts to rescue these national treasures, the use of Portland cement,
which is considered incompatible with the original materials, has become a common practice,
not only in South Africa but abroad. To avoid disparity in materials during repair of historic
structures, original material characterization is therefore recommended. This paper
investigates the effects of Portland cement used on the repairs of historical masonries of the
Castle of Good Hope, Cape Town and buildings on Robben Island, in South Africa. The mortar
samples were collected from the Castle and analyzed using the techniques such as the visual
investigation, cohesion test, microscopic and titration test. It is observed that the original limebased mortars are not compatible with the Portland cement produced mortars. It was evident
on the masonry, as the repairs are repelling from the original surfaces on these two structures.
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1

INTRODUCTION

Historical buildings deteriorate with apparent signs of material failure which is caused by
several factors that include the following: Ageing of the structure, human negligence and
ignorance, high humidity and rainfall, temperature changes due to seasonal changes and drastic
fluctuations in day and night temperatures, atmospheric moisture, exposure to soluble salts, air
pollution, chemical processes and biological attack by plants and animals [1]. Despite the factors
outlined above, the durability of historic buildings depends on their regular maintenance. It is
of obvious benefit that defects are prevented beforehand. However, regular maintenance with
incompatible materials is equally discouraged. If these heritage legacies are not properly
maintained, the economy suffers because of repeated repairs and loss of authenticity during
restoration, which causes a reduction in tourist traffic. Hence, their protection with proper
maintenance and use of compatible materials needs to be prioritized to ensure their continued
existence and functionality.
The repair and restoration of heritage structures is a major challenge, as most of these
buildings were built using materials that have been superseded by modern construction
materials. The overall challenge is incorporating the old mortars (of unknown properties) with
new materials, to solve the problem of decay. The challenge is a result of the availability of
many new materials caused by growth in the construction industry in recent years. As a result,
the construction industry opts for modern construction materials to solve the decay problems
associated with historical structures. The typical procedure for restoration of ancient lime-based
mortars is through the application of Portland cement, but the approach often fails to remedy
the problem [2]. The use of Portland cement binders that are different from the original has
negative repercussions on repaired surfaces, and therefore, more damage than benefit is usually
the case [3].
The properties of Portland cement differ significantly from the original materials, thus
causing reactions and acceleration of defects [2]. The application of Portland cement-based
materials on historic masonries is common in South Africa. This was mentioned in an interview
with the manager of the Built Environment Unit of the South African Heritage Resources
Agency (SAHRA). He stated that during the most heritage building maintenance projects in
South Africa, the common practice is the replacement of the original material with Portland
cement [4].
The failure of Portland cement-based mortar when repairing structures where historic limebased mortars were used is due to the difference in properties of Portland cement when
compared with most of the ancient materials (lime in particular). Therefore, the substitution of
original materials with Portland cement intensifies damage to the original fibers in the mortar,
hence, causing deterioration of the masonry.
The current lack of understanding of the original material behavior has seen several
restoration projects result in disaster. Most researchers fail to understand the concept of
compatibility when it comes to restoration of historic mortars [5]. For developing countries such
as South Africa, this approach has undoubtedly impacted negatively on the economy, as
repeated repairs have been necessary in the case of the re-pointing and re-plastering of Robben
Island, where incompatible cement materials were used [6]. The Conditional Assessment Report
indicates that some of the oldest buildings on the island appeared to have lost their historic
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features due to previous maintenance, which did not consider air circulation within the wall
structures. The conclusion made was that most buildings’ plaster and raised pointing needed to
be removed, as they were suspected to be silicone and Portland cement, which are detrimental
to the overall fabric. It was therefore recommended to replace the plaster and the pointing
material with lime-based material which matches the original material. This is a compatibility
criterion, according to the International Charters and Balkesten (2010). It is emphasized that
newly introduced materials in conservation and restoration of historic structures need to match
the properties of the old materials; otherwise, failure is guaranteed[7].
Compatibility can be achieved through characterization of the original materials before
searching for new repair materials [8]. A study on the charaterization of historic mortars is a
requirement prior to restoration, and it includes information on aesthetic and material property
compatibility (physical, chemical and mechanical) [5]. The compatibility of heritage materials
is entirely dependent on the characterization of the original materials prior to restoration.
Mortars and grouts used for repair of historic buildings must have properties that are compatible
with the original: equal in strength, adhesion, flexibility and porosity.
2

USE OF PORTLAND CEMENT ON LIME MORTARS

The use of Portland cement for the repair of historical monuments as mentioned by SAHRA
Bult Environment Manager is visible on the Robben Island and Castle of Good Hope, in South
Africa. The island has undergone maintenance and repair works in recent years (1999 onwards)
[6]
. In the Island’s assessment report, it was stated that the repairs on the wall pointing did not
consider how air circulates through wall sections and how condensation and dampness were to
be treated. It has been concluded that the repair work caused further damages to wall sections.
SAHRA has proposed maintenance work to rectify the previous restoration mistakes on the
island. The deterioration seen on some of the oldest buildings on the island is shown in Figure
1. Regrettably, the material used for repair proved to be incompatible with both the original
mortar and the masonry surface itself, and thus are seen to be detaching from the original surface
on both the maximum-security prison (1700s) and the pre-primary school building (1800s).
Original lime
material

Repair OPC
material

Figure 1: Deterioration and use of Portland cement on Robben Island masonry
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The disparity in materials (Figure 1) is due to the difference in properties of the lime materials
that have a low modulus of elasticity and high permeability to water and water vapour [9]. The
Portland cement, on the other hand, has a high soluble salts content which results in salt
crystallization, large thermal expansion coefficient and low porosity [2].
3

CHARACTERIZATION FOR COMPATIBILITY

Compatibility is “utilizing materials that do not have negative consequences on the original
materials” [10] and is a significant factor to assess before selection of a mortar to be used alongside suitable procedures for restoration of heritage mortars [11]. The definition is based on the
properties of the original mortars, which are compared to the repair mortars and should match
the original in terms of physical, mechanical and chemical properties [12]. This is to guarantee
the long-term durability and strength of historical structures. It is therefore essential to conduct
a detailed assessment of the material properties before carrying out repair works. Finding a
compatible material to duplicate the original is an ever-greater challenge globally [13]. However,
original material analysis assists in the production of a good repair mortar that matches the
original [14]. The knowledge of original material properties makes it possible to foresee and
predict how the historic structure will react with restoration materials applied to it.
4

STUDY LOCATION

The Castle of Good Hope is located in Cape Town, South Africa. It is the second fort at the
Cape, dating from 1666 to 1679, and is the oldest existing colonial building in South Africa [15].
It was originally located on the coastline of Table Bay, but, after land reclamation activities, it
is now some distance from the coast [15]. It has a pentagonal shape (Figure 2a) and is made of
stone and block masonry, as shown in Figures 2(b) and (c). The castle, like any other old
building, experienced deterioration, threatening its continued use and even existence. A
complete restoration was executed around the mid to late 1960s [16]. Some of the most recent
repairs on the Castle are visible from a distance, as depicted in Figure (2c).
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(a)
Original
surface

(b)

Repaired
surface

(c)

Figure 2: (a) Sky view of the Castle[17] (b) Entrance (c) Masonry

5

MATERIALS AND METHODS

5.1
Materials
In terms of the South African National Heritage Resources Act (Act No. 25 of 1999), Section
34, a permit was granted by SAHRA before collecting the hardened mortar samples from the
old kitchen wall at the Castle. An experimental approach following an on-site assessment was
used for characterization of the sampled mortars. The sections that are in poor condition were
identified, and their condition carefully assessed. The representative mortar samples were
collected in accordance with the procedure by Ngoma [18], using a small hammer and chisel.
The description of colour, texture, sample type and location were recorded on a data sheet [18].
After collection of the in-situ materials, the samples were gently crushed using a mortar and
pestle then, further physical, mineralogical and chemical analyses were carried out.
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5.2 Methods for material analyses
The proposed tests were performed based on non-destructive and minor destructive testing.
A series of aesthetic (visual investigation and microscopic analysis), mineralogical and
chemical tests (titration) were carried out. A limited quantity of samples was used due to the
limitations associated with the removal of materials from historical structures. The aesthetic
characterisation was undertaken to avoid harm to the original material and to preserve the
aesthetic effect created by a specific colour or texture. From this survey, it was possible to
distinguish between the original and the repair material. The colour difference helped to track
down the possible application of the modern material on the structure. This can clearly be seen
on the Castle’s wall section in Figure 2 (c). The difference seen is a clue for the investigator in
terms of the possible difference in materials, though this hypothesis, needs to be tested with
further analysis of the materials in the laboratory. The detailed procedure for physical analysis
is presented in [19].
Additionally, mineralogical and chemical characterization (complexometric titration test
using ethylenediaminetetraacetic acid) was carried out to determine the minerals present in the
mortars and the type of binder and aggregates used[20,21]. For mineralogical analysis, the filtrate
was investigated using reagents and indicators to determine salts present in a sample. The
chemical analysis was carried out using a method that analyzes the filtrate containing oxides of
elements present in a sample [20]; from that, the cementation index (CI) was calculated. The
cementation of historic mortars is one of the essential aspects to investigate during the
characterization process [22]. The procedure identifies the element oxides such as silica (Si),
aluminium (Al), iron (Fe) and magnesium (Mg) to be used for calculation of CI as shown in
Equation (1) [22].
CI =

6

(2.8 x %SiO2 + 1.1 x %Al2 O3 + 0.7 x %Fe2 O3 )
(%CaO + 1.4 x %MgO)

(1)

RESULTS

The aesthetic and physical results indicated whitish lime mortars made of sand aggregates,
incorporating seashell fragments having diameters between 0.5 and 25 mm, and grey repair
mortars as shown in Table 1. Part of the physical characterization results have been presented
in [23]. Looking at the structure as a whole, the grey material occupies only a minor area, making
it the repair material. It was evident from the masonry that the applied repair materials did not
match well with the original materials. This was concluded based on the time frame of the
repairs and the condition of the recently repaired areas.
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Table 1: Mortar characterization
Sample ID

Color

Cohesion

CI

Binder

Aggregates

SK1

Whitish

Tough

0,30

Sub-hydraulic lime

Fine sand

SK2

Whitish grey

Tough

0,38

Slightly hydraulic lime

Coarse sea sand

SK3

Whitish yellow

Tough

0,20

Sub-hydraulic lime

Fine sand

SK4

Whitish grey

Very tough

0,63

Moderately hydraulic lime

Fine sand

SK5

Whitish

Tough

0,46

Slightly hydraulic lime

Fine sand

SK6

Cream white

Tough

0,24

Sub-hydraulic lime

Fine sand

SK7

Light yellowish

Friable

1,18

Natural or Portland cement

Very fine clayey sand

SK8

Reddish brown

Friable

1,08

Eminently hydraulic lime

Clayey soil

SK9

Yellowish orange Friable

2,41

Natural or Portland cement

Clayey soil

The mineralogical characterization was carried out using the precipitation method, which
analyzes the colour change, denoting the presence of the salt minerals in a filtrate of mortar
sample, as shown in Figure 3.

Figure 3: Precipitation of salts infiltrates of mortar

A majority of the Castle materials were high in chlorides and carbonates, while the nitrates
were present in limited quantities for both the binder enriched materials (Particles < 0.063 mm)
and the aggregates (Particles > 0.063 mm) as indicated in Tables 2 and 3.

521

Maphole E. Loke, Kumar Pallav and Rainer Haldenwang
Table 2: Salt content in mortar (Particles < 0.063 mm)
Sample ID

Sulfates

Chlorides

Nitrites

Nitrates

Carbonates

SK1

+++

++

±

-

+

SK2

+++

+++

+

-

+++

SK3

++

+++

+++

+

+++

SK4

++

++

+

-

+++

SK5

±

+++

+

±

+++

SK6

+

+++

-

-

+++

SK7

+++

++

-

-

++

SK8

±

++

-

+

±

SK9

±

++

±

-

+

Table 3: Salt content in mortar (Particles > 0.063 mm)
Sample ID

Sulfates

Chlorides

Nitrites

Nitrates

Carbonates

SK1

+

±

-

++

SK2

-

++
++
++

+

-

++

SK3

+

++

±

-

+++

SK4

+
+
+

±
-

-

+++

SK5

-

SK6

-

+

±

-

+++

SK7

±

+

-

-

+++

SK8

±

++

±

-

-

SK9

±

±

+

±

+

+++

Where:
- Indicates the absence of an ion
± Indicates the presence of an ion at the limit of perceptibility
+ Indicates the presence of an ion
++ Indicates the presence of an ion in notable quantity
+++ Indicates the presence of an ion as a principal component [27].
7

CONCLUSIONS
-

Even though characterization of heritage mortars for compatible and sustainable
restoration is proven to yield repairs which would last for decades, it has received less
attention in Africa. Thus, restoration of historic masonries is carried out using the
materials that do not match the original.
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-

-

A further study to analyze the mechanical properties would be a worthwhile
investment. The study addressing general material analysis other than mortars could
yield a detailed recommendation on the repair of heritage buildings that will better suit
the original materials.
As is evident on the surfaces of the Castle and Robben Island, Portland cement fails on
the restoration of historic lime mortars. Therefore, further investigation into the
alternative repair materials that would match the original is underway. Such materials
need to have similar or better properties than the original.
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Abstract. Existing masonry buildings, representing a large portion of the building stock in the
Mediterranean area, are usually characterized by the presence of different constituent
materials. The modifications experienced over time could have modified the static
configuration of the structures and could trigger local damages and crises. Therefore,
it is of fundamental importance to assess the safety of these constructions and to
determine if retrofitting interventions are needed. In this framework, one of the crucial
aspects is the mechanical characterization of masonry. Concerning brick masonries, several
testing methodologies exist for the determination of the compressive strength, the elastic
modulus and the Poisson’s ratio. In particular, slightly-destructive tests, such as double
flatjack tests and compressive tests on masonry cores, can be performed in place of
destructive tests due to their limited invasiveness. However, they could be less
representative of the overall behavior of masonry structural elements. The objective of the
research is to evaluate the reliability of slightly-destructive tests in evaluating the compressive
properties of masonry. An experimental campaign is presented, in which masonry specimens
were built to reproduce a poor-quality brick masonry typology. Standard compression tests
on wallets and double flatjack tests, both monotonic and cyclic, were performed.
Moreover, masonry cores were extracted from the masonry specimens and tested in
compression. Compressive strength, elastic modulus and Poisson’s ratio were evaluated
from each testing methodology. The results obtained from the double flatjack tests and the
tests on cores, in terms of strength and deformability properties, were compared with the
results of the standard compression tests, taken as reference. Correlations between the
results of the slightly-destructive tests and the standard compression tests were established,
obtaining a good agreement and confirming that the experimental techniques can be
reliably adopted for the evaluation of the compressive properties of brick masonry.
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1

INTRODUCTION

Existing masonry buildings, which represent a large portion of the building stock in the
Mediterranean area, are usually characterized by the presence of different constituent materials,
whose quality often depended on the final use of the constructions [1]. The variations that
existing buildings experienced over time, such as changes regarding the acting loads or the
environmental conditions, could have modified the static configuration of the structures and
could trigger local damages and crises. Therefore, it is of fundamental importance to assess the
safety of these constructions and to determine if some retrofitting intervention is needed.
In the framework of the vulnerability assessment procedures, one of the most important
aspects is the mechanical characterization of the materials. For what concerns the compressive
behavior of brick masonry structural elements, the masonry can be characterized as a composite
or starting from the mechanical properties of the constituents, i.e. bricks and mortar. Moreover,
different testing methodologies can be adopted and, in general, it is possible to distinguish
between non-destructive, slightly-destructive and destructive procedures [2]. When dealing
with existing masonries, the level of invasiveness of the experimental investigations on the
construction should be possibly limited. Therefore, usually the execution of slightly-destructive
tests is preferred to the execution of destructive tests.
For the determination of the compressive properties of masonry, in terms of compressive
strength, elastic modulus and Poisson’s ratio, some slightly-destructive tests can be performed,
such as double flatjack tests [3,4] and compression tests on masonry cores [5]. Even if these
tests are characterized by a limited invasiveness, they are local tests and could be less
representative of the overall behavior of the masonry structural elements. Several researches
investigated the reliability of these techniques in evaluating the compressive properties of
masonry [6-8]. More in detail, concerning the compression tests on masonry cores, which is a
non-standard technique, different testing procedures were proposed, mainly varying the
geometry of the mortar capping and the dimensions of the cores, studying the influence of
different bond patterns, i.e. presence of both vertical and horizontal joints. The research here
presented is aimed at evaluating the compressive properties of brick masonry through the cited
slightly-destructive tests and, eventually, at establishing correlations between the results of
these tests and the standard compression tests.
2 MATERIALS AND METHODS
In the present experimental campaign, slightly-destructive tests were performed for the
determination of the compressive properties of brick masonry, i.e. compressive strength, elastic
modulus, Poisson’s ratio. More in detail, double flatjack tests and compressive tests on cores
were performed and the results were compared with the ones from standard compression tests
on wallets, taken as reference. The tests were conducted in laboratory on replicated clay brick
masonry samples whose properties are described in the following.
2.1 Brick Masonry
The replicated samples were built using fired clay bricks, with dimensions 250×120×55
mm3, and natural hydraulic lime-based mortar; specimens were cured in a laboratory-controlled
environment [9]. The mortar mix was designed to obtain a poor-quality mortar with the
objective of reproducing an existing historical masonry. Standard laboratory tests [10-13] were
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performed on the constituent materials for their mechanical characterization. The results are
reported in Table 1, in terms of compressive strength (fc), flexural strength (ffl), elastic modulus
(E).
Table 1: Mechanical properties of the constituent materials

Material
Brick
Mortar

fc
(MPa)

ffl
(MPa)

18.7
1.4

4.6
0.4

E
(MPa)
6846
2549

2.2 Standard Compression Test on Wallets
For the execution of the compression tests on wallets, according to the Standard EN 1052-1
[14], four double-wythe masonry panels were built. They were characterized by dimensions
equal to 710×790×250 mm3 and by a Flemish bond pattern. A universal testing machine, having
a maximum capacity of 6000 kN, was used to apply the compression load to the panels. Two
monotonic and two cyclic tests were performed. More in detail, the loading protocol of the
cyclic tests was defined to progressively apply the 20%, 40%, 60%, 80% and 100% of the
maximum load, as evaluated from the monotonic tests. A further load cycle was performed after
the reaching of the peak load. The wall panels were equipped with vertical and horizontal linear
potentiometers to monitor their shortening and elongation. On one sample, Digital Image
Correlation was also used on one side. The test setup is presented in Figure 1.

Figure 1: Compression test on wallets: test setup

2.3 Double Flatjack Test
The double flatjack tests were conducted on two masonry panels, having dimensions
1290×1115×250 mm3, according to the Standard ASTM C1197 [3]. The purpose was to
reproduce the execution of a double flatjack test in an existing masonry building. For this
reason, the universal testing machine used for the standard compression tests on wallets was

527

Francesca Ferretti, Andrea Incerti and Claudio Mazzotti

adopted to apply a uniform compression on the masonry panels, reproducing the acting dead
loads, and to provide the contrast needed for the correct execution of the double flatjack test.
Indeed, it is well known that one of the possible issues of the test is not to have a sufficient
contrast over the superior flatjack, thus producing the uplift of the masonry portion above the
superior cut.
The testing phases can be summarized as follows: (i) execution of two semicircular cuts in
correspondence of two masonry joints of the wall panels; (ii) seating of the flatjacks; (iii)
application of a uniform compressive stress equal to 0.2 MPa; (iv) application of the flatjack
pressure. During the last phase, the displacements of the plates of the testing machine were
fixed, so to provide the contrast to the pressure applied by the flatjacks. Of course, having an
increasing contrast pressure, equilibrating the flatjack pressure, is not a real condition when the
test is performed on an existing masonry building. However, it is here considered so to allow
to reach the compressive failure of the masonry portion between the flatjack and to compare
the results with the standard compression tests. Moreover, the redistribution capacity of the
masonry beyond the flatjacks, i.e. outside the tested portion, can be much lower if compared to
an existing masonry pier, due to the smaller dimensions of the masonry panels in the present
experimental campaign. This could determine even a more probable occurrence of the failure
of masonry outside the tested area. For these reasons, it was decided to fix the displacements of
the loading plates to provide an adequate contrast pressure for the entire duration of the tests.
At the beginning of the tests, one initial cycle was conducted to seat the flatjacks up to a
pressure equal to half of the estimated compressive strength of masonry. Subsequently, the
pressure was applied monotonically or cyclically up to the compressive failure of the masonry
portion between the flatjacks. For the cyclic test, the loading protocol adopted for the standard
compression tests was used.
For the measurements of the vertical and horizontal displacements within the tested masonry
portion, linear potentiometers were applied over the surface of the samples, on both sides, as
shown in Figure 2. Moreover, two linear potentiometers were also installed laterally to monitor
the diffusion of stresses outside the investigated masonry portion. Linear Variable Differential
Transducers (LVDT) were used to control the displacements of the loading plates.

Figure 2: Double flatjack tests: test setup
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2.4 Compression Test on Cores
Masonry cores were extracted from one of the masonry panels on which the double flatjack
test was performed through a wet coring procedure. The samples were taken from the masonry
portions resulted undamaged after the tests. Two different types of cores, having a diameter
equal to 100 mm, were chosen: (i) 6 samples including one horizontal joint only (HJ samples,
Figure 3a); (ii) 5 samples including both one horizontal and one vertical joint (VJ samples,
Figure 3b). After the extraction procedure, the cores were cut to obtain single-wythe samples.
To apply a compressive load and provide an adequate confinement to the samples, the masonry
cores were capped with a good-strength mortar, characterized by a compressive strength equal
to 22 MPa. The geometry of the cap, with a width equal to 80 mm and a height of 30 mm, was
chosen according to previous studies [5,6].
The compression tests were performed in displacement control, using a hydraulic actuator
having a maximum capacity of 100 kN. The displacement rate was equal to 0.02 mm/s. During
the tests, vertical displacements were monitored using LVDTs, positioned on both sides of the
masonry cores, as shown in Figure 4.

(a)

(b)

Figure 3: Core samples: (a) type HJ; (b) type VJ

(a)

(b)

Figure 4: Compression tests on cores: (a) experimental setup; (b) geometry and instrumentation

3

EXPERIMENTAL RESULTS

3.1 Standard Compression Tests on Wallets
The results of the standard compression tests are reported in Table 2 in terms of compressive
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stress at first cracking fcr, compressive strength fM, elastic modulus EM and Poisson’s ratio ν.
The elastic modulus EM was determined between 1/10 and 1/3 of the maximum stress registered.
Inside this range, the behavior of masonry can be reasonably assumed to be linear elastic. The
Poisson’s ratio ν was evaluated in the initial linear elastic stage as well, in which a constant
value was identified. For cyclic tests, the elastic properties were evaluated in each load cycle,
showing a stiffness degradation as expected. The values reported in Table 2 represent the
average values determined by considering the reloading branch of each cycle with the exception
of the last cycles, in which the nonlinear behavior was evident. It can be observed that the
experimental results are quite homogeneous, with no significant differences between monotonic
and cyclic tests.
In general, a similar behavior was observed for the masonry panels tested. It was
characterized by a first vertical cracking, located at the center of the samples, visible on both
sides. Subsequently, further vertical cracks appeared, quite distributed over the panels. At the
end of the tests, a vertical crack across the wall thickness occurred (Figure 5).
The stress vs strain curves obtained for the samples SCT_M1 and SCT_M3, representative
of a monotonic and a cyclic test, respectively, are reported in Figure 6 and Figure 7. As expected
(Figure 6a), the displacements measured by the external potentiometers (Pve) were lower than
the ones registered by internal potentiometers (Pvi). The external instruments were positioned
to better monitor the behavior of the samples, but they were not considered for the determination
of the mechanical properties, e.g. EM, ν. Moreover, the behavior of the panel SCT_M1 was
investigated by means of the Digital Image Correlation (DIC), obtaining the horizontal strain
maps reported in Figure 8, where the most significant phases of the tests were considered,
corresponding to the appearance of macroscopic cracks.
Table 2: Results of the compression tests on wallets

Sample
Code
SCT_M1
SCT_M2
SCT_M3
SCT_M4

Test
Type
Monotonic
Monotonic
Cyclic
Cyclic

fcr
(MPa)
2.4
1.7
1.1
2.1

fM
(MPa)
6.4
6.3
6.7
6.1

EM
(MPa)
3381
2974
3656
2832

ν
(-)
0.14
0.19
0.15
0.20

Figure 5: Compression test on wallets: failure mode of the sample SCT_M1.
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Figure 6: Stress vs vertical (a) and horizontal (b) strain diagrams of the sample SCT_M1
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Figure 7: Stress vs vertical (a) and horizontal (b) strain diagrams of the sample SCT_M3

Figure 8: Compression test on wallets: horizontal strain maps of the sample SCT_M1.
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3.2 Double Flatjack Test
The results of the double flatjack tests are reported in Table 3 in terms of compressive stress
at first cracking fcr, compressive strength fM, elastic modulus EM and Poisson’s ratio ν. The
elastic properties of the masonry were determined as described for the standard compression
tests on wallets, considering the instruments positioned on the front side of the panel, i.e. the
side from which the cuts were executed, within the tested masonry portion. In Table 3, the
calibration constant km of the flatjack and the constant ka, determined as the ratio of measured
area of the flatjack to the average measured area of the slot, are also reported. According to the
Standard [3], by multiplying the pressure of the flatjack and these constant, the stress on the
tested portion can be evaluated at each instant of the test.
The failure mode of the two samples was similar (Figure 9), with vertical cracks located in
the masonry portion between the flatjacks and inclined cracks outside this region, e.g. following
a diagonal path from the edges of the flatjacks to the loading plates of the machine. This was,
indeed, able to provide a sufficient contrast, even if at the end of the test, with quite high values
of the flatjack pressure, horizontal cracks appeared in correspondence of the cuts.
The stress vs strain diagrams are reported in Figure 10 for both samples. In particular, it is
possible to recognize the stress associated to the first cracking (fcr). From this point on, the
horizontal deformations progressively increased. In the cyclic test (DFJ_M2), a lower
compressive strength was obtained, while a stiffness degradation was not recognizable, except
from the last load cycle.
Table 3: Results of the double flatjack tests

Sample
Code
DFJ_M1
DFJ_M2

Test
Type
Monotonic
Cyclic

km

ka

0.95
0.95

0.94
0.92

fcr
(MPa)
4.3
3.8

fM
(MPa)
6.8
5.8

EM
(MPa)
4350
3900

Figure 9: Double flatjack test: failure mode of the sample DFJ_M2
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Figure 10: Stress vs vertical (a) and horizontal (b) strain diagrams of the double flatjack tests

3.3 Compression Test on Cores
The results of the compression tests on cores are presented in Table 4, in terms of
compressive stress at first cracking fcr, compressive strength fM and elastic modulus EM. The
Poisson’s ratio ν was not determined since only vertical potentiometers were applied to the
samples.
Table 4: Results of the compression tests on cores

Sample
Code
CTC_HJ1
CTC_HJ2
CTC_HJ3
CTC_HJ4
CTC_HJ5
CTC_HJ6
CTC_VJ1
CTC_VJ2
CTC_VJ3
CTC_VJ4
CTC_VJ5

fcr
(MPa)
6.4
6.1
8.5
4.4
7.7
5.8
7.9
2.6
6.8
6.7

fM
(MPa)
11.1
11.2
10.7
11.3
9.1
10.7
9.9
11.1
7.5
8.1
8.5

EM
(MPa)
2746
3774
3591
2326
1932
2858
1907
2668
1173
1130
-

With reference to the failure mode of the cores, a distinction should be made between the
HJ samples and the VJ samples. Indeed, the presence of a vertical joint did influence the onset
and the propagation of the failure. In general, the mortar capping was able to provide an
adequate confinement to the samples, leading to the desired failure mode. More in detail:
- For HJ samples (Figure 11a) the first vertical crack was located in the center of the
samples, starting close to the mortar bed joint and propagating vertically; subsequently,
several cracks appeared and, at the end of test, vertical cracks were visible also in
correspondence of the edges of the mortar capping, where the confinement was lower.
- For VJ samples (Figure 11b) the cracking process started in correspondence of the
vertical joint, at the mortar-to-brick interface; it then propagated towards the extremities
of the cores. At the end of the tests, multiple cracks were visible, spread over the entire
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surface of the samples, even in correspondence of the edges of the mortar capping.
The stress vs vertical strain diagrams reported in Figure 12 are representative of the
compressive behavior of the HJ and VJ samples. In general, it can be stated that lower
compressive strength and elastic modulus were obtained for the cores characterized by the
presence of the vertical mortar joint (VJ samples).

(a)

(b)

Figure 11: Compression test on cores: failure mode of (a) HJ samples, (b) VJ samples
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Figure 12: Stress vs vertical strain diagrams from the compression tests on cores

4

DISCUSSION

In this Section, the comparisons between the results of the different experimental tests are
presented. In Table 5, the average values of the mechanical properties obtained with each testing
methodology are reported.
A good agreement was obtained by comparing the results from the double flatjack tests and
the results of the standard compression tests, taken as reference, especially for what concerns
the masonry compressive strength fM. A stiffer behavior was observed during the double flatjack
tests, associated to higher EM and lower ν values, which can be probably related to the smaller
dimensions of the tested masonry portion and to the fact that the masonry within the flatjacks
was more confined laterally with respect to the masonry wallets.
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With reference to the compression tests on masonry cores, higher strength values were
obtained, as expected, given that this test is a local test and that the mortar capping provides a
strong confinement to the samples [5]. The results obtained by testing cores, overestimated the
compressive strength of masonry by 67% and 43% for HJ samples and VJ samples,
respectively. The values of the elastic modulus from the compression tests on cores are
significantly lower than the ones obtained from standard compression tests. This can be
explained by considering that the gage length of the vertical potentiometers is short and include
small brick portions and one mortar joint, the latter significantly influencing the deformability
of the samples.
The obtained results were also compared with the formula provided by the Eurocode 6 (EC6)
for the evaluation of the masonry compressive strength. For this purpose, besides the standard
compression tests described in Section 2.1, mortar samples extracted from the bed joints of the
tested wall panels were subject to double punch test [15], obtaining an average compressive
strength equal to 6.8 MPa. This value is significantly higher than the one obtained from the
standard laboratory tests reported in Table 1. Such a difference can be attributed to the very
different curing conditions of the mortar in the bed joints of the wall panels compared to the
mortar standard prismatic specimens used for the mechanical characterization, as also
confirmed by other researches on this topic [7]. By evaluating the masonry compressive
strength through the EC6 formula, the following values were obtained: 4.7 MPa, considering
the result reported in Table 1, and 7.6 MPa, considering the double punch test result.
Table 5: Comparison of the results

Test
SCT
DFJ
CTC_HJ
CTC_VJ

5

fcr
(MPa)
1.8
4.1
6.6
6.0

fM
(MPa)
6.4
6.3
10.7
9.0

EM
(MPa)
3211
4125
2871
1720

ν
(-)
0.17
0.09
-

CONCLUSIONS

In the present work, different slightly-destructive tests were performed to evaluate the
compressive properties of clay brick masonry samples. Standard compression tests, double
flatjack tests and compression tests on cores were conducted. The results obtained from the
double flatjack tests and the tests on cores, in terms of strength and deformability properties,
were compared with the results of the standard compression tests, taken as reference.
Correlations between the results of the slightly-destructive tests and the standard compression
tests were established, obtaining a good agreement and confirming that the experimental
techniques can be reliably adopted for the evaluation of the compressive properties of brick
masonry.
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Abstract. Bonded brickwork loadbearing walls are commonly seen in many colonial period
structures around the world; however, most research studies in the past and the current
design provisions are primarily based on single leaf brickwork. Due to the anisotropic nature
of brickwork, the strength and deformation characteristics would be different for bonded
brickwork walls and their design using the provisions of single leaf bonded brickworks may
be un-conservative. Therefore, to understand the compressive behaviour of differently bonded
brickworks, an experimental programme followed by a numerical investigation were carried
out in this research. The experimental programme comprised of testing nine wallettes under
uniaxial compression. Three different types of bonded thicknesses (single, double and triple)
were used to construct the wallettes. The experimental results are presented and discussed in
terms of failure modes, compressive strengths and stress-strain responses obtained. Further a
numerical investigation based on the micro modelling approach was employed to verify the
experimental findings. The experimental and numerical modelling results indicate that the
change in brickwork thicknesses does not significantly increase the compressive strength of
the masonry. The increased number of weak perpend joints in the bonded brickwork wallettes,
could be a reason of lower strength and thus, a general notion of increment in compressive
resistance due to the reduction in slenderness is not applicable for bonded brickwork.
Parametric analyses were also carried out and reported for different slenderness ratios to
extend the understanding on the behaviour of bonded brickworks under compression.
1

INTRODUCTION

Brickwork is widely used as loadbearing element in many historical and modern structures
around the world. Consequently, the compressive resistance and deformation characteristics
of brickwork were extensively researched in the past at material and structural scales.
Primarily the strengths of the constitutive materials (unit and mortar) play a major role in
determining the compressive strength of brickwork [1-5]. The current design standards
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provide either expression or tabulated values to verify the compressive strength and Young’s
modulus of brickwork using the designated unit and mortar strengths/classes.
Generally, loadbearing brickworks are designed and built with many architectural bonding
patterns resulting in different thicknesses depending on the design requirements. Particularly
walls consisting of two or more brick thicknesses are generally found in historical structures.
Despite various types of brickworks being constructed with different thicknesses, the
compressive strength assessment is generally derived by testing single leaf brickwork
prisms/wallettes and subsequently the design expressions/tables were developed from these
test data. However it can be hypothesised, that the compressive strength characteristics of
brickworks with various bonded thicknesses could be different to the brickwork with single
leaf thickness as more weak joints exists [6-8], thus it demands systematic investigation.
Most of the research works carried out in this regard was on stone masonry, which
constitutes quite complex morphology, where inner and outer leaves are made of different
masonry types [9-11]. However, the bonded brickworks are also very common elements in the
many clay brick masonry structures around the world. These buildings are often of historic
importance and require intervention, thus understanding of their fundamental loadbearing
behaviour is highly necessary. Subsequently an attempt has been made to investigate the
compressive strength characteristics of bonded brickworks through experimental and
numerical studies. The experimental programme comprised of testing nine bonded brickwork
wallettes under uniaxial compression with three different thicknesses. Further, a simplified
Finite element (FE) based micro modelling approach was used to numerically verify the
experimental findings and the verified modelling technique was later extended to
parametrically investigate the influence of slenderness to the compression behaviour of
bonded brickwork.
2 EXPERIMENTAL PROGRAMME
The wallettes in this experimental programme were constructed using a locally sourced
low strength clay brick (CB), whose dimensional and mechanical properties resembles the
brick types found in the colonial masonry structures in the Sri Lanka. A locally available
Natural Hydraulic Lime (NHL) was used as the binder in this research similar to the NHL
mortars found in the colonial masonry structures. The lime mortar mix was prepared using a
binder to filler ratio of 1:3 by volume proportion. The measured compressive strengths and
elastic moduli of the brick and mortar are given in Table 1 with the coefficient of variation in
the parentheses. In total, nine masonry wallettes were constructed and tested as shown in Fig
1. For each unit-mortar-masonry thickness combination, three wallettes were built as per BS
EN 1052-1 [12] provisions. The dimensions and notation of constructed wallette specimens
are listed in Table 2. The dimensions of the triple thick brick wallettes slightly violated the
outlined BS EN 1052-1 provisions, where the height of the wallettes was not more than three
times the thickness. As the intention of the research was to compare the performance of
masonry wallettes of different thickness and bonding pattern under compression, height of the
wallettes were kept same for all cases and only the thickness was varied. The single brick
thick wallettes were constructed with running bond and the double and triple thick wallettes
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were constructed with English bond which are the common bond patterns found in new and
historical masonry structures.
Table 1: Mechanical properties of bricks and mortar.

Specimen

Compressive Strength (MPa)

Elastic modulus (MPa)

B1

5.1 (9.5)

4123 (6.4)

NHL

2.4 (5.6)

1402 (3.6)

Table 2: Test scheme and dimension of wallette specimens.

Notation
B1-S
B1-D
B1-T

Brick Type
B1

Thickness

Dimensions (mm)

Single (S)

410 (L) × 740 (H) × 95 (T)

Double (D)

410 (L) × 740 (H) × 200 (T)

Triple (T)

410 (L) × 740 (H) × 305 (T)

The compression testing was carried out using a 1000 kN capacity servo-controlled
universal testing machine. The wallettes were placed carefully centred between the platens of
the UTM to avoid any accidental eccentricity in loading. A 5 mm plywood capping was
inserted between the contact steel plates and brickwork to reduce platen restraint. A
displacement-controlled compression with the loading rate of 0.25 mm/min was used. In total,
six displacement transducers were attached on the wallettes to capture the vertical and lateral
deformations of the wallettes under compression. Four displacement transducers (two per
face) were attached to capture the axial deformation. Another two displacement transducers
were attached on the face (one per face) of the wallette to capture the lateral dilation. The
testing arrangements of single, double and triple brick thick wallettes are shown in Figure 1.
More details of the experimental programme can be referred in Thamboo and Dhanasekar
[13].

(a)

(b)

(c)

Figure 1: Compression testing of (a) single, (b) double and (c) triple brick thick wallettes.
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3 EXPERIMENTAL RESULTS
The failure modes were approximately similar across different thicknesses of wallettes
tested under compression and shown in Figure 2. The failure of the wallettes were largely
characterised by parallel vertical cracks originated at brick- mortar interface and propagated
through the middle of the bricks. It must be highlighted that the double and triple thick brick
wallettes showed predominantly single splitting cracks on the short sides along with the
tensile parallel cracks on the long sides.

Vertical cracks

(a)

(c)

(b)

Figure 2: Failure modes of (a) single (b) double and (c) triple thick wallettes.

Table 3 presents the mean compressive strengths of tested wallettes and their COVs are
given in parenthesis. It can be noted that there is nearly 10% increase in compressive strength
between single and double brick thick wallettes. However, no prominent differences in the
compressive strengths are noted between double to triple brick thick brickworks. This
marginal increase in compressive strength with the increase in the thickness of wallettes could
be attributed to the reduction in their slenderness ratio. However, the increase of compressive
strength with the increase in thickness was not significant, due to the presence of weaker
joints (i.e. more perpend joints) in the brickwork. Therefore it means the inhomogeneity of the
masonry increased with the increase of thickness; hence the strength increment was not
witnessed. This idea can be drawn from recent studies of compressive strength correlation
between single brick thick masonry prisms and wallettes, where the corresponding wallette
strength is nearly 25 % less than the prism strength, where the introduction of the perpend
joints in the masonry reduced the compressive strength than that of prism [8].
Table 3: Compressive strength and elastic properties of the tested wallettes.

Notation

Compressive Strength (MPa)

Elastic modulus (MPa)

Poisson’s ratio

B1-S

2.1 (6.4)

175 (12.6)

0.2 (6.0)

B1-D

2.3 (9.3)

219 (10.4)

0.19 (9.8)

B1-T

2.4 (9.6)

224 (3.0)

0.2 (9.0)
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The compressive stress-strain curves of the monotonically loaded wallettes have displayed
approximately linear stress-strain behaviour up to 60 to 70% of the peak strength and
afterward nonlinear behaviour was observed up to the failure. Moreover, the elastic, peak and
ultimate strain measurements indicated a slight increase in the ultimate strain at failure in the
triple brick thick wallettes than of single and double brick thick wallettes. The increase in
inhomogeneity, thereby increase in weaker planes in the triple leaf masonry wallettes could
have contributed to the increased deformation characteristics.
4 NUMERICAL MODEL
The experimental results of the wallettes were verified through a simplified FE based
micro-modelling technique. This micro-model of bonded brickwork considers that the bricks
are joined through equivalent contact interfaces to replicate the masonry behaviour without
specifically modelling the mortar layers [14-15]. Therefore, the bricks are expanded to take
the combined effect of brick and mortar and equivalent interfaces with zero thickness are
modelled to simulate the combined mortar and mortar-brick contact behaviour as described in
Figure 3. Subsequently, a three-dimensional (3D) FE model with plastically damaging
nonlinear solid brick elements and zero thickness interface elements with cohesive and
damaging properties was developed for each wallette. The ABAQUS finite element software
[16] was used for the numerical simulations. The bricks were modelled using eight-nodded
3D elements (C3D8R). Top and bottom loading plates (similar to experiments) were also
modelled as rigid body to apply a uniform compressive displacement on top of wallettes,
whilst the vertical transition bottom surface was restrained as shown in Figure 4.

Figure 3: Meso-modelling concept of masonry.

A mesh size of 20 mm × 20 mm × 20 mm was employed for the brick elements after
carrying out the mesh convergence studies. Material behaviour of the expanded clay bricks
was simulated using 'Concrete Damage Plasticity Model' that includes the failure mechanism
of tensile cracking and compressive crushing. The stress-strain properties taken for the bricks
were calibrated based on the experimental test results of single brick wallettes as given in
Thamboo and Dhanasekar [13]. Hence, the same material model was then employed to
validate the results of double and triple wallette compression tests. The zero-thickness
interaction was simulated using a constitutive law accounting for the traction-separation of the
interface from the ABAQUS library. This model considers initially a linear elastic behaviour
of the interface, which is followed by the initiation and evolution of interface damage. With
the increase in compressive load, the stresses increase until the limiting stresses are assigned,
after which friction model is activated which contributes to the shear stresses. Mohr -Coulomb
failure criterion was used to model the friction behaviour. The interface parameters used for
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the contact modelling were taken from [17]. A uniform monotonic displacement of 10 mm
was applied on the top of the loading plate with boundary constraints to simulate the
compression tests as shown in Figure 4.

Figure 4: Wallettes model details (a) Single brick (b) Typical meshing (c) Double brick and (d) Triple brick
wallette.

4.1 Numerical Validation
The outcome of the FE model results were validated with the experimental findings in
terms of failure patterns observed and comparing the stress-strain curves. The failure modes
of FE modelling of single, double and triple brick thick wallettes are shown in Figure 5.
Similar to experimental results, splitting cracks in thickness, and cracks on the face of wallette
samples were observed. The failure strain levels are also same as that were observed in the
experimental results.

Figure 5: Failure modes of wallettes (a) Single brick (b) Double brick and (c) Triple brick.
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The stress-strain response validation for single, double and triple wallettes is presented in
Figure 6. The overall stress-strain curves matched well with the experimental data. The prepeak and post peak behaviour of all wallettes was found similar to the experimental
measurements. As discussed in the experimental results, not a significant difference in the
strength due to change in bonded thicknesses was observed. This verifies that the increase in
perpend joints in the thickness of double and triple walls affect the compressive behaviour of
masonry.

(a)

(b)

(c)
Figure 6: Stress-strain validation of wallettes (a) Single brick (b) Double brick (c) Triple brick

5 PARAMETRIC STUDY
The validated models of single, double and triple bonded brickwork wallettes were then
employed to investigate the effect of the slenderness on the compressive behaviour of bonded
brickworks. In the parametric study of bonded brickwork wallettes, the height of the wallettes
was changed to 1040 mm to simulate different slenderness, in addition to the validated
models. The 1040 mm height of the wallettes corresponds to the fifteen courses of brick
layers. Subsequently, the corresponding slenderness ratio (height to thickness ratio, h/t) of the
analysed single, double and triple bonded brickwork wallettes were 10.9, 5.2 and 3.4,
respectively. The same constitutive material (i.e. brick and mortar) and interface properties
that were considered for the model validation were used in the parametric study.
Figure 7 shows the failure pattern of the single, double and triple bonded brickwork
wallettes with relatively higher slenderness than the previously analysed cases in section 4. It
could be said that the failure modes of the wallettes did not significantly change as the
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slendernesses, of the wallettes were increased by about 1.5 times from the previously analysed
cases, where predominant tensile dilation of the masonry wallettes was noted regardless of the
considered bonded thicknesses. However, the compressive strengths of the bonded
brickworks have dropped about 5-10%, when the slenderness was increased by 1.5 times. The
compressive strengths obtained in the parametric study are given in Table 4. In order to verify
the strength variation in the bonded brickworks with different slenderness values, the
compressive strength obtained were normalised with respect to the strength of single brick
thickness wallette of 740 mm height. It can be seen that the change in bonded thickness
(single, double and triple) in the 1040 high wallettes did not change the compressive strength
of the masonry, thus it confirms that the general notion of increase in compressive strength
with the reduction in slenderness of the masonry is not applicable for bonded brickworks.

Figure 7: Failure modes of 1040mm high walls (a) Single brick (b) Double brick (c) Triple brick.
Table 4: Slenderness (H/t) ratio effect.

Wallette dimensions
(W×H×T)
410 × 740 × 95
410 × 1040× 95
410 × 740 × 200
410 × 1040 × 200
410 × 740 × 305
410 × 1040 × 305

H/t
7.8
10.9
3.7
5.2
2.4
3.4

Compressive
Strength (MPa)
2.12
2.01
2.19
2.04
2.18
2.02

Normalised Strength
1
0.92
0.98
0.96
0.96
0.95

However, changing the slenderness by changing the height of the wallettes have reduce the
compressive strength in all the thicknesses analysed, which is in agreement with the common
understand of the behaviour of masonry under axial compression. Therefore, it could be
stated, that for the bonded brickworks, the slenderness increment due to increase in thickness
should be carefully assessed to verify the compressive resistance. Further experimental and
numerical studies have to be carried out to develop correction factors to adjust the
compressive strengths of the bonded brickworks with various masonry assemblies and
slenderness ratios in the future, similar to the correction factors for masonry prism test [18].
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6 CONCLUSIONS
The compressive strength characteristics of bonded brickworks were assessed through
experimental and numerical studies. Subsequently, single, double and triple thickness bonded
brickwork wallettes were assembled with lime mortar to replicate the historical masonry
buildings, and tested to ascertain the strength, failure and complete stress-strain response. The
limited experimental testing results have shown that the change in thickness of the brickwork
did not significantly change the failure pattern and as well as the strength characteristics,
which is against the common notion of that as the reduction in slenderness would increases
the compressive strength of masonry, however this phenomenon in bonded brickwork is due
to anisotropic nature of masonry, where with increase in thicknesses, increases the
inhomogeneity with the presence of more joints in the masonry, subsequently no substantial
strength increment could be achieved.
Subsequently in order to verify the experimental findings, a FE based micro-modelling
technique was developed to model bonded brickwork tested in this research and the
established modelling technique was validated with the experimental results in terms of
failure patterns and compressive stress-strain curves. Later the validated FE modelling
method was extended to parametrically analyse the effects of different heights of the bonded
brickwork wallettes, and the results indicate that with the increase height (thereby
slenderness) reduce the compressive resistance with in the same thickness of the wallettes.
Therefore, the influence of bonded thickness of the brickwork should be cautiously verified to
determine the compressive resistance of bonded brickwork walls. Hence the experimental and
numerical studies have to be extended to develop correction factors to adjust the compressive
strength of bonded brickwork with various brickwork assembly properties and slendernesses,
similar to the correction factors for masonry prism test [18].
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Abstract. Several years of experience in heritage documentation have given a background
to develop methods of digital photogrammetry and mapping. The outcome is the development
of a mapping software over a period of 20 years.Main features of the software are
image rectification, vector based mapping, quantity survey and data analysis. In
Germany, it is mainly used in the field of stone conservation. Small projects can be
processed as a single mapping project, whilst complex projects like a cathedral can be
organised as a hierarchical project, with several mapping projects for individual object
parts. Each mapped element can be connected with additional attributes. This allows
visual analysis of mapping activities, quantities and attributes – like in a geographical
information system (GIS) for conservators. Tools and procedures for efficient mapping
are developed in close cooperation with conservators from different fields. It is shown
how large stone objects can be managed efficiently with an example project from the field
of natural stone. This applies to the overall data acquisition and data evaluation for
condition analysis, conservation planning, accounting documentation and monitoring.
Due to the advances in the fields 3D laser scanning and digital photogrammetry
within the past 5 years the R&D project „PROQUATO“ (2016 – 2018) was
initiated by fokus GmbH Leipzig with the institute for photogrammetry and remote
sensing of TU Dresden and Scan 3D GmbH, Berlin. Project results for efficient data
processing and functions for 3D mapping will be presented. Current developments deal with
the fast processing of point clouds scanned by laser scanner for the use as reference for
image rectification, deformation analysis and creation of section lines.
1 DOCUMENTATION – TRUE TO SCALE IMAGE RECTIFICATION AND
ORTHOGONAL PROJECTION
1.1 Definition of quality parameters - image scale / image resolution
The required detail resolution (pixel size at the object) is reliant on the image scale /
resolution as well as the metric accuracy and has to be specified depending on the task on the
object. So the subsequent user (architect, planner, conservator) can process their own
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graphical / metrical evaluation and content interpretation in CAD or mapping software.

Fig. 1: Detail resolution depending on image scale 1:20, 1:50, 1:100 for 400 dpi image resolution

The required detail resolution is traditionally defined by image scale and resolution. For an
image resolution of 400 dpi (400 points per inch = 25.4mm) the point size is 0.06mm.
Multiplying the point size with the image scale provides the metric size of the pixel at the
object, which means 0.06mm for scale 1:1, 1.3mm for 1:20, and 3.2mm for 1:50 (Fig. 1).

Fig. 2: Overview for required detail resolution depending on application examples; Detail resolution (pixel size
at the object) for 400dpi and 200 dpi; Evaluation accuracy depending on image scale (0,5mm x image scale);
mural painting highlighted in red boxes [4]

The table shown in Fig. 2 displays evaluation scales, two quality levels (200 and 400 dpi)
and the requirements for evaluation accuracy resulting from the image scale for different
application examples. In general natural stone objects are processed for a scale 1:25 and
400dpi (1.6mm point size) or 1:50 and 400dpi (3.2mm point size), if lower quality is enough.
For objects with higher levels of details or for sculptures a scale of 1:10 and 400dpi (0.6mm
point size) is used.
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1.2 Evaluation methods
Not every evaluation method is suited for each project. Dependent on the object surface
(flat walls, vaults, ornaments) the suited method must be chosen.
2D image rectification allows mathematical transformation of 2D plane within the bundle
of rays of one camera (central projection). The result is a true to scale image plan that allows
measuring on one object plane.
An image can be rectified simply by geometry like rectangle, parallel lines (Fig. 3) or
distance net. For complex objects, it is recommended to rectify images on the base of
imported ground control points measured with totalstation.
In addition measuring of coordinates in the project based on CAD-drawing, image plan,
ortho-projection is possible as well as the automatic image rectification of partial detail
images by image matching.

Fig. 3: Training course; left: image rectification by parallel line; right: automatic image rectification of detail
with higher resolution by image matching; Palacio Municipal de Oaxaca de Juarez, Mexico

Fig. 4: rectification based on point cloud in two views; left: total image; right; detail from the image;
Romanushaus, Leipzig, Germany

The 3D orthogonal projection always assumes the 3D recording of the object surface.
The 3D data (point-cloud, textured surface model) are projected orthogonally onto a reference
geometry (plane, cylinder, cone) [2]. The creation of 3D data can be done by digital
photogrammetry (Structure from Motion - SfM) or terrestrial laser scanning (TLS). The result
is a true to scale image plan (orthophoto), which allows measuring on all planes PARALLEL
regarding the reference geometry. The orthophoto can be calculated by a textured surface
model or by the combination of an orientated image and an untextured surface model (Fig. 5).
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Fig. 5: orthogonal projection of an orientated image supported by a surface model; left: orientated image with
projected plane; right: true to scale image plan in metigo® MAP; Stone Album, Großjena, Germany

3D object documentation is based on 3D recording of the object surface by point-cloud
using TLS or SfM. In a second step the points are connected by triangulation to create a
digital surface model (DSM). If necessary, the DSM is textured using orientated images. The
result is a true to scale textured DSM that allows three dimensional measurements, creation of
section and deformation analyses as well as creation of orthogonal projection onto several
geometries.
For all these methods applies: A lack of good photography means a good result cannot be
created. In our opinion, 2D-rectification is the cheapest method, which provides the highest
image quality. 3D orthogonal projection is the most time expensive method, because images
need to be orientated photogrammetrically and DSM need to be scanned or created by SfM.
2

PROJECT STRUCTURE – MAPPING PROJECT AND OBJECT HIERARCHY

The mapping software metigo® MAP has been developed since the year 2000 to create
digital, vector-based mappings including mass calculation. The mapping software metigo®
MAP offers functions for creation of true to scale documentation, digital mapping, analyses
and quantity surveys.
2.1 Mapping project
The base for digital mapping are rectified images, CAD-drawings (DWG) or 3D-surface
models (ortho-projection). For every topic (condition, material, measurement), a mapping
class with a special type for area and line mapping, image and vector symbols or annotation
and dimensioning have to be defined. Different mapping classes can be grouped within a
mapping project to turn several mapping themes (e.g. conditions and damages, planning of
measurements and invoicing) on or off.
For the final layout of the plans, there are several documentation classes like grids, scale
bars, auxiliary lines and legends with integration of quantity surveys and analysis. (Fig. 6).
The extended group management is useful for the repeated use of class sets (loan,
excavation layers, project phases). This structure of a mapping project (classes, groups,
attributes, legends, title blocks etc.) can be reused in subsequent projects (import/export).
Areas and lines can be drawn with different vector based mapping tools like polygons and
free hand lines, beziér lines (splines) and arcs, rectangles and circles, circle arc, as well as
dimensioning functions for lengths and heights. Areas can be filled transparently.
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For editing lines, there are different CAD-commands such as extend, trim, align, mirroring
and different modes for object snap. For editing outlines of adjacent areas and the integration
of inclusions, there are several intersection functions. A large library with hatchings, line
types, image and vector symbols as well as colour tables enables the user to define layouts of
mapping classes. The user interface can be set up easily for work in office as well as for work
on mobile mapping with tablet PC on site.

Fig. 6: Different groups of the same mapping project with legend; temple of Athribis at Sohag, Egypt;Mapping:
Sabine Krause, Cologne.

Every element can be sorted according to size ranges within a mapping class. Mapping
activities, quantities and attributes within a class can be analysed visually or related to another
class (stone, material ranges, scaffolding layers, project phases).

Fig. 7: left: Mapping with manual measurement; right: Quantity export to spreadsheets; District Court, Zwickau,
Germany; Mapping: Jens Kaminsky, Plauen.

metigo® MAP allows a user management for analysing the mapping history (querying
users, creation and modification dates) as well as a rights management to protect mapping
elements of third parties (e. g. loan systems, project phases).
Several approaches for computing areas (mapped polygon, bounding box, manual
measurement) are available and individual attributes for recording of object properties
(measurements, findings, technological information of the measure) can be used.
Quantity tables can be exported sorted by classes or groups (CSV, MS Excel, Open Office)
(Fig. 7). The mapping can be exported in a true-to-scale image (TIFF, multi-layer-TIFF) or
CAD-file (DWG) as well as print-out and PDF-file (external PDF-printer).

551

Dipl.-Ing. Gunnar Siedler, Dipl.-Inf. (FH) Sebastian Vetter, Jens Kaminsky

2.2 Object hierarchy
The object hierarchy offers the management and adjusting of several mapping projects in
one object. Therefore a central mapping project with mapping classes, groups, attributes,
legends and title blocks is used as mapping template. Each mapping project within an object
hierarchy is connected to that template. A later modification, e.g. of colours or names, can be
transferred automated on the involved mapping projects.
The hierachy allows the output of quantity tables across projects (CSV, MS Excel, Open
Office). The project comprehensive usage of title blocks with variable entries reduces time for
creation of title blocks. The user can navigate in object hierarchies via project tree or
navigation maps. Using navigation maps, he can execute visual quantity analysis of mapping
contents and project attributes (Fig. 8).
The class analysis via complete object hierarchies (mapping contents, class and group
structure) allows also the resolving of similar class names, wrong class types or duplicates.

Fig. 8: left: Navigation map coloured by project attribute; right: Mapping of measures for floor of room 274;
New Palace, Potsdam, Germany; Mapping: Michael Wirth, Potsdam, SPSG.

3

CURRENT RESULTS FROM THE R&D PROJECT „PROQUATO“

The main usage of the mapping software is currently mapping on the base of two
dimensional mapping bases. Current development tasks for 3D evaluation are described in the
chapters 3 and 4. In the R&D project PROQUATO (“process optimization, quality
enlargement and evaluation tools for multi textured surface models”) requirements for 3D
mapping were analysed and developed in cooperation with the clients from 2016 to 2018.
3.1 Data import
metigo® MAP allows the import of textured surface models in VRML- and OBJ-format or
without texture (STL). For mapping, a mesh made of triangles is always required. The import
window (Fig. 9, left) allows the insertion of a scaling factor for true to scale import of surface
models. Later scaling inside the mapping project is not possible.
Free navigation is possible within the 3D display. Within 2D display of model views
(orthogonal projections), the image data is reduced to the set project scale and resolution.
If the textured surface model was created within a defined coordinate system, the congruent
combination of orthogonal projection with existing CAD plans is possible (Fig. 10).
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Fig. 9: left: Import window for surface model in STL-, VRML- and OBJ- files with insertion of scaling factor
and unit; right: 3D display of textured surface model; Baptismal font, church Kuehren, Germany

Fig. 10: left: 3D display of textured surface model of an exposed bridge construction; right: combination of
drawing with ortho projection; New Bridge, Woerlitzer Park, Dessau-Wörlitz Cultural Foundation, Germany

3.2 Combination of several surface models into one coordinate system
In general, the 3D data is displayed through OpenGL via the graphic card. That means the
performance of the 3D display predominantly relies on the characteristics of the graphic card.
If the hardware is powerful enough, several models within one coordinate system can be
evaluated together.

Fig. 11: Mosaic of several textured surface models of one object within one coordinate system, left: Every
surface model is displayed with its bounding box (green); right: Single textured surface model; Stone Album,
Großjena, Germany
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3.3 Evaluation of complex surface models by model segmentation
If the surface model is too big for the used hardware, it is possible to evaluate only
segments of the complete surface model. Segmentation allows partial loading of the surface
model (Fig. 12). At the start the user can load the surface model in reduced resolution as
complete point cloud to define segments, e.g. single parts of a façade. Later, only the required
segments need to be loaded.
For complex objects such as sculpture, it is useful to create individual segments e.g. for
arms, legs, hands, because it is easier for navigation and makes evaluating obstructed areas
(e.g. between an arm and the torso) much easier.

Fig. 12: left: 3D display with selection of a new segment; right: 3D display of the new segment;Portal,
Neumarktkirche St. Thomae, Merseburg, Germany

3.4 Drawing modes for 3D mapping
Using the 3D polygon mode, 3D lines can be mapped as well as 3D areas. Therefore, the
drawn polygon is intersected with the surface model and the result stored as individual 3D
object (Fig. 13). Cutting tools for area mapping are available like in 2D mapping. They enable
a later extension or reduction of mapped areas as well as the custom-fit cutting of adjoining
areas. Additionally vector symbols or text elements can be used. Border lines and transparent
area fillings can be shown in the 3D display. Hatching is visible in 2D / 3D views (Fig. 14).

Fig. 13: 3D display; left: textured surface model and mapped elements; right: 3D mapped elements without
surface model; Große Sinnende, Wilhelm Lehmbruck, Staatsgalerie Stuttgart; Mapping Peter Bux, Leipzig
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Fig. 14: left: 3D display of area mapping with transparent filling; right: Hatching on 2D model view with
orthogonal projection and legend; Stone Album, Großjena, Germany; Mapping: Benjamin Huebner, Potsdam

3.5 Printing with the help of 2D model views
A true to scale 2D model view of the chosen 3D display can be created to be used for 2D
printouts (Fig. 15). Display options like texture quality, shading, scale and position as well as
projection mode (orthogonal/perspective) can be set up.

Fig. 15: left: 3D display of textured surface model of the room; right: true to scale inside unwrapping of 6 model
views with orthogonal projection; Abbot's quarters, Castle Salem, Salem, Germany

Fig. 16: left: textured DSM of the totem pole with mapping; right: True to scale unwrapping of 4 model views
with orthogonal projection; Totem Tshimshian, Ethnological Museum, Berlin; Mapping: restauratum ArGe
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Automated creation of “model view unwrapping” (inside/outside; 4 or 6 orthogonal views)
allows a complete display of the object (Fig. 15, 16). The plan can be completed by inserting
grid crosses, scale bar and title block. The 3D display can be controlled like the 2D model
views, using mapping groups and group legend (Fig. 16). The true to scale printing or image
output is carried out in the same way as 2D mapping. Currently the 3D mapping can only be
passed on as complete mapping project with a free viewer.
Quantity measurement is determined automatically based on the true to scale surface
model. So the amount, length and areas of mapped elements are calculated immediately and
the sum can be shown within the legend for each class. If the total amount of the object is
mapped, the mass fraction for each area mapping class can be shown in the legend (Fig. 17)
.

Fig. 17: left: 3D display of textured surface model of the totem pole with mapping; right: legend of the mapping
including the quantity survey; Totem Tshimshian, Ethnological Museum, Berlin, Germany

4 LASERSCANNING – 3D DATA EVALUATION
Laser scanning is the line-scanning of object surfaces with a laser beam in order to
measure it three-dimensionally. The result is a three-dimensional point cloud grey scaled
depending on reflection intensity. With additional camera shots, the dots can also be coloured
with real object colour. With a suitable orientation software, the individual point clouds are
automatically oriented in a uniform coordinate system. The so oriented point clouds can be
used as base for CAD-evaluation of floor plans, sections and elevations.

Fig. 18: left: 3D view of the complete point cloud; right: 3D view of the basement; St. Killian‘s Chapel,
Wertheim upon Main,
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4.1 3D data processing
In metigo® 3D software, the oriented point clouds of the individual scanner positions can
be merged to an object point cloud / complete point cloud with a defined point distance. The
quality of the resulting point cloud can be controlled by using functions to filter noise
depending on intensity, position or recording angle (Fig. 18).
4.2 3D data evaluation
To evaluate 3D data the complete point cloud is needed within metigo® MAP. Point
clouds can be imported in a metigo® internal format (*.SHP) or standard formats like E57,
PTS, PTB. Selection polygons can be used to create partial point clouds as base for creation
of orthogonal projections. Settings for shading, lighting and closing of holes in the orthogonal
projection allow the quality enhancement of the final result (Fig. 19).
Defining user coordinate systems section lines with a tolerance distance can be extracted
from the point cloud automatically. These section lines can be used for the creation of CAD
drawing in 2D or 3D (Fig. 20).

Fig. 19: Different Ortho-projected sections of the point cloud (left: longitudinal; right: latitudinal); St. Killian‘s
Chapel, Wertheim upon Main,

Fig. 20: Ilfeld, Priory Manor.3D laser scanning, detailed survey of plans and sections. left: 3D view of the
complete point cloud with coloured section planes (longitudinal and horizontal section); right: 3D view only of
the coloured section planes; monastery estate, Ilfeld, Germany
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5 SUMMARY
The procedures described allow the true to scale documentation on the base of 2D or 3D
data, assuming the quality of the 3D data is sufficient to the object requirements. In this way
several 3D documentation projects have been processed. But in our experiences there is often
a lack of accuracy and detail resolution – image texture or the point cloud – especially if the
3D data is used as working base in conservation documentation. Many 3D documentation
results are created currently by third parties, that have no information or knowledge about the
needed requirements.
The software metigo® MAP is developed in the past 20 years in close cooperation with our
customers to their special needs – at the beginning in the field of digital 2D mapping and later
in quantity survey and data analyses. In future there will be additional developments in the
field of 3D evaluation, depending on the needs of our users. So the step from two dimensional
to three dimensional evaluation is now possible, depending on the quality of the 3D data, the
requirements of the project and the existing hardware.
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Abstract. This paper shows the experimental and numerical analysis developed on a brick
masonry wall of 3x2.5x0.2 m to understand the changes on its dynamic behaviour with different
stiffness situations: (i) original, (ii) loaded with different load levels, (iii) damaged by
horizontal in plane loads, (iv) retrofitted with Textile Reinforced Mortars (TRM) and (v)
retrofitted and damaged by horizontal in plane loads. This analysis has been developed at the
Civil Engineering Lab at the University of Alicante. On this masonry wall a matrix of 8
seismic accelerometers have been installed to evaluate, in plane and out of plane, changes
in the main frequencies, modal damping ratios and modal shapes. By the use of Operational
Modal Analysis techniques the results shows that the changes on the stiffness have
important influence on the main frequencies and in the modal damping ratios. Very low
influence have been detected on the modal shapes due to the low level of external vibrations
generated during the tests. Due to the low level of vibrations inside the lab,the classical
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application of ambient vibrations for OMA has been not possible and an external white noise
force has been introduced on the top the wall by the use of a shaker to generate a general level
of vibrations on the specimen.
1

INTRODUCTION

Masonry walls are a traditional structural system used in many buildings, and it can be found
today as the constructive solution for new buildings. However, these elements show a
brittle behavior for in plane and out plane loads, especially for seismic or dynamic loads
[1]. In particular, the more usual failure modes for in plane loads are toe crushing, rocking,
diagonal cracking or sliding [2]. In case of out of plane loads, these elements shows a very
slow bending strength. Different reinforcement techniques can be used to improve the in plane
and out plane behavior of the masonry walls. Fiber reinforced polymers (FRP) has been
used for different authors such as [3]. However, these solutions show problems related with
the contact between them and the masonry. Other solution is the textile reinforced
mortar (TRM) [4]. These materials show a better compatibility with masonry and avoid
problems related to debonding or permeability issues.
The main objective of this research is the evaluation of the TRM reinforcement for dynamic
loads. In particular, changes in the vibration frequencies, modal shapes, and damping factor [5]
have been evaluated by means of OMA (Operational modal analysis), before and after the
reinforcement process.
2 MASONRY WALLSAND REINFORCEMENT MATERIAL
A scaled masonry wall, was built at the Civil Engineering Laboratory in the University
of Alicante (Alicante, Spain) with the aim of assessing the general structural behavior for
shear forces and dynamic loadas. In particular, the cracking pattern and the changes in
modal parameters as damping, frequencies and modal shapes has been evaluated. Figure 1
shows the general view of the building.
The masonry walls were constructed using clay bricks laid by means of 10 mm thick lime
mortar joints adopting an English bond disposition. Table 1 shows the dimensions and
compression strength of bricks and the mean compression strength of lime mortar at 28
days and 100 days (days in which tests, described later, were performed). The total
dimensions of each wall is 3x2.5x0.2 m.
Table 1. Geometric characteristics and compression strength of bricks and lime mortar.
Bricks
Lime mortar
Dimensions
Compression strength at
230 x 110 x 50
4.25
[mm]
28 days [MPa]
Compression
strength [MPa]

Compression strength at
100 days [MPa]

13.99
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Foundations were prepared for constrain displacements with the use of steel plates and anchors
to the main concrete slab of the laboratory, Figure 1. In addition, the building might have
connected at the top of the lateral walls to a servo-hydraulic jack by means of a steel beam
supported by props. Dimensions of the walls, its disposition and experimental set-up are shown
in Figure 1. By the use of some steel elements the wall was preloaded with a compression load
of 300 kN to simulate the weight of the structural elements in a real situation. With this preload,
to generate damage on the wall, a cyclic incremental pushover load the top of the wall to achieve
the complete cross crack pattern due to shear forces.

Figure 1. General view of sensors location, anchorage system, preload device and jack for the horizontal loads

Once the tests were performed, specimens have been reinforced with Textile Reinforced Mortar
(TRM) materials. On the one hand, the cracks have been sealed with semiliquid mortars. On
the other hand, the wall was reinforced with TRM with the aim of evaluating the efficacy of
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cementitious-based strengthening to: (i) improve the seismic behavior of masonry structures,
and (ii) avoid a seismic-induced premature failure of poor-quality masonries. The adopted TRM
retrofitting technique comprised a 25x25 mm glass textile grid embedded into a 10 mm thick
cementitious layer applied along the outer face of the overall building (Figure 2). Table 2 shows
the mechanical properties of the reinforced material used in this research.
Table 2. Mechanical properties or reinforced materials.
Mortar
Textile mesh
Compression
strength at 28
15
Tensile strength [kN/m]
days [MPa]
Elastic modulus
[MPa]

8000

Elastic modulus [MPa]

45

72000

When this kind of reinforcement is applied on damaged structures, it comprises different
steps. Indeed, the masonry support was preliminarily treated injecting the wider cracks (Figure
2.a) to restore the original load bearing capacity of the damaged masonries. Then, a 5 mm thick
cementitious layer was applied on the outer face of the walls (Figure 2.b). This layer is
necessary to allow the bond between the masonry support and the glass textile grid (Figura 2.c).
It is worth mentioning that, conversely to FRP composites, TRM materials allow to comply
with the current requirements of compatibility and reversibility of the retrofitting with respect
to brittle supports due to the presence of a mortar matrix instead of an epoxy one [6]. Finally,
the glass grid was covered with a second 5 mm thick layer of the cementitious binder (Figure
2.d). The layers composing the TRM composite adopted in the present investigation are showed
in Figure 2.

(a)

(b)
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(c)

(d)

Figure 2. (a)- Injection the wider cracks. (b)- 5 mm thick cementitious laye applied on the outer face. (c)Application of the glass fiber mesh. (d)- Reinforced masonry wall.

3

MONITORING AND DESCRIPTION OF THE MODAL ANALYSIS

The methodology for dynamic identification has been divided in four phases: (i)
Unreinforced pre-damage; (ii) Unreinforced post-damage; (iii) Reinforced pre-damage; (iv)
Reinforced post-damaged. White noise vibrations has been registered during all phases with a
sampling frequency of 2000 Hz. Three records of 300 s have been done in each phase, and the
mean values have been used. For data acquisition, 8 piezoelectric accelerometers of sensitivity
equal to 10 V/g have been employed. They were located according to Figure 2. Signals have
been registered using a data acquisition device model Kyowa PCD-320 and signal conditioner
model PCB 482A22.
With the aim to introduce a general damage distribution, similar to the seismic loads, a
cyclic load with increasing amplitude of the displacement from 0.2 mm to 12 mm has been
used, like a cyclic pushover tests. The horizontal load has been applied by means of a hydraulic
jack with a displacement load control. In this paper the results showed are related with the initial
phases previously to the damage and the final phases after the full damage procedure. It is
important to note that the reinforced building is the unreinforced building repaired after all the
damage phases.
Finally, Operational Modal Analysis (OMA) was used to analyze the vibration frequencies
and the damping factor. The technique used is the Enhanced Frequency Domain Decomposition
(EFDD), according to the Artemis software.
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(a)

(b)

(c)
(d)
Figure 2. General view of sensors location; (a) Undamaged (b) Damaged (c) Retrofitted with TRM (d)
Retrofitted with TRM – Damaged.

4

RESULTS

In case of the unreinforced wall, a classical crack pattern (Figure 2) arose with increasing
damage. In particular, a well-defined diagonal crack (white crack) and some diffused cracks
(black cracks) appeared. As it can be seen in Figure 2, the cracks mainly follow mortar joints,
except in some points where it cross one or more bricks.
Regarding operational modal analysis, the first three vibration modes have been identified.
The Figure 3 shows a typical Singular Value Plot, in a value range from 0 to 50 Hz, obtained
through the EFDD technique. The estimated natural frequencies and damping ratios are shown
in Table 3 and the mode shapes are represented in Figure 4. The first two vibration modes are
out-of-plane modes, the third is an in-plane mode. For each identified vibration mode, the
natural frequency decrease and the damping ratio increase due to damage. In particular, a
reduction of natural frequency equal to 21.14%, 22.04% and 57.15% and an increase of
damping ratio equal to 10.11%, 69.94% and 12.04% have been evaluated respectively for the
first, the second and the third mode. Finally, in order to evaluate the changes in mode shapes
due to damage, the Modal Assurance Criterion (MAC) has been used.
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Figure 3. Typical Singular Value Plot obtained by processing acceleration data of the wall through the EFDD
technique.

The reduction of natural frequency due to damage indicates a reduction of wall stiffness.
Moreover, the increase of damping ratio suggests an increase of energy dissipation due to
material friction along the cracks. It is worth noting that, since the greatest frequency reduction
corresponds to the third mode, the damage has mainly affected the in-plane stiffness. Moreover,
the MAC values reported in Table 4 suggest that the damage mainly affects the mode shape of
the second vibration mode.
Table 3: Estimated natural frequencies and damping ratio for unreinforced pre/post-damage wall.

Pre-damage
Frequency (Hz)
Damping (%)
4.953
2.957
12.394
1.221
22.357
1.570

Post-damage
Frequency (Hz)
Damping (%)
3.906
3.256
9.662
2.075
9.580
1.759

4.953 Hz

12.394 Hz

22.357 Hz

(a)

(b)

(c)
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(d)

(e)

(f)

Figure 4. Frequencies and mode shapes for the unreinforced pre-damage wall. General view: (a), (b), (c), (d).
Plan view: (e), (f), (g). Front view: (h).

Table 4: MAC values between unreinforced pre and post damage wall.

Frequency (Hz)
3.906
9.662
9.580

4.953
0.891
0.044
0.000

12.394
0.022
0.728
0.016

22.357
0.039
0.010
0.929

Figure 2 shows the crack distribution for the reinforced wall. The damage configuration
appears very similar with the unreinforced case, but less severe.
Regarding operational modal analysis, the first three vibration modes have been identified.
The estimated natural frequencies and damping ratios are shown in Table 5 and the mode shapes
are represented in Figure 5 The first two vibration modes are out-of-plane modes, the third is
an in-plane mode. As in the unreinforced case, for each vibration mode, the natural frequency
decrease and the damping ratio increase due to damage. In particular, a reduction of natural
frequency equal to 25.47%, 31.84% and 52.22% and an increase of damping ratio equal to
22.10%, 34.62% and 82.75% has been evaluated respectively for the first, the second and the
third mode. The MAC values are reported in Table 6.
As in the unreinforced case, the results suggest that the mode shape of the second vibration
mode was the most affected by the damage and that the third mode (in-plane mode) shows the
greatest reduction of modal stiffness.

Table 5: Estimated natural frequencies and damping ratio for reinforced pre/post-damage wall.

Pre-damage
Frequency (Hz)
Damping (%)
6.992
2.339
16.475
1.473
29.823
0.684

Post-damage
Frequency (Hz)
Damping (%)
5.211
2.856
11.230
1.983
14.250
1.250
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6.992 Hz

16.475 Hz

29.823 Hz

(a)

(b)

(c)

(d)

(e)

(f)

Figure 5. Frequencies and mode shapes for the reinforced pre-damage wall. General view: (a), (b), (c), (d). Plan
view: (e), (f), (g). Front view: (h).
Table 6: MAC values between reinforced pre and post damage wall.

Frequency (Hz)
5.211
11.230
14.250

6.992
0.845
0.097
0.004

16.475
0.009
0.401
0.100

29.823
0.001
0.121
0.861

5 CONCLUSIONS
The dynamic behavior of a brick masonry wall before and after reinforcing with TRM was
assessed. After the cyclic loads, the damping factor, the modal shapes and the vibration
frequency have been evaluated. The following conclusions may be drawn for unreinforced and
reinforced masonry building due to the cracking process: Reduction of vibration frequencies by
20-30%, increase of the damping factor by more than 100%. However no significant changes
in the modal shapes have been evaluated for the first vibration modes. Regarding the effect of
the TRM, the most important conclusions are related with the possibility of recovering the predamage stiffness of the building, and the negative effect in the damping factor due to the elastic
behavior of these materials.
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Abstract. This paper aims to investigate the effects of geometrical imperfections on the
response of a scaled dry-joint arch to the vertical displacement of one support. The arch
behaviour was analysed in the large displacement regime using both physical and numerical
modelling. The experimental tests were performed on 1:10 small-scale models made of bicomponent composite blocks with dry joints. In order to evaluate the geometrical accuracy of
the blocks, two different sets of voussoirs were produced. The numerical simulations were
carried out using a finite element (FE) micro-modelling approach, where the arch was
modelled as an assembly of very stiff voussoirs connected by nonlinear interfaces. Particular
attention was paid to the interface stiffness, which was set so as to tune the numerical model
with the experimental evidence. Experimental and numerical results were then compared in
terms of collapse mechanism, hinge configuration and ultimate displacement capacity. The
imperfections of the physical models were found to significantly affect the arch response.
1

INTRODUCTION

The safety assessment of masonry arches is a crucial issue for the conservation of cultural
heritage, as arches have been often used as structural elements in historic masonry
constructions. Masonry arches are sensitive to any change in the external environment and thus
crack when the abutments move. Support movements can be produced by a wide range of
different causes, including differential settlements, subsidence, landslides, soil heterogeneity,
instability of the supporting walls/pillars, construction defects and many others. Although small
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movements do not represent a threat to stability since they can be easily accommodated by
arches through the opening of some cracks (idealized as hinges [1]), large movements involving
progressive changes in the geometry may lead to serious damage and collapse.
Over the years, considerable research effort has been devoted to finding new methods and
computational tools to investigate the response of masonry arches to large support
displacements. Several analytical methodologies were developed to evaluate the collapse
mechanisms and ultimate displacement capacity of masonry arches with different geometries
subjected to spreading supports (e.g. [2-4]) or generic support displacements (e.g. [5-7]). In the
framework of numerical methods, different computational approaches were proposed to
investigate the response of arches and, more in general, masonry structures to support
displacements, such as finite element (FE) modelling (e.g. [8-10]), discrete element (DE)
modelling (e.g. [11]) and rigid block modelling (e.g. [12,13]), among others. Nevertheless, both
analytical and numerical methods require to be validated against experimental tests to prove
their capability of accurately simulate the collapse of masonry structures. For this reason, the
analytical and numerical predictions were often validated by comparison with the results from
small-scale model testing (for arches on moving supports, the reader is referred to [2,5-10]).
Compared to full-scale models, small-scale models offer several advantages, such as short setup times, reduced cost, and possibility to repeat the experiments several times. Furthermore, as
first demonstrated by Heyman [1], they are effective to predict the collapse of masonry
structures, which depends mainly on geometry rather than material strength and thus can be
studied independently on scale. This also explains why physical scale-models have been widely
used to investigate the stability of masonry arches and vaults not only under support
displacements, but also under seismic actions (e.g. [14-18]) or point loads (e.g. [18,19]).
In the case of arches and vaults on moving support, the comparison between analytical and
numerical predictions on one side and experimental evidence on the other side showed that both
analytical and numerical models are generally able to capture accurately the collapse
mechanisms of the physical models. However, they tend to overestimate the displacement
capacity obtained experimentally (see [2,5,20,21]). As described in [5,20,21], this behaviour
can be attributed to the imperfections and assembly inaccuracies that characterize the physical
models compared to the “perfect” numerical ones. More in detail, the imperfections in the
dimension of the individual blocks as well as the manual assembly of the physical models,
which cannot be perfect, can lead to an inaccurate interlocking between the blocks.
Furthermore, the edges of the blocks can become rounded if tests are repeated several times.
The combination of these factors result in a reduction of the effective thickness of the physical
models, causing collapse to occur for smaller ultimate displacements than the ones predicted
by analytical or numerical simulations. A similar effect was also observed when testing smallscale arches under seismic actions. In this case, in order to take into account the imperfections
of the physical models and tune the numerical results with the experimental evidence, several
authors (e.g. [15-17,22]) proposed to consider a reduced thickness in the numerical models.
In this work, the effect of geometrical imperfections on the response of scaled dry-joint
masonry arches to the settlement of one support was investigated through experimental tests
and numerical simulations. The experimental tests were performed on 1:10 small-scale models
built as dry-joint assemblages of bi-component composite voussoirs. Two sets of voussoirs with
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different geometrical accuracies were produced by using different manufacturing techniques.
The numerical simulations of the experimental tests were carried out by adopting a FE micromodelling approach, according to which the arch was modelled as an assembly of very stiff
voussoirs connected by no-tension friction interfaces. Differently from what proposed in the
literature for small-scale arches subjected to seismic actions, the numerical results were here
tuned with the experimental evidence by properly setting the stiffness of the interface elements.
This approach was already adopted by the authors in [10] for the simulation of the experimental
tests performed using one of the two sets of voussoirs.
The aims of this work were (i) to evaluate to what extent the imperfections of the physical
models can affect the arch behaviour in terms of collapse mechanism, hinge position and
displacement capacity, and (ii) to assess the capability of the proposed FE micro-modelling
approach to simulate the experimental response.
2

EXPERIMENTAL TESTS

The experimental tests were performed on a 1:10 small-scale model of a segmental dry-joint
arch supported by two piers (Figure 1, Figure 2). The arch geometry was determined taking as
a reference the cross-section of the barrel vaults that are generally used as ceiling in the main
nave of historic masonry churches. More specifically, a two-course brick barrel vault with a
radial thickness of 0.24 m and a net span of 6 m was considered. It is worth noting that, when
this type of vaults is used as a ceiling and not as a load-bearing floor, it does not typically
include any backfill. Instead, it is structurally merged with the supporting walls at the
abutments. For this reason, the springings of the physical model were considered at about 27°
from the horizontal plane.

Figure 1: Geometry of the arch mock-up (in mm).

Figure 1 shows the geometry of the mock-up. The arch has an angle of embrace of 125°, an
internal radius of 300 mm, a net span of 533 mm, a radial thickness of 24 mm and a depth of
120 mm. It is composed of 55 voussoirs with a height of 24 mm and a width of about 12 mm.
Each voussoir represents the scaled dimensions of two adjacent bricks of standard size
(60x120x240 mm3) positioned with their longest side along the radial plane. The voussoirs are
slightly trapezoidal in shape in order to compensate for the lack of mortar between them. The
piers are shaped in such a way that they can sustain the plywood scaffolding needed to build
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the arch (Figure 2a).

Figure 2: Physical model: a) plywood scaffolding, b) view after the removal of the scaffolding.

All the blocks (voussoirs and piers) are made of a bi-component composite material,
obtained by mixing a mineral powder with an acrylic polymer in aqueous solution. The mixture
was poured, let it harden and then removed from special silicone moulds (Figure 3), which were
created using aluminium matrices shaped as the blocks. The density of the blocks was measured
to be 1.64 g/cm3 and the friction angle 41.2°. The Young’s modulus, determined by compressive
tests (see [10]), was equal to 941 MPa.
Since this manufacturing technique is innovative in the framework of small-scale model
testing, the dimensional accuracy of the blocks was evaluated by producing two different sets
of voussoirs (Figure 3).

Figure 3: Silicone moulds used to produce the voussoirs: a) 1st set, b) 2nd set.

For the 1st set of voussoir, the aluminium matrices were manufactured using a manual milling
machine; the mould was made of a deformable silicone and was created by positioning the
aluminium matrices with their longest side horizontal (Figure 3a); the mixture was not vibrated;
no admixtures were added to the bi-component composite material. For the 2nd set of voussoirs,
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the aluminium matrices were produced through a CNC machine (precision 0.05mm); the
mould was made of a stiffer silicone and was manufactured placing vertically the longest side
of the aluminium matrices (Figure 3b); the mould was vibrated mechanically in order to
eliminate the air bubbles from the freshly poured mixture; the mixture was fluidified by adding
a plasticizer (1% of the total weight).
The two sets of voussoirs are significantly different. The voussoirs of the 1st set (Figure 4a)
have more imperfections and less sharp corners compared to the voussoirs of the 2nd set (Figure
4b). Furthermore, when they are placed side by side, their lateral faces are not perfectly coplanar
(Figure 4a). The use of a manual milling machine to produce the voussoirs of the 1st set did not
allow an accurate reproduction of the trapezoidal shape of the individual blocks. This resulted
in a not perfect interlocking between voussoirs, causing gaps and hinges to occur (Figure 4c).
Conversely, when a CNC machine was used to manufacture the blocks of the 2nd set, the
assembly was very accurate and no gaps between adjacent voussoirs were observed (Figure 4d).

Figure 4: Different sets of voussoirs produced: a-c) 1st set, b-d) 2nd set.

Figure 5 depicts the initial geometry of the physical models created using either set of
voussoirs. The shape of the two models is slightly different since the keystone of the arch built
with the 1st set of voussoirs descended by few millimetres as soon as the scaffolding was
removed (Figure 5a), while no significant movement was noticed for the arch built using the
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2nd set of voussoirs (Figure 5b). It is worth noting that the downward displacement of the
keystone observed for 1st set of voussoirs produced a slightly change in the geometry of the
free-standing arch with respect to the “perfect” one shown in Figure 1.

Figure 5: Initial geometry of the arch after the removal of the scaffolding: a) 1st set of voussoirs, b) 2nd set of
voussoirs.

The arch was tested under an increasing downward quasi-static vertical displacement 
applied at the right support through an external stepper motor linear actuator controlled via
software (Figure 6a). Two high-resolution, high-frame rate (60 Hz) cameras were used to record
the development of the damage up to collapse (Figure 6b).

Figure 6: a) Testing machine, b) high-resolution, high-frame rate cameras.

3

FINITE ELEMENT MICRO-MODELLING

The numerical simulations of the experimental tests were performed through the FEM
software DIANA [23]. A two-dimensional FE model of the arch was created in Midas FX+
Version 3.3.0 (Customized Pre/Post-processor for DIANA software [24]) adopting a micromodelling approach, where each voussoir was modelled as a distinct (very stiff) block and dry
joints were represented as no-tension frictional interfaces placed in between the voussoirs.
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Further interface elements were placed at the springing of the arch to allow for hinge opening
at the supports. The piers were not included in the FE model, as they only provided support to
the arch.
Four-node quadrilateral isoparametric plane stress elements (Q8MEM) were used to model
the voussoirs, while 2D four-node line interface elements (L8IF) were employed for the
interfaces. A mesh size of 2 mm (i.e. 12 FEs elements along the arch radial thickness) was
adopted based on a sensitivity analysis on the ultimate vertical displacement u obtained at
collapse. For further details about the mesh sensitivity analysis, the reader is referred to [10].
The mesh of FE micro-model of the arch, composed of 5031 nodes and 4632 elements, is
presented in Figure 7. Note that the outer edges of the interface elements placed at the supports
were pinned to provide boundary conditions.

Figure 7: FE micro-model of the arch.

The voussoirs were modelled as linear elastic elements with infinite compressive strength.
Young’s modulus and mass density were set equal to 941 MPa and 1.64 gr/cm3, respectively,
in accordance with the values measured experimentally (see section 2). A Poisson’s ratio of 0.2
was assumed. For the interface elements, a Coulomb friction model was used. Cohesion and
dilatancy angle were set equal to zero, while a friction angle of 41.2° was adopted, as measured
for the voussoirs of the physical model. In order to simulate hinge opening, the friction criterion
was extended with a gap criterion [23] with zero tensile strength. For further details about the
Coulomb friction model, the reader is referred to [23].
The stiffness of the interface elements was evaluated through a sensitivity analysis (Figure
8), where the collapse displacement u was determined for different values of kn in the range
0.1100 N/mm3 (this latter was defined according to the values proposed in [16]). The interface
tangential stiffness ks was set equal to 0.5kn for any considered value of kn. This choice was
made only to optimize numerical convergence, since the ratio between the two stiffnesses did
not influence the arch structural response. As described by the authors in [10], very large
stiffness values simulate rigid contact surfaces, allowing to treat the arch as a rigid-no tension
structure, but they lead to significantly overestimate the displacement capacity obtained from
experimental methods. Conversely, reduced stiffness values enable to consider the
imperfections (and resulting deformability) that characterize the contact surfaces of the physical
models. With the aim of simulating the experimental tests, the interface normal stiffness was
chosen so that the numerical collapse displacement matched closely the experimental result for
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each of the two sets of voussoirs considered. Consequently, kn was set equal to 0.25 N/mm3 and
5.2 N/mm3 for the 1st and 2nd sets of voussoirs, respectively.
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Figure 8: Collapse displacement u vs. interface normal stiffness kn.

The response of the arch to large support displacements was evaluated through non-linear
static analyses. After the application of the self-weight, the imposed vertical displacement 
was increased monotonically until collapse was reached. A regular Newton-Raphson iteration
method combined with a line search algorithm was employed. An energy-based convergence
criterion with a tolerance value of 0.001 was assumed. Geometrical non-linearities were taken
into account by adopting the Total Lagrange formulation available in DIANA [23].
4

EXPERIMENTAL VS. NUMERICAL RESULTS

This section presents and compares the experimental and numerical results obtained from
both sets of voussoirs in terms of collapse mechanisms (Figure 9) as well as hinge position and
ultimate displacement at collapse u (Table 1). In Table 1, the interfaces where hinges appear
are numbered from left to right, being interface no. 1 the interface at the left support.
The collapse mechanisms obtained from the experimental test and relevant numerical
simulation for the 1st of voussoirs are illustrated in Figure 9a-c. In the experimental test (Figure
9a), three hinges, A, B and C, initially occurred in the sequence I-E-E (from left to right, where
E = extrados; I = intrados). Hinge A was located at the haunches between 11th and 12th voussoirs
(interface no. 12), hinge B appeared close to midspan between 31st and 32nd voussoirs (interface
no. 32), and hinge C opened at the right support (interface no. 56). Hinges B and C remained
in their initial position and did not move as the imposed vertical displacement increased.
Conversely, hinge A moved towards the crown by one voussoir just before collapse. The arch
collapsed by an asymmetrical four-hinge mechanism when a fourth hinge (D) occurred at the
left support at the extrados for a vertical displacement of 48.9 mm (Figure 9a).
Figure 9c illustrates the collapse mechanism predicted by FE analyses when adopting a value
of kn equal to 0.25 N/mm3. For the latter, the numerical collapse displacement u (48.8 mm)
matched very closely the experimental one. Collapse occurred again by an asymmetrical fourhinge mechanism with hinges located according to the sequence E-I-E-E. The predicted final
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hinge position agreed well with the experimental results since hinges B, C and D appeared at
the same location of the physical model, and hinge A was shifted by one voussoir only.
Differently, hinge A did not move with increasing support displacements. Despite the good
agreement in terms of displacement capacity and hinge position, the FE analysis did not
perfectly capture the actual behaviour of the physical model, since hinges A and B, which
concentrated in one single interface in the test, appeared to be distributed over adjacent
interfaces in the numerical simulation. Nevertheless, this discrepancy could be attributed to the
not perfect geometry of the physical model, which was slightly different from the numerical
one since the keystone descended by few millimetres after the scaffolding was removed (as
already shown in Figure 5).
Figure 9b and Figure 9d show the collapse mechanisms obtained for the 2nd set of voussoirs
from the experimental test and numerical simulation, respectively. In the test, the three initial
hinges A, B and C appeared in the sequence I-E-E and did not move as the support
displacements increased. The position of hinges B and C was very similar to that obtained for
the 1st set, since hinge C occurred again at the left support and the location of hinge B differed
by only one block, opening between 30th and 31st voussoirs (interface no. 31). However, a
significant difference was found in the final position of hinge A, which appeared four blocks
closer to the left support (interface no. 9) in the 2nd set compared to the 1st set. The failure mode
was the same as that obtained for the 1st set of voussoirs, since collapse occurred when the
fourth hinge D appeared at the left support. Nevertheless, the collapse displacement u was
significantly larger, being equal to 91.5 mm. As can be observed from Figure 9d, the numerical
results obtained for kn equal to 5.2 N/mm3 (u = 91.8 mm) were in very good agreement with
the experimental results in terms of both collapse mechanisms and hinge position. As for the
latter, the predicted position of hinges A, C and D was in full accordance with the experimental
tests, while hinge B was shifted by only one voussoir. As already observed in the test, also in
the numerical simulation all hinges remained in their initial position and did not move with
increasing support displacements.
Table 1: Comparison of numerical and experimental results in terms of hinge position (indicated with the
interface where hinges appear, numbered from left to right) and collapse displacement u.

1st set of voussoirs

2nd set of voussoirs

Experimental

Numerical

Position of hinge A at collapse

13

11-12

9

9

Position of hinge B at collapse

32

29-30-31-32

31

30

Position of hinge C at collapse

56

56

56

56

Collapse displacement u [mm]

48.9

48.8

91.5

91.8
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Figure 9: Collapse mechanism obtained using the 1st set (left) and 2nd set (right) of voussoirs: a-b) experimental
tests, c-d) numerical simulations.

5

CONCLUSIONS

In this paper, the response of a segmental dry-joint masonry arch to the vertical displacement
of one support was investigated using both physical and numerical modelling. With the aim of
evaluating the effect of geometrical imperfections on the arch response, two different sets of
voussoirs with different geometrical accuracies were employed to build the small-scale models.
The experimental tests were then simulated through FE micro-modelling. The stiffness of the
interface elements used to model the dry joints was calibrated so that the ultimate displacement
capacity obtained numerically matched closely the experimental one.
The results of the experimental tests proved that the imperfections and assembly inaccuracies
of the physical models significantly affect the arch response, especially in terms of displacement
capacity. Indeed, although the same collapse mechanism occurred for either set of voussoirs,
the collapse displacement obtained using the 1st set, which was characterized by more
imperfections, was significantly lower than that obtained with the 2nd set.
For both sets of voussoirs, the numerical predictions were in good agreement with the
experimental results in terms of collapse mechanism, hinge position and displacement capacity.
This demonstrated that calibrating the interface stiffness based on the experimental evidence is
an effective strategy to accurately capture the experimental response of dry-joint masonry
arches to large support displacements. The difference in the hinge distribution obtained when
simulating the test performed using the 1st set of voussoirs can be explained considering that
the geometry of the physical model was slightly different from the perfect numerical one.
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In conclusion, this work provides a contribution for a better understanding of the effect of
geometrical imperfections on the response of scaled dry-joint masonry arches. Future works
will include the application of different configurations of support displacements as well as the
measurement of the reactions at the arch supports in the experimental tests. This will allow to
evaluate the effect of geometrical imperfections on the arch response in terms of support
reaction-displacement curves.
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Abstract. Exposure to fire and elevated temperatures is diachronically a significant decay
factor, influencing the stability of structures. Cement and lime-based mortars have a different
behavior when exposed at elevated temperatures, usually testified by the post-fire preservation
state of historic and contemporary constructions. In this paper, the correlation of their
properties is envisaged, in order to identify the key elements of their performance. To this
direction, five compositions of cement and lime based mortars were manufactured and tested,
after their exposure at 200oC, 400oC, 600oC, 800oC and 1000oC. The binders used concerned
CEM I42.5Ν (C), hydrated lime (L) and natural pozzolan (P), while the systems applied
regarded C, C:L (1:1), L, L:P (1:1) and L:P:C (1:0.8:0.2) (parts per weight). The aggregates
used were natural of siliceous origin and their gradation varied from 0-4mm to 0-8mm. The
B/A ratio was 1/2 by weight and the W/B ratio was adjusted in order to maintain workability
around 15±1cm. The physico-mechanical properties of the specimens, were recorded before
and after their exposure at the selected temperatures. From the evaluation of the results, it was
concluded that the mortars’ behavior was different at the early temperature rate (up to 600oC)
according to their type, whereas the results were more comparable at the extreme temperature
level. Generally it was observed that although the initial strength of the lime-based mortars
was low (1-4MPa), they presented a more stable and efficient performance at the elevated
temperatures, rendering them probably more resistant at the first stages of fire actions. Cementbased mortars seemed to present a better performance at the highest temperatures of 800 oC
and 1000oC.
1

INTRODUCTION

Fire has been diachronically a significant decay factor of historic and modern structures,
leading to extreme damages and loss of their stability. The post-fire state of constructions
maybe related to several factors, such as the fire characteristics (i.e. heating rate, fire duration,
maximum temperature), the ground plan of the building, as well as the type and properties of
building materials.
The influence of fire on concrete has been studied from the beginning of the 20 th century
(1922) [1], while during the last decades research has been induced [2-6]. Researchers focus on
various assets, such as the analysis of fire scenarios (heating rate, exposure temperature and
time), the performance of building materials at elevated temperatures, the design and testing of
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fire-resistant materials, as well as the development and application of post-fire assessment and
repair strategies [4-10]. Relevant Standards and Recommendations exist, providing
accumulated data (RILEM TC 129-MHT, RILEM TC 200-HTC, EN 1991-1-2 Eurocode 1, EN
1992 Eurocode 2, ISO 834-11:2014, BS 476-3:2004) [10-15].
The temperature/time development curves, as given by the Standards (Fig. 1), show that the
maximum temperature attained during a fire, is around 1100-1200oC, while the temperature
rate may vary [16]. During the first 30 minutes of the action, temperature is rapidly increased
up to 822oC. Due to the difficulty of simulating such an extreme temperature rate at laboratory
level and in order to study the performance of building materials at elevated temperatures,
researchers propose a development rate ranging from 5 to 10oC/min [1-9].

Figure 1: Temperature / time development standard curves during fire action [16]

When subjected to fire, specific properties of materials are influenced, regarding both
physico-mechanical and chemical characteristics [1-6]. Since mortars are heterogeneous
materials, elevated temperatures influence both their paste and aggregates in different ways and
according to their constituents and thermal strains (expansion of aggregates, shrinkage
deformations of the paste) [1-6]. Their post-fire pathology symptoms, usually concern colour
change, spalling, cracking, delamination, and deformation [7-9].
According to literature, between 100-200°C, the free moisture of the materials evaporates,
while above 250°C the dehydration or loss of the bonded water begins [1-6]. Above 300°C the
silicate hydrates of the cement paste (C–S–H gel) decompose and above 500°C portlandite,
influencing the stability of the matrix [4]. Aggregates function according to their origin,
whereas siliceous aggregates seem to be more resistant than calcareous ones [4].
In the case of cement-based mortars, the residual strength is maintained for temperatures up
to 300°C, while between 300°C and 500°C it is decreased around 15-40% [1-6]. Above 550600°C, it is minimized and secondary chemical reactions occur (decarbonisation of carbonates
in both the cement paste and the aggregates) [4]. Usually above 800°C, complete disintegration
of the constituents begins.
In the case of lime-based mortars [7, 17], compressive strength is significantly increased up
to 600oC (almost doubled). It is reduced at 800oC (around 50% of the initial value) and
minimized at 1000oC. Generally, lime-based mortars exhibit a good performance throughout
the tested temperatures, maintaining their mass and volume until 1000oC.
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In the present paper, an effort has been made to comparatively study the performance of
cement and lime-based mortars at elevated temperatures. To this direction, five compositions
were manufactured and exposed at 200oC, 400oC, 600oC, 800oC and 1000oC. The binders used
concerned CEM I42.5Ν (C), hydrated lime (L) and natural pozzolan (P), while the systems
applied regarded C, C:L, L, L:P and L:P:C.
The purpose of the study was to envisage the behaviour of contemporary and traditional
binding systems, found in mortars of modern or historic structures. Repaired historic
constructions are also related, where traditional and cement based materials coexist, due to
improper restoration works or specific demands.
2

MATERIALS AND METHODS

During the experimental work, five compositions of cement and lime-based mortars were
manufactured and tested. The binding agents used concerned CEM I42.5Ν, hydrated lime (L)
and natural pozzolan (P), while the systems applied regarded C, C:L (1:1), L, L:P (1:1) and
L:P:C (1:0.8:0.2). The aggregates were natural of siliceous origin and their gradation varied
from 0-4mm to 0-8mm.
In order to reduce the water demand, a sulphate free, polycarboxylate superplasticizer was
added in a proportion of 1% w/w of binders. The Water/Binder (W/B) ratio was adjusted for
achieving workability of 15±1cm, according to EN1015-3. The manufacture and curing of the
mortar specimens was according to EN1015-11, while totally 16 specimens (dimensions
4x4x16cm) of each composition were manufactured and tested. In Table 1 the constituents and
proportions of the mortar series are presented.
Table 2: Constituents and proportions of the mortar series

Raw materials
Cement I42.5
Hydrated lime
Natural pozzolan
Sand of siliceous origin, pale colour (0-4mm)
Gravel of siliceous origin (4-8mm)
Super plasticizer (1% w/w of binders)
W/B ratio
Workability (cm) (EN1015-3:1999)

C
1
2
√
0.36
15.5

Mortar series / Parts of weight
CL
L
LP
LPC
0.5
0.5
0.5
0.4
1
0.5
0.5
0.1
2
1.4
1.4
1.4
0.6
0.6
0.6
√
√
√
√
0.44 0.85
0.57
0.54
15.0 14.8
15.5
14.7

Twenty-eight days after their manufacture, the physico-mechanical properties of the mortar
compositions were recorded, regarding porosity and apparent specific gravity (RILEM CPC
11.3), water absorption coefficient due to capillary action (EN 1015-18:2002), dynamic
modulus of elasticity (BS 1881-203:1986), flexural and compressive strength (EN101511:1999).
Two specimens of each mortar composition were subjected to elevated temperatures (200 oC,
400oC, 600oC, 800oC and 1000oC), according to former research work [7, 9, 17]. For the
experiment, an electric furnace was used, where the temperature rate and duration time could
be manually set (Fig. 2). The heating scheme followed (maximum temperature, heating rate,
exposure time and cooling rate) was based on former research work [7, 9, 17] and was aligned
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with relevant research [1-6]. The methodology concerned heating rate 5oC/min, exposure
duration to the maximum temperature 2h and cooling rate 2 oC/min (Fig.2).

Figure 2: Electric furnace (left) and heating scheme (rate, exposure time, cooling rate) (right)

After the exposure to each temperature, the specimens maintained for 24h at laboratory
conditions and their weight and dimensions were recorded, in order to estimate their mass and
volume changes. Their physico-mechanical characteristics were tested, regarding porosity,
apparent specific gravity, dynamic modulus of elasticity, flexural and compressive strength.
Macroscopic observation of the specimens and colour determination (according to the Munsell
chart) were also attained. All the results were comparatively evaluated in order to record their
performance at elevated temperatures.
3

RESULTS AND DISCUSSION

3.1 Physico-mechanical characteristics
The physico-mechanical properties of the mortar specimens at the age of 28 days are
presented in Table 2. The characteristics concern porosity, apparent specific gravity, dynamic
modulus of elasticity, flexural and compressive strength, while the water absorption coefficient
due to capillary action is presented in Figure 3.
Table 2: Physico-mechanical properties of the mortar compositions at the age of 28 days

Mortar
series

Porosity
(%)

Ap. Spec.
Gravity

C
CL
L
LP
LPC

8.68
18.8
30.86
16.66
16.15

2.15
1.93
1.65
1.84
1.90

Dyn. Mod. of
Elasticity
(GPa)
37.55
25.11
1.36
13.32
16.22
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Flexural
strength
(MPa)
9.93
6.01
0.12
1.12
1.70

Compressive
strength
(MPa)
60.79
17.46
0.87
3.15
4.20
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Figure 3: Water absorption coefficient of the mortar compositions (28d)

From the evaluation of the results (Table 2) it was asserted that with the substitution of 50%
of cement with lime (CL), the porosity was doubled (18.8%), while the mechanical
characteristics, especially compressive strength, were significantly decreased. Flexural strength
dropped from 9.93MPa (C) to 6.01MPa (CL) and compressive strength from 60.79MPa (C) to
17.46MPa (CL). In the case of lime-based mortars, the substitution of 50% of lime with natural
pozzolan (LP) resulted in a significant decrease of porosity (16.66%) and increase of strength.
Flexural strength was increased from 0.12MPa (L) to 1.12MPa (LP) and compressive strength
from 0.87MPa (L) to 3.15MPa (LP). The substitution of 20% of natural pozzolan with cement
(LPC), slightly decreased porosity and increased mechanical properties around 30%.
As expected, water absorption coefficient was significantly high in the case of the lime
mortar (L) and low in the cement one (C) (Fig.3). CL and LPC compositions presented almost
the same behavior, while LP showed slightly higher values.
3.2 Performance at elevated temperatures
The performance of the mortar compositions was recorded after their exposure at the
elevated temperatures (200oC, 400oC, 600oC, 800oC and 1000oC). Their physico-mechanical
properties, regarding volume and mass change, color alterations, porosity, apparent specific
gravity, dynamic modulus of elasticity, flexural and compressive strength, were comparatively
evaluated.
The volume change of the specimens presented the same trend in all compositions (Fig. 4).
At 200oC, a short expansion was observed, which was more intense for composition L (3.6%),
while at 400oC a volume decrease was recorded ranging from 0.5 to 5%. The lowest values
were recorded for C and CL compositions. At 600 oC and 800oC a slight volume increase was
observed for L, LP and LPC, while C and CL showed volume reduction. At 1000 oC all volume
change was minimized. Compared to all compositions, C presented the more extreme volume
loss above 400oC, ranging from 1.5-4.5%.
Regarding mass change (Fig.5), all compositions, except C, presented the same trend, with
decreasing values from 200 to 1000 oC (7-21%). The highest decrease was observed for L.
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Composition C presented a different behavior with a slight mass increase at 200oC and further
reduction. The highest mass loss was recorded at 400oC (4.6%).

Figure 4: Volume change of the mortar specimens, exposed at elevated temperatures

Figure 5: Mass change of the mortar specimens, exposed at elevated temperatures

Regarding porosity and apparent specific gravity (Fig.6), the performance of the specimens
presented some similarities. Porosity was generally increased up to 600 oC (except of L) in all
cases. C had the highest increase up to 800 oC with values ranging from 8 to 25% (at 1000oC
there was a decrease to 20%). CL presented a lower increase up to 600 oC from 20 to 30%. LP
and LPC had the same behavior with an increase from 18 to 34% up to 600 oC and a further
decrease. Composition L presented the lower fluctuations at all temperatures, with a short
decrease of values (31-28%). Apparent specific gravity was reduced throughout the elevated
temperatures (10-15%). The greatest fluctuations were recorded in compositions C and L.
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Figure 6: Porosity and Ap. Specific gravity of the mortar specimens, exposed at elevated temperatures

Concerning the mechanical properties of the mortar specimens, it was generally observed
that dynamic modulus of elasticity was decreased throughout the temperature increase (Fig.7).
At 200oC, compositions C and CL presented a decrease of the initial values around 25-30%,
while LP and LPC showed a reduction of 10-15%. At 400oC there was a further decrease around
45% for C and CL and 70% for LP and LPC, while at 600oC and further all values where
minimized. Composition L, presented a different behavior, maintaining the initial value up to
600oC.
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Figure 7: Dynamic Modulus of Elasticity of the mortar specimens, exposed at elevated temperatures

In flexural strength (Fig.8), compositions had a different behavior, according to their type.
Although the values were decreased throughout the elevated temperatures for C, in the rest
compositions there was a strength increase at 200oC (mainly in CL). The values were further
decreased, especially above 600 oC. In composition L, values maintained at a low level
(~0.3MPa) throughout all temperatures.

Figure 8: Flexural strength of the mortar specimens, exposed at elevated temperatures

Compressive strength values (Fig.9), also presented fluctuations among the compositions.
As it is presented in Figure 10, C showed a gradual (almost linear) strength loss throughout all
temperatures (30% at 400oC and 45% at 600oC) leading to a final loss of 85% (6110MPa).
Composition CL had a strength increase at 200 and 400oC (30-40%), while it was significantly
reduced at 600oC (~50%) and minimized at 1000oC (17.54.5MPa). Compositions L, LP and
LPC showed a strength increase up to 600oC (around 20-100%) and a further strength decrease
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at 800 and 1000oC. The highest strength increase was observed for LP at 400 oC (100%), while
the lowest loss was shown for L at 800 and 1000oC (20-30%).

Figure 9: Compressive strength of the mortar specimens, exposed at elevated temperatures

Figure 10: Compressive strength changes of the mortar specimens, exposed at elevated temperatures

The structure of the specimens, after their exposure at the elevated temperatures was
generally maintained, as presented in Figure 11. At 600oC limited spalling and color alterations
were observed, which were more intense at 800 and 1000oC. Composition L was cracked at 800
and severely damaged at 1000oC, while LPC also presented extreme damages at 1000 oC.
Regarding the more extreme color changes (according to the Munsel scale), compositions C
and CL were converted from GLEY 2, 7/1 light bluish gray and GLEY 2, 8/1 light bluish gray
respectively to GLEY 2, 8/1 light greenish gray.
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Figure 11: Macroscopic photographs of the mortar specimens, exposed at elevated temperatures
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4

CONCLUSIONS

The performance of building materials at elevated temperatures, is a significant factor
influencing their maintenance and preservation state. In the present study, an effort was made
to assess the resistance of mortars made by contemporary and traditional binders, showing that
the initial strength level of materials may not be the key element of their performance.
According to the research results, cement-based mortars (composition C) presented
significant decay when exposed at elevated temperatures. High volume reduction was recorded
(2-4%), extreme increase of porosity (values are tripled, 824%), while mechanical properties
were significantly influenced. At 600oC strength loss was around 45-75%, with the flexural
strength to be severely affected (flexural strength: 102.5MPa, compressive strength:
6038MPa). At 1000oC flexural and compressive strength was reduced around 85-90%.
When lime was added in the mixture (CL), the physical properties were enhanced throughout
the elevated temperatures. Mechanical characteristics were maintained (with a slight increase)
up to 400oC and were further reduced at 600oC (50% for compressive and 80% for flexural
strength). At 1000oC they were minimized.
In the case of lime-based mortars, a slight volume change was recorded, whereas the mass
change was extreme (8-20%). Porosity values were almost doubled (1630%) except for the
pure lime mortar (L), which presented the lowest fluctuations (29-34%). Mechanical properties
and especially compressive strength was enhanced up to 600 oC (around 80% in the case of LP)
and were minimized at 1000oC. The pure lime mortar (L) was the one to present the lowest
strength loss at 800 and 1000oC (20-30%).
It is therefore asserted that, contradictory to the cement-based mortars, lime-based binding
systems (C:L, L:P, L:P:C) presented a generally good behavior, up to the limit of 600oC,
maintaining both their physical and mechanical properties. However, at the highest
temperatures of 800 and 1000oC cement-based mortars seemed to present a better performance.
Concluding, it is noticed that the binding system significantly influences the overall behavior
of the mortars at elevated temperatures. The addition of lime in traditional or contemporary
mortar systems seem to be benefited in the case of extreme temperatures. However, more
oriented research should be made in order to further document the physico-chemical reactions
taking place in the mortar matrix.
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Abstract. The flat jack test is one of the most used investigation techniques in the area
of architectural heritage conservation. Unfortunately, there are no results available in the
literature reporting the use of the flat jack technique in cob walls. This paper presents the firs
experimental campaign performed to validate the use of this Minor Destructive
Technique (MDT) to determine the levels of stress in cob walls and their mechanical
properties. Furthermore, three workshops organized and facilitated with the aim of
increasing public engagement and awareness towards the conservation of earthen
vernacular architecture are also presented.
1

INTRODUCTION

The flat jack test was first developed and applied in the study of rock mechanics [1]. After
its adoption in the years 1980s by Rossi for its use in masonry walls, the method has been
used by several researchers to determine the level of stresses and the mechanical properties of
ashlar, brick and stone masonry, as well as of, adobe and rammed earth walls [2].
Cob is an earthen construction technique that was traditionally used in at least 18 European
countries [3], and many others around the world [4], to build, mainly, dwellings and farming
buildings. Cob elements are as well present in 29 UNESCO World Heritage Sites as
highlighted by the World Heritage Inventory of Earthen Architecture [5].
Despite the widespread presence of cob buildings and the popularity of the flat jack test
among conservation engineers, no results have ever been reported on the application of
this Minor Destructive Technique (MDT) on such kind of wall typology.
This paper presents the description of the first laboratory experimental campaign to assess
the feasibility of the application of the flat jack test to determine the stress levels and the
mechanical properties of cob walls.
2 EXPERIMENTAL CAMPAIGN
The experimental campaign started in the spring of 2018 with the literature review of
the topic (see Figure 1 where the followed methodology is presented in a diagram form).
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Figure 1: Methodology’s steps implemented during the experimental campaign.

The necessary technical knowledge to implement the flat jack test technique was acquired
thanks to a research collaboration carried out at the University of Cantabria (UC) in Santader,
Spain, during the months of June and July 2018. The expertise and know-how acquired during
this period proved to be invaluable for the success of the flat jack tests performed in this
experimental campaign.
The traditional cob construction technique was learned by the first author during his
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participation at the International BASEhabitat Summer School organized by the University of
Linz, Austria. In this event, experienced earthen builders and researchers, taught the traditional
skills used in France, UK and Ireland to build vernacular cob walls and these skills were used
to build the wallettes at the laboratory of Civil Structural and Environmental Engineering
(CSEE) in Trinity College Dublin (TCD).
The basic raw materials needed to build a cob wall are: straw, water and soil. It was intended
to build the wallettes of this experimental campaign in a sustainable way and to try to reproduce
the characteristics of a historical cob wall as closely as possible. Thus, materials were sourced
locally, and traditional construction methods were used. The selection of the raw materials was
based on recommendations provided by several authors [6–12]. Those recommendations are
mainly concerned with the water quality, the type and the length of the straw, the clay content
and the Particle Size Distribution (PSD) of the soil.
Qualitative soil tests have been traditionally used by vernacular builders, who had no access
to complex equipment and laboratory facilities, to assess the suitability of the material for
earthen construction purposes. These tests are highly related to the human senses and provide
basic information about the constitution of the soil and of its behavior. The advantages of
qualitative tests are their simplicity, easiness, low-cost and their relatively fast data obtainment.
On the other hand, the interpretation of qualitative tests is subjective and depends on the
experience and personal judgement of the test performer. Qualitative tests were performed on
a sample of soil collected directly from the soil supplier yard. Those tests are shown in Figure
2.
To classify and determine the basic properties of the soil the standards followed in this
experimental campaign were the BS 1377: Methods of test for soils for civil engineering
purposes Part 1: General requirements and sample preparation [13], Part 2: Classification tests
[14] and Part 3: Chemical and electrochemical tests [15]. Based on the data obtained from these
standardized tests, the soil was identified and classified in accordance with BS EN ISO 14688
Geotechnical investigation and testing – Identification and classification of soil Part 1:
Identification and description [16] and Part 2: Principles for a classification [17], respectively.
Standardized tests were performed on a sample of soil obtained from the 1 m3 bags delivered
by the soil supplier.
The components’ mixing proportions were based on recommendations given by several
authors [11–12–18–19] and adopted to the physical constrains of the laboratory of CSEE in
TCD. Thus, mixes of 80 kg of soil with 1.2 kg of straw and 12 kg of water were adopted. Each
one of the mixes provided enough material to build a layer of approximately 10 cm height.
Thus, in average, 10 mixes were necessary to build each one of the wallettes with approximate
dimensions of 100 cm length by 100 cm height by 40 cm thickness.
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(a)

(b)

(c)

(d)

(e)

(f)

(g)
Figure 2: Qualitative tests performed, namely, (a) pressing ball, (b) touching, (c) cigar, (d) ball cutting, (e) ball
dropping, (f) ribbon and (g) Carazas.

The cob wallettes were built on top of steel pallets to facilitate their transportation around
the laboratory. Moreover, a top cap was also fabricated with the idea of connecting it with the

596

A. J. Rios, M. Grimes and D. O’dwyer

bottom pallet through threated steel bars and applying low compression force during
transportation of the wallettes in order to avoid damaging the wallette due to vibrations that
might have led to tensile stresses and therefore the opening of cracks. The steel bottom pallets
and top cap were designed using a universal beam (UB) 533x210x82 section (this section was
selected to accommodate the dimensions of the cob wallettes and of the pallet jack used in the
laboratory). The bottom pallets were perforated at four locations of their flanges to allow the
pallet jack to go beneath them. On the other hand, four C-channel section segments were welded
to the web of the top cap to act as points of attachment and provide symmetric points of
attachment for the crane’s chains, thus allowing the lifting of the wallettes. Finally, four pieces
of hollow steel tube were welded to both bottom and top UB flanges to provide the points of
connection of the threaded bars.
Once the loam was readily mixed, it was divided into balls of approximately 20 to 30 cm in
diameter. The balls were thrown to the steel pallet to build the first 10 cm layer of the first 30
cm lift of each one of the wallettes. Balls were thrown being careful to assure overlapping with
previous balls and moulded with the fingers to try to fill all voids. The lifts were built a couple
of cm bigger than the marked area of 0.4 by 1.0 m on the steel pallets with the aim of avoiding
having any holes or cavities at the faces after the pairing of the surfaces. Once the bottom lifts
achieved the desired height their top surface was marked with the fingers in order to create
holes that would improve the interlocking with upper lifts. The pairing of each one of the
wallettes’ lifts was done four or five days after their construction and before adding the next lift
on top of them. A timber saw was used to remove the extra material protruding from the faces
and a bubble level was used as guidance to achieve verticality of the wallettes’ faces. After the
first lift was paired the second lift was added ensuring that extra material would protrude over
the sawn faces. Furthermore, the top surface of the second lift was also finger-marked to ease
the interlocking of the last lift. Again, after a short drying period (4 or 5 days) the second lift
was paired using the timber saw and the bubble level. Next, the last lift was added and
subsequently paired. They wallettes were built in three lifts, 30 cm, 30 cm and 40 cm height
respectively. All dimensions varied by +/- 2 cm due to the inherent variability traditional
construction process adopted. The wallettes were stored indoors for a drying period of 4 months
under uncontrolled environmental conditions. A diagram of the built specimens is presented in
Figure 3.

(a)

Figure 3. Diagram of the built cob wallettes.
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To ensure a horizontal top surface and consequently an even distribution of the compressive
load the wallettes were capped with a layer of cement mortar. Timber formwork was clamped
to the wallettes and levelled with the help of a bubble level. The cement mortar was placed on
top of the wallette and levelled with a straight piece of timber. The finished surface was
completely flattened and cured for several days with the application of a wet hessian cloth.
In a parallel process, six cylinders were prepared, using randomly sampled material from the
cob wallettes' mixes, with the objective of performing compressive tests on them to estimate
cob’s compressive strength. This data would give a point of reference to establish the
consolidation and test loads to be applied to the wallettes. The cylinders were prepared using
15 cm diameter by 30 cm length steel molds. The mold was filled with six or seven layers of
cob. Every layer was tamped by hand, pressing with the fingers to try to fill all the voids. This
preparation procedure is similar to the one implemented by Pullen and Scholz [20].
After a four-months drying period the pre-consolidation of the wallettes began. The preconsolidation load applied to the wallettes was fixed taking as reference the mechanical
properties obtained from the cob cylinders tested in this experimental campaign. It was decided
not to exceed the apparent yield point of cob which corresponded approximately to 30 % of the
computed average compressive strength of the cylinders (0.7 MPa). Therefore, the wallettes
were subjected to a consolidation force of 84 kN +/- 1 kN.
The loading set-up consisted in 4 treaded bars fixed at the bottom and top steel pallets which
were tensioned by tightening the nuts at the top. The tightening of the nuts was performed
manually, in increments of approximately 2 kN per bar, and the initial loading process, going
from 0 up to 85 kN took approximately 15 to 20 min for each wallette. The tension forces thus
applied caused the shortening of the bars, deformation that subsequently translated into a
compressive force applied to the cob wallettes. Therefore, loads were applied slightly
eccentrically but in a symmetric way as the points of anchorage of the bars were located at the
external faces of the steel pallets flanges. A load cell was installed between each point of support
at the top steel pallet and the nut to measure the load transferred for each one of the bars to the
wallette. The total load transferred to the wallette was calculated as the sum of the four bars’
forces.
Four linear variable differential transformers (LVDT) were attached to the wallettes’ faces,
two in the front and two in the back, to measure the deformation caused by the compressive
forces. The LVDT’s were pinned through the material using stainless-steel pins of roughly 5 to
6 cm length by 2 mm diameter. The points of support were held in place at an initial distance
of roughly 30 cm at the middle third of the specimens. This arrangement was in agreement with
BS EN 1052 Part 1 [21].
The procedures described in ASTM C 1196 Standard test method for in-situ compressive
stress within solid unit masonry estimated using flat jack measurements [22] and in RILEM
LUM D2/MDT D4 In-situ stress tests on masonry based on the flat jack [23–24], specialized in
masonry walls, were adopted and adapted to perform the single flat jack test in the cob wallettes
of this experimental campaign. Similarly, the procedures described in ASTM C 1197 Standard
test method for in situ measurement of masonry deformability properties using the flat jack
method [25] and in RILEM LUM D3/MDT D5 In-situ stress/strain behavior tests based on the
flat jack [26–27], were adopted and adapted to perform the double flat jack test.
The data obtained during the experimental campaign can be consulted elsewhere [28].
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3 WORKSHOPS
As this experimental campaign aimed at increasing awareness regarding the importance of
conservation of vernacular architecture, the experimental campaign was used to involve a great
number of people and disseminate the acquired knowledge about the subject. Academics,
technical staff, researchers, as well as undergraduate students and the general public
participated in the different activities developed during this experimental campaign related to
the conservation of earthen vernacular buildings and the use of natural materials for sustainable
construction purposes.
Two one-day workshops were run. In the first one, undergraduate students were invited to
attend a morning presentation on the conservation of earthen vernacular buildings in Ireland
and to participate in the construction of the wallettes of the experimental campaign. The second
workshop was organized within the framework of the Trinity Green Week 2019. The Trinity
Green Week is an annual environmentally themed event with a multitude of events to simulate
the mind and engage the soul in creating better world citizens. Both students and the general
public were invited to participate in this second workshop. Participants to both workshops are
shown in Figure 4 (a) and Figure 4 (b), respectively.
Finally, students of architecture from University College Dublin (UCD) and from the Dublin
Technical University (DTU) were invited to the laboratory of TCD. The students were given a
presentation on the main aspects of the experimental campaign performed. After this, a tour
around the laboratory facilities was conducted where they could see the specimens that were
built and tested along with the flat jack tests’ equipment that was used in the experimental
campaign (Figure 4 (c)).

(a)

(b)

(c)

Figure 4: Cob workshops’ participants.

4 CONCLUSIONS
The flat jack test is one of the most applied investigation techniques in the area of cultural
heritage conservation, where the information obtained with this method is used, to assist in the
structural safety evaluation of existent structures. The experimental campaign carried out and
presented in this paper provided the first results of a flat jack test ever performed in a cob wall.
Another important part of this research comprised the series of public engagement and
awareness increase activities performed around the experimental campaign presented in this
work. The discussions that took place during and after the workshops proved to be extremely
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rich, especially due to their multidisciplinary character and the different backgrounds and
previous experiences of the participants of the events.
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Abstract. The paper presents a description and results of the research concerning one of the
scarf joints, so-called ‘lightning sign’ (also described as ‘Bolt of lightning’ or ‘Trait-deJupiter’). This joint has been used and can be commonly found in wooden historical structures
and is considered to be an interesting example of carpentry longitudinal joints. In the
experimental part timber beams with this type of joint shaped in the different planes, horizontal
and vertical, reinforced with spindle fasteners (metal bolts), were subjected to four-point
bending tests. As a result, the static equilibrium paths and the bending capacities of individual
beams were obtained. They were compared to the load-bearing capacity of the continuous
reference beam. Moreover, a simplified numerical analysis based on FEM was carried out for
comparison the rigidity of individual beams. A comparison of the results for series of beams is
discussed and some conclusions and possible directions of the future actions in the subject are
presented.
1

INTRODUCTION

For centuries, wood has been a commonly used building material for different types of
buildings: simple houses, residential buildings, sacral architecture, defensive structures, and
sophisticated engineered structures like bridges, etc. Some of the timber structures have
survived since that time and nowadays require interventions to maintain or improve their
technical condition. One of the most important factors in this work is the issue of joints, which
enable building elements to be connected into a single whole and for loading to be transferred
between elements. Sometimes carpentry joints, that can be found in historical buildings, had
sophisticated forms, which indicates the highly developed techniques and craftsmanship of
builders of that time [1].
There are many types of carpentry joints in historical buildings distinguished by researchers,
depending, for example, on their function and form (i.a. in [2]). One group includes scarf joints
and splice joints. They were used to create a connection along the length of the two elements,
when the available material could not cover the whole beam length. It was preferably to perform
them in the least stressed sections, as the connecting elements at the point of contact could not
bear a load greater than that in continuous sections [3]. They were applied to extend foundation
beams and capping beams in building frames of historical structures as well as roof frame
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elements, such as purlins or rafter beams. Until the development of glue-laminated wood
techniques, this was a commonly used method for extending wood elements [4]. Nowadays,
scarf and splice carpentry joints are used i.a. to restore historical joints or to replenish the
material in historical elements. Some examples of scarf and splice joints found in historical
structures, from simple to refined forms, are presented in Figure 1.

Figure 1: Different forms of scarf and splice joints: a) splice joint, b) nibbed scarf joint, c) tabled splice joint,
d) stop-splayed scarf joint (‘Bolt of lightning’)

Scarf joints of lightning sing or stop-splayed scarf joints, also described as ‘Bolts of
lightning’ or ‘Trait-de-Jupiter’ were presented i.a. in [5-8]. They are sophisticated forms of
connections along the length of elements. Other examples of these forms are built-up beams or
composite beams with a teethed joint – elements connected along their whole length with the
scarf joints of the lightning sign, described i.a. in [9-11]. These types of joints are common for
historical buildings. They have been used since ancient times (e.g., Roman bridge
constructions). A great development of these forms was the time of the Italian Renaissance
(e.g., Leon Battista Alberti – Figure 2a [12] or Leonardo da Vinci – Figure 2b [9]). Typically,
the joints were wedged, which ensured a tight fitting joint and helped in load transferring.

Figure 2: Drawings of scarf and splice carpentry joints according to a) L.B. Alberti [12], b) L. da Vinci [9]

A few available descriptions of research concerning typical scarf joints of lightning sign are
presented, among others, in the following: [9-11,13-15]. Nevertheless, it has been observed that
most of the research concerning the static behaviour of carpentry joints presented in the
literature focused mainly on tenon joints and notched joints. There is definitely less research on
joints subjected to bending loads as well as bending and tension or bending and compression.
What is more, the vast majority of researchers, who have been dealing with this topic (among
others, Rug et al. in [10,11], Hirst et al. in [14], and Fajman et al. in [16-21] as well as Kunecky
et al. in [22-28]) claim that there is still a shortage of research for a full description of static
behaviour of such joints and hence designing the most beneficial methods for repairing or
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strengthening them. Therefore, as a part of a research project (financed by Polish National
Science Centre), some tests on the static behaviour of scarf joints of lightning sign subjected to
bending and a simplified numerical analysis were carried out.
2 MATERIALS AND METHODS
2.1 Models for experimental tests
For the part of the experimental testing, beam models in technical scale from pine wood
(Pinus sylvestris L.) of the minimum C24 class were prepared. The dimensions were 360 cm
length and a cross-section measuring 12 cm x 18 cm. Testing involved 3 series with 3 beam
models each. Series A included continuous beams as references. Other series included beams
with scarf joints of lightning sign (stop-splayed scarf joints) created in the horizontal (series E)
and vertical (series H) planes. The geometry of the joints was based on data obtained from real
structures and the literature. Joints were strengthened with metal bolts (M12) and double-sided
tooth plate connectors type C10 (Geka). The drawings of views, sections, and axonometric
schemes of the beam models with joints used for the tests are shown in Figures 3 and 4.

Figure 3: Beam model with scarf joint of lightning sign in the horizontal plane (series E)
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Figure 4: Beam model with scarf joint of lightning sign in the vertical plane (series H)

2.2 Experimental work – 4-point bending tests and material tests
The experimental testing was carried out at the Building Construction Laboratory of the
Faculty of Civil Engineering at Wroclaw University of Science and Technology. To determine
the load-bearing capacity and the static equilibrium paths (force – displacement paths), the
beams were subjected to 4-point bending tests according to the standard procedure [29].
The beams were freely supported (with a fork support – no lateral buckling) at both ends.
The span between the axes of the supports was 3.24 m. The beams were loaded symmetrically
with a loading force applied at 2 points that allowed to obtain pure bending in the central part
of the element. Load was applied with the speed of 5 mm/min. Registration of the deformations
observed in the material was carried out by means of a series of strain gauges. A schematic
model and view of the testing set are presented in Figure 5.
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Figure 5: a) Schematic drawing of the testing set with the location of strain gauges, b) view of the testing set

Additionally, during the tests, the wood moisture content was determined using a resistance
hygrometer (FMW moisture meter) in several locations on each tested beam. The moisture
content of the elements was kept close to the required standard of 12% [29].
Moreover, based on the obtained force – displacement paths, the value of modulus of
elasticity in bending was estimated according to the standard procedure [30]. Regression trend
lines of three equilibrium paths of the tested reference beams (series A) for the load range from
0.1 Fmax to 0.4 Fmax were applied. The coefficient of correlation of these range lines was at least
0.998.
2.3 Finite element analysis
A simplified FEM numerical analysis was performed using ANSYS Workbench 16.0
computational programme. Wood was modelled as an elastic orthotropic material. The modulus
of elasticity parallel to the grain on the basis of calculation was assumed to be 9800 MPa. Values
of other material parameters needed for analysis: moduli Ey, Ez, Gxy, Gxz, Gyz and Poisson’s
ratios νxy, νxz, νyz (where x, y, z axes are axes respectively along the wood fibres, i.e. parallel
to the grain and across the grain in the radial direction and across the grain in tangential
directions, i.e. perpendicular to the grain) were estimated on the basis of relation from the
literature [31,32]. Formulas and values of the material parameters used for FEM numerical
analysis are presented in Table 1. The boundary conditions corresponded to the tests in the
laboratory (load and support of the beam). The numerical model of the reference beam consisted
of approx. 23000 hexahedral quad/tri elements (approx. 90000 nodes) with a size of 0.02 m (in
the part of the beam outside the joint) and 0.01 m (in the area of the joint). An example is shown
in Figure 6. Contact between the surfaces of individual elements was added as a standard
contact with friction (with friction coefficients as follows: wood - wood µ = 0.2 and wood steel µ = 0.5). The model was verified and then analysis was performed.
Table 1: Values of the material parameters used for FEM numerical analysis

Ex
9800 MPa
Gxy = Ex/14
700 MPa
νxy
0.37

Ey = Ex/20
490 MPa
Gxz = Ex/14
700 MPa
νxz
0.42
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490 MPa
Gyz = Gxy/10
70 MPa
νyz
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Figure 6: FEM numerical model of an example beam

3 RESULTS AND DISCUSSION
3.1 Experimental work and FEM analysis results
In the experimental testing, the beam models were loaded up to the failure. Ultimate force
values were noted, load-bearing capacities for bending for each series were calculated.
Deflections (displacements) in the middle span of the beam were measured by test equipment
and estimated by numerical analysis. The results of experimental testing for all series of beams
are presented in Table 2.
Table 2: Presentation of results for the tested beams

Ultimate force values [kN]
Mean ultimate force value [kN]
Mean load-bearing capacity for bending
[kNm]
Mean deflection in the middle span by 10
kN from tests/ numerical analysis [mm]
Mean deflection in the middle of the
span by maximum load [mm]

Beam with joint Beam with joint
Reference beam
in the horizontal in the vertical
(series A)
plane (series E) plane (series H)
44.95
13.21
16.16
37.52
13.79
16.91
55.74
11.00
16.03
46.07
12.67
16.37
24.88

6.84

8.84

12.40/
11.00

37.50/
30.50

15.00/
17.00

63.80

82.49

43.89

The failure of the tested beams for continuous beams (series A) resulted from shearing of
fibers in the bottom part of the central area of the beam. For the beams with joints (series E and
H), the failure involved a loosening of the joint in the lower zone of the central part of the beam
and the appearance of cracks and fractures on the edges of the joint and in areas which had been
weakened by metal fasteners or earlier material flaws, such as knots or primary cracks of the
beam. The failure views of the selected models are presented in Figure 7.
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Figure 7: Views of the failure of exemplary beams with joints: a) beam E02, b) beam H03

The equilibrium paths for each beam obtained from the tests and from FEM numerical
analysis are presented in Figure 8. Material deformations registered by the strain gauges set for
the selected beams are shown in Figure 9. For the continuous beam, it is a typical image of
material strain in bending, whereas for the beam in series E it is a typical curve shape for the
composite cross-section in bending (see, i.a. in [10]).

a)

b)
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c)
Figure 8: Force – displacement paths for beams a) continuous (series A), b) with scarf joint of lightning sign in
the horizontal plane (series E), c) with scarf joint of lightning sign in the vertical plane (series H)

a)

b)
Figure 9: Deformation of material in the central cross-section for selected beams: a) continuous (beam A03),
b) with scarf joint of lightning sign in the horizontal plane (beam E02)
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3.2 Comparison of results and discussion
The mean load bearing capacity in bending for continuous beams (series A) is 24.88 kNm,
whereas beams with joints present capacities of 6.48 kNm (series E) and 8.84 kNm (series H),
which constitutes respectively 27.5% and 35.5% of load-bearing capacity of reference beam.
Beams with scarf joints in the vertical plane (series H) have higher values of load bearing
capacity in comparison with beams with scarf joints in the horizontal plane (series E).
Regarding the stiffness of the tested beams, defined as the ratio of loading force to deflection
(displacement), estimated on the basis of force – displacement paths, the highest value is noticed
for the continuous beams (series A), what is an expected result. Based on the tests and numerical
analysis, it was observed that beams with scarf joints have lower stiffness in relation to the
continuous beams. When comparing beams with scarf joints to each other, it must be said that
beams with joints in the vertical plane (series H) have higher stiffness than beams with joints
in the horizontal plane (series E).
Comparison of static equilibrium paths from the tests and numerical analysis are shown in
Figure 10. Comparison of load-bearing capacity and stiffness for jointed beams and reference
beam is presented in Table 3.

a)

b)
Figure 10: Force – displacement paths for tested beams a) from experimental tests, b) from numerical analysis
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Table 3: Experimental tests results comparison

Reference
beam
(series A)

Beam with
joint in the
horizontal
plane (series E)

Beam with
joint in the
vertical plane
(series H)

100%

27.5%

35.5%

100%

33.0%/
36.0%

83.0%/
65.0%

Ratio of load-bearing capacity in
comparison to reference beam
Ratio of stiffness in comparison to reference
beam from tests/ numerical analysis

4

CONCLUSIONS

What should be highlighted is the fact that the laboratory testing involved only three beam
models in each series, what resulted in quite high variations of results. It can be concluded that
it is due to some primary material flaws. Wood itself is a natural material and therefore it can
be characterized by large variation, which is related to some initial cracks, knots, etc.
Experimental tests carried out in the laboratory on technical-scale models and simplified
numerical analysis present the static behavior of the described joints under bending load in
comparison to the behavior of a continuous reference beam. Regardless of the joint plane,
horizontal or vertical, the failure modes of the beams were similar (loosening of the joint in the
lower central zone and appearance of cracks and fractures near the edges or fasteners). The
levels of load-bearing capacity in bending obtained in laboratory experimental tests for beams
with joints compared to the reference beam amounted up to one-third (27.5% for joints created
in the horizontal plane and 35.5% for joints created in the vertical plane). The stiffness levels
obtained in the tests and numerical analysis amounted from one-third up to two-thirds or even
more (33.0%/ 36.0% for joints created in the horizontal plane and 83.0%/ 65.0% for joints
created in the vertical plane) in comparison to the reference beam. Beams with joints in the
horizontal plane (series E) obtained significantly lower levels of load-bearing capacity and
stiffness in comparison with beams with joints in the vertical plane (series H). This may indicate
that the creation of scarf joints of lightning sign in the vertical plane is a more favorable
solution.
The carried out research and analysis delivered a description of the static behavior of scarf
joints subjected to bending. For more precise information, further laboratory tests and more
detailed and accurate numerical analysis are recommended.
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Abstract. This paper presents an experimental investigation on the initial shear (cohesion)
and torsion-shear strengths at the interface of an interlocking masonry block. An interlocking
block is a rigid unit with locks avoiding the block to slide. This improves the seismic response
of dry jointed assemblages of masonry structures subjected to in-plane and out-of-plane
loading. The experimental investigation is designed and carried out for the corrugated
interface having one lock with rectangular cross section, i.e. the specimen is an interlocking
unit composed of a main body and a lock located on the upper face of the main body. Cementbased mortars are selected to reproduce the specimen, casted using a mould provided by a
3D printer, and both the lock and the main body are kept rigid during the tests. The initial
shear and torsion-shear capacities of the interface at which the lock is connected to the main
body are assessed together with its quasi-brittle fracture and registered in terms of loaddisplacement curves. In the designed setup, the horizontal force is applied to the rigid lock
until it is disjointed from the rigid main body of the block, while the effect of rocking during
the shear test is avoided. The force and the displacements are measured using a load cell and
Linear Variable Displacement Transducers (LVDTs), respectively. The experimental
programme includes four different sets with different load application points and different
load directions, each set repeated on a number of similar specimens. Empirical formulations
between the initial shear and compressive strengths of the lock interface are also evaluated.
1

INTRODUCTION

Under seismic loading, unreinforced masonry walls can fail due to in-plane or out-of-plane
loading. In traditional masonry block structures subjected to seismic loading, the joints
between the masonry units act as planes of weakness due to their low tensile and shear bond
strength. The mechanical behaviour at the joint interfaces has widely been studied within
different methods of analysis, e.g. discrete or finite element analysis [1-3] and limit analysis
with infinitive [4], or finite isotropic associative [5] and non-associative [6] frictional
resistances. In particular, experimental investigation was carried out on 3D dry-stacked units
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to evaluate yield domains in shear, torsion-shear and torsion-shear-bending moment
interactions [7] and on the validation of frictional resistances of shear block walls [8].
Increasing interest has recently been devoted to interlocking blocks/interfaces capable to
enhance the sliding resistance of masonry joints to external forces. The interlocking blocks
are rigid block units which, on their faces, have locks keeping the blocks together and
preventing blocks from sliding. Experimental and numerical tests [9,10] investigated the inplane and out-of-plane capacity of masonry walls composed of blocks with corrugated
interfaces. Out-of-plane behaviour of osteomorphic blocks and interfaces with cross shaped
locks were also experimentally investigated by Dyskin et al. [11] and Ali et al. [12],
respectively. Similarly, experimental and numerical investigations were carried out on the
different behaviour of wooden joinery connections with different geometric properties [1316]. A digital tool to design structurally feasible masonry structures composed of interlocking
blocks is being developed by some of the presenting authors [17-19].
One of the key factors that influence the behaviour and capacity of the conventional
mortared block masonry is the bond strength between the mortar and the units. Similarly, the
shear strength between the lock and the main body of the interlocking block is of utmost
importance for dry masonry with interlocking interfaces. This means that, if the interlocking
blocks are composed of cohesive material at their interfaces, the Mohr–Coulomb criterion can
be adopted for both systems, for which the bond strength itself depends on the initial shear
strength (cohesion) and the coefficient of friction as well as the level of normal stresses.
In order to determine the initial shear strength and the coefficient of friction, only
European Standard EN 1052-3 [20] test method is available yet. However, the scientific
literature shows that generally researchers have developed and conducted their own domestic
test method, indicating the difficulty of finding a general consensus [21].
In this paper, a novel and alternative test method is proposed to evaluate the initial shear
and torsion-shear capacity of a single lock belonging to an interlocking block, while the
coefficient of friction and shear in presence of normal forces are beyond its scope. The test
setup is similar to that used for dry-stacked tuff blocks [7], but with a different application of
the load and different constraints, in order to allow the absence of normal force on the
cohesive interface between the two parts of the block (lock and main body) kept rigid during
the tests. The block was specifically designed to reproduce a particular interlocking block
shape. The material properties of two selected cement-based mortars were also experimentally
evaluated in order to define or confirm empirical relationships between their compressive and
initial shear strengths.
2

EXPERIMENTAL INVESTIGATION

Representing the simplest interlocking model, a main body with a lock located on its upper
face was designed as the specimen for this test. An ad hoc test setup was realized to estimate
the pure shear and torsion-shear resistance of the interface at which the lock is connected to
the main body, while keeping rigid the lock and the main body of the interlocking block.
A first phase of the research focused on finding the proper shape and dimensions for the
block. A number of specimens were made by casting mortars with different mixtures in a
mould, provided in the desired shape and dimension by a 3D printer. Then, four different test
configurations were set up to simulate shear and torsion-shear failures, herein named sets S1,
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S2, S3 and S4. Besides, calibrating the mechanical properties of the appropriate mortar to be
prepared was a crucial issue, both because of the limitations of the involved instrumentation,
in particular the maximum capacity of the load cells, and of the necessity of obtaining a clear
shear failure mode of the lock interface (cohesive crack). Therefore, trial samples composed
of several specimens were casted with different cohesive materials and were tested under pure
shear [22]. Finally, two mortars, namely M1 and M2, were chosen and their density, flexural
and compressive strengths were experimentally determined.
In sum, eight samples, combining the four sets and the two mortars, were tested. Each of
the two samples tested in pure shear, namely S1M1 and S1M2, involved four specimens,
while the six samples for torsion-shear tests, comprised three specimens each, in total
providing twenty-six experimental results.
The experimental investigation was carried out with standard and non-standard equipment
at Laboratory of the Department of Structures for Engineering and Architecture (DiSt) of the
University of Napoli Federico II (Italy).
2.1 Characterization of mortars
Two different mortars, M1 and M2, were chosen to make the specimens, whose
composition and curing time are quoted in Table 1. Pozzolana, so named from the Pozzuoli
town, is fine sand or loose blocks that can be easily found, in colours ranging from grey to red
[23,24]; lime, supplied by Cimmino Calce s.r.l. (Naples), is a calcium-containing inorganic
mineral still used in large quantities as building and engineering material. The mixtures were
prepared using the amount of water required to ensure enough workability and normal
consistency. According to the European Standard UNI EN 1015-2 [25], the pastes were
compacted during the casting to remove any air bubbles and voids. Curing was performed in
ambient laboratory conditions (relative humidity 60 ± 10% and 20 ± 5°C) until the test day.
Table 1: Composition of the tested mortars

Mortar
M1
M2

Pozzolana
50%
47%

Sand
24%
38%

Cement
2%
15%

Lime
24%
-

Curing Time
28 days
28 days

These non-standard mixtures were chosen to prepare specimens in the first phase of the
experimental program, aimed to obtain: 1) failure load values compatible with the designed
setup and within the valid range of the employed instrumentation; 2) failure modes
corresponding to instantaneous and clear cutting of the lock from the main block. So, before
defining M1 and M2, the traditional pozzolana based mortar [24], obtained with three parts of
pozzolana and one of lime, was first employed to cast five specimens, cured in water for 28
days, and tested with pure shear setup. As the limit load (500N) of the load cell was reached
before any failure on the lock, a new attempt was made by reproducing the same experimental
phase in which only the curing time was reduced to 14 days. Applying this change, collapse
was achieved in all the specimens, but a relatively concave shape was observed at the failure
interface. Then, other mixtures were tested, adding cement with different ratios of
components, with sets of five specimens cured in air for different curing times, and finally M1
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and M2 mortars were chosen.
Standard specimens, i.e. rectangular parallelepipeds of 40x40x160mm were also prepared
to characterize the mechanical properties of the M1 and M2 mortars, i.e. four for each mortar.
Those specimens were measured with a digital calliper and weighted with an electronic
weighting machine, to obtain the density of the mortars.
Then, flexural and compressive tests were carried out with standard equipment, following
the UNI EN 1015-11 [26]. The mean values of the measured density and strengths are
summarized in Table 2.
Table 2: Experimental mechanical properties of the tested mortars

Mortar
M1
M2

Flexural strength
[MPa]
1.05
0.37

Compressive strength
[MPa]
2.69
0.75

Density
[kN/mc]
12.7
14.0

2.2 Specimen shape and test setup for shear and torsion-shear strengths evaluation
The designed specimen is composed of a main body, which is a 100x90x50mm cuboid,
with a 100x30x15mm cubic lock located on its upper face (Figure 1a). It was made of the
mortars described in the previous section, casted by using an ad hoc formwork to make the
customized lock dimensions. The formwork was composed of pieces made by a 3D printer
(Figure 1b).

(a)
(b)
(c)
Figure 1: (a) Designed specimen; (b) printed moulds; (c) curing phase

The test setup was specifically designed to pursue pure shear and torsion-shear resistances
of the lock interface, overcoming some related issues. In fact, with the aim of minimizing the
effect of bending usually experienced during shear tests [21] and of avoiding the precompression force, which are the main challenges of the traditional experimental setup [20], a
new setup was developed for the experimental tests.
Actually, a horizontal load was applied directly on the front face of the lock by the static
gravity load via a pulley system, while its main body was held fixed, until the collapse of the
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lock occurred.. Meanwhile, the test setup, other than measuring pure shear resistance, ought to
be efficient in evaluating also torsion-shear
failure, by simply changing the load eccentricity.
torsion
This task was accomplished by changing the position and direction of the designed pulley
system.
The test setup is schematically shown in Figure 2a: the horizontal point--load was applied to
the side face of the specimen lock by means of an electric hydraulic jack, monotonically
increasing until the failure mechanisms. As shown in Figure 2b,
b, the block was fixed to a
wooden board to avoid sliding and to the upper support to avoid rotation, while the board was
fixed to the upper support against sliding as well.

(a)

(b)

(c)
(d)
Figure 2: Test setup.. (a) Displacement and load measurement; (b) constraints;
setup
constraints (c,d)) realized torsion-shear
torsion

The application of an iron cup on the lock allowed both the simulation of this part as a
rigid block and the distribution of the applied shear force along the whole lock face (Figure
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the interlocking block was kept rigid during the tests
3a). On the other hand, the main body of the
by using a rigid cup-shaped
shaped container, still provided by a 3D printer. The load was applied
under displacement control at a constant rate of 3mm/min.
Forces were measured using a load cell with a maximum
m capacity of 500N
500 and an
acquisition frequency of 10 Hz, while displacements were measured using Linear Variable
Displacement Transducers (LVDTs)
(LVDT with a displacement range of ± 50mm.
mm. A digital scanner,
distributed by Vishay Measurements Group,
Group was employed to acquire transducers data.
With the aim of capturing both pure shear and torsion-shear
torsion shear failures, three LVDTs,
supported by a steel frame, were positioned to the lateral and back sides
side of the lock and
numbered as shown in Figure 3b.

(a)
(b)
Figure 3:: (a) Interlocking block with steel cup; (b) LVDT’s position in the plan view

2.3 Testing program
The experimental program was planned in order to analyzee the shear resistance of the lock
interface in case of pure shear (S1) and torsion-shear (S2-3-4).
4). The horizontal force,
representing the shear force V, was applied at variable eccentricity and direction in the
midplane of the lock.
As introduced above, the specimens made of two chosen mortars, M1 and M2, were tested
with four setups,, resulting in eight samples (Table 3), i.e.:
S1M1 and S1M2 for pure shear strength evaluation, each comprising four specimens;
S2M1, S2M2, S3M1, S3M2, S4M1, S4M2 for torsion-shear
torsion shear strength evaluation, each
comprising three
ree specimens.
As shown in Table 3, the shear setup (S1) was modified to allow torsion-shear
behaviour,
torsion
in different ways:
for S2, the force application point was moved on the lock, with V still orthogonal to
the lock front side, applying the eccentricity e = 25mm from point G;
G
for S3, the force application point was only spaced from the lock with reference to
S1, with V rotated 45° counterclockwise, applying the eccentricity e = 29mm;
for S4, the force application point was moved on and spaced form the lock, with V
rotated 45° clockwise, applying the eccentricity e = 51mm.
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Table 3: Experimental set configurations (the distances are in mm)

Set

Configuration

S1M1

S1M2
PURE SHEAR
S2M1

S2M2
TORSION-SHEAR (e = 25mm)

S3M1

S3M2
TORSION-SHEAR (e = 29mm)

S4M1

S4M2
TORSION-SHEAR (e = 51mm)

3

EXPERIMENTAL RESULTS

3.1 Pure shear strength of the two mortars
In order to determine the pure shear strength (cohesion) of the two mortars, a total of 8
tests were made out for M1 and M2 mortar samples. Using the S1 shear test setup described
in the previous section, it was possible to define the force causing the shear collapse of the
specimens. The values of this force for the two M1 and M2 mortars are collected in Table 4.
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The coefficients of variation (CV) show a low dispersion of the frequency distributions and
therefore a good reliability of the test setup. The average values of the limiting forces related
to pure shear failure are equal to 431N and 240N for the M1 and M2 mortar, respectively. The
greater shear resistance of the M1 mortar compared to M2 is in good agreement with similar
trends for the compressive and flexural strength results shown in Table 2.
Table 4: Pure shear resistance of the two M1 and M2 mortars for S1 tests

Mortar

Shear resistance V [N]
T2
T3
472
408
242
226

T1
399
250

M1
M2

CV [%]

T4
445
243

6.8
3.7

Average V
[N]
431
240

For this setup (pure shear), two LVDTs were used to verify the effective displacements of
the lock in the absence of torsion. Figure 4 shows the load-displacement curves referred to
some of the four tests performed on each of the M1 and M2 mortars, i.e. T2 Test in Figure 4a,
and T1 and T3 Tests in Figure 4b. From these figures it is first evident the quasi-brittle
behaviour of the material for both mortars. It is then worth emphasizing that the
displacements of the two LVDTs, registered as channels Ch.2 and Ch.3 in the figure,
substantially tend to overlap for each test. This result confirms once again the reliability of the
setup realized ad hoc in the laboratory; in fact, the specimens collapsed in pure shear as there
was no torsion effect. The maximum capacity values shown in the graphs correspond to the
limiting forces collected for the corresponding tests in Table 4.
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(a)
(b)
Figure 4: Load-displacement curves for S1 tests: (a) M1_T2 – M2_T2 and (b) M1_T1– M2_T3

Assuming a uniform distribution of the limiting shear force along the interface
(100x30mm) between the lock and the main body of the specimens, the mean shear strength fv
can easily be derived for each tested mortar. The relationship between the experimental shear
and compressive strengths are reported in Table 5, taking into account the values in Table 2.
These results seem to confirm the reliability of the empirical formulation developed by Ali et
al. [27], which fits experimental results on standard triplets of masonry and mortar and
provides a relation between the mean bond shear strength in absence of normal stresses
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(cohesion), and the compressive strength of mortar. The formulation is:
 = 0.06 .

(1)

where fm is the compressive strength of mortar.
In fact, although this formulation was tested for mortars with compressive strengths greater
than those of M1 and M2, the pure shear strengths obtained with this formulation for M1 and
M2 are very close to the experimental results, as reported in Table 5.
Table 5: Relation between pure shear and compressive strengths of the two M1 and M2 mortars for S1 test

Mortar

Shear strength
[MPa]

M1
M2

0.15
0.08

Compressive
strength
[MPa]
2.69
0.75

Shear
strength/compressive
strength ratio
5.6%
10.7%

Shear strength according
to Eq. (1) [27]
[MPa]
0.14
0.05

3.2 Torsion-shear strength of the two mortars
The S2-3-4 setups were developed to analyze the torsion-shear resistance of the lock.
These setups differ from each other in the eccentricity of the applied force. To determine the
torsion-shear strength of the two mortars, a total of 18 specimens, three per each set and
mortar, were made out on the M1 and M2 mortar samples, as reported in Table 6. The first
interesting remark is that the values of the forces V related to torsion-shear failure of each
mortar decrease with increasing eccentricity, as expected. The small coefficients of variation
CV, except one, still show quite a good reliability of the setup adopted.
Table 6: Torsion-shear resistance of the two M1 and M2 mortars for S2-3-4 tests

Set

ecc.
[mm]

2

25

3

29

4

51

Mortar
M1
M2
M1
M2
M1
M2

T1
314
213
243
181
79
118

Shear force V [N]
T2
300
203
260
193
177
133

T3
330
181
276
192
195
106

CV [%]
3.9
6.7
5.2
2.9
33.9
9.3

Average V
[N]
315
199
260
189
150
119

On the other hand, through the load-displacement curves in Figure 5, it is possible to
confirm the quasi-brittle behaviour of the involved materials and to analyze the rotation of the
lock until collapse and its consistency with the eccentric load applied. Unlike the curves for
pure shear in Figure 4, where the displacements of LVDT 2 and 3 tend to coincide, for the
torsion-shear condition the displacements are very different from each other. Specifically, the
displacement of the LVDT Ch.3 is generally between ± 0.5 mm, while the displacements
recorded by the LVDT Ch.2 are even six times higher. Using three LVDTs allows to record
three final displacements at the moment of the lock failure and therefore to build the final
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deformation. Further investigation will be carried out to define the pure torsion strength as
well, so that analytical yield domains in torsion-shear interaction can be experimentally
validated, similarly to what developed by Casapulla and Portioli [7] for dry-stacked tuff
blocks.
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Figure 5: Load-displacement curves for S2 and S3 tests and: (a) M1 and (b) M2 mortars

12 CONCLUSIONS
Interlocking blocks/interfaces are capable to enhance the shear resistance of masonry joints
to external forces, including seismic loading. If the interlocking blocks are composed of
cohesive material at their interfaces, the mechanical behaviour is governed by the MohrCoulomb criterion for which the bond strength at these interfaces depends on initial shear
strength (cohesion) and the coefficient of friction as well as the level of normal stresses.
This paper describes the experimental investigation carried out on the simplest interlocking
block, composed of a main body with a prismatic lock located on its upper face and subjected
to lateral loading in absence of normal force. An ad hoc test setup was realized to estimate the
initial shear and torsion-shear strengths at the lock interface, with results reported in terms of
load-displacement curves. Two cement-based mortars were used for specimens, casted using
moulds provided by a 3D printer.
The first interesting experimental outcome is that the proposed domestic test method is
reliable enough compared to others existing in the literature to assess the shear and torsion-
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shear strength of cement-based mortars with low compressive and flexural strengths. In fact,
using three LVDTs in key positions, pure translation of the lock was registered in the case of
pure shear failure and twisting deformation was possible to be captured in the case of torsionshear condition. Another interesting remark is that the relation between the experimental
initial shear and compressive strengths of the lock interface is very close to the empirical
formulation developed by Ali et al. [27], which fits experimental results on standard triplets of
masonry and mortar. This result can be very useful when analysing limit conditions of
assemblages of masonry interlocking blocks composed of material of known compressive
strength. Further work is under development to evaluate the torsion-shear yield domain for the
single lock interface and to extend the test method to interlocking blocks composed by a
number of locks.
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Abstract. The bridge over the Quisi Ravine in Alicante Province (Spain), built between 1913
and 1915, consists of six 22-22-42-42-22-22 m long steel Pratt truss spans, the lateral
spans being isostatic and the central spans continuous. All the joints between the steel
elements are riveted. As the bridge has been carrying railway traffic for more than 100
years, its condition needed to be assessed before carrying out the necessary repairsreinforcement to extend its service life. One of the most interesting tasks on the bridge
involved a study of its fatigue behaviour to estimate its remaining useful life. Only a few
kilometres away there happened to be another bridge with identical geometry over the
Ferrandet Ravine, which had recently been dismantled and taken out of service and had
carried the same railway traffic as the one over the Quisi Ravine. Advantage was therefore
taken of this unique opportunity to test one of its isostatic spans in order to extrapolate the
results to the Quisi Bridge. These tests were carried out at the ICITECH laboratories at the
Universitat Politècnica de València in two different scenarios: 1) one test on a 22 m span,
and 2) another on one of its girders, in both of which simulated railway traffic cyclical
loads were applied. The results allowed us to estimate the number of trains that could
pass over the bridge and its remaining service life, and also to define a monitoring
method to help in decision making in case of possible failures of its component parts.
The study also included an analysis of the bridge’s robustness in local failures of some
of its elements, which led to a further bridge cyclical loading test with a deliberately
damaged component. Even though other researchers had previously carried out fatigue
tests on full-scale riveted bridge elements, the ICITECH study is unique in that it is the
first time a full-scale bridge has been subjected to fatigue tests. This work was
accompanied by advanced numerical modelling studies considering the fracture
mechanics theory.
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1 INTRODUCTION
Structural maintenance and conservation received a lot of attention from the press and the
media after events such as the collapse of the IW-35 bridge over the Mississippi in 2007 in
Minneapolis, or the more recent case of the Polcevera Viaduct in Genoa in 2018. Special
attention has been given to the older infrastructures nearing the end of their service life in
which the effect of long-term continuous loads can have serious effects due to accumulated
damage in their structural elements and can lead to fatigue failures. This is similar to the wellknown case of the damage caused by bending of aircraft wings or the effect of waves on
ships' hulls. The case studied in the present work was an example of a steel railway bridge
with riveted joints that had suffered wear and tear from the continual passage of trains over
many years, which could have compromised the structure's fatigue safety without ever having
reached the material's yield stress. Some researchers have already studied this phenomenon in
this type of structure, for example the outstanding work by Pipinato et al [1].
The present work on estimating fatigue and the remaining service life of a steel railway
bridge was part of the renovation of the Alicante-Denia line belonging to the Valencia
Railway Company (FGV). This line was built between 1912 and 1915 and, besides its value
as transport, forms part of the civil engineering heritage of Alicante and the Valencia
Community. The work was also included in the EU’s Horizon 2020 social challenges and in
the UN’s Sustainable Development Objectives.
After this Introduction, the paper includes: a) a description of the bridge, b) the research
method followed, c) a summary of the tasks carried out in the different phases, including: a
preliminary, detailed and in-depth analysis, d) the remedial measures adopted, and e) the
conclusions drawn from the study.
2 DESCRIPTION OF THE BRIDGE
Structurally, the bridge consists of six 22-22-42-42-22-22m spans built with Pratt trusses, and
includes a pedestrian walkway and metal handrail on the upper deck. The metal piers reach a
maximum height of 23.6m over the foundations. The four lateral spans are isostatic, with two
continuous central spans on fixed supports but able to move in the direction of the bridge’s
axis. The piers consist of steel latticework between four girders that rest on masonry elements.
Figure 1 gives the main dimensions and a view of a train passing over the bridge.

Figure 1: Geometry of the bridge and a general view
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This historically interesting bridge is an example of early 20th century engineering in the
province of Alicante. It was built between 1912-15 and is now more than 100 years old and
has carried many different types of passenger and goods trains. However, as it was designed
in accordance with the standards of the time and was unlikely to meet the present
requirements [2], it was given a structural assessment in 2015 which led to its renovation and
real time monitoring to ensure it can safely continue to carry trains for another few years. The
tasks and studies carried out are described in detail in the following pages, with a special
focus on evaluating the bridge’s safety as regards its fatigue limits.
3

METHODOLOGY

This section describes the method used to assess the Quisi bridge fatigue life and the
subsequent proposal of appropriate measures to ensure a safe limit state, for which the Report
of the European Convention for Constructional Steelwork (ECCS) and the EC’s “Assessment
of existing steel structures: Recommendations for Estimation of Remaining Fatigue Life” [4]
were followed. This document proposes a method of assessing a structure’s fatigue behaviour
and its remaining life based on four analytical phases. Advantage was taken of the unique
opportunity of using the Ferrandet bridge, which was only a few miles away, with identical
spans, built during the same period and carrying the same railway traffic, for this purpose. As
this bridge had recently been replaced by a new one, the original structure had been
dismantled and was available for testing and so we decided to subject it to a complete set of
tests to obtain valid conclusions that could be applied to the Quisi Viaduct, including the
following:
 Phase I, preliminary evaluation:
o Inspections.
o Static and Dynamic loading tests.
 Phase II, detailed investigation:
o Tests on steel specimens.
o Loading effects on the structure. Differences in the local and overall
structural response.
o Definition of the fatigue strength curve. Test until failure on a local element
of the structure.
o Test on a full-scale bridge span.


4

o Remaining life based on experimental evidence.
Phase III, in depth analysis:
o Fracture mechanics. Failure patterns.
o Robustness: Experimental and numerical approach.
Phase IV, remedial measures.

PRELIMINARY EVALUATION

The bridge’s structural behaviour was analysed in depth by means of: a) a thorough
preliminary inspection in accordance with the recommendations in ITPF-05 [3], and b) a
loading test to measure strains in the bottom and top chord and deflections at the centre of the

628

J.M. Adam, P.A. Calderón, M. Buitrago, E. Bertolesi, J.J. Moragues, S. Ivorra, B. Torres

spans. Shear demand and response of the structure was assessed with strain measurements in
diagonal and vertical elements near the supports. The load test considered 4 different load
hypotheses (see Figure 2). The dynamic response of the structure was also analysed with
trains passing over at 20km/h and 50km/h while monitoring accelerations. The results
obtained showed that the bridge was still structurally sound, although the accumulated fatigue
in 100 years of service life could compromise its safety and possible produce an accident. The
method followed then entered the second step of the study.

Figure 2: Load hypothesis.

5 DETAILED INVESTIGATION
This research phase consisted of the following tasks: a) tests on steel specimens and joints, b)
study of the structural response, c) definition of the fatigue strength curve, d) test on a fullscale bridge span, and e) estimating the remaining life based on experimental evidence.
5.1 Tests on steel specimens and joints
Specimens extracted from different profiles and plates were analysed. Parameters such as
yield stress, ultimate stress, elongation, absorbed energy or the chemical composition were
determined. A total of 160 gamma ray scans were carried out on different elements, following
EN ISO 5579. Although in general the joints were found to be in good condition, a number of
small cracks were found in different components. Figure 3 shows some examples of flaws in
scanned rivets.

Figure 3. Gamma scans of rivets.

5.2 Loading effects on the structure. Differences in the local and global structural
response
This section deals with the numerical study on the effects of passing trains on the structure,
considering different loading hypotheses and the predominant stresses on different elements.
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5.2.1 Loads and loading hypotheses considered
The loads selected were those of the trains that normally passed over the Quisi bridge, a
Series 2500 type diesel-powered train with two fully loaded carriages. A sketch can be seen in
Figure 4 with the maximum loads on the fully loaded axles.

Figure 4. Sketch of train with maximum axle loads.

The maximum stresses on different elements were obtained by a simplified method for the
loading hypotheses considered in Section 4 (see Figure 2).
5.2.2 Results of numerical simulation
Results were obtained for the geometry of the different bridge elements and a linear-static
analysis. For example, Figure 5 gives the axial stress structural response and the vertical
displacements of the structure for a specific load hypothesis. As can be extracted from the
structural response and as expected, the bridge behaviour consisted of a series of isostatic and
continuous high-depth beams (trusses) mainly loaded with axial forces. However, certain
components had a highly local behaviour and transmitted the train loads to the main trusses
by means of a series of elements working with bending stresses. Figure 6 shows the stress
values of one of these elements with local behaviour working under bending stresses.
Axial stress – Complete bridge

Vertical displacements

Figure 5. Axial stress and vertical displacements of the structure.
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Figure 6. Stresses on an element with local behaviour.

It can be seen that train loads had different effects on the structure: a) a truss behaviour
defined as the main general structural response of the structure, and b) a local behaviour of
some elements under bending stresses. The study of the bridge’s fatigue capacity and
remaining service life was thus in two directions to evaluate both its local and general
behaviour.
5.3 Definition of the fatigue strength curve. Test until failure on a local element of the
structure.
To assess local behaviour a fatigue test was carried out on critical elements, which were
subjected to cyclic bending stress increments until failure, including a historical analysis of
stress increments throughout the bridge’s history.
This section contains: a) a definition of the test, b) test results, and c) a historical analysis
of the stresses on the elements to define the fatigue strength curve.
5.3.1. Definition of the test
The test was on a lateral joint element with the top chord of the main truss of the bridge as
shown in Figure 7, which shows the test setup.

Figure 7. Element selected for testing (left) and test setup (right).
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In these conditions the element was subjected to local loads that reproduced similar
bending and shear stresses to those in the bridge. The applied load was defined with the aid of
computer models (see also Figure 7). Diverse situations were modelled under different loads.
The highest stresses and lowest number of cycles before failure were obtained at the highest
load levels. The load increment finally selected was 600kN. The Von Mises stresses in the
constant bending moment zone at the centre of the element were expected to reach maximum
values of 212.6 MPa, at which the number of estimated cycles before failure was 74,472,
adopting a category detail of 71 [4] without considering a previous history of accumulated
repetitive loads.
The test was continually monitored by four strain gauges (SG) to measure deformations
and two LVDTs to measure deflections and any slippage between the rivets and plates
subjected to the highest shear stresses. The positions of the sensors can be seen in Figure 8.

Figure 8. Position of the sensors.

5.3.2

Test results

Strain increments [µε]

Figure 9 gives an example of the readings from a strain gauge in a short period of time and
Figure 10 shows the evolution of the deformation increment measured in each cycle from the
start until failure (cycle 31377). The element failed at normal stresses in cycle 31377. Figure
10 shows the fatigue crack that started at the bottom of the element (zone in tension) and
propagated to the top of the beam element.

Time [s]

Figure 9. Example of strain measurements.
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Number of cycles [x10 4]

Figure 10. Strain increment evolution of SG_2 (left) and fatigue crack at the end of the test (right).

5.3.3

Historical analysis of stresses on the element. Definition of fatigue strength curve

110%

100%

100%

90%

90%

Accumulated damage [%]

After the girder had failed it became possible to determine the detail category of this type of
element with riveted joints, which belongs to detail category 71 according to EU
recommendations [4]. To determine the exact category an analysis of the historical loads was
carried out to accompany the test data.
The historical data provided by the railway company on the traffic over the bridge during
its lifetime after 1915 showed that 11 different types of train had been used. The only
uncertainty in the data was on the weight of the trains since, there was no information
available on their load factors and these ranged from completely empty to completely full.
Adopting the damage accumulation method laid down in different codes, (e.g. EC-3 Part 19 [5] or EAE [6]), the detail category to which the failed element belonged could be obtained
by considering 100% total accumulated damage at the end of the test as follows:
 Fully loaded trains: detail category 71.
 Empty trains: detail category 63.
Figure 11 gives a summary of these calculations. It can be seen that the accumulated
damage was 100% in both cases.

Accumulated damage [%]

80%

80%

70%

70%

60%

60%

50%

50%

40%

40%

30%

30%

20%

20%

10%

10%

0%

0%

Figure 11. Hypothesis of fully loaded trains (left) and empty trains (right).

5.4 Test on a full-scale bridge span
An isostatic span of the Ferrandet bridge was transported from the railway company’s
premises in Campello (Alicante) to the ICITECH laboratories at the UPV. Photographs of the
span during its journey can be seen in Figure12.
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Figure12. Transporting the span from Campello (Alicante) to the UPV (Valencia).

The system used to support the span in its original location was used in the lab tests: hinges
that allowed rotation around an axis at each end and metal boxes containing steel ball bearings
that allowed longitudinal movement at one end only. Figure 13 shows the supports used in the
test setup, while Figure14 contains a view of the span at the ICITECH laboratories.

Figure 13. Support system used in the tests.

Figure14. General view of the bridge span at the ICITECH laboratories.

5.4.1 Definition of the test
The test was defined with the help of computational models with identical geometry and
behaviour as the span under study. Figure15 shows the displacement and stress fields after
subjecting the span to a central load of 1250kN.
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Figure15. Vertical displacements (left) and axial stresses (right) under a load of 1250kN.

LVDTs and strain gauges were used to continually monitor the span during the test,
including dynamic tests at the start and finish to determine possible changes of the first mode
of vibration due to damage. Figure 16 shows the 40 elements (in red) with strain gauges and
the 8 points with displacement sensors. The dynamic tests were performed with
accelerometers at the centre of the span and an impact was applied to the centre of the load
sharing system.

Figure 16. Elements with strain measurements (left) and position of LVDTs (right).

The defined test conditions assumed that 16517 cycles were equal to 10 years of service, so
that after the 45,000 cycles reached in the test the damage to the span was equivalent to the
damage expected in the next 27. 2 years.
5.4.2

Test results

Figure 17 shows an example of the strain increments in four strain gauges in the last cycle of
the test. It can be seen that the structural behaviour at the beginning and end is almost
identical.
120

Inicio
First Cycle

Δσ [MPa]

100

Final
Last cycle

80
60
40
20
0

CIDI2

CIDD2

CIAI2

CIAD2

Figure 17. Example of stress increment measurements in 4 strain gauges in the first and last cycle.

The tests revealed clearly elastic linear behaviour with no apparent damage, based on:
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Stresses clearly lower than the yield stress in the different elements.
Similar deformation and stress patterns were found in the first and last cycle.
Variations were less than 5% in all cases and below 2.5% in 85% of cases.
 Similar deflections and horizontal displacements were found during the entire test
and all were below 3%.
The dynamic test gave a variation of 8.40Hz at the start and 8.05Hz in the first mode of
vibration in the structure at the end of the cycle, which implies a frequency reduction of 4.2%
and shows a slight increase in the bridge flexibility. Together with the variations obtained by
the deformation and displacement sensors, this value shows the minimum variation in the
general bridge behaviour after the intense fatigue test it had been subjected to. There were no
signs of failure or weakness in any of the elements.



5.5 Remaining life based on experimental evidence
The tests showed that the most critical elements were those in the load sharing structure (see
Section 5.3), which reached fatigue failure in the test. The damage accumulation method was
used to estimate these elements’ remaining useful life, which was around 10.7 years. The
remainder of the elements of the main structure (trusses) had a longer remaining life and did
not reach failure with damage equivalent to 27.2 years of service.
6 IN-DEPTH ANALYSIS
Apart from the lab tests, other deeper tests were carried out by means of fracture mechanics
techniques and the bridge’s structural robustness was tested against possible local failures in
some elements.
6.1 Fracture mechanics. Failure patterns
Computational simulations and analytical studies were used to evaluate and reinforce the
conclusions reached up to this point. The analytical studies were by means of fracture
mechanics and confirmed that the fracture of the elements in the local load sharing system
would occur at the same or even slightly higher number of cycles than in the experimental
tests and those calculated by applying the expressions in EC-3[5]. This confirmed that the
bridge would have a remaining service life of 10.7 years, the same as that calculated from the
experimental tests.
Similar results were also obtained from the computational models. For example, the
numerical prediction found that cracks would begin to appear after 7530 cycles
(experimentally, between 10,000 and 15,000) with similar propagation patterns to those
obtained experimentally (see Figure 18).

Figure 18. Computational models for triggering cracks (left) and predicting the cracking pattern (right).
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6.2 Robustness: Experimental and numerical approach
Robustness against possible failure of elements in the bridge’s main latticework was also
studied by recreating artificially failures in the main trusses. The aim was thus, not to
determine the causes of possible crack initiation and propagation, but to determine the
consequences of a local element failure, known as the scenario-independent approach [7–10],
widely used to study progressive or disproportionate structural collapse after a local failure.
This method can evaluate structural robustness understood as insensitivity to or propagation
of a local failure.
The study was in two parts: experimental and numerical (see Figure 19). In the first, two of
the most critical diagonals were cut at different damage levels, while the second simulated the
failure of a critical element under tensile loads. Both methods were aimed at studying the
alternative load paths and robustness of the structure.

Figure 19. Experimental (left) and numerical (right) study of the influence of different levels of damage on the
behaviour of the structure.

The results showed that the structure, normally considered as an isostatic structure working
solely under axial stresses, had a certain redundancy and was able to withstand this type of
failure, activating for this purpose some of the alternative load paths with high bending
stresses at the joints.
7 REMEDIAL MEASURES
The bridge under study was planned to continue in service for three additional years. After the
study it was decided to keep it in operation with a series of remedial measures.
 Real time monitoring, considering the crucial elements that could trigger a failure
of the structure and develop a fatigue crack.
 Periodical inspections.
 Limitation to a lighter type of train than others.
 Limited number of trains per day.
8 CONCLUSIONS
This paper describes the evaluation of the fatigue limit state of the Quisi Viaduct in
Alicante (Spain) carried out by the Calsens Company, a spin-off of the Universitat
Politècnica de València, in collaboration with the ICITECH. The study included all the stages
recommended by [4], from a preliminary assessment to an in-depth analysis and took
advantage of the unique opportunity of having an identical bridge available for the study,
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including ambitious experimental tests and subjecting an entire bridge span to fatigue tests at
the ICITECH laboratories.
The results obtained showed that the Quisi Viaduct has a local load sharing system with a
high amount of accumulated damage. However, the structure’s overall behaviour presents a
greater margin of safety and redundancy. Apart from the fact that the bridge will be out of
service in three years, the tests carried out led to a series of strict remedial measures to ensure
it can safely remain in service for this time.
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Abstract. Variations in environmental conditions can affect the structural performance of
timber components and constructions. Especially in case of historic masonry buildings, where
timber elements can be found either in roof or floor structures, intrinsic defects (e.g., knots,
cracks, degradation), as well as the surrounding environmental conditions (e.g., temperature
and moisture) can play an important role in the assessment of the mechanical response of the
elements. In this connection, non-destructive (ND) and minor-destructive (MD) procedures are
used to investigate the onsite conditions of wood, which are commonly based on either tool
penetration resistance or wave transmission devices. In the paper, the influence of moisture
content (MC) measured with various devices on a series of both old and new timber elements
was compared. The elements made of various wood species (mainly red fir, but also white fir,
pine and larch) were subjected to laboratory ND and MD testing by three research groups.
Results showed the low influence of the MC on MD tests (i.e., resistance drilling and pin
penetration) in comparison to the ND (i.e., sonic/ultrasonic) ones. Correlation relationships
are provided, which illustrate and approximatively quantify the effect of MC for the
experimentally investigated conditions and test equipment.
1

INTRODUCTION

Investigation of timber structures relies on both visual and instrumental inspections, the latter
based on both non-destructive (ND) and minor-destructive (MD) test procedures [1] [2]. ND
and MD tests are basically local tests which can qualify a parameter in a small portion of the
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material but whose results are not representative over an overall element. Moreover, as well
known, outcomes are affected by many aspects, among which moisture content (MC) is one of
the most sensitive for wood [3] from the site condition viewpoint. The ‘oven dry’ procedure [1]
is recognized as the most effective way to measure the MC in wood. Nevertheless, being it a
destructive method, usually moisture meters are used onsite to manually check that parameter.
The paper compares the results obtained by the application of various ND and MD methods
to a series of deteriorated timber beam elements retrieved from existing structures (19
components over 21, made of fir, oak, elm, and pine) and 12 new ones (made of fir and larch).
Experimental tests were performed by research groups of the University of Padova (UNIPD),
Italy and the UNIPD’s spin-off Expin srl, and the Institute of Theoretical and Applied
Mechanics of Prague, Czech Republic (ITAM).
Results were compared by grouping similar methods, i.e.: resistance drilling (two types of
Resistograph®, one for each group), pin penetration (Novatester device for UNIPD and the pin
pushing device for ITAM), wave velocity-based methods (ultrasonic for UNIPD and stress
wave for ITAM) [4]. Pin pushing is an in-house new MD device provided patented by ITAM,
which is able to gradually apply, monitor and record the force occurring for the pin penetration
into the wood [5]. Three types of moisture measurement devices were used (two electric and
one electromagnetic).
The research aims are: i) to contribute on the quantification of the influence of MC according
to different devices applied to various species in different conditions, and ii) to evaluate the
possible MC effect on the results provided by the application of common ND/MD testing
methods for the onsite investigation in existing/historical structures.
The problem has already been partially studied in laboratory conditions typically on clear
wood specimens – spruce boards. Thus using well defined moisture content conditions the pin
pushing [6] and the mini-jack [7] behavior has been investigated. Experimental measurements
were carried out using 30 spruce boards at moisture contents of 12, 18 and 24%. The effect of
the wood moisture on the measurement by means of the both devices was confirmed. In the
case of the mini-jack the assessed relationship was linear while for the pin pushing non-linear.
The impact of the MC on ultrasonic measurements was studied in [8] mostly at high MC in
artificial climate chamber environment. It has been found that velocity decreases sharply as the
moisture content increases from 0% to the fiber saturation point of 30%, and then decreases at
a much slower rate as the MC increases further.
However, the effect of the moisture content at ND/MD measurements has not been so
frequently studied because these methods are mostly applied for investigation of built-in timber
in buildings where the MC does not vary significantly and the other wood parameters (e.g.
species, structure, defects etc.) influence much more the measurement results.
2 EXPERIMENTAL CAMPAIGN
Several experimental procedures were applied to either new or old timber elements. The
former all had rectangular cross-section of 160x160 mm2, length of about 5 m and were equally
distributed between larch and red fir woods (six elements for each wood type), whereas the
latter were retrieved from a roof dismantled from an existing masonry buildings and were
therefore suffering decay conditions. These old elements had not homogeneous dimensions for
cross-sections (mostly larger than the new elements) and lengths (from about 3 to 5 m) and
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belonged to various species (mainly red fir, but also few elements were made of pine, white fir,
oak and elm).
The new elements were already classified as C24, according to UNI EN 338 (2016) [9]. The
retrieved beams were affected by the presence of cracks (e.g., R-RF_4 and R-RF_10 beams)
and quite diffused single and groups of knots, and presented a slope (of about 10%) of grain in
tangential sections. Therefore, they resulted in categories I, II or III (or non-classifiable, in few
cases, due to high deteriorated conditions), according to the onsite increasing grades (form I to
III) provided by UNI 11119 (2004) [10]. Just to compare the two sets of components (new and
old) for the fir specie, a new element would have a bending strength of 24 MPa and a parallel
bending modulus of elasticity of 11000 MPa (according to [9]), whereas an old one would refer
to decreasing values for I-II-II grades of 11,5-10,0-7,5 MPa and 13000-12000-11000 MPa for
the bending strength and modulus of elasticity, respectively (according to [10]).
Figure 1 shows some examples of the types of beams considered in the study.

R-RF_1

R-RF_9

R-RF_10

R-RF_11

R-WF 1

N-L_1

Figure 1: Example of some typical features of tested elements

After visual inspection, the beams were examined according to the following procedures:
- Moisture content (MC) measurement, applied with three types of devices: two electric,
i.e., LogicaH&S LG43 type for UNIPD and WHT 860 for ITAM, and one
electromagnetic, i.e., Wagner L620 Digital Lumber Moisture Meter for ITAM as well;
- Resistance drilling (RD) tests, applied with two types of Resistograph®: IML RESI
PD400 for UNIPD and Rinntech Resistograph 4453-P for ITAM;
- Pin penetration (PP) tests, applied with two types of devices: Novatest Woodtester for
UNIPD (2.21 Nm of impact energy) and pin-pushing device patented by ITAM;
- Wave velocity-based methods (WV), applied either in direct (D) (crossing section) and
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indirect (I) (longitudinal on the surface) configurations, i.e., ultrasonic wave for UNIPD
(Proceq Pundit Lab+ device) and sonic stress wave for ITAM (Fakopp Microsecond
Timer tool).
Moisture meters are based on the correlation of electric resistance and water content on the
wood: the higher is the electric resistance the lower is the MC. Moisture meters can be either
pin meter (electric) or pinless meter (electromagnetic). The measurements with pin meters are
carried out on two points of about 20 mm spaced. Pinless moisture meters are completely ND:
they use electrical waves at a certain electromagnetic frequency, which are transmitted through
the base pad in contact with the wood. Moisture meters can give reliable results in a range of
humidity of 7-30%, i.e. below the saturation point of the wood [11]. They are calibrated for
non-damaged wood structures, therefore, they provide more precise and coherent data for the
sound wood than for the wood with deteriorated structure of cells by fungi or worms.
Resistance drilling devices measure the energy consumption to allow a thin needle (about
1.5-3 mm in diameter and over 400 mm long) to be driven in the wood [3]. The test outcomes
are the density profiles of the penetrated section of wood, which can indicate the condition of
the material and identify possible inner defects or voids.
Pin penetration tests apply a needle impact from the surface of wood and can investigate the
wood up to few cm in depth [3]. The device used by UNIPD had a needle of 5 mm in diameter;
five consecutive strikes were applied to the element and a displacement transducer measured
the reached depth, which can be correlated to variations of density along the element. Instead,
the pin-pushing tests results were the average forces that allow the pin (about 25 mm in diameter
and 120 mm long) to penetrate into the wood [5].
Test methods based on either sonic or ultrasonic wave velocities measure the time occurring
the wave to be transferred from two points of an element, those points being either on opposite
sides (direct tests) or on the same side (indirect tests) [12]. The former configuration
investigates the cross-section of an element, the latter mainly the surface of it. The higher is the
density of the material the higher is the wave velocity. Usually, due to the cellular structure of
wood, direct tests are characterized by lower velocity then indirect ones [12]. Indirect
(longitudinal) ultrasound tests are more representative of the possible onsite applications in
buildings due to possible problems of accessibility to some sides of the structural elements.
Table 1 shows the characteristics of all the timber elements and the number of tests (i.e.,
measurement points on the beams) carried out for each procedure applied by the research groups
(numbers are shown as UNIPD+ITAM measurement points). Notations for labels: R stands for
‘recovered’, N for ‘new’; RF stands for ‘red fir’, WF for ‘white fir’, L for ‘larch’, P for ‘pine’.
Station points were distributed along two faces of the elements, as in the examples showed
in Figure 2. MC was measured along with the other ND/MD tests. All the various tests (MC,
RD, PP, SW) were performed on the same points along the elements (see Figure 2). As for SW,
direct tests were carried out from one of the points mentioned above to the corresponding one
on the opposite side (three measures for each pair); indirect tests were performed on three sides
of the elements, i.e., two pairs starting from 1 m from the two ends and one pair from the center
of the element (three measures for each pair spaced of 100, 150, 200, 300, 450 and 600 mm).
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Table 1: Experimental program and description of specimens
Element
label
R-RF_1
R-RF_2
R-RF_3
R-RF_4
R-RF_5
R-RF_6
R-RF_7
R-RF_8
R-RF_9
RRF_10
RRF_11
RRF_12
RRF_13
RRF_14
RRF_15
RWF_1
RWF_2
R-P_1
R-P_2
N-RF_1
N-RF_2
N-RF_3
N-RF_4
N-RF_5
N-RF_6
N-L_1
N-L_2
N-L_3
N-L_4
N-L_5
N-L_6

Cross-section
Dimensions
Type
[mm2]
quite
221x185
regular
quite
175x160
circular
220x152
regular
224x171
regular
250x220
regular
223x183
regular
258x214
regular
207x162
regular
quite
234x215
circular

Length
[mm]

Classification

MC

RD

PP

4030

II grade

17+2

17+2

4600

II grade

9+2

4500
4810
4980
2980
4230
4625

I grade
n.c.
I grade
I grade
I grade
I grade

4030

WV
D

I

17+2

0+2

0+2

9+2

9+2

9+2

18+2

10+2
12+2
11+2
11+2
6+2
6+2

10+2
12+2
11+2
11+2
6+2
10+2

10+2
12+2
11+2
11+2
6+2
10+2

7+2
0+2
8+2
0+2
0+2
3+2

18+2
0+2
10+2
0+2
10+2
0+2

I grade

7+2

7+2

7+2

0+2

0+2

199x158

regular

4680

n.c.

18+2

18+2

18+2

18+2

18+2

194x125

trapezoidal

4530

I grade

17+2

17+2

17+2

7+2

18+2

214x175

regular

4670

II grade

17+2

17+2

17+2

0+2

0+2

201x135

regular

4660

I grade

18+2

18+2

18+2

16+2

18+2

220x178

regular

4510

II grade

17+2

17+2

17+2

9+2

18+2

218x165

quite
regular

4565

I grade

18+2

18+2

18+2

0+2

0+2

203x178

regular

4715

I grade

18+2

18+2

18+2

9+2

18+2

209x193

regular

4090

I grade

16+2

16+2

16+2

12+2

18+2

248x225
225x248
160x160
160x160
160x160
160x160
160x160
160x160
160x160
160x160
160x160
160x160
160x160
160x160

regular
regular
regular
regular
regular
regular
regular
regular
regular
regular
regular
regular
regular
regular

5030
4570
5075
5090
5085
5085
5085
5085
5090
5090
5085
5100
5080
5085

I grade
I grade
C24
C24
C24
C24
C24
C24
C24
C24
C24
C24
C24
C24

6+2
17+4
20+2
2+2
2+2
20+2
2+2
2+2
2+3
2+2
20+3
20+3
2+3
2+3

6+2
17+4
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2

6+2
17+4
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2

10+2
0+4
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2
20+2

18+2
18+4
18+2
18+2
18+2
18+2
18+2
18+2
18+2
18+2
18+2
18+2
18+2
18+2
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R-RF_1

R-RF_9

R-P_1

R-WF_2

N-L_3

Figure 2: Example of tested elements showing measurement stations (black and red points are stations
used by UNIPD and ITAM, respectively) (dimensions are in cm)

3

RESULTS

Figure 3 and Figure 4 show the distribution of MC values according to tests performed on
the old and new timber elements, respectively. Values vary from 8.5% to 22.2% (ITAM) and
from 16.8% to 68.5% (UNIPD), thus denoting high moisture content conditions in the elements.
Many RF old elements were stored outside and were therefore exposed to some rain before
storing them in the laboratory; this affected their integrity and, consequently, the experimental
results. Highest values of MC concerned retrieved elements (68% detected in R-RF_5 from
UNIPD and 22.2% detected in R-P_2 from ITAM), whereas in new elements ranges of 17%28% (UNIPD) and 11.2%-18% (ITAM) were detected (highest values refer to N-L_6 for both
research groups). The differences between results obtained by UNIPD and ITAM were
probably due to the different type of moisture meters. The device used by UNIPD was a pin
meter able to measure MC values up to 3 cm in depth from the surface, while both the devices
used by ITAM measured the MC values on the surface of the elements. In fact, the comparison
of the average values (Table 2 and Figure 5) showed a good agreement between the electric and
electromagnetic methods used by ITAM (see also Figure 6). Results also showed MC
measurements in new elements more stable than for the old ones.
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Figure 3: Moisture content measured on old timber elements (values higher than 30% are cut from graph)

Figure 4: Moisture content measured on new timber elements
Table 2: Moisture content on elements measured with electrical (el) and electromagnetic (em) devices:
average values and CoV (in brackets)
UNIPD (el)
ITAM (el)
ITAM (em)
Average (all)
R-RF
22.17 (0.24)
15.01 (0.14)
12.78 (0.18)
16.65 (0.29)
R-WF
21.25 (0.05)
16.08 (0.18)
12.60 (0.03)
16.64 (0.26)
R-P
28.35 (0.11)
18.65 (0.16)
16.65 (0.18)
21.22 (0.29)
N-RF
18.49 (0.04)
13.94 (0.10)
15.21 (0.04)
15.88 (0.15)
N-L
24.84 (0.15)
15.18 (0.10)
15.41 (0.12)
18.48 (0.30)
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Figure 5: Average values of MC measured on all timber elements

Figure 6: Correlation of MC values measured with different devices on timber elements (values higher
than 30% are not included in graph)

Results were also compared by taking into consideration the station points (mostly
positioned close to the ends of elements, see Figure 2) used by UNIPD and ITAM according to
the ND/MD test procedures (see Table 1). The high-deteriorated conditions of most of the old
beams also affected the pin penetration tests: when less than five strikes were possible, a
proportion was made to compare the values among the tested elements, taking into
consideration the energy transmitted by the device at each strike. In general, no significant
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influence of MC was detected for both RD and PP test results (Figure 7 and Figure 8). WV tests
were more affected by MC variations, especially in the case of superficial (indirect) tests
(Figure 9 and Figure 10), where a general decreasing trend (for increasing MC) was detected.
Correlation coefficients were negligible for RD and PP tests; for WV, although not high
coefficients were achieved, their values denoted a mutual influence between the transmitted
wave velocities and the humidity rate measured in the elements.

Figure 7: Comparison of RD results and MC on corresponding pairs of UNIPD and ITAM measurements

Figure 8: Comparison of PP results and MC on corresponding pairs of UNIPD and ITAM measurements
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Figure 9: Comparison of WV (direct tests) results and MC on corresponding pairs of UNIPD and ITAM
measurements

Figure 10: Comparison of WV (indirect tests) results and MC on corresponding pairs of UNIPD and
ITAM measurements
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CONCLUSIONS
An experimental research was carried out in collaboration among three research groups to
investigate the effect of different devices for the measurements of moisture content on various
species of timber elements in either new or old conditions. Especially retrieved elements had
high MC to take into consideration worse onsite conditions in existing buildings.
Results showed that:
Electrical and electromagnetic devices for surface MC measurements used by ITAM
are comparable methods. Pin meters going more deep from the surface (e.g. device
used by UNIPD) showed an increase of MC ranging from 32% (R-WF elements) to
64% (N-L elements).
Although the large variation of MC values, resistance drilling methods were not
affected by the MC of the tested wood. However, preventive conditioning of wood is
always suggested, when possible, in order to even the current state out.
Pin penetration tests applied in timber elements (UNIPD) with high MC was
problematic (no application following the protocol of five blows was possible in most
cases) and no significant correlations were found.
Pin pushing (ITAM) as well as all other penetration resistance methods are strongly
influenced by the density and the structure of the wood, i.e. by the species and the
condition or the degradation state of wood. This fact suppresses the influence of the
moisture content on the measurements. The results confirm the MC effect discovered
in [6], i.e. a slight increase of the resistance against pushing the needle through the
cross-section with an increase of the MC between the values of 10% to 20%.
The lowest dispersion of data was detected for the combination of MC and the results
of wave velocity-based tests. A decreasing trend of velocity according to increases of
MC was confirmed. especially in the case of indirect wave transmission configuration.
Future developments of the research will extend the dataset to improve relationships among
the variables under study and will be aimed at investigating the possible correlation among
ND/MD and destructive tests on real-scale timber elements to calibrate mechanical
parameters.
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Abstract. The 2016-2017 Central Italy seismic sequence severely affected
existing unreinforced-masonry constructions in four regions. Those in Latium region proved
the most prone to fragmentation because of an unfortunate combination of undressed natural
stone units and very low lime content in mortar. Within the framework of a research project
funded by the regional government, shake table tests are planned to investigate masonry
disintegration as well as possible intervention techniques, as described in a companion paper.
All specimens will have natural stone units retrieved from the debris in Collespada, a
settlement of the municipality of Accumoli, one of the most affected by the seismic
sequence. To push further the representativeness of the specimens with respect to field
conditions, wall geometry, masonry
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fabric and mortar recipe are carefully designed. The wall thickness will be approximately
equal to 0.5 m, close to average thickness surveyed in the area. Following the survey of
several vertical sections of actual masonry walls, the specimens will present unconnected
external leaves with a limited nucleus. Based on tests on mortar sampled from collapsed
buildings, mortars will be prepared by a part of natural lime every nine parts of sand.
Shear tests on sampled mortar delivered apparent cohesion and friction coefficient that are
used as preliminary values of a finite-discrete element model, which can account for
masonry fragmentation in dynamic non-linear analyses. The numerical model was tested
under the envisioned sequence of records, belonging to the Amatrice station and related to the
East component, approximately fault normal, of the two main seismic events, 24 August and
30 October, 2016.
1

INTRODUCTION

On 24 August 2016 a severe seismic sequence started in Central Italy with a Mw 6.0 event
originated in the municipality of Accumoli (Figure 1). The sequence counted nine events
having Mw ≥ 5.0 until 18 January 2017, and a Mw 6.5 event on 30 October, the largest
earthquake in Italy since 1980, and in Central Italy since 1915. The sequence affected four
administrative regions: Abruzzi, Latium, Marches, and Umbria, but the most catastrophic
collapses occurred in Latium, in the municipalities of Accumoli and Amatrice [1,2]. The
response of historical constructions belonging to this area was particularly unsatisfactory [3],
in comparison to other areas such as that of Norcia [4] or to previous earthquakes [5,6].
Already the first event of the 2016 sequence caused very frequently masonry fragmentation
(Figure 2), leading to a dramatic failure of the whole construction. When masonry
disintegration occurs [7], other response modes such as out-of-plane local mechanisms [8] and
a box-like behaviour governed by walls in-plane performance [9] cannot develop [10,11].

Figure 1: Map of the area affected by the 2016-2017 Central Italy seismic sequence
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Figure 2: Amatrice historical centre, after the 24 August event in a snapshot from a movie released by the
Firefighters Corps (www.vigilfuoco.tv)

Seismic demand in and around Amatrice was certainly severe, but not more than in Norcia
[12], highlighting a higher vulnerability of the buildings in the portion of Latium closest to the
epicentral area. In order to deepen the understanding of this poor performance and to design
appropriately the characteristics of laboratory wall specimens to investigate possible
strengthening interventions [13], an investigation was launched in the area and is briefly
reported hereinafter.
2 SURVEY OF MASONRY WALL PRACTICE
Given the large number of collapses occurred in the area, it was possible to survey several
rubble masonry walls cross sections. An example is given in Figure 3, wherein it is evident the
lack of bond stones and the presence of a nucleus, largely constituted by small-size units.
Additionally, horizontal mortar joints are frequently discontinuous and vertical joints are not
properly staggered. Despite the use of compact limestone as unit material, because of the poor
mortar’s properties described in the following, the overall characteristics of the walls were
extremely inadequate, as can be shown computing the masonry quality index proposed by Borri
et al. [14] or by comparison with wall sections in L’Aquila [15]. The specimens of the
envisioned laboratory investigation [13] will reflect these characteristics.
Additionally, wall geometries have been investigated in terms of ground floor thickness,
wall height, transverse wall spacing, building number of stories (Figure 4). Average wall
thickness was about 0.6 m and height/thickness ratio about 11. These values are smaller and
larger, respectively, of those reported for L’Aquila [16], thus contributing to explain the higher
vulnerability of the buildings of Accumoli and Amatrice. An approximate thickness of 0.5 m
will be used for the wall specimens to be tested on the shake table [13].
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Figure 3: Survey of vertical section of a masonry wall in Amatrice

Figure 4: Survey of walls geometry

The walls to be tested will be manufactured with natural stone units retrieved from the debris
of the buildings in the settlement of Collespada, within the municipality of Accumoli (Figure
1). However, mortar cannot be retrieved in the same way, and will be manufactured for this
laboratory campaign. Therefore, it is necessary to properly design the mortar recipe in order to
make it representative of local construction practice. The mortar sampled from buildings
severely damaged by the 2016-2017 seismic sequence was investigated within a larger
endeavour [17,18], involving also Marches and Umbria regions. On mortar samples,
mechanical, physical and chemical experimentations were performed.
Mechanical investigations involved direct shear tests (Figure 5a), performed cyclically for
different normal-stress levels. Values for the Latium samples are reported in Table 1,
highlighting an average friction coefficient of about 0.9 and cohesion of about 25 kPa. These
values will be used in the numerical model presented in the following. Cyclic behaviour resulted
remarkably stable (Figure 5b).
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a)

b)
Figure 5: a) Direct shear test, b) Example of shear force vs. displacement curve

Table 1: Synthesis of direct shear test (maximum shear stress, Latium)
μ [-]

c [kPa]

max

1.01

44.2

min
mean

0.77
0.89

10.8
26.4

std dev

0.07

8.2

CoV

0.08

0.31

Physical and chemical investigations have been used to determine the recipe of the mortar
mix, such as infrared spectroscopy, calcimetry and X-ray diffraction. Infrared spectroscopy
identifies chemical substances by exploiting their interaction with infrared radiation. Molecules
absorb radiations matching their resonant frequencies, thus allowing their detection. A
qualitative analysis of the associated Fourier-transform spectra, confirmed by crystalline phase
analysis performed by X-Ray diffraction, allows recognising the very large presence of silicates
in Latium mortars in comparison with those in the other investigated regions corresponding to
a lower content of carbonates (Figure 6a,b).
Since carbonates can be present in mortar both as binder and as aggregate, the identified
proportion represents an upper bound for actual lime proportion. Nonetheless, it is interesting
to observe that even such an upper bound is very low in Accumoli and Amatrice. This
qualitative observation is confirmed by quantitative tests performed with a calcimeter. In this
instrument the carbonate is exposed to hydrocloridic acid and the pressure increase related to
the released carbon dioxide is measured, hence estimating the mortar carbonate percentage at
about 11% (Figure 6c). Such low presence is an indicator of a seismic risk awareness lower
than in other areas such as that of Norcia [19]. Based on previous results, a proportion of 1 lime
part by 9 sand parts will be intentionally used when manufacturing the unretrofitted and
retrofitted walls to be tested on the shake table [13].
Having determined a tentative composition of the mortar, standardised 40 mm × 40 mm ×

655

O. AlShawa, G. De Canio, G. de Felice, S. De Santis, S. Forliti, D. Liberatore, D. Mirabile Gattia, S. Perobelli,
F. Persia, G. Roselli and L. Sorrentino

160 mm specimens were manufactured to perform bending (Figure 7) and compression (Figure
8) tests according to EN 1015-11 [20]. As expected, flexural response is rather brittle, while
compressive one is remarkably ductile. Average strength values in bending and compression at
28 days are 0.13 MPa and 0.40 MPa, respectively. Tests were performed also at a reduced
number of days in order to preliminarily investigate the possibility of constructing natural-scale
walls with such poor mortars.

(a)

(b)

(c)

Figure 6: Mortar analysis: a) Fourier-transform infrared spectroscopy, silicates; b) Fourier-transform infrared
spectroscopy, carbonates; c) Calcimetry, carbonates percentage by weights

a)

b)
Figure 7: a) Bending test on mortar prism, b) Force time history
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a)

b)
Figure 8: a) Compression test on mortar, b) Stress-deformation plot

3 NATURAL ACCELEROGRAMS SELECTION FOR THE SHAKE TABLE TESTS
Shake table tests will investigate the propensity of masonry to fragmentation and possible
strengthening techniques. Walls will have a natural scale and will be loaded along the out-ofplane direction. The walls will rest on a reinforced-concrete foundation and horizontal
displacement at the top will be restrained, while the vertical one can develop freely [21].
Additional information are given in [13]. A set of numerical analyses was performed to select
the appropriate accelerograms, and their scale factors.
The model was implemented in LS-DYNA, a code capable of simulating dynamic problems
[22]. The wall was modelled within a combined finite-discrete element framework, as done
elsewhere [23], in order to represent the actual morphology of the wall cross-section, which is
a crucial element in case of out-of-plane seismic loads [24]. The model accounts for the elastic
response, the formation of cracks and their closing down, the finite displacement of blocks as
well as the formation of new contacts. All materials are linear elastic, the interfaces between
blocks initially in contact react to both compressive and tensile forces, and a standard penalty
method governs the contact behaviour through linear springs. Springs fail in tension when the
normal stress on the contact surface is greater than the normal failure limit stress. Similarly,
springs fail in shear when the shear stress is greater than the shear failure limit stress. After that,
a frictional sliding is possible and is governed by static and dynamic friction coefficients.
The physical walls will have two external leaves and a central nucleus made of smaller units.
Such arrangement is reproduced in the numerical wall, although with a simplified geometry
(Figure 9a). Contact parameters have been preliminarily calibrated based on previously
described mortar tests. Given that the experimental program was motivated by the 2016-2017
seismic sequence, the numerical model was tested using the records of the Amatrice station,
already in place at the time of the first event. The East component, approximately fault normal
and more severe, was selected and the two main events of the sequence, 24 August and 30
October, were chosen as representative of possible damage accumulation [12]. However, in
order to study the incremental response of each wall, the amplitude of the records, both
horizontal and vertical, will be scaled according to a non-dimensional factor Sf increased by
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0.25 steps. In Figure 10 it is possible to observe the sequence of records preceded by the initial
slow application of gravity, necessary to avoid unrealistic vibrations. The response and the
damage accumulation can be monitored by means of the variation of the distance between the
two external leaves at a specific height (Figure 9a). The corresponding time history is given in
Figure 11, and it highlights that failure (Figure 9b) occurs for Sf = 0.50 of the 30 October 2016
event.

a)

b)
Figure 9: a) Finite-discrete element model, b) Damage mechanism. Colours used only to emphasize unit
discretisation

Figure 10: Input horizontal and vertical acceleration time histories (time lapse between two events 2 s)
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Figure 11: Variation of the distance between the external leaves (Figure 9a) time history

4 CONCLUSIONS
The 2016-2017 Central Italy seismic sequence has determined a dramatic performance in
historical masonry constructions in the portion of Latium region affected by severe ground
shaking. To contribute explaining this behaviour, construction practice was investigated.
Rubble masonry wall sections were surveyed, highlighting the lack of bond stones, the use of
small-size and undressed units with an inadequate arrangement of mortar joints, evidencing a
poorer quality compared to those in L’Aquila. Geometrical features such as wall thickness and
height/thickness ratio show higher vulnerability compared to values surveyed again around
L’Aquila. Infrared spectroscopy, calcimetry and X-Ray diffraction measurements showed a
very low lime percentage in the mortar, a possible indicator of a lower seismic risk awareness
compared to Norcia.
All these characteristics will be considered in the design of wall specimens to be tested in
unstrengthened and strengthened conditions on a shake table. Moreover, in order to select the
proper sequence of records to be used as excitation, a finite-discrete element model was
implemented. The model is tested with a sequence of accelerograms obtained by scaling those
recorded in the Amatrice station during the two main events of the seismic sequence, accounting
for both the east-west and up-down components. The tentative scale factor adopted will allow
for about four tests before the unstrengthened wall reaches failure.
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Abstract. This paper presents an experimental campaign carried out in an historical industrial
building of Barcelona from the 19th century, considering in-situ and laboratory minor
destructive testing (MDT) techniques. The results obtained showed a good relationship between
the in-situ MDT techniques and the tests carried out in the laboratory. The experimental results
from different portions of the large-scale building allowed the discovery of different material
typologies deriving from different construction phases.
1

INTRODUCTION

The determination of the mechanical properties of existing masonry structures faces
significant difficulties due to the intrinsic complexity of this composite material. However,
acquiring a full knowledge of the main parameters is necessary to design adequate conservation
actions for the built cultural heritage [1]. The mechanical characterisation of existing masonry
structures usually requires an optimum combination of laboratory and in-situ techniques,
especially in large constructions. This research presents the experimental methodology applied
to an extensive campaign carried out in an historical industrial building of Barcelona built in
the 19th century.
The experimental campaign resorted to minor destructive testing (MDT) techniques, both
based on in-situ testing of masonry components and extraction of small samples for laboratory
testing. The in-situ MDT allowed a preliminary evaluation of the variability of the properties
over the large building in order to optimize the sampling and the execution of the laboratory
tests. The results from different MDT techniques allowed useful cross-checking in order to keep
a continuous control throughout the entire experimental program. The tests were developed on
the units and mortar joints of both masonry walls and timbrel vaults, as well as on the plasters.
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The main objectives were to obtain a careful characterisation of the material components in
order to evaluate their strength capacity and to choose compatible restoration materials of
similar properties.
The in-situ experimental characterisation was carried out by means of the Pin Penetration
Test (PPT) and the Helix Screw Pull-off Test (HPT) [2] on the mortar joints and bricks, as well
as the PPT and Pull-off Test (POT) [3] on the mortar plasters. The experimental characterisation
in the laboratory consisted in: compressive testing of small samples of bricks extracted from
walls [4]; double punch testing (DPT) of mortar joints from the walls and the timbrel vaults;
DPT of plaster specimens [5]; compressive testing of core drilled masonry (CDM) samples [6],
[7]; and compressive testing of ceramic tile samples from the timbrel vaults by means of a novel
nonstandard setup.
2

EXPERIMENTAL PROGRAM IN-SITU

2.1 Windsor pin penetration test on mortar joints, bricks and plasters
The pin penetration test (PPT) is a MDT method developed to evaluate in-situ the
compressive strength of the concrete, mortars and bricks. A previous research [3] investigated
how to adapt the test to historical lime mortar joints with a low compressive strength, as well
as to historical fired clay bricks.
The PPT was executed on six zones of masonry walls and four zones of mortar plasters.
Figure 1 illustrates the operations. A 3 mm diameter pin, with a conical end, is inserted into the
device. The retraction nut is tightened until the trigger mechanism closes to hold the spring in
place and is then it completely loosened. The device is positioned perpendicularly to the surface
to be tested (Figure 1a). The trigger is pulled while holding the device against the surface. After
the pin is taken out, a bulb air blower is used to remove the residual material inside the hole.
Then, a micrometer is inserted to the bottom of the hole using the knurled thimble on the head
of the micrometer (Figure 1b). The micrometer reading is noted. The penetration is obtained by
subtracting the reading from one inch (25.4 mm).

Figure 1: Pin Penetration Test operation: (A) the device is positioned perpendicularly to the surface to be tested,
and, after firing the pin, (B) a micrometer is inserted to the bottom of the produced hole.

2.2 Screw (helix) pull-out test on mortar joints and bricks
The helix pull-out test (HPT) was carried out on the mortar joints and on the bricks.
According to a previous research focusing on HPT in low strength mortars [3], a 3 mm diameter
pilot hole was executed and preferred to the 4 mm diameter pilot one suggested by the provider.
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In the same way, a 4 mm diameter pilot hole was preferred for bricks instead of the 5 mm one
suggested by the provider [8].
The procedure for HPT is executed as follows. A pilot hole of 3 mm diameter is made in the
mortar joints with a drill working at the minimum speed and with the tightening power adjusted
at the weakest position. A pilot hole of 4 mm diameter is made in the bricks using a rotaryhammer drill with a masonry bit (Figure 2a). A high-strength steel helical tie with a diameter
of ¼ in. (6.3 mm) is mounted into a supplementary tool. While holding it horizontally, the tool
is hammered carefully until the helical tie is introduced into the pilot hole to a depth of 30 mm
and results embedded in the masonry component (Figure 2b). This process allows the helical
tie to rotate and cut a thread in the mortar or the unit during insertion. After insertion, a Load
Test Key (LTK) is screwed onto the remaining outer part of the tie. The LTK restrains from
rotating the helical tie during the test, assuring a shear failure in the tested material. The Load
Test Unit (LTU) is connected to the LTK and the mechanism is rotated to screw down the tie
and take up any slack. The LTU provides the contact with the material’s surface by means of a
steel circle. The load is applied by turning a grip lever to increase progressively the load until
failure (Figure 2c). The maximum load reached during the test is recorded as the pull-out force.
Figure 2 shows the test layout, as well as the sequence of the operations during the HPT.

Figure 2: Helix Pull-out Test operation: (A) drilling the pilot hole, (B) hammering the tool until the helical tie is
introduced in the pilot hole, (C) loading by turning the grip lever until failure, (D) failure in the brick.

2.3 Pull-off test on mortar plasters
The pull-off test (POT) is a test developed to evaluate the adhesion strength of gypsum and
lime mortar plasters [9]. The POT was executed on lime mortar plasters in the investigated
building. Figure 3 shows the sequence of operations of the experimental in-situ tests. The first
operation consists in removing the surface paint layer with a mechanical sanding that does not
alter the physical and chemical characteristics of the lime mortar and ensures proper adhesion
(Figure 3a). The plaster is cut until reaching the masonry substrate by using a core bit with 50
mm diameter (Figure 3b). After notching a number of circles, 50 mm diameter metal discs are
stuck to the coating with a two components adhesive consisting of methylmetacrylate (Figure
3c). Once the adhesive has hardened, the disc is pulled off with a dynamometer by applying a
perpendicular force to the surface. Two different dynamometers were used. A manual reaction
dynamometer with a capacity of 500 N and a digital accuracy of 0.1 N was used in the position
ZA. This position was characterised by lower adhesion strength (Figure 3d). In zones with
higher adhesion strength, a different device with a mechanical dynamometer support, capacity
of 5000 N and manual reading was used (Figure 3e). The pull-off load applied to the metal disc
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is increased steadily until failure (Figure 3f). The peak load reached during each test is recorded
as the pull-off strength.

Figure 3: Pull-off test operation: (A) removing the surface paint layer with a mechanical sanding, (B) drilling
the plaster until reaching the masonry substrate using a 50 mm diameter core bit, (C) sticking the metal discs,
(D) manual dynamometer, (E) mechanical dynamometer support, and (F) failure of plaster substrate.

2.4 Extractions of the specimens
The masonry walls investigated were 450 mm thick, built with fired handmade clay brick
units with nominal size 295.7 × 146.2 × 42.9 mm3, and lime mortar joints with thickness
variable between 12 mm and 18 mm.
The extractions of the CDM samples were done by horizontal drilling using the dry
technology proposed in [6]. Figure 4 shows the sequence of operations of the in-situ extractions.
Before drilling, 152.5 mm diameter core samples were marked to guarantee the correct drilling,
including one vertical and two horizontal mortar joints and four bricks (Figure 4a). Twenty-one
specimens were drilled in five extraction zones (Figure 4b and c). Only three out of twenty-one
specimens were discarded after the extraction operations due to irregularities inside the wall.
All the CDM samples had an approximate depth of 300 mm and were cut in the laboratory using
a dry radial saw in order to obtain an approximate depth of 145 mm (Figure 4d). After drilling,
some courses of the wall were disassembled using a chisel and a hammer to extract whole bricks
and mortar joints. The selected specimens were stored and labelled carefully to preserve their
integrity until taken to the laboratory.
The timbrel vaults of the industrial building were composed of two layers of fired handmade
clay tiles. Their bond was staggered through the thickness of the vault in order to prevent the
alignment of the tile joints. The components used in the vaults were tiles with nominal size of
294.3 × 145.3 × 20.8 mm3. The lime mortar joints had thickness of 17 mm in the 1st timbrel
vault and of 10 mm in the 2nd timbrel vault.
Figure 5 shows the sequence of operations of the in-situ extractions, executed from the top
of the timbrel vaults by removing first the pavements and then the vault filling (Figure 5a). The
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mortar joints between tiles were marked with a radial saw (Figure 5b) and then extracted
carefully with a chisel and a gauging trowel (Figure 5c and d).

Figure 4: The sequence of operations of the cylinder extractions: (A) marking the core perimeter before
extraction, (B) drilling, (C) hole in the wall after extraction, (D) cutting the specimen with a dry radial saw until
obtaining an approximate depth of 145 mm.

Figure 5: The sequence of operations of the extractions of samples from the timbrel vaults: (A) removing the
pavements and the vault filling, (B) removing the mortar between tiles by using a radial saw, (C) extracting the
tiles with a chisel, (D) extracting the tiles with a gauging trowel.

3

EXPERIMENTAL PROGRAM IN THE LABORATORY

3.1 Compressive tests on brick specimens
The specimens considered for the experimental programme were prepared according to the
procedures specified in standard EN 772-1:2011+A1 [4]. The use of a grinder fitted with a
diamond-impregnated head could guarantee the flatness and parallelism of the faces. The
specimens were cut from the bricks using a table saw equipped with a water jet, and air
conditioned in a dry mode at a constant temperature of 105°C. Two types of specimens were
obtained from every extraction zone, i.e. a specimen measuring 100 × 100 × 40 mm3 (identified
as “CB_10”) fulfilling the standard requirements, and 40 × 40 × 40 mm3 cubes (identified as
“CB_C4”) as a nonstandard size that allows a considerable increase of the number of available
samples.
The specimens were tested under uniaxial compression by using two hydraulic testing
machines, with a capacity of 3000 kN for CB_10 specimens, and a capacity of 200 kN for
CB_C4 samples. The tests were executed under load control with a rate of 0.15 MPa/s with
duration of the test higher than 60 seconds.
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3.2 Compressive tests on tile specimens
The characterization of the clay tiles from the timbrel vaults is not possible according to the
European standard EN 772-1:2011+A1 [4] or American ASTM C67 [10] due the reduced
thickness of the units. To overcome this problem, the proposed solution consisted in assembling
two specimens with a cement mortar layer allowing the connection between the samples. This
strategy allowed the reduction of the slenderness of the specimen (Figure 6a).
The specimens were cut from the clay tile using a table saw. Two specimens were obtained
for every clay tile measuring 100 × 100 × t mm3, were t is the thickness of the specimen
(identified as “CB-F”). These two specimens were assembled using a mould designed and built
specifically for this research. The cement mortar was kept 10 mm away from the contact with
the testing machine plates. The specimens were grinded on loaded faces to ensure a uniform
distribution of compression forces (Figure 6b). The specimens were tested under uniaxial
compression using a hydraulic testing machine with a capacity of 200 kN. The loading rate
under displacement control was 0.025 mm/s to ensure a duration of the test higher than 60
seconds (Figure 6d).

Figure 6: The sequence of operations of compressive tests on tiles: (A) two specimens assembled with an
intermediate cement mortar layer, (B) grinding on the side surfaces, (C) tile specimens in test position, (D)
execution of the test.

3.3 Double punch tests on mortar joints and plasters samples
The mortar bed joints extracted between the units, as well as the plaster samples, had low
consistency and cohesion. This fact, usual in historical structures, made the preparation of
regular specimens difficult. For this reason, it was not possible to test mortar slabs with exact
dimensions of 50 × 50 mm2 as recommended by the German standard DIN 18555-9 [5]. A
gypsum powder layer with a thickness of 1 mm was interposed between the specimen and the
loading punches, which had a diameter of 20 mm.
The specimens were tested under uniaxial compression using a hydraulic testing machine
with a capacity of 10 kN. The loading rate under load control ensured that the test would last
approximately 60 seconds. After the DPT, the specimens showed a crushed central part shaped
like a sandglass between the loading punches and radial cracks toward the outer perimeter.
3.4 Compressive strength of core drilled specimens
Once brought to the laboratory, two high strength mortar caps were casted on top and bottom
of the CDM cores by using a special mould. The mortar caps created two flat surfaces allowing
a distributed load, as proposed in [6] and [7] and unlike the UIC leaflet [11] recommendation
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on the use of steel concave plates and lead sheets in contact with the sample. The sizes of the
caps were about 110 mm width and 150 mm length.
The specimens were tested under uniaxial compression using a hydraulic testing machine
with a capacity of 3000 kN. The force was applied perpendicularly to the horizontal joints. The
tests were carried out in two stages. The first stage was oriented to the study of the elastic
behaviour of the masonry and consisted in the application of three loading/unloading cycles
under load control ranging from 5% to 20% of the estimated maximum load. Its value was
determined by using the expression proposed by the Eurocode 6 (EC6) [12] to obtain the
characteristic compressive strength of masonry, fc, using the normalised compressive strength
of the units, fb, and the mortar, fm. The Young’s modulus was calculated for the loading branch
of the third cycle. The second stage of the test was aimed to characterize the compressive
strength of masonry. The cylinders were tested under displacement control, at a rate of 0.004
mm/s. The compressive strength was calculated as the ratio between the maximum load and the
cross-section of the mortar caps [13].
4

DISCUSSION OF THE RESULTS

4.1 Summary of in-situ and laboratory experimental results
Table 1 reports a summary of the in-situ experimental results on mortar joints (MJ), bricks
(B) and plasters (P) for the PPT and HPT, as well as the POT results in lime mortar plasters (P)
on masonry wall (zone A and B) and at the bottom of the timbrel vaults (zone D).
Table 2 reports a summary of the experimental compressive strength, fb’, of 49 CB_10 and
98 CB_C4 brick specimens, as well as of 22 clay tile specimens obtained from two zones (F1
and F2). It also reports a summary of the experimental compressive strength results, fm,DPT, of
193 DPTs on mortar joint (MJ) specimens, and 94 DPT of plaster (P) specimens obtained from
the different zones. Finally, Table 2 presents the values of the experimental compressive
strength, fc150, and the experimental Young’s Modulus, Ec150, of 18 CDM specimens.
Table 1: Experimental results on mortar joints (MJ), bricks (B) and plasters (P) from the PPT, HPT and POT
tests, in terms of the average values (Av) and coefficients of variation (CV), for six zones of masonry walls (Z1,
Z2, Z2bis, Z3, Z4 and Z5) and four zones of plasters (ZA, ZB, ZC and ZD).
Z1

Z2

Z2bis

PPT
[mm]
HPT
[N]
POT
[N]

Av
CV
Av
CV
Av
CV

10.4
4.5%
415
35.5%
-

10.6
4.8%
405
34.3%
-

10.4
4.3%
455
24.0%
-

PPT
[mm]
HPT
[N]

Av
CV
Av
CV

6.6
23.6%
1700
14.1%

6.2
13.3%
2005
13.7%

5.9
16.7%
1665
9.2%

Z3

Z4

Z5

ZA

ZB

Lime Mortar Joints (MJ) / Plasters (P)
11.3
10.4
9.8
9.9
7.4
7.7%
8.3%
5.9%
8.4%
15.2%
531
435
765
33.3% 18.0% 20.0%
77
295
38.6% 94.4%
Fired Handmade Clay Brick (B)
5.8
5.9
6.0
11.3% 11.6% 15.2%
1625
1795
1670
16.5% 20.2% 10.3%
-
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ZC

ZD

5.6
8.2%
-

7.0
9.5%
350
49.5%

-

-
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Table 2: Experimental compressive strength averages values (Av) and coefficients of variation (CV) on brick
specimens (CB_10, CB_C4), tile specimens (CB_F1, CB_F2), mortar joint specimens (MJ), plaster specimens
(P) and Core Drilled Masonry (CDM) samples obtained on six extraction zones of masonry wall (Z1, Z2, Z2bis,
Z3, Z4 and Z5), on two extraction zones of timbrel vaults (F1 and F2) and on t five extraction zones of plasters,
three from wall (ZA, ZB and ZC) and two from the bottom of the timbrel vaults (ZD and ZE).

Brick
fb’

CB_10
CB_C4

Tile
fb’

CB_F

DPT
fm,DPT

MJ

CDM
fc150

DPT
fm DPT

P

Av [MPa]
CV
Av [MPa]
CV
Av [MPa]
CV
Av [MPa]
CV
Av [MPa]
CV
E [MPa]
CV

Z1
26.2
21.3%
15.0
16.5%
1.1
30.8%
6.4
4.0%
2,673
18.0%

Z2
46.0
21.3%
25.3
29.5%
0.4
33.7%
-

Z2bis
33.7
13.6%
14.8
21.0%
0.5
32.5%
7.0
9.8%
4,378
1,5%

Z3
32.7
13.4%
16.4
26.4%
0.4
25.0%
6.4
9.5%
2,804
10.4%

Z4
25.0
16.8%
13.6
25.2%
1.4
33.3%
5.3
21.1%
2,297
21.9%

Av [MPa]
CV

ZA
1.6
17.6%

ZB
3.9
33.1%

ZC
3.0
56.8%

ZD
7.1
29.6%

ZE
7.5
27.9%

Z5
30.5
22.7%
17.8
24.0%
1.8
33.4%
7.8
9.4%
3,523
18.2%

F1
22.8
21.8%
0.7
31.4%
-

F2
22.2
19.7%
4.0
45.2%
-

4.2 Compressive strength from in-situ MDT and laboratory results
Table 3 presents the comparison between the in-situ and the laboratory tests results for lime
mortar joints and bricks. The laboratory strength values for bricks were normalized with the
application of the shape coefficient of 0.7, as proposed by EN 772-1:2011+A1, to the CB_10
specimens, fb’. The reduction factor of 0.7 given by the standard UIC 1995 was applied to the
laboratory strength of the mortar specimens, fm,DPT. The HPT results were expressed in terms of
the tangential stress, τH, corresponding to the pull-out force, F, and derived from the embedment
length and the external diameter of the helix, De, as given by Equation 1 [14].
τH = F / (π·De·L)

(1)

The variation trends of HPT results in terms of pull-out forces are fairly consistent with
ranges of variations of the depth measurements obtained with PPT, as well as strengths derived
from DPT for lime mortars. The HPT allowed the identification of significant in mortar
performance except in the Z5 zone. The PPT showed the same result, with Z5 exhibiting a
higher resistance to penetration. The variation trends of the PPT also showed good agreement
with the DPT in plasters (ZA, ZB and ZC).
It is worth to mention that HPT and PPT on tested mortars provided a better agreement
between them than with the DPT values. This disagreement is attributed to the fact that the
specimens were dried and better conditioned when brought to the laboratory and therefore had
a different moisture contents compared to the mortars in their original location. As for the
bricks, the HPT and PPT values were very close to each other in spite of the variations of the
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laboratory compressive strengths, not allowing to identified a clear relationship between on site
and laboratory results.
Figure 7a shows the comparison between the HPT results and the laboratory results for this
campaign, together with those reported in previous research studies by Pelà et al. [2] and de
Vekey et al. [8]. Figure 7b shows the same results for bricks tested in this campaign, together
with literature values of units of compressive strength over 10 MPa according to Ferguson [15].
The HPT on mortars provides a good relationship with the laboratory values for this campaign,
as well as with the values reported in the previous researches, especially for low strengths.
However, the case of bricks no clear relationship is obtained between HPT and compressive
strength test as already observed by Ferguson [15]. As explained by de Vekey et al. [8], the
stress could exceed the elastic limit of the tie when the material tested had a compressive
strength over 10 MPa. Actually, reliable relationships for historical masonry constituents are
still under investigation.
CB_Mortar
Mortar_deVekey [8]
Mortar_Pelà [2]

8
7
6
5
4
3
2
1
0

0

2

4

6

8

CB_Brick
Brick_Ferguson >10MPa [15]

B
5

HPT - τH [MPa]

HPT - τH [MPa]

A

4
3
2
1
0

10

fm [MPa]

0

10

20

30

40

50

fb [MPa]

Figure 7: (A) Tangential stress of HPT on mortar joints compared with Pelà et al. [2] and de Vekey et al. [8]
values. (B) Tangential stress of HPT on bricks compared with Ferguson values [15].
Table 3: Comparison among in-situ MDT and laboratory results on lime mortar joints, bricks and lime plasters.
Z1

Z2

DPT fm
PPT
HPT τH

Av [MPa]
Av [mm]
Av [MPa]

0.76
10.4
0.70

0.27
10.6
0.68

Brick fb
PPT
HPT τH

Av [MPa]
Av [mm]
Av [MPa]

18.3
6.6
2.86

32.2
6.2
3.38

Z2bis
Z3
Z4
Z5
ZA
Lime Mortar Joints (MJ) / Plasters (P)
0.33
0.31
0.97
1.29
1.12
10.4
11.3
10.4
9.8
9.9
0.77
0.89
0.73
1.29
Fired Handmade Clay Brick (B)
23.6
22.9
17.5
21.3
5.9
5.8
5.9
6.0
2.80
2.73
3.02
2.81
-

ZB

ZD

2.73
7.4
-

4.97
7.0
-

-

-

4.2 Relationship between CB_10 and CB_C4 brick specimens
Another stage of the experimental campaign considered compression tests on nonstandard
specimens measuring 40 × 40 × 40 mm3, CB_C4. The average values of experimental
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compressive strengths of the CB_C4 samples (fb C4) have been related with the standard CB_10
ones (fb 10). Table 4 reports the ratio between the uniaxial compressive strengths (fb_C10 / fb_C4).
The given ratios resulted between 1.71 and 2.28. In average, the fb_10 strength was equal to 1.90
fb C4 with CV equal to 11%.
Table 4: The relationship between the experimental compressive strength of the nonstandard specimen CB_C4
and the standard specimen CB_10.

Brick

CB_10
Av [MPa]
CB_C4
Av [MPa]
fb CB_10 / fb CB_C4

Z1
26.2
15.0
1.74

Z2
46.0
25.3
1.82

Z2bis
33.7
14.8
2.28

Z3
32.7
16.4
1.99

Z4
25.0
13.6
1.84

Z5
30.5
17.8
1.71

Average
1.90 [CV 11%]

4.3 Evaluation of masonry compressive strength from available analytical equations
The characteristic compressive strengths of masonry, fc, has been evaluated from the
experimental average compressive strengths, fc_exp, and the empirical equation provided by
Eurocode 6 [12], fc_EC6, and American Requirements for Masonry Structures (ACI 530.1-05)
[16], fc_ACI. The characteristic fc_exp values were calculated according to the procedures described
in EN 1052-1 [17] using the CDM experimental values, fc150. Accordingly, the fc150 values have
been divided by 1.2 for inspection zones with less than five specimens. The fc_exp corresponded
to the 5% fractile value based on a confidence level of 95% if there were five or more
specimens. The fc_EC6 and fc_ACI were obtained through the Equations 2 and 3 respectively.
Eurocode 6 relates the characteristic compressive strength of masonry with the characteristic
compressive strength of brick, fb, and mortar, fm, using as a constant K the value 0.55, and ACI
equation relates it to the compressive strength of the unit, fb.
fc_EC6 = K · fb 0.7 · fm 0.3 [in MPa]

(2)

fc_ACI = A · (400 + B·fb ) [in psi]

(3)

The Young’s modulus of masonry, Ec, has been also analysed. The Eurocode 6 suggests that
Ec_EC6 is 1000 times the compressive strength, while ACI 530.1-05, Ec_ACI suggests that is 700
times the compressive strength. The experimental values of Young’s modulus, Ec_exp, were
obtained as explained in Section 3.4 testing the CDM specimens.
Table 5 reports a summary of the experimental and empirical evaluations of the masonry
compressive strength and Young’s modulus. The Eurocode 6 provides values lower than the
experimental ones, while the ACI 530.1-05 results are higher than the experimental ones. The
only good agreement between laboratory and analytical evaluations has been found for
specimens of zone Z4 for EC6 equation, and of zone Z5 for the ACI equation. Previous research
[18] provided good relationships between the empirical and experimental strengths for lime
mortars with 2 MPa strength. Table 5 also presents that the Young’s modulus estimated from
the standards is overestimated compared with the experimental ratios Ec/fc ranging between 475
and 759.
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Table 5: Experimental and empirical compressive strengths, fc (MPa) and Young’s moduli, Ec (GPa).
Masonry
fc [MPa]
Masonry
Ec [GPa]

fc_exp
fc_EC6
fc_ACI
Ec_exp
Ec_EC6
Ec_ACI

Ec_exp / fc_exp

5

Z1
5.4
3.9
6.4
2.7
3.9
4.5
500

Z2bis
5.9
3.6
7.5
4.4
3.6
5.2
759

Z3
5.9
3.4
7.3
2.8
3.4
5.1
475

Z4
4.4
4.0
6.2
2.3
4.0
4.4
523

Z5
7.2
5.0
7.0
3.5
5.0
4.9
486

CONCLUSIONS

This paper has presented the experimental results from in-situ and laboratory minor
destructive testing (MDT) of the masonry materials of an industrial 19th c. building of
Barcelona. Tests on samples made possible to determine the compressive strengths of bricks,
tiles, mortars and masonry.
The following conclusions can be drawn from the research:
- The laboratory testing on novel types of specimen shows consistent results. In particular,
the research proposes a novel methodology for the characterisation of the thin-tile of
timbrel vaults.
- Tests on the nonstandard 40 × 40 × 40 mm3 brick specimens showed similar scattering
than the standard 100 × 100 × 40 mm3 ones. Moreover, a clear correlation could be found
between the compressive strength obtained with the two specimens. However, further
investigation should be done to analyse the influence of the specimen size and shape on
the compressive strength.
- The empirical equations provided by the building codes yielded values that
overestimated or underestimated the compressive strength obtained from the extracted
cylindrical cores.
- The in-situ MDTs have provided clear correlation trends in the evaluation of the mortar
strength. In particular, and for the case of mortars, the sufficient sensitivity of HPT and
PPT test allow the possibility of relating their results with experimental laboratory
values.
- The in-situ MDT results for the evaluation of the clay bricks still do not show sufficient
sensitivity to the variation of the material strength. More research is necessary in order
to improve the application of HPT and PPT for a more reliable in-situ characterization
of bricks.
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Abstract. The current Italian Building Code provides tables with standard values of the
mechanical characteristics of existing masonry. These tables refer to specific typologies, as
described, according to masonry texture. As experience suggests, the way in which the masonry
is built up could really affect its structural behaviour, both in terms of mechanical properties
and failure mechanisms. Furthermore, the code entrusts each Region to improve and better
define these mechanical characteristics, specifically in areas where they could be regarded as
homogeneous, in order to improve definitions of the quality, the behaviour and the mechanical
properties with a higher degree of precision and knowledge.
Valtellina, located in the north of the Lombardy region and in the middle of the Alps, can be
regarded as a homogeneous area because of its specific masonry, built up with hard rock stones
and weak lime mortar. The available in–situ experimental data about this masonry typology,
achieved through MDTs and NDTs, was collected, implemented and improved with additional
tests to identify the relevant mechanical properties. This was aimed to classify and structurally
identify this specific regional masonry typology, never analysed before.
1

INTRODUCTION

The assessment of historic building vulnerability is a big issue in Italy, mainly due to the
fragility of the area which is often subject to devastating events, such as floods and landslides,
but above all earthquakes that, in recent years, have severely affected the national territory.
Natural events, although not always of high intensity, often have a devastating impact on the
historical buildings, in particular from the cultural point of view, since the repairs of the
damages, whenever possible, always result in an effective loss of the cultural value of the
artefacts.
In Italy the attention to the structural vulnerability under the effects of natural events was
drawn from the earthquake that affected the Friuli region in 1976 and further increased with the
subsequent seismic events (Irpinia 1980, Umbria-Marche 1997, L'Aquila 2009, Emilia 2012 up
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to the last Amatrice-Norcia 2016 earthquake and aftershocks). These experiences highlighted
two crucial area of lacking knowledge that need to be improved:
• the damage and vulnerability of masonry and buildings subjected to seismic action;
• the predictive models, mechanical interpretations and effectiveness of the interventions.
The failure of a structural system focuses on the weakest link of the structural chain: while
on the one hand the design of new buildings makes this evaluation simple, on the other hand
for existing structures it is difficult to properly identify the relevant mechanism.
The current Italian Building Code [1] defines the properties of the masonry through numeric
tables, which classify the stone and mortar masonries on the basis of six typologies, identified
by the observation of the elevation texture, and the solid brick masonries on a single category.
The mechanical characteristics of the walls can also be identified on a case-by-case base by
carrying out MDTs (Minor Destructive Tests) and NDTs (Non-Destructive Tests).
Furthermore, the code entrusts each region to improve and better define the mechanical
characteristics of the masonries, specifically in areas that can be regarded as homogeneous in
order to define their quality, behaviour and mechanical properties with a higher degree of
precision and knowledge.
The aim of this research is a first collection of the available in–situ experimental data referred
to the area of the Valtellina region, gained through MDTs (e.g. flat-jack tests, both single and
parallel) and NDTs (e.g. sonic tests). Moreover, the analyses were implemented with other
methods: further sonic tests to define the masonry quality and penetrometric tests to define the
mortar properties. Data were finally processed in order to classify and mathematically
determine the masonry typology and its relevant mechanical characteristics.
2

CONSTRUCTION MATERIALS

Valtellina, the study area, is a valley located in Lombardy, in the North of Italy, in the middle
of the Alpine arc, close to the border with Switzerland. The geographical location of the valley
has strongly influenced its historical and civil events: due to its key position between the South
and the North of the Alps, the lordship of the valley has long been disputed between Milan in
Italy and Chur in Switzerland, with alternate upheavals that have moved northward and
southward the administrative and economic axis. For this reasons, this territory is a significant
object of study, as it is peculiar and at the same time exemplary of the development of an area
placed in "the Alps, a unique region in the centre of Europe"[2].
From a geological point of view, Valtellina is located in the western area of the Alps,
characterized by silicate rocks, rather than the dolomitic and limestone ones which are present
in the eastern area. The valley is located exactly along the Tonale fault, an imposing tectonic
dislocation that runs from East to West in the central part of the Italian Alps, which means that
most of the rocks placed along the territory are of metamorphic origin. The intrinsic
characteristics of the metamorphic rocks (first of all their stratification) strongly influence the
masonry construction techniques in the area. On the other hand, the relative difficulty in finding
limestone rocks affects (in a negative way) the availability of lime mortars.
The historical buildings are usually made with the rock materials that were easily available
(close to the construction site), which required minimal processing and allowed a fast use. Only
for the buildings with iconic importance, as churches or noble palaces, the stones were
sometimes taken at a greater distance and often selected and processed with a greater care in
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order to underline the prominence of these building. Anyway, in the Valtellina context this was
mainly limited to the production of decorative elements such as mouldings, columns and
pilasters. As for the type of stones used, Valtellina masonries can be classified according to
three types:
› Rough-stone masonries (Fig. 1): shapeless pieces of stone material, obtained
exclusively by splitting the rock mass or collecting the rock pieces lying on the
ground; their shape, often multifaceted irregular with sharp edges, allows for stable
positioning of the components to be obtained even without the use of mortar to build
drystone walls;
› Rough-hewn stone masonries (Fig. 1): also called “drafts”, they have dimensions
which are generally similar to the rough ones; they have a defined shape with a
tolerance due to the surfaces processing;
› Cut-stone masonries (Fig.1): generally coming from compact rocks characterized by
a good processing capability to be regularized with the squaring and finishing
processes.

Figure 1: Rough stone masonry – “Piatti-Reghenzani” Manor, Teglio (TC1); Rough-hewn masonry
– City hall, Ponte in Valtellina (PM1); Cut stone masonry - Ganda Bridge, Morbegno

The masonry walls built with rough stones represent the most common case in Valtellina.
On the one side, as already stated, the scarce availability of easily workable stones limited the
use of cut or carved stones to elements of particular value. The already mentioned predominant
presence of metamorphic rocks naturally provided stones suitable for the construction. Indeed,
because of their elongated shape and easiness of splitting according to the stratification plans,
the lithic elements taken from metamorphic rocks are definitely suitable for the construction of
the traditional wall texture.
The production of mortar is conditioned by the availability of suitable binders, to be used
individually or in a mixture with each other. For this purpose, in the Valtellina area there are
only very localized limestone outcrops. Extensive limestone outcrops, belonging to the group
of the main Dolomia, can be found only in upper Valtellina, around Bormio.
The prevalent use of rough stones would lead to suppose the need of high mortar quantities
inside the walls; however, the elongated conformation of the metamorphic stones implies that
the rocks can be laid in rather horizontal courses, thus obtaining internal contact points and
limiting the use of binding: this construction technique also derives from the tradition of the
Valtellina walling method. To evaluate this circumstance, the front elevation of the walls was
scanned in order to define the mortar quantity, which average percentage, referred to the whole
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masonry, was found to be around 25%. It should be noted that this is only a qualitative
estimation: due to wall texture the actual mortar quantity in the section can be different from
the quantity calculated on the basis of the front elevation.
3

CONSTRUCTION TECHNIQUES

The construction techniques used in Valtellina are of course conditioned by the type and
quality of the rocks and by the poorness of mortar used. Techniques that use rough or roughhewn stones are defined "complex", as the arrangement has to follow precise rules and a careful
selection of the stones to be used [3]. Techniques that use cut stones, called "ashlars", are
defined "simple", as the parallelepiped shape deriving from shaping processes allows a simpler
placement, with a lower quantity of mortar. Following the scarce use of cut-stones elements,
the masonries detected on the territory of study are mainly made with “complex” techniques. It
is worth noting that cut stones are often used only in the external fronts, giving a good look but
no warranty that in the interior of the wall stones are laid in a correct way.
3.1

Drystone walls

Valtellina has a very peculiar “cultural” landscape, the most evident expression of which is
the extensive terracing that characterizes the Rhaetian slope at the lowest altitudes,
approximately up to 1000 m above sea level. The available information reports an historical
overall terraced surface of around 60 km2; the part currently cultivated (with vineyards) is less
than 1/6 of its maximum historical extension. This landscape is mainly characterized by the use
of retaining walls made with drystone technique [4].

Figure 2: Typical facing of a drystone wall of the Valtellina terraces

In the territorial context of this study the characteristics of drystone masonry (Fig. 2) have
strongly permeated even the techniques of stone and mortar ones: that’s why useful information
for the ordinary buildings can also came from the study of the construction techniques of the
drystone masonry. On the basis of the technical literature the stability of a drystone wall is
strongly related to the experience and to the skill of the mason, who has to respect six specific
“rules of art” [5]: proper setting of the foundation (generally with low depth), vertical offset of
the joints to obtain the optimal distribution of the weights; horizontality of the stone courses;
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balancing of the stones; transversal connections to ensure a correct interlocking of the walllayers and finally particular attention to the connection of the orthogonal walls (cornerstones).
3.2 Masonry walls
The main part of Valtellina buildings, even those that can be classified as cultural heritage
(churches, palaces and rural nuclei) are characterized by a lithological variety and by the use of
construction techniques almost indistinguishable from the drystone walls, although generally
encompassing the use of mortar (Fig. 3).

Figure 3: Similarities among the drystone rural construction (left), stone and mortar rural construction
(middle) and stone and mortar wall of the church of S. Ignazio in Ponte in Valtellina (right)

This results in a complication of the construction phases due to the need of lime and mortar
production, but at the same time it simplifies the placement of the stones as it allows masons to
pay less attention to the selection of the lithic elements, as mortar regularizes the areas of noncontact between the stones. However, the “rules of art” mentioned above for drystone masonry
are systematically respected nonetheless.
Due to the scarcity of documentary and bibliographic sources, it was not possible to trace
back a proper description of construction techniques in Valtellina: for this reason, a detailed
analysis of the characteristic of two buildings historically representative of the local context
was carried out: S. Ignazio Church at Ponte in Valtellina and Masegra Castle at Sondrio.
For the castle, the lithological variety of the stones shows a close relevance to the territorial
context of the nearby Valmalenco, upstream of the Mallero river that flows in the nearby of the
building; some blocks are also presumably attributable to the glacial deposits present on the
Rhaetian slope. For this reason, the materials are of a crystalline nature, metamorphic or
intrusive. The foundation masonry walls are laid out with sub-horizontal courses consisting in
stone of various lithology and size (mainly gneiss and serpentine) and lime mortar of varying
colour and grain size. The elevation walls are also characterized by sub-horizontal layers in
stone blocks and mortar courses with large thickness.
The systematic observation of the wall facing masonries of the castle and of the other cases
of study highlights that, regardless of the building periods, the masonries can be sorted into two
types (Fig. 4):
− masonries made with stones laid with disordered texture,
− masonries made with stones laid with rather horizontal courses (good-texture).
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These masonries can be built both with rough or rough – hewn stones, with the latter being
predominant in the second type.

Figure 4: Masonry wall facing and section of the Masegra Castle masonries

4

DATA COLLECTION

The analysis of the masonry mechanical characteristics is a fundamental basis for the correct
modelling of the structural behaviour of the building. Both for existing buildings [1] and for
cultural heritage ones [7] Non-Destructive (NDTs) and Minor Destructive (MDTs) tests allow
the quantitative determination of these characteristics. It is important to underline, how the
Guidelines [7] explicitly state, that “Non Destructive diagnostic Techniques of indirect type,
such as sonic and ultrasonic tests, assess the homogeneity of the mechanical parameters … but
they do not provide a reliable quantitative estimation of their values ... Therefore, the direct
measurement of the mechanical parameters … in particular those relating to resistance, can
be performed only through Minor Destructive or Destructive Tests, even if applied to limited
portions. Calibrations of Non Destructive Tests with (Minor) Destructive Tests can be used to
reduce the invasiveness of the investigation campaign.”
The numerical analysis performed in the present research was developed from the wide
database made available by the company Foppoli Moretta & Associati consulting engineers and
coming from their professional activity. Both NDTs and MDTs were performed in compliance
with the standards listed in Table 1.
Table 1: Reference standards for the tests performed

TEST
FJs

Single flat jack

FJp

Parallel flat jacks

SO

Sonic test

PT

Penetrometric test

CO

Corings

CODE
ASTM C 1196-14 (2014). Standard test method for in situ
compressive stress within solid unit masonry estimated using the
flatjack method.
ASTM C 1197-14 (2014). Standard test method for in situ
measurement of masonry deformability properties using the flatjack
method.
UNI EN 12504-4 (2005), Prove sul calcestruzzo nelle strutture Parte 4: Determinazione della velocità di propagazione degli
impulsi ultrasonici.
Jurina, L. (2007), La caratterizzazione meccanica delle murature
parte prima: prove penetrometriche. Politecnico di Milano – DIS
UNI EN 12504-2 (2019), Prove sul calcestruzzo nelle strutture Parte 1: Carote - Prelievo, esame e prova di compressione.
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The available dataset has been integrated with experimental tests, specifically carried out for
this work, which have been marked in bold in the following Table 2.
Table 2: Tests performed

Nr.
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17

Location
Vervio
Sondrio
Teglio
Bianzone
Ponte in Valtellina
Sondrio
Gravedona
Ponte in Valtellina
Teglio
Livigno
Sondrio
Bormio
Tirano
Villa di Chiavenna
Madesimo
Livigno
Germasino
TOTAL nr.

Code
SA1
SS1
BT1
BB1
SI1
ST1
GS1
PM1
TC1
LS1
CM1
BS1
TB1
VC1
MC1
FC1
GM1

Construct. Year
1664
1885
1433
1600
1640
1826
1942
1700
1954
1041
1965
1800
1912
-

FJs
3
4
2
6
3
3
3
3
9
2
2
40

FJd
3
4
1
6
3
3
3
3
9
3
3
2
3
46

SO
5
5
3
6
9
3
4
8
43

PT
8
2
10
10
2
4
36

CO
2
4
2
3
3
10
2
26

Table 3: Resume of the (average) results

Building
SA1
SS1
BT1
BB1
SI1
ST1
GS1
PM1
TC1
LS1
CM1
BS1
TB1
VC1
MC1
FC1
GM1

Ed (0.4-0.8)
[N/mm2]
3030
5314
5263
4076
3724
2119
1095
1340
2744
11142
2256
4444
721

G (0.4-0.8)
[N/mm2]
2702
1069
710
963
415
629
1059
1064
1893
313

ν
0.10
0.10
0.20
0.10
0.50
0.10
0.30
0.10
0.20
0.20

Ee (0.4-0..8)
[N/mm2]
3967
4973
7562
5262
5433
3095
2564
2698
5582
14213
3651
4829
1802

680

σv
[N/mm2]
1.20
0.50
0.60
0.40
0.50
0.50
0.50
0.40
0.60
0.30
0.60
-

σmax
[N/mm2]
2.10
2.80
2.40
2.50
2.90
2.30
1.50
2.00
3.10
4.00
2.70
4.00
1.40

vp
[m/s]
1590
1534
1603
2277
1655
2786
1917
2493
-

fm
[N/mm2]
1.80
1.80
1.70
1.70
1.10
1.50
1.60
-
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Numerical data taken from these tests have been processed to obtain the most significant
mechanical characteristics of the masonries, as follow:
• Single flat jack [9], [10]: masonry compressive stress state (σv);
• Double flat jack [9], [10]:
o deformability module (Ed), calculated at the first loading stage;
o tangential deformability module (G), calculated at the first loading stage;
o Poisson coefficient (ν), calculated at the first loading stage;
o elastic module (Ee), calculated at the first unloading stage;
o maximum compression strength reached for the masonry (σmax);
• Sonic test [10], [11]: elastic sonic wave propagation velocity (vp) inside the masonry;
• Penetrometric test on mortar [12]: compression strength of the mortar (fm).
The values of the average mechanical properties, determined for each of the buildings
analysed, are summarized in the previous Table 3.
5

DATA ANALYSIS

The collected data is a significant statistic base that allows a relevant analysis both with
reference to the single test and by matching the results of different methods in order to identify
the significant characteristics. By way of example, in Graph 1 the stress vs. strain curve obtained
from the double flat jacks tests performed at Masegra Castle (CM1) are plotted: the mechanical
characterization suggests grouping the samples into two typologies.
North-wing masonries
4.4
4.0
3.6
3.2
2.8
2.4
2.0
1.6
1.2
0.8
0.4
0.0
-400 -300 -200 -100 0
100 200
Strains [x 10-5]

Stress [N/mm2]

Stress [N/mm2]

South-wing masonries
4.4
4.0
3.6
3.2
2.8
2.4
2.0
1.6
1.2
0.8
0.4
0.0
-400 -300 -200 -100 0
100 200
Strains [x 10-5]

300

400

500

300

400

500

Graph 1: Stress-strain relationship of the castle masonries – South-wing (red) & North-wing (black)

Further analyses highlighted a linear correlation between the deformability modules Ed[0.4-.8]
calculated at the first load stage and the elastic modulus Ee calculated at the first unloading
stage. The draft data provides a correlation with R2 ≅ 77%, by purging them from some values
with little reliability allow to give up to R2 ≅ 92%, indicating a very good correlation.
Based on the above considerations, the frequency of the deformability modules of the single
tests were plotted in Graph 2. It is a matter of fact that the Valtellina masonries have a very high
variance of modules, therefore it is difficult to make considerations on this draft data. Following
the previous typological and mechanical observations, the walls were divided in compliance
with the description of the elevation texture between “masonry with disordered texture” (type
I, n. 25 reference tests) and “masonry with rather horizontal courses” (type II, n. 15 reference
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test). The higher module values Ed [0.4-0.8] > 5000 were identified as anomalous and excluded
from the analysis.

Ed [0.4-.8] ranges
Graph 2: Deformability module frequency distribution - percentage and cumulative frequency

This way it was possible (Graph 3 left) to draft two normal distribution curves referred to
type I and type II and to calculate the respective 25% and 75% percentiles. It can be noted that
the disordered masonries have an average value Ed [0.4-0.8] = 1888 N/mm2, while the good-texture
masonries have an average value Ed [0.4-0.8] = 3571 N/mm2. The values calculated according to
the different typology are summarized in Table 4. It has to be noted that the average Ed [0.4-0.8]
values found are not very different from the values that can be calculated for the two masonry
typologies identified at Masegra Castle, as previously described.

1888
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1.4

4773
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0

Graph 3: Normal distribution curve of deformability modulus and of σv and σmax

The two distribution curves (type I and type II) intersect for a good part of their development,
focusing not only on the type of stone used, but also on the masonry construction technique:
walls with good texture, which have a high contact among the stones (little mortar quantity)
have a higher elastic modulus. Conversely the strength of the mortar is not a discriminating
factor because it presents no relevant variations.
Analysing the overall masonry stress state it is possible also to note that in any case the
current compression stress does not exceed the maximum detected one (Graph 3 right): thus,
𝜎𝜎𝜎𝜎
the average value of the safety coefficient 𝛾𝛾𝛾𝛾 = 𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 can be calculated, which turns out to be
𝜎𝜎𝜎𝜎𝑣𝑣𝑣𝑣

quite satisfactory in the test load conditions (means static with only own-weights).
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Table 4: Resume of the mechanical characteristics of the masonry, according to the type

Masonry
type
I
II

Ed (0.4-0.8)
[N/mm2]
1888
3571

G (0.4-0.8)
[N/mm2]
750
1344

Ee (0.4-0..8)
[N/mm2]
3578
5360

ν
[-]
0.18
0.09

σv
[N/mm2]
0.46
0.54

vp
[m/s]
1332
2443

σmax
[N/mm2]
2.16
2.93

fm
[N/mm2]
1.45
1.41

σmax [N/mm2]

A further attempt was made to divide the masonry characteristics by type of construction
(civil, ecclesiastical and noble buildings), by location (higher, middle and lower Valtellina) and
by construction period, but no significant result was obtained, proving that there was no real
difference in the construction techniques among the mentioned classes. The only qualitative
observation was that the noble buildings are mainly made with disordered stone masonry and
that the buildings, from the 20th century onwards, are mainly built with rough-hewn ashlars.
5
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Graph 4: Ed[0.4-0.8] - σmax correlation with the limits proposed by the Italian guidelines

Finally, the values of Ed[0.4-0.8] were plotted versus the maximum detected compression stress
σmax. This graph doesn’t have a very good correlation, but it allows an interesting graphic
comparation with the ranges (dashed box) provided from the Italian Code [1] table C8.1.5.
These ranges were be compared to the values provided from the current anaylsis (clash-dot
lines): for the masonries classified as type II, the identified Valtellina masonry proved to be
stiffer than the values provided by the code. The available data are of course limited to the walls
that were brought to compression failure during the tests.
6

CONCLUSIONS

The masonry construction techniques in Valtellina are strictly connected to the historical,
cultural and geological features of this territory. On the basis of more than 190 NDTs and
MDTs, this paper proposes a preliminary classification of the typical local masonry walls (made
with stone and mortar) into two typologies: “masonry with disordered texture”, “masonry with
rather horizontal courses”. The data analysis allows the estimation of the typical mechanical
characteristics and their variation. The type of construction, the location and the construction
period do not seem to be influential parameters in this analysis. This work can be regarded as a
first effort, as suggested the Italian Building Code, for the definition of the mechanical
characteristics of the typical masonry that can be regarded as homogeneous in a specific area
of Lombardy region.
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Abstract. There is a set of Romanesque churches at Val d’Aran that were built between the
eleventh and thirteenth centuries. One of the main features of these buildings is the presence of
large deformations and geometrical displacements in their masonry. One of the most deformed
buildings is the church of Santa Maria de Arties (XII), which arches’ and vaults’ have antifunicular shapes. The assessment is based on a three-dimensional model obtained with a
terrestrial laser scanner (TLS). The scanner used is a Leica ScanStation P20. In the study of
built heritage, the use of direct measurement techniques for architectural surveying requires a
large number of resources. These deformations have caused, in some cases, turn centerlines of
the vaults into convex shapes, which have the inverted shape of an arch. Joints appeared
because of active and passive thrusts that were performed to keep the structures in equilibrium.
Geometrical assessment of the least rigid elements, the pillars, makes it possible to analyze the
displacements, which have been the cause of anti-funicular shapes on some vaults. It is possible
to deduce the regression plane of the displacements of the pillars of the central nave and to
define the deformation vectors over it. Thus, these data all for the directions of the deformations
of the vaults to be determined.
The methodology of this study focuses on the assessment of the geometrical characteristics of
the pillars, with the objective of studying the displacements that they have suffered. The point
cloud is processed with the software; Cyclone, and the program 3DReshaper (2016), and
Google SketchUp (2019). The study allows to analyze the evolution of the treatment of points,
concluding that deformations of the pillars are not perpendicular to the axis of the central vault.
The methodology used and its results let to understand the nature of the displacements in order
to preserve these masonry structures.
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1 THE STUDY OF THE GREAT DEFORMATIONS OF THE VAL D’ARAN
ROMANESQUE ARCHITECTURE
The churches of Val d’Aran are located at the Spanish Pyrenees and were built between
the twelfth and thirteenth centuries. Large deformations have been found on these Romanesque
buildings masonry and are one of the main characteristics of them. In the church of Santa Maria
Arties (XII-XIII), the most deformed building, some anti-funicular shapes have been found at
their arches and vaults. This anti-funicular shape is the inverse of the natural shape of an arch
since it is convex in relation to its centerline. One of the causes of these deformations is the
displacement of the pillars since these are the least rigid elements of the structure.
Owing to large deformations, these Romanesque constructions were assessed by several
authors, such as Emmanuel Viollet-le-Duc (1814-1879), who visited Bossost (1883) [1], and
later by Lluís Domènech i Montaner (1850-1923), who was Dean of the Escuela de Arquitectura
de Barcelona (1905) [2]. Subsequently, the Institut d’Estudis Catalans organized an expedition
with the combined historical and archaeological purpose of visiting the Val d’Aran and La
Ribagorça (1907). Two of the participants were the architects Josep Puig i Cadafalch (18671956) and Josep Goday i Casals (1881-1936) [3], who suggested that these churches were
initially covered with timber structures and later replaced by masonry barrel vaults [4].
Juan Bassegoda i Nonell (1930-2012) stated that formal anomalies are a defining characteristic
of the Catalan Romanesque architecture [5]. The case study presented in this paper focuses on
the church of Santa Maria Arties, which is the most assessed building of this group. Its huge
deformations were identified during the restoration work of the 70s’ [6]. Afterwards, José Luis
i Villanueva noted the existence of the funicular shapes [7], and in 2009, the structure was
assessed by means of finite elements (FEM) by the team of Joan Polo i Berroy [8].
The structure presents a typical deformation pattern: leaning of vertical elements towards the
outside because of vaults thrust, and settlement of vaults, which have caused the apparition of
funicular shapes, that is the inverse of the natural shape of an arch since it is convex in relation
to its axis. One of the causes of these deformations is the displacement of the pillars since these
are the least rigid elements of the structure. The investigation focuses on the geometrical
parametrization and evaluation of these movements. Previous investigations focused on the
assessment of the overall structure, in order to understand the stability conditions, which
revealed that masonry is working to the limit through the deformations suffered, while the
origin of the movements can be explained by rigidity issues. The assessment is based on a threedimensional model obtained with a terrestrial laser scanner (TLS). In the assessment of built
heritage, the use of direct measurement techniques for architectural surveying requires a large
number of resources. The use of massive data capture techniques, such as Terrestrial Laser
Scanner (TLS), has recently become prominent in surveying architectural heritage.
Otherwise, the architectural heritage topographic documentation is a key tool for its
preservation. Current techniques of Massive Data Capture (MDC), such as digital
photogrammetry and terrestrial laser scanner, have become widespread in the assessment of
built heritage [9], [10]. Numerous investigations have tested the technique’s reliability [11],
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[12], and has proven their effectiveness to survey the building’s geometry with high precision.
The point clouds make it possible to detect and monitor degradation processes and formal
anomalies. Other applications go from heritage documentation [13], [14] to deepen in the
history and buildings constructions [15], [16] between many others.
The specific issue of deformation assessment is essential for architectural heritage conservation,
and many studies have developed simple procedures to address that issue from the 3D
topographical information of the point clouds, i.e. the Cathedral of St. Johannis in Meldorf [17]
the churches of Santa Maria in Portonovo [18] and Cantalovo [19] or the Palazzo d’Accursio,
in the cathedral of Tortosa [20], and Val d’Aran in Spain [21] [22]. Those investigation focuses
on the assessment of vertical elements deformations, except the Portonovo’s case, where a
simple assessment of the cylindrical barrel vaults is performed from standard primitives.

Figure 1. Santa Maria Arties (XII-XIII) [35]
In order to analyse the deformations of the church of Santa Maria Arties (XII-XIII), we used
the point cloud extract from the scanner Leica ScanStation P20, with a bandwidth of 808/658,
class 1. The scanning ratio is 1,000,000 points, and the noise at 100 is 9.0 mm for black surfaces,
4.30 mm for grey surfaces, and 1.5 mm for white surfaces. The field of view is 360º horizontal
and 270º vertical. (Figure 1).
2 METHODOLOGY OF THE GEOMETRICAL ASSESSMENT OF ARTIES
PILLARS’
The methodology of this study focuses on the assessment of the geometrical
characteristics of the 6 pillars [P1…P6] of Santa Maria Arties with the objective of studying the
displacements that they have suffered [23]. The pillars of the central nave have deformed in a
specific way, namely, through the masonry joints (ns). These joints are perfectly visible on
pillars P3, P4, P5 and P6, while they are more difficult to see on P1 and P2 since these pillars are
partially covered by mural paintings. The displacements can be assessed according to the
coordinates of the centroid of each row (xci, yci, zci), and the point of reference is taken from the
row of the floor plan, which is considered to be undeformable. This establishes the coordinates
as (xci, 0, zci). These points allow one to define a regression plane Pri for each pillar. Thus, it is
possible to define a vector of deformation contained on each plane [Pr1…Pr6]. Finally, these
data allow one to determine the general tendency of the deformation of the vaults (Figure 2).
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The assessment of shapes can only be understood in three dimensions through an interval (a,
b), which has to impose the condition of equilibrium according to the elastic theory with the
summation of the active thrusts (Eba) of the vaults and the passive thrusts of the walls (Emp) and
buttresses (Emc).
(

! 𝐹𝐹(",$,%) #𝐸𝐸'( + 𝐸𝐸)* +𝐸𝐸)+ &=0
'
(

! 𝑀𝑀(",$,%) #𝐸𝐸'( + 𝐸𝐸)* +𝐸𝐸)+ &=0.
'

Figure 2. Methodology of the geometrical assessment of Santa Maria Arties pillars’[35]
The assessment of the deformations of the elements under its own weight, especially the central
and lateral vaults, makes it possible to deduce that external actions, such as snow or seism.
These external actions, together with the loss of lime mortar, inasmuch as humidity or
vibrations, cause the primitive function fi(x,y,z) of the vaults. This function tends to deform into
the function ff(x,y,z), which is obtained through the topographical survey.
From a historiographical point of view, the definition of vaults geometry should be overhaul
through the observational technique. Robert Willis (1800-1875) was the first author that studied
that fact in its architectural treatise Remarks on the Architecture of the Middle Ages (1835),
where he makes some references to the Romanesque vaults [24]. He will explain it in more
detail in the introductory part of the cylindrical vaults mechanics in 1842 in his book On the
Construction of the Vaults of the Middle Ages Error! Reference source not found.. Other
authors that done similar studies are: Emmanuel Viollet-le-Duc (1814-1879), who assessed the
barrel vaults and the abutment with timber beams with more precision August Choisy (18411909) [26], who did not describe the Romanesque vaults, but he explained the barrel vaults
since its Roman construction origins, with brick and concrete [27]. He also referred to the
byzantine influence on construction with or without centring [28]. Otherwise, in the work
Historia General del Arte (1901), Josep Puig i Cadafalch described the great difference between
the Romanesque vaults, where elasticity is replaced by stability, which is a concept inherited
from roman vaults, those that were significantly more monolithic [29].
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Likewise, Puig i Cadafalch determines the characterization of the most important elements in
L’Arquitectura Romànica a Catalunya (1918-1920), and he also explains the structural and
artistic analysis of the masonry, vaults and pillars [30]. In this way, he stablishes vaults’ and
pillars’ evolution and the introduction of the column in the Catalan Romanesque Architecture
as one of its main characteristics [31]. From the typological point of view of the canon vaults,
it will be Leopoldo Torres Balbás (1888-1960) who tries to explain, in Bóvedas romanas sobre
arcos de resalto (1946), the transmission of this constructive way from the Roman world,
passing through the South of France to The Iberian Peninsula [32]. At the same time,
Bonaventura Bassegoda i Musté (1896-1987) will propose, from the mathematical point of
view, the elastic theory through the third central part of vaults and domes [33]. Finally, Juan
Bassegoda Nonell (1930-2012) explains how the traditional Roman models gave constructive
form to medieval vaults in Catalonia [34].
When the geometry of these vaults is regular and the construction is monolithic because of the
masonry disposition, the thrust is perpendicular to its centerline. Thus, the thrust of a vault is
determined through the following function:
Eb (Ebx, Eby, Ebz)
If we consider homogeneous vaults with a constant centerline, the vector of this thrust would
be, according to Choisy (1873) [27], as follows:
Eb (Ebx, 0, 0)
Conversely, barrel vaults of Vall d’Aran churches have specific features. These are conic vaults,
as was theorised by Joan Bassegoda (1974) [5], and the stone-cutting is not regular, as stated
by Josep Puig i Cadafalch (1901) [29]. Finally, the supports of the vaults, external walls and
arches, have a different stiffness, as noted by Luis Villanueva (1974) [7]. Those three conditions
are far from the general theory of the thrust of homogeneous vaults with cylindrical axis. In
addition, the assessment of the pillar deformations and their stiffness is influenced by the
contributions of Josep Puig i Cadafalch (1908) [4].
In any or in a combination of the precedent hypotheses, thrusts work in two directions (x, z) as
long as the supports stand still. Thus, the resultant force is not perpendicular to the axis of the
vault. The general vectorization in those cases can be defined as the thrust of the vault Eb (Ebx,
Eby, Ebz), and deformations can occur in two directions:
f (dfx, 0, dfz)
The forces caused by the vaults are transmitted to vertical structural elements. The vaults of the
central nave are supported by the walls over former arches, which at the same time are supported
by the pillars of the central nave. Thus, the elements can deform over the three planes, pillars
dfp(dfpx, dfpy, dfpz), and perimeter walls dfm(dfmx, dfmy, dfmz).
On the other hand, the deformations of the pillars are a function of their monolithic nature.
Thus, the deformations are directly related to the stone cutting of the pillar and the thrust Ep
(Epx, Epy, Epz). According to the internal distribution of forces, the masonry stone cutting and
mortar (Epz1), and the irregular geometry of the vault (Epz2), the structure tends towards a state
of equilibrium (Epz1- Epz2) or to the opposite state (Epz1+Epz2).
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A monolithic, infinitely rigid pillar tends to rotate on its base. The upper part moves over the
axis (x) towards the exterior since the main horizontal thrust (Ex) with the consequence that
there is also movement in the axis (y) since their extreme upper part declines. Finally, there is
also movement over axis (z) due to Ebz, which defines the deformations dfp (dfpx, dfpy, dfpz). If
pillars are not monolithic and are built with numerous joints, they tend to deform in the upper
part so that there is not ∆dfpy. If we suppose that the extremes of the vaults have not suffered
differential settlements and that the movement of these extremes is thus (∆y=0), then the
deformations are dfp (dfpx, 0, dfpz), which is the hypothesis of the present case study. There can
be a combination of rotations and translations as a function of the stone cutting, so the general
characterization of the displacements should be made through intervals I1; dfp (dfpx, dfpy, dfpz).
Then, in I2; dfp (dfpx,0, dfpz) displacements (∆y>0) can occur because of the contact between
mortar and stones or the friction between stones where there is no more mortar.
The displacement of the pillar can be deduced through analysis of the displacement of the
centroid of n sections (ns) of the pillar. Thus, coordinates (xci, yci, zci) are set for each section
(ns). The centroid of reference (xc0, yc0, zc0) is set in the section of the floor plan since it would
have not suffered any displacement. The final section is located at the impost of the pillar (xcs,
ycs, zcs). The obtained points define a function f (ci), which makes it possible to deduce the
regression plane Pri. It characterizes the tendency of the displacement vectors of the structural
section supported by the pillar.
The assessment of this displacement vector determines the clearance angle (ω) of the regression
plane Pri of the plane over the centerline of the vault (τ). Thus, this angle can be understood as:
(ω φ) = 90º, perpendicular to the centerline φ1,
(ω φ) < 90º, displacement towards the apse,
(ω φ) > 90º, displacement towards the façade.
The reparation and containment of these deformations are the cause of the reinforcement of the
perimeter walls by means of the construction of buttresses or strategical placement of bell
towers, which are usually built in the façade opposite to the apse. The active thrusts (Eba) of the
vaults over pillars and walls have been determined, but to understand the equilibrium of these
constructions, it is essential to understand the passive thrusts of the buttressing elements: walls
(Emp) and buttresses (Emc). Owing to these thrusts, some vaults have deformed towards antifunicular shapes.
In the year 2016, the point cloud was processed with the software Cyclone, and the program
3DReshaper, which is used to obtain the three-dimensional mesh with an average distance of
points of 0.05 m as well as a measure of the triangle for detecting 0.1 m holes. The model of
the interior of the building has 80,582 points and 156,449 triangles, and the exterior has 314,650
points and 609,472 triangles.
Otherwise, in 2019, the point cloud has been processed with the plug-in Undet of the software
Google SketchUp (2019). In this occasion, the point cloud has not been converted to a mesh,
because this plug-in works with points, not with meshes. The models that we are working with
have a grid of points in coordinates (x, y, z) ranging from [0.06 to 0.09 m].
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3

DATA TREATMENT WITH THE SOFTWARE CYCLONE (2016)

The use of the specific software Cyclone to process the data enable to visualize the point
cloud obtained and to process and join all the scanners done and convert the point clouds to a
mesh. This processing occurs through an automatic process with slight manual adjustments,
and a complete, depurated point cloud and triangular mesh is obtained. The morphological
features assessment of the pillars is made through the visible elements, such as the masonry
joints. Non-visible elements are not considered. Thus, data are obtained according to the
centroids of each visible row. Thus, pillars have following rows: (P1=26), (P2=26), (P3=27),
(P4= 25), (P5= 23) and (P6= 23). Rows are numbered from bottom to top [35]. The identification
of pillars’ joints was made by means of a manual measurement system, for the reason that the
graphical capacity of the software Cyclone, and the program 3DResheaper, does not allow to
specify pillar’s joints because it constructs it three-dimensionally (Figure 3).

Figure 3. Visualization of pillars’ joints with software Cyclone
The greatest displacement is found in pillar P1, with a range of displacement on each row of
[0.270, 0.001]. That displacement is followed by that in pillar P3, with a range of [0.190, 0.001].
The range of displacements of the rest of the pillars is as follows: P2 [0.108; 0.002], P4 [0.109;
0.002], P5 [0.101; 0.001], and finally, the least deformed pillar, P6 [0.065; 0.001]. Thus, pillars
P1, P3 and P5 have greater deformations than the others. None of the regression planes Pri is
perpendicular to the axis of the central vault. Each one is gently sloped. The angle in P1 is
85.466º, so (ω φ) < 90º (Figure 4). It is also the most inclined pillar (0.270 m) and is the highest
(4.170 m). The rest of the pillars have angles (ω φ) > 90º, with a range [103.893º - 126.169º]:
P2 [103,893º], P3 [108.665º], P4 [117.245º], P5 [112.066º] and P6 [126.169º].
4

DATA TREATMENT WITH THE PLUG-IN UNDET FOR GOOGLE SKETCHUP

With the plug-in Undet for Google SketchUp (2019) the identification of pillar’s joints
was made directly with the image of the software. Undet is a plug-in that combine individual
scan stations into groups and point clouds from a wide range of scanners, in this case, we have
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used the data that we extract from the Massive Data Capture (MDC) of the Leica ScanStation
P20 scanners. What we have experienced with this plug-in is that the management of the point
clouds is more efficient and quicker than with the software Cyclone.

Figure 4. Characterization of the regression planes Pri from the software Cyclone (2016) [35]
Undet for SketchUp (2019) has an interactive colouring and density management, so it let us to
adjust transparency, change point cloud and point size and, the most important thing for our
research, it we are able to see the point cloud coloured by planes or heights. This function let
us to see pillar’s joints in detail, so, from now on we will be able to check the manual
measurement that we previously have done and to say that the joints measured with Undet range
from [0.007 m] to [0.015 m] of width. (Figure 5).

Figure 5. Visualization of pillars’ joints with plug-in Undet SketchUp (2019)
We have also analysed the regression planes Pri from the pillars, which, like the previous results
obtained from the software Cyclone, they are also not perpendicular to the axis of the central
vault. We have observed that there are little differences between the other results and these,
being the deformation of P2 the biggest difference [2.599º] less and the one of P3 the smallest
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[0.003º] less. The angle in P1 is 85.474º, so (ω φ) < 90º (Figure 6). It is also the most inclined
pillar [0.206 m]. The rest of the pillars have angles (ω φ) > 90º, as we have previously seen,
with a range [101.291º - 124.756º]: P2 [103,893º], P3 [108.657º], P4 [119.417º], [P5 124.756º]
and P6 [110.553º]. We have also seen that the deformations of P4 and P5 are biggest in the middle
of pillars’ height than in the top of it. With Cyclone we didn’t found that deformations.
5

DISCUSSION

The obtained results from both methods used are very similar to determine deformations
in Romanesque masonry buildings, where the interest of the displacements is more qualitative
than the quantitative order magnitude. The graphic precision of the plug-in Undet for Google
SketchUp (2019) should be noticed, due to it is much higher and it allows to identify the points
that each point that composes the point cloud extract from the Terrestrial Laser Scanner (TLS).
To work with this plug-in there is no need to have a computer with a lot of graphic capacity,
seeing that you can section the point cloud in few seconds. As for its precision, in a section of
[0.005 m] the error is about [0.006 m] (0.030%), unlike the one obtained from the software
Cyclone (2016), which was of [0.03 m].

Figure 6. Characterization of the regression planes Pri from the plugin Undet (2019)
6

CONCLUSIONS

The obtained regression planes Pri, which contain the deformations dfp (dfpx, dfpy, dfpz)
for each pillar, tend to have the direction of the thrust over the pillar Pi. These displacements
are the result of the active thrusts of vaults (𝐸𝐸!" ) and the passive thrusts of the buttressing
system, walls (𝐸𝐸#$ ) and buttresses (𝐸𝐸#% ). This study revealed that the direction of the
displacements of the six pillars Pi is not perpendicular to the central axis of the church φ1 since
(ω φ) ≠ 90º. This results proves the hypothesis that the thrusts of the vaults are not perpendicular
to the axis of the church, as was the case in Roman vaults, which Choisy (1873) [27] defined
with regular geometry and stone cutting. The direction of displacements is caused by the
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irregular geometry of the vaults of Santa Maria de Arties as well as the masonry stone cutting
and the above mentioned passive thrusts of the walls and buttresses. The last ones were placed
to maintain equilibrium during the last millennium.
The displacement of the five pillars (P2…P5), where (ω φ) > 90º, tends to the opposite façade of
the apse. In addition, pillars P5 and P6, built during twelfth century on that façade, are the least
deformed pillars because of two subsequent transformations: the construction of the bell tower
over the centre of the façade (XIII-XIV) and the wood choir (XVIII). These elements have a
stiffening function.
Pillar P1 is the most deformed pillar of Santa Maria de Arties and has (ω φ) < 90º over the main
axis. The displacement tends to the apse. This pillar, together with pillar P3, where (ω φ) > 90º,
have achieved a great balancing through the passive thrust of the walls (𝐸𝐸#$ ) and buttresses
(𝐸𝐸#% ). For a specific weight of more than 24 kN/m3, the buttressing system weighs 3,144.96
kN. Here is where anti-funicular shapes, inverted, arches, have appeared, so: ff’’(x) > 0.

Pillars deformations’ dfp (dfpx, dfpy, dfpz) tend to have the same direction of the thrust over pillars
Pi, so, regression planes Pri, which contain these deformations, are essential to define any
intervention over these masonry buildings, because they show the direction of possible
preventive actions.
Otherwise, the vectorization of the displacements of each row, deduced from the regression
plane, makes it possible to parametrize the leaning of each pillar. Second, three deformation
modes were identified, so the displacements of the pillars are not uniform. Moreover, on pillars
(P2, P3, P5), the displacements are variable and appear to be negative displacements on (x) in
relation to the vertical, and the deformation of pillars (P4, P5) is biggest in the middle of their
height tan in the extremes of pillars.
The ranges of heights where great deformations occur have also been identified, which are: P1:
[1.50 – 2.00 m], P2 [3.00 – 3.50 m], P3 [2.00 – 3.00 m], P4 [1.50 – 2.50 m], P5 [2.00 – 3.00 m]
and P6 [1.00 – 2.50 m]. There is a difference between the height of the base pillars too, since
the inclination of the church floor, being P1 and P2 at the same height from their base centre, P3
is at the same height of P4, but they begin [0.047 m] upper than P1 and P2 and, finally, P5 is
[0.0577 m] upper than P1 and [0.019 m] lower than P6. These points are extremely important in
order to determine the appropriate actions that needs to be taken for intervention on these
buildings and preserve this Romanesque architectural heritage.
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Abstract. The Olla bridge is a multi-span masonry arch bridge dating back to the second half
of the 19th century. The bridge is 117 m long and includes five arches of different spans. Since
no original drawings or blueprints of the bridge were found in the archives, the missing
information on the geometry of the structure were retrieved through a geomatic survey,
whereas the unknown structural details were assumed according to historical handbooks and
similar projects. In addition, limited material samples were taken to solve typical
uncertainties such as the effective thickness of arches. Subsequently, ambient vibration tests
were performed, and different output-only techniques were applied to the acquired time series
with the two-fold objective of identifying the dynamic characteristics of the bridge and
roughly verifying the invariance of the modal parameters. Finally, all the available
information were summarised in a Finite Element model, that – after the updating of
uncertain parameters – turned out to be capable of reproducing the identified dynamic
characteristics of the structure with a high level of accuracy.
1

INTRODUCTION

The development of the rail transport in the 19th century involved the construction of a
large number of masonry arch bridges giving impulse to the improvement of this structural
typology. Consequently, masonry arch bridges were the dominant technology in bridge design
until the first half of the 20th century, when reinforced concrete progressively replaced brick
and stone masonry. Nevertheless, many masonry bridges are still in use today and they
represent essential infrastructures for the European road and railway networks. In recent
years, due to their key role and uncertain state of preservation, masonry bridges have received
increasing attention from the scientific community, resulting in a series of experimental
investigations and numerical studies (see e.g. [1-3]). Furthermore, as all historical
constructions, masonry bridges are affected by numerous uncertainties related to material
properties and construction details: when neither the original blueprints nor the
documentations on repairs and interventions are available, extensive experimental surveys are
needed to retrieve the actual internal morphology of the bridge (i.e. backing arrangement or
effective thickness of arches).
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In this context, documentary research and limited material tests, together with Operational
Modal Analysis (OMA) and Finite Element Model Updating (FEMU), can be applied to
reduce uncertainties and contribute in establishing a reliable numerical model. The paper
summarises the investigations carried out on the Olla bridge, involving the following steps: (i)
documentary research, (ii) geomatic survey, (iii) minor destructive and ambient vibration tests
and (iv) FE modelling and updating.
2 THE OLLA BRIDGE
The Olla bridge (Ponte dell’Olla in Italian, Fig. 1a) is a multi-span masonry arch bridge
built in the second half of the 19th century over the Stura river. It carries the State Route no.
21 (SS21, i.e. the roadway connecting the city of Cuneo with the French border) between the
municipalities of Gaiola and Borgo San Dalmazzo in the northwest part of Piedmont, Italy.
Due to its localisation, the bridge has a strategic role for the economy of the area since it is the
only entry to the Stura di Demonte Valley for trucks and commercial vehicles.
The structure is approximately 117 m long and has a maximum height over the river of
about 42 m. It is composed of five masonry arches, symmetrically distributed, with spans of
10, 20, and 25 m, respectively. Piers and abutments are in a good quality ashlar stone masonry
while arches and spandrel walls are in brick masonry. The documentary research started in the
archive of the local Authority that was responsible for the design (the Genio Civile) but the
original drawings were not found. Therefore, various construction details on the internal
morphology of the structure were initially assumed according to historical construction
handbooks and then eventually modified in establishing the FE model.
2.1 Geometry survey
In order to obtain a complete representation of the existing structure, a topographic survey
was performed in September 2018 [4] using a total station (Leica TCRA 1203) and a laser
scanner (Leica C10). Hence, the survey relied on different techniques, integrating local and
global measurements, ensuring a 360° coverage of the bridge complexity. The 3D model
resulting from point clouds (Fig. 1b) was used to extract a series of 2D drawings from which
the FE model was developed. It is worth noting that once a point cloud is available, it is
possible to extract an unlimited number of 2D sections for future applications.
(a)

(b)

Figure 1: The Olla bridge: (a) View from the Stura river; (b) 3D model from the geomatic survey [4].
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2.2 Historical background
Firstly, the historical analysis focused on the research of the original blueprint of the Olla
bridge at the State Archive of Cuneo: unlikely, this first phase did not bring to any result.
Consequently, the focus moved to the general history of the roadway to which the bridge
belongs, examining the maintenance reports of the Ministry of Public Works [5] and the
history of a tramway that was passing on the bridge in the first half of the 20th century [6].
The first record regarding the existence of a bridge called “Olla”, between the small towns
of Gaiola and Borgo San Dalmazzo, dates back to the 18th century. In that period and for one
more century, the main route from the valley to the city of Cuneo was not crossing the river,
so that the bridge served just as a secondary connection. In 1857 [5] – a few years before the
proclamation of the Italian Kingdom – the road between Borgo San Dalmazzo and the French
border was declared of national importance and a large project of renovation started,
involving the construction of a new Olla bridge. The new structure was completed in 1887 [5]
shortening the road and removing the difference in altitude caused by the older single-span
masonry bridge (Fig. 2a). The design was carried out by the local chief engineer of the Italian
Royal Corps of Genio Civile (public works office), Giovanni Delfino [6].
In 1912 the construction of a steam tramway between Borgo San Dalmazzo and the Stura
valley was approved by the National Authority, completing the existing part that was starting
from Cuneo [6]. The rails were installed in the downstream side of the bridge deck, and the
tramline worked until 1948 [6], with some interruptions during the war periods.
During the Second World War, the old and the new Olla bridge were heavily damaged
(Figs. 2b and 3): according to Taricco [6], both structures were detonated by the partisans on
July 13th, 1944 to isolate the valley from the German army. The most recent bridge was
repaired starting from September 1945 [6] but no specific records were found on the
execution of the intervention. Regarding the older Olla bridge, it was abandoned, and the
remains of the abutments are still visible nowadays (Fig. 1a).
In conclusion, the documentary research revealed the construction period and the Authority
that was responsible for the design, as well as the collapse of the central arch with numerous
historical pictures. Nevertheless, a large number of missing information regarding the
structural details remain unsolved.
(a)

(b)

Figure 2: Historical views of the investigated structure before (a) and after (b) the damages of 1944 [6].
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(a)

(b)

Figure 3: Views of the damages occurred in 1944, before (a) and after (b) the complete detachment of the
collapsed arch.

2.3 Structural details and internal morphology
Evaluating the contribution of backing and spandrel walls to the load-bearing capacity of a
masonry bridge is often a complex task. The structural role of these elements can vary
substantially according to their geometric arrangement and material characteristics.
To overcome the missing knowledge on structural details and internal morphology, the
following steps were taken: (i) assuming a geometrical configuration (height and inclination
of the backing and thickness of the spandrel walls) according to contemporary construction
handbooks and similar projects, (ii) verifying some of those assumptions with a limited
number of coring tests, and (iii) including the material property of the backing among the
updating parameters in the FEMU procedure.
In the case of Olla bridge, the well-known construction handbook of Curioni [7], published
in 1873, and the projects of masonry viaducts published on the Journal of Public Works
(Giornale del Genio Civile [8]) were adopted as reference. This choice was motivated by both
the time of publication and the geographical proximity, suggesting a remarkable affinity with
the investigated bridge. Generally, when the distance between the arch and the deck was quite
high, the thickness of the spandrels had a variable section, wider near the arch [7]. In addition,
the height of the backing – in the pier axis – was equal to 2/3 of the arch radius [7] but it can
variate considerably according to the designer. Fig. 4 shows two examples of masonry
viaducts published in [8] with a backing height almost equal to arch radius.
Furthermore, from the historical pictures taken after the collapse of the central arch (Fig. 3)
it is possible to verify the presence of a solid backing that prevented the overturning of the
central piers from the unbalanced trusts coming from the lateral arches (both with spans equal
to 20 m). Regarding the collapse mechanism, it is worth noting that: (i) at first the arch did not
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collapse in the ideal skewback at the end of the pier (Fig. 3a), while (ii) subsequently the
remaining part of the arch on the Gaiola side collapsed separately in respect to the backing
(Fig. 3b). These observations underline the importance of better understanding the role of
backing and spandrels in the structural response of the Olla bridge.
(a)

(b)

Figure 4: Historical drawings (1879) of the railway viaducts of Zoagli (a) and Sori (b) [8].

3 EXPERIMENTAL SURVEY
The experimental survey conducted on the Olla bridge included Ambient Vibration Tests
(AVTs) and Minor Destructive Tests (MDTs). Particularly, the AVT was performed with the
objective of identifying the modal parameters of the structure (i.e. natural frequencies and
mode shapes) and verifying their time invariance. Subsequently, the identified frequencies
were used to correct the numerical model of the bridge within a FEMU procedure. The MDTs
consisted in a limited number of coring tests with the aim to obtain information on the
effective thickness of arches and spandrels and material type for the fill. Due to the limited
extension of the core drill machine, no information on the backing was obtained.
3.1 Ambient vibration tests and modal identification
The AVT was conducted on July 31st, 2018 with one lane open to traffic; the acceleration
responses of the bridge were measured in 11 selected points belonging to the downstream side
of the deck. As represented in Fig. 5a, the sensor layout was designed to guarantee a complete
representation of the lateral mode shapes (11 transversal sensors), and a partial reconstruction
of vertical and longitudinal ones, deploying 3 vertical sensors placed in the centre of the
major arches, where the maximum modal displacements were expected.
During the test the following devices were used: (a) an acquisition laptop; (b) a multichannel acquisition system with 4 NI9234 modules (24-bit resolution, 102 dB dynamic range
and anti-aliasing filters); (c) 14 WR731A piezoelectric accelerometers (10 V/g sensitivity and
±0.50g of peak acceleration); (d) 14 power unit amplifiers (WR P31). The amplifiers were
aimed at enhancing the performance of the acquisition chain, providing a constant current to
power the internal amplifier, signal amplification and selective filtering. The sampling
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frequency adopted was equal to 200 Hz, which is more than enough for the considered
structure whose dominant frequencies are below 10 Hz. Therefore, low pass filtering and
decimation were applied to down-sample the data to 40 Hz, obtaining a Nyquist frequency of
20 Hz. The acquired data were then divided in 4 dataset of 2400 s to verity the invariance of
the identified modal parameters over the testing time.
The extraction of the modal parameters was performed by applying three well-known
algorithms: the Frequency Domain Decomposition (FDD [9]), the data-driven Stochastic
Subspace Identification (SSI-data [10]) and the Covariance-based Stochastic Subspace
Identification (SSI-Cov [10]). The first two techniques are available in the commercial
software ARTeMIS [11] whereas the third one was developed in a previous research [12].
Overall, 5 lateral and 3 vertical vibration modes are identified in the frequency range of 010 Hz. Figure 5b shows the first singular value (SV1) lines obtained by applying the FDD
technique to the vertical (blue curve, V) and lateral (red curve, L) signals collected in one
dataset (dataset 1). The first three peaks in the SV1 lat. curve – corresponding to lateral modes
L1, L2 and L3 – are associated with smaller peaks in the SV1 vert. curve, that refers to the
vertical direction. Conversely, the other local maxima (corresponding to modes V1, V2, L4, L5
and V3) are associated with a unique dominant component of motion.
(a)

(b)

Figure 5: (a) Sensors layout during the AVT (dimensions in m): the red and blue dots refer to transverse and
vertical sensors, respectively; (b) Comparison between the first singular value lines of lateral (SV1 lat.) and
vertical (SV1 vert.) responses and identification of modal frequencies (dataset 1).
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The application of different output-only techniques (i.e. FDD, SSI-data and SSI-Cov) to
the different datasets resulted in remarkably consistent natural frequencies and mode shapes,
suggesting the invariance of the dynamic behaviour of the structure over the testing time. It is
worth mentioning that during the test, the traffic on the open lane was quite intense. To
exemplify the low variations of natural frequencies, the identification of lateral modes (SSICov) in four different datasets are reported in Tab. 1 and Fig. 6. Furthermore, the identified
mode shapes are shown in Fig.7.
Table 1: Natural frequencies identified (SSI-Cov) in 4 different datasets (lateral modes).
Mode
No. Type
1
L1
2
L2
4
L3
6
L4
7
L5

fSSI-Cov (Hz)
Dataset 1
2.613
3.832
5.777
7.213
8.971

Dataset 2
2.604
3.835
5.802
7.223
-

Dataset 3
2.619
3.839
5.780
7.239
8.993

Dataset 4
2.641
3.836
5.808
7.224
9.012

Mean (Hz)
2.619
3.835
5.792
7.225
8.992

(a) Dataset 1

(b) Dataset 2

(c) Dataset 3

(d) Dataset 4

St. dev. (Hz)
0.013
0.003
0.013
0.009
0.017

Figure 6: First singular values line (FDD) and alignments of stable poles (SSI-Cov) of different datasets:
(a) dataset 1; (b) dataset 2; (c) dataset 3; (d) dataset 4.
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Mode L1: fAVT = 2.619 Hz

Mode L2: fAVT = 3.835 Hz

Mode V1: fAVT = 4.541 Hz

Mode L3: fAVT = 5.792 Hz

Mode V2: fAVT = 6.628 Hz

Mode L4: fAVT = 7.225 Hz

Mode L5: fAVT = 8.992 Hz

Mode V3: fAVT = 9.033 Hz

Figure 7: Identified vibration modes (L = dominant lateral, V = dominant vertical).

3.2 Coring tests
The coring tests on the Olla bridge were executed in Autumn 2018. Six coring samples
were taken from the following elements: 2 on the arches, 2 on the spandrels and 2 on the
deck. The tests revealed that the arches are constituted only by brick masonry while the
spandrels are a mixed of stone and brick masonry. The thickness of the asphalt, over the fill,
is equal to 20 cm.
4 FINITE ELEMENT MODELLING AND UPDATING
The structural contribution of spandrels and backing is often not clear and hard to
determine. Therefore, the standard approach in modelling masonry bridges considers the
arches as the main load-bearing structure [1], neglecting the role of the other parts that form
the deck (spandrels, backing and fill).
In a previous study [13], a simplified model was developed for the Olla bridge to clarify
the contribution of non-structural components in the bridge dynamic response under
operational conditions. The simplified model emphasised the importance of considering the
stiffening effect given by the elements above the arch. Nevertheless, due to the simplified
nature of the model it was impossible to match both lateral and vertical response.
Consequently, the three-dimensional FE model herein presented reproduces as closely as
possible the actual geometry of the bridge. Therefore, the spandrel walls, backing and fill
have been modelled along with arches, abutments and piers; the material properties of each
structural element are updated according to the adopted system identification procedure and a
perfect connection between the different components is assumed.
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Figure 8: FE model of the Olla bridge with the indication of different materials.

The 3D model was developed with the FE code ABAQUS using the ten-node tetrahedral
elements (C3D10). A relatively large number of elements were employed to obtain a regular
distribution of masses, a good description of geometrical details, and to avoid frequency
sensitivity to mesh size. Overall, the numerical model consists of 45604 tetrahedral elements
with 211818 degrees of freedom and an average mesh size of 1.15m (Fig. 8).
Once the geometry of the numerical model is established, the selection of the structural
parameters to be updated is the next key issue. To prevent the ill-conditioning of the inverse
problem and to improve the robustness of the updated parameter estimates, the following
aspects were considered: (i) the number of updating variables was kept smaller than the
experimental parameters used as targets; (ii) only the uncertain structural parameters were
updated; (iii) the sensitivity of natural frequencies to the different parameters was checked
and low-sensitivity structural parameters were not updated.
Overall, 8 regions with constant material properties were identified based on visual
inspections and coring tests (Fig. 8): (1) piers and abutments; (2) the central arch
(reconstructed in 1945); (3) lateral arches; (4) spandrels; (5) base of central piers; (6) backing
over the abutments and the lateral piers; (7) backing over the central piers (partially
reconstructed in 1945); (8) fill.
In addition, the following assumption were adopted: (a) the effect of soil-structure
interaction was neglected, (b) all the materials were considered isotropic with constant mass
density and Poisson’s ratio (see Tab. 2), (c) the spandrels were assumed 1.0 m thick, and (d)
the Young’s modulus of fill material was not adjusted due to its low sensitivity. In view of the
clear presence of superficial rocks at the river level, the base nodes of piers and abutments
were assumed pinned. Similarly, the longitudinal translation of the abutments was restrained.
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Mode L1: fFEM = 2.618 Hz

Mode L2: fFEM = 3.834 Hz

Mode V1: fFEM = 4.540 Hz

Mode L3: fFEM = 5.780 Hz

Mode V2: fFEM = 6.625 Hz

Mode L4: fFEM = 7.218 Hz

Mode L5: fFEM = 8.997 Hz

Mode V3: fFEM = 9.088 Hz

Figure 9: Lateral (L) and vertical (V) vibration modes of the optimal (updated) FE model.
Table 2: Summary of the identified structural parameters (* indicates the non-updated parameters)
Assumed properties
No.
1
2
3
4
5
6
7
8

Structural elements
Piers / abutments
Central arch
Lateral arches
Spandrels
Base of central piers
Backing lateral piers / abut.
Backing central piers
Fill *

ν (-)
0.15
0.15
0.15
0.15
0.15
0.15
0.15
0.3

3

γ (kN/m )
20
17
17
19
21
18
18
16

Base model

Refined model

E (GPa)
16.50

E (GPa)
16.10
7.73
3.23
16.85
27.49
1.38
4.56
0.30

4.50
15.00
22.00
2.00
0.30

Table 3: Comparison between experimental (SSI-Cov) and numerical frequencies.
Mode
No. Type
1
L1
2
L2
3
V1
4
L3
5
V2
6
L4
7
L5
8
V3
DFave (%)
DFmax (%)

Exp. (SSI-Cov)
fAVT (Hz)
2.619
3.835
4.541
5.792
6.628
7.225
8.992
9.033
-

Base model
fFEM (Hz)
DF (%)
2.56
2.2
3.83
0.3
4.53
0.2
5.80
-0.2
6.14
7.4
7.45
-3.2
9.17
-2.0
8.64
4.3
2.46
7.35
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Updated model
fFEM (Hz)
DF (%)
2.621
-0.07
3.828
0.18
4.541
-0.01
5.793
-0.02
6.629
-0.02
7.225
-0.01
9.044
-0.57
9.062
-0.32
0.15
0.57
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An initial FE model (Base model) was developed to check the similarity between
experimental and numerical modal parameters. As shown in Tab. 2, the Young’s modulus of
arches and backing was assumed equal to 4.5 GPa and 2.0 GPa respectively. Tab. 3 illustrates
the imperfect correlation with the experimental results, showing a maximum frequency
discrepancy (DF) of 7.4%. However, the one-to-one correspondence of the experimentalnumerical modes seems to provide a sufficient verification to the main model assumptions.
The adopted FEMU procedure was implemented in MATLAB environment and it is based
on the Douglas-Reid method [14] with the Particle Swarm Optimisation (PSO) algorithm: the
updating parameters are iteratively corrected in a constrained range until a stable minimum
solution for an objective function is found. Particularly, the following objective function was
adopted:

100 n fi AVT  fi ( x )
J ( x) 
(1)
 f AVT
n i 1
i
where fiAVT are the i-th experimentally identified natural frequency and fi(x) are the i-th
polynomial approximations [14] of the numerical natural frequencies, expressed as functions
of the x updating parameters.
Tab. 2 lists the optimal estimates of the uncertain parameters of the model. The differences
between the elastic moduli of the central and lateral arches, as well as the one of the backing,
are motivated by the different years of construction: as shown by the historical analysis, the
central arch was rebuilt in 1945. As demonstrated by the coring tests, the spandrels are made
of bricks externally and stone internally, justifying the high values elastic modulus obtained.
Finally, the base of the central piers is built in a better-quality stone masonry in respect to the
rest of the piers and, moreover, the optimal elastic modulus conceivably accounts for the
stiffening effect provided by the compacted soils surrounding the piers.
5 CONCLUSIONS
The paper focuses on the OMA-based structural identification based of the Olla bridge of
Gaiola, Piedmont region, northwest Italy. The occasional brick fall from one of the arches had
caused concerns on the state of preservation of the structure by the local Authorities,
motivating the following research programme. The investigations included documentary
research, geometric survey, minor destructive and ambient vibration testing, and FE
modelling and updating. The following conclusions can be drawn:
1) The documentary research revealed the construction period and designer, along with a
series of historical pictures of the collapsed central arch in 1944;
2) During the AVT, performed with one line open to traffic, 5 lateral and 3 vertical
vibration modes were identified in the frequency range of 0-10 Hz;
3) Notwithstanding the initial model represented accurately the geometry retrieved from
geomatic survey, a relatively poor correlation with the actual structural response was
obtained (DFave = 2.46%, DFmax = 7.35%);
4) On the contrary, as shown in Fig. 9, applying the developed FEMU procedure and
considering the effects of the reconstruction of 1945, an excellent correlation with the
experimental results was obtained (DFave = 0.15%, DFmax = 0.57%), highlighting the
importance of backing and spandrels in the dynamic response of masonry bridges.
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To complete the structural assessment of the Olla bridge, a full-scale load tests and
additional minor-destructive and non-destructive tests on materials should be performed in
near future.
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Abstract. Churches are part of heritage structures that take an important role in Europe´s
cultural identity. As such, these structures must be protected to prevent catastrophic collapse
and any damage must be reported timely to establish planning to maintenance and restoration.
This can be achievable when the churches are monitored periodically with regular intervals.
However, this monitoring strategy has not been available in most of the Europe’s churches for
a number of reasons, complexity of the structures and limited budget are just two of them. Laser
scanning has been widely used in capturing rich three-dimensional (3D) topographic data of
visible surfaces of a structure with high accuracy. This paper presents a methodology to
determine the shape and possible deviation from verticality of the church’s tower for
monitoring deformation using a terrestrial laser scanner. The 500-year old wooden tower of
St. Bavo Church in Haarlem, Netherlands is selected as a case study. First, point clouds of the
tower captured from different views are registered into the same coordinate system. Second, a
RANSAC method is employed to extract point clouds of a whole façades of the tower. Next, a
point and surface-based method is proposed to compute the deformation of the surface from its
data points. The results indicate that there is slightly different deformation between the tower
facades in the same story and in neighbour stories. Moreover, the maximum total relative
deformation at Story 7 of the tower by 0.63m.
1

INTRODUCTION

Monitoring of structures is becoming an important task allowing to discover deficiencies,
movements, rotations and any time related effects, allowing to better protect the structures and
to predict and prevent possible adverse events. Common methods are based on measured signals
from sensors (e.g. accelerometers, deformometers) or on measured discrete points by using
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digital levelling and total stations. However, for heritage structures, non-contact methods are
preferable because of cultural value restrictions, that prohibit any structural alterations. By
using traditional surveying equipment (e.g. digital levelling, total station), resulting
deformations of structures are based on a point-wise approach. This requires high accuracy of
the measuring devices. However, with such methods, as often only a few points on the structure
can be measured, the deformation may not fully reflect the actual condition of the structure. As
such, assessment results must only be interpreted by experienced inspectors.
Laser scanning has appeared as one of the best available technologies to capture details of
structures’ surfaces quickly, efficiently and accurately. The accuracy of a single point that can
be achieved is about a millimetre, whereas it can be up to a centimetre for registered points
coming from multiple scanning stations. Laser scanning has been widely used in various
applications, e.g. finite element mesh generation [1], structural assessment [2, 3] and
deformations [4]. In terms of using laser scanning for deformation measurements, the accuracy
of registered points may not fully satisfy the requirements, but surface-wise methods are often
used to determine the surface deformation based on a point cloud of the surface. Such
approaches can compensate the accuracy of the point cloud by exploring correlations between
the points, which allows to define an extent of a (surface) deformation or a surface anomaly in
an accurate and reliable way [5]. In this paper, a methodology is presented to measure
deformations of the wooden tower of St. Bavo Church in Haarlem, the Netherlands, by using
terrestrial laser scanning data. Main challenge of this study is that the long-term behaviour of
the wooden tower has resulted in non-uniform deformations in the entire structure, which
requires to determine deformations of individual surfaces. Moreover, as complexity of the
tower’s geometry is high, exterior planar surfaces of the tower are difficult to extract from
massive point clouds.
2 RELATED WORKS
Laser scanning has been commonly used to capture surfaces of structural components for
structural engineering’s purpose, e.g. deformation measurement, surface damage detection and
finite element generation. A systematic overview of a wide range of applications of laser
scanning in heritage and civil structures was recently published at [6]. This survey is restricted
to deformation measurements of the heritage structures.
González-Aguilera el at. [7] measure deformation of the Mediaeval Wall of Avila (Spain) by
analysing a point cloud of the wall acquired by a Trimble GX200 laser scanner. Surfaces of the
wall are extracted by using a planar surface fitting and then multiple vertical and horizontal
cross-sections of the fitted surfaces are used to determine wall deformation between different
epochs. Also using a surface-based method, in measuring deformation of the Garisenda and
Asinelli towers in Bologna (Italy), Pesci et al. [8] propose two reference surfaces, which are (i)
the vertical surface through the base of the towers, and (ii) the best fitting plane of a point cloud
of a surface. Deformation is herein the distance from the points to the reference points.
Additionally, Bonali et al. [9] determine deformation of the Cantalovo church (Italy) as
distances from point clouds to surfaces to its fitting primitive.
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In measuring deformations of the Asinelli tower in Bologna, Bertacchini et al. [10] slices the
point cloud of the tower in the elevation direction at an interval 10cm and computes the centroid
of each horizontal slice, which is considered as the point of a barycentre axis for determining
deviation from verticality (out-of-plumb) of the tower [10]. Similarly, Bhadrakom and
Chaiyasarn [11] reconstruct the central line of a tower of the Ayutthaya temples (Thailand) by
measuring a tilt angle. A point cloud of the tower is separated in multiple horizontal slices along
elevation. As the tower shape is a cylinder, the center points of the horizontal slice are
determined as the centre of a fitting cylinder. The strategy using a central line to determine a
deformation is also applied by Muszynski and Milczarek [12] when they measure the
inclination of chimney’s axis.
Although those methods can determine deformations of historic structures, they still have some
drawbacks. First, methods-based fitting surface through all points of the façade may not be
applicable for structures subjected to non-linear or multi-linear deformations along the
elevation of the façade. Moreover, using the best fitting surface as the reference surface may
include an error of data acquisition and registration, and existing damage in the surface, which
lead to relative low accuracy of the reference. Second, using a point cloud of horizontal slices
to determine the central line is applicable only when the data points cover major surfaces of the
section. In addition, when a small damage is available on the cross-section, a change of the
centre point compared to one from an undamaged cross-section may not be detected because
the centre point determination is dominated by a large amount of the points on an undamaged
area. Moreover, when the structure is subjected to a large deformation, the horizontal slice is
not perpendicular to the central line of the structure, which means the centre points of the
horizontal slice is slightly offset the centre line. Therefore, this paper proposes a point and
surface-based method to analyse a point cloud of a wooden tower of a heritage church to
monitor its deformation.
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a) A 1:25 scale of the timber frame

b) A photo of the tower

Figure 1. The wooden tower of St. Bravo church in Haarlem, The Netherlands

3 CASE STUDY
The St. Bavo church in Haarlem, Netherlands was built in 1370 and completed in 1520, with
a total height of 49m excluding the tower [13]. The church was made from stone while the
European Oakwood was used to build the current tower, which exterior surfaces of the tower
were covered by the lead cladding. Figure 1 shows a skeleton and exterior texturing surfaces of
the wooden tower. The skeleton model was made based on hand measurements.
4 PROPOSED METHODS
A goal of this study is to determine the shape and possible deviation from verticality of the
wooden tower of the St. Bavo Church, which is then used for monitoring its deformation. The
proposed method consists of 3 steps as shown in Fig. 2. Step 1 and 2 extract point clouds of
surfaces representing octagon facades of the tower, which are done using as-built tools in
software, while the proposed automatic algorithm is developed to compute deformation of each
surface of the tower (Step 3).
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Figure 2. Proposed workflow for deformation measurement

4.1 Data acquisition
Geometric data of exterior surfaces of the tower are acquired by a Leica ScanStation P40 on
Feb. 2019. This scanner was selected because it can capture visible surfaces at high details
quickly and accurately from a long distance. A Leica ScanStation P40 has a maximum scanning
range at 270m and an angular accuracy of 8 seconds of arc in both vertical and horizontal [14].
However, due to the complexity of the church itself and a limited budget, only parts of the
exterior surfaces of the tower could be captured from the ground level. During data acquisition,
a sampling step of 0.8mm at a range of 10m was used, which translates to an average sampling
step of 6.2mm on the surface for an average scanning distance of 55.5m from the ground level.
A total of 10 scanning stations was established to maximize data coverage (Fig. 3a). A total of
57.64 million acquired points represent the tower.
To register point clouds from 10 scanning stations, 4.5inches circular black-white artificial
targets were used as mutual references between 2 scanning stations. The registration process
was done within the Leica Cyclone software [15] with the registration error about 5mm.
However, during data acquisition, although only parts of the tower was selected to capture, the
overlap between scans from different stations and irrelevant surfaces are often available. As
such, irrelevant surfaces were manually cleaned within the Leica Cyclone software [15].
Moreover, point density is linear proportional to the scanning range, which can cause a negative
impact on surface extraction because of un-even point distribution. In addition, as dense data
points in overlap areas may not be necessary in determining deformations, the point cloud is
down-sampled with the distance between two adjacent points of no more than 5mm, which also
reduces intensive computation in data processing. This reduced the initial scanning data set
from 57.64 million points to 22.44 million points. Finally, the point cloud in the scanning
coordinate system (Fig. 3b) is translated to a tower coordinate system (Fig. 1a), which means
the elevation of the story-based point cloud matches the elevation on the sketched skeleton
model (Fig. 1a).
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a) Locations of the scanning stations

b) A point cloud of the tower

Figure 3. Data acquisition for the tower of the St. Bravo Church

4.2 Segmentation
Well-known segmentation methods for point clouds are region growing-based methods [16,
17] and Random Sample Consensus (RANSAC) methods [18]. However, as region growing
based methods are time consuming and difficulty to select appropriate parameters to segment
surfaces of the complex structures like this tower, the RANSAC method efficient in extracting
planar surfaces is selected in this study. The RANSAC method starts randomly to select a
number of points to generate a hypothesis close to a truth geometric model, and the hypothesis
is then evaluated based on the number of inlier points, which are the points having an error,
which is commonly Euclidian distance, less than a threshold. The final estimation model is the
model having the largest number of the inlier points.
As the tower is made from wood, its behaviour may not be fully rigid. That implies a
deformation of each surface/facade in each story and of each story are different. As such,
surfaces on the octagon façades of each story are needed to extract. However, if the RANSAC
method is applied on the data set of the tower, the desired results may not be obtained because
the point clouds of different stories may impact to evaluate a local surface of a façade.
Moreover, using the point cloud of the tower as a whole input data for segmentation is
unnecessary since in this case the RANSAC method must process a large data set to extract the
façade surfaces.
As such, the point cloud of each story is first manually extracted based on the elevations of the
bottom and top of the story (Fig. 4a), and then the point cloud of each façade for each story was
manually separated through the columns between the facades (Fig. 4a and b). This work was
done within CloudCompare software [19]. Notably, although this work is manually, it does not
affect the façade surface extraction. Finally, the RANSAC method proposed by Schnabel et al.
[18], which is implemented in CloudCompare [19], is selected to extract planar surfaces. The
segmentation is required to define three important input parameters: (1) the minimum number
of points to define the final model - min_ptc, (2) the maximum distance from the point to the
model max, and (3) the deviation of points’ normal vectors to the model normal at the points -
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. These values are respectively pre-defined as 300 points, 0.01m and 5 degrees. Although the

RANSAC method can extract planar surfaces efficiently, a resulting segment may contain
several objects’ surfaces, so-called spurious surfaces. This issue can be eliminated by
implementing a connected component labelling [20] to cluster the points of the segment, in
which the distance between the points in the cluster is no larger than 0.2m. The final resulted
segments for each façade for deformation measurement are shown in Fig. 4c.

a) Point clouds after
registration and cleaning

b) Point cloud of Story 6 (top) and its
façades after separation (bottom)

c) Resulting segmentation
from RANSAC method

Figure 4. Extracting a point cloud of facades’ surfaces

4.3 Deformation measurement
As the tower is made from wood, a deformation of each surface/facade in each story and of
each story can be different because connections between elements are not rigid. In this study,
the deformation of the tower computed from the point cloud is based on following assumptions:
(1) an un-deformed or initial surface is the perfectly vertical surface, (2) a segmented surface
represents the façade surface, (3) the deformation of the tower is herein defined as the out-ofplumb of the vertical surface and (4) the deformation is a relative deformation respecting to the
bottom story or the bottom of Story 5. The schematic diagram for computing relative
deformation of the surface at each story is shown in Fig. 5.
From the point cloud of the segmented planar surface, a fitting surface is estimated using a
principal component analysis [21], in which the normal vector of the surface is the eigen-vector
(n1 = (n1.x, n1.y, n1.z)) corresponding to the smallest eigen-value determined from a covariance
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matrix (Eq. 1).
𝐶𝐶 = ∑𝑁𝑁
𝑖𝑖=1(𝑝𝑝𝑖𝑖 − 𝑝𝑝0 )(𝑝𝑝𝑖𝑖 − 𝑝𝑝0 )

𝑇𝑇

(1)

where p0 is the centroid point computed from the points P = {pi  R3 | i = [1,N]}

Figure 5. Schematic diagram for estimating deformation

The fitting plane S1 can describe as the point P1 = (x1, y1, z1) and the normal vector n1. Based
on the assumptions above, an initial or undeformed surface S0 of the façade is the vertical
surface through an intersection between the fitting surface and the horizontal bottom surface
(Sbottom) of the story (Fig. 5). The process starts to determine the intersection line (L) between
S1(P1, n1) and Sbottom (P’0, nz), where P’0 = (x1, y1, z0), nz = (0,0,1), and z0 is the elevation of the
bottom story. Next, the initial or undeformed surface S0 is defined by the point P0 and the normal
vector n0, where P0 and n1 are the projection of P1 and n1 onto L and Sbottom, respectively.
To estimate the deformation, a vertical slope of each surface is calculated as given in Eq. 2.
𝑑𝑑(𝑃𝑃2 , 𝑃𝑃2′ )
(2)
𝐻𝐻
where d(P2, P’2) is the distance from the point P2 to S0, P2 is the projection of P1 onto the
intersection line between S1 and the horizontal top surface of the story, H is the height of the
story.
Next, point and surface-based methods for computing a relative deformation of the surface is
given as expressed in Eq. 3, which are distances from the data points of the segmented surface
to the undeformed surface S0(P0, n0).
𝑛𝑛0 . 𝑥𝑥 ∗ 𝑥𝑥𝑖𝑖 + 𝑛𝑛0 . 𝑦𝑦 ∗ 𝑦𝑦𝑖𝑖 + 𝑛𝑛0 . 𝑧𝑧 ∗ 𝑧𝑧𝑖𝑖 + 𝑑𝑑0
𝛿𝛿𝑟𝑟𝑟𝑟𝑟𝑟 = 𝑑𝑑(𝒑𝒑𝑖𝑖 , 𝑆𝑆0 ) =
(3)
√𝑛𝑛02 . x + 𝑛𝑛02 . y + 𝑛𝑛02 . z
where P = {pi  R3 | i = [1,N]} are the point cloud of the façade surface and 𝑑𝑑0 = 𝑛𝑛0 . 𝑥𝑥 ∗ 𝑥𝑥0 +
𝑛𝑛0 . 𝑦𝑦 ∗ 𝑦𝑦0 + 𝑛𝑛0 . 𝑧𝑧 ∗ 𝑧𝑧0 . For the surface-based method, pi is the point on the fitting surface S1.
∆𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 =

Finally, cumulative relative deformation (cumrel,i) of Story i is calculated according to Eq. 4.
(4)
𝛿𝛿𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐,𝑖𝑖 = 𝛿𝛿𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐,𝑖𝑖−1 + 𝛿𝛿𝑟𝑟𝑟𝑟𝑟𝑟,𝑖𝑖

where cumrel,i-1 is the cumulate relative deformation-based surface at Story i-1, and rel,i is the
relative deformation from the point- or surface-based methods of Story i.
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4.4 Results and Discussions
As exterior surfaces of the tower are captured by laser scanning, geometric data of the tower
skeleton is not available. Based on dimensions from the skeleton models and point clouds of
exterior facades of the tower, in this data acquisition, only data points representing the exterior
surfaces of Story 5 to Story 7 are available. Vertical slopes of facades are illustrated in Fig. 6,
in which the absolute vertical slopes vary from 0.26% (Façade 2) to 3.21% (Façade 8) for Story
5, from 0.12% (Façade 2) to 3.66% (Façade 8) for Story 6, and 0.44% (Façade 2) to 3.73%
(Façade 8) for Story 7. Even though in the same story, the vertical slopes of two opposite
facades are different. For example, in Story 5, the vertical slopes of Façade 3 and 7 are
respectively -1.36% and 2.47%. Moreover, the slopes of the same facades in different stories
are also different, which can be seen when comparing the vertical slopes of Façade 7 are 2.47%,
3.04% and 1.81% for Story 5, 6 and 7. From resulting vertical slopes, it can conclude that the
shape of the stories are not in line and each story is slightly tilted compared to the neighbour
stories.
Relative deformation from the point-based method is illustrated in Fig. 7a. Large relative
deformation is found in Story 5, with values varying from -0.24m to 0.41m outward and inward
to the towers´ central line, respectively. For other stories, the relative deformation is not more
than -0.22m outward and 0.25m inward. Additionally, cumulate relative deformation shows
that the largest deformation of the tower is up to 0.59m and -0.64m inward and outward the
tower central line, respectively (Fig. 7b). As the deformation from the point-based method
computed from the points of the fitting surface S1, it does not reflect overall deformation of the
facades or the tower. Therefore, the deformation of the facades can be seen through the
cumulate relative deformation from the surface-based method (Fig. 8). Except for Façade 2 and
6, other façades are subjected to a large deformation. The maximum cumulate relative
deformation is 0.51m inward and -0.63m outward of the tower central line. Moreover, the
cumulate relative deformation also illustrate that deformation of the tower is not following a
linear relationship, for example, in Façade 8, the cumulative relative deformation from the
bottom of Story 5 and the top of Story 7 is respectively 0.0m, -0.41m, -0.22m, and -0.38m.
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(*)

Note: (i) Negative slopes mean facades deformed inward to the tower central line and vice-versa;
(ii) Continuous lines represent the fitting surface while dashed lines are extrapolation surfaces
Figure 6. Vertical slopes of Facades

a) Relative deformation-based point
(*)

b) Accumulate relative deformation-based point

Note: Negative values represent a relative deformation inward to the tower central line and vice-versa
Figure 7. Point-based relative deformation of the tower (*)
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A visualization check shows that the tower is clearly inclined in North-West direction, which
is completely in agreement with the resulted deformation estimated from the 3D point cloud.
Moreover, the last measurement in 2011 reported that the total displacement of the tower from
1898 to 2011 is about 32 cm. That implies the tower deformation is more than 2 times larger
than that of the last record. As the tower deformation is increased significantly in the last 8
years, it would recommend to monitor the tower’s deformation with higher frequency and
additional technique should be implemented to measure deformations of the entire tower.
However, the deformation of St. Bavo church’s tower is still smaller than that of Walfridus
church (Bedum, Netherlands) and San Bendetto Church (Ferrare, Germany), which total
deformations are of 2610mm [22] and 2530mm [23], respectively.

Figure 8. Cumulate relative deformation of the tower from a surface-based method

5. CONCLUSIONS
Heritage structures are delicate with environmental impact, which must be monitored with high
frequency and accuracy, but limited budget does not always allow to implement this strategy.
Using 3D Laser scanning to monitor cultural heritage structures could allow for a better
understanding of the state of the structure with respect to its shape and dimensions. This is a
fast and efficient technology and allows for extraction of data that can be used in structural
analysis. This paper presents a methodology to measure relative deformation of a wooden tower
of the St. Bavo Church in Haarlem, Netherlands. Surfaces describing the tower are extracted
from point clouds of octagon facades in each story by using a RANSAC method. Next, a
deformation of each surface is computed from point- and surface-based methods with the
assumption that an initial or undeformed surface is perfectly vertical. The results show that the
deformation of each façade in the same story and in different story are different and the large
deformation is found in Story 5 with a relative deformation about 0.41m outward the tower
central line. Moreover, a total relative deformation at the top of Story 6 is up to 0.63m outward
the tower central line, which is about 2 times larger than the last record in 2011 with a total
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deformation of 0.32m comparing to that in 1898. As a cost to measure deformation of an entire
tower is relatively low, a monitoring campaign can easily increase a measurement frequency to
identify anomaly response of the tower. Moreover, the permanent scanning can capture a
change of the tower in a specific interval time, which allows to report the deformation in nearly
continuously. However, in this case, only parts of the structure within the effective range of the
scanner can be measured.
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Abstract. The strong diffusion of Fiber Reinforced Cementitious Matrix (FRCM)
composites for the reinforcement of historic masonry constructions requires suitable
experimental techniques for assessing possible defects in the adhesion between FRCM and
masonry, and between FRCM layers. To this aim, in this paper, an innovative nonlinear
ultrasonic approach based on the Side-band Peak Count (SPC) technique is proposed. This
approach is discussed and validated through experimental tests made on tuff substrates
reinforced with FRCM mortars embedding a basalt fibers grid and having known artificial
defects at the adhesion between tuff and FRCM as well as in the fiber grid.
1 INTRODUCTION
In recent years, the development of suitable strengthening techniques for historic masonry
constructions has received increasing attention from research community. One of the main
motivations is the pronounced seismic vulnerability of the built heritage made of masonry.
Among possible strengthening materials, Fiber Reinforced Cementitious Matrix (FRCM)
composites have gained interest over the classical Fiber Reinforced Polymer (FRP)
composites since FRCM composites appear to be more compatible with historical masonries,
both from the technological and the structural point of view [1]. This is mainly due to the fact
that FRCM composites are based on a mortar matrix embedding high-strength long fiber grids
(Glass, Carbon, Basalt, etc.); as well as matrix containing short reinforcement fibers. It should
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be noted that the relatively low cost of FRCM reinforcements makes it possible to build
distributed reinforcements, that reveal to be much more effective than the localized ones (like
those built by FRP strips) in view of improving the overall structural performances of
masonry constructions.
A number of studies concern the interactions between FRCM composites and masonry, the
adhesion and the delamination of FRCM reinforcement from masonry supports, investigating
possible collapse modes and the overall structural capacity of the strengthened constructions,
both from the theoretical and the experimental point of view [2-3]. Anyway, the problem of the
detection of possible defects in the adhesion between FRCM and masonry and of the fiber
grids, formed during the application of the reinforcement or during the service life of the
construction, for example due to exceptional loads like earthquake actions, fire, etc., needs to
be further investigated. Indeed, these defects may strongly undermine the strength of the
reinforced construction. Thus, suitable experimental techniques must be developed.
On this issue the literature is rather limited, even if the field of application is widened to
include also the FRP reinforcements [4]. Here, an innovative non-linear ultrasonic technique is
proposed for detecting defects in the adhesion between FRCM composite layers and masonry
substrates.
Non-linear ultrasonic techniques may be very effective for detection of defects and damage
[5]
. Here the principle that is exploited for experimental evaluations is that defects act like an
active non-linear radiation source of new frequency components rather than passive scatters
as in the case of classical linear ultrasonic techniques [6]. Based on this, the Side-band Peak
Count (SPC) technique reprocesses results of ultrasonic guided wave tests by relating the
level of the non-linearity of the ultrasonic response, i.e., the damage, to the appearance of
additional minor components in the spectrum of the received signal [7].
Experiments performed on specimens made of masonry tuff substrates reinforced with
FRCM mortars embedding a basalt fiber grid and having known artificial defects allows for
discussing the proposed approach. In particular, those defects represent a small and a large
discontinuity in the adhesion between tuff and FRCM, and a small and a large discontinuity in
the fiber net. Experimental results show the effectiveness of SPC technique in detecting the
defects and allows for highlighting the influence of the defect dimensions on the variation in
SPC.
2 NON-LINEAR ULTRASONICS AND SPC TECHNIQUE
Acoustic (sonic and ultrasonic) Non-Destructive Testing techniques represent one of the
most important NDT approach for testing material and structures. The difference between
sonic and ultrasonic tests relies on the frequency of the acoustic waves employed in the
experiments, below 20 kHz for sonic tests, and above that frequency threshold for ultrasonic
tests. Sonic tests are suitable for very dispersive and/or very thick specimens but are
characterized by poor accuracy in the detection and localization of defects. On the other hand,
ultrasonic tests allow for a definitely better resolution and accuracy, but generally their
application to masonry constructions is strongly obstructed by the high attenuation of
ultrasonic waves [8].
Here the attention is given on ultrasonic tests, since the propagation material is represented
by FRCM layers, where the attenuation is not such that it would prevent the acquisition of
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signals with enough energy.
The traditional approach for ultrasonic tests, i.e., the classical linear ultrasonic approach, is
based on the analysis of so-called linear acoustic parameters like flight time (and,
consequently, wave speed), resonance frequency and attenuation of acoustic waves.
Ultrasonic waves are reflected and scattered by internal cracks; these phenomena can be
analyzed from the linear analysis of the interaction between the material defects and the
propagating elastic waves. Indeed, internal damage can be detected and characterized based
on the study of velocity and attenuation of elastic waves in the material.
However, the wave propagation-based linear ultrasonic techniques fail to detect small
defects, much smaller than the wavelength of the interrogating ultrasonic signals, or particular
kind of defects like those represented by localized discontinuities in the adhesion between
layers of multilayer materials.

Figure 1: Generation of higher harmonics due to the damage [9]

In order to overcome the above limitations, in recent years a lot of research works appeared
in the literature about non-linear acoustical/ultrasonic techniques. Nonlinear acoustical
techniques are based on nonlinear stress–strain relationship assumptions. A very important
aspect is that when two waves of different frequencies propagate through a linear material
their frequencies do not change. But, if the material is non-linear, then the interaction between
these two waves produces secondary waves having frequencies that are linear combinations of
the frequencies of the primary waves. Even when a wave of single frequency propagates
through a non-linear material new waves of higher frequency (higher harmonics) and lower
frequency (subharmonics) can be generated in the material. Figure 1 shows that if a signal is
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sent through a nonlinear material (in particular, due to an internal crack defect), in addition to
the fundamental frequency the higher frequencies (higher harmonics) - multiples of the
fundamental frequency - appear in the spectrum of the received signal.
Moreover, in a nonlinear system both resonance frequency and attenuation coefficient
change with the vibration amplitude.
Higher harmonic, subharmonic, and modulated waves can be effectively used for detecting
defects. Various non-linear ultrasonic techniques have been developed for internal defect
detection by efficiently using higher harmonic, subharmonic, and modulated waves. Indeed,
even tiny discontinuities or defects can produce detectable acoustic nonlinearity; the
detectability comes from the fact that defect-related nonlinearity is orders of magnitude higher
than the intrinsic nonlinearity of the intact material. Thus, nonlinear ultrasonics is very
sensitive to small defects like fatigue cracks, fiber debonding and delamination, and is very
interesting because the onset of the damage can be assessed in a very early stage.
Here, an advanced nonlinear ultrasonic technique is studied with reference to the analysis
of adhesion defects and delamination of FRCM reinforcements of masonry structures: the
Sideband Peak Count (SPC) technique which was proposed first in [10] for the analysis of
prismatic bars. SPC is based on the nonlinear interaction between different Lamb wave
modes: if the Lamb wave is generated by a broadband excitation then multiple Lamb modes
are generated and, if the plate material is nonlinear (this can be, for example, due to the
damage), then the interaction between these various Lamb modes can generate multiple
sidebands (see Fig. 2).

Figure 2: Generation of sideband peak due to the wave propagation through a damaged (nonlinear) medium [11]

In particular, the SPC technique is a feature extraction technique aimed at quantifying the
degree of nonlinearity in a damaged structure from its response to broadband pulse
excitations. The level of nonlinearity, related to the damage, is associated with the number of
peaks of the sidebands; in particular, the number of peaks above a suitably taken threshold
value is counted (see Fig. 3-a). It is also possible to gather information on the damage by
comparing the number of peaks of the sidebands above a threshold value for the initial
(undamaged) state and the current (damaged, nonlinear) state, i.e., by studying the SPC
difference: Figure 3-b highlights that the damaged specimen shows a significantly higher
number of frequency-domain peaks especially for low values of the threshold.
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For the representation of SPC results, usually diagrams of the SPC parameter (1), defined
as the ratio of the number of sideband (modulation) peaks Npeak over a moving threshold (th)
to the total peak number Ntot in the considered frequency domain, versus the amplitude of the
threshold are employed.
𝑆𝑆𝑆𝑆𝑆𝑆(𝑡𝑡ℎ) =

����� (��)
����

(1)

Figure 3: Illustration of the Sideband Peak Count (SPC) technique [11]

The example in Fig. 4, concerning the SPC response for a cracked material, shows that a thin
crack involves a much higher number of sideband peaks with respect to the undamaged
material. A thick crack might also be detected by the SPC technique, although the nonlinear
effect is less prominent in this case.

Figure 4: SPC response in case of thin or thick cracks [12]

SPC has been successfully applied in fields like inspection of concrete ageing, monitoring
of heat treatments of metals, detection of fatigue damage in metals, etc. [13]. It should be
emphasized that, although the data processing needed for SPC is different from that of
classical linear ultrasonic methods, the experiments can be performed by standard ultrasonic
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devices. Thus, SPC appears to be very interesting in view of practical applications, especially
in fields where only the use of simple instruments is allowed such as for monitoring the
strengthening of masonry constructions.
3 EXPERIMENTAL TESTS
The purpose of the experimental tests performed at “Laboratorio Ufficiale Prove Materiali
M. Salvati” of Polytechnic University of Bari is to study the capability of SPC nonlinear
ultrasonic technique for characterizing defects in FRCM reinforcements of masonry
constructions.
To this aim, 5 pairs of specimens consisting in a tuff support with a FRCM reinforcement
embedding a basalt fiber grid have been analyzed: 2 of them (labeled S1 and S2) are
undamaged; 2 specimens (labeled SDIA1 and SDIA2) present a discontinuity in the adhesion
of the FRCM layer obtained by interposing between tuff and FRCM a 20 mm wide scotch
tape (Fig. 5-a, above); 2 specimens (labeled SDIB1 and SDIB2) are similar to the previous
pair, except for the width of the discontinuity in the adhesion, obtained by a 30 mm wide
scotch tape (Fig. 5-a, below); for 2 specimens (labeled SDFA1 and SDFA2) a defect in the
fiber-mortar matrix interface is simulated by a small cut about 15 mm wide in the basalt fiber
grid (Fig. 5-b, above); finally, for 2 specimens (labeled SDFB1 and SDFB2) a defect in the
fiber-mortar matrix interface is simulated by a large cut about 30 mm wide in the basalt fiber
grid (Fig. 5-b, below).

b

a

Figure 5: Artificial damage in the specimens: a) small (20 mm) and large (30 mm) defect of FRCM-tuff
adhesion; b) small (15 mm) and large (30 mm) defect in the grid.

All specimens are prismatic, with dimension of the face to be reinforced by the FRCM
layer about 485 mm x 150 mm; the overall thickness of the FRCM layer is 10 mm. The
defects are located about 110 ÷ 125 mm from one of the short edges of the face. FRCM
reinforcement is made by a two-component, pre-blended, fiber-reinforced mortar embedding
a basalt fiber grid (6 mm x 6 mm, 250 g/m²).
The ultrasonic setup is composed of an Olympus 5072PR ultrasonic pulser with two probes
for longitudinal waves having a central frequency of 50 KHz; the emitting probe is inclined at
65 degree for generating surface waves in the FRCM layer. The signals are managed by an
Agilent MSO–X-4954 oscilloscope.
For determining the ultrasonic response in the damaged area, the emitting probe has been
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kept fixed left to the defect, whereas the receiving probe has been placed on the defect
(position 1) or on the right of the defect (position 2). For determining the reference ultrasonic
response in the undamaged area, the two transducers have been placed on the right end of the
specimen at the same distances of position 1 and position 2 (Fig. 6).

Figure 6: Experimental setup.

For reprocessing the signals, an ad hoc Labview software has been developed; this
software compares the acquired signals, current (that is, in presence of the damage) and
reference (that is, in the undamaged area). The signals are compared in terms of the
waveform, of normalized frequency response function and of frequency spectra. Finally, the
software performs the SPC evaluation of the acquired signals.
4 RESULTS AND DISCUSSION
In what follows, the diagrams of SPC results for the 8 artificially damaged specimens are
shown and discussed. For the sake of brevity, all diagrams refer only to the case of receiving
probe located in “position 2”, i.e., on the right of the defect (receiving probe far from the
defect). Moreover, only the results of one of the two specimens for each kind of defect is
shown (the results for the specimens labeled “1”, SDIA1, SDIB1, and so on). The influence of
the defect on the SPC response can be inferred from the comparison between the SPC
diagram obtained for signals acquired in the undamaged area (reference line, in orange) and
the SPC diagram obtained for signals acquired in the damaged area (in light blue).
In Figure 7, the SPC response of the specimen with small adhesion defect SDIA1 is
presented. In this case, the light blue curve, representing the SPC parameter for the damaged
area is distinctly lower than the reference orange curve, representing the SPC parameter for
signals acquired with the same distances between probes in the undamaged area, for threshold
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values above 0.01. The different behavior below the very small threshold value of 0.01 is
likely ascribable to noise in the signals and therefore it is not to be considered representative
of difference due to the damage.
Figure 8 is analogues to Figure 7, but for the specimen with large adhesion defect SDIB1.
Here, the curves are inverted with respect to those in Figure 7, with the light blue curve,
representing the SPC parameter for the damaged area higher than the reference orange curve
referring to the undamaged area.

Figure 7: SPC response of the specimen with small (20 mm) adhesion defect SDIA1: damaged area (light blue)
vs reference undamaged area (orange).

Figure 8: SPC response of the specimen with large (30 mm) adhesion defect SDIB1: damaged area (light blue)
vs reference undamaged area (orange).
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In Figure 9, the SPC response of the specimen with small grid defect SDFA1 is presented.
Also in this case, like for the case of the specimen with small adhesion defect SDIA1, the
light blue curve, representing the SPC parameter for the damaged area is considerably lower
than the reference orange curve, representing the SPC parameter for signals acquired for the
same distances between probes, but in the undamaged area.

Figure 9: SPC response of the specimen with small (15 mm) grid defect SDFA1: damaged area (light blue) vs
reference undamaged area (orange).

Figure 10: SPC response of the specimen with large (30 mm) grid defect SDFB1: damaged area (light blue) vs
reference undamaged area (orange).

Finally, Figure 10 is analogues to Figure 9, but for the specimen with large grid defect
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SDFB1. Also in this case, like the specimen with large grid defect SDIB1, an opposite
behavior with respect to those in Figure 9 is observed: the damage results show much higher
values of the SPC (light blue curve) in comparison to the undamaged area (orange curve).
From the above results it is clear that SPC technique can identify even small defects of
FRCM reinforcement. Indeed, for each examined specimen, embedding different kinds of
artificial defects, a very different behavior between the damaged and the undamaged area in
terms of SPC parameter values has been observed. Note that this conclusion holds also for the
specimens labeled “2” (SDIA2, SDIB2 and so on), and for different positions of the receiving
probe (the position called “position 1” in the above).
The SPC response of the specimens with large defects (adhesion defects, SDIB1 and
SDIB2, and grid discontinuity, SDFB1 and SDFB2) is what is expected based on the
literature: the defect involves a higher level of nonlinearity, and thus an increase of the SPC
parameter values for all the threshold values considered. On the contrary, the SPC response of
the specimens with small defects (adhesion defects, SDIA1 and SDIA2, and grid
discontinuity, SDFA1 and SDFA2) is to some extent unexpected: the SPC curves of the
undamaged area are systematically above the SPC curves of the damaged area. Notice that the
experimental tests have been repeated multiple times in order of ascertain that the latter
unexpected behavior was not caused by experimental errors.
Maybe a possible reason of this peculiar behavior relies on the wavelength of the employed
ultrasonic waves and on the features of the examined media, composed by a relatively thin
FRCM layer in adhesion on a tuff masonry substrate. Moreover, the FRCM layer itself can be
subdivided in three sublayers, that is two mortar layers separated by a thinner mortar layer
embedding the fiber grid.
Indeed, the reference literature is mostly related to Lamb wave tests on thin specimens,
whereas in the present case the tests involve the propagation of Rayleigh waves in the threelayer FRCM reinforcement. The examined artificial defects can be considered as localized
discontinuity conditions between layers in adhesion, that is, imperfection of the boundary
conditions for the layer subjected to the wave propagation [14,15]. Moreover, it turns out that
by considering the frequency of the employed ultrasonic signals and the mechanical
parameters of the FRCM mortar, the ultrasonic wavelength have the same order of magnitude
of the dimensions of the defects. Finally, a fact not irrelevant should be that the material being
investigated is markedly nonlinear also in the undamaged state.
The above considerations open an intriguing and challenging research perspective in order
to establish the reasons of the observed SPC behavior: to this aim suitable theoretical and
numerical investigations have to be developed.
5 CONCLUSIONS
-

-

The reported experiments on tuff samples reinforced by FRCM embedding basalt
grids show that SPC nonlinear ultrasonic technique is capable of detecting defects in
adhesion and in the fiber net, with quite different values of the SPC parameter in the
damaged area with respect to those related to the undamaged area.
This result appears interesting in view of applications mainly for three reasons. First,
the proposed technique is simple to be applied, since standard ultrasonic equipment
can be used: moreover, the developed Labview software is very fast in giving final
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-

results in terms of SPC curves. Second, nonlinear ultrasonic techniques like SPC
technique allows for detecting defects also quite far from the application areas of the
probes; sometimes nonlinear effects increase with the distance, whereas linear effects
quickly decay. Third, SPC technique is capable of detecting small defects, out of
reach of conventional linear ultrasonic techniques, and assessing the onset of the
damage in its early stage.
Finally, the obtained results encourage further theoretical and numerical analysis
aimed at justifying the very different behavior observed for small and large defects.

REFERENCES
[1] Carozzi, F.G., Milani, G. and Poggi, C. Mechanical properties and numerical modeling of Fabric
Reinforced Cementitious Matrix (FRCM) systems for strengthening of masonry structures.
Compos. Struct. (2014) 107:711-725.
[2] Bove, M., Castellano, A., Fraddosio, A., Scacco, J., Milani, G. and Piccioni, M.D. Experimental
and numerical analysis of FRCM strengthened parabolic tuff barrel vault. Key Eng. Mater. (2019)
817 KEM:213-220.
[3] Olivito, R.S., Codispoti, R. and Cevallos, O.A. Bond behavior of Flax-FRCM and PBO-FRCM
composites applied on clay bricks: Experimental and theoretical study. Compos. Struct. (2016)
146:221–31.
[4] Büyüköztürk, O., Haupt, R., Tuakta, C. and Chen, J. Remote Detection of Debonding in FRPstrengthened Concrete Structures Using Acoustic-Laser Technique. In: O. Büyüköztürk et al.
(Eds.): Nondestructive Testing of Materials and Structures, RILEM Bookseries 6 (2013), pp. 1924.
[5] Kundu, T. Ultrasonic nondestructive evaluation: Engineering and biological material
characterization. CRC Press, (2003).
[6] Yan, D., Drinkwater, B.W., Neild, S.A. Measurement of the ultrasonic nonlinearity of kissing
bonds in adhesive joints”. NDT E Int. (2009) 42(5):459-466.
[7] Liu, P., Sohn, H., Kundu, T., Yang, S. Noncontact detection of fatigue cracks by laser nonlinear
wave modulation spectroscopy (LNWMS)”. NDT E Int. (2014) 66:106-116.
[8] Camassa, D., Castellano, A., Fraddosio, A., Piccioni, M.D. Improvements of the Ultrasonic
Tomography for Applications to Historical Masonry Constructions. In: R. Aguilar et al. (Eds.):
Structural Analysis of Historical Constructions, RILEM Bookseries 18 (2019), pp. 447-455.
[9] Shen, Y. and Cesnik, C.E.S. Nonlinear scattering and mode conversion of Lamb waves at
breathing cracks: An efficient numerical approach. Ultrasonics (2019) 94:202-217.
[10] Eiras, J.N., Kundu, T., Bonilla, M. and Payá, J. Nondestructive monitoring of ageing of alkali
resistant glass fiber reinforced cement (GRC). J. Nondestruct. Eval. (2013) 32(3):300-314.
[11] Liu, P., Sohn, H., Kundu, T. and Yang, S. Noncontact detection of fatigue cracks by laser
nonlinear wave modulation spectroscopy (LNWMS). NDT E Int. (2014) 66:106-116.
[12] Hafezi, M.H., Alebrahim R. and Kundu T. Peri-ultrasound for modeling linear and nonlinear
ultrasonic response”. Ultrasonics (2017) 80:47-57.
[13] Kundu, T., Eiras, J.N., Li, W., Liu, P., Sohn, H. and Payá J. Fundamentals of Nonlinear

732

Anna Castellano, Aguinaldo Fraddosio, Tribikram Kundu and Mario D. Piccioni

Acoustical Techniques and Sideband Peak Count. In: T. Kundu (Ed.): Nonlinear Ultrasonic and
Vibro-Acoustical Techniques for Nondestructive Evaluation, Springer, Cham (2019), pp. 1-88.
[14] Castellano, A., Foti, P., Fraddosio, A., Marzano, S. and Piccioni, M.D. Ultrasonic immersion
tests for mechanical characterization of multilayered anisotropic materials. In EESMS 2014 2014 IEEE Workshop on Environmental, Energy and Structural Monitoring Systems,
Proceedings (2014), pp. 63-68.
[15] Castellano, A., Fraddosio, A. and Piccioni, M.D. Quantitative analysis of QSI and LVI damage in
GFRP unidirectional composite laminates by a new ultrasonic approach. Compos. B. Eng. (2018)
151: 106-117.

733

S. Rajabzadeh, M.Documentation
Non-Destructive
Esponda and L.Methods
Cordero for
Espinosa
Future Seismic and Damage Analysis of Modern
Heritage Buildings using Contemporary Tools
12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

NON-DESTRUCTIVE DOCUMENTATION METHODS FOR FUTURE
SEISMIC AND DAMAGE ANALYSIS OF MODERN HERITAGE
BUILDINGS USING CONTEMPORARY TOOLS
S. RAJABZADEH1*, M. ESPONDA2 , L. CORDERO ESPINOSA3
Carleton Immersive Media Studio (CIMS), Bachelor of Architecture - Carleton University, Ottawa,
ON, Canada
sepidehrajabzadeh@cmail.carleton.ca

1*

2

Associate Professor at the Azrieli School of Architecture - Carleton University, Ottawa, ON, Canada
- 1125 Colonel By Dr, Ottawa, ON K1S 5B6
mariana_esponda@carleton.ca
3

Bachelor of Architecture - National Autonomous University of Mexico (UNAM)
lailacorderoespinosa@gmail.com

Keywords: Felix Candela, Pabellón de Rayos Cósmicos, Hyperbolic Paraboloid, National
Autonomous University of Mexico (UNAM), Photogrammetry, Digital Documentation,
HBIM.
Abstract. This paper presents a comparative approach between a digital documentation
workflow of a hyperbolic paraboloid heritage building using contemporary tools versus a
traditional documentation technique. This documentation was undertaken to better understand
the building’s structure, its evolution, and to assess the performance of this modern concrete
structure for future seismic and damage analysis. Furthermore, this paper discusses the
challenges related to producing a Heritage Building Information Model (HBIM) of this
building using point cloud data in Autodesk’s Revit BIM-authoring software. This project states
the importance of a parallel study between the traditional and the contemporary documentation
methods; which led to discoveries about the current state of the extrados in the hyperbolic
parabola after several earthquakes. Upon analyzing the HBIM and comparing it to the
historical drawings, we discovered a gap between the moisture barrier membrane and the
concrete shell. Visualizing the building in 3D provides a deeper and more accurate
understanding of the current state of this pavilion and is one of many advantages of using digital
technologies. The insights provided by digital documentation techniques and analyzing the
historical images of the pavilion showed that the curvature of the pavilion had changed over
time. The results that we found imply two hypotheses. First, the profile of the curvature had
been modified due to earthquakes, and second that the modification was due to improper
maintenance of the pavilion, namely, multiple additions of the membrane layers. This could not
have been detected by solely relying on traditional documentation techniques.

Figure 0. HBIM rendering of Cosmic Rays Pavilion based on the
point cloud data
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1 INTRODUCTION
Felix Candela was born in Spain and emigrated to Mexico in 1939. He experimented with
the hyperbolic paraboloid form for most of his career. His first project using this innovative
construction was the Cosmic Rays Pavilion completed in 1951 in Mexico City, located on the
campus of the National Autonomous University of Mexico (UNAM) [1], with a 5/8” (16 mm)
thin reinforced concrete shell at their crown, increasing to 1 ½” (37mm) at the base [2]. The
structure still stands after 70 years; despite undergoing 3 major earthquakes in 1985, 1999, and
2017 with magnitudes over 7.1. The pavilion was the thinnest highly durable shell membrane
[3]. The strength of the pavilion is derived from its hyperbolic paraboloid geometry and
craftsmanship [4]. It was important for the structure to be as thin as possible since its original
purpose as a physics laboratory required cosmic rays to pass through the roof and to a device
inside for measuring neutrons [3]. The pavilion now serves as a storage space for board games
and sports equipment.
The preliminary objectives for the project were to produce two sets of drawings from the
existing pavilion using two methods: traditional and digital. The two sets of drawings were then
overlaid and compared with the original construction drawings of the pavilion done by Candela.
The comparison between the digital models and the original construction drawings revealed the
extent of decay a building can go through without proper maintenance, and the importance of
consistent conservation and maintenance efforts for this modern structure.
The traditional documentation was done by Laila Cordero over a period of 64 days in the
Fall of 2018. Laila, a recent graduate from UNAM, applied a technique using ropes and
measuring devices to document and produce a new set of 2D drawings of the current state of
the building. The digital approach was done by Carleton University Students and Carleton’s
Immersive Media Studio (CIMS) from Canada over 49 days in May and June 2019. A team of
four students spent six days in Mexico City recording the pavilion and one of them, Sepideh
Rajabzadeh, continued working on the project until completion in Canada. This team used
digital equipment such as DSLR cameras, a drone, and computer software to capture the
existing geometry on site. The other 43 days were spent at CIMS in Canada processing the
photogrammetry and 3D point cloud data, producing HBIM and 2D drawings.
This report aims to highlight the lack of research for the conservation of 20th century concrete
shells in Mexico, thus generating a field of interest to encourage more professionals from
diverse fields to address the issue of proper interventions for modern architecture.
1.1 Design
Colin Faber describes the original intent of this pavilion in his book Candela: the shell
builder as a barrel shape. Candela changed it into a hyperbolic paraboloid because he stated
“the extreme thinness would require the extra stiffening offered by this form” [4]. (Figure 1)
“Candela was able to achieve a solution endowed with compelling three-dimensional force.
On the ground level, three paraboloid-shaped arches rise up with protruding support. The upper
portion of the arches serves as the structural framework of the laboratory, and the encompassing
concrete membrane seems to rest in place above it without being anchored to the ground. The
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beauty of the design’s three-dimensionality emerges directly from its clever devised proportion.
As thin discs with well-balanced pressure and stress points, the arches do not seem to dominate
the design: in light of the lateral bearing areas, the former seem to function like supports on the
one hand and, because of their parabolic shape, convey a sense of elasticity on the other.” [3]

Figure 1. Left: Cosmic Rays Pavilion, Mexico City, 1951 [5]. Right: Cosmic Rays Pavilion in
Construction, Mexico City [6]

1.2 Construction
Colin Faber reveals that a few days before the construction started, the officials at UNAM
approached Candela to see his calculations for the shape of the pavilion, but he had none.
Instead, he wrote a few pages explaining why the shape would support itself. It was easier done
than said, because the hyperbolic paraboloids can be achieved by straight boards crossing at 60degree angles. After building Cosmic Rays, Candela went on to build and to explore more
hyperbolic paraboloid structures. Later on in his career he realized that he did not need to add
the three stiffening arches to add to the strength of the pavilion, Candela recognized that the
shape was strong enough without the arches [4].
2 THE DOCUMENTATION WORKFLOW
Two methods were used to document the pavilion:
•
Laila Cordero’s traditional method: ropes and measuring tools by hand, and 2D
drawings [7]
• CIMS’ digital method: DSLR cameras and a drone to capture, photogrammetry, an
HBIM produced from point cloud data, and 2D drawings.
2. 1 Laila Cordero’s workflow
Laila, one of the authors, used an architectural surveying method that was a technique
specifically applied to measure the geometry of the hyperbolic paraboloid shell. Laila created
a complete analysis of the geometry of the pavilion shown in Figure 2.
To start the measurements, two essential elements were located: an axis and a reference level
to identify the guide plane perpendicular to the parabola. Ropes were then installed across the
interior connecting two legs of the parabolic columns at the bottom where they reached the
floor. The rope was divided into 50 cm segments, and the height was measured by firing the
distance meter twice which was positioned on a tripod. In the end, an average of the two
measurements obtained at each point was calculated.
In this type of structure, it is possible to find an eccentricity between the center of the shell
and the center of the floor. The eccentricity study was double checked by measuring the
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b) Interior Measurements
b) Exterior Measurements
a)
Figure 2. a) Laila's analysis of the shell’s geometry (formation of hyperbolic paraboloid shape using
straight lines). b) Laila’s drawings illustrating ropes that she used (the plan drawing in the yellow box) [7]

distance between the intersection of the diagonal ropes with respect to the ends of the supports
and the center of the surface.
Laila Cordero's thesis suggests the hypothesis that Félix Candela's constructional drawings
for Cosmic Rays Pavilion do not match the documented work she produced. The plans and
elevations that were published in the books and magazines were of a preliminary nature, since
they were drastically modified during construction [7]. This discrepancy between the
constructional drawings and the as-built structure exists because hyperbolic paraboloid
structures had not been constructed before in Mexico, and there was a learning curve for the
construction process which did not allow for a perfect recreation of the design. Also, throughout
studies of the archival information, it was noted that this building had been modified multiple
times during the construction because of its experimental nature. These are just a few of the
reasons why this building needs to be preserved and properly maintained [7].
2. 2 CIMS workflow while in Mexico (NPNT internship)
Part of the research for this project was supported by The
New Paradigm New Tools for Architectural Heritage in Canada
(NPNT) research program supported by the Social Sciences and
Humanities Research Council of Canada (SSHRC). The
internship program focuses on using emerging digital
technologies including the digitization of existing buildings
using tools such as Photogrammetry with DSLR cameras and Figure 3. One of the Canadian
students collecting interior
computer software. Some of the benefits of this documentation
photogrammetry data of the
method explored through the NPNT program are efficiency of
pavilion using a hand held DSLR
labour and ease of gathering data, while providing great
camera.
accuracy.
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The project started with an introduction to the site and a tour of the University and Mexico
City. Then, the documentation of the Cosmic Rays Pavilion began. Techniques used during this
time included the use of an Unmanned Aerial Vehicle (UAV) to capture aerial photography of
the roof and its curvature, as well as the site. Also, handheld cameras including the Nikon
D5200, 24.1 MP (APS-C), and Nikon 40mm Macro Lens were used for terrestrial
photogrammetry. Furthermore, an interior material catalogue using a gray chart was recorded.
Throughout the week, more interior and exterior photogrammetric images were taken as well
as context elevation photos. Then, the exterior material catalogue was documented as well as
an exterior condition assessment. The quality of photogrammetric models and data were tested
while on site as well as the quality of elevation photos using Bentley ContextCapture and Adobe
Photoshop. This was important to ensure all documentation was collected prior to leaving the
site.

Figure 4. Left: Two separate interior and exterior Point cloud data of the pavilion in CloudCompare software.
Central: Shows interior point cloud data in Agisoft Photosca Software. Right: Shows exterior point cloud
data in Agisoft Photosca Software - the blue squares show the location of the cameras [9].

2. 3 CIMS workflow after documentation (NPNT internship)
While students were getting to know the “contemporary tools”
such as the photogrammetry software Agisoft Photoscan, it was
decided to create the interior and exterior point cloud models
separately and merge them together to create one unified point
cloud model. (Figure 4)
2.3.1 Workflow in Agisoft Photoscan Software
The diagram in Figure 5 shows the complete digital workflow
that was performed to produce a point cloud model from
photogrammetric data. The team created target points on the
interior wall of the pavilion. These targets were located in the
software to stitch the images together. After importing all of the
images into the Agisoft Photoscan software, target points, which
had been attached to the roof during data acquisition, were used
to align the images together. The previously measured distance
between the targets was used to accurately scale the model in
Agisoft Photoscan (Figure 6) [9].
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Figure 6. Left: Photo aligning process in Aigsoft Photoscan Software using the target points. Right:
Dense cloud of the whole site created in Agisoft Photoscan Software [9].

Furthermore, a dense cloud was built to create the 3D point cloud model. Then, it was
exported out of this software and imported into Revit to create an HBIM of the pavilion.
Once the point cloud data was imported to Revit, different strategies and protocols were
applied to find the best methodology in order to create the double curved roof accurately. These
different methods and their challenges are briefly mentioned in the challenge section of this
paper. The method that proved to be most accurate is explained in the following section:
2.3.2 Workflow in Revit Software
Both interior and exterior point cloud data were imported into Revit. First, it was important
to identify different elements of the building in order to understand how to model the pavilion
efficiently. The roof membrane was considered an exterior element which was captured best
via the exterior point cloud data; while the concrete shell itself was considered an interior
element, which was captured best via the interior point cloud data. This increased the ease by
which the membrane and the concrete shell could be modelled, since the different point clouds
can be turned on and off in Revit using visibility and view settings. The strategy to capture the
shape of the hyperbolic paraboloid is described in Figure 7. Through the roof, thin sections
were taken by introducing vertical reference planes in close proximity to one another. Using
the section box tool, the curvature of each section on the roof was carefully traced with model
lines. Then, while selecting all the model lines, the “Create Form” tool was used to create a
surface that followed the curvature, deformations, and deviations of the documented roof
membrane.

a)
b)
c)
Figure 7. Left: a) Thin section of the point cloud model of the roof membrane [10], b) Model lines outlining the
roof membrane and the concrete shell [11, 12], c) Thin section of the roof membrane with model lines [10].
Central: Roof membrane and the concrete shell model lines. Right: Green: The roof membrane model lines.
Blue: The concrete shell model lines.
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This process was repeated to model the concrete shell, using interior point cloud data. Lastly,
both surfaces were given proper thicknesses based on their point cloud data (Figure 8). The
HBIM includes structural and mass elements together, and is developed accurately based on
the existing conditions and geometry of the pavilion because of the original objectives of the
project. However, this model could further be studied for seismic load analysis by converting
it into a model for structural analysis.

Figure 8. The surfaces of the roof membrane and the concrete shell are given
thickness. Modeling them separately allows for exploded axo. diagrams and
further studies of each component separately.

3 CHALLENGES
Since the objectives of this project were to introduce a new method of documentation,
compare digital method with traditional method, and provide the local staff with the capacity
to perform the digital documentation, there were many lessons learned for the students involved
which are mentioned below.
3.1 Receiving drone data from Mexico
Although the drone was used while the team was still in Mexico, the drone data was only
received in Canada while two weeks of the project was remaining. It was delayed due to security
reasons prior to leaving Mexico. The Canadian team recorded the exterior data from ground
level by handheld cameras and the point cloud model was missing data from the top of the roof.
Once the drone info was received, the exterior photogrammetry was reprocessed to include the
data from the top of the roof, aligned with the interior point cloud data, and then imported into
Revit to be modelled (Figure 9).

Figure 9. Left: Drone movement (Left: First round, red dots are the shots taken and Right: Second round).
Central: Exterior point cloud model before receiving drone information, the top part is missing. Right: Exterior
point cloud model after receiving drone data.
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3.2 Merging interior and exterior point cloud data manually
One of the main lessons learned in this project arose from the fact that the main strategy was to
rely on point-to-point correspondences for the software to merge the interior and the exterior point
clouds. Later on, it was understood that there was a lack of redundancy in the process. Although
there were thorough hand measurements taken by the team, no ground control points were
collected in case of the software failure to stitch the pictures together.
The one common area between the interior and exterior is the railing on the stairs. Although
there are many images of this part, the software could not reconcile the two point cloud data fully
buy itself. We surmised that this did not work because the exposure levels in the images of the
railings from inside of the pavilion were very different from those of outside. Therefore, the
software could not recognize matching features between the sets of photographs and failed to
merge them (Figure 10).
Consequently, the two point clouds had to be merged manually, by matching all the
measurements as closely as possible in order to reduce the errors.
Having encountered such challenges played an essential role in helping the team understand the
limits of the software. Moving forward, it is recommended to have at least three common targets
that are captured by both the interior and exterior photographs.

Figure 10. Left: Software not being able to merge the two point clouds properly – CloudCompare [13].
Central: Standing on the outside looking toward the railings which is the entrance to the pavilion. Right:
Standing on the inside looking at the railings.

3.3 Location of the Building
Beyond the technical challenges of this work, there were other difficulties in the recording
process. One of which was the location of the building: Cosmic Rays Pavilion is located on the
busiest part of the campus of UNAM. The campus could not restrict access for the documentation
work, so there were frequently many students near the pavilion. The team had to take a lot of
images at different times of the day and different days of the week, with different weather and
lighting conditions in order to record high quality images for the production of high quality point
cloud data without people and other obstructions in the photos.
4. NEW DISCOVERIES
Once the HBIM was developed, more in-depth studies were done to understand how the
building was constructed and evolved throughout time. One of the more interesting discoveries
was that there is a gap between the red roof membrane and the hyperbolic paraboloid concrete
shell. Further studies on the model revealed that this gap varies throughout the entirety of the
pavilion and it is at its greatest in the middle of the roof (Figure 11).
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Once this new piece of information was shared with Laila, she provided us with thermal images
which strengthened our finding about the poor maintenance and vulnerable state of the concrete
roof (Figure 12).
In Figure 12 the picture on the left shows an even distribution of heat on the roof membrane
taken from outside, but the picture on the right
shows uneven heat distribution on the concrete
shell itself taken from the inside. The extent of the
membrane failure was apparent in the concrete
shell through the thermal images. The image
reinforces the discovery of the gap between the roof
membrane and the concrete shell, and the nonuniformity of the gap. This new piece of
information shows the roof membrane has not been
maintained properly over the years. It was
speculated that the poor maintenance of the
membrane may have led to cracks and openings in
the membrane, which allowed water and moisture
into the concrete shell resulting in its gradual
deterioration.
5 DELIVERABLES
At the start of the project, the team sought out to
compare the different recording approaches,
traditional and digital, but eventually realized that
there were differences between the current state of
the building and the original drawings.
When the two elevation drawings from each
documentation method were overlaid, they aligned
very well with negligible differences (Figure 13).
However, once the new drawings were overlaid
with the original construction drawings, they did
not correlate (Figure 13).
Figure 11. Series of sections showing the gap
Since Cosmic Rays Pavilion was Felix
size between the roof membrane and the
Candela’s first hyperbolic paraboloid, he learned
concrete shell – East Section
how to solve constructional challenges with this
geometry along the way during construction. The
lack of accurate construction, or as-built drawings
of this pavilion means that if the building is not
properly taken care of and gets damaged over time,
it cannot be rebuilt as it looks now. The original
construction drawings were only done as a
guideline for how to approach the construction
process of the hyperbolic paraboloid using
Figure 12. Thermal images [7]
reinforced concrete, however the execution and
final product showed a different result.
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Figure 13. Left: 2D drawing done by CIMS using Revit software and point cloud data. Central: 2D drawing
done by CIMS using Revit software and point cloud data (In red: Laila Cordero’s drawing) [7]. Right: 2D
drawing done by CIMS using Revit software and point cloud data (In red: Laila Cordero’s drawing, in blue:
Original construction drawing) [7,14]

6 CONCLUSION
After the HBIM creation of the pavilion, collaboration with Laila Cordero’s traditional
measurements, and a thorough study of the archival documents; the results show that the traditional
and contemporary techniques produced the same results. However, using new digital techniques
led to more in-depth discoveries of the state of the building. Also, our hypothesis, which speculated
that there is a gap between the concrete shell and the roof membrane, which was a result of poor
maintenance, was proven to be true. One of the stakeholders, Julio Valencia Navarro (Dirección
General de Obras y Conservación) from UNAM, has since confirmed that there is a gap between
the roof membrane and the concrete shell. Over the years, there has been moisture damage on the
concrete shell due to the improper removal of the waterproofing roof membrane and this long-term
damage is changing the curvature, and probably the capacity of the pavilion.
Although the project was missing control points, the relatively small scale of the project allowed
for the interior and exterior point cloud data sets to be compiled manually. The target points were
accurate to allow for a comprehensive point cloud data sets of the pavilion to be created using
photogrammetry. While laser scanners can quickly produce a point cloud, they are less accessible
and more expensive than DSLR cameras and drones. Using photogrammetry technique helped
facilitate a maintenance approach to visually show which part of the building required immediate
attention.
The collaborative and comparative approach developed for recording the as-found conditions
of the Cosmic Rays Pavilion provided an opportunity for the local staff to have a meaningful
learning experience about the value of this building and proper conservation techniques. Moreover,
the HBIM can be studied further for seismic analysis on the concrete shell, damage scenarios, and
risk management purposes in the future.
Finally, it was crucial to continually reference the archival images and to understand the
traditional technique that was used in order to better understand the building, and to make sure the
analyses provided by the contemporary tools were accurate.
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Abstract. Earthen architecture is one of the most relevant building technologies among
heritage structures. However, mechanical properties are commonly obtained from destructive
tests. To contribute at changing this trend, two non-destructive mechanical techniques
(ultrasound and modal analysis) are studied to determine their ability at characterizing earthen
materials and their possible correlation.
To achieve these purposes, twenty cubic-shaped earthen specimens were produced for
testing the capability of ultrasound transmission method to control moisture content and its
evolution during drying process at different environments. Additionally, a real-scale rammed
earth wall was built to assess the feasibility of using ultrasound technique to determine elastic
dynamic Young modulus. This analysis was validated by indirect comparison with experimental
modal analysis test results.
The most important findings are that the relationship between moisture content and
ultrasound transmission speed is linear. This information is useful to control the drying process
of earthen materials and to control the moisture content distribution on larger in-service
structures. Finally, numerical simulation using ultrasound transmission data as input
information allow to predict the vibrational response of the tested wall with an error around
3%.
1

INTRODUCTION

Earthen architecture has been traditionally analysed under the eye of the cultural heritage
and preservation specialists. The corresponding building techniques and their performance have
been extensively documented by several authors, like Miccoli et al. 1. In addition, a recent
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survey 2 points out that this technology is gaining attention again because of the increasing
interest in sustainable building techniques.
In this context, scientific research on earthen building materials is experiencing a remarkable
diversification. There are studies aimed to discuss the optimum particle size distribution and
the suitable moisture content at production to achieve the best mechanical performance 3–5.
Other researches deal with the mechanical characterisation of earthen materials 6–11 and there
is also a significant trend to research about the thermal inertia of earthen materials 12, which is
one of their physical main advantages.
However, the moisture content is always highlighted as the most important parameter. In
fact, in-situ measured mechanical properties depend on the water content and matric suction.
Schroeder et al. 13, Bui et al. 14, Gerard et al. 15 and Champire et al. 16 presented interesting
results on how moisture content affects different mechanical properties. Although the
importance of moisture content, there is little research about how to determine this parameter
using non-destructive techniques. In this line, it is worth highlighting the works by Chabirac et
al. 17 and Aubert et al. 18, who used Time-Domain Reflectometry (TDR) and ultrasound
transmission tests respectively to assess the moisture content.
Despite the evident relationship between moisture content and ultrasound transmission speed
in earthen materials, there is not known research which uses this effect to control the evolution
of the moisture content during the production process of earthen materials using ultrasonic nondestructive methods.
In another research line, modal analysis has been used on earthen structures to characterise
their mechanical response. Two main research branches are observed: obtaining natural
frequencies and damping ratios of existing buildings, like Bui et al. 19 did, or indirectly
determine mechanical properties from experimental-numerical vibrational response fitting, as
Bui et al. 20 and Aguilar et al. 21 did. In this second research trend, results are always compared
with destructive compression tests. There are no studies which used another non-destructive
method, e.g. ultrasound transmission technique, to validate the Young’s modulus numerically
adjusted from the experimental dynamic response from modal analysis.
Thus, the literature review reveals two main applications for ultrasound transmission method
on earthen elements which require further research: (i) to control the drying process during the
construction stage and (ii) to obtain the dynamic Young’s modulus in a reliable way. This
second application requires proving that the values measured with ultrasound transmission
method are coherent with the values obtained with other dynamic tests like modal analysis. The
aim of this paper is to provide knowledge on these two particular topics for the specific case of
rammed earth.
2 MATERIALS AND METHODS
Cubic samples were produced to perform the study of the drying process using ultrasound
measurements. A rammed earth scale wall was used to correlate ultrasound transmission
method and modal analysis method through numerical simulations.
2.1 Materials and specimens
The particle distribution of the clayey-sand soil used to produce specimens is shown in
Figure 1. Twenty rectangular prisms specimens (100mm x 100mm x 90mm), called cubic
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specimens from now on, and a wall (900mm x 160mm x 1200mm) were built. The moisture
content of the soil at the production time was 12.6% according previous researches [30].

Figure 1: Particle size distribution of earthen material used to produce specimens

For the production of cubic specimens, the soil filling the mold was subjected to a
compressive pressure of 200kPa applied at a constant rate of 2.5kPa/s. The apparent density of
the specimens was determined just after unmolding them. The drying process of these
specimens was controlled with ultrasound transmission technique after five different curing
times, four in high humidity environment (RH>95%): 3days, 7 days, 14 days, 21 days and no
curing in high humidity environment. Four specimens were subjected to each curing time. The
list of the cubic specimens and their initial density are summarized in Table 1.
The wall was produced into a modular wood framework. Each earth layer was 13cm thick
before any compression and approximately 10cm thick after applying a compressive stress of
200kPa. The bottom of the wall was built into a steel tool (see Figure 2a) which was 140mm
width and 80mm depth. Analogously, the top layers of the wall (corresponding to the top
80mm) were manufactured with a reduced width of 140mm to place an identical steel tool on
the top of the wall. These two steel tools were used later on to hold and move the rammed earth
wall. The wall was unmolded 42 days after completing its construction and left drying at indoor
environmental conditions.
2.2 Ultrasound transmission test method
Ultrasound transmission tests on cubic specimens started 3 days after their production in the
case of specimens C0 and 3 days after removing them from the high humidity environment for
the rest of the specimens. These were repeated daily while specimens were drying at indoor
conditions until measurements became stable. Specimens were measured and weighed before
and after every ultrasound test in order to take into account the effect of the contact paste
(petroleum jelly).
Ultrasound transmission test method was also applied on the wall to control its drying
process and to obtain the dynamic Young’s modulus of the used rammed earth. The ultrasound
transmission speed (V) was measured in three points (see Figure 2a) at five ages. In addition, a
single measurement at mid-height was performed before carrying on the modal analysis. This
last measurement was used to obtain the dynamic Young’s modulus (Eus) applying equations
(1) and (2).
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𝐸𝐸𝐸𝐸𝑢𝑢𝑢𝑢𝑢𝑢𝑢𝑢 =
𝐾𝐾𝐾𝐾 =

𝜌𝜌𝜌𝜌𝑉𝑉𝑉𝑉 2
𝐾𝐾𝐾𝐾

1 − 𝜐𝜐𝜐𝜐
(1 + 𝜐𝜐𝜐𝜐)(1 − 2𝜐𝜐𝜐𝜐)

(1)
(2)

where υ is Poisson’s ratio, ρ the density of rammed earth and V the ultrasound transmission
speed.
Table 1: Cubic specimens

Curing time (d) Specimen Density fabrication (kg/m3) Density after curing (kg/m3)
C0_1
1.89
--C0_2
1.83
--0
C0_3
1.81
--C0_4
1.84
--C3_1
1.88
1.90
C3_2
1.85
1.85
3
C3_3
1.85
1.85
C3_4
1.86
1.87
C7_1
1.90
1.82
C7_2
1.86
1.88
7
C7_3
1.86
1.99
C7_4
1.87
1.98
C14_1
1.87
1.94
C14_2
1.83
1.86
14
C14_3
1.84
1.87
C14_4
1.87
1.88
C21_1
1.85
1.89
C21_2
1.84
1.96
21
C21_3
1.83
1.84
C21_4
1.86
1.98

2.3 Modal analysis test method
The wall was subjected to a modal analysis six months after its construction. 90 points, where
wall was impacted afterwards, were defined. A unidirectional accelerometer was placed in the
point number 71 (see Figure 2a) oriented in the out-of-plane direction. An impact hammer was
used to excite the wall impacting on those 90 points. The cross-spectrum of the Fast Fourier
Transformed (FFT) hammer and accelerometer signals was calculated using PULSETM
software analysis platform software. Data was post processed using ME’scopeVESTM software
to obtain modal shapes and their corresponding oscillation frequency and damping.
During the experimental data acquisition, the wall was hanged so the boundary conditions
were clear to compare with simulation results.
2.4 Numerical simulation
The numerical modal analysis of the wall was implemented using ANSYS® Workbench
platform to compare with modal experimental data. The idea was to use the dynamic Young’s
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modulus obtained using ultrasound transmission technique (Eus) as an input of the model. Then,
the simulated vibrational response (modal shapes and frequencies) was compared with the
experimental response obtained from modal analysis.
A three-dimensional geometric model of the wall was defined using its real dimensions. The
geometry of the steel tools was simplified but maintaining its volume and position of the center
of gravity (see Figure 2b). Rammed earth was defined as an isotropic linear elastic material.
The Young’s modulus, determined using ultrasound transmission technique (1418MPa
according with results in section 3), was introduced. The density of the rammed earth was
experimentally determined obtaining a value of 1780 kg/m3 and the Poisson’s ratio was set to
0.35 according with literature [27].
The wall was discretised using hexahedral elements whereas the complex geometry of the
steel tools recommended using tetrahedral elements for these parts. The model had 5289
elements in total. In addition, the contact between the parts representing the steel tools and the
wall were defined as perfectly bonded. Finally, no boundary conditions were introduced. This
approach allows neglecting the rigid-solid movements from the numerical analysis.

Figure 2: a) Rammed earth wall with impact grid lines for modal analysis, position of accelerometer and
positions for ultrasonic tests b) Geometric model and discretisation mesh for the numerical simulation.

3

RESULTS

After performing experimental tests and numerical simulations, the following results are
obtained:
Figure 3 summarizes the values of the moisture content and ultrasound transmission speed
relationships and evolution along curing time for the tested cubes. It is noticed that the drying
process finished with a constant moisture content around 1%. Ultrasound transmission speed is
between 1400 m/s and 1500 m/s for all specimens in the “dry” state (constant moisture content).
Finally, a linear relationship between the moisture content and ultrasound transmission speed
is envisaged when the moisture content is below 2%.
Similarly, the evolution of the ultrasound transmission speed along time was also determined
for the compressed earth wall at three different heights. Different drying rate is observed
depending on the position of the material, being the top part the drier one and the bottom part
the one with more moisture content (lower transmission speed), according with the data
presented in Figure 4.
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Figure 3: Moisture content evolution during the drying process (left) and relationship between the moisture
content and the ultrasound transmission speed (right).
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Figure 4: Ultrasound transmission speed at different heights of the compressed earth wall along the drying
process.

Figure 5: Simulated modal shape of the first mode (left) and the second mode (right)drying

Finally, before modal analysis, the ultrasound transmission speed measured at mid-height of
the wall was 1130 m/s. That corresponded to a dynamic Young’s modulus of 1418 MPa, which
was calculated with equations (1) and (2) and considering a Poisson’s coefficient of 0.35 and
the measured density of 1780 kg/m3.
Figure 5 summarizes the results (modal shapes and frequencies) of numerical simulations
and experimental modal analysis. Numerical simulation was carried out using the Young’s
modulus determined by ultrasound transmission technique. Only the first two vibration modes
were experimentally determined. Comparing numerical and experimental results shows good
agreement: fEXP_mode_1 = 69.4Hz vs. fSIM_mode_1 = 73.1Hz (5.3% error) and fEXP_mode_2 = 87.2Hz
vs. fSIM_mode_2 = 86.6Hz (0.7% error). According with experimental results, the damping for the
first mode (4.1%) was greater than for the second mode (2.4%). This particular result would
indicate that the second modal shape might define the vibrational response of the wall at longterm because the amplitude of the first mode decreases faster
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4

DISCUSSION

4.1 Ultrasound transmission method to control the drying process
As mentioned before (see Figure 3), there is a linear (V = Sw +b) relationship between
ultrasound transmission speed (V) and moisture content (w) of earthen cubes for moisture
content values below 2%. It was experimentally observed that ultrasound transmission speed
increased when the moisture content decreased during the drying process of the specimens. In
addition, there is a qualitative change in the state of the soil when the moisture content is around
2%. At this moisture level, the V-w curves showed a sudden increase of speed transmission,
which may be explained because the soil turns from a malleable matter, which barely transmits
ultrasound waves, to a stiff, fragile solid material. In addition, this change indicates that the
nature of the water dissipated at moisture content over 2% is free water which occupies the
largest voids in the soil structure whereas the water dissipated at moisture content below 2% is
interstitial water placed between particles. Matric suction is significantly increased when this
second type of water dissipates until reaching the hygrometric equilibrium with the
environment, causing the ultrasound transmission speed increase.
Regarding the coefficients of the linear fitting (S and b), it is observed that the independent
term (b) can be considered constant with an average value of 1837.5 m/s (COV = 10%). In
contrast, it is observed that the slope of the V-w linear fitting (S) linearly depends on the time
the specimens were cured into a high humidity environment (t). Fitting these data (S and t)
without considering specimens not exposed to high humidity environment, led to the following
relationship (R2=0.98):
𝑆𝑆𝑆𝑆 = 10.6𝑡𝑡𝑡𝑡 − 602

𝑉𝑉𝑉𝑉 = 1837.5 − 𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆

(3)
(4)

So the final V-w relationship is presented in (4).
The initial distribution of the water content between voids and interstitial spaces may be
influenced by the fact of curing or not curing the specimens. It seems that curing specimens for
a short period of time contributes to increase their interstitial amount of water, whereas long
curing periods in a high humidity environment contribute to reduce the interstitial water but
increasing the proportion of free water in the voids. In addition, at the end of the drying process
all specimens showed similar moisture content independently of their initial curing period.
Thus, if all specimens reached a similar final state in an analogous time but departing from
different moisture contents, the rate of water dissipation had to be different, being faster in those
specimens subjected to longest curing times. This statement supports the idea that specimens
subjected to long periods of curing in high humidity environment had larger ratio of free water
out of interstitial water. These cases showed faster initial drying because free water is easier to
dissipate than interstitial water.
Experimental evidences showed that drying process of an earthen structure depends on its
geometry, the earthen mixture composition, its production moisture content and the
environmental conditions. Thus, ultrasound transmission method needs to be calibrated for
every particular application. For example, the threshold value of the ultrasound transmission
speed, over which the drying process has finished and hygrometric equilibrium is attained, is
set at 1100m/s for the tested compressed earth specimens.
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However, it is feasible to directly apply ultrasound transmission method to control the drying
process and check that the hygrometric equilibrium has been reached by means of the
stabilization of ultrasound transmission speed. This approach would not require particular
calibration.
4.2 Ultrasound transmission method to obtain dynamic Young’s modulus
The dynamic Young’s modulus of the compressed earth used in the wall was correctly
predicted by using the results of ultrasound transmission technique to compare numerical
simulations with the experimental modal analysis. The simulation carried out considering a
Poisson’s ratio of 0.35 and calculating the Young’s modulus from the ultrasound transmission
speed correctly met the experimental results obtained with modal analysis. The average error
on the eigenfrequencies was around 3%, supporting the idea that combining ultrasound
transmission method with modal analysis is an easy non-destructive technique to evaluate the
dynamic Young modulus of massive earthen materials and their corresponding Poisson’s ratio
by sensitivity analysis on this second parameter once the Young’s modulus is set from
ultrasound transmission technique. In the particular study case presented, Poisson’s ratio of
0.35 showed lower error than other tested values in simulation.
Finally, the shape and order of the first and the second vibrational modes are the same in
simulation than in modal analysis, supporting the idea that choosing clear boundary conditions
is essential to obtain experimental results to be compared with a numerical simulation.
5

CONCLUSIONS

The following conclusions arise from the conducted research:
Ultrasound transmission method is useful to identify the hygrometric equilibrium of
earthen materials but requires a specific calibration process to correlate ultrasound
transmission speed with moisture content.
A methodology combining ultrasound transmission method and modal analysis is
suitable for determining the dynamic Young’s modulus of earthen materials and their
corresponding Poisson’s coefficient.
In addition, the results of the study pointed a future research topic:
Studying the source of the water being dissipated and its relationship with the sudden
change in V-w curve at a moisture content around 2%.
Finally, it is worth remarking that ultrasound transmission method has proved to be efficient
at determining mechanical properties of raw earthen materials and controlling the drying
process that characterize their production.
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Serra Húnter Programme.
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Abstract.
The urban development of Lota city (Chile) was strongly influenced by the coal-mining
industry during 19th and 20th century. Virtually, the entire city was built, initially, by Matias
Cousiño’s Coal Company and, later, by the National Coal Company of Chile (ENACAR). At
the beginning of the 21st century, the city began to experience a decline because of the closure
of coal mines. This situation affected not only the economy and employment of the city, but also
the maintenance of its infrastructure and the conservation of historical buildings.
The “Anibal Pinto Building” is a 5 stories reinforced concrete and masonry structure, built in
1966. Besides of an aggressive coastal environment and poor maintenance, this building has
experienced one major earthquake (Mw 8.8 in 2010). As a consequence, cracks, concrete
spalding and reinforcement corrosion is observed in several structural elements.
To evaluate the current state of the building and determine it remaining operation life, a
structural assessment procedure was implemented based on field explorations, laboratory
analysis and numerical modeling. Field explorations considered tests to identify carbonation,
humidity, porosity, concrete hardness. While, laboratory analysis included compression test of
concrete cores extracted from the building. These investigations were developed with the aim
of determine the mechanical properties of buildings materials and for identifying pathologies
that affects reinforced concrete.
The experimental data was used to elaborate a finite element model in SAP 2000 to estimate
building performance compared to the current seismic regulation in Chile.
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1

INTRODUCTION

Natural events, such as earthquakes, floods, fires and climate conditions, affect the
structural performance of buildings. The accumulated effect of these events may progressively
deteriorate the structure, becoming a pathology that needs to be treated to restore structural
safety and serviceability to buildings [1-4]. The analysis of pathologies on reinforced concrete
structures aims to detect and quantify accumulated damage to provide information to make
decision regarding to repairing, retrofitting or demolishing the structure [5-7]. The most
common pathologies on reinforced concrete structures are oxidation and corrosion of rebars,
concrete spalding and carbonation, cracking, settlement and creep, in addition to problem
related to design and construction errors or geometry alterations [8-10].
The research presented here corresponds to a pathological and structural assessment of
the “Anibal Pinto Block”, located in Lota, Chile. Lota´s urban development was strongly
influenced by the coal-mining industry during 19th and 20th century. Virtually, the entire city
was built, initially, by Matias Cousiño’s Coal Company and, later, by the National Coal
Company of Chile (ENACAR). At the beginning of the 21st century, the city began to
experience a decline because of the closure of coal mines. This situation affected not only the
economy and employment of the city, but also the maintenance of its infrastructure and the
conservation of historical buildings.
The “Anibal Pinto Block” is a five stories residential building structured on reinforced
concrete frames and shear walls, with masonry partition walls. All connected by a reinforced
concrete slab that provides rigid diaphragm conditions. The building has 47.5 m x 8.8 m in plan
and a total height of 13,5 m. The ground level has a commercial use, while the upper levels
have 8 apartments per floor. This building was constructed in 1966 and at that moment no
seismic regulation was mandatory in Chile, but engineering designs were already strongly
influenced by the traumatic experience of the Mw 9.5 Valdivia earthquake (1960). Considering
its age, the Anibal Pinto Block has been exposed for more than 50 years to an aggressive costal
environment and has experienced the Mw 8.8 Maule earthquake in 2010 [11]. Currently, this
structure presents extensive damage that may imply a potential risk to community (Figure 1).
Hence, a structural assessment was required to decide what action needs to be taken.

(a)

(b)

(c)

Figure 1: Anibal Pinto Block.
(a) General view, (b) damage on internal columns, and (c) damage on lateral column
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2 METHODOLOGY
The study presented here considers a complete damage survey, and field and laboratory
tests consisting of sclerometric, carbonation, humidity and porosity measurements, in addition
to concrete core extraction for compression tests. This information was used to elaborate
numerical models to evaluate the seismic performance of the building under undamaged and
damaged conditions.
3 EXPERIMENTAL PROGRAM
3.1 Damage survey
A survey was conducted to identify damage on reinforced concrete elements, such as,
cracks, spalding, carbonation, corrosion and rebars buckling or failure [12]. This information
was presented as a color diagram (Figure 2) representing damage severity according to Table
1. It can be observed in Figure 1 that the base columns suffered moderate to severe damage,
being at least seven columns on a condition near to collapse. Hence, this level was considered
as the critical zone.
One particular condition observed in some columns (1-3-4-6-8-9-11-13-14-16) was the
inclusion of a steel pipe inside of the column core to be used a rainwater drainage (Figure 3).
In most cases, these pipes have suffered severe corrosion affecting the surrounding concrete
and rebars.

Figure 2: Damage diagram of the building
Table 1: Damage classification

Damage severity
Damage description
None
No damage
Moderate
Cracks and fissures
Strong
Exposed rebars
Severe
Rebars buckling and/or corrosion
Near Collapse Reduction of concrete effective area
No information
No information
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3.2 Concrete carbonation
Carbonation is the process in which the atmospheric carbon dioxide (CO2) reacts with
alkaline components of the aqueous phase of concrete, resulting in a neutralization of the entire
material. Because of this, the pH of the concrete (pH≈13) decreases to below 10 [13]. The
advance speed of the carbonation is mainly a function of the dosing, compacity, homogeneity,
moisture and porosity of concrete, being the last two the most important factors [14, 15].
In the case of moisture, if the pores are completely dry, the CO2 will not be able to react
and, if they are completely saturated, their penetration will be slow, due to the low solubility of
the CO2 in the water. Only when the pores are partially filled with water (between 50% and
80% of the relative humidity) do the optimum conditions for carbonation occur [16].
In relation to porosity, the smaller capillary pores are generally always saturated with
moisture, therefore, CO2 is inaccessible. On the contrary, porous concretes carbonate at higher
speed.
The concrete gives protection to steel rebars by two mechanisms. On the one hand, it is
a physical barrier that separates it from the environment and, on the other, the liquid enclosed
in the pores of concrete is an electrolyte that can form a protective oxide in a lasting way. When
the concrete is in the process of carbonation, a breakage of this protective film towards the steel
occurs, giving rise to the corrosion of the reinforcements and loss of the strength of the concrete
[17, 18]. This triggers a triple consequence: (i) steel decreases its section because of corrosion,
(ii) the concrete cracks due to the pressure exerted by the expansive oxide, and (iii)
reinforcement-concrete adherence decreases or disappears.
The most common method for detecting concrete carbonation is spreading the concrete
surface with an acid-base indicator solution. Usually, phenolphthalein diluted in ethyl alcohol
and distilled water was used [19]. After applying the solution, the surface turns into a violet
color when it is not carbonated. On the contrary, it remains colorless when the surface is
carbonated [20, 21]. In our study, this test was carried out in concrete coating of columns of the
ground floor (critical area).
Together with the above, 27 concrete core samples were extracted and tested to determine
the depth of the carbonation. Figure 4 shows the results of a carbonation test performed on
columns in the front of the building. All the coating mortar samples extracted from the columns
have carbonation, and penetration into concrete was also observed.

(a)

(b)

Figure 4: Test results of carbonation with phenolphthalein solution.
(a) Partially carbonated sample, and (b) Fully carbonated sample
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3.3 Concrete porosity and humidity
Relative humidity (RH) and porosity accessible to water (ɳ) were determined for the
critical zone. Relative humidity was measured by an infrared digital double laser thermometer
(EXTECH Model 42570), while porosity was determined from the extracted samples by
equation (1) according to ASTM C642-13 [22]:
ɳ=

𝑚𝑚𝑠𝑠𝑠𝑠𝑠𝑠 − 𝑚𝑚𝑑𝑑𝑑𝑑𝑑𝑑

(1)

𝑚𝑚𝑠𝑠𝑠𝑠𝑠𝑠 − 𝑚𝑚𝑠𝑠𝑠𝑠𝑠𝑠

where msat is the water-saturated mass of the test specimens, msub is the water-submerged mass
of the test specimens, and mdry is the oven-dried mass of the test specimens.
The representative porosities and humidity of the concrete in the critical zone were
defined as the average value of 27 specimens (Table 2).
Table 2: Results of Porosity and Relative Humidity

Representative Humidity
Representative Porosity

64 %
15 %

3.4 Steel corrosion
Reinforcement steel bar samples were extracted from the ground level columns. Steel
quality was classified as A440-280 H [23] (fy = 280 MPa and fu = 440 MPa) for longitudinal
rebars and stirrups.
Table 3 shows data of steel rebars in columns of the ground floor. It can be observed
significant loss of cross section of longitudinal rebars due to corrosion (diameter 18 and 22),
while in the case of stirrups, they retain their initial 6 mm cross section. However, some stirrups
have failed at the base of the columns, inducing buckling in the longitudinal steel rebars. The
spacing between stirrups corresponded to 200 mm. It should be noted that the deterioration of
the steel coincides with the type of damage classified as Near Collapse on Table 1.
Table 3: Steels in columns

Column
Front
Columns
Rear
Columns

Original rebar diameter
(mm)
18
25
18
22

Corroed rebar diameter
(mm)
15
25
15
21

cross section
loss
17%
0%
17%
5%

3.5 Concrete characterization
Along with the damage survey, information was collected in order to mechanically
characterize the concrete. A total of 64 trials were conducted with Schmidt´s hammer. (4 trials
for each column of the critical area). Each of these tests consisted of 10 horizontal
measurements performed following the procedure described in the NCh. 1998 Of.89 [24] and
ASTM C805 [25]. On the other hand, 4 compression tests were carried out in concrete cores
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extracted from 4 columns of the critical zone. The results obtained from both tests are presented
in Table 4.
Figure 5 shows a good level of linear correlation between Schmidt´s hammer
measurements and compression tests [26]. From these results, it was determined that the lowest
resistance (20 MPa) was observed in the critical zone (ground level columns), while the upper
levels have resistances around 35 MPa.
Table 4: Results of concrete characterization tests

Column
5

Location
Front

Schmidt´s hammer (MPa)
34

Compressive Strength (MPa)
37,6

5

Rear

23

24,6

12
12

Front
Rear

39
34

41,7
34

50
Compressive strength (MPa)

40

y = 1,0566x + 0,1365
R² = 0,9576

30
20
10
0

0

10

20

30

40

50

Schmidt's hammer (MPa)

Figure 5: Correlation of results obtained from concrete strength

4

NUMERICAL MODELS

The information collected from original architectural drawings, on-site surveys, soil
mechanics studies in the nearby area and the determination of the mechanical properties of
concrete make it possible to elaborate numerical models of the building in SAP2000 (Figure 6).
Three models were considered in the analysis. One model represents the structure on its
undamaged original state and the other two consider damaged conditions based on the
observations made on the actual building. All models were analyzed considering the seismic
loads defined by NCh433 [27] and DS61 [28] for the building site in Lota. The most relevant
seismic parameters are displayed in Table 5.
In the case of the undamaged building (Model 1) a G35 concrete quality (f’c=35 MPa),
A440-280H steel quality (fy=280 MPa) and handmade solid brick (mnM according to [29])
were considered. The second model (Model 2) represents general concrete degradation due to
age and environmental conditions by reduction in ground floor concrete quality to G20
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(f’c=20 MPa). In the third model (Model 3), localized damage was included by eliminating the
most severely damage columns.
These models were used to assess the effect of damage in the modal response of the building,
but also non-linear time-history analyses were conducted to identify potential zones of damage.
The time history analysis was performed applying the Concepción record of the Mw 8.8 2010
Maule earthquake (Figure 7), considering concentrated plasticity on beams and columns. Walls
and slabs were modeled as elastic elements, because damage was not observed in those
elements on the actual building. Global P-Δ effect was included in the analysis. Each analysis
was conducted considering simultaneously two perpendicular components of the earthquake
along the E-W and N-S directions. The plastic hinges were defined according to established in
[30] and the Takeda´s hysteresis model was considered.
Table 5: Seismic Parameters.

Building category

II (resindential)

Response Modification Factor (Ro)

11

Seismic zone
Soil type

3
E

Figure 6: Building model in SAP2000

(a)
(b)
Figure 7: Concepción record of the Mw 8.8 2010 Maule earthquake.
(a) Accelerogram, and (b) Acceleration spectrum
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5. RESULTS AND DIAGNOSIS
5.1 Pathologies analysis

Compressive strength (MPa)

Figure 8 shows the relation between carbonation, porosity and percentage of crosssectional loss of steel rebars. It becomes evident that the greater is the concrete porosity, a
deeper carbonation is generated. This situation facilitates corrosion in the reinforcements, with
the subsequent increment in the loss of steel rebars cross section. On the other hand, Figure 9
illustrates how concrete porosity affects the material strength. Therefore, carbonation not only
produced rebars corrosion, but also generates a loss of strength in the elements of the critical
zone.

Figure 8: Carbonation, Porosity and Steel Corrosion
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50
45
40
35
30
25
20

5

10

15
% Porosity

20

25

Figure 9: Strength – porosity relation

5.2 Numerical model
The results of the modal analysis are presented in Table 6. It can be seen that both the
natural periods and the mass participation do not change significantly between Model 1 and
Model 2. However, the change is more significant in Model 3, because of the elimination of
ground level columns. This change was not only observed in terms of natural periods, but also
in terms of mass participation and modal order. While in Model 1 and 2 the first two mode
corresponded to translational modes, and the third mode was associated to rotation; in Model
3, the rotational mode is activated earlier as a second mode.
Table 6: Modal analysis results

T [s]
Mode 1
Mode 2
Mode 3

0.22
0.12
0.11

Model 1
Mass
participation
73% (displ. X)
74% (displ. Y)
79% (torsion)

T [s]
0.22
0.12
0.12

Model 2
Mass
participation
73% (displ. X)
73% (displ. Y)
79% (torsion)

T [s]
0.23
0.18
0.15

Model 3
Mass
participation
69% (displ. X)
52% (torsion)
57% (displ. Y)

The results of the Time-History analysis are presented in Table 7 and Figure 10, where
the magenta dots represent plastic hinges. It is observed that the seismic event of 2010 do not
affect significantly the vertical elements (columns and walls) and most of the damage was
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concentrated in the beams. Roof displacements and interstory drift are small and within the
range accepted by current Standards [27, 28], even in the case of the severely damage building
(Model 3). This is explained by the secondary importance of columns to control lateral
displacements, which is mostly resisted by shear walls. These stiff elements (shear walls) not
only imposed strong restrictions to lateral displacements, but also produce low natural periods.
These periods are below the range where most of the earthquake’s energy is concentrated (only
5% of the energy affects structures with periods below 0.15s), which explains why this kind of
structures were able to withstand the 2010 Maule earthquake. However, the elimination of
columns in Model 3 produced an increment in the number of plastic joints in beams, because
of the building rotation generated by the early activation of rotational modes. This condition
sets an alert and reveals the need of retrofitting columns to prevent further damage in the
structure, not only in vertical elements, but mainly in beams and slabs.
Table 7: Time-History analysis results

Max. roof displacement [mm]
Max. drift

Model 1
15
0.0016

Model 2
15
0.0016

(a)

(b)
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Model 3
14
0.0016
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(c)
Figure 10: Plastic hinges generated on the structure.
(a) Model 1, (b) Model 2, and (c) Model 3

6. CONCLUSIONS
-

-

Reinforced concrete structures with significant percentages of porosity and relative
humidity benefit the carbonation process. This process is even more severe when these
structures are in aggressive environments, such as, coastal zones. This carbonation may
produce cracks, steel rebars corrosion and a reduction in concrete strength that may
compromise the structural capacity of the element.
The drain pipe longitudinally embedded in the column considerably reduced its
structural capacity in compression, flexocompression and shear, but more critically it
promotes internal process of carbonation and corrosion.
The seismic behavior of the building was mainly controlled by the shear walls, with
few variations in the overall results, when the undamaged and the damaged model are
compared.
The structure under study presented local failures that did not compromise global
stability, especially due to the amount of shear walls of the building, which have not
presented significant damage. Even tough, repairing is needed to comply serviceability
requirements and control further structural deterioration due to rotational effects.
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Abstract. The 2017 Puebla Earthquake on September 19 struck a big part of Mexico causing
the loss of historic buildings in several states, being the state of Morelos one of the most
damaged in the whole country. Jojutla de Juarez was the most affected locality of Morelos
presenting important structural damages or total collapse in the built heritage, being the
traditional earthen buildings, made of adobe bricks, the most vulnerable buildings to seismic
efforts.
Some of the causes which contributed to the poor behaviour of the buildings were the improper
handling of the constructive systems and materials, the insufficient resistance of the structures
and the problems derivate by the foundations. The adobe houses of Jojutla presented a mixture
between the traditional building techniques and industrial materials like concrete, bricks,
blocks and steel; also with irregular heights and plant layouts and inadequate connections
between the walls and foundations and roofs, resulting into a higher seismic vulnerability when
the earthquake impacted. Also the adobe bricks presented irregularities in its composition and
use of additives which resulted in completely different typologies and the loss of the traditional
construction techniques.
There was conducted a study to determine the earthquake resistance of the adobe bricks of the
houses in Jojutla, considering that the remaining structures were severely damaged and a
whole study of the seismic vulnerability would not be possible due the loss of the physical
buildings. The granulometry and composition of the adobe samples of the buildings were
determined as well as the natural aggregates like straw and its proportion. Also the
compressive strength of the pieces was tested by two methods: the compression test and the
point-load test, in order to obtain the indicative values which could be compared with other
patrimonial and vernacular study cases.
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It was observed that the construction materials and therefore the adobe bricks of Jojutla
presented different compositions which caused an unpredictable behaviour during the
earthquake of September 19th. Loss of the traditional earthen construction techniques has
provoked a poor manufacture of the adobe houses, creating new scenarios where people do not
trust in the material and substitutes the earthen architecture by modern materials. The
conduction of point-load tests in situ could be an alternative to study the mechanical properties
of patrimonial samples before its disappearance.
1

INTRODUCTION

México is a country with an important seismic history, experiencing recurrently huge
earthquakes of great magnitude which have big impact in its population. The nearest states to
the Trans-Mexican Volcanic Belt, the Cocos Plate, the Rivera Plate and Pacific Plate, present
high seismic hazards, being prone to experiment earthquakes which cause acute damages in the
cultural heritage. In the month of September of 2017 the country suffered two big seismic events
which had an enormous impact on the affected regions.
The first earthquake struck on September 7th of 2017 in the Gulf of Tehuantepec, near the
Mexican state of Chiapas, with a magnitude of 8.2 Richter magnitude scale, being originated in
the Cocos Plate. This natural disaster was marked by the multiple aftershocks which were
detected on the following days, causing damages mainly in Chiapas and Oaxaca [1]. On the
other hand, the second earthquake was reported by the Servicio Sismológico Nacional of
México on September 19th with a magnitude of 7.1 and the detected epicentre was in the
boundaries between the states of Puebla and Morelos, located 12 Km southeast Axochiapan,
Morelos [2]. In this case, the most affected states were Puebla, Mexico State, Morelos, Tlaxcala,
Guerrero and Mexico City.

Figure 1: Seismic intensity map of the 2017 Puebla Earquake. Source: Atlas Nacional de Riesgos, map
generated by Earthquake Institute of the National Autonomous University of México (UNAM)

The impact of the 2017 Puebla Earthquake on the region was especially destructive for the
colonial buildings which are part of the Mexican cultural heritage, resulting in severe damages
mainly in the states of Puebla and Morelos. In Morelos, the National Institute of Anthropology
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and History (INAH)1 reported a total number of 259 buildings affected, suffering damages
classified as severe in the 47% of the whole ensemble [3]. The study case of Jojutla de Juarez,
was the most affected locality of Morelos presenting important structural damages or total
collapse in the built heritage, being the traditional earthen buildings, made of adobe bricks, the
most vulnerable buildings to seismic efforts (See Fig. 2).
1.1 Background
Despite the great impact of these events, the seismic memory of the population is short, the
state of alert only remains for a short period of time following the earthquake, disappearing
gradually, as the disaster ceases to seem an immediate danger [4]. In the study case of the State
of Morelos, the closest seismic events which had a deep impact in the society were the 1985
Mexico City earthquake and the 1999 Tehuacan or Central Mexico earthquake, with meaningful
consequences on the architectonic and cultural heritage of the region; however these two
remained distant in the collective memory of the population [5].
The destructive effect in the architectonic and cultural heritage was translated into the
physical destruction of the buildings and monuments, being especially remarkable the damages
in the Mexican colonial churches, which are very significant elements for the local culture and
the identity of the communities [5]. Due to the importance of these constructions, the damages
were analysed, full-filling appropriate research jobs to understand the seismic response of these
structures [6].

Figure 2: Municipality of Jojutla de Juárez after the 2017 Puebla Earthquake

Nonetheless, despite the reconstruction and restoration work done by the authorities and
responsible entities, the traditional housing, in particular the typologies with adobe walls, were
ignored. The resources were invested in the restoration of the ancient churches and monuments
and the rehabilitation of homes and public structures as well as the building of new housing
with modern materials. Notwithstanding the great consequences for the vernacular architecture,
the organisations in charge decided not to support this local culture, appraising adobe bricks as
an unsafe material [7]. The result of these disputed resolutions turned into the abandonment of
the traditional techniques and the reconstruction of the localities of the region with prefabricated
concrete blocks and ceramic brick walls and roof structures of metal casing.
The INAH, Instituto Nacional de Antropología e Historia, is the Mexican federal government bureau established
in 1939 to guarantee the research, preservation, protection, and promotion of the prehistoric, archaeological,
anthropological, historical and paleontological heritage of México.

1
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1.2 Case study
The state of Morelos has a strong adobe building tradition which can be observed from tis
vernacular architecture, being the adobe housing one of the most representative typologies
found. This architecture has resisted over time, withstanding important natural disasters. Most
of these traditional structures present earthquake-resistant features through several properties
in the materials, form, dimensions and functionality of the buildings [8]. These earthen
constructions have suffered over time the struck of historic earthquakes which had a big impact
on the built heritage, withstanding thanks to the qualities of the local architecture.
In the study case of Jojutla de Juarez, the traditional adobe houses of the locality were fairly
modified over the years, changing the ancient materials and construction systems for modern
ones; the vast majority of the buildings had important alterations to its morphology too. Besides,
the conservation and maintenance of the constructions were precarious, as a result of the lack
of knowledge and interest of the vernacular technologies, which always responded to the natural
environment [9]. On the other hand, the traditional houses which conserved their morphology,
dimensions, materials and techniques; had a better performance agains the 2017 Puebla
earthquake, suffering non significant damages, as it has been demonstrated in posterior research
works [7] [10].
Jojutla de Juarez shown a micro-seismic-regionalisation, especially in some of its colonies
or neighborhoods. The historic centre of the town was widely damaged, suffering important
losses in the built heritage, like the churches and main institutions, as well as public housing.
The large majority of the adobe houses were located in the downtown colony, which was the
most affected zone with the Emiliano Zapata colony, this one re-built more recently. Both zones
experienced severe damages, including the collapse of many buildings and structures [11].

Figure 3: Damaged adobe building with mixed construction techniques

2. METHODOLOGY
In order to study the seismic disaster affectation on the adobe buildings of Jojutla de Juárez,
several samples were collected to work with them. Considering that the remaining structures
were severely damaged and a whole study of the seismic vulnerability would not be convenient
due the loss of the traditional buildings, it was decided to apply compressive strength and pointload tests in order to obtain the indicative values of mechanical resistance, which could be
compared to other patrimonial and vernacular study cases.
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2.1 Sampling adobe and soil
There were collected 11 representative shards of adobe bricks from 11 different traditional
houses in the downtown of Jojutla. These samples were collected before the demolition of the
buildings, which was shortly after the field trip in May 2018. There also were taken samples of
quarry soils of the region, concretely in the extraction area for the manufacture of adobe bricks
and ceramic bricks. The region is recognized by their rice production, even the Morelos rice is
a trade mark, and of course they have plenty of water. Taking into account the emergency state
of Jojutla de Juarez and the situation between the inhabitants and their damaged buildings, the
sample collection responded to the criteria of taking the maximum permissible amount possible
of material before the demolition of the remaining houses and the consequently disappearing
of the earthen architecture. All the samples were classified by the Unified Soil Classification
System (USCS) to obtain the composition of the adobe bricks and the type of soils used for
construction materials in the region. There was also obtained the fibre percentage, straw in the
case of study, in each one of the adobes.
2.2 Compressive strength test
In order to performance the compressive strength of the samples, these had to be prepared.
Due to their precarious state, most of them were found between the building remains of Jojutla
de Juarez, not all the original samples qualified for the compression strength test, as they didn’t
accomplish the minimum dimensions or were extremely inconsistent. From the 11 patrimonial
samples only 6 could be eligible for the mechanical characterisation trials, needing a previous
preparation. For being able to perform the analysis the samples were carved till obtain
appropriate dimensions, and later capped with melted sulphur, due to the irregularities presented
in their surface. Once prepared, they were introduced in the Tinius Olsen Universal Test
Machine to obtain their ultimate resistance to compressive strength.

Figure 4: Preparation and compressive testing of the adobe samples

2.3. Point-load test
Point-load test allows determining mechanical resistance of non-carved samples of several
types of masonries and rocks, both: natural or artificial, being especially designated for the
study of rocks [12]. The first research works which utilised the test achieved to associate the
uniaxial compressive resistance with the point-load index (Is), creating the basis to apply the
analysis to rock fragments [13]. Nevertheless, the materials researched in this work are adobe
bricks, being a first approximation to the characterisation of solid clay fragments with this
technique.
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The equipment used for the point-load test was Digital rock strength index apparatus 100 kN
cap of Controls Group, which has the advantage of being a portable equipment which allows to
test samples both in the laboratory or in field research, with the only preparation of the
measurement of each one of the fragments before performing the test.
The samples were tested under Compression strength, after cracking; the fragments were
also submitted to point-load test applying an incremental load leading to the failure of the
fragments, to compare the data. The equipment gave a rupture load value which needed to be
transformed by an equation system to the ultimate unconfined uniaxial compression resistance.
The methodology followed was according the ASTM standards and previous research works
performed in the materials laboratory [12, 14-15].

Figure 5: Adobe sample in the point-load equipment

The point-load index without correction factor is calculated with the following equation:
𝐼𝐼𝑠𝑠 =

𝑃𝑃 ∗ 1000
𝐷𝐷𝑒𝑒2

Where:
Is = Point-load index, MPa.
P = Maximum load, kN.
De = Equivalent core diameter, mm.
The resistance index value (𝐼𝐼𝑠𝑠 ) is a non-corrected value which varies depending on the
thickness of the fragments tested. To obtain the corrected resistance index (𝐼𝐼𝑠𝑠(50) ) it is
necessary to multiply the first index by the correction factor:
𝐼𝐼𝑠𝑠(50) = 𝐹𝐹 ∗ 𝐼𝐼𝑠𝑠

Depending on the size of the fragments, there will be used two different correction factors.
The election between one or other will be the proximity of each sample to the standard value
of 50 mm [12]. For the specimens near to this 50 mm thickness (D), the correction factor is
calculated with the following equation:
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𝐷𝐷𝑒𝑒
𝐹𝐹 = √( )
50

Instead, when calculating fragments with thickness distant of 50 mm, the following formula
will be used:
𝐷𝐷𝑒𝑒 0.45
𝐹𝐹 = ( )
50

The estimation to the compressive strength 𝜎𝜎 or UCS (Uniaxial Compressive Strength) is
obtained with the following equation:
𝜎𝜎 = (𝐶𝐶) 𝐼𝐼𝑠𝑠(50) = 24 𝐼𝐼𝑠𝑠(50)

The value 𝜎𝜎 is the main purpose which the point-load test follows and it is going to be
compared with other values of mechanical resistance obtained by other tests. Other interesting
aspect of the test is to observe the rupture mode of the fragments, finding relations between the
composition of adobes, their morphology, size, fibres distribution or aggregates (See Figure 6).

Figure 6. Fracture in adobe fragments with point-load equipment

3. RESULTS
Figure 7 shows the classification of all the samples, including the adobes and the soils of the
region, by the Unified Soil Classification System (USCS); while Table 1 shows the results of
the soil classification and the grading of each one of the specimens which were subdued to the
mechanical analysis. M1 and M13, the two soil samples from the clay material quarry were
classified as high plasticity clays, while the adobes vary from clays of low plasticity to mods.
The low plasticity was probably due to the stabilization with other materials, for example, lime
was found by RXD in some specimens.
Table 1: USCS Classification of the specimens

Material
M2
M4
M5
M9
M11
M12

CL
CL
ML/OL
ML/OL
ML/OL
ML/OL

USCS Classification
Clay of low plasticity
Clay of low plasticity
Silt / Organic silt
Silt / Organic silt
Silt / Organic silt
Silt / Organic silt
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Figure 7: Plasticity graphic and position of the adobes and soil samples

The sieve analyses also permitted to separate and classify the mineral grains and vegetal
fibres in the adobes. It was calculated the percentage of straw, the only fibre used in this case,
from the weight (See Table 2). Some of the adobes did not have any amount of straw (sample
5) or an insignificant percentage (sample 9) or other fibres as reinforcement or strategy to
diminish shrinkage, situation which contributes to expect the lower mechanical values obtained.
Table 3: Fibre percentage results

Sample
M2
M4
M5
M9
M11
M12

Fibre percentage (% Weight)
0.38
0.68
0.06
0.27
0.23

From the destructive tests, specifically the compressive strength, the mechanical resistance
varies between 5-13 Kg/cm2, being the average of the adobe bricks 8.16 Kg/cm2. These values
obtained with the compression strength test and the point-load tests are lower than values from
other researches which similar characteristic cases in México [7, 16-18]. The adobe blocks of
Jojutla presented low performance perhaps because of inefficient manufacture and the absence
of fibre material or other stabilisers. Nevertheless, the proportion of the fibres does not seem to
have a direct relation with the compressive mechanical resistance, as samples M5 and M9 had
the lowest amount of straw, otherwise reached some of the highest values during the test.
The point-load test allowed to quantify some of the samples, after the compressive strength
test. Because of that fragments of lower dimensions can be tested again with the equipment, it
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resulted in more number of specimens and results. The values obtained were more variable with
an extended range being the average of all the adobes 3.95 Kg/cm2, lower than the compression
strength results. The ratio between compressive strength and point-load values was 2.13:1,
something comprehensible considering that the point-load test is designed for the analysis of
different types of rocks.
Table 3: Comparative of compressive strength and point-load values results

Sample
M2
M4
M5
M9
M11
M12
Mean

Compressive strength
(Kg/cm2)
5.97
9.35
12.33
5.08
9.13
7.09
8.16

Point-load σ
(kg/cm2)2
3.24
3.64
5.78
4.62
3.91
2.52
3.95

cs/pl
1.84
2.57
2.13
1.10
2.33
2.81
2.13

The compressive strength and point-load values were compared (See Figure 8) in a graphic
to observe the correlation between the two tests. Considering the compressive strength values
slightly higher, most of the samples shown a lineal reciprocity, while some shown deviation,
near the 2:1 ratio calculated for the tests.

Figure 8: Correlation between the Compressive strength and the point-load tests

The final value of the uniaxial compression resistance has been converted to kilogram per square centimetre. The
original value was found in megapascals.
2
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4. CONCLUSIONS
While seismic affectations in monumental and vernacular architecture has been widely
researched, it is very complicated to analyse study cases where the materials and buildings have
been lost or demolished. Point-load test could be a useful analytic tool for measuring the
mechanical resistance of patrimonial samples found in emergency situations like earthquakes
or other natural hazards. The test can be performed in situ, being suitable for these cases, where
the specimens are corrupted.
Point-load allows the characterisation of non-complete fragments, like the ones found in
Jojutla de Juarez, Morelos. It could be a support for research works where it is impossible to
access to the original constructive system. The samples could be tested in situ, which is a great
benefit, nevertheless it is recommended to compare the values obtained with other mechanical
resistance studies to achieve a more complete research.
The test has not been yet assessed for adobes or other earthen masonry, the standards are
determined for sandstone. Nevertheless, it has been proved useful for other rocks like
ignimbrites [14-15]. The comparison between compressive strength and point-load for the
adobes tested shows a relation ratio compressive strength/point-load very near to 2:1,
comprehensible considering that the point-load index (Is) was designed for sandstones [12].
More research is required as these earthen structures have not been analysed by this method
and it can be useful for in-situ works.
The percentage of fine grained soils of the adobes was comprised around 15-40%,
corresponding to indicative values of the traditional earthen architecture. It also was observed
that half of the adobes had not any visible fibre proportion, it could be possible the clays was
used before and re-use for new adobes so the straws almost disappeared, one of the basic
features of the traditional architecture of the region, being a symbol of the loss of this cultural
heritage, and a detrimental factor for the adobes, as fibres reduce the shrinkage and improve the
mechanical resistance [19]. The soil and grain size classification of the adobes show insufficient
or absent amount of fibres, however there weren’t found significant proportions of gravel or
lithic in the pieces. The Figure 7 shows how the healthy clays of the soil samples are in very
different zone of the graphic than the adobe samples. To diminish the plasticity of the adobes
from high to light there could have been some type of stabilization with local materials, for the
age of the adobes it could be lime.
Nevertheless, this low values didn’t justify for itself the bad seismic behaviour of the
dwellings, which were very vulnerable due to multiple factors like the lack of reinforcements
and confinement of the structures, the incompatibility between the construction materials or the
poor maintenance of the buildings among others, the social-economic necessity of divide the
land into minor spaces to inherit descendants and so the impossibility to continue using the
traditional thickness of adobe. In the study case, all these conditions converged, resulting into
the loss of most of its architectural heritage and infrastructure. The adobe walls did not have
any reinforcement, being this method unknown by the local population, which prefer to
substitute the traditional materials for modern ones representing for them a better social status.
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Abstract. Fitness-for-purpose (FFP) assessment is used for estimation the durability of
welded plate girders in Poland’s four oldest welded railway bridges. For the girders, the 20.2
m span length was designed. The bridges were constructed over the years 1937-1939 and
now being readied for refurbishment. The first radiographic tests on the butt welds in 18
bridge plate girders were conducted in 1958 during which 101 internal cracks in 49 butt weld
splices were found, and which were subsequently riveted. The usefulness of such a
strengthening is assessed upon structural calculations for design and service loadings,
fatigue tests on specimens with internal cracks in the welds, literature service strength of
welds with cracks and design fatigue strength of welds with cracks using FFP assessment.
The results provide a unique experimental database on the behavior of welds with
inadmissible imperfections. They also allow to assess the likely length of their further service
life.
1 HISTORICAL OUTLINE
The transition to welding facilitated some aspects of steel construction and allowed
steel weight savings by eliminating the connecting angles used in riveted structures. However,
early welding technologies created new problems, both in terms of ensuring weld quality
and also the qualifications of welding workers. The first welded bridge structures were
of a test character, trying to solve the many problems which appeared during the design,
manufacture and construction, and ensuring the proper quality as well as the strength of
welded joints. The problems caused some skepticism among the engineers and scientists
involved in welded bridge projects. Early attempts were quite modest, such as a railway
bridge with a little over 5 m span constructed in 1921 by English structural engineers for the
Newcastle and Carlisle railway line, GB [1]. Nevertheless, welding technology was
moving forward in many countries. The introduction of high strength steels in bridge
construction proved the worth of welding technology, and new problems associated with
notch toughness and ductility appeared to be solved.
The world’s first recognized welded plate girder bridge was a railway bridge over the
Turtle Creek in East Pittsburgh, Pennsylvania, USA [2, 3]. The bridge was constructed in
1928 with a length of 16 m and a width of 4.67 m. The plate girders utilized web sections of
1460×10 mm and three flange plates of depths 10 and 25 mm with widths of 380 and 400
mm. Cross girders and stringers were from rolled beam sections of depths 640 mm and 457
mm. The bridge was
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constructed at a 60 skew with non-parallel abutments, which resulted in different girder span
lengths of 15.97 and 16.29 m. Around 520 m of welds were executed, using 200 kg electrodes.
The bridge was used to transport large generators by rail to the rest of the country.
The first all-welded plate girder railway bridge was constructed in Germany in 1930 with
a span of 10 m [4, 5]. The construction was preceded by broad research, tests and theoretical
studies. The bridge was initially installed on a track subjected to the movement of heavy
locomotives, even at high speed. The bridge was also tested dynamically by a vibrating
machine. Following positive results from the tests, the bridge was installed on a trunk railway
line.
2 THE FIRST WELDED RAILWAY BRIDGES IN POLAND
The first welded railway bridge in Poland, designed by F.K. Szelągowski, later a professor
at the Warsaw Technical University, became operational in July 1936 [6]. Two external spans
of the bridge crossing over the Drwęca river on the Nasielsk and Toruń railway line were
constructed as a welded plate girder structure of span length 13.0 m (Figs. 1 and 2). The main
truss span of the bridge still utilized a riveted construction as it was estimated to be cheaper.
The welded plate girders had a web section of 1600×11 mm and the flanges were from a single
plate of 230×30 mm in the span middle sections, lowering into the supports to 210×20 mm and
190×10 mm plates.

Figure 1: Plate girder for the external spans of the Drwęca river bridge

The web was connected with flanges by continuous fillet welds of leg length 6 mm. The
flange joints were executed in a non-typical way according to Fig. 2. The ends of the thicker
plates were whittled down at 160 mm length to the thickness of the thinner plate and then
welded with a single v butt and around the fillet weld. All the welding works were executed in
the workshop using a variable current and heavy coated Jotem type A electrodes for the vertical
welds and Jotem type B-extra electrodes for the horizontal welds.
The successful construction of the first welded bridge encouraged the Ministry of Transport
to construct a further four welded bridges on the same railway line [7, 8, 9]. The bridges were
erected in the years 1937-1938 according to a design by F.K. Szelągowski and M. Witordowa
(MoT). The welded structures were made by the L. Zieleniewski & Fitzner-Gamper company
in Cracow. All the welding works were carried out in the factory shop, with only the riveted
connections executed on site. For welding, direct current and Baildon domestic electrodes were
used.
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The bridges of semi-through plate girder construction have a span length of 20.2 m (Figs. 3
and 4). The main girders, along with the cross beams, were manufactured in the shop as fully
welded components and transported, ready to use, to the construction sites. The welded plate
girders have web plates of 2400×12 mm with two shop butt splices covered by two-sided
vertical plates of thickness 8 mm. The flange plates are of constant width 240 mm with variable
thickness from 10 to 40 mm. The flange plate sections are connected by double v-butts which
were covered by two one-sided rhomboidal horizontal plates (Fig. 4 – flange splice).

Figure 2: Bridge cross section and the welded flange splice

Figure 3: Plate girder for the four bridges constructed in the years 1937-1939

There are K-type wind bracings from single angles of 100×100×8 mm in the girder planes
of the lower flanges. These were connected by riveted joints using 22 mm rivets. The joints
were executed on site along with the riveted joints of the crossbeams, stringers and other deck
members. The first bridge of this group was constructed over the Sierpienica river and became
operational in October 1937 (No. I). The condition of the bridge during a butt splice
radiographic examination is shown in Fig. 5.
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Figure 4: Bridge cross section and welded butt splices

Figure 5: View of the two-span bridge over the Sierpienica river in 1958 during radiographic examination

Over their eighty years of operational life, the bridges suffered partial structural and material
degradation. In 2018 the second of the authors drew up a technical design for retrofitting one
of the bridges, the two-span bridge (No. III) over the Płonka river in Płońsk (Fig. 6). While
preparing the retrofit design it was necessary to estimate the grade and quality of the structural
steel used for the bridge construction as well as its design strength value. The bridge steelwork
was planned to be refurbished via welding so the weldability of the steel required estimating.
The properties were calculated by the authors along with the methodology used for determining
them. The procedure undertaken may be used for the retrofitting and repair of similar bridge
structures.

Figure 6: Actual views of the two-span bridge over the Płonka river in Płońsk before retrofitting (2019)
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The full range of material testing, together with notch toughness and static tensile tests, is
expected to be conducted on the material from the members dismantled from the bridge during
the retrofitting works.
3 RADIOGRAPHIC TESTS AND THEIR ANALYSIS
The Steel Structure Chair at the Technical University of Szczecin carried out the radiological
examination on the flange butt joints in the main girders of the four bridges with the
construction shown in Fig. 4 (web splice). The technical data for the bridges are given in Table
1 in chronological order of construction. Radiological examinations were carried out twice, in
1958 and in 1971. The tests were limited to the flange splices, as vertical stiffeners were welded
directly in the axis of the welded web splices, thus preventing inspection (see Fig. 4 - web
splice).
Table 1: General data for the bridges and their radiological examination
Bridge No.
and river

Building
year

Test
year

Number
of girders
(joints)

1

2

3

4

I Sierpienica

1937

II Karsówka

1938

III Płonka

1938

IV Wkra

1938

1958
1971
1958
1971
1958
1971
1971

Total
during

Number of rtg.
With
∑
cracks
5

6

4 (44)

88

2 (24)

Number of cracks
Upper Bottom
∑
flange
flange
7

8

9

7

3

5

8

48

6

4

2

6

4 (48)

96

46

21

27

48

8 (72)

144

31

22

17

39

18 (188)

376

90

50

51

101

the post-war repeairs 4 flange splices had been riveted

Table 2: Butt weld specification according to their quality levels
Bridge
No.
1

2

I
II
III
IV
the

Type of
splices
Upper flanges
Bottom flanges
Upper flanges
Bottom flanges
Upper flanges
Bottom flanges
Upper flanges
Bottom flanges
Total

Number
of rtg.
3

Number of rtg. for the quality level
B+
4

B
5

C
6

D
7

Total rtg.

>D
8

B+ ÷ C D and >D
9

10

44
44
24
24
48
48
72
72

2
1
3
1
4
11
11

1
2
3
4
7
11
9

2
3
5
3
5
7
9

1
3
4
1
2
5
2
7

38
39
13
11
35
34
41
36

5
2
7
12
11
9
29
29

39 (3)
42 (4)
17 (4)
12 (2)
37 (21)
39 (25)
43 (18)
43 (13)

376

33

37

34

25

247

104

272 (90)

values in brackes are the number of rengenographs with cracked welds
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In total, 188 welded butt splices were X-rayed: 94 in the top flanges and 94 in bottom tensile
flanges, taking 376 weld X-rays – col. 5÷9 in Tab. 1. 101 cracks were ascertained on 90
radiographs. The length of the cracks was from 8 mm to 240 mm, so at the extreme a breakage
appeared over the total length of the splice – the flange width (Fig. 7)
Table 2 shows a summary of the quantity of radiographs with a division into imperfection
classes. At the time of the tests, the imperfection classes were marked as R1 ÷ R5 according to
PN-87/M-69772 Polish standards. Now the classes may be compared with the quality levels the
of welds: B+, B, C, D and >D, as determined by EN ISO 5917:2014, and in Table 2 the welds
are qualified according to these quality levels. In the total summary (cols. 9 and 10), the welds
are divided into two groups: a group with quality levels B+, B and C which complies with the
requirements of the standard EN 1090-2:2018, and a group of welds which are not allowed for
new bridge constructions, D and >D. The latter is up to 72.3% of the rested sections and for the
bridge over the Sierpienica river (No. I) this value is 95.5% for the lower tensile flanges.
Generally, the condition of the butt splices in all bridges was ascertained to be poor: 101 cracks
on 90 radiographs (23.9%) were discovered. These cracks could lead to fatigue cracks
developing (Tab. 1 col. 6 and 9).

Figure 7: Two radiograms with cracks from the bridge over the Sierpienica river (No. I) - 1958 and 1971

The negative results of the tests were a surprise for bridge engineers and required the splices
with cracks to be riveted for bridge Nos III and IV (Płonka river and Drwęca river). The decision
to reinforce the crack flange splices was undertaken based on static standard loadings, which
had never been taken into account in experimental and theoretical analysis [7-12]. The Paris
equation, recognized as the first to take into account the parameters from fracture mechanic
dl/dN = C(ΔK)m, was published in 1957. In 1959, 26 flange splices were riveted onto bridge
No. III (13 in the upper flanges and 13 in the lower flanges). For bridge No. IV, 23 splices with
cracks were riveted (12 in upper flanges and 11 in lower flanges).
4

CHEMICAL AND MECHANICAL PROPERTIES OF BRIDGE NO. III STEEL

Spectrometric chemical analysis of the steel on bridge No. III was carried out in 2018 on the
basis of three samples cut out from an upper flange (U), a stringer (S) and a bracing diagonal
(B). The results are given in Table 3. The analysis was carried out using a Leco GDS500A
emission spectrometer. For comparison, the chemical composition of old mild steels, former
Polish bridge steel (St3M) and a contemporary non-alloy structural steel S235 are given.
The comparison of the results for particular samples shows the bridge structure was
manufactured from one steel type. It is a low-carbon mild steel with limited carbon, manganese
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and silicon content. Of note are the small differences in content of the individual elements in
the samples analyzed.
Using the chemical composition content, the metallurgic and structural weldability were
assessed. For this purpose, the following ratios were established [15]:
-

the equivalent carbon content (for steel with C < 0.18%)
 ܸܧܥൌ  ܥ

ௌ
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ே
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the material resistant ratio for hot cracking

-
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the material resistant ratio for cold cracking
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the hardness of the heat effected zone
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(1)
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(2)
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(3)
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The plate girder structural steel is weldable without limitations, as all the ratios are lower
than the limit values. At the same time, the phosphorus and sulfur contents are lower than 0.05%
in each case and the manganese content is lower than 1%, along with a vestigial content of
silicon (rimmed steel).
Table 3: Comparative chemical composition for the bridge steel
Chemical composition, %

Type of steel

C

Mn

Si

P

S

Cu

Cr

Ni

U - tf = 10 mm

0.083

0.479

3.6 ppm

0.030

0.027

0.151

0.111

0.089

S – I360

0.086

0.539

4.4 ppm

0.026

0.015

0.162

0.131

0.062

B – L100×10

0.078

0.417

7.5 ppm

0.021

0.013

0.121

0.158

0.108

< 0.18

< 0.16

< 0.11 0.11÷0.14 < 0.014 0.03÷0.04

Mild steel

0.03÷0.35 0.04÷0.75

St3M

max 0.20

min 0.40

S235J0

max 0.17

max 1.40

–

0.12÷0.30 max 0.05 max 0.05

–

max 0.30 max 0.30

–

max 0.03 max 0.03 max 0.55

–

Table 4: Brinell hardness measurement
Type of
sample

Thickness
of sample,
mm

U - flange

10

2.7

2.7

S – I360

18

2.8

B – L100×10

10

2.8

Diameter of imprint, mm

Brinell hardness
HBW

RmB, MPa

α

ReB, MPa

2.7

121

404

0.7

282

2.8

2.8

111

375

0.7

262

2.8

2.8

111

375

0.7

262

The mechanical properties of the bridge steel were assessed on the basis of Brinell hardness
measurements. The hardness was measured under standard conditions using a steel ball of 5 mm
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in diameter. The measurements were carried out on samples for chemical analysis. The
measurement results are given in Table 4. After determining the value of RmB taking into
consideration that α = ReB / RmB = 0.70, ReB = 260 MPa. Taking according to Polish bridge
standard the partial coefficient s =1.15 with a 5% increase when ReB < 355 MPa we obtain:
- characteristic strength fy = ReB = 260 MPa,
- design strength fyd = 260/1.2 = 215 MPa.
5 FLANGE WELD STRESS ANALYSIS AND FATIGUE DURABILITY
Strength analysis was undertaken for a global analysis of the weld behavior (Table 5). The
characteristic values of stresses in the butt welds were established (in the axes of the cover
plates) and beyond the cover plates in the flange plates. The calculations were made according
to Polish bridge standards – as for fatigue verification, the standard vertical traffic loads (LM71)
were taken with a dynamic factor. Nominal values of stresses for permanent actions are given
in col. 2 and for permanent and rail traffic model actions in col. 3. The stresses are calculated
for the persistent design situation using the classified vertical loads with factor α = 1.21. The
stresses for service loads are also calculated for permanent actions and a heavy locomotive with
dynamic effects; the results are shown in col. 4. Column 6 gives the number of load cycles on
the bridge up to 1959 (the riveting of the butt splices), until the present day (2019) and after
a further 50 years in service in 2069.
Table 5: Normal stresses in butt welds (value in numerators), in flange plates (value in denominaters)
and number of load cycles
Stresses, MPa
Girder scheme

Permanent
loads

1

2

� �
� �
� �

2)

LM71

Locomotive
ET - 21

3

4

5

14.3
16.8

116.1
136.5

68.4
80.4

N1 = 0.311)

15.4
17.0

123.7
136.6

72.4
79.9

N3 = 1.913)

15.1
17.1

Number of load cycles up to 1959 (splice riveting)
Number of load cycles up to now (40 passages per day)
3)
Number of load cycles in 2069 (after further 50 years)
1)

Persistent situation

Number of
load
cycles
N106

122.1
138.1

74.4
84.2

N2 = 1.182)

The values of the service stresses ser obtained constitute about 60% of the stresses from
standard loading. The service stresses are compared with the fatigue stresses obtained during
laboratory tests, given in Fig. 8 [16, 17]. The regression lines given there are concerned with:
- tests on specimens marked “a” – butt welds of quality level B+, B and C, for which the
infinitive life fatigue strength (endurance limit) is 125 MPa,
- tests on specimens marked “b” – butt welds with internal cracks, for which the obtained
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infinitive life fatigue strength is 90 MPa,
tests on specimens marked “c” – butt welds with one-sided rhomboidal cover plates, for
which the obtained infinitive life fatigue strength is 79 MPa.
The fatigue stress values are marked as red lines in Fig. 8 (logarithmic scale) according to
the regression lines for the number of load cycles N1 and N2. The minimal values of these
stresses are  = 120.1 and 95.6 MPa. At each case these values are larger than the calculated
service stresses ser, max = 74.4 MPa (Table 5).
-

Figure 8: Regression lines and service load data

This is evidence for the safe operation of bridges Nos I and II, whose cracked welded splices
were not strengthened in 1959. For a further 50 years of bridge service, in 2069, at the number
of load cycles N3 = 1.9106, the stress according to the regression line “c” will be  = 80.5 MPa,
so the stress will also be larger than the maximum value of the service stress ser, max.
6 SUMMARY
The radiographic testing of welded butt splices in the first welded railway bridges in Poland
revealed their very low quality. The considerable number of cracks in the flange splices on
bridges Nos III and IV (48 and 39 cracks) and the stress values calculated for standard loadings
led to the decision to undertake strengthening work. In total, 49 splices were retrofitted by
additional cover plates and riveting. The rest of the splices were X-rayed after 13 years of
further service life. These additional examinations showed no growth in the existing cracks nor
the formation of new cracks. It is rightly noted in EN-19931--9: 2005 that “cracks … do not
necessarily mean the end of the service life”. The pulse tension from the service loading is Δe
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= 74.4 – 15.1 = 59.3 MPa and is 25.1% lower than the infinitive life fatigue strength Δc =
79.2 MPa (Fig. 8).
The bridges on the railway line were constructed from low-carbon mild steel with actual
characteristic values of ultimate strength Rm = 375 MPa and yield strength Re = 260 MPa. Global
tests on the structural steel of bridge No. III will be carried out during its nearest planned retrofit.
These steel bridges constitute an unique experimental base on the behavior of welds with
non-tolerated welding imperfections – internal cracks.
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Abstract. Warehouses are big architectonical structures mostly made of spruce wood and utilized as

storage buildings principally by food traders in Northern Countries. Trondheim’s warehouses currently
observable along the river Nidelva, date back between the 17th and half of the 19th century were mostly
used to stock and process fish. Therefore, where the food goods were stored, residuals are expected to
be still present and/or to be responsible for the formation of alteration products on the wooden surfaces
as well as inside the wooden structure.
Here we propose a characterization of residual and neo-formed compounds inside and on the
surface of wooden logs by means of vacuum microbalance that allowed both to individuate the type of
salts, as well as, to estimate the maximum water film thickness adsorbed on the wooden samples at 93%
of RH. These data have been related to variations in the acoustic emission (AE) intensity detected at the
log surface and to the wood moisture content measured with capacitive and resistance operating
moisture meters. The application of three independent techniques have allowed obtaining interestingly
information indicating their potentiality as decay assessment techniques in the field of historical
materials and specifically in the study of salts weathering on wood. The methodology allowed identifying
a clear relationship between the amount of water in logs as a function of their distance from the ground
and variations in the amplitude of the acoustic emission signals.

1

INTRODUCTION

Wood based warehouses represent unique historical coastal buildings with peculiar
construction features ascribable to the Norwegian construction tradition [1]. The main problem
for these buildings were both to resist local weather conditions (strong winds, rain, high
humidity, low temperature) and being functional for the specific needs of fishing/trading
societies. Nowadays these structures are still present in cities developed starting from the
Middle Age on the coasts and whose economy was based on the export of stockfish (dried cod)
[2]. Trondheim has always been one of the most important Norwegian ports even if warehouses
were constantly destroyed by fires and re-built always on the same sites and following the same
construction rules established in the 12th century [2]. The quite big structures along the river
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(Nidelva), mostly made of spruce wood, date back to between the 17th and ~1950 and were
generally created as a combination of wood frames and log structures permitting the formation
of many different space distributions. They were used as storage buildings mainly by food
traders and merchants trading in other goods such as lumber, copper (from the Røros mines),
flour, grain, sugar and precious textiles [2].
Food storage is supposed to leave residuals, that could also be responsible for the neoformed
products (salts) on the wooden surfaces as well as inside the wooden structure. Wood alteration
phenomena driven by salts have almost never been studied in the field of cultural heritage,
basically because wood was usually employed for mobile artworks and only in few specific
geographical regions such as Norway it was used as building material. Additionally, very few
areas with historical wooden buildings are in a marine environment and this is the case of
Scandinavia or other Antarctica regions. Consequently, the few studies regarding wood salt
degradation of heritage buildings have been dealt with phenomena strictly associated with these
peculiar environmental conditions [3-7]. Salts efflorescence and sub-efflorescence on wood
were only rarely studied [3-6,7, 8-10] and in many cases researches are related to the influence
of chemicals used for preservations purposes (pesticides, flame retardants, consolidants, etc.)
As reported [7], such phenomena could be related to chemicals solubility by free water leakage
and to the following crystallization into the porous microstructure of wood and on the surface
in form of salts.
The final step in the alteration of wood when affected by salt crystallization is the so-called
fuzzy wood, that manifests itself as a defibration of structures persistently exposed to salt,
induced and intensified by freeze-thaw cycles or by drying of salty water raised into the internal
structures of wood. Such vessels, in fact, are continuously stressed by forces deriving from the
growing of salt crystals that tend to separate the fibres from each other [3] within quite short
periods of time (up to 5 years). Furthermore, when water evaporates salts concentrate leading
to chemical reactions corroding the middle lamella region of the cells walls. The progress of
reactions brings to the separation of cells and the development of detached and eroded fibres,
strongly affecting the stability of structures in ca. 30 years [3,5].
At the opposite, the detrimental effects of salts on stone-based structures have been widely
investigated, also by means of Acoustic Emission (AE) [e.g. 11], a technique widely exploited
in many fields but still representing a quite innovative diagnostic tool in the field of cultural
heritage. Only few studies, in fact, are currently available on this topic when compared with the
total amount of publications related to the use of other diagnostic tools in artworks, and they are
mostly related to wooden based artworks [11-15] or to architectural heritage sites [16-18]. Being
a non-destructive technique (NDT), AE has been mostly utilized during monitoring campaigns
in order to obtain a fast detection of newly formed cracks or older crack propagation within the
frame of preventive conservation projects, structural health monitoring of restored elements
[19], evaluation of seismic risks [20,21], and detection of infestation of xylophagous insects
[13]. This is because dimensional changes of wooden objects are related with changes in
temperature and relative humidity, and with seismic or biological activities. AE lets the very
fast recognition of these events even when occurring at a very low intensity level (e.g. due to
microcracks appearance)
Here, acoustic emission, sorption isotherm and three different moisture content
measurements (i.e. 2 capacitive and 1 resistance operating) techniques are proposed to
investigate the state of one of the last almost original and never studied warehouses of
Trondheim (Norway). The proposed research reports about residual and neo-formed salts,
whose chemistry and concentration in four different structural elements or logs has been related
to differences registered in terms of acoustic emission amplitude and moisture content in order
to obtain information about their state of conservation.
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2 MATERIALS AND METHODS
Three logs (Norwegian spruce - Picea abies) at different heights (Figure 1a) of the
internal wall indicated in Figure 1b (ground floor) were tested, as well as a spruce trunk in the
warehouse (Figure 1c) basement.

Figure1: a) Selected logs; b) Plan of the ground floor. The studied wall is circled, and the arrow
indicates the tested side; c) The warehouse studied in Trondheim.

Samples to perform the water vapor sorption experiments were collected from every log
and from the trunk using a drill bit (Ø = 2 cm). Measurements were taken gravimetrically by
means of a vacuum microbalance from CI Electronics Ltd, following the methodology
described in Bratasz et al. 2012. Adsorption branches of the water vapor isotherms were
determined later in the laboratory at room conditions (T=24°C) and for a full range of water
vapor relative pressures. Typically, a 0.1 g wood fragment was weighted and outgassed prior to
the measurement under a vacuum of a residual pressure of less than 0.1 Pa in order to move the
air out of the wood and to eliminate most of the species physisorpted during the storage of the
sample, especially adsorbed water. The process was fully automated and measuring of 10
adsorption points took on average several hours.
Acoustic emission measurements were carried out by means of an AMSY-6 AE system
(Vallen System GmbH, Icking, Germany). Each AE channel was equipped with a VS900-M
sensor (frequency operating range = 100-900 kHz) in line with an AEP5 signal preamplifier
(2.5 kHz to 2.4 MHz). Each channel, sensor and preamplifier combination was kept fixed during
the monitoring of the logs. The rearm time and duration discrimination time were set to 3.2 and
1.6 ms, respectively, while pre- and post-trigger times were maintained equal to 0.2 and 0.4 ms,
respectively. The signal sampling rate used to calculate the primary AE parameters was 10
MHz, whereas a value of 1 MHz was used to record the transient signal. Signals were acquired
after applying a low-pass filter of 500 kHz, then the first peak amplitudes (i.e. maximum value
of the first amplitude peak) were integrated to obtain the amplitude values to be verified in the
attenuation models presented here. The disturbance caused by environmental noise was filtered
using the system-predetermined threshold level set to 40 dB. All the monitoring campaign was
conducted under environmental condition: relative humidity (RH) = 75%, and temperature (T)
= 6-10 °C.
3
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During the monitoring, at the surface of each selected logs, an acoustic emission events
was simulated using the pencil lead break (PLB) method, first proposed by Nelson N. Hsu [22].
Each PLB was performed following the requirements given by the standards (Ø= 0.3 mm and
2H lead) ASTM E2374-16 2016 and ASTM E976-15 2015 [23,24]and executed five times to
test the homogeneous sensors response. On every log, a linear series or array of 6 points, spaced
25 cm from each other, was created to locate the AE sensors (i.e. AE sources, Figure 2). Every
sensor was fixed to the wood surface by means of hot glue [25], and the PLB test was performed
4 cm above every sensor location. The same sensor array was created on a trunk in the
warehouse basement but using a spacing of 35 cm to avoid intercepting defects present on wood.
During the data analysis, collected data have been filtered following the constrains reported in
Table 1 ensuring the exclusion of signals linked to noise. Successively, a polynomial fitting of
the amplitude attenuation curve was used to obtain comparable distance values [25].

Figure 2: Scheme of sensors array and of distances between AE source (PLB) and sensors.
Table 1: Required level of accuracy during an AE event obtained by the PLB test procedure

Parameter
Required level of accuracy
Amplitude
40 < dB < 95
COUNTS
>3
Rise Time
> 3 µs
Duration
> 3 µs
Root Mean Square
< 10 µV

Moisture content (MC) measurements on logs and trunk were taken by means of a Trotec
T660 capacitive moisture meter (Trotec, Wels, Austria). The capacitive measurement method
is non-destructive since the dielectric constant  of the wood is determined via the
highfrequency field of the capacitor. When wood is altered by moisture content,  increases. In
the T660 the generated electric field by the sensor (i.e. the measurement field) forms between
the active spherical head and the substrate that is to be assessed up to a depth of about 0.5-4.0
cm (see Figure 3, left), keeping the probe sphere (Ø= 1.2 cm) perpendicular to the structure
surfaces. Being the radius of a Log of about 15 cm, this means the measurement field is
representative of the MC within ca 13% depth of the whole Log. With the T660, three
measurements were taken in the same points where the PLB tests were performed on every
investigated structural element (three Logs and the Trunk). The second utilized moisture meter
i.e. Trotec T610 microwave method, belonged to the category of dielectric MC measurement
method too. Being water a polar molecule, when subjected to an external applied altermatic
electromagnetic field it can be polarized, at macroscopic level this is evident by change in 
4
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values, which increase of more than one order of magnitude in presence of water (i.e. H2O 
80 while Dry spruce  1-3). In the microwave range, beside the high dielectric constant of water
(i.e. real part of ), the dielectric losses (i.e. imagery part of ) can also be used as measurement
parameter. An advantage of this second NDT is, in fact, that the influence on the resistive losses
caused by ionic conductivities due to the salts presence/weathering is reduced within the
operating frequency of the instrument i.e. 2.43 GHz. At such frequency these losses are virtually
negligible compared with dielectric ones, indicating that the microwave method is theoretically
independent by the presence of salts. In reality, as reported by experimental tests conducted by
Camuffo and Bertolin in 2012 [26], the efflorescence is almost not noticeable when RH is below
the salt deliquescence level very because the water layer adsorbed in the superficial salt
efflorescence is a very small fraction of the whole MC into the bulk material. However, when
RH exceeds the deliquescence level, the thin aqueous film that forms on the surface reflects the
signal giving the appearance of a damp material (e.g. approaching the Fiber Saturation Point
(FSP) conditions). T610 microwave sensor contains an antennae assembly that enable a
measurement field up to a penetration depth of ca. 30 cm i.e. the whole dimensions of the
monitored Logs (see Figure 3, right). Finally, the third and last moisture meter used was the
Trotec T3000 which uses the resistance or conductivity measurement principle i.e. an electrical
current generated in the device and conducted in the wood thanks to the insertion of 2 electrodes
or pins (length =2,0 cm, see Figure 3, central). With higher water content in wood the
conductivity increases and the resistance reduces (i.e. water is inversely proportional to
measured resistance). The resistance curve was corrected for the tested wooden material i.e.
spruce and automatically adjusted as a function of the surface wood temperature that was in
equilibrium with the air T. Surface and air T were detected using a thermistor NTC sensor.

Figure 3: Scheme of the penetration depth of the three moisture meters into the wooden Log.

3

DISCUSSION OF THE RESULTS

Two alteration forms have been observed on the investigated wooden elements: salts
efflorescence and what was interpreted as starting of fuzzy wood, being the log surfaces covered
by a quite soft and easily detaching fibrous layer.
The adsorption isotherms obtained by vacuum microbalance permit the identification of salts
crystallized inside the structures, that are: Sodium Chloride (NaCl), Sodium Nitrate (NaNO3);
Ammonium Nitrate (NH4NO3) and Magnesium Nitrate hexahydrate (Mg(NO3)2 · 6H2O) [25].
Table 2 resumes trends for the 4 analyzed samples reporting the statistical thickness of the water
layer (nm), the volume of adsorbed water (Vads= Mads/100, being Mads the % mass of water
vapor) and the percentage deviation from theoretical linearity. Our standard reference was the
trunk element as it was a clear wood sample with no salts presence.
Table 2: Statistical thickness of the water layer (nm), volume of adsorbed water (%) and percentage deviation
from theoretical linearity obtained for the four analyzed logs. Red circles indicate values of deviation form theoretical
linearity corresponding to the salts critical RH levels allowing determining the presence of Mg(NO3)2 (53%), NH4NO3
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(64%), NaNO3 (64%) and NaCl (75%)
Log1

Log4

Log8

t (nm) Vads (%)

%
%

t (nm)

Vads (%)

Trunk
%

t (nm)

Vads (%)

0.11
0.19
0.25
0.31

4.07
6.35
8.25
10.10

0.11
3.58
10
0.11
4.53
0.19
5.65
20
0.19
6.95
0.25
7.24
30
0.25
9.00
0.31
8.64
40
0.31
10.95
0.37 10.51 50 0.37 12.79
0.37

%
t (nm)
0.11
0.19
0.25
0.31
11.61

Vads (%)
2.80
4.40
5.78
7.17
0.37 8.78

0.44 13.78
0.53 19.53
0.65 28.63
0.81 44.94

90 0.81 32.68 90

0.81

28.30 90 0.81 19.19

90

0.92 66.048 93 0.88 34.91 93

0.88

30.72 93 0.88 20.72

93

1.00 90.81

98

The tmax value i.e. the maximum thickness of water film adsorbed at 93% of RH on the
surface of the sample collected by each log was calculated according to Bratasz et al. [27] and
then referred to the trunk element. Values of 2.3, 1.5,1.3 and 0,8 nm were found for Log1, Log4,
Log8 and the Trunk, respectively. This calculation was based on two preliminary assumptions:
i) the mass of adsorbed water changes linearly when the sample representative of a Log is not
affected by salts presence; ii) the effective diameter of water molecule is equal to 0.26 nm.
Parallel, also the number of water monolayers adsorbed by each sample could be calculated,
being 9, 4,3 and2 for Log1, Log4, Log8 and the Trunk, respectively. These assumptions are
reliable because plotting data reported in Table 2, a straight-line graph is expected if the water
layer can grow freely on the entire surface of the sample since water volume adsorbed is a
product of surface area and water layer thickness [25]. Deviations from linearity occur in
presence of condensation phenomena generally due to deliquescent salts responsible for an extra
amount of water. During our laboratory measurements, the point where the trend line deviates
from the linearity specifies the type of the dominant salt in the sample. Results shows the most
affected elements are respectively Log1 and 4, while Log8 remains quite safe from salts
crystallization. Summing up, the identified phases well match with both the environmental
conditions and the historical use of the warehouse. The presence of NaCl, in fact, can be imputed
to the marine setting as well as to its utilization for conservation and dehydration of fish, in turn
accountable for the presence of nitrates [25, 28, 29].
Attenuation curves obtained by AE measurements [25] show a strong amplitude decrease
with distance from the PLB event. As stated in literature, the alteration degree (including the
presence of rot) and the material moisture content can be detected using AE data [30]. Also in
this study, in fact, differences were observed for the studied logs, containing different amounts
of salts and moisture [25]. For the most affected one, Log1, the strongest signal lowering was
found if compared to the other wooden elements [25]. Considering that AE waves propagate as
plane waves with a 1D front of the simple harmonic wave travelling through the absorptive
medium without diffusion attenuation [31], an exponential absorption- scattering equation can
be extracted [25]:
|𝐴𝐴𝐴𝐴𝑥𝑥𝑥𝑥 − 𝐴𝐴𝐴𝐴𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇| = 𝐴𝐴𝐴𝐴0𝑒𝑒𝑒𝑒−𝑘𝑘𝑘𝑘𝑥𝑥𝑥𝑥
6
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being Ax the amplitude at distance x from the PLB point (dB), A0 the maximum amplitude at the
source (i.e. source distance = 0) (dB), ATHR a constant background amplitude, k the amplitude
attenuation factor (cm-1) and x the source-sensor distance (cm). The proposed equation
resembles the hydration model already proposed in literature [32] to explain the wave
propagation on materials surfaces at different hydration degrees.
Salts only barely affected the detection capability of sensors, since signals were registered
for almost all the distances [25]. Notwithstanding the very high relative humidity and low
temperature (85% and 2°C) conditions of the basement, the highest values were registered on
the trunk, while the highest amplitude attenuation was found for Log1. Consequently,
differences between the acoustic wave attenuation behavior in the three decayed Logs can be
related to their decay condition.
Analogues results on the type and level of decay of the monitored wooden elements, as well
as some limits of the applied techniques can be underlined looking at the data obtained by the
three used moisture meters (Figure 4). Here, original readings were analyzed in comparison to
the reference Log demonstrated to be safe and dry i.e. the Trunk. An equation (i.e. eq.2), that
resemble the definition of MC was used to conduct such analysis: (𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿,𝑖𝑖𝑖𝑖− 𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑘𝑘𝑘𝑘)
∗ 100
(2).
𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿,𝑖𝑖𝑖𝑖

In the plot, values of ca. 28-30 becomes therefore proxy for assessing the Fiber saturation Point
(FSP) within wood. Lower values proxy representative of adsorbed moisture which can modify
bound water (BW) embedded in the cell wall through adsorption and desorption; Higher values
proxy representative of free water (FW) that fills the wood cavities, once having filled the
wooden cells. Within each Log (i.e. Log1=L1; Log4=L4; Log8=L8), differences in the average
values of MC are representative of optimal conditions for specific type of decay within the
sensitive measurements field of the three instruments (i.e. areas highlighted in Figure 3). In the
case of the Capacitive moisture meter (red dataset in Figure 4), it demonstrates a low accuracy
in discriminating between different MC level among Log1, 4 and 8 as they result almost at the
same MC range between 76 and 79 (Unit: 100 * MC (%)). Notwithstanding a weak linear
increase among them exists; Log1 being the wooden element where a higher content of water
is detected which resembles values of FW i.e. liquid water embedded in wooden cavities. In a
similar way, the resistive moisture meter (black dataset in Figure 4) shows similar results with
values resembling MC in a range between 76 and 81. This means that the detected resistance
values are lower than 0.02 MOhm in a low accuracy range, strongly influences by wooden
species (although the calibration done automatically by the instrument) and the surface
temperature. In addition, although the physical principles of detection differ, both the 2 moisture
meters are strongly affected by the presence of salts, especially in deliquescence form. In the
first case they cause reflection of the signal with an output which can increase up to the full
range dampness [26]; in the second case they cause higher conductivity resulting in an
overestimation of the MC (i.e. resistive losses caused by ionic conductivities due to the salts
presence). Finally, in the case of the capacitive moisture meter, physical heterogeneities or
micro blistering (as in the presence of fuzzy wood appearance in Log1 and 4) can additionally
cause misleading high dampness values. For this reason, results from both the two methods have
low significance in this case study, although they demonstrate presence of salts in deliquescence
forms within the first 2 cm pf the superficial level of the Logs. At the opposite the microwave
moisture meter (blue dataset in Figure 4), provides more detailed information about the level of
decay in the Logs. Such method can detect that the whole Log8 is not affected by high value of
MC. This means that -in average - the bulk material is not damaged by salt weathering and still
in good condition, while is only the superficial layer that is affected by the presence of a thin
7
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layer of salts in deliquescence form (output provided by the 2 other moisture meters). This is
confirmed by the measurements done with the vacuum microbalance that detected 1.3 nm of
maximum thickness of water film adsorbed at 93% of RH corresponding to 3 water monolayers.
Different is the situation for Log4 and 1 which equally demonstrates the probability of having
average value of bulk material at the FSP, or a thick superficial layer contaminated by
deliquescent salts which reflects the penetrating electromagnetic field thus overestimating the
output and the MC values. Although we know, from the measurements conducted with the
microbalance, that such hypothesis if the most likely, however with the measurements from the
microwave moisture meter only such discrimination is not possible. The comparison with the
microbalance results demonstrates that already 4 monolayers of water (i.e. a maximum
thickness of 2.3 nm) at the surface of the material are sufficient to eventually overestimated MC
values at the level of FSP thus invalidating the capability of the instrument to penetrate deeper
layer of the material.

Figure 4: Analysis of moisture meters readings (i.e. black square and line: resistive moisture meter; red
circle and line: capacitive moisture meter and blue triangle and line: microwave moisture meter), elaborated to
resemble the definition of MC in reference to the Trunk as dried wooden element. Values of ca. 28-30 are a
proxy for the Fiber saturation Point (FSP). Lower values are proxy representative of adsorbed moisture which
modifies bound water embedded in the cell wall; Higher values are proxy representative of free water that fills
the wood cavities. On the right, the effects of such MC modifications are described as type of visible decay.

4 CONCLUSIONS
The proposed study of four spruce logs form a 20th century warehouse in Trondheim
(Norway) involved a multi-technique approach allowing obtaining complementary information
concerning the state of conservation of such structural elements.
The contamination degree of wood by salts has been evaluated performing water
absorption-desorption measurements by means of a vacuum microbalance that permitted the
identification of the main phases crystallizing inside the wooden structures and on the surfaces,
as well as the maximum thickness of the water film adsorbed on the samples surface. Outcomes
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indicated how the most contaminated and hydrated elements were Log1 and 4, while Log8 and
the Trunk resulted quite safe. Parallel, AE measurements evidenced differences in the
attenuation curves get on the four elements as a function of the alteration degree. Particularly a
direct connection between the wood hydration degree and how acoustic waves propagates into
the material, or more precisely on the material surface. These findings are also confirmed by
the measurements conducted with different moisture meters that, in the area of sensitiveness i.e.
their measurement fields, have demonstrated to be effective in (i) detecting the presence of salts
in deliquescence form already after the appearance of very few monolayers of water as the case
of the resistance and capacitive methods and (ii) in assessing an average level of MC in the bulk
material that remains representative of the overall conditions of material also under extreme
environmental conditions as the case of the microwave moisture meter working on Log8 during
this monitoring campaign (i.e. environmental conditions with high RH, low T conditions;
material with high contents of salts in deliquescent form and decayed by salt weathering and
fuzzy appearance). However, also this last method has demonstrated its limitation because
already 4 monolayers of water (i.e. 2.3 nm) at the wooden surface cause signal reflections which
overestimate the MC thus invalidating the capability of the instrument to penetrate deeper layer
of the material.
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Abstract. A brick arch was loaded under laboratory conditions in three successive loading
steps. No cracks were observed but reduction of natural frequencies and stiffness of the arch
was experimentally documented. The stiffness was evaluated in a non-destructive test using an
impact hammer and only two accelerometers. The proposed identification technique based on
known experimental modal analysis theory is tailored to stiffness evaluation of masonry vaults.
The results and the applied method are extensively discussed.

1

INTRODUCTION

Modal parameters reflect stiffness changes in building structures and are therefore applied in
the framework of health monitoring, estimated in order to detect possible damage in structures
or just to check the integrity of finite element models [1,2,3].
Application of experimental modal analysis to masonry structures (overview [4]) is less
common than to bridges, but there are numerous tests of churches [5,6,7] and publications
dedicated to the dynamic behaviour of masonry arches. The presented article follows up on
investigations performed in the nighties in England [8,9,10] and applies similar approach as
[11]. A good example of laboratory research appeared recently in [12].
Brittle materials that form cracks under static loading are more suitable to vibration based
damage detection than steel structures or pre-stressed concrete. On the other hand, they are
likely to behave in a non-linear way which makes the application of experimental modal
analysis questionable. Experience with similar structures shows that the influence of nonlinear effects (probably mainly due to damping) increases with distance from the excitation
(loading) point, and the dynamic response of the structure depends on loading location [13].
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The proposed experimental procedure therefore only uses measured driving point frequency
response functions (FRF) for the evaluation of the condition of the investigated brick arch. It
does not extract the modal properties but instead estimates the static flexibility from the FRFs
directly. The experimentally obtained flexibility increases with applied static load as the
measured response to the hammer impact confirmed.
The proposed method is therefore possibly applicable in the health monitoring of brick
vaults as well as in the experimental assessment of the collapse mechanism of masonry
arches.
2 STATIC FLEXIBILITY ESTIMATION
Flexibility (which is the inverse of stiffness) has been successfully applied for damage
detection in the past [14]. The main advantage is that it converges early with the few first
modes when derived from measured results.
Static flexibility can be estimated as the frequency response function (receptance) at zero
frequency [8,15]. The FRF at each driving point can be approximated as the sum of as many
single degrees of freedom (SDOF) systems as there are distinct frequency peaks in the
particular FRF for each driving point independently.
The FRFs were obtained from hammer impacts, and the driving (hitting) points were selected
at regular distances along the vault (see Fig.1) – 16 points along the arch. As it is impossible
to measure the vibrations at the excitation point, two points to the left and right of it were
selected. It was measured only in the direction perpendicular to the vault surface, and the two
accelerometers were moved along with the hammer.
In order to estimate the FRFs at the zero frequency it is necessary to perform a curve fit and
transfer the measured inertances into receptances. A good curve fit around the peaks is
essential for the success of the method, however, a simple SDOF fitting worked fairly well
here. The dominant peak frequencies were estimated from the summarized FRF, and then a
simple amplitude fitting was performed. Application of more sophisticated fitting methods is
planned next.
3 ANALYSIS
In order to check the credibility of the experimental results a linear finite element (FE)
model was created in ANSYS 17.2 using Solid185 elements. First comparisons of the
measured and computed results confirmed that the boundary conditions were close to the
clamped state. After adjustment of the elasticity modulus to 3 GPa and the density to
1700 kg/m3 the natural frequencies roughly corresponded to the measured ones (see
Tab.1). This model was used to compute the static deformations due to unitary static
load at measured locations which correspond to the experimentally evaluated flexibilities
(see Fig.3). Only the intact condition was simulated.
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Table 1: Comparison of computed and measured natural frequencies for the intact condition
Mode No.

Analytical Frequencies [Hz]

Experimental Frequencies [Hz]

1

28,52

30,7

2

35,32

32,4

3

55,75

52,0

4 EXPERIMENT
The experimental site is shown in Figure 1. The radius of the arch was 1.625 m, its span was
3m and width 0.75m. Accelerations were measured with the transducers SKF CMSS 793L in
two rows of measured points perpendicularly to the surface at equal distances of
approximately 255 mm. The 8202 Brüel&Kjaer impact hammer was used to hit the surface
of the arch between the measured points with a peak force of approximately 400 N. The
sampling rate of 1 kHz was used and the time for each measurement point took cca 120 s
including five impacts for averaging.
After the dynamic experiments on the intact arch the static force of 24, 36, 48 kN (x2) was
applied in three successive steps at the 1/3 points. After each loading step dynamic impact
measurements were repeated in the unloaded condition. Finally, the arch was destroyed by
2x129 kN total force (it was reinforced by CFR plates).

Figure 1: Experimental site (note the two moving accelerometers at the vault´s heel)
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In spite of the fact that no cracks could be observed on the arches after the stage where 48 kN
was applied, the shifts in frequency spectra (see Fig.2) and the evaluated flexibilities (see
Fig.3) revealed a gradual loss of stiffness. This drop in stiffness was not confirmed however
by the deformations measured during the static loading. The hypothetical explanation for this
phenomenon may be a possible development of micro cracks.

Figure 2: Summarized measured Frequency Response Functions

Figure 3: Experimentally estimated calculated flexibility
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The increase in flexibility (or loss of stiffness) can be plotted relatively to the intact condition
(see Fig.4) showing that the major damage occurred in the middle of the arch. This indicates
that the experimentally estimated flexibilities could potentially be used to predict the failure
mode which is sometimes a problem with ageing masonry structures, as mentioned in [10].
5 CONCLUSIONS AND DISCUSSION
The completed experiments showed that the dynamic properties of the tested masonry arch
were influenced by the applied static load. The estimated flexibilities and the drop in natural
frequencies indicate a gradual loss of arch stiffness due to the static loading. However, no
significant drop in stiffness was observed during the static loading. A possible explanation may
be that the behaviour of the arch at very low vibration levels (induced by the impact hammer)
is influenced by micro cracking and is therefore of a different character than static behaviour
under substantial static load.
The experimentally estimated flexibilities will therefore not be reliable in predicting static
deformations of masonry structures – unlike steel structures [16] – but they could possibly be
applied to predict failure modes after further research.
The tested arch was a bare structure without infill or permanent static loads, which made the
dynamic testing easier. However, further application of the proposed procedure to test its
applicability to the condition assessment of ageing masonry structures seems reasonable.

Figure 4: Relative Increase of Flexibility
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Abstract. Stone masonry is recognized as one of the most used vernacular construction techniques
around the world. Although centuries of proven resilience and high adaptability to context, stone
masonry has been progressively replaced in construction industry in the last decades, namely in
countries as Portugal, by industrial and concrete-based materials and building systems. Nowadays,
with the lack of traditional masons, an important part of traditional stone masonry constructive
know-how is endangered. In face of growing concerns regarding heritage preservation,
researchers are aware of the need to scientifically know such structures. Being less studied,
vernacular schist rubble masonry was selected as case study and tested to characterize its
mechanical behaviour and durability parameters. The potential of retrofitting of such structures
was also assessed [1].
Eighteen double-leave wallets were built following local building traditions [2] and prepared
according to 3 different setups of 6 specimens each: i) non-coated; ii) coated with commercial
lime coating; iii) coated with commercial lime coating and injected with lime-based grout. The
experimental campaign was designed and implemented in stages for a period of three years:
i) experimental characterization of stones and mortars; ii) axial compression testing of
reference specimens; iii) salt-based accelerated aging following wet-dry procedures [3]; iv)
axial compression testing. Damage progression was monitored by visual inspection, mass
variation and sonic testing [4].
1.

INTRODUCTION

Stone masonry has been for centuries a main tool used all around the world, helping mankind
to shape its territory, and thus answer community’s survival needs. Built using almost all kind
of available natural materials, a wide diversity of types of masonry can be found, being most
examples developed for specific uses. In Western Europe, the long stone masonry building
tradition lost its leading role around the mid-20th century due to strong industrialization of
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construction, mostly based on cement products. As a result, much of the empirical knowledge
associated to vernacular stone masonry is endangered. Such risk is much higher in rural
contexts, due to the loss of traditional ways of life, but also due to rural abandonment that leaves
stone masonry structures without any kind of maintenance. Resulting from centuries of trial
error experience-based knowledge, stone vernacular masonry heritage has been used as active
farming and territory management tools until recent decades [5]. Such heritage is a vital element
of the rural landscape and part of its priceless cultural value due to its high authenticity (tangible
value) [6, 7]. For being a testimony of past ways of life, vernacular stone masonry is an
inseparable dimension of European rural identity (intangible value) [8]. However, vernacular
masonry preservation faces severe challenges, mostly related with insufficient knowledge.
Although academia’s recent investment, scientific and technical knowledge on the topic of
preserving vernacular heritage is still scarce.
Taking into consideration the risks, but also the social-economic potential of such
endeavour, a research was undertaken to understand the structural behaviour of vernacular
masonry. Aligned with ongoing research on the topic [2], Northwestern Portuguese vernacular
schist rubble stone masonry was selected as case study for this paper.
2. METHODOLOGY
To achieve the research objectives, schist rubble masonry was tested for axial compression
to determine its main mechanical parameters. Also, to understand the influence of durability
over masonry structural performance, axial compression tests were performed on acceleratedaged masonry. The topic of masonry preservation was also addressed, by testing retrofitted
masonry under both test conditions.
Eighteen schist rubble masonry wallets (600 x 600 x 300 mm3) were built in a controlled
laboratory environment at University of Minho, using traditional building methods [2]. Wallets
(W) were prepared according to specific setups and divided into 3 sets of 6 wallets each, being:
i) non-coated masonry (N); ii) coated masonry using commercial lime mortar similar to
traditional coating (C); iii) coated masonry with the same commercial lime mortar and injected
with a lime-based grout (I). Wallets were then tested under two different test conditions (3
wallets of each set and test condition) to obtain reference and durability mechanical parameters,
namely wallets tested after the curing period (WU) and wallets tested after being aged (WA).
The experimental campaign was designed and carried out in three different stages (three years
period) as follows: i) wallets were built and left to cure for a period of 120 days; ii) WU wallets
were tested under axial compression; iii) WA wallets were aged using a specifically designed saltbased accelerated aging test, divided into a salt loading stage of 9 wet-dry cycles during 2 months,
followed by an aging stage at natural conditions, for 12 months; iv) WA wallets were tested under
axial compression. During this time period, complementary tests were performed to collect
additional data (results under elaboration), namely: i) main physical and mechanical parameters of
stones and mortars [9]; ii) sonic testing of walls at the beginning and throughout the accelerated
aging period to assess the potential of applying such technique to determine rubble masonry
parameters [4]; iii) regular visual inspection of walls and mass variation analysis.
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2.1. Wallets construction
Wallets were built by a professional stonemason using local schist stone blocks (average
compressive strength fc of 35 MPa on both anisotropic directions), collected from demolished
buildings, being their final shape given on-site. Local granitic soil, locally named “saibro”,
was used as bedding and joint mortar. Soil was sifted and mixed with water until reaching the
required workability (between 160 mm and 180 mm checked by flow table test), resulting in a
very poor mortar (fc < 0.1 MPa), known for regaining workability if wet. As shown in Figure
1, double-leaf cross-sections (30 cm wide) were built by overlapping header and stretcher
proportioned parallelepiped stone blocks of different sizes (< 250 mm x < 60 mm x < 400 mm).
Stones were bedded parallel to foliation orientation, using small size schist wedges and soil
mortar. Wallets’ wythes were connected by using bond stones and by overlapping stone blocks
at the inner core. The inner core was filled with soil mortar and small stones. Joints were pointed
with soil mortar.

Figure 1: Wallets: (a) construction stage; (b) sonic testing.

As illustrated in Figure 2, wallets were built over either a 50 mm thick iron plate (WU) or a
300 mm thick nylon plate (WA). The latter was selected for its resistance to salt damage. As
shown in Figure 3a and Figure 3b, cross-section was built over a 20 mm layer of cement mortar.
At the top, a cap of cement mortar was also built to stabilize the masonry. Afterwards, see
Figure 3c, the main faces of wallets were coated with a commercial lime mortar exhibiting a
performance similar to traditional lime mortars, and it was applied in two layers with an average
thickness of 20 mm. Lateral faces were coated with a another lime-based mortar with 15 mm
thick, reinforced with a commercial acrylic mesh. The purpose of the later was to improve walls
resistance during transport and water immersion operations. To allow transporting and injecting
wallets, a second 50 mm thick iron plate was placed over the cap, with styrofoam absorber in
between, and attached with rods to the base plate.
Grout injection was applied to I wallets after repointing the joints with soil and before applying
the coatings (see Figure 3d). Injection hoses were inserted into the masonry fabric forming a grid
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pattern. Water was injected to moisten the masonry. After a period of 24h, a commercial limebased grout was injected at low pressure from the bottom towards the top of the wall.

Figure 2: Schist masonry wallets schematics (dimensions in meters): (a) and (b) main faces coated with
commercial lime mortar similar to traditional mortar; (c) and (d) lateral covers coated with commercial lime
mortar; (e) top cement cover (stabilizing layer + levelling layer); (f) cement base layer; (g) grout injection hoses;
(h) top transport and injection iron plate; (i) base plate in iron (WU) or Nylon (WA); (j) iron rods.

Figure 3: Wallets construction stages: (a) bottom cement mortar layer; (b) construction procedure;
(c) application of the main faces coating; (d) grout injection.

2.2. Compression tests
Axial compression tests were performed to determine masonry wallets strength (fc) and
elastic parameters (E) [10], using a servo-controlled actuator under axial displacement control
at a rate of 20 μm/s. As shown in Figure 4, LVDTs were used to monitor displacements between
plates (P1-P2), and to monitor deformations on the walls faces (main faces: V1-V2; H1-H2;
lateral faces: H3-H4). Preliminary testing showed that due to schist well-defined foliation, thus
with high risks of lamellar disaggregation, the use of bolts to attach LVDTs to masonry was
unfeasible. Therefore, glue was used to attach LVDTs. All coatings were prepared in order to
avoid its direct contact with the loading plates, so the axial load was applied to the masonry
wall only.
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Observations during the WU compression tests showed an early detachment of the coatings,
making the attached LVDTs data unusable. Moreover, attaching LVDTs to WA wallets was
unfeasible due to salt presence. Therefore, the setup was adjusted for the second stage of
compression tests, reducing the number of LVDTs to the P1-P2 (see Figure 4c). If required,
the top of wallets was levelled with a very thin layer of fast hardening mortar. A spherical seat
was used under the top loading plate to ensure specimens a proper alignment and adjustment to
the loading plates. For each set, a first wallet was tested under axial monotonic compression to
determine the peak load. Based in this value, parameters for the cyclic tests were set: i) until
peak load, unloading procedure was controlled by load, and started at every 30 kN of additional
load for N and C wallets, and 150 kN for I wallets; ii) after peak load, unloading was controlled
by displacement, and started at every 12 mm for N and C wallets, and 20 mm for I wallets;
iii) reloading was started when unloading force reached 10 kN.

Figure 4: Axial compression test setup: (a, b) WU wallets; (c) WA wallets.

2.3. Accelerated aging tests
For its known damaging effects over masonry, salt was selected as weathering agent [11,12].
Masonry wallets were subjected to wet-dry cycles with full immersion into a 20% sodium
chloride (NaCl) solution by weight. The selection of the salt was carried out using preliminary salt
weathering tests on cubic specimens [13]. Sodium sulphate decahydrate (Na2So4.10H2O) was ruled
out for its excessive destructive effect over schist, as shown elsewhere [9]. NaCl is a hygroscopic
and deliquescence salt, meaning that it absorbs atmospheric moisture and can form a solution, if
environmental RH is above salt’s equilibrium RH at a given temperature (30 ºC, 75.1% RH)
[12,14].
By varying temperature and RH conditions during the WA testing, the number of dissolutioncrystallization cycles increased, inducing a higher level of damage to wallets [3]. Taking into
consideration the unfeasibility of oven-drying the wallets, a 20% concentration by weight was
selected as suitable for such required effect. Wallets were previously weighted, and to ensure
water absorption only through the main faces, a waterproofing coating was applied over the top
and lateral covers, see Figure 5a.
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The WA test was implemented in two stages: i) an initial wet-dry cyclic stage to load wallets
with salt (WA1), see Figure 5b; ii) a subsequent natural drying stage under laboratory conditions
(WA2), see Figure 5c. WA1 was implemented into 9 cycles (168 hours of duration each), being
each cycle started with an initial full immersion stage (72 hours), during which the solution was
kept in continuous motion to avoid areas of salt crystallization (walls and edges of the tank),
followed by a monitored and controlled drying period inside the enclosed tank (96 hours). In turn,
each drying period was subdivided into a period of drying with heated ventilation (7 hours with an
average of 40 ºC and 25% RH), followed by natural drying (17 hours with an average of 23 ºC and
78% RH). WA2 drying lasted for a continuous period of 365 days, in which wallets were kept at
room temperature and RH, inside the opened tanks. Environmental conditions variations along this
period where monitored but not controlled. To monitor damage progression, wallets were again
weighted at the end of the test, and visually inspected, photographed and analysed with sonic
testing at each cycle and test stage. To monitor the effectiveness of the salt solution, 5 cubic
stone specimens were placed inside the tank. These were weighted, visually inspected and
analysed by UPV at each cycle and test stage. The solution temperature was on average 25 ºC,
being samples collected to check concentration by weight variation. If needed, salt or water
were added.

Figure 5: WA test: (a) application of the final waterproofing coating (b) filling of the tank with salt solution for
immersion of wallets (WA1); (c) wallets during the natural drying stage (WA2).

3. RESULTS
WU test results are presented in Table 1, which reveal a lower compressive strength (fc) in
comparison with other common types of Portuguese stone masonry presented in Table 2.
Non-injected N and C wallets were only stronger than adobe masonry. Analysing results for the
elastic modulus (E), both present low values. Analysing results for inject I wallets, average
values for fc are similar to the reference schists, although with a higher average value for E.
These results demonstrate the positive effect of grout injection over rubble schist masonry
strength and stiffness. A detailed analysis to N and C wallets mechanical parameters, show
similar fc values, thus revealing no significant influence of traditional coating over strength.
However, and although higher values for CoVs and E values for C wallets may indicate some
influence of traditional coating over masonry elastic behaviour. The obtained results for
strength and stiffness may be explained by schist stone initial weathering, taking into
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consideration the origin of the stones, the very low strength of its soil mortars, and the high
percentage of voids of the tested rubble masonry. Using I wallets specific weight (average of
19.30 kN/m3) and the known volume of injected grout (27 l on average), the masonry voids
index was calculated revealing high average percentage of voids of about 24%.
Analysing in detail results for I wallets, obtained values show an undeniable performance
improvement, being 5 times stronger (on average) than non-injected walls, 2 times stiffer (on
average) than N and 5.5 times (on average) than C. The compressive strength increase of
injected wallets in comparison with non-inject wallets is similar to the gain values obtained
elsewhere [15] for compressive strength, but higher regarding E gains (injected schist wallets
tested in [15] were 3 times stronger and stiffer than non-injected ones).
Analysing Table 1 regarding WA wallets results, the loss of strength and stiffness is visible
for all tested walls. Being on average 1.3 and 1.4 times weaker and on average 2 and 5 less stiff,
results show non-injected wallets higher susceptibility to the WA test. On the other hand, being
in average 1.1 times weaker and 1.4 times less stiff, injected I wallets showed higher resilience
to the WA test. Explanation of such results may be related to the high percentage of internal
voids of non-inject N and C wallets, which acted as moisture penetration and accumulation
points, decisively contributing to the higher levels of observed damage. In the same way, lower
losses of mechanical performance for I wallets may be pointed to the lower percentage of
internal voids, thus being less exposed to water penetration and resulting in lower level of
observed damage. Preliminary tests showed schists strong water absorption (average Ab of
7.5%, see [9]), thus higher susceptibility to salt damage [11,12].
Analysing damage resulting from the WA test, Figure 6a to c, WAN wallets stone blocks
presented severe superficial salt damage with efflorescence and the formation of crust and
patina. As observed, stone blocks show also powdering and disaggregation of faces and edges,
and some level of lamellar disaggregation [17]. With undeniable influence over masonry
structural performance, non-coated joints mortar was washed away during immersion, resulting
in cases of loose wedges. As observed, soil mortars settled at wallets lower half, changed the
internal dispersion of voids (increasing at the top and decreasing at the bottom). Additional
internal stress caused by the activation of clays inside schists and soil mortar should also be
taken into consideration [14,18].
Table 1: Strength (fc) and elastic modulus (E) results (in MPa).
Test
conditions

N
fc (MPa)
0.69

U

E (MPa)
54.50

fc (MPa)
0.63

I
E (MPa)

299.74

fc (MPa)
3.41

E (MPa)
318.8

0.67

0.72

58.97

59.76

0.65

0.62

144.58

165.09

3.07

3.30

234.8

332.07

0.81

[0,06] (9%)

65.82

[4.65] (8%)

0.59

[0,06] (9%)

50.94

[102.6] (62%)

3.41

[0,16] (5%)

442.59

[85,35] (26%)

-

0.55

A

C

0.42

26.05

3.03

256.5

0.68

0.57

27.39

28.78

0.40

0.44

42.41

32.70

3.22

2.91

210.4

231.89

0.48

[0,08] (15%)

30.17

[1.39] (5%)

0.49

[0,08] (15%)

29.64

[7.02] (21%)

2.47

[0,32] (11%)

228.71

[18.95] (8%)

Note: Compression (fc) and elastic modulus (E) average results are indicated in bold; Standard deviation (SD) is indicated inside rectangular brackets; Coefficient
of variation (CoV) is indicated in percentage inside rounded brackets.
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Water penetrated through the coating applied to C wallets main faces and accumulated
inside, causing the same type of damage above-described. It is noteworthy that all coatings
showed severe effloresce and salt accumulation, with WAC and WAI wallets main faces
coating presenting areas of granular disaggregation. The loss of lime coating stiffness was
confirmed during the sonic tests. As observed, such type of coating became successively less
stiff after each wet-dry cycle, being this damage severe in the case of WAC wallets, due to the
strong presence of internal moisture. The loss of performance of main faces coatings can
explain the WAC strong drop in E parameter. As shown in Figure 6d and f, internal stress
combined with salts accumulation at the stone/coating interface led to lime coatings early
detachment in WAC. Such damage was not detected in WAI wallets.
Table 2: Results from common types of Portuguese stone masonry [16].
type of masonry
granite
limestone
schist
adobe
rammed earth

fc (MPa)
48.9
8.0
3.8
0.3
1.3

E (MPa)
7490.6
1640.0
164.6
113.0
1034.0

Figure 6: Damage observed during the WA test: (a) and (b) examples of different salt deposits on schist stone;
(c) efflorescence; (d) efflorescence located at the coating/masonry interface; (f) example of WAC with
superficial salt deposits, ruptured lime coating and detached lateral covers.

Damage in WAC main faces coatings was always severe in one side of the wallet (typically
face A), with full coating thickness fractures and even ruptures. On the opposite side, only
superficial crack patterns were detected, and were similar to the ones observed for the WAI
wallets. On one hand, these results show that higher amounts of water inside wallets resulted in
higher levels of damage on coatings. On the other, it became clear that water follows out
through the easier way, in this case through the damaged coating, thus avoiding blockades and
causing less damage over the remaining coatings. The observed preferential penetration
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direction (face A) seems to be related to unforeseen effects related to the solution for water
circulation inside the tank.
Without coatings, such behaviour was not clear on WAN wallets, and was not observed in
WAI wallets. A lower percentage of internal voids restricted water movements inside WAI
wallets, and it seems the injection hose’s tips provided a stronger stone/coating connection,
preventing coating detachment or severe mechanical damage. By the end of the natural drying
stage, due to salt accumulation at the interface, lateral covers detached from masonry in WAN
and WAC wallets. In all WA wallets, salt accumulation at the interface between the coatings
and the final waterproofing coating, caused the latter to rupture. By the end of WA test, control
specimens showed lamellar rupture, and severe powdering faces and edges [17].
Analysing stress-strain diagrams in Figure 7, the similar brittle behaviour for all tested
wallets and for both testing conditions is clear. N and C wallets showed a trilinear behaviour
for all tested wallets, characterized by a very short initial linear stiff branch until the cracking
of the first large stone block, followed by a longer deformation branch (non-linear) up to peak.
As shown in the cyclic behaviour diagrams, N and C wallets linear hysteretic cycles reveal
inability to dissipate energy, but almost no strength degradation was observed. Figure 7 shows
stronger and stiffer I wallets when compared with the non-injected wallets.
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Figure 7: Stress-strain diagrams for WU (left) and WA (right) wallets.

The observed bilinear behaviour is characterized by a long stiff branch almost up to peak.
The hysteretic curves confirm the injected masonry higher stiffness, with undeniable recovery
capability in unloading-loading cycles. However, I wallets diagrams also show an initial
accommodation stage that may be related to the use of soil as mortar.
Figure 8 and Figure 9 illustrate typical failure patterns, which may be described in 4 levels:
(1) damage started with the expulsion of mortar joints due to compression, with slight opening
of joints and cracking of smaller stones and wedges; (2) the fracture of larger stone blocks,
generally located at the lower half of the wallet, led to the formation of diagonal cracks, which
propagate through joints, causing the detachment and rupture of the coating; (3) external leaves
start to deform and to detach, and large and deep cracks propagate with large opened joints
exposing the inner-core; (4) external leaves start to disintegrate by losing loose and crushed
stone blocks. Due to very poor bond in N and C masonry, wallets show higher deformability
and were more exposed to disaggregation. Due to a stronger stone/mortar bond provided by the
grout, I wallets disaggregate into large blocks of masonry.

Figure 8: Example of WUN wallet: (a) initial damage with opening of joints and cracking of smaller stones and
wedges; (b), (c) and (d) final damage with deep cracks, loss of stone blocks and leaves detachment.
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Figure 9: Example of tested WAI: (a) initial damage (visible after the rupture of the coating) with opening of
joints and cracking of smaller stones and wedges; (b) formation of large diagonal cracks and fractures in stone
blocks; (c) and (d) extensive damage with disaggregation of leaves and formation of different blocks.

4. CONCLUSIONS
From the research presented in this paper, it became clear the low strength and stiffness of
vernacular rubble schist masonry from Northwest Portugal. The use of lime coatings, similar to
traditional ones, does not affect the masonry strength, but it seems to have a positive influence
over stiffness.
Results show that grout injection increases is effective in filling the voids, thus it improves
vernacular schist rubble masonry mechanical performance. Simultaneously, results show that
this retrofitting technique reduces water penetration and accumulation inside walls, thus
improving its durability.
Regarding failure, the cracking of larger stone blocks decisively affects rubble masonry
stiffness. The opening of joints, the detachment of leaves and disaggregation of leaves, caused
by deformation, were the most common types of mechanical damage.
The accelerated aging tests, with full immersion in salted water and drying cycles, to cause
aging, as proven its validity to analyse stone masonry durability.
Without the grout protection, aged schist masonry presented severe damage and mechanical
performance losses due to the washing and settlement of mortars. Damage also resulted from
the cracking and rupture of coatings, due to salt damage at the coating/masonry interface.
Although the overwhelming salt damage observed in the surfaces of the stone blocks posed no
immediate structural threat, preliminary tests revealed that it inevitably evolves to the complete
disintegration of stone blocks (lamellar and granular).
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Abstract.
Resistance drilling devices are commonly used for the onsite inspection of wood and timber
structural components in existing buildings. Although they provide a measure related to the
density variation along a section of an element, results are used mainly qualitatively, due to
several parameters that affect the computed values.
In this paper, several new and old timber elements, taken from the dismantling of original roofs
from a large existing historical building in northern Italy, are tested through a series of ND
(non-destructive), SD (semi-destructive) and destructive testing procedures. Various wood
species (spruce, fir, larch, oak, elm, pine) are taken into consideration.
Among the applied testing methods (visual inspection, resistance drill, ultrasonic, needle
penetration, radar, lab tests bending/compression), not all reported here, a focus on the
resistance drill tests results is addressed, to evaluate the influence of consumption of the needle
tip on the amplitude output. This was done by correlating the drillings to a reference sample
on each test position to obtain data with an enhanced quantitative content. From the visual old
timber elements grading, SD tests execution and successive element strength characterization
through laboratory tests, it finally emerged the need for proper calibration of assessment
methodologies through the application of a combined approach, in order to achieve more
reliable results.
1

INTRODUCTION

Diagnosis of current state of timber components in existing buildings is supported by
investigation tools applied onsite as non-destructive (ND) and semi-destructive (SD) test
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procedures [1][2]. Among them, resistance drilling devices [3] are commonly used to check the
conservation condition of wood and detecting possible inner flaws, joints, etc. This device
provides a densiometric profile along the investigated section, based on the drilling power
consumption of a thin long needle driven into the wood at speed rates kept constant by
electronic control [4]. Being a local test method, timber components in existing buildings often
require multiple measures, depending on specific problems to investigate (e.g., beam ends
threatened by moisture due to masonry contact, presence of decay, cracks).
The need of defining the state of conservation of existing timber elements, related to local
material consistency, is often coupled with the request of element classification according to
the reference standards for safety evaluations [5][6], which is related to the overall features of
the timber element (mechanical damage, wood fibers angle, presence of knots).
The paper investigates some issues arising from the application of the resistance drilling method
proposing test procedures aimed at minimizing the data inherent qualitative aspects, with the
final goal to improve the existing timber elements classification methodology as proposed by
the Italian reference technical standard [6].
2

EXPERIMENTAL ACTIVITY LAYOUT

The experimental program included a series of ND/SD tests on new and old structural timber
elements, followed by destructive tests aimed at determining some mechanical properties of the
elements. The non-invasive testing campaign took place at the Bozza srl timber company
(located in Vigonza, Italy), while the mechanical tests were carried out in the laboratory for
tests on building materials, in the Department of Civil, Architectural and Environmental
Engineering of the University of Padua.
The timber beams investigated in the context of the work carried out were:
- 21 “old” beams of different species, recovered from the dismantling of the roof of the
Moncucco farmhouse in Milan (now a student house of IULM University of Milan), having
different dimensions and cross sections (Figure 1).
- 12 new beams (6 spruce and 6 larch beams), having a cross section of 160x160 mm and
different lengths. The new beams are classified as C24 (spruce) and C22 (larch) according to
the resistance classes of UNI EN 338 [5].

Figure 1: Timber beams ready to be tested at Bozza Legnami premises
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2.1 Resistance drill distributed testing
Rather than obtain densiometric profiles of the timber elements in few or singular points, it
was chosen a distributed test procedure, still considered feasible during onsite professional
activity, to obtain an overall (averaged) drill resistance amplitude value. This attempt was done
in order to take into consideration the presence of material inconsistency (cracks, decayed
wood, etc.) with its balanced influence on the entire element. As acquisition pattern, a line of
points with a regular spacing of 50 cm on orthogonal faces was chosen (Figure 2). Each beam
was then investigated on two adjacent sides with about 4 to 10 measurement stations per side.
In all the tested points the equipment was not directly placed in contact with the timber:
between the tip of the drill and the beam a C24 spruce timber sample of known height was
placed. Such samples were parts of spruce boards classified C24, having a height of 27 mm and
a moisture content of around 12% at the time of testing. To standardize the results and thus
make them as homogeneous as possible, an attempt was made to cross perpendicularly the
growth rings of the spruce sample elements with the tip of the drill.
The purpose of this procedure was to have a direct comparison between the density of the
known wood with what was going to be tested, obtaining a first estimate of the relative density
between the two materials; moreover, in this way it was possible to compare the various
densiometric measurements with each other even if different settings of the instrument were
used (i.e. velocity of penetration or rotation), as the outputs were normalized always referring
to the initial portion of 27 mm of spruce (Figure 3).

Figure 2: Test layout for beam L1 (larch): regular 50 cm spacing was selected on two orthogonal faces of beam

Figure 3: Element of known characteristics (spruce C24, height 27 mm) positioned between wood to be
investigated and instrument, and corresponding densiometric profile (red: sample; yellow: tested element)

A quantitative parameter was chosen that could identify a summary value for each
measurement made with the instrument:
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𝑙𝑙

∫ 𝑅𝑅(𝑥𝑥)𝑑𝑑𝑑𝑑
𝑅𝑅𝑅𝑅 = 0
%
𝑙𝑙

(1)

where:
RM = averaged test amplitude value [%]
R(x) = instantaneous test amplitude value [%];
l = depth of needle penetration [mm].

The reference parameter was then RMnorm, intended as the ratio between RM calculated from
a test position on the timber element and RMC24, i.e. the RM value calculated only for the first
27 mm of known spruce; in both cases, the parameters were determined considering the "feed
curve" of the used device [7]. The aggregate RMnorm values for all tests per each beam are
shown in Figure 4. The C24 sample element applied on the timber surface of the investigated
beams to compute normalized values of RM proposes indeed more informative data on the
evaluation of the actual state of wood, for allowing immediate test results comparison among
different cases and conditions. The use of the C24 spruce element allowed also to evaluate the
trend of the RM value over time, observing how this increase with the number of the
measurements. The use of a normalization element is therefore necessary as measurements
performed on the same element at different times lead to different (increased) RM values
(Figure 5).

Figure 4: RMnorm values for all the tested timber elements, corresponding nr. 1-21 to old elements and acronyms
S1-S6 / L1-L6 to spruce C24 and larch C22 new elements

Figure 5: Influence of pin consumption on resistance drill amplitude chart on timber sample elements, which
remarkably increases with the use of device
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This phenomenon, likely due to the consumption of the tip of the resistance drill (tip sharpness
progressively reduced), is not the only factor influencing the instrument outputs: it has been
noticed that as the instrument settings vary (feed and rotation speed) the RM value is
remarkably different. The influence of the drill settings in the amplitude response chart was
quantified on the spruce sample element (27 mm thick at 12% MC, classified as C24 according
to UNI EN 338 [5] by using various speed/rotation rates (keeping one parameter constant when
varying the other and vice versa), thus obtaining relevant data for test output interpretation. For
the same feed speed, RM will increase as the rotation speed decreases, while on the contrary it
decreases with the penetration speed, with the same rotation speed (Figure 6).

6

4
2
0

250

speed rate (cm/min)

RM = -0,0027 drill speed + 11,276
R² = 0,7411

0

1000

2000

3000

4000

rotation speed (r/min)

Figure 6: Drill resistance amplitude by varying feed speed and drill rotation speed (rpm)

3

MECHANICAL CHARACTERIZATION AND MD/D TESTS COMPARISON

Experimental laboratory tests were carried out with the aim of obtaining the mechanical
parameters that can be correlated with the results of the non-destructive and semi-destructive
tests carried out on the same timber elements. The tests carried out were bending and
compression tests on real-scale elements (Figure 7).
Both types of test refer to the requirements indicated in UNI EN 408 [8], which specify the
test methods and the dimensions of the samples. Tests involved 9 reused and 6 new timber
elements.

Figure 7: Execution of mechanical tests at DICEA laboratory, according to EN 408 (compression/bending)
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A comparison between the resistance drill averaged values RM and the mechanical
characteristics emerged from the laboratory tests are given in Figure 8. As it can be seen, the
correlation coefficient between fm/fc,0 vs. RM (charts above) is very low and almost no
relationship can be established between the laboratory and onsite results. On the contrary, very
interesting results emerge when plotting the mechanical results versus the parameter RMnorm,
i.e., normalizing the average value on the sample element of known characteristics. This
allowed to balance the overall densiometric profiles on a well characterized sample, depending
from parameters (i.e., pin consumption) which are uncontrollable on site.
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Figure 8: Correlation of mechanical characteristics of old and new timber elements in terms of compressive and
flexural strength, versus the parameter RM (above) and RMnorm (below)

4

VISUAL INSPECTION AND ELEMENTS GRADING

The UNI 11119:2004 standard [6] (Cultural heritage, Wooden artefacts, Load-bearing
structures of buildings - In situ inspection for the diagnosis of existing timber elements),
indicates the classification rules and the methods for measuring the quantifiable characteristics
on the structural existing timber elements. For assignment to a category, all characteristics
and/or defects must fall within the specified limits (Table 1).
Starting from these indications it therefore reports, for wooden elements of different wood
species and categories: (i) the maximum stresses, which can be adopted for the application of
the allowable stress method; (ii) the average values of flexural modulus of elasticity, which can
be used for the calculation of deformations of the structure in operating limit states.
All of the old timber elements of this experimental work were classified according to the
UNI 11119 standard.
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Table 1: Values for allowable stress extracted from table 1 and 3 of UNI 11119:2004 standard
Grade

Feature
Edge chamfer
Shakes (star, ring,.)
Single knots
Grouped knots
radial
Fiber
angle
tangent
splits

I
II
III
≤1/8
≤1/5
≤1/3
absent
absent
limited
≤1/5
≤1/3 ≤70
≤1/2
≤50 mm
mm
≤2/5
≤2/3
≤3/4
7%
12%
20%
10%
20%
33%
allowed if not passing

Specie
fir
spruce
larch

Cat.
I
II
III
I
II
III
I
II
III

Compression // - |_
(N/mm2)
11
2
9
2
7
2
10
2
8
2
6
2
12
2
10
2
7,5
2

Flexural
(N/mm2)
11,5
10
7,5
11
9
7
13
11
8,5

Visual grading is the basics of the new timber elements classification, and its counterpart for
the existing elements on-site evaluation [6] represents a valid and viable assessment method.
However, a single investigation method may not be totally adequate – especially in case of
historical wood - for a correct assessment of the timber element under observation [1]. Results
of the present experimental work showed remarkable discrepancies, even if on a reduced
samples number, between the classification according to UNI 11119 and the mechanical
characterization through laboratory tests, for some of the tested elements. Beams nr. 2, 5 and 9
were indeed classified in 1st (5, 9) or 2nd class (2), with reference values proposed by the
standard – transposed to EN338 classes and related to the wood specie – respectively referable
to C24 and C18. On the contrary, beams 5 and 9 (only tested in bending and compression,
respectively), demonstrated a very weak response, with fm and fc,0 equal to 3.91 and 3,76 N/mm2
respectively, which is far below any suggested value. Beam nr.2, a II class element, performed
similarly to the new C24 spruce elements, with flexural and compression strength equal
respectively to 34,76 N/mm2 and 25,73 N/mm2.
Comparing however the visual classification of the above mentioned elements with the
distributed normalized Resitograph® amplitude RMnorm (Table 2), it can be seen that even if in
class II, element nr. 2 had a remarkable RMnorm value (1,35), higher than the reference C24
sample element. At last, elements 5 and 9 had a very poor performance in terms of RMnorm
values, equal respectively to 0,51 and 0,54.
Sample
2B / 2C
3B
5B
9C
11C
12B / 12C
13B / 13C
14C
17B / 17C

Table 2: Mechanical tests results related with UNI 11119 elements classification
Specie
fm (N/mm2)
fc,0 (N/mm2)
RMnorm (%)
Cat. UNI 11119:2004
spruce
34.76
25.73
1,35
II
spruce
25.65
--0,74
I
spruce
3.91
--0,51
I
spruce
--3.76
0,54
I
spruce
--6.88
0,66
I
spruce
8.6
11.42
0,76
NC
spruce
8.91
9.78
0,70
I
spruce
--19.05
0,70
II
spruce
23.94
22.08
1,20
I
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5 CONCLUSIONS
An experimental work concerning combination of methodologies for the on-site assessment
of structural timber elements was carried out at the University of Padua by using available ND,
SD and destructive investigation procedures. Results showed that:
As part of the non-invasive methodologies for investigating wooden structural
elements, it has been noted that the visual classification is not always sufficient to
determine the mechanical characteristics in favor of safety, although it is the first step
in the investigation procedure.
Resistance drill tests propose quantitative results however limited to a single
investigation point/investigated element, since it was noted that several parameters
influence the test output, some of them basically uncontrollable (tip consumption).
An attempt procedure for results generalization was employed, corresponding to a
distributed resistance drill test application on the length of the element, employing per
each test position a sample reference element of known mechanical characteristics.
Satisfactory correlations in terms of determination coefficients were obtained plotting
the normalized amplitude proposed parameter RMnorm with the mechanical
characteristics of the elements derived from laboratory tests.
The consideration of such parameter – substantially proposing distributed information
on the inner sections (non-visible from outside) - seems promising to complement the
strength class visual grading as prescribed by reference standards, possibly calibrating
the given strength parameters today only related to the visual classification.
The authors will continue the investigations since it is noted a strong need for further relevant
amount of data to be treated on a statistical basis.
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Abstract. Arudj Cathedral, Armenia, is an example of early-Christian domed-hall that
dates 671-672. A deep structural analysis of the building was developed by Politecnico di
Milano, during the II° Level Master for Architects and Archaeologists named “Restoration
Training and Support to Local Institutions for the Preservation and Conservation of
Armenian Heritage”. The preservation project mainly focuses on deepen the knowledge level
of the building in relation to the architectonical and structural aspects in order to offer a
working method with the aim to propose and teach alternative solutions for static and seismic
consolidation.
This paper reports the NDT investigations of the surveys carried out at the Cathedral of
Arudj and the results obtained at the laboratory of the Politecnico di Milano.
The NDT investigations were carried out by the Authors and here following are briefly
described. Sonic investigations on masonry structures were applied for a qualitative
comparison of the walls, based on the variation of the sonic velocity values in the presence of
areas with lower density, voids or cavities. The passive thermographic technique was applied
to identify the distribution of capillary ascent in masonry structures. In order to offer a longterm verification of the evolution of the crack pattern, after having identify the cracks present
on the masonry structures some displacement transducers have been fixed to state their
evolution hourly.
Finally, a series of laboratory tests were carried out to determine the main mechanical
characteristics of the constituent stone.
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1

INTRODUCTION

This report describes the results obtained with an extensive experimental investigation
applying NDTs, in order to evaluate the structural damage, their extension and their causes.
As known, a proper preservation project for existing structure starts only after an accurate
diagnosis of the state of the art based on: on site survey and laboratory investigation. These
operations will deepen the knowledge of the building and held respecting its authenticity
through an appropriate choice of intervention techniques. The lack of knowledge on the
original materials and structures was frequently the main cause of unsuccessful interventions.
Furthermore, as happened in this case study, a further problem was found in those buildings
that have already been repaired with unsuccessful techniques. From this state of the art a
series of questions arise: What actually caused the failures? How did they develop? How
serious were their consequences on the overall response of the building?
In particular this is a common condition in seismic areas where masonry structures are
characterized by partial or full reconstruction due the earthquake damage.
In order to fulfil these needs by overcoming the gap between our poor knowledge and the
complexity of these structure an experimental on site investigation is required and
recommended also by Codes and Standards in several Countries. Non destructive techniques
(NDTs) and/or Minor destructive Techniques (MDTs) can be helpful in detecting hidden
features (wall texture, internal voids and flaws and characteristics of the wall section) which
are so much important to define the structural behaviours under dead loads and environmental
action [1]. It is then important before choosing the appropriate NDTs to know which type of
problem has to be solved, i.e. what it is necessary to find by NDT. In the case of ND tests, a
correlation between the measured parameters and the mechanical ones is usually difficult, but
they can give an overall qualitative response of the masonry. At present the most diffused ND
techniques are represented by the sonic (or ultrasonic), radar and thermography tests [2]. It must
be clear that the responsible of the on site diagnosis must: (i) set up the in-situ and laboratory
survey project, (ii) constantly follow the survey, (iii) understand and verify the results, (iv) make
technically acceptable use of the results including their use as input data for structural analyses,
(v) choose appropriate models for the structural analysis, (vi) arrive at a diagnosis at the end of the
study [3].
2 CASE STUDY FRAMEWORK
The Aruch settlement is located to the west of the Aghbri, a small stream at the southern foot
of the Mount Aragats. The urbanization of Aruch dates from a pre-Christian age when a water
basin was dug in the bedrock surface, probably with reference to the cult of the spring water.
Always belonging to this age, archeological excavations have discovered a large burial ground
with approximately 8-12 thousand sepulchres located close to this holy area. After the advent of
Christianity the area maintains its religious importance and Aruch became one of the first
important Church attested since the early 7th century A.D.
By the second half of the 7th Century the historical complex took a new more detailed and
monumental form, due to the fact that Prince Grigor Mamikonian selected Aruch as the
admistrative seat of his government [4]. From this period belong: the costruction of the Catedral
and the building located at the south side, as well as the trasforamtion of the previous Church into
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a civil building. The kingdom of Grigor Mamikonian, which coincides with the presence of the
Cathilicos Anastas, is described as particulary prosperous for the Aruch site and the city played
and maintained an important economic role until the the second half of the 9th century A.D.
Nowadays the Cathedral is the only surviving edifice to that golden age.
3

INVESTIGATIONS CONDUCTED ON MASONRY STRUCTURES

This report shows the results of the on-site investigations carried out at the Arudj Cathedral
and of the laboratory tests conducted at the Politecnico di Milano. On site, non-destructive
surveys were conducted on the entire monumental complex, investigating all the structural
components: from the foundations to the masonry and roofing structure and for each
investigation, the methodology and purposes will be described here following [5].
For the purposes of this article, the results of the tests conducted on a single portion are
reported, in order to facilitate the comparative reading of the investigations. The portion under
consideration (Fig. 1) was chosen as characteristic of the complex in terms of materials and
construction technique, but at the same time, representative of the borderline case as it was
seriously damaged by important instability phenomena.

Figure 1: The selected structural portion belonging to the North front
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3.1 Geometrical and crack pattern survey
As it known, a well detailed in-situ survey is fundamental to provide informations on the
structural geometry and the architeconical elements, in addition, to put the base to identify the
points where more accurate observations have to be concentrate. As consequance a more
refined investigation has to be carried out, identifying irregularities (vertical deviations,
rotations, etc.) and transformations in order to be able to learn them in comparison the
historical evolution of the structure. Only throuhg this reading will be possible to explain the
signs of damage detected on the building. Following this basic principle an important role has
been assumed by the crack patterns survey and drawing (Fig. 2). The interpretation of the
crack pattern can be of great help in understanding kinematic mechanism the state of damage
of the structure, its possible causes and the type of survey to be performed, provided that the
development history of the building is already known [6].

Figure 2: The internal side of the South front, the main cracks are underlined by circles.

3.2 Sonic tests
Among the ND investigation methods, the sonic methods are with no doubt, the most
widely used [7]. The testing technique is based on the generation of sonic or ultrasonic
impulses at a point of the structure. A signal is generated by a percussion (transmitter) and
collected through a receiver which can be placed in various positions. The elaboration of the
data consists in measuring the time the impulse takes to cover the distance between the
transmitter and the receiver. The use of sonic tests for the evaluation of masonry structures
has the following aims: (i) to qualify masonry through the morphology of the wall section, to
detect the presence of voids and flaws and to find crack and damage patterns; (ii) to control
the effectiveness of repair by injection technique in others which can change the physical
characteristics of materials [8]. In agreement with the NDT survey plan, sonic tests have been
carried out on the most damaged part of the walls, sixteen areas were detected to analize all
the pillars and a large part of the masonry. As requested, the equipment used for the survey is
composed by an impact hammer as transmitter, an accelerometer as receiver and by an d a
DAQ board to acquire data. In figure 3, the velocity average recorded in few wall portions is
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visible. In table 1 it is possible to observe the speed differences between the original pillars
and those subject to the restoration intervention made with new stones.
Table 1: Example of a sonic test result, here has been selected a survey conducted on a window pillar
composed by two different bricks (the original and another type used during a restoration intervention).
Prova S15: Speeds Bar charts

Date: 20-07-2013

Test grid diagram

SO15

SO16

Figure 3: The sonic test investigations, marked in according with the proper color of the corresponding
velocity class. At the top right the reference plan with the wall thicknesses
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3.3 Thermography
Thermovision is a NDT which has been applied since several years to works of art and
monumental buildings. The thermographic survey has the advantage of being applicable to
wide surfaces of walls; it is a telemetric method and has high thermal and spatial resolution.
Thermovision can be very useful in diagnostic; in fact it is used to identify areas under
renderings and plasters that can hide construction anomalies. Other applications can be: (i)
survey of cavities, (ii) detection of inclusions of different materials, (iii) detection of water
and heating systems, (iv) moisture presence.
Figure 4 shows the presence of moisture and the capillary rise, thanks to the camera which
identify the coldest surface areas, where there is continuous evaporation. The evaporation is due
to the difference in R.H. between the inside of the masonry and the environment outside and
to natural air movements [9].

a)

Figure 4a: The thermography test investigations, conducted on the North front external side.

b)

b)
Figure 4b: The thermography test investigations, conducted on the South front external side.
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3.4

Laboratory tests

Samples of the materials are needed for caracterization tests. The technique of sampling is
very important, since samples must be as undamaged as possible in order to be representative
of the material in situ. The aims of these tests are the followings: (i) to characterise the
material from a chemical, physical and mechanical point of view, (ii) to detect its origin in
order to use similar materials for the repair, (iii) to know its composition and content, and (iv)
to measure its decay and the durability to aggressive agents from new materials used for
restoration. Since it is very difficult to sample prisms representative of the walls, only single
components or small assemblages are removed [10].
The materials sampled from the walls of the Cathedral were tested in laboratory to be
characterized (Figs. 5, 6). Prisms of about 50x50x50 mm and 50x50x150 have been obtained
from the stone and have been subjected to two series of uniaxial compression tests, dry (Tab.
2) and wet (Tab. 3) after being characterised through ultrasonic tests (Tabs. 4-5).

a)

b)

d)

c)
Figure 5: a) Prisms befor test; b) Prisms after test; c) and d) Prism during compressive test.
Table 2: Compression test results on specimens dried at 70°C

Name
1-A
2-A
3-A
4-A

Length
(mm)
51.4
48.4
48.2
51.2

Width
(mm)
50.7
51.8
52.1
49.5

Height
Dry weight
(mm)
(g)
50.4
217
50.8
206
50.7
206
50
207
Average
Standard deviation
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Area
(mm2)
2606
2507
2511
2534

Load
(N)
43772
38259
45940
41496

r
(N/mm2)
16.8
15.3
18.3
16.4
16.7
1.3
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Table 3: Compression test results on specimens saturated with water

Name
1-B
2-B
3-B
4-B

Length
(mm)
51
48.3
48.1
51.7

Width
(mm)
50.4
51.6
51.2
49.5

Height
Dry weight
(mm)
(g)
50.7
240
50.9
229
50.6
230
50.9
240
Average
Standard deviation

Area
(mm2)
2570
2492
2463
2559

Load (N)
31588
33158
42968
34826

a)

r
(N/mm2)
12.3
13.3
17.4
13.6
14.2
0.7

b)

c)
Figure 6: a) Prisms cut and rectified; b) Cubes cut and rectified; c) Prism during measurement
Table 4: Measurement of the ultrasonic velocity – UR 0% and UR 100%

Length
(mm)
50
1-A
50
2-A
50
3-A
50
4-A
150
5
Average
Standard deviation
Abb.

UR 0%
Velocity (m/sec)
2994
2809
2941
2924
2804
2894
84.4
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Abb.

Length
(mm)

50
50
50
50
150
Average
Standard deviation
1-B
2-B
3-B
4-B
6

UR 100%
Velocity (m/sec)
2632
2747
2674
2703
2688
2663
25.4
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4

A FEW CONSIDERATIONS

Due these investigations, both on site and in the laboratory, to some punctual inspections
and to the comparison with similar cases located nearby, it has been possible to characterize
the masonry by providing a hypothetical schematization of the wall section and its connection
to the foundation structure. From what emerges from a preliminary analysis of the masonry, it
can be assumed that the section can be defined as a three layers: two masonry facings
(internal and external) and, the third one, composed by a filling in mortar and medium / large
sized stones (Fig. 7). The longitudinal section of a type ashlar has an almost conical extrusion
towards the inside and, thanks to this alternation, the middle layer is reduced, the internal and
external facing are partially damped and the masonry acquires greater homogeneity and
compactness. The masonry has a section of 90 cm and, at a height of about 60 cm from the
walking surface, it progressively increases by 30 cm at a time until doubling thanks to a
system of external steps adhered to the masonry through the filling that composes them. From
a static point of view, this system recalls the structural benefits of a scarp wall (Fig. 7).
Local tuff
Wrought composed by earth, lime and
medium-large tuff chips (diameter 7-10 cm)
Paving stone slabs
Bedding with
lime and sand
Soil

Figure 7: Hypothesis of the wall and foundation

In the case of Aruch, the stone is a tuff with chromatic variations from earth red to black,
characterized by a very high porosity. The external fronts are obtained through large, wellsquared ashlars, generally arranged with alternating joints between inside and outside. From a
first critical reworking of the results obtained from the sonic investigations, it was found that
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the joints of the external face are in correspondence with the center line of the internal one.
This arrangement may have been specifically designed to give the masonry greater
compactness in the absence of diatons (Fig. 8).

Figure 8: a) External front; b) Internal front; c) overlapping joints
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CONCLUSIONS

This brief description of available techniques and procedures illustrates the difficulty faced by
the designer who must select the technically and economically correct method to define the
state of preservation or damage of the structure to be restored.
The visual inspection and non-destructive techniques performed on the Cathedral of Aruch
allowed to highlight the critical issues especially regarding the structural aspect. The crack
pattern survey highlighted the main active kinematic mechanisms such as the rotation of the
facade, the overturning of the tympanum, the thrust of the arches and vaults on the lateral
structural elements and the weak connection of the main facade. The damages are due both to
some original geometric imperfections and to seismic events, which have occurred in the past.
In fact, Aruch is located in an area characterized by a very high seismicity.
The thermographic investigations carried out both on the south and north fronts have
highlighted the presence of capillary rise and, especially in the southern prospect, a very high
temperature during the recovery, this identifies an ongoing evaporative process and a wide
temperature ranges, one of the main deterioration causes surveyed on these walls.
The sonic investigations carried out on the south front masonry and pillars have shown the
difference density between the original materials and the new one (always stones) used for the
restoration. Furthermore, the recorded data show that the pillars have a slightly dispersed
sonic velocity values, this is indicative of a good state of conservation; in the masonry the
results are different: the velocities are particularly low and dispersed. The lowest speeds are
recorded in the south-facing walls which present the greatest deterioration on the masonry, in
fact important crack patterns have been highlighted too.
The results relating to laboratory tests have shown the different compression behavior of
saturated stones and dry ones. The ultrasonic speeds of the stone elements tested in the
laboratory and the data recorded in situ, demonstrate the good state of conservation especially
of the pillars building materials.
The test campaign extended to the whole church and the accurate crack survey allowed to
design a structural monitoring [11]. In fact, a series of transducers have been installed that
will allow to give a complete picture of the kinematic mechanisms in progress, as well as the
possibility of evaluating a consolidation and restoration intervention [12].
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Abstract. The paper presents fragments of original archival documentation, which are used
to identify the historical outline of the colonnade building and the peristyle pavilion located
on Partisan Hill in an old part of Wroclaw. Traces of these buildings date back to the Middle
Ages. The state of preservation of these objects was presented on the basis of conducted
assessments, drilling cores, and non-destructive and semi-non-destructive tests. Much
attention was devoted to the brick walls, brick and reinforced concrete ceilings in flat roofs,
as well as to the elements of architectural detail. The presented results include tests of the
moisture content and salinity of walls, tests of the compressive strength of concrete and
distribution of reinforcement in ceilings. They constitute the first stage of activities that aim to
restore the buildings to their former glory.
1

INTRODUCTION

The purpose of the paper, apart from presenting a brief historical outline, is to present the
current picture and condition of buildings erected in the 1860s and preserved to this day on
Partisan Hill, which is located in an old part of Wroclaw, namely the colonnade building and
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the peristyle pavilion. The assessment was based on extensive research and analysis, which
aimed to clarify conclusions and recommendations for the purpose of restoring the former
splendour, not only of the buildings in question, but of the entire concept of Partisan Hill. So
far, no renovation works have been carried out on Partisan Hill. The research described in the
manuscript was first of a series of actions that are taken to restore the objects to their former
glory.
It should be noted that Partisan Hill is a complex of great historical value. In 1967, it was
included in the area of the urban complex of the Old Town of Wroclaw, which is in the
register of monuments under the number: A/1580/212. The object itself, due to a decision of a
conservation officer, was included in the register of monuments in 1970 under the number:
A/2714/211. In turn, in 1994, by order of the President of the Republic of Poland, Partisan
Hill was recognized as an historical monument (Fig. 1).

Figure 1: Aerial photos of the urban complex of the Old Town of Wroclaw and Partisan Hill

2 HISTORICAL OUTLINE
The first traces of the buildings of today's Partisan Hill date back to the Middle Ages, when
in the area of the hill, then called Sakwowy Hill, a city gate was created that was called
Sakwowa gate. In 1591, along with the extension and strengthening of the Wroclaw
fortifications, a bastion designed by Hans Schneider was built on the hill.
During the liquidation of the city fortification system in the first decade of the 19th
century, the bastion, as one of only a few buildings, was not demolished. Only military
equipment was removed and the bastion was transformed into a viewing hill in a park
complex that was called the Old Town Promenade, which was created in the area of former
fortifications.
In the 1860s, the hill was developed with a complex of entertainment and recreation
buildings that were founded by Adolf Liebich and designed by the architect Carl Schmidt.
The complex included a belvedere standing on a plateau with a lookout tower, and also a
colonnade building (Fig. 2a) and a peristyle pavilion (Fig. 2b), which were integrated into a
terrace on the western slope of the hill. The peristyle pavilion was located at the foot of the
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hill, and it served as a mineral water pump room. On both sides of the pavilion, a wide
staircase leading to the terrace was designed. In turn, a circular pool with a fountain was
located in the centre of this terrace. From the east, the terrace was limited by a semi-circular
loggia with stairs leading to the Belvedere palace, which was a central tower-like building
designed on an octagonal plan and topped with a dome in which a confectionery was located.
All the listed objects were in the style that correlates to the Italian Renaissance [1], and their
mutual arrangement and location on the hill can be seen in digitized and generally available
archival plans and maps [2].
a)

b)

Figure 2: A fragment of the original documentation of the buildings that exist to this day: a) colonnades; b) the
peristyle pavilion (source: archive of the Museum of Architecture in Wroclaw)

Major changes that refer to the architectural appearance and the way the buildings were
used occurred in the 20th century. In the 1920s, the peristyle pavilion was rebuilt and
commercial premises were set up there. In the 1940s, due to the warfare conducted during
World War II, anti-aircraft shelters were organized in the former casemates of the bastion,
which later became the main defence headquarters of the city. The belvedere building was
completely destroyed at that time.
In 1952, after the end of World War II, the municipal authorities of Wroclaw adopted the
official name for the area in question - Partisan Hill - which has been operating to this day. In
the period from the 1950s to the 1990s, there were several unsuccessful attempts to revalorize
the entire complex and restore its former glory. At that time, access to the buildings, i.e. the
colonnade building and the peristyle pavilion, was temporarily suspended, and is now
completely suspended due to their poor technical condition that threatens the health and life of
people.
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3 THE STATE OF PRESERVATION
As mentioned in the introduction, the subject of the manuscript are all the buildings erected
on Partisan Hill in the 1960s, which have survived to this day. Those are colonnade building
and peristyle pavilion whose state of preservation has been described below.
3.1 Colonnade building
The colonnade building, which is shown in Figure 3, has two floors, one of which is
mostly recessed in the ground. Its building area is about 460 m2. The walls of the lower floor
are made of brick, and their thickness is in the range from 50 to 90 cm. The flat roof based on
them has a brick ceiling in the form of arched vaults with ribs (Fig. 3c). In turn, the ceiling of
the above-ground floor is slab-ribbed and partly based on walls and partly on brick columns
with a diameter of 50 cm (Fig. 3b). Both flat roofs were made in around 1870 and they are
accessible directly from the area adjacent to the building.
b)

a)

c)

Figure 3: General view: a) the colonnade building (in the foreground is a swimming pool with a fountain); b) the
slab-ribbed reinforced concrete ceiling; c) the basements and the brick ceiling

The brick construction elements of the basement, both the walls and the ceiling, are
preserved in relatively good condition. They are free from significant damage in the form of
wall cracks and deformations of arched vaults and ribs. However, they are very moist and
covered with salt efflorescence and mold fungi. This is the result of a lack of vertical and
horizontal damp-proof insulation, which was proved by the executed exposure works of the
walls. In addition, due to excessive moisture, these elements have local losses of brick
fragments and numerous places with crumbling of the mortar between the bricks.
The brick elements of the above-ground structure, in particular its columns, are in a similar
condition. They are also damp and show mortar crumbling between bricks on surfaces that are
partially free of plaster. The reinforced concrete ceiling of the roof is also very damp. Its
bottom surface shows numerous patches of corrosion in its reinforcement (Fig. 4b).
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Elements of architectural detail, such as e.g. posts, balusters, the stucco decorations of
arches and column heads, plasters, and also granite flooring are incomplete, damaged, or
completely damaged, as illustrated in Figure 4.
b)

a)

Figure 4: View: a) damage to stucco and plasters in the colonnade building; b) incomplete elements of the
balustrade and granite floor

In both flat roofs of the colonnade building, semi-non-destructive testing was performed by
taking core samples with a diameter of 100 mm in order to determine the layout of layers and
their thicknesses. The places of taking samples, as well as the obtained core specimens, are
shown in Figures 5 and 6. In the layout of the layers in the flat roofs above the floor
embedded in the ground, which is shown in Figure 5, the lack of damp-proof insulation is
noteworthy. In the layout of the layers of the flat roof above the ground (Figure 6) it can be
seen several layers of concrete with different thickness, a layer of bituminous insulation, a
layer of mortar and granite slab all laid on reinforced concrete ceiling slab.
a)

b)

Figure 5: Colonnade building: a) place of taking core samples in the flat roof above the floor embedded in the
ground; b) flat roof system: 1- granite slab with a thickness of 30 mm, 2 - cement mortar with a thickness of 40
mm, 3 - concrete with a thickness of 100 mm, 4- brick vault with a thickness of 120 mm
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a)

b)

Figure 6: Colonnade building: a) place of taking core samples in the flat roof above the ground floor; b) flat roof
system: 1- granite slab with a thickness of 30 mm, 2 - cement mortar with a thickness of 45 mm, 3 - concrete
with a thickness of 55 mm, 4- bituminous insulation with a thickness of 5 mm, 5 - concrete with a thickness of
40 mm, 6 - concrete with a thickness of 120 mm, 7 - concrete with a thickness of 30 mm, 8 - reinforced concrete
ceiling slab with a thickness of 100 mm

3.2 Peristyle pavilion
The peristyle pavilion is a one-story building with a building area of about 610 m2. It is on
one side completely, and on two sides partially recessed in the ground. It is shown in Figure
7a. Its external and internal walls are made of brick with a thickness in the range of 50 to 70
cm. Inside the pavilion, there are brick pillars with a thickness similar to the thickness of the
walls, as well as brick columns with a diameter of 50 cm.
a)

b)

Figure 7: Peristyle pavilion: a) view of the building; b) scheme of the projection with marked structural elements
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The pavilion's ceiling is directly accessible from the adjacent area. It has a reinforced
concrete, partly slab-ribbed, and partly slab construction, while the girders are reinforced
concrete or steel-brick. On a small fragment there is also a brick ceiling. The layout of the
specified structural elements is shown in Figure 7b.
The brick constructional elements of the pavilion, as is the case with the colonnade
building, are preserved in relatively good condition. However, they are very damp and
covered with salt efflorescence and mold fungi (Fig. 8). The execution of the exposures
showed that neither vertical nor horizontal damp proof insulation was executed in this
building. The mortar in the joints between the bricks is crumbing, and in some places reaches
a depth of up to several centimetres.

Figure 8: View of a fragment of a brick wall that is very wet and covered with mold fungi

The reinforced concrete ceiling of the flat roof, despite the existence of bituminous
waterproof insulation, is very damp in the support zones. In addition, in the area of masonry
walls, the corrosion patches of the reinforcement are visible on its lower surface, as illustrated
in Figure 9. In this flat roof, semi-non-destructive testing was performed in order to take a
core sample. The layout and layer thicknesses were found to be the same as those in the flat
roof above the ground floor in the colonnade building.

Figure 9: Sample view of moisture and patches of corrosion of a reinforced concrete ceiling

848

Anna Hoła, Jerzy Hoła, Łukasz Sadowski and Jacek Szymanowski

4 RESULTS OF CONDUCTED TESTS AND ANALYZES
Due to the limited volume of the paper, it is not possible to present full descriptions of the
conducted tests and their detailed results, as well as computational analyzes that were based
on them. For this reason, only the most important conclusions are presented in the further part
of the paper.
4.1 Results of the tests of the moisture content and salinity of the brick walls
The moisture content tests were performed using the weighing method and the nondestructive dielectric method (Fig. 10). It was found that in both buildings, the brick walls that
are covered with soil from the outside are wet, because according to the classification adopted
in literature [3,4,5], their mass moisture content along the entire height exceeds 12%. In the
case of the internal walls, pillars, and columns, a similar situation occurs up to a height of
about 50 cm above the floor level. Above 50cm to a height of almost 100 cm, the brick walls
are very and moderately damp, with their moisture content being in the range of 12% to 5%.

Figure 10: Examination of the moisture content in a brick wall using the dielectric method

The salinity tests of the brick walls were carried out using the semi-quantitative method,
and it showed that the limit concentration of sulphate salts, which according to the
classification adopted in literature is 0.5% [3,4,5], is exceeded more than two times.
4.2 Test results of the ceilings in the flat roofs
Concrete compression strength tests in the reinforced concrete ceilings were carried out
using the non-destructive sclerometric method. The regression curve was assumed based on
[6]. The minimum compressive strength evaluated based on this method was 22 MPa and this
concrete was classified as being C20 / 25 class.
Tests on the distribution of steel in the reinforced concrete ceiling elements, slabs, ribs and
girders were carried out using the non-destructive electromagnetic method and then verified
by executing the exposure works. It was found that the reinforced concrete slabs are
reinforced with 12 mm smooth bars with a spacing of 150 mm, whereas the reinforced
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concrete girders are reinforced with ribbed bars ø 22 mm that are spaced every 60 mm. In
turn, the reinforcement of the steel and brick girders consists of a flat bottom rail with a height
of 149 mm [7].

Figure 11: Exemplary view of: a) reinforcement in a reinforced concrete girder; b) flat bottom rail's foot

5 SUMMARY
The paper presents the current state and condition of the historic buildings located on
Partisan Hill in Wroclaw, namely the colonnade buildings and the peristyle pavilion that have
survived to this day. Selected results of extensive research work were presented, which
involved the use of non-destructive and semi-non-destructive methods, as well as the
execution of control exposure works.
The above works were carried out within the first stage of activities that aim to restore the
former splendor of the buildings in question. The conclusions and recommendations resulting
from the conducted research and analyzes will be used to make the right decisions, in
consultation with the conservator, regarding the scope and method of renovation and
reconstruction works, as well as the selection of the method of executing the necessary
reinforcements of the structural elements.
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Abstract. In many regions around the world, earth has been used through history as a
traditional building material. Nowadays, there is a significant revival of its use due to its
ecological value and architectural performance. However, there is still a significant lack of
knowledge about its actual mechanical properties and behavior. This work aims at the
development of consistent methodologies for the characterization of this building material
based on non-destructive tests, NDT's. Ultrasonic and sonic tests on prismatic rammed earth
specimens and adobe bricks were carried out. The paper presents an optimized method for
estimating S-waves and P-waves based on direct and indirect non-conventional sonic testing
methods. Finally, the paper discusses methodological issues for estimating the earthen
material properties through the propagation velocity of sonic waves.
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1

INTRODUCTION

The careful evaluation of earthen constructions in order to make the most of the existing
building is imperative prior to restoration and rehabilitation. A good approach is to use nondestructive testing methods, NDT’s, providing the necessary characteristics of the materials
without causing damage. This paper presents a new methodology based on the use of sonic
tests (ST) and ultrasonic tests (UST) for prismatic rammed earth specimens and adobe bricks.
The discussion allowed having a better perception of the test limitations and potentialities,
as well as on the difficulties and peculiarities of these techniques. The application of nondestructive tests on earthen materials can be frustrating in that the interpretation of results is
often not straightforward and may be potentially misleading. This is partly because it is a
heterogeneous composite material and it presents non-linear and non-isotropic behavior under
mechanical destructive tests [1, 2]. It should also be noted that these techniques come mostly
from other fields of research, namely geophysical exploration, so proper calibration is
required [3–6].
The wave propagation time in ST and UST is the time lapse between the generation of a
wave and the respective arrival time at the receiver location. The arrival time and traveling
distances of the waves are often not accurately recognizable even when it does correspond to
a first arrival as well as the corresponding type of wave. The study involving determining the
velocity of waves has been much discussed in the last 50 years, because it allows deriving
several properties of the materials namely the elastic moduli [7]. In the present research work,
ST and UST are being applied conventionally and non-conventionally on laboratory
assembled prismatic rammed earth specimens and adobe bricks elements and the respective
results are analyzed and compared.
The results provide qualitative information to develop a predictive methodology of failure
and mechanical behavior. The tested rammed earth samples contains the same composition
and particle size distribution of a construction recently built within the framework of the
Eramus+ Project "LearnBION - Learn Building Impact Zero Network (2015-2028) 2015-1PT01-KA204-013132" in Valverde del Burguillos, Spain (Figure 1).

Figure 1: Rammed earth building in Valverde del Burguillos, Spain.
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2 SONIC AND ULTRASONIC TEST THEORY
Using direct and indirect sonic tests, it is possible to obtain propagation velocities of P, R
and S waves and then estimate values of Poisson's ratio, Young's modulus and shear modulus.
The ST may operate using the direct, refraction or reflection propagation paths of the
emitted signals, the receiver(s) being positioned in different configurations in relation to the
shot-point, SP. The energy may propagate from the point where it is generated namely as
compressive P-waves, surface R-waves and shear S-waves. P-waves being the fastest are
often more easily and accurately identified using the ST direct configuration, Figure 2, a).
The waves are generated by the impact of a hammer instrumented with a piezoelectric
sensor that records the force of the impact. The generated signal is received by piezoelectric
accelerometer transducers used as sensors (receivers) in preset positions and orientations. The
acquisition of the readings was performed using a data acquisition board, connected via USB
to a laptop computer with software specifically developed in LabVIEW. The analysis of the
hammer and accelerometers recorded signals, to identify the initial point of the impact of the
hammer and the point of arrival of the waves [8–11].
The frequency and amount of energy of the thrust force are governed by the characteristics
of the hammer, the impacted material as well as the impact force. The hammer mass, tip
hardness and impact force determine the amplitude and duration of the pulse, where harder
tips generate shorter duration signals and broader frequency bandwidths. The material
vibrations related to the propagation of the sonic waves are measured as varying voltages by
means of transducers such as accelerometers fixed to the surface of the masonry. In the tests
carried out, the aluminum tip was chosen as this guarantees shorter contact times and
consequently broader frequency bandwidths.
To carry out ST, three different conventional configurations are considered regarding the
relative position between the emitter and the receiver and depending on the type of waves to
be studied (P, S or R): direct, semi-direct and indirect test configurations (Figure 2).

(a)

(b)

(c)

Figure 2: Sonic test (a) direct, (b) semi-direct and (c) indirect.

The direct test assumes a linear wave direct transmission through the thickness of the
element to be tested, being the shot-point and receiver in opposite sides of the element, which
aims to determine P-waves velocity. The velocity of the P-waves is dependent on the quality
and consistency/density of the section tested, i.e. it is directly related to the mechanical
properties of the material.
In the semi-direct test, the shot-point and receiver are in adjacent faces of the element.
In the indirect test, the shot-point and receiver are on the same face of the element and it is
conventionally assumed a linear wave direct transmission, along the surface of the tested
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element. The waves obtained by this configuration are conventionally assumed to be those
that cross mainly the outermost part of the element, so the quality and consistency of the most
superficial layer of the material are considered to mainly govern the acquired wave velocities.
The identification of the waves depends on the intrinsic characteristics of each type and the
type of configuration test to be performed. In indirect configurations, P-waves are not always
clearly identified despite being the fastest (first arrival) waves, having comparatively with Rwaves lower energy content. Note that despite their higher energy content, R-waves are not
always readily detectable, being the acquired signal the result of different contributes, namely
P-waves and S-waves.
According to the literature, [12–16], UST is more accurate than ST to calculate wave
propagation velocities when using the direct configuration. According to [17], this method is
widely used and consolidated for concrete samples.
3

METHODOLOGY

3.1 Materials and geometry
An adobe specimen (Figure 3) is a brick made of earth, sand and fiber molded and sundried. The earth composition determines the physical behavior, cohesion and mechanical
properties being influenced by the proportion of sand, silty clay and clay presented in the
earth. Generally, the content of silty clay is between 20% and 40%, the content of clay is
between 10% and 25% [18]. Furthermore, size and length of fiber are determinant parameters,
their modification affects mechanical properties [19]. The adobe tested is composed of natural
fibers (straw) of 5-10 cm length. The adobe bricks presented the following nominal
dimensions: [320x160x80] mm in order to comply with the Peruvian recommendations of
NTE0.80 [20]. The selected soil was collected from the riverbank of the Guadalquivir River
in Seville (Spain).
The rammed earth is a clayey soil (earth) compacted into a formwork. That soil has
suitable proportions of sand, gravel, clay. The earth composition varies greatly but contains
no organic component. Compaction is carried out using an optimum water content; this value
can be obtained by Proctor compaction test. The rammed earth is made of layers of earth.
After compaction, the thickness of each layer should be comprised of between 8 and 10 cm
[1].

Figure 3: Adobe specimens.
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Two size specimens of rammed earth (Figure 4) were produced with the following nominal
dimensions: [200x175x220] mm3 (1st Group) and [100x100x220] mm3 (2nd Group). The
specimens were produced by molding the soil mixture preparation into a wood framework.
The manufacturing process was carried out following two different compaction
methodologies: manual compaction for specimens of the 1st Group and automatic compaction
for 2nd Group. The selected soil was collected from the local quarry of Valverde del
Burguillos in Badajoz (Spain). The specimens were stored in a stable laboratory environment
for approximately 100 days (approximately 24 ºC and 50% relative humidity) until the
hygrometric equilibrium was reached. The moisture content of specimens was not measured
at NDT, therefore the eventual influence of this parameter in the propagation velocities was
not evaluated.

(a)
(b)
Figure 4: (a) Rammed earth specimens – samples E, F and G; (b) Adobe samples – A and Rammed earth
specimens – samples B and C.

The list of specimens tested and their dimensions are summarized in Table 1.
Table 1: Specimens tested

Code

Samples

Dimensions (mm)

Direct ST

Indirect ST

Adobe brick

Adobe brick - A
Rammed earth - B
Rammed earth - C
Rammed earth - D
Rammed earth - E
Rammed earth - F
Rammed earth - G

322x170x80
200x175x245
200x175x235
200x175x218
105x95x222
105x105x222
100x105x222

X
X

X
X

X

X

1st Group
2nd Group

X

Direct
US
X
X
X
X
X
X
X

3.2 Test set-up and equipment
Two ST sequences were performed, using direct and indirect configurations. The indirect
configuration was developed using the conventional and a non-conventional approach, socalled ‘key methodology’ (Figure 5), aiming at improving the generation and estimation of Swaves velocity. An ordinary key was used to provide a different impact direction that
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paralleled the reception axis of the accelerometer. The rammed earth specimens were tested in
two different directions: the compaction (hereafter C) and non-compaction (hereafter NC)
directions during the manufacturing process.

Figure 5: “Key” methodology.

The tests were conducted following some recommendations of international standards,
which were developed for other materials (rocks and concrete) [21–23]. An instrumented
hammer and two accelerometers were used for the sonic tests. The signal conditioning has
carried out by a National Instrument device; the data acquisition and analysis were performed
by software LabView designed, from LESE (FEUP), for this proposal.
The UST were also developed using indirect and direct configurations (Figure 6). The
ultrasonic equipment used was Proceq brand, PUNDIT device, with an 82 kHz emitter. The
value of transmitter pulse amplitude is 500 V and the receiver probe gain is 10x. The
Geotechnical Laboratory of FEUP provided this equipment.
The procedure steps are the following: calibrate the equipment and perform a new
calibration whenever atmospheric conditions change, select the location of the transducers,
keep the surfaces clean and smooth, mark and measure the distance between these points,
apply the gel conductor, compress the transducers against the surface until it stabilizes and
perform the reading following signal generation.
The eventual gel conductor effects in the ultrasound velocities have not been included in
the present experimental campaign. The application of the gel conductor can affect the contact
surface quality between transducers and specimen. The gel application repeatedly on earthen
materials can produce softening on the external surface and loose sand and gravel, worsening
the transducer coupling.
This equipment consists of a central unit, which includes a pulse generator with
frequencies between 20 and 150 kHz, an emitter transducer, a receiver transducer, an
amplifier and a device for measuring the time between sending and receiving the pulse. Some
of these tests were performed for comparison with the ST results.
The indirect configuration for UST was applied in the specimens (Figure 6a). However, it
has not been possible to detect, confidently enough, R-waves. The close proximity between
emitter-receiver and the used frequencies may be the cause. So, R-waves travel-times have
not been included in the investigation.
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(a)

(b)

Figure 6: (a) indirect UST and (b) direct UST.

4

RESULTS AND ANALYSIS

This section summarizes the results obtained with the ST and UST on all samples
described above. These results are presented by box-plot graphs, being separated according to
the identified wave type (P or S). On each graph, the central mark indicates the median, and
the bottom and top edges of the box indicate the 25th and 75th percentiles, respectively. The
whiskers extend to the most extreme data points not considered outliers, and the outliers are
plotted individually using the ‘+’ symbol.
In these preliminary results, the P-wave velocities are showed based on mixing two test
methodologies to obtain qualitative information depending on compaction rate. The graph of
Figure 7 shows all P-wave propagation velocity values for both ST and UST.
Variations of the compaction methodologies of samples influence the results. Sample A
(adobe) presented a different value from the other samples, this was expected due to its
differentiated composition. Samples B, C, D, E, F and G are composed of the same material
(rammed earth) but have different dimensions and compaction methodologies. First group
with samples B, C and D had approximated median velocity values to each other. The second
group of samples E, F and G presents different median velocity values. This was expected
since they have different compaction methodologies between these two groups, therefore the
internal structure and particle distribution can be affected by compaction process.
The graph in Figure 8 presents the results of S-wave propagation velocity. These are
samples B and D, both are of rammed earth and with the same dimensions. These samples
present approximated median velocity values. There are no difference between UST or ST,
and Compaction (C) or Non-Compaction (NC) direction as shown in Figure 7 and Figure 8.
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1st GROUP

2nd GROUP

Figure 7: P-waves velocity with UST and ST, direct configuration.

Figure 8: S-waves velocity, ST – “key” methodology.

The graph in Figure 9 shows all P-wave propagation velocity values for UST only. As in
Figure 7, variations in compaction process influence the results. Sample A (adobe) presented
a different value from the other samples. The first group with samples B, C and D had
approximate average velocity values. The second group of samples E, F and G have different
but also approximate median velocity values, which was expected due to the different
compaction methodologies between these two groups. There is no difference between C and
NC directions.
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1st GROUP

2nd GROUP

Figure 9: P-waves velocity, UST, direct configuration.

The graph in Figure 10 presents the P-wave propagation velocity results obtained by the
UST, as well as indicating the C and NC variations. As in the previous results, the samples
were divided into two groups according to their geometric characteristics. The second group
has lower P-wave propagation velocity values than the first group, due to its compaction
method. In this graph it is also possible to see, in the first group, the influence of the effect
that the compaction samples have, since they have lower velocity values.

1st GROUP

2nd GROUP

Figure 10: P-waves velocity, UST.
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5

CONCLUSIONS

This paper presents an exploratory study that used the well-known ST and UST in earthen
materials. The results show a high degree of scattering due to the heterogeneity and
anisotropy of the tested material.
These methodologies allowed to obtain some preliminary reference P and S-waves velocity
values for this material used in a rammed earth building (Valverde del Burguillos, Spain).
Currently, several non-destructive tests on specimens of different size are being carried out
to estimate mechanical properties and obtain correlations with those obtained from
compression tests.
Ongoing work is also focused on in-situ investigating the wave propagation velocities of
the building walls recently constructed (Valverde del Burguillos, Spain).
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Abstract.The need to evaluate the integrity of wooden structural elements is constantly
increasing. Non-destructive methods are becoming more popular in this field of research.
One type of non-destructive testing is the ultrasonic imaging method, which allows the
analysis of internal wood structures without disturbing their state and integrity. In this study,
we are interested in assessing the effect of wood condition on the ultrasound time of flight
(TOF). The research was carried out on wooden beams, which were obtained from a
historical building. The images obtained from ultrasound tomography were compared with
results of a visual inspection.Places of discontinuities, voids and cracks in wood caused a
much lower velocity of wave propagation.The location of the wood core was illustrated by the
places with the highest velocity. The article proved the validity of using ultrasonic
tomography to assess the technical condition of historic wooden beams.
1

INTRODUCTION

In historical objects, it is essential to preserve as many elements in the original character as
possible. It is particularly difficult in the case of wood, which is one of the most susceptible
construction materials. Over the years, the wooden structure elements undergo destructive
processes. Their development and progress depend on various factors amongst which an
important role is played by the historical events that took place while the structure existed.
Mechanical wear and long-term mechanical stress together with its consequences are the
elements resulting in the destruction of wooden elements of the cultural heritage. Wood is
subject to degradation also under the influence of stresses from the humidity changes and
insect effect. The fungi decay emerging when the humidity is above 20%, is an important
issue in case of wooden objects in civil engineering [1].
Examining the condition of wooden elements is crucial from the perspective of the correct
structure performance. Detecting the internal wood condition deterioration without any
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symptoms visible from the outside allows preventing the further spread of the decay.
Research conclusions frequently result in the necessity to conduct repairs, renovations,
replacement of the wooden beams structure, or even the substitution of a significant part of
the structure. Apart from simple tests, such as a visual inspection or tapping to determine the
near-surface defects, non-destructive testing (NDT) play an important role in the process. The
non-destructive testing on wooden elements are conducted with ground penetrating radar
(GPR) [2, 3], thermal techniques [4], microwaves [5], acoustic emission [6], ultrasonic
tomography [7] and X-ray tomography [8–11].The use of the ground penetrating radar may be
problematic in case of elements of small size. This is when the acoustic test methods are more
advantageous, as they allow identifying the heterogeneous or damaged areas based on the
time-of-flight value. A map presenting the distribution of a specific parameter, for example,
the wave propagation velocity, is created on the basis of the aforesaid values, which facilitates
the interpretation of the information on the examined area.
The evaluation of the ultrasonic tomography implementation in wooden elements was first
described by Tomikawa et al. [12] in 1986. The measurements taken on the wooden columns
provided satisfactory effects; nevertheless, the image was of poor resolution. From that time
onwards, the implementation of the ultrasonic tomography for wooden elements is in constant
development. Comino et al. [13], Deflorio et al. [14], Brazee et al. [15] used the ultrasonic
tomography to evaluate the condition of alive trees. Yan et al. [16] detect discontinuities of
non-metallic elements by applying the proposed algorithm on a wooden element. The internal
discontinuities were also detected by Alves et al. [17]. Colla [18] described the ultrasonic
tomography results and juxtaposed them with destructive tests. Niemz and Mannes [1]
compared the results obtained from the ultrasonic tomography of the wood with other nondestructive methods. Perlin et al. [19] proposed a method to locate the pith of timber
(unprocessed wood), as well as lumbers (processed wood), while Qin et al. [20]showed how
to detect knots in wooden beams. In spite of numerous tests, the ultrasonic tomography in
wooden elements can still be a difficult task. The reason for that lies in wood anisotropy,
long-lasting measurements taking, high ultrasonic signal damping, or noise in a signal. The
anisotropy results in bending of paths of ultrasonic waves. The wavefront propagating in
wood has a deformed shape in comparison to spherical waves obtained for isotropic media.
The traditional tomographic imaging takes into account the straight radius transfer. In this
particular case, however, the actual waveform shall be taken into account, which is taken up
by Espinosa et al. [21, 22].
The paper evaluates the possibility to implement the ultrasonic tomography for wooden
beams. Both healthy and defective wood was taken for the purpose of the experimental test.
The beams were acquired from the historical object and their degradation was significant.
Additionally, in order to compare the results, the measurements were taken also for a new
beam with the cross-section corresponding to the historic beams. The paper is focused on the
influence of anisotropy condition on the wood ultrasonic wave propagation, by estimating the
transfer time. The transfer time measurements were obtained for various transmission and
reception points configuration. Their influence on the tomographic image reconstruction was
described.
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2 THEORY OF ULTRASONIC TOMOGRAPHY
Ultrasound tomography allows determining the internal structure of an element in the
examined cross-section (Figure 1). At first, the object should be divided into finite area
elements. These elements are called pixels. The resolution of the final image depends on the
number of pixels. Then, the information from the ultrasonic signals passing through the
element is collected. This information is usually the time of flight (TOF), which can be
described by the equation:
n

ti   wij s j , i  1, 2, 3,  , m , j  1, 2, 3, , n ,
j 1

sj 

1
,
vj

(1)

(2)

where ti is the total time from the transmitter to the receiver for i-th path, sj is the ultrasonic
pulse slowness in pixel j, vj is the ultrasonic pulse velocity in pixel j, wij is the length of the
i-th path passing through the j-th pixel.

Figure 1: Scheme of passing: (a) i path through j element, (b) several paths through the object.

Based on known cross-sectional geometry, it is possible to determine the ultrasonic
pulse velocity in each pixel. In ultrasound tomography, equation (1) is usually overdetermined
or underdetermined. Therefore, usual methods of resolution such as simple inversion or
Gaussian elimination cannot be used. The equation can be solved by iterative methods. The
calculations presented in this paper are based on the algebraic reconstruction technique (ART)
[23], which is described by the following equation:


s (jk ) s (jk 1) 

wij ti
n


j 1

wij2

,

(3)

where Δti is the difference between the measured and the reconstructed time of flight, and the
k index symbolizes the step of the iteration.
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3 MATERIALS AND METHODS
3.1 Description of specimens
The tests were conducted on wooden beams taken from the historical Monastery of
Congregation of the Sisters of St. Catherine located in Orneta, in the northern part of Poland
(Figure 2). The beams were the elements of a roof framework, which due to its poor technical
condition underwent the restoration works.

Figure 2: Photographs of the roof framework from the Monastery of Congregation of the Sisters of St. Catherine
in Orneta (Poland).

The ultrasonic tomography was conducted on three beams (Figure 3a). The beam crosssection had the dimensions equal to 19 cm x 12 cm (Figure 3b). For the purpose of the study,
the beams of significant (#3) and partial destruction (#2) were implemented. Both beams were
waste materials from a roof framework (they were replaced due to their bad technical
condition by the new wooden beams). The measurements were also taken for a new beam
(#1) in order to compare the results. This material replaced the deteriorated wood or wood
damaged by the insects.

Figure 3: Laboratory models of wooden beams.
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3.2 Experimental setup
Ultrasonic tomography was performed based on measured times of flight for waves
passing through the element. Wave signals were measured by the PUNDIT PL-200
instrument (Proceq SA, Schwerzenbach, Switzerland). Two exponential transducers of
54 kHz were used in the through transmission mode. The experimental setup and scheme of
image reconstruction are shown in Figure 4.

Figure 4: Experimental setup: (a) testing in through transmission mode; (b) scheme of image reconstruction by
ultrasonic tomography.

Measurements were carried out in the cross-section located in the middle height of each
beam. The configuration of transmitters (t1-t29) and sensors (s1-s29) is shown in the Figure5.
The transmitters and receivers were placed to the edge, with an interval of 1 cm between each
other. The signal for each transmitter was recorded at the receiver points lying on the opposite
wall. For each of the beams 445 measurement signals were obtained.

Figure 5: Configuration of the wave paths from transmitters (t) to sensors (s).
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4 RESULTS AND DISCUSSION
The first laboratory model (#1) was a new beam. This material was used to replace the
wood damaged by insects. The edges were straight and the beam did not have any significant
damages or cracks. The internal structure was recreated based on the collected transfer time
signals (Figure 6a). A significantly higher velocity was observed in the upper part of the map.
This place indicates the location of the cross section’s core. The signals collected from the
transmitters t1 – t18 showed major differences between the waveforms’ velocities. They
ranged from 650 to 1550 m/s. For each of the transmitters t1 – t18 a waveform with the highest
wave propagation velocity was chosen. The waveforms were marked in red in Figure 6b. It
was observed that the intersection of the waveforms indicates the exact location of the
wooden element’s core. (Figure 6c). The wave propagation velocities from the transmitters t19
– t29 did not indicate equally high differences between each other (900 – 1150 m/s).

Figure 6: Results obtained for beam #1: (a) ultrasound tomography image, (b) ray paths with the fastest paths
marked for t1-t18 transmitters, (c) top view of the beam, (d) side view of the beam.

Beam #2 was taken from the historical roof framework. One of its sides included a major
wood fibrosis (Figure 7c). The remaining three contained cracks. The ultrasonic tomography
image clearly shows the places where the beam is damaged (Figure 7a). The edge with the
wood fibrosis showed the reduced wave transfer velocity. A similar effect was observed in
places where the cracks were located. Furthermore, an increased velocity may be spotted at
the location of the cross-sections core, similarly to the reference beam (#1).
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Figure 7: Results obtained for beam #2: (a) ultrasound tomography image, (b) top view of the beam, (c) side
view of the beam.

Figure 8: Results obtained for beam #3: (a) ultrasound tomography image, (b) top view of the beam, (c) side
view of the beam.
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The beam #3 had the highest level of degradation. One of the sides included a significant
cavity caused by insects (Figure 8c). This place is marked in blue on the ultrasonic
tomography map (Figure 8a). The remaining sides included cracks. The biggest crack was
marked on the tomographic image. Similarly to beam #1 and #2 the greatest concentration of
the wave propagation velocity determined the location of the wood cross section’s core.
5 CONCLUSIONS
The article describes experimental research conducted on wooden beams from a historical
object. Two damaged beams were used for the research, and their technical condition was
determined employing the ultrasonic tomography. The obtained results were compared with
the tomography performed for a new, undamaged beam with equal cross-section dimensions.
The conducted research aimed at evaluating the possibility to use the ultrasonic waves for
imaging the internal structure of historical wood. It was focused on the reconstruction of
tomographic velocity in chosen cross-sections that enabled the development of the method
allowing to identify the location of the wood cross-section core. For the correct interpretation
of the obtained tomographic image, it is essential. The areas with wood fibrosis and damages
caused by insect activity indicate the significant reduction in the tomographic velocity. A
similar effect is visible in places where the cracks in wood occur.
The ultrasonic tomography is an effective tool enabling the reconstruction of the internal
cross-section of the examined wooden element. The presented approach may be used to
evaluate the quality of the wooden beams, which damages are not always in plain sight.
Owing to this, a more effective plan of wooden structure repair and renovation works can be
prepared and used for such elements as roof framework or ceiling, which often appear in
historical objects. Further research shall consider the possibility to apply the in situ method,
without the necessity to remove the wooden elements.
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Abstract. The formulation of a multi-hazard loss model for a given structure is not only of
interest for predicting the economic impact of future damage but it can also be of importance
for risk mitigation. A methodology that can assess the vulnerability of the built environment is
a significant component of a loss model. The multi-risk vulnerability of heritage buildings
necessitates greater knowledge about the history of their construction, including aspects
relating to preserving them as assets. Timber as an organic material is more susceptible to
decay and the structural assessment of timber buildings is essential for their preservation. A
preliminary survey as a basis for multi-risk vulnerability assessment of such buildings is
essential. In this step of the process, the history of the building is investigated, as well as any
intervention to it during its lifetime. A damage inspection of structural elements conducted by
experts is an essential part of the second step. After this, the configuration of the building,
including height, plan view and connection details should be documented. After the preliminary
survey of the building, detailed methods are employed to gather further information about the
structure’s behaviour under different risk scenarios. In this paper, heritage timber buildings in
Tønsberg, Norway have been selected as case studies for multi-risk vulnerability assessments.
The preliminary survey has been conducted by a team of experts and useful data have been
recorded and explained. 3D laser scanners have been used in the survey in place of traditional
2D methods to obtain a more detailed and accurate 3D representation of the buildings.
1

INTRODUCTION

Heritage structures are culturally, economically and socially important to preserve for the
nations around the world. Timber as the oldest organic construction material is widely used in
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heritage structures. Timber is more susceptible to environmental risks than masonry bricks or
stone, and its behaviour is quite complex. The preservation of heritage structures and the
preservation of craftsmanship techniques represent two sides of the same coin [1]. For other
types of materials, modern preservation techniques can potentially be used, but in the case of
timber, traditional techniques are recommended because of the susceptibility of timber to decay
and the necessity of replacing members at given intervals [2, 3].
A methodology for the structural vulnerability assessment of heritage timber buildings is
proposed by Shabani et al. (2020) [4] in the context of HYPERION project and as the first and
principal step of the methodology, a preliminary survey should be conducted by experts. In this
step, risk effects that can be seen by the human eye are documented and the structural system,
including connections or roof structure systems, is evaluated. Moreover, a geometric survey
should be carried out to document the configuration of the building, either in the form of
traditional 2D drawings or modern 3D BIM files. Potential risks based on the codes, previous
disaster records or visual inspections must be estimated during this stage [4, 5].
Log houses are one of the ancient timber structural systems. In a log house structural system,
the horizontal timber logs are laid on top of each other and the stability of the structure is
provided by the corner joints where the wall planes interlock, as illustrated in Figure 1. The log
house system is used in northern European countries and in the central Alpine region, which
also extends into several eastern European countries. The technique can also be seen in Japan,
China and North America. The low heat conductivity of wood is taken advantage of in this
structural technique for high insulation of the building, which is very important for countries
with harsh winters [2].

(a)

(b)

Figure 1: (a) Typical Log house schematic view, (b) Typical log house corner connection detail [2]

Laser scanners are machines that use a controlled deflection of laser beams for distance
measurements. By taking a distance measurement in every direction, the scanner rapidly

874

Amirhos ein Shabani, Haidar Hosamo, Vagelis Plevris and Mahdi Kioumarsi

captures the surface shape of objects, buildings and landscapes without representing any risk of
damaging the structure. Terrestrial laser scanning has been utilised to perform stability analyses
of masonry arches by transforming point clouds into metric images [6] of masonry arches in a
heritage masonry Bridge. This was done by combining a set of point clouds with static methods
[6-8]. Bethlehem’s Nativity church has also been scanned using a laser scanner, and a 3D model
was prepared for use in studies under several types of loads [9]. In addition, a new method was
developed to simulate the timber roofs of the Vienna Imperial Palace using a laser scanner [10].
3D documentation is therefore a good tool for informing risk management processes relating to
heritage structures [11].
The case studies in this paper are from Tønsberg, which is a Norwegian town and
municipality in the Vestfold Region. It is located south-southwest of Oslo on the western coast
of the Oslo fjord. According to the sagas, Tønsberg was founded in the Viking period at the end
of the 9th century, yet no archaeological discoveries have confirmed these sources. Today it is
believed that the town was founded in the 10th century, which still makes Tønsberg among the
oldest cities in Norway [12].
Natural conditions such as good available farmland, a safe port and possibilities for
fortifications and defence laid the foundations for the city’s development. Tønsberg is
dominated by a steep-sided cliff (Slottsfjellet). Urban structures comprising long, narrow
estates divided by streets and narrow alleys were established in the 12th century at the foot of
the cliff and along the harbour. The settlement consisted mainly of one or two storey wooden
log houses. The locations of the two log houses that were selected for the preliminary survey
are shown in Figure 2(b) (image obtained from Google Earth).

(a)
(b)
Figure 2: (a) The location of Tønsberg in southern Norway, (b) The location of the two case studies
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The preliminary survey of the two historical log houses was carried out from a structural
perspective by evaluating the structural system, history of the buildings including interventions,
damage documentation, potential future risks and 3D architectural documentation of the
buildings. Based on the possible future risks, 3D laser scanners were employed to provide
accurate architectural documentation for two of the case studies which 3D BIM drawings have
been provided. 3D drawing can be converted to finite element models for future numerical
analysis. Compared with conventional geodetic methods (traditional single-point
measurements), the 3D laser scanning technology exhibits strong advantages. Its data
acquisition has the advantages of high efficiency, high precision, non-contact measurement,
high data resolution and fast speed.
2 CASE STUDIES
A preliminary survey is an essential part of conducting a vulnerability assessment of heritage
structures. The two selected log houses in Tønsberg were investigated from a structural
perspective, as presented in the following sections.
2.1 Heierstad Loft
The Heierstad Loft is a store house originally located on the farm Heierstad, 50 km north of
Tønsberg. The whole house was moved to the Slottsfjell Museum in Tønsberg, where it was
restored in 1957. The lower floor is in its original state and has been dated to 1407 by
dendrochronology, while the attic floor has been partly reconstructed [13].
The building has a rectangular plan measuring about 8 × 9 metres, and a total height of about 9
metres. It is built (logged) of large softwood pine or spruce logs, with a simple gable roof
construction. The roofing material is traditional, consisting of coarse wooden boards, a layer of
birch bark and turf. The exterior surface has been treated with tar. Two views of the building
and details of the roof and connections are shown in Figure 4.

Figure 3: Heierstad Loft case study from two different views
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As it is illustrated in Figure 4(b), two supporting beams are employed, and the main beams
are laid orthogonally on them. All the roof system’s timber logs of the second floor are laid
orthogonally on the main beams. However, due to the lower dead and live loads on the second
roof compared to the first roof, the supporting beams have not been utilised and the roof
system’s logs are laid on the main beams as it is shown in Figure 4(c).
The area of the second floor is more than the first floor. As it is illustrated in Figure 4(d),
this issue can lead to overturning of the building and in order to tackle with this risk, the main
beams of the first floor are continued and as it is shown in Figure 4(e), upper logs are longer in
the corner joints.

(a)

(b)

(c)

(d)

Figure 4: (a) Connection details inside the building for the 1st and (b) 2nd storey roof,
(c) structural details of the 2nd floor system, (d) connection detail of the corner joint
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The building is in good condition in general, but it requires continuous maintenance. The
most relevant degradation factors are general weathering, high humidity levels, biological
decay (see Figure 5) and foundation settlement.

(a)

(b)
Figure 5: Biological defects in Heierstad Loft

2.2 Fadum Storehouse
The Fadum Storehouse is a log house covered by a coat of insulation because of its original
use as a storehouse. The structure dates back as far as the 1750s, and it is constructed with small
timber columns on a stone foundation. The structure has two stories with dimensions of
6.40*5.30 for each of them. The material properties and the risks are the same as those of the
previous building [14].
The building and its structural details are shown in Figure 6. As it is illustrated in Figure
6(d), the floor system is laid on the short timber columns which are on stone foundations. The
main surrounding beams of the floor are simply connected to the columns without any
constraints for rotation.

(a)

(b)
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(c)

(d)

Figure 6: (a) Fadum Storehouse view, (b) Structural detail inside the coating,
(c) Timber short columns under the building, (d) detail of the simply connected timber column

This building is generally in good condition but some deflection in main surrounding beams
can be seen as well as biological damages Figure 7 shows some of the biological damages in
logs and on the coating.

(a)

(b)

Figure 7: (a) Lichen attack to the coating, (b) Insect attack on the timber logs

3

3D DOCUMENTATION

Analysing 2D images can be very useful in many machine vision applications, but it is
sometimes more helpful or even necessary to create a 3D image or representation of an object,
such as in robotics, logistics applications or autonomous vehicles applications. Today, various
imaging techniques can provide 3D information for machine vision purposes. Scanning
techniques use a projected line of light onto a surface. [15].
Fadum Storehouse and Heirestad Loft structures are chosen for performing 3D laser
scanning which can be easily converted to finite element models for further studies. A total of
eighteen scans, twelve exterior and six interiors, were carried out for the Fadum Storehouse and
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Heierstad Loft structures investigated in the present study. The structures have an easily
accessible indoor environment and design characteristics including diversity and a number of
different building components.
The equipment used was a Topcon 2000 3D laser scanner, which is able to scan the entire
building. The laser scanner automatically scans and measures the area and then records the
coordinates of each scanned point. In order to obtain complete and clear point cloud data of the
building’s surface, a multi-station scanning was required.
Because of the fact that the point cloud data collected by the 3D laser scanner contains
essentially all the objects within the scanning range, including trees, persons, etc. that are not
related to the structure, post-processing needs to be performed to remove such elements that are
not relevant to the study. Autodesk ReCap Pro 2020 was used for de-noising, editing,
measurement and visualisation of the raw point cloud data. The field tests were designed in
such a way to obtain the full details of the two structures, such as connection details, log
dimensions etc.
The result of the scanning was a complex set of points called point clouds. These points
show information about the field environment in grey, or in a red, green and blue (RGB) colour
scale, corresponding to the intensity of the return pulse. During the scanning, the team used
special labelling that reflected the location (inside or outside the structure) in order to make the
post-processing more manageable.
When utilising ReCap to perform the registration process, it was not possible to achieve fully
automatic merging, and a manual approach was therefore chosen to complete the process. Based
on this, at least three common points in two sequential scans were picked up to execute the
registration and to obtain good merging results. Throughout this process, all the labelling rules
and notes used in the field were taken into consideration in order to select the right scans to be
merged together. The result is shown in Figure 8 for the two case studies.

(a)

(b)

Figure 8: Raw point cloud data for (a) Heierstad Loft, (b) Fadum Storehouse

After obtaining the point clouds, the Revit building information modelling (BIM) software
package was utilised to visualise the clouds based on colour intensity and elevation, and to
interact within the point clouds to create an accurate building information model. As can be
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seen in Figure 9, the number of logs and their thickness have been identified and precisely
depicted in the BIM file.

(a)

(b)

Figure 9: BIM drawing files of (a) Heierstad Loft, (b) Fadum Storehouse

For more investigation at the component scale, some parts of the buildings have been chosen
in order to convert the point clouds to the surface using Geomagic design X software package.
This feature of the software will be so time consuming in order to achieve the precise model of
the structures at the component scale. Figure 10(a) and (b) show some samples of the surfaces
of the components and the deviation of some points from the reference surface which is
produced from the mass point clouds. In order to investigate any deflection in beams on short
timber columns in Fadum storehouse, precise models have been produced. Figure 10(c) shows
one of the beams models as a sample. Two reference horizontal lines are added to the figure to
show any deflection in the beam and settlement in short columns. No settlement in columns can
be detected in this beam’s supports but insignificant deflection in the beam can be detected in
the right part of the beam.
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(a)

(b)

(c)
Figure 10: (a) Surface of the coating of Fadum storehouse (see Figure 5(a)),(b) Surface of the coating of
Heierstad Loft as it was highlighted in yellow box in Figure 3(a), (c) Precise model of the beam in Fadum
storehouse (see Figure 5(c)) (units in mm).

In order to investigate the flatness of timber coating, Geomagic Control X software is
utilized. Point clouds are as an input for this inspection which gives precise images of the
elements and the deviation of the different parts of the element to a set of reference points.
Figure 11 shows the output image of the software for one covering timber panel of the Heiersted
Loft building. As it is illustrated no significant protrusion can be detected in the covering and
the deviations just show the differences of the vertical timber panels’ flatness. This method can
be used for detecting the large cracks or delamination in timber elements’ surfaces.
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Figure 11: Covering surface of the wall of the Heierstad Loft (see Figure 3(a)) for showing any protrusion in the
element (units in mm).

4

CONCLUSIONS
-

-

A preliminary structural survey as a fundamental step in the vulnerability assessment
of heritage buildings has been performed of two log houses in Tønsberg in order to
investigate their structural system, damage and future potential risks.
The buildings were selected for a further geometrical survey using 3D laser scanning.
3D documentation of Heierstad Loft and Fadum Storehouse have been produced and
BIM drawing files have been derived for further investigations. 3D laser scanning is
much more precise than traditional 2D geometrical surveys, especially for structures
with more complicated 3D geometry. The method can be effectively used for the
conservation of heritage structures against potential risks.
Three features of 3D laser scanners have been highlighted. Point clouds not only can
be used as an input for 3D documentation of the case studies but also can be utilized
in order to model precise automatically models of the components to detect any
deflection or settlements in structural elements or foundations. Moreover, as the third
feature of the point clouds, they can be utilized in order to find any protrusion in
surfaces of the timber components which can be beneficial for detecting any cracks or
delamination in surfaces.
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Abstract. The Cathedral Basilica of Manizales is one of the most representative buildings of the
so-called "republican architecture", boosted in a remarkable and singular way after the fires of
the 1920s in the city of Manizales, Colombia. Its "eclectic neo-gothic" design was made in Paris,
after the fire that destroyed the city's previous cathedral in 1926. This masterpiece of Colombian
architecture turned ninety years old in 2018 after the first stone was laid in 1928. Its
construction was carried out in "reinforced cement"; few decades after the appearance of
reinforced concrete. During its ninety years, the cathedral suffered earthquakes of high intensity,
in 1938, 1962 and 1979, which have significantly compromised its structure. Earthquakeresistant rehabilitation studies to preserve the temple, declared a National Monument in 1984,
were promoted at the end of the 1990s. They were the diagnosis of the structural conditions of
seismic vulnerability and how it could be provided a greater capacity of response in terms of
stiffness, resistance and dissipation of energy, as well as the diagnosis of the state and pathology
of the materials. This included geotechnical studies of seismic amplification, dynamic behavior
using environmental vibrations, 3D virtual modeling, and structural analysis, even with finite
elements. For the reinforcement, the intervention of the base of the central spire was proposed,
the control of the stability of the four corner spires, the construction of new structural walls
joined in strategic points; founded in caissons and connected to each other in the upper level to
guarantee the action of the diaphragm and a better seismic behavior of the structure. The
interventions to improve the seismic resistance of the cathedral were carried out between 2002
and 2004. The treatment and protection of the concrete and other necessary interventions of its
sculptures and images were carried out between 2016 and 2017. The objective of this document
is to describe how a new generation of local specialists have studied and proposed, for this
temple of 113 meters high, its seismic reinforcement, the treatment of its materials and other
necessary protection interventions, in accordance with the state of the art of earthquake
engineering, design, and construction of RC structures and the protection of historical heritage.
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1

INTRODUCTION

The Cathedral Basilica of Manizales has endured earthquakes of significant intensity, in
1938, 1961, 1962 and 1979 that they have seriously compromised their structure. The
earthquake of 1962 produced partial destruction and the collapse of the northwest tower. In
1979, although the cathedral had been repaired, it suffered serious damage to its main
structural walls. The temple originally thought as invulnerable was not and demanded to make
new structural reinforcements and interventions that were projected twenty years later (1999)
and that have been carried out during the two following decades of the new millennium. The
departmental government, with the support of the national government, promoted the
accomplishing of these earthquake-resistant rehabilitation studies to preserve the monument.
Taking into account similar works carried out in other Latin American countries, such as the
intervention of the Cathedral of Mexico City or the experience with churches from Antigua,
Guatemala, the objective of this work is to illustrate in synthesis the studies and interventions
carried out in the Cathedral Basilica of Manizales, Colombia, between 1979 and 2019.
2 AN EMBLEM OF LOCAL SEISMIC CULTURE
The Cathedral Basilica of Our Lady of the Rosary of Manizales, a temple declared a
National Monument in 1984, today of national public interest, is the symbol of a culture: that
of the coffee landscape. Its history represents the evolution and innovation of a technique, of
science and a culture, immersed in a context characterized by disasters and risk in the face of
intense events. Although the roundwood and the bamboo, guadua, had been used by the
Quimbaya people and since the Neolithic period in the pre-Columbian period, the possibility
of molding earth walls, using tapia and adobe, the result of the colonization process following
the European canon from Spain, entered to be part of the constructive options. The flexible
gave way to the rigid and fragile in the search for status with the increase in the thickness of
the walls. Thus, between 1854 and 1869 a temple of trodden tapia was built that replaced the
first straw chapel. After the foundation of Manizales in the middle of the 20th century, this
church built with the splendor of this rigid material, with two lateral towers and a central bell
tower, meant the advent of a new but fragile constructive paradigm in the face of earthquakes.
In 1875 the strong earthquake that destroyed Cucuta, another city in the Northeast, also had
effects in the coffee region of Colombia. The church cracked importantly, as did other tapia
and adobe houses that had been built with the same technique. Subsequently, these damages
were increased because of the earthquakes that occurred in 1878, 1884 and 1885. The temple
of tapia and adobe was repaired several times, but these last earthquakes severely affected its
façade. As a result of the observation and awareness of the inhabitants of the region of the
possible consequences due to the earthquakes on the tapia and adobe buildings, the
community not only made the decision to demolish the temple but to explore new
combinations and constructive techniques more appropriate for the city which they called the
“tremors architectural style”.
The demolition of the temple of trodden tapia was not an isolated solution to the problem of
seismic vulnerability. Noting the rediscovery of the earthquake-resistant empirical techniques of
the "tremors architectural style" of the houses from the coffee farms and from the urban center,
Mariano Santamaría, Bogota architect, proposed a new design for the church that would take
advantage of the “bahareque” from the region. Wood and guadua would adopt the forms of a
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temple that would adapt to the natural peculiarities of this new landscape and its construction
was carried out between 1888 and 1897. In the 1920s the novel but precarious electrical network
was the cause of they will present short circuits and fires. The fire of 1925 meant the destruction
of the city center; tens of blocks were destroyed. The flexible bahareque fell into disrepute
because of its vulnerability to fire. In 1926, the wooden Cathedral and two more blocks, which
had not been previously affected, suffered the action of a new fire, thus completing a disaster
scenario no longer caused by the force of nature. This situation made it necessary to rethink the
risk and its different causes and the possibility of exploring new alternatives based on the
introduction into the world of the recent Portland cement at that time. In the midst of the
controversy about the level of protection against earthquakes and fire, finally, the cemented
bahareque replaced the old bahareque and definitively banished the tapia and adobe of the city.
The cultural landscape of the rural bahareque evolved into a unique and modern urban
bahareque, the result of adaptation and a peculiar awareness of risk in Manizales. Under the
name of reinforced cement at that time, concrete technology also became an attractive innovation
and an apparent and legitimate alternative for the construction of the new Manizales Cathedral,
which should be in principle immune to fires and earthquakes. Angelo Papio & Jean Carlo
Bonarda, Italian engineers resident of Manizales at that time, who would be the builders of the
new temple, described the construction system proposed by the French architect Julien Auguste
Polti, who won the international competition in Paris for the new Cathedral of Manizales, as
follows: “The type of construction we use is the monolithic of reinforced cement throughout its
structure and the one that offers absolute guarantees of resistance and fire. This system is adopted
in countries where earthquakes are frequent, not only by the structure but also the walls come
into play in the resistance against the stresses and movements due to the earthquake. This type of
construction suits Manizales's floor perfectly. Moreover, it is the most suitable.” The new
Cathedral of Manizales, in “reinforced cement”, became the emblem of local seismic culture,
which developed with the curious evolution of the “tremors architectural style”; predominant
technique with which the city would develop its “Republican” Architecture. The new Cathedral,
by itself, meant a peculiar innovation in that unique process, being the first massive building of
reinforced concrete that was built in the country and in the region of the coffee cultural
landscape; declared as World Heritage by UNESCO in 2011.
3

DIAGNOSIS AND DESIGN OF INTERVENTIONS

The new Cathedral of Manizales, of “neo-Gothic eclectic style” in reinforced concrete, was
completed in 1939. It suffered its first earthquake in 1938 when its central spire had not yet
been built. Subsequently, during the following decades until the end of the 20th century, its
structure suffered the action of several earthquakes that significantly affected it. Although
reinforcements, repairs were made and the tower that had collapsed in 1962 was rebuilt, it was
early concluded that its conservation depended on the degree of earthquake-resistant protection
that could be provided, as a result of a study and a preventive and careful intervention that
preserved the monument to the future. The earthquakes of 1962 and 1979 had caused serious
damage, his condition was critical, and his permanence depended on the correct interventions
being carried out in the shortest possible time. Even a moderate earthquake, such as those that
occur with some frequency in the region, was known to compromise the partial or total stability
of the monument. For this reason, at the request of the Government of Caldas in the mid-1990s
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and with the support of the Subdirectorate of Monuments of the National Road Institute, today
the Directorate of Heritage of the Ministry of Culture, between 1997 and 1999 were carried out
studies for the earthquake-resistant rehabilitation of the Cathedral, in order to protect this
National Monument. These studies were conducted by a large group of experts [1], according to
the state of the art, with the aim of make a detailed diagnosis of the conditions of structural
seismic vulnerability and the way in which the monument could be given greater capacity in
terms of rigidity, resistance and dissipation of energy to face the seismic demand.
For this purpose, it was based on the realization of a detailed survey and virtual construction
of the model of the Cathedral, in order to verify the original plans of Polti, several of which had
been restored by the Coffee Cultural Fund (see Figure 1). The plans offered invaluable
information for the geometric survey stage, although the information included there did not
correspond exactly with the real dimensions of the building. The virtual model was the basis for
a three-dimensional discretizing of the temple and analyzing its structural behavior using finite
element-based computer programs (e.g. ANSYS, SAP, PDCOMP) (see Figure 2).
The ANSYS program was used to define the structure geometry. In the finite element model,
two types of elements were used: Type Beam 4- (elastic beam) and Type Shell 63- (elastic shell).
For the construction of the model, it was necessary to use 6437 nodes, 8738 shell-type elements,
and 108 beam type elements. For the dynamic analysis, an Eigenvectors analysis was used for
the first 10 modes of vibration of the structure. The period of vibration for the fundamental mode
was 0.90 sec. and for the second and third mode 0.54 sec. and 0.36 sec respectively. Using the
SAP2000 NL Push, a pushover analysis was carried out, which allowed verifying the capacity of
the structure. After analyzing the stratigraphic profile, it was established that the soil that controls
the local seismic response is silt of high plasticity. Therefore, cyclic triaxial tests were
performed, one for each of the samples recovered at different depths. The cyclic properties of the
other strata were estimated based on correlations taking into account their index properties. The
cyclic triaxial tests were performed for confinement pressures of σ3 = 0.5 kg / cm², σ3 = 1.0 kg /
cm² and σ3 = 1.5 kg/cm². The observed behavior of the soil corresponds to that of relatively rigid
clays that begin to degrade from deformations of the order of 0.1%. For values of the order of
0.5% they have already lost up to 50% of their stiffness. The values of Go varied between 60 and
130 kg/cm² depending on the confinement pressure which, in this case, varied between 0.5 and
1.5 kg/cm². The damping coefficient with respect to the critic remained at small values until
deformations of the order of 0.1% and only from this value were considerable values achieved
until reaching values between 12% and 23% for deformations close to 1%.
Taking into account the dynamic properties of the soils, feasible accelerograms and the
seismic response spectra for different periods of vibration at the site, the dynamic response of
the structure was modeled and evaluated, considering the characteristics and condition of the
materials in terms of its resistance and pathology, for which it was necessary to take a large
number of samples. This allowed evaluating the structural seismic vulnerability and to design
the seismic-resistant reinforcement in such a way that the benefit that these reinforcements
would have on the structure could be verified and without generating excessive invasive
interventions and preserving the authenticity of the temple.
Initially, with the use of a model of elastic behavior and the definition of a pattern of
cracking and fissures simulated by previous earthquakes, obtained from the analysis with
environmental vibrations, the inelastic behavior of the structure was assessed. This type of study
allowed determining the main deficiencies and weaknesses of the temple to face earthquakes.
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Figure 1: Example of original plans of the Cathedral restored and used for structural modeling

Figure 2: The virtual model was the basis for a three-dimensional fine-element discretizing of the structure
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Efforts could be determined throughout the structure and therefore at critical sites or that
could be insufficient to address the most severe seismic actions, a soil-structure interaction
analysis was carried out to estimate how the period of vibration of the building and how its
structural behavior could relax. The results of these studies indicated that the walls of the
Cathedral had cracked in previous earthquakes because they acted in practice in an uncoupled
manner. The cracks had arisen precisely because there was no capacity in the walls of the
structure to move monolithically in a single set. Most of the cracks and fissures had occurred
because of their insufficiency to withstand shear force. On the other hand, since the
foundation was a system of joists, some of which are not very rigid due to their height
reduction, this would allow, in addition to the seismic action, that the walls would rotate due
to lack of embedment. This kind of situation, very unfavorable, explained the decoupling of
the walls and their cracks and would have to be corrected. For this reason, it was concluded
that it was essential to strengthen the capacity of the existing walls with competent structural
elements that would improve the strength and the energy dissipation capacity of the structure
and that a new foundation would be carried out that would guarantee its proper embedding in
the base.
It was also detected that the central spire induced remarkable efforts at its base when it
vibrated at the action of an earthquake. Since near its base where the folded plate that forms
the tower was supported in a group of pillars whose reinforcement was insufficient to absorb
tension stresses, it was considered that this area was critical and would have to be reinforced.
Finally, it could be ratified that the towers or corner spires that had been reinforced after the
1962 earthquake with an internal steel structure were not properly anchored, offering a high
possibility of instability in case of a severe earthquake. For this reason, it was considered
pertinent to carry out an intervention that could guarantee greater stability and foundation
anchorage.
4

EARTHQUAKE RESISTANT STRUCTURAL REINFORCEMENT

In summary, the diagnostic and design studies had proposed the realization of several new and
attached structural walls at strategic points to improve the seismic response and the overall
behavior of the structure, the intervention of the central spire base and the control of the stability
of the four corner spires. At the beginning of the 2000s, the Foundation “Amor por la Catedral
Basílica de Manizales” was established, resources were obtained from citizens, the municipality,
and the national territorial finance agency, FINDETER. With unique technical coordination,
between June 2002 and August 2004, the proposed earthquake-resistant reinforcement works
were carried out by direct administration of said Foundation and through several contractors [2].
For a better behavior before the lateral loads it had been established that it was necessary to
reinforce the structure by means of eight new orthogonal structural walls located in the periphery;
in the places considered of greater efficiency for structural effects and where they will not cause
major changes in the original architecture of the building. These walls could replace existing
walls, however, due to the difficulties that this meant for the construction, it was established that
said walls should be built attached by means of anchors to the existing walls (see Figure 3). This
situation, although minorly modifying the façade, was preferable since the vertical loads were still
transferred to the foundation by the existing walls. On the other hand, great difficulties and risks
were avoided in the construction process, otherwise it would have been necessary to temporarily
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hold large vertical loads as well as the thrusts of the arches that converge there. These new walls
had to have edge elements capable of supporting the moments that would be generated in case of
an earthquake and that must reach the foundation based on a new high foundation beam, located
below the existing foundation, which in turn should be built supported by caissons that will
guarantee the embedding or non-rotation of the new walls; issue that was very difficult to carry
out but that was necessary (see Figure 4). These new structural walls had beams at different levels
and at the top to ensure that they could be connected by a network of new beams that formed a
ring at the level of the diaphragm between levels 24 and 27 meters and with the purpose to
provide an ideal system to absorb tension stresses when the structure would be moved by an
earthquake. These beams were built using steel plates attached and bolted to the high ribs of the
vaults that reach the heads of the walls and that connect to the dome under the central spire,
achieving the connection and transmission of forces and the effect of diaphragm with the new
structural walls in the form of L and that finally they were built internally and externally attached
to the walls of the structure (see Figure 5).
The central spire was intervened at its base by means of six reinforcing walls attached to the
folded plate that forms the tower. In this way, the capacity of the structure at the base of the spire
to withstand tension stresses when it becomes subject to lateral forces caused by earthquakes was
improved. These walls were built internally so that from the outside it is not possible to see them
and because of a recent earthquake they have already presented cracks, which illustrates that they
have already been working (see Figure 6). In addition, this internal work was used in the central
spire to make a new internal metallic helical staircase that allows people to climb up to the tip of
the central spire where is placed the so-called “Polish Corridor”.
Finally, in order to improve the stability of the corner spires, a connection was made using
eight special rods of 7.5 cm in diameter that connect the base of the internal steel reinforcement
structure of each tower at the 11.20 meter level with a new beam located in the foundation to
which they must be anchored (see Figure 7). In this way these rods act as tensioners that prevent
the turn of the towers in case of a strong earthquake.
4

TREATMENT AND PROTECTION OF CONCRETE

The treatment of the concrete’s state of the Cathedral has been, together with other general
maintenance activities, the last interventions that have been made to the monument. The
treatment and protection of concrete was one of the interventions that, with special emphasis,
should be carried out accordingly with the recommendations of the comprehensive diagnostic
and structural reinforcement project in 2000 [1]. At that time when the evaluation of the state of
the materials and the pathology of the concrete was made, it was concluded that there was
already a significant advance in the carbonation of the concrete and that it would surely be
aggravated if it was allowed to pass a long time without intervening. This was ratified in a more
detailed study that was carried out in 2013 [3] and that resulted in the urgent need to intervene
“the skin” of the Cathedral and also carry out another series of relevant interventions related to
the repair of decorative elements and cornices, the construction of a new and adequate system of
downspouts, the reconstruction of the sewer system and the intervention of the sculptural works
and images of the facades and towers [4]. This maintenance, which must actually be a periodic
activity, was carried out in 2018, following the technical and protection recommendations of the
Heritage Directorate of the Ministry of Culture.
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Figure 3: Attached walls were built to provide greater stiffness, resistance and energy dissipation

Figure 4: Foundation with caissons to prevent rotation at the base of the structural walls
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Figure 5: Steel beams make up a diaphragm and connect the heads of the structural walls

Figure 6: Internally attached reinforcing walls were constructed at the base of the central spire
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Two phases of this maintenance were planned. In its first phase, the most urgent activities
were included. On the one hand, the removal of mortars from terraces, canals, and walkways,
which were replaced with sloping cement to improve adhesion, waterproofing and mechanical
resistance to traction and bending. This process was complemented by the application of a
product that minimized cracking and where necessary additional reinforcements were made with
welded mesh. The slopes were oriented towards the grilles that were projected according to the
new hydraulic installations that were projected and made. Also, the washing and disinfection of
the façade were carried out by applying a corrosion inhibitor and a water repellent was applied.
A type of biocide with properly diluted benzalkonium chloride was applied and for the minimum
recommended time, which was also facilitated with the use of plastic bristle brushes to improve
the action of this product in the different layers of the dirt layers, particles pollutants, and biofilm
that had formed over the years. Then the cleaning was carried out with a pressure washer with a
pressure less than 750 psi, with a fan jet and more than 30 cm away between the nozzle and the
concrete to avoid damage to the concrete. Once the surface dried, for which at least three sunny
days were required, the corrosion inhibitor or passivator was applied to the reinforced concrete at
the sites of greatest relevance of the bases and towers. This process had setbacks due to changes
in color in the concrete that had to be corrected with abundant rinses and due to the need for the
surface to dry, which was not facilitated due to persistent rains. Additionally, due to the lack of
water pressure in the highest parts of the temple, a system that kept the pressure constant had to
be developed. The final stage was the application of the water repellent in order to repel water,
prevent corrosion and achieve a coating that prevents the new appearance of moss. To the extent
that this product was applied, gaps and fissures were intervened with another product suitable for
this type of repairs, on façades and towers from top to bottom to the 11.20 m level, pending
completion of this work in a new phase that allows continuing until this treatment to the base of
the temple. Figure 8 illustrates the new clean and clear appearance of the concrete surface of the
Cathedral. The dark appearance that it had due to the dirt and carbonation that the concrete had
suffered for many years was eliminated.
On the other hand, this was also the opportunity to repair the cornices and decorative elements of
the façade, as well as the covering of the downspouts using a mixture of mortars or concrete using
proportions of dyes. Multiple trial and error tests were performed in order to simulate the original
color of the concrete of the Cathedral. Sixty-five samples and cores were taken to verify the
carbonation state of the concrete and dust extraction tests to verify from a chemical point of view in
the laboratory the condition of the concrete paste. Cleaning the interior vaults of bird droppings,
garbage, fragments and even wood that were from the construction was carried out, and synthetic
meshes were also placed to prevent birds from entering these sites as they did before. To improve
water management that was very precarious, an appropriate system of siphons, grilles, and
downspouts was constructed, and the sewer of the surrounding streets was replaced due to its very
poor condition when its respective revision was made. Finally, as a result of the strong deterioration,
twenty-two sculptures of the five spires of the temple were changed, replacing them with new ones
or repairing them, which allowed preserving the original icons of the Cathedral. These images were
made using weather-resistant epoxy resin and the existing cross in the central spire was replaced by
the one called the Levitating Christ, which required not only careful technical work on materials,
construction processes, platforms and scaffolding in height, but the skill and artistic ability of a
renowned sculptor of the city. The concrete sculptures that are located on the roofs were also maintained, as well as the sculptures of the guardian angels located at the base of the central spire. The
concrete of these images was washed, disinfected and hydrofuge was applied like in the structure.
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Figure 7: Eight rods or tensioners provide stability to corner spires in case of an earthquake

Figure 8: The current appearance of the Cathedral after washing and concrete treatment and protection
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5

CONCLUSIONS

A summary description of the interventions of the structure, the conditions of the concrete,
the decorative elements and the sculptures, which have been made to the Cathedral of
Manizales, have been presented. These interventions were the result of the Integral Project of
Diagnosis and Design of the Structural Reinforcement, which was disclosed in 2000 [5]. The
reports indicated the works of structural reinforcement and protection of the monument that
should be carried out to protect this masterpiece of Colombian architecture, after the study
that was carried out on the state of the materials, modeling, and evaluation of the response
seismic, vulnerability diagnosis and structural reinforcement design. The earthquake-resistant
intervention was carried out between 2002 and 2004 and the treatment of concrete and other
necessary interventions were carried out between 2016 and 2017 [6]. This illustrates the effort
that is necessary in these cases to obtain the necessary economic and professional resources to
carry out the protection works of a heritage monument. Although the second phase of
maintenance is still needed, which must actually be permanent in such a structure, it can be
concluded that the decision of a number of people committed to these efforts, with their
expertise and management, have been the ingredient fundamental to ensure that this
monument has been protected and that it is preserved for posterity, with the aim of continuing
to be an emblematic masterpiece of the local seismic culture of the city of Manizales.
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Abstract
The rehabilitation of historical buildings plays an important role in enhancing the sustainable
built environment of a city. Re-use of old buildings when adapting them to new functions has
become a common way to protect the significance of historical buildings and keep them for
future generations as examples of the achievements of former architects and construction
masters. Issues connected with the adaptation of an old university three-story building from
1866 that has exceptional artistic qualities is the subject of the analysis presented in this
paper. Originally, the building was multifunctional, and intended for the activities of various
university units. During the II World War, the main body of the building was seriously
damaged. After the war, the building was reconstructed using the current building materials
and construction solutions, and was handed over to the Medical Department of Wroclaw
University. The building is now undergoing renovation, the purpose of which is to change its
function into an office building. The greatest value of the building is its façade - with excellent
proportions - which perfectly fits into the spatial context and the development of this part of
the city. For this reason, the preservation of the building's main structure was the most
important aspect of the renovation design process. The paper presents the results of the
assessment of the building’s technical state, analysis of the planned functional changes and
renovation ideas, and finally, a description of the structural and constructional solutions
adopted to solve the problems occurring during the renovation works.
1

HISTORICAL OUTLINE OF THE FORMER UNIVERSITY BUILDING

The building, with its exceptional artistic value (Fig. 1), was designed by the outstanding
Wroclaw architect Theodor Milczewski and put into use in 1866 [1].
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Figure 1: General design view (from north) of the
building presented in a newspaper from 1866 [2]

Figure 2: Location of the considered building within
the city environment (1864) [3]

The three-story building was located on Grodzka Street (Burg Str.), which ran along the
promenade by the Odra river (Fig. 2). The building filled the entire northern part of the area
between Szewska Street (Schuchbrücke Str.) and Uniwersytecki Square (Universität Platz).
From the east it was adjacent to the middle school of St. Maciej that was located in the
baroque Monastery of Crusaders of the Red Star, and from the west it was adjacent to the
Institute of Chemistry that was erected 10 years earlier.
The main entrance to the building (Fig. 3) was located from Grodzka Street and led
through a representative vestibule and staircase to a museum and lecture halls. In addition, a
short side wing was erected on Szewska Street, which had residential and auxiliary functions
(Fig. 4). The Pharmacy Institute was located on the ground floor of the newly erected
building. It continued the traditions of the university pharmacy, which was founded by the
Leopoldina authorities and later leased by Wilhelmin University.

Figure 3: Archival view of the front (northern) building elevation (1864) [3]
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The museum that was located on the upper floors of the building collected and presented
mineralogical, petrographic and paleontological collections. The lower wing along Szewska
Street initially had mainly residential functions: on the full floors there were flats with several
rooms for researchers, while in the mezzanine above the ground floor there were three smaller
flats for servants and watchmen. Over time, the residential function gradually gave way to the
need to arrange an increasing number of offices for researchers.

Figure 4: Archival drawing of the first floor (1930) [3]

Figure 5: View of the destroyed building in 1945 (southern side) [4]
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During the war in 1945, the main body of the building was seriously damaged (Fig. 5). The
eastern part of the building, which included the entire lower wing along Szewska Street that
was originally residential, survived without any major damage to its body and slate roof. In
turn, the main body of the building was completely burned out, and the part located on the
west of the vestibule and the main staircase was demolished to ground level. The ruined
building was handed over to the Faculty of Medicine of Wroclaw University and to Wroclaw
University of Science and Technology. It was meant to be the location for the Pharmaceutical
Department.

Figure 6: First floor plan – 1955 reconstruction design [3]
(darkened walls at the right side – existing ones; walls at the left side – reconstructed)

Figure 7: Cross-section VI-VI (east-west direction) of the building – 1955 reconstruction design [3]

The renovation of the eastern part of the building, with the main staircase and vestibule,
was completed in 1948. A provisory lecture room on the first floor, and a workshop for
inorganic and analytical chemistry on the second floor, were opened at that time. The
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reconstruction of the west wing began in 1955 (Figs. 6, 7). Renovation work included the
construction of new floors. A reinforced concrete slab was made above the basement where
the bunker was planned, while in the rest of the basements and on the upper floors there were
massive dense ribbed floors. In addition, steel roof trusses with a skylight were made above
the auditorium room.
2

THE STRUCTURAL LAYOUT AND DIAGNOSIS OF THE TECHNICAL STATE
OF THE BUILDING

2.1 The building's current architectural and structural elements
The analyzed building is a freestanding object, situated on a plan that is similar to the letter
L, and consisted of two parts: the west and east wings (Fig. 4). The building has three floors
above ground (a ground floor and two upper floors), an unused attic, and a basement. In the
east wing there is an additional floor between the ground floor and the first floor - the
mezzanine (Fig. 8).

Figure 8: Current view (from north) of the front façade of the building

The greatest value of the building can be seen to be its historic front (northern) façade, and
its body with excellent proportions, which perfectly fits into the spatial context of the estate.
The façade from the Grodzka Street side is distinguished by a seven-axis avant-corps. The
entrance portal is located on the axis of the apparent avant-corps. Above the portal, there is a
two-storey triple window, which is finished with a full arch, enclosed by an arcade that is
supported on Tuscan pillars, and topped with a keystone with a carved head.
The in between window pillars and small pilasters that support the cordon cornice, which
are placed on the line of pediments of the other windows of the first floor, have decorative
details in the form of the Doric order. Above the façade axis there is a tall, three-axle
belvedere. The four-axis façade of the lower side wing is expressed similarly to the facade of
the body. The eight-axis eastern (side) façade is also preserved in a similar style, however, the
Tuscan pilasters only decorate the corners of the building.
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The foundation of the building is in the form of brick continuous footings, with or without
offsets. Under part of the continuous footings there is a foundation made of stone boulders,
which may indicate that the previously existing foundations were locally used as a foundation
of this building. The width of the continuous footings is from 0.75 to 1.00 m, and the height is
about 1.90 m. The depth of the foundation of the continuous footings is 3.35 m below the
existing terrain, and 1.85 m below the existing floors in the basement. The main structural
system of the building consists of walls made of solid brick with varying thicknesses (Figs 4,
6 & 7). The basement walls are made of solid brick, and have the following thicknesses:
external walls from 0.38 to 1.00 m, and internal structural walls from 0.38 to 0.80 m.
Horizontal wall insulation was found, but there is no vertical insulation. The upper wall
thicknesses amount to approx. 1.02 to 0.64 m for the external walls, and from 1.02 to 0.38 m
for the internal structural walls.
The completed structural inventory showed a very large variety of types and systems of
floors. In the eastern wing, segmental vaults and the Klein floor on steel beams were found
above the basement. The upper storeys have wooden floors and locally Klein slabs. The west
wing is even more diverse in terms of its floor structures. Above the basement there are
segmental vaults, prefabricated ribbed floors, and also reinforced concrete slabs. On the upper
floors there are prefabricated floors, Ackermann slabs, and reinforced concrete slab floors.
The roof structure is also not a homogeneous solution for the entire building. There are classic
wooden purlin-rafter and suspension systems in the east and west wings, and a completely
different arrangement of steel trusses above the auditorium in the west wing (Fig. 7).
2.2 The diagnosis of the technical state of the building
As a result of the detailed analysis of the technical condition of the building, which was
carried out before the renovation design works started, it was found that the entire facility is
in a poor technical condition. This forces the necessity of a wide range of renovation works to
be carried out. The reason for the building's condition was primarily due to its long-term
operation without conducting appropriate renovation and modernization works, the natural
wear of the used materials, and also environmental impacts.

Figure 9: Exposure of the foundation walls

Figure 10: High dampness of the basement walls
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With regards to the condition of the foundations, and based on the conducted exposure
works (Fig. 9), it was found that they were probably made at a variable level of the loadbearing soil layers. In addition, the level of groundwater in the vicinity of the building is
above the level of the native load-bearing soils, and a quick water flow into the executed
excavations was observed. It was also found that all the basement walls have a very strong
moisture content – the existing horizontal insulation no longer fulfills its function (Fig. 10). It
was necessary to dry the walls and to at least make horizontal insulation using the injection
technique.
Static calculations showed that the foundations of the left internal walls do not have
a sufficient load-bearing capacity to transfer the designed loads. These foundations must be
reinforced by e.g. jet-grouting. In addition, due to increased vibrations that are generated by
trams passing on the neighboring Szewska Street, it was also recommended to jet-grout the
wall of the building along this street. However, the analysis of the working conditions of the
entire facility after strengthening the foundations showed that jet-grouting of only part of the
walls will change the rigidity of the entire building and may contribute to the cracking of
walls in different places. Therefore, for the implementation of the modernization project, it
was recommended to strengthen the foundations of all the load-bearing walls of the building.
In the external walls, nearly all the brick window lintels and the under-sill walls located
underneath them have been scratched or cracked. However, the largest extent of damage
occurs in the wall that is located by the street that is loaded with tram traffic (Figures 11, 12,
13). Consequently, it was recommended that all repair work on the brick lintels and
windowsill walls should be carried out before the demolition of ceilings.

Figure 11: The location of cracks in the side (eastern) façade lintels and wall
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Figure 12: Example of cracks in lintels and walls

Figure 13: Exemplary cracks in lintels

In the case of the internal walls of the building, which will remain in accordance with the
architectural concepts, are currently, despite damage that locally occurs in them, in a
sufficient technical condition. However, the structure of most of these walls is very
heterogeneous: there are numerous traces of reconstruction, holes, and masonry works. Most
of the transverse walls have a large number of ventilation, exhaust and other technical ducts,
which were used by the laboratories that previously existed in the building. The course of
these ducts is practically impossible to determine. Static calculations, which were preceded by
tests of masonry samples and by NDT methods, showed that the majority of the walls and
internal pillars do not have a sufficient load-bearing capacity to transfer designed loads, and
therefore they require reinforcement with e.g. reinforced concrete sleeves.
3

CONCEPT OF THE BUILDING'S RENOVATION - SOLUTIONS OF
STRUCTURAL PROBLEMS

The adaptation project of the historic building includes the renovation, reconstruction and
change of its operation function into a public service one. The planned adaptation program for
the facility also involves the use of basement floors as technical rooms. The ground floor and
higher floors will be allocated for office spaces.
The design of the reconstruction of the facility for new utility purposes forces the
implementation of a very wide range of demolitions (Figs 14, 15). From the existing building,
only the external walls, part of the internal walls, a fragment of brick vaults above the
basement in the south-east part, and a staircase located in the corner of the building will
remain.
Wooden floors, Klein type slabs, ribbed Ackermann and concrete hollow brick floors are
planned to be replaced with monolithic reinforced concrete floors supported on reinforced
concrete ribs, as well as with a RECTOR ribbed ceiling. Because the replacement of floors
and the execution of works related to the perforation of existing walls can cause secondary
scratches and cracks, it is proposed to strengthen the surfaces of the walls in the FRCM (Fiber
Reinforced Cementitious Matrix) system, which is based on a matrix made of mineral mortar
and PBO (Polyphenylene Benzobisoxazole) fibers.
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Regarding the roof structure, it was considered to construct a reinforced concrete flat
ceiling with a roof in the spatial form with a glazed aluminium structure, which would be
supported on large-size reinforced concrete perimeter beams and anchored in the perimeter tie
beam of the knee walls. An innovative roof construction solution also involves the use of
a recessed tub for air conditioning devices in order for the roof to maintain a regular outline
and for these devices to not be visible (Figs 14, 15).

Figure 14: The cross-section (eastern wing) of the building showing the demolition plan (darkened walls) [5]

During the implementation of such a wide range of demolitions, it is very important to
stage the demolition and reconstruction works. In order to adapt the building to its new form,
a one-stage method of building renovation was proposed. It consists of performing demolition
and reconstruction works using a combined method – partially using the "chimney" (bottomup) method, which involves demolishing the ceilings and restoring their structure from the
bottom to the top, and partially using successive dismantling of the ceilings with their
reconstruction being conducted from the top to the bottom of the building (Fig. 16).
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Figure 15: The cross-section (east-west direction) of the building with the demolition plan (darkened lines) [5]

Figure 16: The plan of the combined method of renovating the building [6]

Such a solution will ensure the stability of the walls without the need to mount additional
temporary steel safety elements. The proposed combined way of performing the demolition
and reconstruction works will also enable the renovation time to be significantly reduced and
the commissioning of the building to be faster, which will in turn translate into an economic
profit of the investment and a reduction in the costs of protections.
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Figure 17: Scheme of wall stability protection that involves a steel structure for the “chimney” method [6]

The proposed combined building renovation technique will be carried out in one stage, and
will cover a period of 1.5 years, whereas the originally planned reconstruction of individual
parts was planned for 2 years and was meant to be conducted in stages.
In the part of the building where the ceilings will be demolished up to the basement
ceiling, the protection of the walls’ stability will involve the use of a temporary steel
structure. Moreover, it is planned to reconstruct all the ceilings from the bottom to the top the hatched surface in Figure 16. Other parts of the building will be made using the method of
successive demolition of ceilings and by reconstructing them from the top to the bottom of
the building (Fig. 16).
The use of temporary steel protections for the walls’ stability when using the "chimney"
method is shown in Figure 17. The angle brace protections will be installed successively,
along with the demolition of the ceilings from the top to the bottom on each floor. The angle
brace protection will be installed above the demolished ceiling at a height that is equal to half
of the distance between the top of the ceiling and the windowsill in the wall. Such an
assembly technique will allow for a collision-free reconstruction of monolithic ceilings from
the bottom to the top of the building.
4. FINAL REMARKS
The article presents in a general way selected aspects of the architectural and structural
modernization of an old university building that was built in the first half of the 19th century.
One of the requirements of the proposed adaptation was to preserve the historical context of
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the building at the same time strengthening and supplementing the value of the cultural
heritage of the city of Wroclaw. All the methods of changing the building structure and
adapting it to new functions were developed and applied after reaching a compromise with
conservation services regarding the possibility of interference in the historical character of the
building [7].
Due to the technical condition of the building, the construction design and the plan of the
execution of works had to include complex works, such as:
 performing jet-grouting under all the foundations of the building;
 securing the stability of the building’s walls along their entire height due to the very wide
range of necessary demolitions;
 use of modern floors;
 preserving the form and shape of the roof, which was designed to contain all the technical
equipment (incl. HVAC and fire protection systems).
The most challenging works connected to the building refurbishment are demolitions of
some of its structural elements (walls and floors) with parallel construction of the necessary
temporal stability structural strengthening. These works are planned to be performed at the
same time in two ways, depending on the range of demolition: bottom-up method in which
demolishing of the ceilings and restoring their structure is done from the bottom to the top,
and up-down method in which dismantling of the ceilings with their reconstruction are to be
conducted from the top to the bottom of the building. The proposed combined building
renovation technique will cover a period of 1.5 years, whereas the originally planned
reconstruction of individual parts was planned for 2 years.
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Abstract. Recent seismic events occurred in areas rich of ancient remains and full of
cultural and artistic heritage in terms of artworks. Earthquakes may damage buildings, but the
vibrations may also induce the uplift and overturning of their content, implying irreparable loss
of cultural values. The seismic assessment of objects is usually tackled modelling them as rigid
blocks. This paper focuses on statues, which generally present a very complicated geometry,
and proposes a general methodology involving different disciplines, for their experimental
seismic assessment. The methodology is here applied to the masterpiece of “Paolo Orsi”
museum in Syracuse (Italy), that is the “Venere Landolina”. Due to the complexity of statues,
traditional techniques cannot be considered reliable for a proper geometry reconstruction;
therefore, Terrestrial Laser Scanner (TLS) and Unmanned Aerial System (UAS) technologies
are here employed to obtain a highly detailed and complete digital model. Aiming at providing
a low-cost scaled physical model of the statue, a wooden specimen has been arranged
employing a Computer Numerical Control (CNC) milling machine, cutting off disks from flat
panels which are then superimposed and glued, progressively reconstructing the actual
geometry of the statue. The specimen, able to approximately reproduce the scaled actual
geometry, was then tested on a shaking table with ground motions compatible with those
expected for the site where the statue is located. The obtained results are finally correlated with
those expected for the real scale statue.
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1

INTRODUCTION

The seismic assessment and protection of the content of buildings represents a challenge
of modern engineering; it is relevant in two main cases, that is machinery located inside
strategic buildings (e.g. hospitals, control towers) which have to keep their operability in the
earthquake aftermath, and artworks whose damage would imply a significant cultural
economic and social loss. It is reasonable to consider such objects as lightweight bodies.
In the context of the seismic protection of artworks, the crisis of the material is
encountered only in few cases, for which FE models are usually employed, mainly to study
and interpret the presence of cracks in statues in static [1] and dynamic [2] conditions. Such
objects mostly tend to get damaged not so much for material crisis as for their uplift and the
subsequent overturning. For this reason, there is a broad literature aiming at a proper
modelling of such systems in seismic conditions; most of these models are based on the rigid
body motion [3]-[10], which is governed by nonlinear differential equation. Even in the case
of simplified geometry the rigid body motion is difficult to be modelled because of the
impairments in the contacts with the base [11] and due to the chaotic character of the rigid
body motion [12]. Analogous studies on geometrically complex objects are rarely considered
[13] since the governing equations are further complicated; moreover, experimental studies
in such cases are prohibitive due to the difficulty to faithfully reproduce specimens consistent
with the original model in the laboratory. The interest towards the seismic protection of
artworks has been growing in the last decades. Some masterpieces, such as Michelangelo’s
David [1], the “Juno’s fountain” [2] and the “Bronzi di Riace”, underwent detailed studies,
and in the latter case their seismic protection is assured by a ball system isolation [14]. Other
studies concerning the seismic isolation of lightweight objects can be found in [15],[16].
The study presented in this paper is focused on statues, and presents a novel
interdisciplinary approach for the experimental assessment of statues involving survey,
technology and structural skills. The proposed methodology is applied to the “Venere
Landolina”, the masterpiece of “Paolo Orsi” museum in Syracuse (Italy). The proposed
approach includes three main phases: a) the 3D digital modelling of the statue by means of
UAS and TLS technologies, b) the reconstruction of a scaled wooden model created with a
CNC milling machine based on the digital model, c) the experimental campaign conducted
with the application of ground motions compatible with the design spectrum by means of a
shaking table, the interpretation of the results, and the correlation with the actual geometry
of the statue. The three phases of the proposed methodology are briefly elucidated and then
applied to the chosen case study, showing its applicability to other meaningful artworks.
2 SEISMIC PROTECTION OF ARTWORKS: THE CASE OF THE “VENERE
LANDOLINA” IN “PAOLO ORSI” MUSEUM
The proposed methodology aims at the assessment of the seismic safety of lightweight
objects. In the context of artworks, former studies were conducted oriented to their seismic
protection. Some of them are oriented to describe the main mitigation strategies [17], some
others are detailed studies of statues. In the case of the “Bronzi di Riace” a low invasive
semi-passive isolation system (based on a ball system with dissipative wires) on a marble
base was devised [14]. In the case of Michelangelo’s David, a detailed FEM study was
conducted to verify the riskiness associated to cracks observed on one of the legs [1].
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In the following sections a novel methodology for the seismic assessment of statues
involving an experimental campaign on a scaled specimen, reconstructed with a faithful
geometry, is proposed. The proposed methodology includes three phases which are
summarized in Figure 1. All the considered phases require the adoption of advanced
hardware and software tools. The stages of the proposed strategy can be summarized in a
knowledge phase, a prototyping phase and the seismic assessment. The knowledge phase
consists in a non-invasive geometric scanning of the statue (see section 3 for details) and the
manipulation of the output of the survey providing a photorealistic digital model of the
statue. In the prototyping phase the solid model is further processed, and a 3D digital
prototype is elaborated; the obtained simplified model represents the input to create a scaled
physical counterpart, by superimposing of wooden disks shaped with a Computer Numerical
Control machine (see section 4 for details). Finally, the physical prototype is tested on a
shaking table considering ground motions compatible with the design spectrum and duly
modified to account for the scale factor of the specimen; the results obtained by experimental
campaign are elaborated with a tracking motion software and interpreted with the aim of
rating the safety of the statue (see section 5 for details).
The conceived methodology is here applied to a meaningful case study selected in the
archeological museum “Paolo Orsi” in Syracuse (Italy). Specifically, the “Venere Landolina”,
that is the masterpiece of the museum, is considered, Figure 2. The marble structure goes back
to the II century A.D. and is probably a copy of a former greek statue; its name is related to
Saverio Landolina, the archeologist who discovered the Venere in 1804. This artefact was
selected for its artistic relevance, but also for some geometric features which make this case
study particularly meaningful. The statue is quite slender, which makes it keen to the uplift, and
is also irregular since the position of the center of gravity is not centered with respect to the
base. In the first column of Figure 1 the main steps of the proposed methodology applied to the
Venere Landolina are depicted where the physical model and the intermediated stages of the
digital models are easily identifiable. The statue, which is placed on a 80 cm high pedestal, with
a hexagonal base inscribed in a circle of radius 160 cm, is 165 cm tall, has the base of support
inscribed in a rectangle of 55,6x50,6 cm. The mass of the marble object, approximatively equal
to 430 kg, is estimated considering a volume of 162098.79 cm3 and a specific weight equal to
ρ = 0.00265 kg/cm3.
3 3D DIGITAL MODELLING OF THE STATUE
The present study establishes a synergy between the teaching and research methodologies and
between technological innovation and operational technologies of the specific subject areas, in
particular, surveying and data processing and communication.
It is important to develop digital integrated strategies in order to obtain an efficient
performance of all the research indicators. In general, the study wants to provide the scientific
community with an operational protocol for the virtual rendering of artistic and museum objects
[18]. In particular, 3D modelling aims to the development of a physical model for the seismic
evaluation of sculptures. In this regard, 3D computer graphics gives an immediate perception
of reality less affected by discretization modalities than traditional drawing.
The implementation of software which can transform data coming from TLS, UAS
technologies and photogrammetry into 3D models allows the visualization and 3D printing
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concretisation of artistic objects characterised by sinuous geometric shapes. The present
experimental work on “Venere Landolina” has been conducted with the innovative
technological instruments of the Laboratory of Representation, SDS of Architecture, University
of Catania.

Figure 1: The proposed methodology.
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Figure 2: Venere Landolina

The methodological process of the 3D model production through a high precision
mathematical representation of the object surface, provided the virtual development of the real
artistic object.
The formal complexity of the examined sculpture suggested, as previous research [19], an
integrated survey analysis obtained through the combination of range-based and image-based
techniques. More specifically, starting from data acquired with TLS, Terrestrial Laser Scanner,
and SfM, Structure from Motion, the research produced a 3D model able to provide complex
information, to visualize formal material and colour data and to analyse and interpret
architectural data.
From the operational point of view, two survey campaigns have been conducted: the first
instrumental survey campaign was conducted with Leica Scan Station C10, Figure 3; the second
photogrammetric survey was performed with digital camera and UAS technology, Figure 3.
In the first campaign, in particular, four targeted scans were obtained in order to accurately
align the various digital images in the post processing phase through Cyclone Software.
In the second campaign various shots were taken at different heights turning around the
sculpture.
SfM technique can produce a texturized 3D model starting from a set of digital shots. 3DF
Zephyr Aerial can automatically process image features, all the visible key-points on different
shots, creating correspondences for the image matching. The detected features were then
computed in a 3D sparse point cloud and all the coordinates to the key-points of the surrounding
items were optimized to generate a dense point cloud.
In order to acquire a greater amount of data, UAS technology has been introduced. It can
produce high-resolution imagery which is almost impossible to obtain with traditional systems.
In the specific case, a quadcopter DJI Spark weighing just 300 grams captured aerial imagery
of the upper surface of the Venus.
This technology has aroused considerable interest in the scientific community and UAV,
Unmanned Aerial Vehicles, are used in different fields of engineering, architecture and
archaeology [20]-[23].
It generates, rapidly and at low cost, the necessary data for the production of precise models
with the integration of vertical and oblique imagery.
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Figure 3: TLS and UAS technology

The point cloud obtained with instrumental survey was imported to 3DF Zephyr Aerial and
the dense point cloud obtained from digital automatic photogrammetry was aligned to it. Such
a model was then exploited to start the mesh generation and texture mesh generation in order
to obtain a photorealistic 3D model.
Finally, Geomagic Wrap performed a long and patient retopology procedure in order to
optimise the polygonal model generated through the integration of the different applied
techniques, Figure 4.
The last phase was extremely important to create the final printing of the model. The use of
quick prototypization generated a single copy of the physical model exclusively designed for
the study and the proposed research. For the correct interaction between the survey product and
the printing instrument, it was necessary to convert the model to .dxf format in order to ensure
system compatibility.

Figure 4: Elaboration of the 3D textured model
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4

RECONSTRUCTION OF A WOODEN SCALED PHYSICAL MODEL

The digital model arranged in the previous section has to be manipulated to generate proper
input files to reconstruct a scaled and simplified physical model of the statue. In particular, a
wooden specimen (with scale factor 1:2) is created by superimposing thick sections to each
other obtained by flat OSB (Oriented Strand Board, a product made of glued wood shavings
layers) 9 mm panels. To this purpose, the solid model is cut with equally spaced horizontal
planes (with spacing equal to the thickness of the OSB panels), identifying the contour of each
section; each of the considered horizontal section is approximatively considered representative
of a certain thickness (9 mm), Figure 5a. It is worth to mention that the main difficulty in
reproducing the actual behaviour of the statue results not from the complex geometry but to the
complex interface between the statue and its support on which it can rock, wobble and slide.
The real marble statue might have different properties from those associated to the woodden
specimen; for this reason, additional tests will have to be performed considering different
contact materials.
91 sections are considered in this case taking into account the additional thickness of the glue,
and the corresponding contours represent the input for the CNC milling machine. The cuts were
performed adopting a cutter with a diameter of 3 mm and 2 blades, considering a depth
increment equal to 4,7 mm, a cut velocity equal to 800 m/min and a safety vertical distance
equal to 12 mm. The shaping of the 91 sections took 48 hours of worktime for the CNC
machine, Figure 5b. In addition, each section is endowed with 2 (to 4) 10 mm holes intended
to allow the insertion of vertical wooden bars to guide their superimposition, Figure 5c. Each
section is then refined sanding their border. The assembly of the specimen and the subsequent
glue hardening took 15 days. The final physical specimen has a height of 87,5 mm, a volume
of about 20257,897 cm3 and a weight of 12,073 kg and a footprint of about 28x28 cm. The
position of the center of gravity is in relation to the left base edge at 19,7 cm (dir. x), 33,7 (dir.
y), -14,0 cm (dir. z), Figure 6. Such edges have been chosen considering the smallest base of
the statue; however, for a comprehensive study additional experimental tests considering
different input direction should have been performed.
The simplified scaled digital model of the statue depicted in Figure 5a-d allowed to easily
identify some geometric features of the specimen, as shown in Figure 6 where the adopted
reference system is also identified. As better shown in the next section, the specimen will be
subjected to ground motions through a single degree of freedom shaking table. The two edges
around which the specimen can rotate are identified as 1 and 2, and the relevant geometrical
moments of inertia around the edges are equal to I1 = 4,2808 x 107 cm5 and I2 = 3,6318 x 107
cm5, respectively. The critical angles which may lead the statue to the overturning are  1 =
30,31° and 2 = 13,84° in the negative and positive directions, respectively.
5

THE EXPERIMENTAL CAMPAIGN

Aiming to a proper seismic assessment of the statue, the scaled wooden specimen was
subjected to shaking table tests considering different ground motions. The experimental setup
includes a single degree of freedom shaking table (from the LO.F.HI.S. series ND13014 (Low
Frequency High Stroke and Velocity Shaker) and a high frequency acquisition camera (DSRX100 M5) for contactless displacement data acquisition. To this purpose, the video records
are processed using the Tracker Video Analysis and Modeling Tool software ver. 5.0.7" [24].
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Details on the experimental setup, on the contactless data acquisition and the subsequent data
processing can be found in [11].

Figure 5: Wooden scaled specimen: (a) simplified digital model, (b) CNC machine, (c) superimposition of the
sections, and (d) near-final result.

The design of the experimental campaign was performed considering the design spectrum
for the location where the Venere Landolina is located (Syracuse, Italy) according to the Italian
code [25], considering a soil type C and the SLA limit state according to the Italian guidelines
for artistic heritage [26]. A floor spectrum is duly considered which allows accounting for the
location of the statue inside the museum (second of three levels with equal interstorey).
Since no specific data of the building were available the fundamental period Ts of the
structure was estimated according to the following approximated formula Ts = C H 3/4 = 0.32 s
In Figure 7 the adopted design spectrum is depicted, together with the main data for its
definition.

Figure 6: Main geometric features of the wooden specimen and adopted kinematic model and markers layout

916

Alessia Di Martino, Giuseppe Cocuzza Avellino, Emanuela Paternò, Francesco Cannizzaro, Ivo Caliò,
Gianfranco Gianfriddo, Rita Valenti and Nicola Impollonia

Seven artificial spectrum-compatible accelerograms were then generated through the
software SeismArtif [27]. Since the scale factor  of the specimen with respect to the actual
statue is equal to 2, in order to obtain the ground motion to be applied to the shaking table, the
time axis was scaled by a factor according to the Froude analogy [28]. One of the generated
accelerograms is reported in Figure 8 (light grey) together with the corresponding scaled one
(black); in the same Figure the theoretical (dashed lines) and experimental (dashdot lines) uplift
accelerations (for both side) are also reported. The spectrum compatibility of the generated
accelerograms is duly verified, Figure 7; then, the scaled accelerograms are integrated twice
thus defining the input ground motions to be applied to the specimen with the shaking table.

Figure 7: Design spectrum adopted to generate the ground motions and spectrum compatibility

Each of the accelerograms was then applied twice to the specimen considering both sides.
The results obtained for all the considered tests, after being duly processed considering the
markers layout identified in Figure 6, are collected and reported in Figure 10 for all the
considered tests.

Figure 8: Design of the experimental campaign: (a) artificial accelerogram and corresponding scaled one, (b)
input ground motion for the shaking table.

The obtained results show that, as expected, the specimen uplifts for all the considered
ground motions (the normalized Peak Ground Acceleration is greater than the ratio bi/h,
i=1,…,4); however, no overturning is observed. The obtained responses in terms of rotation
angle , normalized by the minimum critical angle  2, show that the specimen tends to a more
pronounced rocking around the edge 2. The average maximum angle over the seven ground
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motions for the positive and negative directions are av_max,1 = 8,26° and av_max,2 = 24,82°,
respectively; the corresponding absolute values are ab_max,1 = 12,30° (observed for the 5th
accelerogram+) andab_max,2 = 47,26° (observed for the 1st accelerogram-), respectively, which
are those reported in Figure 9.

Figure 9: Normalized angle response vs time: (a) positive and (b) negative ground motions

The specimen and the real scale statue, according to the Buckingham theorem, should
provide comparable response in terms of angles, therefore, the safety rating obtained for the
wooden specimen should apply for the real statue as well.
CONCLUSIONS
-

-

-

In this paper a novel interdisciplinary methodology to experimentally assess the
seismic safety of lightweight artefacts is proposed. The procedure is here applied to the
Venere Landolina statue, preserved in Paolo Orsi museum in Siracusa (Italy).
The proposed strategy involves the construction of a scaled wooden specimen based
on a digital model obtained by means of a laser scanner non-invasive relief and
photogrammetry survey using UAS and TLS technologies.
After processing and scaling the 3D digital model, the physical model is obtained
through superimposition of wooden thick sections, properly shaped by means of a
Computer Numerical Control machine.
The specimen is then tested on a single degree of freedom shaking table, considering
seven artificial spectrum-compatible ground motion, duly modified to account for the
scale factor of the specimen with respect to the real statue. Specific guidelines for
artistic heritage are employed to generate the accelerograms.
The obtained results show a limited variability of the specimen response to the different
inputs, and a substantial safety of the statue with respect to the design earthquake. As
expected, the different properties of the specimen with respect to the load directions
imply a strong asymmetry with respect to the uplift side.
The proposed methodology, which involves several disciplines, has the great
advantage to allow conducting experimental tests (through the construction of a
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faithful physical model) on objects of priceless value. The original artefact does not
undergo any direct contact and does not need to be moved to capture its geometry.
Objects with complex geometry can be handled without loss of generality. The
obtained results show the applicability of the proposed geometry on a larger scale.
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museum, in particular Dr. Maria Musumeci, for her sensitivity toward the seismic protection of
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Abstract. Hispaniola is in the edge of interaction between the North American and Caribbean
plates. In this zone, the occurrence of earthquakes greater than 5.0, Mw is frequent,
characterizing it as a seismically active zone. These earthquakes cause considerable material
damage and can provoke loss of human lives. The Cathedral of Santo Domingo, Primate of
the Americas, is in the Colonial City of Santo Domingo. It is the most important colonial
building in Dominican Republic, was built between 1521-1541, and is a masonry building
made with stone ashlars and covered with stone ribbed vault. However, it is essential to
know about the possible seismic behavior that the ground could have in case of a relevant
earthquake to try to avoid possible damage to this heritage. For this reason, the aim of this
research is to apply geophysical prospecting methods for the seismic site characterization of
the Cathedral of Santo Domingo. For this study, the geophysical methods applied were:
MASW (Multichannel Analysis of Surface Wave), H/V Spectral Ratio and Georadar. The
characterization of site conditions was determined with the values of the average shear wave
velocity for the top 30 m of soil (Vs30) obtained with the MASW method. As a main result
it was found that the site seismic class determined with the MASW method was type Cvery dense soil and soft rock (360-760 m/s), according to the NEHRP classification. In
addition, the Georadar tests allowed confirming that there are no unknown caverns in the
basement of the Cathedral in the first 5 m, thus it is accepted as valid the seismic
classification of the soil obtained by the MASW method.
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1

INTRODUCTION

Commonly, conventional seismic approaches to near-surface evaluation have been either
high-resolution reflection studies or refraction studies dealing with a depth range of a few tens
to hundreds of meters. In addition, geophysical surveys are useful tools to characterize the
buildings making up the cultural heritage and to monitor the subsoil features on which they are
constructed. The information obtained is necessary for planning future restoration work [1].
Therefore, the aim of this research is to apply geophysical prospecting methods for the seismic
site characterization of the Cathedral of Santo Domingo.
In 2004, a seismic modeling to simulate a monostatic survey with a single simulation used a
ground-penetrating radar (GPR) modeling by using the analogy between acoustic and
electromagnetic waves. The exploding-reflector method provides the correct travel times of
diffraction and reflection events, whereas the plane-wave method yields more realistic
amplitudes and multiple reflections [2]. While in 2007, Barilaro et al., carried out the
identification of natural or anthropic buried cavities under the church of St. Sebastiano in
Catania, Sicily, Italy, where they used GPR surveys on the pavement of the church and three in
situ drillings outside. Through this investigation, the existence of hidden structures was
revealed; the results obtained by in situ drillings allowed a detailed characterization of the most
superficial layers of the ground [3].
Georadar prospections and three mechanical drillings were carried out in 2008 in a Roman
Amphitheatre of Catania, Sicily, Italy, by Castellaro et al., where they studied the lithological
features of the foundation subsoil of the Amphitheatre and identified possible underground
voids, buried crypts and other heterogeneities. In addition, they used a passive seismic method,
which allows to retrieve information on subsoil stratigraphy and on possible seismic site effects
[4]. In 2016, Leucci et al., carried out a case study that involves a geophysical survey employing
the surface three-dimensional (3D) GPR techniques, to characterize the ancient Messapian
Necropolis in Lecce, south Italy, characterized by different types of graves (pits dug in the
bedrock or built with slabs, sarcophagi and hypogea) that lay also inside the settlement
surrounded by city walls [5].
An integrated geophysical survey was carried out in 2018, to confirm the potential
occurrence of archaeological remains of the Roman temple dedicated to the Emperor Augustus,
at the Tarragona’s Cathedral in Spain. The project included electrical resistivity tomography
(ERT) and GPR [6]. Also, in 2018, Di Giacomo et al., studied the Medieval cave village of
Casalrotto, Mottola, Apulia, Italy [7].
In 2019, Sabrina et al., carried out geophysical surveys for the dynamic characterization of
a cultural heritage building and its subsoil: The S. Michele Arcangelo Church, Acireale, eastern
Sicily, Italy [1]. These authors argued that the extensive use of geophysical techniques in the
last decades, especially for surveys on the cultural heritage, is linked to their low or zero
invasiveness, compared to other survey techniques.
On the other hand, the Multichannel Analysis of Surface Waves (MASW) technique was
introduced in the late 1990’s by the Kansas Geological Survey [8]. The method exploits proven
multichannel recording and processing techniques that are similar to those used in conventional
seismic reflection surveys. The MASW technique deals with surface waves in the lower
frequencies (e.g., 1-30 Hz) and uses a much shallower depth range of research (e.g., a few to a
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few tens of meters). The main advantage of MASW is its ability to take into full account the
complicated nature of seismic waves that always contain noise waves, such as unwanted higher
modes of surface waves, body waves, scattered waves, traffic waves, etc., as well as
fundamental-mode surface waves [8].
Anukwu et al., used the MASW method to identify the cause of fractures/cracks observed
on the walls and ceilings of a heritage building located in Georgetown, Malaysia. The S-wave
velocity revealed that the site is composed of materials with a low shear wave velocity which
varies across the site and with depth, thus determining a phenomenon that might be the possible
cause of the observed fractures/cracks on the building [9].
In 2013, Tarque et al., carried out a soil seismic profile below the San Felice Martire church,
at Poggio Picenze (L'Aquila area, Abruzzo, Central Italy). They studied field geologic
observations and drilling and geophysical tests retrieved from previous investigation
campaigns. These authors said that the dynamic soil properties were obtained by literature and
by the test results. Amplification effects at the site under investigation have been estimated
using fully 1D stochastic site response analyses and for the object motion seven (7) real records
compatible to the Italian code-based spectrum referred to 475-year return period [10].
Cercato et al., in 2019, applied several geophysical techniques (ambient noise recordings,
surface wave methods, electrical resistivity tomography and seismic downhole) to assess the
geometry and the low-strain stiffness properties of the different geological units and to provide
continuous subsurface imaging throughout the hill of Civita di Bagnoregio (Viterbo, Central
Italy). The authors complemented the research with borehole seismic and geotechnical
laboratory testing to provide a detailed dynamic/cyclic characterization of the lithotypes, which
were used for investigating seismic site effects [11].
2 CATHEDRAL OF SANTO DOMINGO
The Cathedral of Santo Domingo is the most important colonial building of the Dominican
Republic. It is the first cathedral in the new world (built between 1521 and 1540). Its
construction begins with the arrival of Bishop Alexander Geraldini, who had the support of
King Charles V. The church is oriented east-west, with the entrance to the west and the altar
and polygonal Apse to the east. In the Cathedral the space is based on a canonical study of
proportions. It has the ratio of 1:2 (Double Square), where the length of the church is almost
double the width and it is adjusted to the golden proportion, characteristic of the late Gothic
[12]. The geometrical-proportional layout of the plant and elevations of the church is based on
mathematical relationships established on the golden ratio. The height from the floor to the
keystone of the central nave is identical to the width of the central nave plus the side nave,
giving the golden ratio.
The Cathedral is a saloon plant, with three naves, seven sections with an octagonal
presbytery with five faces, fourteen chapels between buttresses and a sacristy on the south side.
The floor plan is almost a perfect rectangle that has 45.80 m long by 23.40 m wide, covered
with Gothic ribbed vaults and tercelets. The vaults are supported by circular pillars and
columns. The church is made of coralline and marly limestone blocks. From the bottom of the
presbytery to the entrance it is 54.60 m long. The central nave is 9.63 m wide from column to
column and the lateral naves are 4.80 m each.
The Cathedral is delimited by to the north, the Colón Park. To the south, the Plaza of the
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Priests and the Caribbean Sea. To the east, the Ozama river and to the west the main entrance
of the Cathedral (Fig.1).

Figure 1: a) Location of the Cathedral of Santo Domingo; b) Photo of the entrance of the Cathedral of Santo
Domingo

3

MATERIALS AND METHODS

In this study, the seismic site characteristics of the ground of the Cathedral were analyzed
using seismic methods (MASW and HVSR) and an electromagnetic method (GPR). A
topographical survey using RTK and a Trimble Total Station were also carried out during the
GPR survey in order to aid in the preparation of the planimetry.
3.1 MASW method
Park et al., describe the MASW method as follows: the Rayleigh wave fundamental mode
dispersion curve is extracted from a shot record. If present, higher modes can also be used and
finally the extracted dispersion curves are inverted to generate a 1D shear-velocity model [13].
The shear wave velocity (Vs) depends on the geotechnical parameters of the terrain such as the
shear module (G) and the density (ρ) according to equation 1:
1

𝐺𝐺 2
𝑉𝑉𝑉𝑉 = [ ] 
𝜌𝜌


(1)

The MASW method was chosen due to the ability to analyze the fundamental and higher
modes simultaneously [14]; this advantage enabled us to obtain more accurate shear-wave
velocity models. The recording array was composed of 23 vertical component geophones with
a geophone spacing of 2 meters (Fig. 2). The separation between the source impact point and
first geophone (offset) was 4 m to minimize near-source effects. The data recording system was
a 24-channel “DOREMI” manufactured by Sara Instruments in Italy.
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Figure 2: A schematic showing field configuration of instruments used during a seismic survey

The data analysis was carried out with “SurfSeis”, software developed by Kansas Geological
Survey (KGS), USA [13]. As a source to generate the Rayleigh waves was needed to derive the
Vs models, we used a 20 lb. hammer.
Data processing consisted basically in geometry edition, data filtering, muting (if needed),
generation of overtones (frequency-time energy diagrams), and finally fundamental and higher
mode (when they appeared) identification. Once dispersion curves were determined, they were
subjected individually to a mathematical inversion process to obtain a 2D-Vs profile
Four longitudinal profiles were performed for data collection (Fig. 3). A profile in the north
of the Cathedral (Line No.1) with a length of 44.25 m, specifically close to Colon Park. The
geophones were arranged at 2 m between them and 4 m from the source. Two longitudinal
profiles in the eastern part of the study site, (Lines No. 2 and No. 3) these with a length of 15.50
m and 33.70 m respectively. For Line No. 2, 12 geophones were used and the separation
between them was 1 m; Line No. 3 consisted of 15 geophones separated at 2 m each. After the
completion of these, three more profiles were carried out in the Plaza of the Priests (Line No.
4), in the South, with a length of 70 m, using 23 geophones at 2 m between them and 4 m from
the source.

Figure 3: Location of the MASW and HVSR profiles made in the Cathedral
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3.2 H/V spectral ratio
A SARA SS45PACK (integrated 4.5 Hz sensors) triaxial broadband accelerometer was used
for recording the seismic data (environmental seismic noise) (Fig. 4).

Figure 4: SARA Instruments Triaxial Accelerometer of 4.5 Hz natural frequency

The implemented technique is considered a "passive" technique because it does not require
an artificial seismic source, such as explosives or hammer blows. The HVSR ratio measures
the vertical and horizontal components of seismic noise induced by wind, waves, and
anthropogenic activities. The type of signals obtained, from the use of this equipment, are three
signals in the three directions of the movement (Fig.5).

Figure 5: Seismic signals obtained from the triaxial accelerometer

The signals in the plane (Horizontal) are averaged, then the Fourier spectra are obtained and by
the application of the Nakamura Modified Transfer Function [15]:
𝑇𝑇𝑇𝑇𝐻𝐻𝐻𝐻 =

𝑆𝑆𝐻𝐻𝐻𝐻

𝑆𝑆𝑉𝑉𝑉𝑉
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3.3 Georadar
The Georadar survey is an advanced geophysical technique that uses short pulses of highfrequency electromagnetic waves into the subsurface and analyzes the reflected waves [16].
The field of general applications of the Georadar is very wide, being used in construction
projects, audits, site evaluations, environmental impact studies and geological and
archaeological studies. In cultural heritage sites as the study area, the GPR is most useful in
mapping the dimensions of crypts and ground structures.
The GPR survey (Fig. 6) was carried out using a Georadar device equipped with a 500 MHz
antenna (Model DX2125 by 3D-Radar) to obtain adequate resolutions up to an investigation
depth of 5 m.

Figure 6: GPR survey inside the Cathedral

The data acquisition phase was done by making lines and meshes (Fig.7). Inside the
cathedral, 17 lines were made in the longitudinal direction, distributed as follows: 3 in the
central span of the altar and 7 in the extreme span.
In each span, the lines were approximately 0.58 m apart. After data collection in the
openings, data was taken in the chapels and the sacristy where a total of 47 lines were made,
considering that the study area has 14 chapels.
Within the collection of data inside the area of interest, the study was continued in the crypt
of the Trascoro, where a total of 12 lines were made, both horizontally and vertically, to check
if this crypt housed some burial.
After the data collection inside the building, lines were carried out outside, specifically in
the garden east of the study area, the Plaza of the Priests, the main entrance to the West and the
corridors in the North part; having a total of 39 lines in these zones.
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Figure 7: Plan view of the GPR lines made throughout the Cathedral

4

RESULTS AND DISCUSSIONS

4.1 Seismic Methods
Figure 8 shows the shear-wave velocity model of Line No. 4, which is labelled as profile L4
(Fig.3), obtained from the MASW method. This profile is in the southern part of the Cathedral
and shows Vs values between 250 m/s right below the surface and above 1200 m/s at a depth
of 30 m. From this Vs model we obtained the Vs30 values along the profile, which in this case
is 70 meters long.

Figure 8: 2-D shear-wave velocity section from the MASW survey conducted in the southern part of the
Cathedral

As it can be noted in Fig. 9, the range of Vs30 values obtained from the MASW method is
between 530 m/s and 738 m/s, thereby qualifying the soils of that area as NEHRP class C-type.
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Figure 9: Vs30 MASW profile obtained in the Plaza of the Priests located in the southern part of the
Cathedral

On the other hand, the results obtained by measuring the accelerations of the soil for each of
the points defined above in Figure 3 are shown. After applying the filters and the smoothing
proposed by Konno-Ohmachi [17], the value for the fundamental frequency of the North part
of the Cathedral obtained was 0.682 Hz (Fig. 10).

Figure 10: Fundamental frequency of the soil based on the SESAME criteria

4.2 Georadar Survey
In general, no previously unknown caverns or other cavities were found in the first 5 m of
soil. The GPR003 radargram (Fig. 11) shows some vertical anomalies, but these pass through
the crypt of the Trascoro and a tombstone located in the center of the aisle of the altar, which
are already mapped. Therefore, the classification of the soil surface structure obtained by the
MASW method is accepted as valid.

Figure 11: Radargram of a longitudinal E-W line that passes through the center vane of the cathedral.
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Another detail that can be observed in radargrams is the presence of parabolas. These
parabolas are the product of the influence exerted by lamps located at 5 m above ground level,
in addition to the reflection of the electromagnetic wave at the end of the line. This makes it
clear that the test is delicate, and that special care must be taken during the processing to
correctly interpret the results.
5

CONCLUSIONS
-

-

The GPR surveys confirmed that there are no unknown caverns or other cavities in the
subsoil of the Cathedral in the first 5 m, so the classification of the surface structure of
the soil obtained by the MASW method is accepted as valid.
The Vs30 values obtained with the MASW test showed a variation that coincides with
the topography of the land. The highest values of Vs30 were obtained in profile 3 and
4, which were tested in the lower part of the Cathedral, that is, in the southern part
closest to the sea.
The frequency determined by the HVSR method further confirms the site class
obtained with the MASW survey.
The site class determined with the Vs30 results found in this investigation for all
models was type C (360-760 m/s), according to NEHRP soil seismic classification.
The results of this study are consistent with other soil studies conducted in the area.
The values of Vs30 in the first 3 to 4 meters of each model correspond to rigid clay
and sandy soils, while from 5 m onwards values corresponding to rock are reached.
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Abstract. The development of urban mobility implies the construction of tunnels, often
interacting with valuable historical structures. It is thus necessary to develop rational and
reliable procedures to estimate the potential excavation-induced damage, dealing with complex
soil-structure interaction problems. Classical approaches are often characterised by relatively
simple schematisations for either one or both components of the problem, as, for example,
springs for the soil or equivalent plates for the structure. Such simplified assumptions prove to
be appropriate for simple soil-foundation cases, while show several limitations when tackling
more complex problems, as those involving the excavation in the vicinity or beneath historical
masonry structure. In such cases, the need for reliable prediction of the potential damage on
surface structures induced by construction activities justifies the adoption of advanced
numerical approaches. These need to be based on realistic constitutive assumptions for both
soils and masonry elements and require the definition of the three-dimensional geometry as
well as an accurate modelling schematisation of the excavation process. In this paper a 3D
Finite Element approach is proposed to model in detail the excavation of twin tunnels,
accounting for the strongly non-linear soil behaviour, interacting with monumental masonry
structures, carefully modelling their geometry and non-linear anisotropic mechanical
behaviour. The work focuses on a specific case-study related to the ongoing construction of the
line C of Rome underground.
1

INTRODUCTION

Urban densification requires the construction of new infrastructures to support mobility. This
often implies the excavation of underground tunnels, which can interact with valuable surface
buildings causing damage. The assessment of tunnelling-induced damage has traditionally been
tackled by the decoupled approach, i.e. applying to the structure the displacement profiles
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previously evaluated by free-field analyses of the excavation, thus neglecting all the tunnelsoil-structure interaction effects. Nowadays, more advanced coupled numerical approaches can
be used resulting in more accurate description of existing structures, via equivalent embedded
solids (e.g. [1]) or through an accurate simulation of their geometry (e.g. [2]), which seem to
be particularly necessary when dealing with sensitive historical masonry structures.
This can only be attained with advanced three-dimensional (3D) numerical models, in which
a realistic simulation of the excavation process can be performed. Moreover, the non-linearity
of soil behaviour, the damaging processes involving masonry structures and the consequent
evolution of the interaction process can be effectively taken into account. In the following, the
3D numerical coupled approach adopted to study an interaction problem for the Metro C line
in Rome is described. The case study is first presented and the numerical model with the
constitutive assumptions of both the soil and masonry are then described. Finally, the results of
free-field and interaction three-dimensional analyses are presented.
2 CASE STUDY
The line C of Rome underground runs, with a total length of 25.6 km, from South-East to
North-West of the city. It is characterised by twin tunnels with a single track, excavated using
an earth pressure balance (EPB) tunnel boring machine (TBM) with an outer diameter D = 6.7
m, at depths of 27 to 55m and average distances of 20 to 40m. Contract T3 of the line, which
runs for 3.6 km between the Amba Aradam/Ipponio and the Fori Imperiali/Colosseo stations is
currently under construction and this paper focuses on the portion of the line which underpasses the ancient Aurelian walls at Porta Metronia, about 250 m West of the Amba
Aradam/Ipponio station (Fig. 1).

Figure 1: Plan view of the model (dashed red line marked the analysed portion).

The odd and even tunnels under-cross the Aurelian Walls at depths of 27.5m and 28m,
respectively, with a cover to tunnel diameter ratio C/D = 3.60 and 3.68: both tunnels form an
angle of about 30° with the wall axis, in plan, and deepen below the wall with a slope of about
3%.
The ground conditions at the site are shown in Fig. 2, which refers to the longitudinal section
through the odd tunnel. It is characterised by an upper layer of coarse-grained made ground
(MG), about 13 m thick, overlying the alluvial deposits of Pleistocene age. These consist of a
layer of sandy silt and silty sand (LSO), underlain by a layer of sandy gravel (SG). A thick
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deposit of stiff and overconsolidated clay from the Pliocene is found underneath the gravel, at
about 3m below the sea level.

Figure 2: Detail of the ground stratigraphy along the odd tunnel.

The Aurelian Walls are large defensive walls built by Emperor Aurelian between 270 and
275 A.C. Most of their length (12.5 km over 19 km) has survived past centuries in a fairly good
preservation state. Porta Metronia is in the Southeastern part of the town wall. Both in-situ and
laboratory tests have been performed to detect masonry characteristics and identify its
mechanical properties.
The geometry of the wall section has been determined through endoscopic surveys, while
stiffness and strength properties were evaluated via ultrasonic tests, flat-jacks and compressive
tests on mortar and core drill specimens. The analysed portion of the walls is characterised by
a complex geometry that has been evaluated referring to five different branches (Fig. 3). The
first branch (b6-b7) is made by a single leaf structure, 2.3 m high and 1 m thick; the second one
(b7-b8), similar to the former, is characterised by the presence of a defensive tower 9 m high,
of 5.2×9 m2 in plan; the third branch (b8-b9) ends with another tower of 8.3×10.15 m2 in plan,
and a total height of 12 m. In the b9-b10 branch, the original configuration of the walls is clearly
visible, with the two facings connected by a series of arches and barrel vaults. The last section
(b10-b11) is characterised by the presence of another tower, followed by a double facing portion
of the walls very similar to the previous one (Fig 4 b,c).

Figure 3: Plan identification of Walls sections (a) and 3D view of the structural model (dashed box) (b).
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The considered portion of the walls features the typical roman building technique of the opus
latericium (Fig. 4a) consisting of a brick-faced concrete core. The two external masonry leaves
of the ancient wall have been schematised as a periodic assembly of bricks interacting through
mortar joints.
3

NUMERICAL MODELLING

The numerical study was performed using the FE code Plaxis 3D [3]. The model was set up
to simulate the twin tunnel excavation under free-field conditions and in presence of the
Aurelian Walls.
Vertical boundaries of the model were restrained horizontally, normal to the mesh sides,
while the base of the mesh was restrained both horizontally and vertically. The analysis was
performed as follows: model initialisation; walls construction (only in the coupled analysis);
odd tunnel excavation; even tunnel excavation. The excavation of each tunnel is simulated by
a step-by-step procedure consisting of a series of progressive advancements, each having the
length of one concrete lining ring according to the procedure reported in [4, 5].
All the analyses here discussed were carried out before the actual construction of the
infrastructure, imposing the design volume loss V L = 0.5 % and neglecting the activation of
possible mitigation measures to prevent tunnelling-induced damage, such as compensation
grouting, included in the final design. It is worth remarking that the volume loss is defined as
the ratio of the volume of the surface settlement trough, per metre, to the excavated face area:
it is a key scalar indicator controlling the expected (at the design stage) or observed (at the
construction one) effects of the tunnelling activity on the surface settlement intensity and
distribution. The value of 0.5 % is typical for EPB-TBM tunnelling technique.
The soil profile was described according to the in-situ one (Fig. 2) for both the free-field and
the interaction model. The mechanical behaviour of the soils was described using the Hardening
Soil model with small-strain stiffness (HSsmall, [6]) for the sandy silt and the Hardening soil
model (HS, [7]) for the other layers. All the model parameters, summarised in Table 1, were
calibrated based on the extensive geotechnical investigation, consisting of several in situ and
laboratory tests, discussed in detail in [8].
The structure has been accurately reproduced, though some necessary modelling
simplifications have been introduced. The complex geometry of the walls has been replicated
between sections b6 and b11, but single leaf masonry has been assumed for the wall portion
between section b6 and the left boundary of the model. Despite the presence of some
discontinuities between the towers and the walls, in this model they have been considered as
perfectly connected. The depth of the foundations has been considered constant according to
the information available from previous surveys on the structure, and the ground surface on
both sides of the wall is here assumed having the same elevation.
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Figure 4: Detail of the opus latericium (a), portion of the walls close one of the towers in the b8-b9 branch (a)
and transversal arches in the b9-b10 branch (b).

The constitutive model adopted for masonry is a three-dimensional anisotropic elasticperfectly plastic one (Jointed Masonry Model, JMM [9]), in which block aspect ratio and
staggering joints effects are considered.
Table 1: Soil model parameters (γ: unit weight; c' and ϕ': effetive cohesion and friction angle; G 0 ref: reference
shear modulus at very small strains; γ 0.7 : shear strain at which the secant shear stiffness equals 0.7 G 0 ; ν': effective
Poisson’s ratio; E' ur ref: reference unloading/reloading stiffness at engineering strains; E' 50 ref: reference secant
stiffness in standard drained trisxial tests; E' oed ref: reference tangent stiffness for primary oedometer loading; m:
power of the stress-level dependency of stiffness).

Soil

Model

R
LSO
SG
Apl

HS
HSsmall
HS
HS

γ
kN/m3
17
19.5
20
20.9

c'
kPa
5
28
0.1
41.3

ϕ'
°
34
27
40
25.7

G 0 ref
MPa
125
-

γ 0.7
%
0.04
-

ν'
0.2
0.2
0.2
0.2

E' ur ref
MPa
240
150
900
960

E' 50 ref
MPa
24
8.2
90
48

E' oed ref
MPa
24
5.52
90
48

m
1
0.8
0.4
1

Macroscopic elastic properties are derived in the framework of homogenisation theory of
periodic media, while yielding is characterized by the intrinsic material anisotropy. A set of
(maximum) three sliding directions, on which failure is meant to occur, is defined in the xyz
space and described by means of dip and strike angles, representing, for each plane, the positive
rotation along the x-axis and the negative rotation along the z-axis, respectively [10]. In the
analyses only two planes (head and bed joints) are activated. Yield functions are defined, for
each orientation, in terms of local stress components according to Coulomb’s and tensile
criterion as follows:
(1)
fi c =
τ i + σ n ,i tan φi − ci
=
f i t σ n ,i − σ t ,i

(2)

where i = 1,2,3 stands for the plane, σ n ,i and τ i are the normal and the shear stress along each
orientation, φi is the friction angle, ci is the cohesion and σ t ,i is the tensile strength along the
joints. The interlocking effect is accounted for by modifying the strength parameters on the
head-joints plane, stemming from equilibrium conditions and considering the aspect ratio of the
blocks through the parameter β , which depends on the friction angle of the bed joints:
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b
(3)
2a
Tensile strength and cohesion on the head joints are hence calculated according to the following
expressions:
β
(4)
σ t ,1 =
σ t 0,1 − β σ n ,2 + c0,2
tan φ2

β = tan φ2


β 
(5)
c1 =−
c0,1  β σ n ,2 − c0,2
 tan φ1
tan φ2 

The constitutive parameters adopted in the analysis are summarised in Table 2. Bed joints plane
is characterised by both dip and strike angle equal to 0°, while head joints plane angles α1 and

α 2 need to be defined in every branch according to its relative rotation around the z axis.
Table 2: Jointed Masonry Model (JMM) constitutive parameters.

G
MPa
1000

ν
γ
kN/m3
0.15
10

ϕi
°
30

c 0,i
kPa
50

σ t0,i
kPa
25

β
1.8

3.1 Free-Field conditions
A free field (FF) analysis was first performed, comparing the numerical results with
available semi-empirical estimates of ground settlements. Fig. 5 refers to the section sketched
in the right bottom corner. The subsidence curves are computed at the foundations level of the
wall (19.0 m a.s.l.): the comparisons refer to settlement troughs as obtained at the end of the
excavation of the odd tunnel (black lines) and at the end of the even tunnel (red lines).

Figure 5: Settlement troughs at the walls foundation level according to semi-empirical predictions and numerical
results (free-field conditions).
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For the first odd tunnel, the numerical and semi-empirical predictions are in a reasonable
agreement; instead, they exhibit different patterns when referring to the excavation of both
tunnels, as a consequence of the plasticity-related non-linear interaction effects, realistically
accounted for by the numerical model while disregarded in the empirical approach.
3.2 Interaction with the Aurelian Walls
Fig. 6 compares the results of the above free field analysis with those obtained by the coupled
analysis, in which the 3D tunnel excavations are simulated considering the presence of the
Aurelian Walls.

Figure 6: Settlement troughs at the walls foundation level according to semi-empirical predictions and numerical
results (interaction conditions).

Figure 7: Magnified deformed mesh at the end of the excavation of the odd tunnel (a) and of the even tunnel (b).
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Figure 8: Tensile strain (a, c, e, g) and plastic points distribution (b, d, f, h) at different stages of the excavations.

It reports the subsidence profile at the same location considered in the FF case, at the end of
each of the stages defined in the previous paragraph.
The interaction with the surface structure leads to larger settlements, while substantially
preserving the shape of the settlement troughs, apart from their portions located directly below
the walls, where the stiffness of these latter results in a lower inflection of the curves.
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To better understand the kinematic developing during the entire process, a top view of the
magnified deformed mesh of the walls is reported in Fig. 7. It shows the trace of the undeformed
walls and the deformed one at the end of the excavation of the first tunnel (a) and of both tunnels
(b), highlighting the out-of-plane rotation induced by tunnelling. Torsional effects are evident
and contribute to the development of the tensile strain patterns during the excavation process,
which are reported in Fig. 8. These are traditionally adopted to interpret damage intensity and
distribution [11,12].
In this case, tensile strain patterns (results refer to four different stages of the analysis) are
reported together with the plastic points distribution (i.e. points in which the tensile or shear
failure has been reached). The observation of these indicators suggests that the excavation of
the even tunnel (Phase 110) is responsible for most of the damage detected on the structure and
that these effects are mainly located at the wall-tower connection. It is worth noting that the
amount of predicted damage is very low, confirming the correctness of the design solutions
adopted for this important infrastructure.
4

CONCLUSIONS

In this paper, a complex soil-structure interaction case involving a portion of the Aurelian
Walls affected by the excavation of the T3 contract of the line C of Rome underground has been
studied.
The analyses have been performed under both free-field conditions and accounting for the
presence of the walls, whose geometry has been described in detail. Soil and masonry
mechanical behaviour were modelled through advanced constitutive assumptions: the
calibration of the mechanical parameters was based on an extensive characterisation campaign
previously performed on both materials. The results of the analyses shed some light on the
evolution of the low damaging process occurring within the masonry structure, thanks to both
the accurate description of the geometrical features of the Aurelian Walls and the adopted nonlinear masonry constitutive model. In particular, not all the excavation phases seem to equally
affect the structure and, possibly more interestingly, the greater damaging condition does not
necessarily correspond to the final stage of tunnel excavation, when both tunnels are completed.
Indeed, modelling the staged construction and the real three-dimensional conditions permitted
to detect torsional effects that would be otherwise lost in any conventional 2D approach.
REFERENCES
[1] Rampello S., Callisto L., Viggiani G., Soccodato F.M. Evaluating the effects of tunnelling

on historical buildings: the example of a new subway in Rome. Geomechanics and
tunnelling (2012) 5(3): 275-299.
[2] Amorosi, A., Boldini, D., de Felice, G., Malena, M. and Sebastianelli, M. Tunnellinginduced deformation and damage on historical masonry structures. Géotechnique
(2014) 64(2):118-130.
[3] Brinkgreve, R. B. J., et al. "PLAXIS 2016." PLAXIS bv, the Netherlands (2016).
[4] Fargnoli, V., Gragnano, C.G., Boldini, D. and Amorosi, A. 3D numerical modelling of soil–

941

Angelo Amorosi, Marialuigia Sangirardi, Gianmarco de Felice and Sebastiano Rampello

structure interaction during EPB tunnelling. Géotechnique (2015) 65(1):23-37.

[5] Burghignoli A., Callisto L., Rampello S., Soccodato F.M., Viggiani G.M.B. The crossing

of the historical centre of Rome by the new underground Line C: a study of soil structureinteraction for historical buildings. In Geotechnics and Heritage: Case Histories, CRC
Press, London (2013), pp. 97-136
[6] Benz, T. Small-strain stiffness of soils and its numerical consequences. Ph.D. thesis,
Universität Stuttgart (2007).
[7] Schanz, T., Vermeer, P.A. and Bonnier. P. G. The hardening soil model: formulation and
verification. Beyond 2000 in computational geotechnics (1999): 281-296.
[8] Rampello S., Fantera L. and Masini L. Efficiency of embedded barriers to mitigate
tunnelling effects. Tunnelling and Underground Space Technology (2019) 89:109-124.
[9] Lasciarrea, W.G., Amorosi, A., Boldini, D., de Felice, G. and Malena, M. Jointed Masonry
Model: A constitutive law for 3D soil-structure interaction analysis. Engineering
Structures (2019) 201.
[10] Sangirardi, M., Malena, M. and de Felice, G. Settlement Induced Crack Pattern Prediction
Through the Jointed Masonry Model. In Proceedings of XXIV AIMETA Conference 2019,
Springer International Publishing 24 (2020), pp. 1971-1980.
[11] Boscardin, M. D., and Cording, E. J. Building response to excavation-induced settlement.
Journal of Geotechnical Engineering (1989) 115(1): 1-21.
[12] Sangirardi, M., Amorosi, A. and de Felice, G. A coupled structural and geotechnical
assessment of the effects of a landslide on an ancient monastery in Central
Italy. Engineering Structures (2020) 225.

942

S. Santini, C.Model
Automated
Baggio,
Updating
E. Da Gai,
of aV.
Masonry
Sabbatini
Historical
and C. Sebastiani
Church Based on Operational Modal
Analysis: the Case Study of San Giovanni in Macerata
12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

AUTOMATED MODEL UPDATING OF A MASONRY HISTORICAL
CHURCH BASED ON OPERATIONAL MODAL ANALYSIS: THE
CASE STUDY OF SAN GIOVANNI IN MACERATA
SILVIA SANTINI1, CARLO BAGGIO1, ENRICO DA GAI2,
VALERIO SABBATINI1*AND CLAUDIO SEBASTIANI1
1

Roma Tre University, Department of Architecture
Largo Giovanni Battista Marzi 10, 00153, Rome, Italy
Email: valerio.sabbatini@uniroma3.it (*corresponding author)
2

Studio Da Gai Architetti Roma
Via Padre Raffaele Melis, 17, 00176, Rome, Italy
E-mail: info@enricodagai.it

Keywords: Historical Masonry, Ambient Vibration Test, Operational Modal Analysis,
Automated Model Updating, Douglas-Reid Method
Abstract. Over the past few decades, the conservation and seismic assessment of historical
buildings has gained great importance. In particular, the prediction of the dynamic response
of masonry constructions plays a central role in retrofitting and conservation interventions.
Finite element modelling has become the most common and accessible approach to study the
behavior of complex masonry structures, however, the gap between numerical and
experimental analysis may lead to erroneous results.
This work describes the model updating procedure applied to the finite element model of San
Giovanni’s church in Macerata, condemned in October 2016 after the Central Italy
Earthquake. The laboratory of Proof and Research on Structures and Materials of Roma Tre
University carried out an extensive in-situ testing campaign including geometric survey, video
endoscopy, flat-jack test, sonic tomography and ambient vibrations test in order to investigate
the state of the building. The work involved both numerical and experimental analysis: the
results of the testing campaign were interpreted and correlated with an accurate finite element
model developed with the software Midas Gen. Operational modal analysis was performed in
order to extract the modal parameters of the building (modal frequencies, shape vectors and
modal damping). Material characteristics and boundary conditions were updated according to
the Douglas-Reid method. In the end, the final model was compared to the initial model to
evaluate and discuss the process.
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1

INTRODUCTION

The field of structural analysis has developed sophisticated numerical models able to predict
the response of complex constructions. Typically, conservation and restoration practices rely
on Finite Element Models (FEM) to perform structural analysis of non-linear composite
materials (such as masonry) which are otherwise hard to predict. However, the results obtained
from the numerical analysis occasionally differ significantly from the real response of the
structure. For this reason, it is fundamental to implement multiple strategies able to describe
the structural behavior of these constructions.
Model Updating is a widely used technique used for the calibration and improvement of
FEM based on reference values, therefore it is possible to link this tool with Ambient Vibration
Test (AVT) and Operational Modal Analysis (OMA). AVT is a powerful dynamic monitoring
technique that returns information on the overall behavior of the structure through the use of
environmental excitations. The results of the AVT are usually processed with the Operational
Modal Analysis (OMA) in order to estimate the modal parameters of the construction. This
strategy, integrated with ordinary on-site testing, allows a global and detailed characterization
of the structure. This paper describes the model updating procedure applied to the Church of
San Giovanni in Macerata through the Douglas-Reid method.
2 SAN GIOVANNI IN MACERATA
The church of San Giovanni is an aggregate of historical buildings, placed in the south-west
area of the historic center of Macerata, between “Piazza Vittorio Veneto” and the beginning of
“Corso della Repubblica”.
San Giovanni was designed by the Architect Rosato Rosati, who conceived the building
based on the Church of San Carlo ai Catinari in Rome [1]. The architecture respects the typical
style of the Jesuit’s order: Latin cross plan, single wide nave, several deep side chapels,
impressive dome with a tall lantern and the bell tower [2]. San Giovanni was founded in 1600
on the ruins of an ancient Roman building, the church was opened in 1625 when the façade was
finally concluded [3]. In 1682, the surrounding land was acquired and then the right side of the
transept and the bell tower were erected. The construction of the dome suffered numerous
delays but finally in 1762 the entire construction was completed [4].
3 ONSITE INVESTIGATION AND PRELIMINARY MODEL
3.1 Onsite test
From November 2018 to July 2019, the PRiSMa Lab. (Laboratory of Proof and Research on
Structures and Materials) from the Architecture Department of Roma Tre University, carried
out an extensive experimental campaign on San Giovanni.
During the onsite campaign different tests were performed: 4 double flat jack tests, 5
Ambient Vibration Tests, 47 video endoscopy inspections, 2 sonic topographies and 20
dynamic penetrometer tests of the mortar joints.
In the present work, only the five AVT and the double flat jack tests were considered. Figure
1 illustrates the ground floor and the basement plans of the church with the locations of the
double flat jack tests, in Table 1 are shown the results obtained from these tests.
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Figure 1 Double flat jacks test plan
Table 1 Results of the double flat jack tests
Test
M01
M02
M03
M04

Location
External wall of the ground floor
External wall in the basement
Transept pillar
Nave pillar

E [MPa]
4700
1800
2460
1300

n
0,29
0,19
0,11

s𝒎𝒎𝒎𝒎𝒎𝒎 [MPa]
2,67
1,37
2,71
2,90

3.2 FINITE ELEMENT MODEL
A preliminary FEM of the entire church of San Giovanni was implemented with the software
Midas Gen [5]. The construction was modeled with 13416 nodes and 6281 three-dimensional
brick elements (Figure 2). In order to properly model the soil-structure interaction, the FEM
was constrained with elastic spring elements in the x, y and z directions. The construction was
divided into nine different volumes, each one with isotropic homogeneous elastic material with
different characteristics. The Young modules and the Poisson’s ratio were evaluated according
to the results of the four double flat jack tests as reported in Table 2.

Figure 2 Finite Element Model of San Giovanni in Macerata
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Table 2 Double flat jacks result implementation
Test implementation
M01
M03
M04
Average of M03, M04
Average of M01, M02, M03, M04

4

Element
Nave
Pillar 3
Pillar 4
Pillar 1 and 2
Dome, tower, façade and apse

E [MPa]
4700
2460
1300
1880
2565

n
0,29
0,19
0,11
0,15
0,20

AMBIENT VIBRATION TEST

The response in acceleration of the construction was recorded in 5 different runs, each run
was recorded with 12 uniaxial ICP piezoelectric accelerometers (n°10 PCB 393B12 with 8μg
rms resolution and n°2 PCB 393B31 with 1μg rms resolution, all of them with 10 V/g sensitivity
and range ±0,5g) for about 45 minutes. In the end, there were measured a total of 16 different
points located at four different heights: nave level (14m), drum level (22m), dome level (29m)
and lantern level (36m). The sensors were connected to a 24-bit acquisition system which
recorded with a sample frequency of 441 Hz.
4.1 Multi Run Operational Modal Analysis
OMA is a technique used to process the results from output-only measurements (AVT), the
hypothesis of white noise conditions allows to neglect the recording of the input, in this
circumstances all the natural frequencies of the structure are assumed to be excited [6] [7].
The modal parameters are extracted with specific algorithms [8], in this work the processing
was carried out using the Polyreference Least-Squares Complex Frequency-Domain method
implemented in the software Simcenter Testlab [9]. In order to optimize the number and the
position of the accelerometers, it was adopted the Multi-Run Operational Modal Analysis, this
technique allows to scale the modes based on the most appropriate and complete run, finally
the results are merged to return the global behavior of the construction. In this work five
different runs were recorded: one for each side of the nave, one for the transept, one for the
drum and one on the extrados of the dome and lantern maintaining three common reference
sensors during all the acquisitions [10].
The results are reported in Figure 3, the analysis was limited to the first three modes of
vibration because the most reliable since the complex structure is part of a large irregular
building aggregate that requires a relevant amount of energy to excite the higher modes thus it
makes them difficult to identify and validate [11].
Mode 1: f1=1,8785 Hz, z = 1,13%

Mode 2: f2=2,3051 Hz, z = 1,60%
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Figure 3 Experimental results from Multi run Operational Modal Analysis

5

MODEL UPDATING

The relevant parameters of the FEM were tuned in order to improve the correspondence with
the experimental results. This process requires a set of preparatory phases. Initially, it is
necessary to improve the preliminary model through the Manual Tuning (par. 5.1) of the
parameters. Subsequently, Sensitivity Analysis (par. 5.2) is suggested to identify the relevant
factors that strongly influence the behaviour of the structure. Based on the previous results, the
automated Model Updating can be finally performed according to the Douglas-Reid method
(par. 5.3) [12] [13].
5.1 Manual Tuning
In a dynamic system, the modal quantities are dependent on the mass, the stiffness, the
damping and the boundary conditions of the model. During the Manual Tuning, these
parameters are varied intuitively in order to approximate the experimental results [14].
Often the elastic constrains (boundary conditions) have more influence than the other
parameters on the dynamic behavior of the construction [7]. Several numerical eigenvalue
analyses were carried out with different stiffnesses of the springs in foundation. The relative
frequency error with the variation of the elasticity was evaluated according to (1) and plotted
in Figure 4. The minimum error corresponded to a value of stiffness equal to 106 N/mm.
𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸 =

100%

(𝑓𝑓*+, − 𝑓𝑓./0 (
∗ 100
𝑓𝑓*+,

Error [%]

80%

(1)
1 MODE
2 MODE
3 MODE

60%
40%
20%
0%

+7
0E
1,

+6
0E
1,

+5
0E
1,

+4
0E
1,

+3
0E
1,

+2
0E
1,

+1
0E
1,

+0
0E
1,

Kxyz [N/mm]

Figure 4 Relative frequency error with the variation of the soil stiffness

5.2 The Sensitivity Analysis
Every parameter of a FEM has a different influence on the global behavior depending on the
geometry, the heterogeneity of the materials and the interaction between the elements. The
Sensitivity Analysis identifies the parameters that mostly affect the response of the model [15]
and it quantifies their influence with the sensitivity coefficient defined in (2) [16].
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-

𝑆𝑆5,7 = 100 ∙

𝑋𝑋7

./0 ∙

𝑅𝑅5

𝛥𝛥𝑅𝑅5./0
𝛥𝛥𝑋𝑋7

𝑖𝑖 = 1, … 𝑀𝑀
𝑗𝑗 = 1, … 𝑁𝑁

M = Frequencies
N = Parameters

(2)

𝑋𝑋7 represents the j-th model parameter;
𝑅𝑅5./0 represents the i-th output of the analysis (in this case the natural frequencies);
𝛥𝛥𝑋𝑋7 represents the range of variation of the model parameter;
𝛥𝛥𝑅𝑅5./0 represents the variation of the output of the analysis;

The Sensitivity Analysis was performed starting from the values obtained from the four double
flat jack tests (par. 3.2) [17], the parameters were varied with an increment of 5%.
The parameters with the highest sensitivity coefficients resulted the most influential; based on
the results of Table 3, the parameters E3, E4, E5, E6, E7 were selected in addition to the
previously analyzed stiffness of the spring elements in foundation Kx, Ky and Kz (par. 5.1).
Table 3 Sensitivity Analysis

Element

𝑿𝑿𝒋𝒋

Legend E [MPa] Parameter

𝑺𝑺𝒊𝒊,𝒋𝒋
f1

𝑹𝑹𝑭𝑭𝑭𝑭𝑭𝑭
𝒊𝒊
f2

f3

Nave

4700

E1

1,52 2,77 0,77

Pillar 3

2460

E3

5,27 2,77 2,75

Pillar 4

1300

E4

4,66 2,57 1,22

Pillar 1

1880

E5

3,04 3,56 0,83

Pillar 2

1880

E6

3,65 4,64 27,18

Dome

2565

E7

4,25 4,64 1,53

Bell Tower

2565

E8

0,00 0,00 6,97

Façade

2565

E9

0,00 0,10 0,32

Apse

2565

E10

0,41 0,69 1,22

5.3 The Douglas-Reid method
The Douglas-Reid method [18] is a simplified procedure introduced in 1982 to minimize the
error between two sets of data considering different combinations of parameters. In this work,
the Douglas-Reid method was applied to minimize the error between the numerical natural
frequencies of the FEM and the experimental frequencies of the OMA.
The experimental observations resulted from the OMA, indicated as 𝑅𝑅5/YZ with 1 ≤ i ≤ M (M
represents the total number of experimental observations), are compared with the related 𝑅𝑅5./0
values obtained from the analysis of the FEM, function of N significant structural parameter
indicated with 𝑋𝑋[ (3).
𝑅𝑅5./0 = 𝑅𝑅5./0 (𝑋𝑋] , 𝑋𝑋^ , 𝑋𝑋_ , … , 𝑋𝑋[ , … , 𝑋𝑋` )

(3)

In order to reduce the error between 𝑅𝑅5./0 and 𝑅𝑅5/YZ , the proper structural parameters 𝑋𝑋[ are
selected from the set range of values using a batch analysis procedure.
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The Douglas–Reid method uses an approximated model to interpolate with a quadratic
function (4) the proper structural parameters within a range of coordinate points
(𝑋𝑋] , 𝑋𝑋^ , 𝑋𝑋_ , … , 𝑋𝑋[ , … , 𝑋𝑋` ) [19].
-

𝑅𝑅5bc

`

𝑖𝑖 = 1, … 𝑀𝑀
𝐾𝐾 = 1, … 𝑁𝑁

= 𝐶𝐶5 + f(𝐴𝐴5h 𝑋𝑋h + 𝐵𝐵5h 𝑋𝑋h^ )
hj]

M = Frequencies
N = Parameters

(4)

i represents the i-th structural parameter;
K represents the k-th significant variable in the model;
𝑅𝑅5bc represents the structural response of the approximated model;
𝐶𝐶5 , 𝐴𝐴h5 , 𝐵𝐵h5 are 2N+1 coefficient to be determined;

The analysis was carried out according to the following steps:
1) Definition of the lower and upper bound of variation for each parameter (5), in this case a
variation of ±75% was adopted on the selected parameters (par. 5.2):
𝑋𝑋hl ≤ 𝑋𝑋hn ≤ 𝑋𝑋ho

(5)

2) Each variable was normalized over its nominal value (6):
𝑋𝑋hl 𝑋𝑋hn 𝑋𝑋ho
≤
≤
𝑋𝑋hn 𝑋𝑋hn 𝑋𝑋hn

(6)

3) The identification of the 2N+1 coefficients 𝐶𝐶5 , 𝐴𝐴h,5 , 𝐵𝐵h,5 of the approximated model was
carried out by equaling the modal parameters of the Douglas-Reid approach (𝑅𝑅5bc ) and those
obtained from the FEM (𝑅𝑅5./0 ). The system of equations is generated considering the output
frequencies from the FEM, where the 𝑋𝑋h variables assume the basic values 𝑋𝑋hn , and the output
from the 2N models considering once the lower bound value 𝑋𝑋hl and then the upper bound value
𝑋𝑋ho . The procedure is represented by equations (7) [12]:
𝑅𝑅5bc (𝑋𝑋]n , 𝑋𝑋^n , … , 𝑋𝑋 ǹ ) = 𝑅𝑅5./0 (𝑋𝑋]n , 𝑋𝑋^n , … , 𝑋𝑋 ǹ )
𝑅𝑅5bc (𝑋𝑋]o , 𝑋𝑋^n , … , 𝑋𝑋 ǹ ) = 𝑅𝑅5./0 (𝑋𝑋]o , 𝑋𝑋^n , … , 𝑋𝑋 ǹ )
𝑅𝑅5bc (𝑋𝑋]l , 𝑋𝑋^n , … , 𝑋𝑋 ǹ ) = 𝑅𝑅5./0 (𝑋𝑋]l , 𝑋𝑋^n , … , 𝑋𝑋 ǹ )
⋮
𝑅𝑅5bc (𝑋𝑋]n , 𝑋𝑋^n , … , 𝑋𝑋 ò ) = 𝑅𝑅5./0 (𝑋𝑋]n , 𝑋𝑋^n , … , 𝑋𝑋 ò )
𝑅𝑅5bc (𝑋𝑋]n , 𝑋𝑋^n , … , 𝑋𝑋 l̀ ) = 𝑅𝑅5./0 (𝑋𝑋]n , 𝑋𝑋^n , … , 𝑋𝑋 l̀ )

(7)

4) The system of equations is also written as (8), with the matrices expressed in (9):

-

-

{𝑅𝑅5bc } = [𝐶𝐶] ∙ {𝐾𝐾5 }

(8)

{𝐾𝐾5 } is the vector containing the unknown coefficients 𝐶𝐶5 , 𝐴𝐴h,5 , 𝐵𝐵h,5 ;
[𝐶𝐶] is the matrix containing the combinations of the variables;
⎡1
⎢1
⎢
[𝐶𝐶] = ⎢1
⎢
⎢1
⎣1

𝑋𝑋]n

𝑋𝑋]n

x

x

𝑋𝑋]o 𝑋𝑋]o
x
𝑋𝑋]l 𝑋𝑋]l
⋮
x
𝑋𝑋]n 𝑋𝑋]n
𝑋𝑋]n

nx

𝑋𝑋]

⋯
⋱

⋯

𝑋𝑋 ǹ
𝑋𝑋 ǹ
𝑋𝑋 ǹ

𝑋𝑋 ò
𝑋𝑋 l̀

x

𝑋𝑋 ǹ ⎤
x
𝑋𝑋]n ⎥
x
𝑋𝑋]n ⎥
⎥
⋮
⎥
x
𝑋𝑋]o ⎥
x
𝑋𝑋]l ⎦

𝐶𝐶5,]
⎧ 𝐴𝐴 ⎫
⎪ 5,] ⎪
𝐵𝐵5,]
; {𝐾𝐾5 } =
⎨ ⋮ ⎬
⎪𝐴𝐴5,` ⎪
⎩𝐵𝐵5,` ⎭
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5) The system of equations is solved according to (10). Therefore, it is defined a matrix of the
constants [𝐾𝐾] containing all the vectors {𝐾𝐾5 } as shown in (11):
(10)

{𝐾𝐾5 } = [𝐶𝐶]…] {𝑅𝑅5bc }
{𝐾𝐾] }
{𝐾𝐾^ }
[𝐾𝐾] = †
‡
⋮
{𝐾𝐾0 }

(11)

Finally, it is defined 𝑅𝑅bc as shown in (12) and (13):

(12)

{𝑅𝑅bc } = [𝐾𝐾] ∙ {𝑥𝑥}

[𝐾𝐾] = †

𝐶𝐶],]
𝐶𝐶^,]

𝐶𝐶0,]

𝐴𝐴],] 𝐵𝐵],]
𝐴𝐴^,] 𝐵𝐵^,]
⋮
𝐴𝐴0,] 𝐵𝐵0,]

⋯

𝐴𝐴],`
𝐴𝐴^,`

𝐵𝐵],`
𝐵𝐵^,`

⋱
⋮
⋯ 𝐴𝐴0,` 𝐵𝐵0,`

‡

6) The objective function is defined in (14) [12]:

1
⎧ 𝑋𝑋 ⎫
⎪ ]^ ⎪
𝑋𝑋]
; {𝑥𝑥} =
⎨ ⋮ ⎬
⎪𝑋𝑋` ⎪
⎩𝑋𝑋`^ ⎭

; 𝑊𝑊 = Š

𝑓𝑓(𝑥𝑥) = f 𝑊𝑊 ∙ (𝑅𝑅bc − 𝑅𝑅/YZ )^

]

x

c ‹Œç

Ž

(13)

(14)

𝑊𝑊 is a diagonal matrix necessary to normalize 𝑅𝑅bc − 𝑅𝑅/YZ since 𝑅𝑅/YZ can reach different orders

of magnitude. In this work, it was used the algorithm “fmincon” (find minimum of constrained
nonlinear multivariable function) present in the software MATLAB [20] in order to minimize
the objective function (14).
The optimized parameters result in the vector {𝑥𝑥} previously defined in (13).

5.5 Results

The Automated Model Updating of the FEM of San Giovanni’s Church in Macerata was
implemented with the Douglas-Reid method considering E3, E4, E5, E6, E7 and Kx, Ky, Kz as
the significant parameters. The optimized parameters are reported in Table 4.
Table 4 Optimized parameters
Parameters
Initial

Updated Variation

E3 [MPa]

2460

4305

75%

E4 [MPa]

1300

325

-75%

E5 [MPa]

1880

3290

75%

E6 [MPa]

1880

3290

75%

E7 [MPa]

2565

3073

20%

Kx [N/mm] 1000000 1520033

52%

Ky [N/mm] 1000000 1562838

56%

Kz [N/mm] 1000000 1749302

75%
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The results from the updated FEM are compared to the experimental results and the initial FEM
as shown in Figure 5.
4,0

Numerical Frequencies [Hz]

3,5
3
3,0

2,5
f FEM

1

2,0

f FEM,updated

2
1,5

1,5

2,0

f exp

2,5
3,0
3,5
Experimental Frequencies [Hz]

4,0

Figure 5 Frequency comparison

The frequencies from the OMA, the initial FEM and the updated FEM are reported together
with their relative frequency errors (1) in Table 5 while in Figure 6 are reported the modal
deflections of the updated numerical model.
Table 5 Frequency values and relative frequency error
Mode

fexp [Hz]

fFEM [Hz]

1

1,88

1,97

fFEM,updated
[Hz]
1,92

2

2,31

2,02

3

3,82

3,13

Errorexp-FEM [%]

Errorexp-FEM,updated [%]

4,87%

2,21%

2,15

12,37%

6,73%

3,58

18,11%

6,34%

11,78%

5,09%

Average error
Mode 1: f1=1,92 Hz

Mode 2: f2=2,15 Hz

Mode 3: f3=3,58 Hz

Figure 6 Numerical Modal Deformation of the Updated Model
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6

CONCLUSIONS

The present work aims to create a finite element model that describes, in a sufficiently
reliable way, the behaviour of an historical masonry structure. In particular, an optimized model
of the Church of San Giovanni in Macerata was generated through the optimization process
carried out with the Douglas-Reid method. For the proper realization of the Model Updating of
the finite element model there were followed different steps.
Initially, a series of investigations were carried out in order to identify the mechanical
characteristics of the materials and the current state of the construction. Once the on-site testing
was completed, it was elaborated a preliminary FEM to provide an indication on the behaviour
of the structure. Subsequently, the dynamic characterization of the church was carried out
through the Multi Run Operational Modal Analysis. This technique identified, using the
Polymax algorithm, the modes of vibration and the modal properties of the building
(frequencies and damping). In order to achieve an adequate accuracy before the model updating,
it was essential to calibrate the stiffness of the ground through the Manual Tuning procedure.
A Sensitivity Analysis of the structural parameters investigated was subsequently carried out in
order to understand the influence of the main parameters on the dynamics of the church. After
the preparatory steps were completed, the Automated Model Updating according to the
Douglas-Reid method was performed.
The updating of the parameters highlights a consistent variation of the modulus of elasticity
of the pillars that sustain the dome and the stiffness of the foundations in the vertical direction.
Disregarding the updated quantities, the variation of the parameters is indicating the necessity
to increase the stiffness of certain elements rather than others. The result emphasizes the
necessity to refine certain elements of the model and the behaviour of the identified parts
moreover the need to cross correlate further inspection, testing and possible local damage of
the building.
Despite the values obtained from the analysis, the approach shows successful results with an
overall improvement of the updated numerical frequencies of 6,7% from the initial FEM.
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Abstract. The ancient structures of the tribes in the globe yearn to conserve. It marks th eir
races as natives of those places. Nowadays, some of those buildings have lost through natures
and cultures. This study aims to get the pieces of knowledge of the Dayak Ngaju tribe. In a
structure that calls as Betang. It formed of bases, cavities, floors, walls, and roofs. As known,
some of these buildings have ruined, only a few of them still stand. The methods of research
led to qualitative and descriptive. It is the way to get the results. At first, Betang reviewed
through the critical comparisons of the elements and space backgrounds. Then, took some
points in the hypotheses, once it structures analyzed. With the processed amongst functions,
ties, measures, forms, and its parts fit the old. Hence, the appraisal gave the rest of the
structures formed in percentages. These sums use as conservation values. The reviews were
on the profer Dayak villages sort of Tumbang Gagu, Anoi, Malahoi, and Korik. It gave
samples through sketches, pictures, and some interviews. It helped to finish the
research. Study proves that Betang has left 42% off its old structured elements. It is a form
that shaped the spaces.
1. INTRODUCTION
Betang is a big traditional house of the Dayak Ngaju tribe in Borneo. In many years,
Betang promoted a wooden architectural characteristic. Due to cultural distillation,
technology and builders whom fully unknown on how to build betang alike its original
structure, then this house became slowly disappeared [6, 16, 17]. Betang in Dayak Ngaju
comes in two phases of design. First, as a structure designed by approaching the belief and
experience of their leader. The second based on material availability, technology, and
transportation [17]. Commonly, Betang construction involved many people to build. It was
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also as a symbol and as a pride to their ancestors [6, 17]. People of Dayak believe that the
ancestor has done to the deity is a trajectory vision including how to build the Betang [4].

Figure 1. Betang Bakota (fortified) in Central Borneo
[23]

Figure 2. Betangs in Tumbang Anoi in 1894
(source: Tropenmuseum)

Figure 3. Betang Tumbang Malahoi in Central Borneo
(source: 2006)

Figure 4. Betang Tumbang Gagu in Central Borneo
(source: 2016)

Dayak tribe’s belief that the ground is the world of hades when death comes. People will
go to hades as the temporary place before getting into solemn in the death rituals that famous
as Tiwah [12]. Within this, they belief that man comes from the darkness. So that, the ritual to
begin in the middle of the night, when the clock touches 00.00 or 12.00 am. It means that the
dead man must already stay with their ancestry. At the same time, the priest will state that
someone who had carried to heaven, ready arrived at its destination. Thus, the priest lay down
the bones of the dead man inside the coffin and put it on the highest place. In this case, it was
on the stair of the Betang. Hereafter, the bones transfers to the Sandung (heaven alike a
Betang but mini) [12, 14]. Some people who belief in the Kaharingan religion still making
this [17, 6]. Hence, to accommodate this structure still sustain, the conservation of Betang is
necessary to avoid them from loss through natures and cultures.
2. STRUCTURE AND CONSTRUCTION IN BETANG
Before Dayak conciliation in 1894, forests in Borneo provided many resources such as
ironwood and other materials for construction. Using pickaxe and knife, people of Dayak
construct Betang (see figure 10). According to its construction ages, Betang in Tumbang
Gagu that constructed in 1873, younger than in Tumbang Malahoi (in 1869) and Tumbang
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Anoi (in 1868) [3]. Betang comes in rectangular with a gable roof. Its length about
63 depe and wide about 10 depe (one depe equal to 1.70 meters). It was high about three (3)
meters or more above the ground.

Figure 5. Section of Betang Tumbang Gagu structured in 1873 [3]

Betang consists of components as follows: Batang-Huma is the main room that functions as a
living room (hall) and bedroom (karung). Dapur is a kitchen room and Karayan is a space
that connects the living room and kitchen. Sometimes, it was an elevated field in front of the
house that functions as a place for drying rice, saving forest products, and for drying fish
about 1 – 1.5 meters above the ground.

Figure 6. Plan of Betang in Tumbang Malahoi (source: Sakoh 1920) [3]

The pillars of Betang as the first element of Betang designed following the tarah system to
count its diameters. This system was following the measurement of pickaxe incision on the
pillar. One (1) tarah is equal to 4 – 5 centimeters. Jihi (as the main pillars) should come from
the ironwood that shouldering the entire construction load from the rooftop until the
foundation then delivers it to the ground. Tungket (pillars/stick) is a supporting pillar to
shoulder the floor. Commonly, the height of supporting pillars is around 2.29 meters. The
main pillars composed tiang bakas (the first pillar/32 tarah) until tiang busu (the youngest
pillar/ 22 tarah) with the height around 5.58 meters above the ground. The second element is
on the floor. It consists of ironwood board that incisions use pickaxe (tarah) along the 4-5
meters. The wide of the board is around 30-40 centimeters.
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Figure 7. The Structure of four main pillars (jihi) and supporting pillars (tungket) of
Betang Tumbang Malahoi (source: investigation 2006)

The pillars of Betang as the first element of Betang that laid upon handaran (the floor balk
that used to be a log laid upon the supporting pillars or connected to the main pillars) and the
joint on this construction use a wooden pin or rattan tied. The third element is the wall. It
comes from the skin of trees (wooden pendu) that tied, neatly arranged, and already cleaned.
The last element of construction is the rooftop that composed using sirap (thin and smooth
wooden board), its wide 40 centimeters and 80-100 centimeters length. The order of sirap
composes ashlar patterns. How to people of Dayak constructs the main pillar of Betang? The
first step, chosen the location of the pillar or they called it as the oldest one (tiang bakas). The
second, they dug the ground around 1 - 2 meters deep. Then inserted the pillar into the hole.
How to erect those pillars? The pillar that around 300 kg should lift by many person-using
traditional caterpillars and on the tip of the pillar tied by special rattan, and then people
altogether pull it. The number of pillars and supporting pillars that used as the building stage
are arranged in a regular pattern, with the hierarchy from the old to the youngest (see fig. 6,
7 and 11).

Figure 8. People of Dayak erected a pillar
(jihi) of Betang (Source: Tropen museum,
the Netherlands.)

Figure 9. People of
Dayak moved the
material of Betang
from river (Source:
Tropen museum.
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Figure 10. Dayak people carved the
oldest pillar (jihi bakas), using knife
(langgei) and pickaxe (beliung) (Source:
Tropen museum, the Netherlands
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Betang for people of Dayak Ngaju are togetherness, unity and strengths. It means all of their
descendances should come in conception of one Betang. Therefore, Betang design come in
rigid, straight, and equilibrium.
3. SPACE IN BETANG
In Betang, besides the interior, exterior and transition space, there is heavenly space that
drawn on the sandung (a place of dry bones) [14]. This kind of space calls as subjective
space, a space that signified as vertical symbols, of the upper and lower realms [10,15].
Meanwhile, the daily spaces are a space from dawn to twilight, changing seasons, past and
future history, depicted in the jihi bakas, as a symbol of orientation that determines the right
hand kan-ngawa (downstream), kan-ngaju (upstream), kan-ngambu (top), and kan-ngiwa
(ground) (see fig. 11). This kind of space called as an objective space [15].

Figure 11. Cosmic system of Dayak Ngaju Modified from Scharer [12]

Betang also centre of Dayak Ngaju orientation, which means a spot where all people come
back, as the first and the end [6, 12]. Therefore, Betang become a system of cosmos that
determined a spot meeting between the East and the West (see fig. 11).
4. STRUCTURE ANALYSES FOR CONSERVATION
Conserving Betang as a historical building is always interconnection between preservation
and modernization. The historic monument conservation should manage the processes of
renovation and revitalization like memorialized the past and as eloquently as represented the
past [7]. According to Matero [9], the prominent objective of traditional building conservation
is protecting cultural heritage from loss and damage. Conservators should accomplish this via
both deterrent and curative types of intervention. Meanwhile, Reyden, D [2] cites that
material care and materials science are both essential elements in any entire conservation
program, incorporated within key functions of preservation administration, replication,
environmental control, collections upkeep, preservation treatment, investigation and school.
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Therefore, through these meaning, Betang reveals its structure as a building element separated
its construction technology into based, floor, wall, door, stair and roof, [11]
4.1.

Based (foundation)

Generally, foundation of Betangs using many pillars and nearly having the same techniques
for each Betang suited to their location where those materials to be found.

Figure 12. Pillars of Betang in Conception and Construction
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The only pillar of Betang in Tumbang Anoi has rotten dan ruin because it lay down in open
area and did not preserved properly. Meanwhile, other pillars of Betang in Tumbang Korik,
Tumbang Malahoi and Tumbang Gagu are still standing because it still occupied in and
secured by other construction.
4.2.

Wall, Cavity and Stair

Wall of Betang commonly using tree skin. When Schwaner came to Tumbang Malahoi in
Dec 27, 1848, temperature in his thermometer was 25.6 oC. According to level of comfort,
those temperatures are still between 16 o C – 26o C. With this concept, there is split cavity
between the skins of trees that given the breeze easily come in and out [5]. So that, Betang is
not a solid Building. In there, people felt the breeze both at night and day. The wall of Betang,
commonly about 2.50 - 2.75 meters height.

Figure 13. Walls, Cavity and Stair of Betang in Conception and Construction
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Of all Betang that still exist until now, is only Betang in Tumbang Malahoi the exterior wall
still using rough tree skin.
4.3.

Floor

The early Betang that ever recorded was Betang Tumbang Anoi in 1868. The construction
of Betang floor originally using a small timber or bamboo [12]. The floor of Betang placed on
the stage poles pillars around 3-4 meters above the ground. At that time, all construction using
rattan tied and origin wood materials.

Figure 14. Floors of Betang in Conception and Construction
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Looking at Betang house of Bahau in East Borneo at the same age[d], they were using rattan
tied as one of their main floor constructions. This happen equal to the Betang in Tumbang
Anoi in 1894 when the first Dayak conciliation occurred [c]. Nevertheless, Betang in
Tumbang Gagu [observation in 2016] and Tumbang Malahoi [observation in 2006] the floors
of Betang have been transformed to the solid wood material (ironwood).
4.4.

Roof.

Betang roof construction comes with difference types because of many reasons. It was
depending on the condition of its Betangs. Actually, Betang in Tumbang Anoi as one of the
oldest Betangs in Dayak Ngaju, so that its construction still using original material.

Figure 15. Roofs of Betang in Conception and Construction
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4.5.

Betang Assesment for Conservation

In order to assess the change of Betang composition the value using percentage of the
transformation structure of construction from its origin until today. These values can be
changed according to its actual transformation or modification today.
Table 1. Conservation Assessment to Traditional House of Dayak Ngaju.

Source: Analyses, 2019
a. Betang in Tumbang Malahoi, its floor used to be 3-5 meters in height when Schwaner came to Tumbang
Malahoi in 1846-1847, then the investigation in 2006 found the height of those pillars decreased to 2.2
meters from the ground. In the Traditional Architecture seminar at the University of Palangka Raya in 2002,
head officer of Education and Culture Central Borneo province Drs. Kiwok Rampai said that he was made
restoration the Betang at Tumbang Malahoi after fire disaster in 1988.
b. Of all betang floor in Borneo before 1894 using light log tied by rattan but now it has modified being an
ironwood board fastened by nail and pin [12].
c. One of the oldest stairs of Betangs that still exist until now is in Betang at Tumbang Anoi (the first
International Dayak conciliation in 1894 organized by West Kalimantan East Indische afdelling and Damang
Batoe (Dayak leader of Ot-Danum tribe).
d. None of those Betangs that still using wood skin as its wall material, it is only Betang in Tumbang Malahoi
that still using it as it happens today.
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e. Two of Betangs in Dayak Ngaju that still using attic as its function is in Betang Tumbang Gagu and Betang
Tumbang Korik.
f. Betang roof comes in various styles concurrent to its function but most of all come in gable roof and 100%
have changes its material using ironwood.
Table 2. Betang Dayak Ngaju appraisal on Building structure elements

Compositions

Foundation
Floor
Stair
Wall
Attic
Roof

Form
100%
10%
100%
40%
100%
85%

Function
100%
100%
100%
100%
10%
100%

Material
100%
10%
100%
5%
5%
5%

Measure
80%
5%
100%
10%
100%
100%

Fastening
50%
10%
90%
5%
5%
5%

Total
86%
27%
98%
32%
44%
59%

58%

Following the result within the table 2 depicted the foundation of Betangs that used to be
using ironwood have changed its measuring and its fastening to 86%. Betang floor shows the
value 27%, means the floor modified far away from its origin. Originally, Betang floor using
logs that tied by rattan (see fig. 5c, 5d on Betang Bahau and Betang Tumbang Anoi in 1894)
then transformed using wooden beam (fig.5a, 5b and 5c in 2016). Meanwhile, stair is the
element of Betang that still exist and does not much transformed just 98% from its origin. The
other compositions are wall, at first design using wooden skin but have transformed to 32%,
only left its function that still using as the wall. The attic of Betang left its composition to
44% and now it merely used for talisman place and offerings for deities. The last element is
the roof. Maybe function and measures still at the same of its origin but its form, material and
its fastening have so much changed to 59%. Which mean that this transformation values have
modified its roof construction. Overall, Betangs in Dayak Ngaju have transformed its building
element that affected to all of its space composition and structure to 58%. It will test of time
as Munoz [8] said, whether the building still exist or will pass and gone.
5. CONCLUSION
Betang is a big communal house that needs many people to construct. Betang in Dayak
Ngaju is having the same method to construct as well as in Borneo. Wood is the most
important material in betang construction and structure. Betang come in separated between
the grounds and above. Betang always using pillar for its stage construction. The stair of
betang designed using the ironwood log that halves of its trunk carved for the steps. Betang at
first, does not use window, they were using cavities between the wall and the floor. Gable
system is the style of Betang roof construction. In applying wall, using tree skin, was one of
habits of Dayak Ngaju, when those walls become rotten, they were easily replaced it by
cutting off the rattan tied. A house should face the East orientation to absorb the first life and
lucky in they daily life. West is the sorrow of life and the death. Betang space consist of the
interior space, exterior, transition, subjective space and objective space. Betangs will extinct if
government and other stakeholders do not involve to protect and to conserve these structures
within its planning programs. Paying attention to the existence of Betangs Dayak Ngaju have
transformed its building element that affected to all of its space composition and structure to
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58%. Picturing to the Betang Dayak Ngaju in Borneo that will loss his valuable heritage
architecture. Conservation to all of betangs in Central Borneo as well as the entire island of
Borneo is an inevitably. This method also suites to assess other wood traditional building.
Acknowledgements. I owe grateful for head of tourism culture agency Central Kalimantan
province who had given me a tour to Betang Tumbang Anoi and Malahoi. LPPM University
of Palangka Raya, which is funding this research. The last, thank to all of colleagues who
have contributed so much to help this paper present in this conference.
REFERENCES:
[1]
[2]
[3]
[4]
[5]
[6]
[7]
[8]
[9]
[10]
[11]
[12]
[13]
[14]
[15]
[16]
[17]

Beccari, O. “Wanderings in the Great Forests of Borneo”, New York: Oxford
University Press. 1904.
Dianne van der Reyden, Materials Research Society Symposium Proceedings,
Pittsburgh, PA, 1995, vol. 352, pp. 63- 71)
Kampffmeyer, Hanno. Die Langhauser Von Zentral Kalimantan.Anacon-Verlag,
Schellingstasse 23, 8000 Munchen 40. 1991
Lang, Jon. “Creating Architectural Theory, the role of the behavioral sciences in
Environmental Design”. VNR Company, New York. USA. 1987.
Mandarin Guntur, Tari Budayanti, Yunitha, “Design of Traditional Housing”
Collaboration Research UPR-Queensland University, repository LPPM University of
Palangka Raya. 2018.
Mandarin Guntur, Makna Ruang pada Rumah Betang Suku Dayak Ngaju di Kalimantan
Tengah: Menapak Hidup ke Nirwana Tanpa Neraka. Proceeding PESAT Vol 2 | vol: |
issue: | 2007
Murphy, Kevin D, Change Over Time University of Pennsylvania Press Volume 4,
Number 1, spring 2014, pp. 40-56
Munoz V, Contemporary Theory of Conservation, Universitat Politècnica de València
https://www.researchgate.net/publication/ 283234670. 2012.
Frank G. Matero, Heritage, Conservation, and Archaeology, AIA Site Preservation
Program. 2015.
Needham, Rodney. Symbolic Classification, Goodyear publishing company, Santa
Monica, California, USA. 1979.
Rem, Koolhaas. “Elements of Architecture”. Taschen. USA. 2018.
Scharer, Hans. The conception of God among a South Borneo People. The HagueMartinus Nijhoff. 1963.
Schwaner, CALM, (1852–1854) Borneo: Beschrijving van het stroomgebied van den
Barito, Amsterdam: P.N. Van Kampen, 1853.
Stohr, Waldemar, Das Toten Ritual der Dajak, Kommissions-verlag, E.J. Brill, 1959.
Tuan, Y. “Space and Place the perspective of experience”, University of Minnesota
Press. Minneapolis. 1977
Winzeler, “The Architecture of Life and Death in Borneo”, University of Hawai’i Press,
2004.
Yunitha, “Architectural Expression of Tiwah Ceremony Case Study of Dayak Ngaju
Tribes Betang House in Central Kalimantan”. digilib.its.ac.id. 2007.

965

F. De Cesaris
Claudius
Aqueduct in Rome - Kinematic Analyses and Empirical Experiences for the Definition
of Structural Restoration Interventions
12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

CLAUDIUS AQUEDUCT IN ROME - KINEMATIC ANALYSES AND
EMPIRICAL EXPERIENCES FOR THE DEFINITION OF
STRUCTURAL RESTORATION INTERVENTIONS
FABRIZIO DE CESARIS1
1

Sapienza, Università di Roma,
Piazza Borghese 9, 00186 Rome, Italy
e-mail: fabrizio.decesaris@uniroma1.it, www.uniroma1.it

Keywords: Historical Structure, Masonry, Structural restoration, Consolidation, Empirical
study, Reinforcement minimization.
Abstract. Present work summarizes a study on the stability of some parts of the Claudius
Aqueduct in Rome (1st century AD). The project provides empirical applications linked to the
definition of minimal interventions for the structural restoration of a section of the structure
near Capannelle. Results of the kinematic analyzes conducted and of experiment with a physical
model representing the structure of the upper hydraulic conduit (speco) are reported.
Ultimately, hypothetical minimal interventions are outlined for the protection of the structure
and at the same time of the image and usability of the Aqueduct.
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1 INTRODUCTION
1.1 Historical outline
The Claudius Aqueduct (Caligola, 37-41 AD, Claudio, 41-54 AD) has been operating since 47 AD.
C. It crosses the hills and the plain of the Roman countryside, with an artificial route 45 miles long (over
66 km) which joins the natural one of the Aniene Valley. The hilly upper section has many examples of
hydraulic and structural engineering, which are necessary to divert water through the hills. The lower
section - about a quarter of the structure – is instead completely emerging from the countryside plan that
becomes almost flat approaching to Rome and the Tiber Valley. From Capannelle towards Rome, the
height of the conduit quickly arises from the countryside ground-level, quickly reaching a height around
20 m above the elevation profile of the soil. The hydraulic canal was kept at a remarkably high altitude
over the city to facilitate the subsequent parceling and branching towards buildings and baths. In fact,
nowadays in the countryside it constitutes a primary presence for several kilometers, up to the Roman
Aurelian Walls (270 - 275), which incorporate the Aqueduct for substantial stretches (fig. 1, left).
Anius Novus

Acqua
Claudia

Figure 1: Historical image of the Aqueduct in a late 19th century watercolor. The typical cross section of the
upper part of the Aqueduct is re-represented (archway, Claudius and Anius Novus water hydraulic conduit).

The masonries of the Claudio aqueduct were built exclusively in blocks, mostly of peperino, which
is a volcanic sedimentary stone. Even though the architectural design of the arches has a rational rhythm,
the size and quality of the blocks is completely heterogeneous in shape, size and quality. Modification,
consolidation and reinforcement works already started in the 1st century. The constructive phases of the
structure are characterized by the almost immediate overlap of the Anius Novus conduct. The use of the
existing supporting structure for a double channeling follows other previous examples, but the Anius
Novus is made of rubble masonry with sides in opus mixtum and is conserved only in minimal residual
portions (fig. 1, right).
However, the second hydraulic line does not appear to be the cause of the reinforcement works. In
fact, these works were carried out in sections and entailed huge funding already in 71 and 81. After that,
the consolidations continued in the 2nd century, during Hadrian and Severian Ages, with the

967

Fabrizio De Cesaris

reinforcement of other segments made with well executed opus testaceum and in 4th century the works
were continued with the characteristic inhomogeneity of building materials. The maintenance continued
until the 10th century when the structure was substantially abandoned. Subsequently, the construction
was also systematically attacked to obtain material with a consequent strong reduction in discontinuous
sections. Especially for the construction of the Felice Aqueduct in 16th century, which runs parallel to
the Claudius aqueduct [1, 2, 5, 6].
1.2 Context and purpose of the study
The starting point for this study was a consultation requested by the Archaeological
Superintendence. Emergency intervention was needed for a portion of the Aqueduct located in the
Appia Antica park near Capannelle. In this section, problems occurred both for the safety of the
population and for the loss of original materials.1 The works were aimed at the direct elimination of
structural problems by avoiding the incipient collapse of unstable portions as the supports for fractured
roof lintels and the local repair of unstable parts. Work has also been planned to mitigate the conditions
that accelerate the degradation of materials, such as infiltrations and aggressive vegetation that would
have caused new and serious damage to the structures.

Figure 2: View of the hydraulic conduit in the end part of this section of the Claudius Aqueduct. The broken
lintel is prop up by a metal support and in the upper part there is a residue of the Anius Novus upper structure. On
the left, a recent anti-seismic intervention on an adjacent section.

During the consultancy, some particular aspects were investigated, concerning the conduit and the
relative lytic covering architraves. These investigations did not lead to direct operational conclusions.
The restoration was guided by Arch. Giacomo Restante (W.D.), by Arch. Stefano Antonetti (P.M.) and by Dr.
Antonella Bonini (archaeologist) and performed by DucaleRestauro S.r.l. from Venice (specialized company).
Thanks to Prof. Cesare Tocci (Politecnico di Torino) for adding value to this project through his inspiring
suggestions and his great availability.

1
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Indeed, the funding just covered the disposing of temporary interventions, but we hope that our studies
will be useful for a future conservative maintenance works.
The attention has been focused on the critical conditions of the duct related to the state of the lytic
roof lintels that have many fractures. On this occasion, the cracks of the arches corresponding to the
pillars from 1st to 31st were documented and shoring-up devices present were also reported.
The different elements of deterioration can hardly be interpreted in a sufficiently simple systematic
framework that adequately reflects the overall behavior of the structure.
The vibrations induced by the earthquakes that occurred in the two millennia of existence of the
monument or the settlements of the grounds and walls have caused damage. However, the respective
influence of the numerous parameters interfering in the behavior of the monument can hardly be
defined. The most important parameters are: heights of springer of the ducts covering, which are
different from in every part; the lack of homogeneity of the material and the degradation; the
conditions of the soil; the structural responses, altered locally by the degradation.
The study aimed rather to identify possible methods of intervention on the stone roofs of the
hydraulic conduits, using a symptomatic treatment logic. Starting from the critical conditions of the
building, the negative effects brought about by degradation and discontinuities were identified to
locally mitigate the consequences and to improve the original reactive capacities of the monument.
This section’s degradation conditions reflect those generally found in other surviving portions of the
ancient infrastructure and the considerations carried out - exceeding the specific features of the section
under investigation - can also be considered extensible to other portions of the Aqueduct.
To complete the study, some operational possibilities are proposed, which are aimed at improving
the structural capacity of the monument, awaiting subsequent possibilities for intervention. In fact, it
is also suggested, in order to standardize future interventions to aim also at the objective of a
characterization that constitutes a unique and identifiable trace for the work to be carried out in the
coming years.
2. MONUMENT DETERIORATION CONSISTENCE AND STATUS
From the consistency point of view, the hydraulic conduit can be described as a tunnel with two
vertical and parallel walls made of stone blocks laid in semi-horizontal layers, surmounted by a lithic
plate formed by lintels made up of squared, irregular blocks, placed side by side. On both sides of the
lintels there are small protrusions on external facing, as a continuous frame that defines the front.
Stone elements of this frame are not always whole; probably in most cases, on one or both ends, the
portions that make up the projection of the architraves that cover the span and rest only on a part of
the thickness of the longitudinal partitions have been added.
Almost all the wall elements were made with uneven quality peperino. To build the horizontal
lintels were chosen materials of greater consistency, well cemented; whereas in the vertical masonries
there are also blocks obtained from less cohesive peppers, tending to degrade with greater ease. All
the elements that make up the two walls show signs of erosion on externals sides caused by
atmospheric agents and stresses. These masonries were initially prepared with a sort of anathyrosis
(i.e. with the well-worked ashlars on the edges and with a less finish accurate on the central surface
of the face in view), currently have edges often worn, sometimes chipped. A less advanced
deterioration is observed on the more protected internal face. The elements that make up the section
of the duct are affected by cracking phenomena characterized essentially by a pseudo-longitudinal
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orientation of the water conduit and the roof lintels. The longitudinal discontinuities of the arches are
visible from the outside from below, while inside they are often hidden by the stratification of the
limestone collected at the base of the duct, but are revealed by the detachment of the horizontal layer
of limestone and the original screed related to the internal facing of the walls, due to the relative
location.

Figure 3: Survey of the state of cracking degradation in the different sections of the portion of Aqueduct
analyzed, edited by Arch. P. Agrimi and re-elaborate by the author (left); inclinable plane used in the
experimentation (kindly provided by DucaleRestauro S.r.l.) with the scheme adopted (right).

On this occasion, taking advantage of the special condition of accessibility to the tunnel, the survey
focused above all on the cracked condition of the ceiling, considered the most critical issue. The
mapping of the cracking of the lithic elements covering the roof have been extended to the entire
section - arches from 1st to 31st), also localizing the presence of the support devices already adopted
or introduced on this occasion. In addition, was detected the final section, where it is possible to
appreciate the thicknesses of the elements constituting the span.
The fractures of the lintels caused structural failures with relative displacements due to the
reduction of the continuity constraint and to the assumption of a different equilibrium condition, often
characterized by relative sliding and lower degrees of safety. The effects of these stability adjustments
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have induced the justified apprehension that recommended the immediate insertion of the internal
support props to avoid the feared collapse of the lintels, taking advantage on the unused tunnel and its
poor visibility from outside (fig. 2).
These supports are temporary and replicate a type of device already used in the last century, which
is made of vertical metal supports, T-shaped with wooden planks that mediate the contrast of the
architraves towards the intrados and under the support of the central upright on cocciopesto of the
duct or on secular sediments limestone.
As can be seen in fig. 3, the fracturing of the lintels is widespread, but not homogeneous. Some
elements appear intact (yellow) and others interrupted by the discontinuity that is sometimes
positioned in the center (green) and often near one of the edges (orange). The presence of multiple
fractures is rarely observed and sporadic is the case of an actual partial collapse; this temporary
balance has recommended and allowed, in the past and at present, the insertion of the metallic supports
to prevent a progression of deformation phenomena and possible collapses.
3. DEFINITION OF THE STUDY MODEL
The models studied have been defined based on the survey, with the approximations necessary to
make the section as representative as possible. Only transverse vulnerability is considered, assuming
as certain an adequate capacity in the longitudinal direction.
The side walls show critical issues related to aging and the lack of homogeneity of the material,
which appear more relevant outside where the masonries are not protected by coatings and by the
condition of a closed environment. To consider this generalized reduction of the resistant section, a
retraction of the hinges on all the joints was introduced in the analyses.
On the other hand, the deterioration of roof lintels is mainly constituted by fractures that generally
passing through the whole wall section. The material is overall well preserved because it is protected
by the remains of the Anius Novus structure and by the reduced exposure of the confined environment
of the duct. The fractures that cross the thickness of the lintels on pseudo-vertical planes appear to be
the most incident element of static degradation. The roof of the hydraulic conduit can be assimilated
to a series of simply-supported beams and the observed fractures transform the lintel into a sort of
natural straight arch, which is supported as an arch set on the side walls and with mounts almost equal
to the thickness itself.
In summary: some lintels have preserved monolithic shapes, but largely show fractures passing
through the entire thickness, with regular orientation or levels with different configurations. The
scheme in fig. 5 shows fractures represented simultaneously but, in general, only one is present on the
same element and the scheme must also be considered in the symmetrical version. The lesions are of
type A, B, or C: in case B, a portion of the lintel takes on a larger size than the other - the center of
gravity is within the gap between the walls), and normally give in D before finding an adequate
contrast in the natural arch. Type C is the fracture with the greatest risks due to the very reduced
support section and because the lesion is not visible. Therefore, the possible presence of these
discontinuities is not appreciable in the performed survey, but it is only hypothesized during the study
comparing other portions of the Aqueduct. The T cuts are sometimes original, but are not always
present and symmetrical on both ends of the same slab; it is possible to observe them only in the
sections in which the building has lost its continuity and, consequently, they do not appear in the
survey carried out as they cannot be identified.
Overall, there is a rather varied set of situations that has forced us to consider different schemes to
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represent the current state of the structure, made uneven by the different degradation conditions
induced by the fractures. A basic scheme was taken from the longitudinal section, which is traced
back to a typical section (fig. 5, above left). On this scheme different models of structural behavior
have been hypothesized. In fact, two types of structural problems are highlighted by examining the
conditions of the water conduit: the first one is related to the stability of the lintels fractured in ordinary
conditions and the second depends on the ability of the structure to resist seismic stresses.
In the first case, vertical supports have been introduced, to ensure the stability of the architraves
subject to their weight and to that of the masses above. In the second case, only recently, in another
section of the Aqueduct, have been inserted frame devices which are, however, particularly invasive,
even if not visible from the outside (fig. 1. right).
In a broader analysis, other critical issues presented by the Aqueduct structure must be taken into
consideration, such as the tendency to longitudinal segregation of the arches with divergence into two
portions, the general deterioration of the pylons, the unevenness of the state of degradation of the
blocks, etc.
These types of deterioration are already studied in other previous interventions [4] and there are
forthcoming contributions. Within the limits of this analysis, only the portion of the hydraulic conduit
was considered; downstream of the local checks, the specific conditions influenced by the tax quota
were considered, variable in relation to the elevation of the soil, since the level of the duct set at an
almost constant altitude. In order to simplify, other specific conditions, varying from section to
section, have not been considered. For example, the portions related to the remains of the above
structures of the Anius Novus.
The following figures show the most significant and therefore considered schemes (fig. 4). The
kinematic mechanisms analyzed are essentially based on the hypothesis of the formation of hinges in
the absence of sliding, prevented by friction. Only in case study 11 it was possible to consider the
sliding between bodies 3 and 4.
In figure 6, the same mechanisms have been reconsidered with a retraction of all the hinges,
activated simulating both the classic local subsidence on the axis of the hinge and the general state of
degradation of the blocks that is widespread even if not homogeneous.
The values determined for the two cases can be considered as limits: an upper one - which is
difficult to consider as a realistic result - and a lower one, more useful because it is precautionary, but
sometimes more congruent with the state of degradation of the blocks.

Figure 4: Synoptic framework of the kinematic mechanisms examined.
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According to the studies performed during Nineties by Antonino Giuffrè and Vittorio Ceradini [3],
the work on these models was conducted with kinematic and empirical analysis. So, it was possible
to make an immediate comparison with a real modeling in 1:10 scale, with elements of 5 cm thick,
corresponding to 50 cm. The models were subjected to static stresses, equivalent to the seismic stress
condition, simulated by rotating the support surface of the models. That determines an inclination of
the system whereby the vertical weight can ideally be broken down into two components similar to
those induced - in real conditions - simultaneously by gravity and seismic actions (one normal to the
plane and one parallel to it). The relationship between the two components is like that between the
force of gravity and the seismic thrust (fig. 3, right).

Figure 5: Representative scheme of the lintel and of the typologically repeated fractures (above, left); indication
for the tie bars location (above, right); the survey and the used scheme (bottom, left); the tie bars proposed and
already used in other sections of the aqueduct (right).

4. RESULTS OF THE KINEMATIC STUDY AND OF THE EXPERIMENTATION
The results of the graphical-numerical modeling and of the direct experimentation have been
summarized in the following tables.
Figure 6 reports some of the results obtained with the study of the mechanisms in terms of load
multiplier necessary for the activation of the mechanism; the values are obtained considering the
activated hinges set back by 5 cm to give a general account of both the effects of the load
concentrations and the degradation of the material. In the study, the homologous values were also
calculated considering intact hinges, but for brevity they were not reported.
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Figure 7 lists the results obtained empirically in the different cases already examined with
numerical analysis. The photographs show the mechanism that occurred in the experiment.
All the data obtained for a possible comparison have been reported in Figure 8. Moreover, the data
in terms of acceleration - calculated according to the Italian standard - have been added, with a
different level of knowledge and relative Fc, at different altitudes in correspondence with the altimetry
of the different ground levels crossed by the aqueduct. In many cases the mechanism is implemented
in the theoretically foreseen manner; sometimes there is a discrepancy with respect to the starting
hypotheses which highlights the possibility of sliding which, as mentioned, have not been taken into
consideration in the numerical analysis - with the exception of case 11.
Generally, the results in terms of multiplier - determined in relation to the inclination reached at
the time of priming - follow the numerical forecasts, however assuming a magnitude between the two
limit values, with intact or backward hinges.
Study case 4 does not have a corresponding application. The mechanism that actually occurs is the
same considered successively as case 11: the central hinge does not be formed because the sliding
occurs between the two segments, which remain integral to the respective abutments and the
projection of the center of gravity does not come out from the support of the slab. This process does
not produce a natural arch effect by anticipating the activation of the kinematic chain. In the case study
11, the activation occurs with a multiplier equivalent to the one determined without considering the
gripping work, as if the force exchanged by the two parts that remain united does not actually
exchange at the time of the activation. The two portions - abutment and straight arch - separately
tested, have two different multipliers (upper left, and lower right). They can be activated together with
a multiplier that averages the portion values, highlighting the reciprocal exchange of forces.
Also in study cases 6, 8 and 9 the mechanism presents sliding that anticipates the trigger: in case 6
by horizontal sliding of the small block 5; in cases 8 and 9 the weight conditions cause the slumping
of the major block of lintel, which slides in order to be supported in the key section, thereby producing
a slightly higher thrust than expected; subsequently the vertical sliding occurs again and the natural
arch takes on an even lower mount and therefore contributes to the early activation of the mechanism.
In the first moment the collapse concerns the projecting block and does not produce the collapse of
the wall, which, however, initially caves in, but then - at the end of the thrust in correspondence with
the collapse of the horizontal block - maintains the position reached.
In case 12 an artifice was attempted to verify the response of the whole structure if the sliding had
been delayed. Thanks to the sliding preventing of the sections in contact in the centerline, a
mechanism similar to case 4 occurs. This mechanism brings back values of greater capacity even if
not comparable with those the mechanism initially provided, but are not feasible
Generally, there is a discreet natural capacity of the original hydraulic conduit which, however,
decreases with the fracturing of the roofing slab. This justifies the persistence of the structure over
time. However, the lintels today appear fractured probably for causes not related to seismic stresses.
In most cases, the stability situation with ordinary conditions do not cause collapse of the coverage.
The necessity to find more stable configurations - especially where the fracture is close to the supports
- produces those small slips deeply observed. The structures vulnerability towards the seismic event
is quite evident in case of partial losses and fractured elements. It follows the requirement to intervene
especially in the case of fractures that are not central and when the phenomenon affects contiguous
lintels.
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Figure 6: Summary of the expected results with activated retracted hinges.
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Figure 7: Synthesis of experimental results with physical model.

Figure 8: Summary and comparison of the results obtained with the kinematic analyzes and with the direct
experimentation, related to the seismic accelerations of collapse assessed according to the Italian legislation.
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5. CONCLUSIONS ON THE PRACTICAL ASPECTS OF THE INTERVENTION
In conclusion, to obtain an improvement in capacity, can be inserted devices capable of supporting
the roofing slab tracing the architrave back to its original monolithic nature. The measure can be
implemented by inserting titanium bars - or stainless steel - which should exert a modest compressive
force, sufficient to avoid rotations and also vertical translations in the fractured sections (fig. 5, above
right). The failure due to shear force near the supports is, in fact, one of the most penalizing
consequences of the structural deterioration for the wood. The proposed intervention could be a
substitute for the internal supports and allow full suitability of the duct. The insertion of titanium bars
would not be burdensome for the lithic material as it requires the execution of small diameter holes,
which can be made without difficulties. This intervention certainly appears suggestive since it allows
to find a structural stability close to the original one, because it doesn’t introduce invasive elements in
the cavity.
The safety margin would probably be lower than those obtainable with the insertion of metal
frames (fig. 2, right). However, the intervention would result minimal formal and functional
invasiveness, not obstructing visibility and accessibility of the conduit. The bar - constituting a sort of
tie rod - would allow the arched behavior with limited thrust of the lintel, whether it is intact
(precautionary intent) or fractured (improvement intent). The presence of intact lintels allows a
containing effect, even on fractured ones, provided that the latter are suitably interspersed with healthy
ones. Consideration that introduces various intervention management possibilities by grading the
number of bars to be inserted. End-plate anchors, as already verified in previous interventions, can
easily be disguised. Once inserted, the bar can be activated with forcing, producing an axial force of
minimum intensity. The same force can be transferred to the lithic straight arch by anchoring with
mortar or resin injection; otherwise it can be possible to operate with dry techniques to obtain
maximum reversibility. The bar can be activated by forcing the small end-plate anchors, one of which
is fixed and the other can be screwed using a threaded sleeve.
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Abstract. The current state of two 16th century masonry churches were studied after being
damaged during the 2017 earthquake in Mexico. The two complexes being analyzed are part
of the World Heritage Site “Ruta de los Conventos”: the Convento de San Guillermo
Totolapan, in the state of Morelos south-east of Mexico City, and the Huaquechula Monastery,
in the state of Puebla south of Mexico City. These buildings are representative of the
architectural model adopted by the first missionaries who evangelized the indigenous
populations in the 16th century. The churches were constructed circa 1535 and 1548,
respectively. The history and cultural significance for each project is researched in
coordination with the stakeholders, along with the contrasting structural systems and any
known previous interventions, historic and contemporary.
The damage inflicted to the two churches due to the most recent earthquake (2017) is critically
analyzed, specifically focusing on inherent defects of the existing materials, the variation in
construction methodologies and the impact of contemporary interventions such as the use of
reinforced concrete and structural steel following previous earthquakes. Potential repair
methodologies are discussed in order to mitigate future damage to the structures. Discussions
include the importance of using compatible materials along with appropriate repair procedures
and the need for ongoing maintenance of these important heritage structures.
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1

INTRODUCTION

The deterioration of heritage sites resulting from natural disasters is a loss to humanity’s
culture. However, most existing studies on earthquakes focus on the effects on building
materials from a technical standpoint. There is a need for further studies which balance the
technical requirements with the significance of built heritage, focusing on risk management and
the implementation of interventions which embrace appropriate technologies. There is also a
general lack of understanding among the Architectural/Engineering community as to how
Unreinforced Masonry (URM) structures function, how to preserve them and, where necessary,
how to rehabilitate these structures. There is a misunderstanding that URM reacts poorly to
seismic forces, producing extensive structural damage and loss of life. Yet, in many countries,
there is evidence of masonry structures that have endured for centuries in areas of high seismic
activity, simply by performing regular maintenance on the masonry with compatible materials.
This prevents long term neglect and deterioration, which is the ultimate cause of structural
failure. In the authors experience, it is the inability to manage moisture in masonry and resulting
moisture damage that the single greatest cause of structural damage to masonry. Using
contemporary materials such as Portland cement blocks vapour transmission and results in a
significant proportion of the damage seen to heritage sites.
Being one of the world’s most earthquake-prone countries, Mexico has been a victim of
many seismic events of moderate to high intensity. Intersecting tectonic plates create
subduction zones that generate high-intensity earthquakes, which can be very destructive. In
the 20th century alone, 183 earthquakes with a magnitude greater than 6.5 have occurred in the
area, with most of them having epicentres located on the Pacific Coast [1]. The magnitude of
three of these earthquakes exceeded of 8.
More recently, September 2017 had a pair of massive earthquakes. A magnitude 8.2 on
September 8 just offshore from the state of Chiapas was followed by a magnitude 7.1 on
September 19, this time much closer to Mexico City, and caused heavy destruction in 11 states
[1]. There were more than 2000 heritage buildings damaged, most of which were in the states
of Puebla, Morelos and the Greater Mexico City. Two historic convents that were damaged in
2017 and are considered the most endangered were visited and analysed by the authors several
times during 2019 (January, May and December) and are the current study: Convento de San
Guillermo Totolapan, in the state of Morelos south of Mexico City, built circa 1535, and the
Huaquechula Monastery, in the state of Puebla south-east of Mexico City, built circa 1548.
The damage from the 2017 earthquake is in the process of being repaired for both of these
sites. It is important to assess the damage to understand how the structure behaved in the recent
earthquake, and use this information to perform appropriate repairs in order to mitigate future
destruction. Much of the damage which occurred during these most recent earthquakes was
related to the existing conditions, contemporary changes made to the structures, and lack of
maintenance. The term “appropriate repairs” refers to using compatible materials,
understanding the evolution and changes through many centuries, designing interventions that
work with the existing structural system, and focussing on the need for ongoing maintenance.
These recent events prove that it is critical to evaluate the current state of built heritage in order
to be better prepared for future earthquake disasters.
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2

HISTORY

The early monasteries were not established in the style of ancient European monasteries, as
places to live in isolation or divine contemplation. Instead, these convents functioned as
dynamic cultural centres for religious dissemination, with schools where they transmitted the
cultural elements brought from Europe, including basic beliefs of native cultures. The
monasteries were founded with only a few mendicant friars who arrived in Mexico between
1523 and 1533. They were the alchemists, blending the two cultures into a new identity.
The main characteristic of these monuments is the “monastic fortress”; the impressive
sobriety typical of the first attempts in which the friars had to explain to the indigenous builders
the necessary criteria for these buildings [2]. The simplicity in the massing, crenellation and
massive walls, small high windows and square buttresses, the integration of indigenous reliefs,
and the reuse of stones from other ceremony sites are some of the main attributes.
In 1994, 14 monasteries called “Ruta de los Conventos”, on the slopes of Popocatepetl, were
designated a UNESCO World Heritage Site [3]. The Totolapan monastery is included in the
designation. The Huaquechula monastery, despite having the same characteristics as the others,
was not inscribed. These buildings are representative of the architectural model adopted by the
first missionaries who evangelized the indigenous populations in the 16th century. The
monasteries were founded in areas of dense indigenous settlement, with the object of providing
focal points for urban settlements, a role which has survived to the present day. The fusion of
the two cultures is on display in the wall murals, in the craft and skill of stonemasons, and
through stories about the spiritual conquest. They are examples of a new vision of architecture,
in which open spaces take on added importance as worshipping activity. The atrium, the open
air chapels and the processional were an interpretation of Mesoamerican ceremonies.
2.1 San Guillermo, Totolapan, Morelos
The Convent of San Guillermo is a very good example of “primitive convent architecture”.
Totolapan is the second Augustinian Convent in the area. Construction at Totolapan began in
1536 after the Augustinians were expelled from neighbouring Ocuituco, Morelos. The first
stage was completed in 1545 under the direction of the head master Jorge de Avila [4]. The
complex of Totolapan is more modest in dimensions and decoration than the other convents in
Morelos that were built later for the same religious order - Tlayacapan and Yecapixtla.
Totolapan contains certain basic elements common to this new type of monastery: a
collection of buildings surrounding a great rectangular atrium, well demarcated by an atrium
wall. In the atrium’s internal perimeters there are two Processional Chapels. The church is
located to the south of the monastic buildings, positioned around a small courtyard patio. There
is also the open chapel in front of the atrium, highlighting the importance of open spaces to
evangelize the indigenous people.
The church, with a single nave, is simple in plan and has less imposing proportions than
other monasteries. The roof of the nave is a longitudinal barrel vault with lunette windows,
without ribs, and is subdivided into four bays reinforced by transverse arches. The exterior is
delineated by masonry buttresses at the arches. The nave is 28 meters long and 11 meters wide.
The apse is covered by a large pendentive dome, much thinner than the walls with the thickness
decreasing linearly up from the walls. It is possible, as Roberto Meli stated, that the roof was
likely originally a wooden gable roof with ceramic tiles, and the barrel vault could be a 17th
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century modification [4]. In the adjacent buildings, the roofs consist of smaller barrel vaults.
The mortar to stone ratio is much greater in the vaults than in the walls.
The Totolapan convent was constructed of a mix of adobe mortar, volcanic stone and pebble
stone. The thickness of the walls varies up to 2 meters. The quality of the masonry walls is
poorer than the Huaquechula monastery. Much smaller round river stone was used, with less
evidence of the larger angular masonry, and an overall lack of keying stones. Since the
Totolapan was completed earlier, this suggests that the quality of these complexes improved
with experience.
The known interventions are listed below, but the age of the structure and high seismicity of
the region guarantees that work had been done previously on both monasteries (due to previous
seismic events, wars, alterations or changes of use). In 1949, the first recorded intervention, the
main wooden altar was replaced with concrete due to insect damage. In 1964, the roof was
refinished with a waterproof coating using traditional, pre-hispanic methods. The coating
consisted of lime, sand, laundry detergent, water and alum to create a waterproofing substance
which they sampled on certain mural paintings on the walls.
The convent was damaged by a 6.7 magnitude earthquake on August 17, 1969. The barrel
vaults experienced significant cracking, and were repaired using the galette technique. This
technique uses small pieces of tezontle (a local volcanic stone that is extremely porous) in a
mortar mix consisting of lime, Portland cement, and sand in a 1:1:3 ratio. They used this
material to replace all of the existing vault material that was deemed to be in poor condition.
The vaults were re-surfaced with the above-mentioned waterproofing. The main façade of the
church was repaired without following good conservation practices. A layer of wire mesh was
added and was subsequently painted to imitate ashlar blocks [5].
A condition assessment from 1978 stated that in many locations the mortar was in extremely
poor condition due to long term exposure to moisture, humidity and poor maintenance. The
mortar on the exterior of the cloister had failed and was falling off. This report recommended
the intervention of reinforcing the barrel vault by injecting cement into the slab.
The final major maintenance works took place in 1995. Another waterproofing coating was
added to the roof, some of the mortar was repointed, the main facade was painted, and some of
the walls and buttresses were reconsolidated. The existing cracks on the east/west walls of the
convent were repaired with injected cement grout [5].
2.2 The Huaquechula Monastery “Ex-Convento de San Martin”
The Huaquechula monastery was constructed between 1531 and 1569 by the Franciscan
order under the direction of Juan de Alameda as the head Master Builder. It was constructed
with unreinforced massive stone masonry of a higher quality than Totolapan. The use ashlar
stones larger and more angular in shape demonstrates a knowledge of stereotomy [6]. The
facade is Plateresque with a richly adorned main portal in sandstone and decorated with two
Franciscan coat of arms and two angels. The church is a longitudinal nave with four stone ribbed
vaults consisting of volcanic stone, pebble stone and adobe mortar. These stone ribs are carved
ashlar finished stones constructed as intersecting arches. The church measures 48 x 14 meters
and is braced by massive buttresses on the north side and a two storey convent structure with
integrated buttresses on the south side. The main altarpiece from 17th century is over ten meters
high and five meters wide and has paintings by Cristobal de Villalpando. The former cloister
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area was rehabilitated, years ago, as a local museum. The walls still contain remnants of the
monastery’s rich mural work, and the rooms contain archaeological pieces and copies of various
codices. Following the damages from the 2017 earthquake the museum was closed.
The Huaquechula Monastery was previously damaged during the major earthquake of 1999.
At that time, the upper portion of the bell tower was reinforced with concrete and steel angles,
which were anchored into the stone pillars with rebar. Based on evidence noted on site, it is
assumed that the repair works at that time did not include repointing of the masonry piers. Also,
the roof of the two storey convent, which consisted of heavy timber structure, with plank
decking, was replaced by a concrete roof slab.
From 2012 until 2016 some conservation works continued in Huaquechula. The
Conservators performing some patching in the walls and ribbed vault, with cementitious
materials. Some maintenance work in the cloister was also in progress.
3

CONSTRUCTION TECHNIQUES

The construction of buildings by using the local subsoil is one of the oldest construction
techniques [7]. In North America, the most prominent use of earthen construction was by the
Indigenous People of Mexico and the southern United States. Before the arrival of Europeans
to the area, pyramids and vernacular buildings were typically constructed of adobe which had
proven over time to be a durable construction assembly.
The construction of these 16th century monasteries is generally consistent with European
churches built in the same time period, except they were built using local materials: adobe
mortar and volcanic stones from Popocatepetl. There have been studies on archaeological sites
of early Spanish missions, where the earlier buildings were constructed of adobe mortar and the
later portions were of lime mortar, which needed to be refined [8]. At these other archaeological
sites, large underground kilns that were used for the production of lime mortar were discovered.
Adobe mortar is a mixture of local subsoil, sand and water, and then applied to the structure
while wet. A series of tests was conducted and guidelines on the preservation and seismic
stabilization of adobe structures were published in 2000 by the Getty Conservation Institute [9].
Typical strength values for adobe mortar has a significant range, but is approximately 1 MPa.
It should also be noted that the Spaniards were not familiar with earthquakes, while recent
studies have shown that the Indigenous people knew how to construct adobe buildings to resist
seismic forces. A study in the same region showed that well-maintained traditional adobe
buildings performed significantly better than those with modern interventions such as concrete
roofs, large windows, or additions [10]. These monasteries were built with indigenous labour
that provided wisdom in the preparation and selection of raw materials.
However, the monasteries were constructed largely in the European style. The tall, vaulted
masonry roofs with thick, buttressed walls were imported architectural features that had been
refined by trial and error overseas. Historic designers and Master Builders had a knowledge and
understanding of mass masonry buildings, passed down over centuries, that does not have a
place in modern engineering. Prior to any rehabilitation project it is important for the engineer
to understand the principles behind mass masonry. Arches or vaults, for example, are abundant
and simple in form yet not immediately logical to analyse according to modern engineering
principles [11]. There are many resources available which describe the principles of masonry
which is outside the scope of this current report.
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4

BUILDING CONDITION

4.1 The Convent San Guillermo Totolapan
The Totolapan monastery suffered significant damage during the 2017 earthquake. The
barrel vaults of the church experienced significant cracking and fracturing. Part of the bell tower
collapsed. The pendentive dome completely failed during the earthquake, shearing where the
vault is the thinnest. The damage to the cloister includes significant fracturing of the barrel vault
roofs, cracking of the walls and failure of many of the buttresses in the courtyard. At the east
and west side of the courtyard, the barrel vault roofs had collapsed.

Figure 1: Left, before earthquake, Dec 2016 [12]. Right, after earthquake, roof plan showing damages. Red
denotes severe damage and fractures. Pink shows missing bell tower. Blue denotes partial collapse of vaults and
in green is the detachment and presence of microflora. May 2019 [5].

These vaulted roofs surrounding the courtyard were constructed using poor quality adobe
mortar and small rounded river stone. The vaults had sustained fractures during previous
earthquakes and had been repaired using a cementitious grout, which appears to have magnified
the current failures. The vaults were coated in a plaster which has cracked, but there was no
evidence of any waterproof coatings over the plaster. From this, it can be concluded that the
mortar in the vault had deteriorated prior to the earthquake from continuous exposure to
moisture. The presence of moisture results in activation of soluble salts, which then
recrystallize, expanding and damaging the existing adobe mortar.

Figure 2: Photographed damage 4 weeks after the earthquake, Oct. 2017. Left: Fractures and partial collapse of
nave vault. Center: Complete failure of the apse dome. Right: Collapse of vault and buttresses of the cloister.
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The walls of the nave had also experienced large fractures, and many of the large buttresses
were damaged, some completely collapsed and others fractured full height at the face of the
walls. Some of the buttresses at the cloister failed due to bending perpendicular to the wall.
There was a general lack of large tie stones to hold the masonry together. The major fractures
to the walls were noted mainly where they intersected the exterior walls, or through wall
openings. Several infill walls in original arches had also displaced.
The large bell tower, the stone arch above the entrance that supports the open bells, and some
of the crenellations around the roof, fell outwards. The bell tower was constructed such that it
was only attached to the main structure at one corner. Once it separated from the nave, it became
a tall slender structure, with a different mode of vibration to the main structure.
At the other corner of the monastery there is a smaller masonry bell tower which was also
damaged. It appears that the rocking of the tower resulted in hinges forming at the base of the
four corner pillars, and in the apex of the arches between the pillars. It was observed that at
each of the hinge locations, where the plaster had spalled, dislodged and debonded loose rubble
masonry was observed. The staining indicates mould and long-term moisture saturation.
Work is proceeding on smaller areas before the more extensive interventions. Most fractured
walls of the church are being consolidated, by drilling ports and inserting small copper pipes in
the walls. A mix of lime, sand and pozolime grout is injected. The collapsed buttresses are also
being rebuilt, using metallic ties to anchor to the walls.

Figure 3: Left: Reconstruction and consolidation of walls and buttresses in the courtyard, Dec 2019. Two
central images: Bell tower with damages, May 2019, and after repair by integrating horizontal large volcanic
stones, Dec 2019. Right: Rehabilition of the roof vault by adding carbon fibres in a cross pattern, Dec 2019.

The large fractures in the apse walls are being repaired by first dismantling the masonry on
each side of the fracture and removing all debonded material. The wall then is rebuilt across the
crack, with compatible mortars and large volcanic stones –basalto- of high density and strength.
This is an excellent solution as compatible materials are used to reinforce the masonry at known
weak points. Provided that the mortars are compatible with the original adobe mortars, with
similar strength and porosity, this will permit vapour transmission from the original to the new
masonry and allow the assembly to function as originally intended. This construction also bonds
well with the existing masonry, so that they can function as a single unit in future earthquakes.
It is critical, as part of the rebuilding, that all dust is removed at the interface between the old
and new mortar, otherwise the bond between these two materials will not occur.
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They are also introducing tensile strength to the top of the nave barrel vaults by applying
carbon fibre to better resist the formation of hinges and therefore seismic forces. The
methodology applied in the barrel vault followed the cleaning of the whole area, drilling ports
and injecting traditional mortar into the fractures, and applying the carbon fibre in a cross “X”
pattern which is anchored to the barrel vault slab. This is a new methodology that has just been
initiated in rehabilitation projects in L’Aquila, Italy after the 2009 earthquake. It will be
important to monitor this new intervention for its compatibility with the 500-year-old structure.
During the site visit in May of 2019, a sample was taken of the Totolapan buff mortar. Ken
Trischuk from the National Research Council of Canada performed tests for composition and
strength. The strength of the single mortar sample was 8.29 MPa, and composed predominantly
of calcium, carbon and oxygen; the typical signature for lime mortar. However, the main point
highlighted by this sample is that more need to be taken from various locations around the
complex to identify the existing conditions and mortar composition.
4.2

The Huaquechula Monastery

The Huaquechula Monastery experienced significant damage during the 2017 earthquake.
The upper portion of the bell tower collapsed and fell through the first ribbed vault roof of the
nave. The main facade has a large central entrance door under an ornate rose window. These
openings substantially weakened the wall, resulting in a large vertical shear fracture. The
masonry arch that supports the bells above the entrance collapsed. The adjacent convent
experienced minor damage to the barrel vaults, and to some of the interior dividing walls.

Figure 4: Left: Before the earthquake, May 2017 [13]. Center: After the earthquake, Oct 2017. Right: Damage
sustained by the ribbed vault caused by the collapse of the top part of the bell tower, Oct 2017.

The bell tower failed at mid-height, collapsing into the nave during the earthquake. It is
important to highlight the entire section which had been reinforced with concrete and steel in
1999 had collapsed. The steel angles were still on site in May 2019, and except for minor
bending, the entire structure was intact. This indicates that the tower failed under rocking
motion, with hinges forming below the steel frame. Damage from the formation of hinges was
evident at the base of the lower portion of the tower. The joints in the masonry at the location
of the hinges were in poor condition, indicating that they had not been recently repointed.
The extents of the large hole through which the tower had fallen, clearly show the
effectiveness of the ribs at reinforcing the roof structure. Only the ribs immediately impacted
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by the tower failed. Adjacent ribs confined the collapse to the area of the impact only. It can be
observed that this rib pattern increased the depth of the vault, giving it a greater capacity than
the Totolapan Monastery, and also introduced more redundancy into the design, allowing part
of the vault to remain intact despite the collapse of the tower.
The remaining roof vaults which were not damaged by the tower still exhibited recurring
cracking and spalling. The side walls of the nave were subjected to out of plane forces and
would have displaced in out of plane bending. The cracking is more significant at the apse
which, due to the semi-circular floor plan and large number of exterior buttresses, had created
a stiff point resisting the movement of the rest of the roof. The wall on the north side of the
nave is stiffened by large buttresses, but the south wall is connected to the two-storey cloister
that increases the stiffness of this wall, with additional cross walls/buttresses. The two walls of
the nave have different fundamental periods and resonance frequencies, resulting in differential
movement. At some time during the earthquake, the tops of the walls moved apart, creating a
geometric imbalance and caused cracking in the vaulted roof parallel to the side walls.

Figure 5: Left: Damage caused by reinforced concrete roof in the cloister, Oct. 2017. Central: Proposed
intervention to the nave. Blue indicates reconstruction with similar material. Yellow indicates consolidation at
the crack locations. Red only requires a waterproof coating using traditional methods. [14] Right: Main fractures
to ribbed vault, May 2019.

The roof of the adjacent convent was originally of heavy timber construction, with plank
decking. This type of construction is flexible, and absorbs energy. After the 1999 earthquake
the wood was removed and replaced with reinforced concrete slabs. This is an inappropriate
intervention since it is now an extremely stiff element which distributes the energy to the
adjacent walls. The impact of the added stiffness during the earthquake was immediately
apparent. First, where the slab abutted the wall of the church, the slab pounded into the masonry,
resulting in localized masonry failure. Second, these slabs have a significant impact on the
natural frequency of the adjacent monastery and therefore the south wall of the nave, likely
causing greater damage to the roof of the nave. The reinforced concrete slabs remained intact,
with no cracking noted. In some areas the large arched openings of the convent were infilled
with stone masonry. The infill masonry had separated during the earthquake. This damage is
due to a poor construction detail, where the interior wall was constructed after the exterior wall,
with no key stones installed across the construction joint.
In areas where the plaster was removed from the walls, it can be seen that the walls are well
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constructed. The masons used large angular stones set in adobe mortar. It is probable that the
stones are of variable depth, creating a keying action with the wall core. Very little cracking on
the longitudinal walls of the nave was observed even though, on the upper parts of the walls,
many voids and weathered mortar joints were noted. The large buttresses supporting these walls
were also undamaged. It is likely the better maintenance and construction practices using larger
stones and keystones ensured that these walls had adequate seismic resistance, in comparison
to the buttresses at Totolapan.
The ribbed vault roof of the Open Chapel appears to have a number of fractures with a similar
pattern as the fractures following the 1999 earthquake. There is evidence of previous repairs at
these hinges, by filling the cracks with, possibly, cementitious grout. The repair failed during
this earthquake, causing the cracks to reopen. This highlights the need to rebuild across cracks
with solid material, as simple infilling leaves the previous failure as a weak point, and does not
allow the assembly to act as a singular unit.
5

CONCLUSIONS

It can be clearly seen from the study of these two historic monasteries, that the ability to
perform maintenance is difficult and expensive. Such lack of maintenance directly contributes
to failure during seismic events. Huaquechula, the better maintained of the two, sustained less
damage than Totolapan which suffered substantial loss to the bell tower, barrel vaults,
buttresses and upper regions of the walls. Poor bonding of the stone masonry due to deteriorated
mortar results in a greater chance of collapse, while well maintained walls may crack but are
more resilient and less likely to fail. In addition, the act of forming cracks during a seismic
event dissipates energy, and lowers the shear demand at the base of the structure.
The study on the performance of adobe structures following the 2017 earthquake supports
the conclusion that structures conserved using compatible materials and respecting the original
construction methodology will perform better than buildings upgraded using contemporary
materials such as Portland mortars, concrete and steel [10].
Insufficient maintenance combined with poor construction practices such as lack of
keystones contributed to the observed failures at both monasteries. The introduction of
contemporary materials to repair damage resulting from repeated seismic activity over the
centuries has compounded the deterioration. In the case of Totolapan, there is extensive use of
Portland cements and at Huaquechula the use of steel reinforcement in the bell tower, the
addition of concrete slabs at the cloister, along with lack of masonry conservation resulted in
collapse of the tower. The addition of inflexible materials provided stiffness to the walls and
roofs, resulting in differing return periods for the buttresses on opposite sides of the nave,
supplying tension in the roof dome, and the ensuing fracturing of the roof structure.
Evidence has shown that the introduction of non-compatible materials to a historic masonry
structure will accelerate decline, primarily by impeding vapour transmission, regardless of the
geographical location and climatic conditions. Moisture is a natural component of a masonry
wall; the amount will be dependent on how well the masonry is protected. Historically, soft,
low strength, flexible lime and clay mortars acted like blotting paper to draw moisture to the
surface of the masonry through capillary action and evaporate [15]. This provides resistance to
freeze-thaw in colder climates. Natural salts activated by moisture trapped in the masonry can
also be detrimental to the masonry components, such is the case with the use of Portland cement
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based mortars, grouts and plasters where the pore size of the cement is too small to permit
capillary action and vapour transmission. The outcome results in the confined moisture
attacking the existing lime mortar, reducing it to sand and within a relatively short period of
time the interface of the contemporary and existing material will debond. This becomes a major
component in the extent of masonry failure due to seismic forces. Another factor which leads
to deterioration of the masonry is the strength of the contemporary mortar. If the mortar is more
than 25% to 30% stronger than the surrounding masonry, the integrity of the wall will suffer.
It is a vital part of the Conservation process to replace all deteriorated mortar and fill all
voids to consolidate the masonry, so that in the event of an earthquake, the masonry will act as
a single unit. Use of soft, flexible mortars will act as “shock absorbers” during a seismic event
and improve longevity by allowing vapour transmission to occur. Properly maintained masonry
coupled with the use of compatible materials and repair methodologies will ensure acceptable
building performance in a seismic event [16].
It is clear that if we are to conserve our heritage fabric for future generations to enjoy and
respect, we must reach a gentler understanding of the need to repair like with like and avoid the
mistakes of past generations. It will be necessary to perform extensive testing to develop
compatibility with existing materials, revive the old construction methodologies and train the
tradespeople in the crafts and techniques required to achieve this.
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Abstract. The sophisticated drystone Iron-Age brochs of Northern Scotland, called Complex
Atlantic Roundhouses by archaeologists, have shown a relatively high technological culture.
Their architectural conservation should strike a balance in presenting their key
features (structure, materials, building use and architectural elements) in a concept of
wholeness that integrates its major phases rather than design unity of a hypothetical original
form. However, currently there is uncertainty due to the lack of agreement for a standard
broch scheme and the need for more archaeological research. As most brochs in Scotland are
fragile ruins and only a few of them have been scientifically explored, they have been
conserved through basic consolidation for safety reasons in very localized methods,
primarily by archaeologists. All of them are open to the public but only a few are developed
as tourist sites. In both situations, none has shown the complete features of anything close to a
standard typology as a narrative of their origin and a few have interpreted correctly the
changes after Iron Age as narratives for modification. Significant conservation was
conducted often before full archaeological excavations and did not lead to a satisfying
architectural experience, so people still have a inconclusive image of brochs after a visit.
This paper studies the brochs through their collective concept as a building typology rather
than separate images of different sites. Conservation for brochs in Scotland could argue for
modern holistic projects that go beyond consolidation, exporting narratives from
archaeology to architecture.
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1

BROCH INTRODUCTION

1.1 Broch background
A broch is an Iron Age drystone hollow-walled structural type built from 800 BC to 250 AD
and found only in Scotland. However, due to the huge complexity of the building structure as
well as the long un-evidenced history, their conservation encounters much difficulty as their
archaeology can be very sporadic and controversial. Brochs are special monuments in Scotland
for three main characteristics.
¥ Brochs are double-circular-wall complex round houses. This characteristic is
outstanding because other Iron Age roundhouses in Europe do not have double-walls
with walking passage inside and they are quite smaller. The broch not only demonstrated
the understanding of circular space by those prehistoric communities, but also left much
mystery for our society with further discoveries through archaeological excavations,
dealing the sophistication of the Iron Age characteristics.
¥ Brochs are house types which are typically important to Scotland. Brochs are called
‘Complex Atlantic Roundhouses’ [1] which means complexity both in plans and
elevation, always in drystone masonry. The structure has typically demonstrated the
ability to survive in the Scottish climate and geographic conditions.
¥ Brochs as significant Iron Age drystone structures. The Iron Age is the final epoch of
the three-age system, preceded by the Stone Age (Neolithic) and the Bronze Age, in the
prehistory of Europe. The British Iron Age lasted in theory from the first significant use
of iron for tools and weapons in Britain to the Romanisation of the island. Also, drystone
is typically local building material even for now in the North of Scotland.
The Royal Commission on the Ancient and Historical Monuments of Scotland (RCAHMS)
identified a total of 571 candidate broch sites throughout the country [2]. Officially, there are
317 scheduled monument sites by Historic Environment Scotland (HES), which are designated
as brochs. Besides, on Canmore, a Scottish national online database of ancient monuments,
there are 860 records of archaeological sites which are brochs or possible brochs. MacKie, the
foremost Scottish scholar who had much academic contribution to the recording of brochs, has
said that ‘brochs are among the most striking of all the prehistoric monuments of Europe’ [3].
In general, brochs are important ancient monuments to both Scotland and Europe.
Based on these records, this paper studies brochs broadly as a building typology rather than
separate sites and, after reviewing the current range of their conservation approaches, argues
for modern holistic conservation projects that go beyond the current practice of consolidation,
exporting narratives from archaeology to architecture.
1.2 The definition of broch
Mackie [4] defined five main features across all brochs like 1) round plans, 2) thick walls,
3) size, 4) a ledge or scarcement on the inside wall face and 5) at least one of certain hollowwalled architectural features- classification of a site as a broch needs at least two of
characteristics 1 -4 above and in addition No.5. Based on this, hundreds of brochs could be
identified. However, due to the limited excavations or recordings, only the brochs with properly

991

Chang Liu, Dimitris Theodossopoulos

surveyed architectural plans are used for the statistical analysis in this paper. Based on the
information provided by Tanja Romankiewicz [5] for around 120 surveyed monuments, there
are no sites that look the same to another. Even the orientations of their entrance have no
demonstration of any preferences on any directions. However, there are some similar features,
like the staircases that are always going clockwise from ground floor to the upper floor.

Figure 1: The configuration of Revised Standard Model for Brochs [6]

These remarkable stone-built roundhouses contain some elaborate architectural features.
Their dry-stone walls were about 3m to 6m thick and internal diameters range between 5m and
20m. These dimensions could easily have supported tall structures and five out of more than
500 still survive to 9m or higher [5]. Presently, some diagrams of the original image of brochs
are widely known among the public, but they are conjecture due to the lack of supporting
evidence. Barber [6] studied several cases and suggested a revised model of a standard broch,
aiming to show they were all built to a standard canonical plan and their apparent diversity is a
product of modifications and natural decay (Figure 1).
2

BROCH CONSERVATION

2.1 Broch conservation situations
Brochs are ‘scheduled monuments’ in Scotland which offer strict conditions for investigation,
preservation, and recording of matters of archaeological or historical interest. A scheduled
monument in Scotland is a nationally important archaeological site or monument which is given
legal protection by being placed on a list (or "schedule") maintained by Historic Environment
Scotland and is governed by the Ancient Monuments and Archaeological Areas Act 1979 [7].
Brochs are open to public visitors in Scotland. A few of them are well preserved like Mousa
in Shetland, Midhowe in Orkney, and Dun Telve in Glenelg, which means usually surviving of
clear shapes or certain heights, aspects that determine the public’s view. The majority of brochs
however are ruins of stones, very difficult to interpret by an untrained eye.
The most prominent conservation projects were done by unprofessional antiquarians who
removed significant evidence to exhibit their own ideas of understanding a broch. For example,
one of the first brochs explored with the intention of obtaining and publishing useful
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information seems to have been the Howe of Hoxa on South Ronaldsay, Orkney, investigated
by George Petrie in 1848. The clearing out of Backies broch near Golspie in Sutherland is
equally memorable, and after visited by J. J. Worsaae in 1848 sketches were made that are the
earlier known records of those works [4]. From 1890 to 1901, Sir Francis Tress Barry, an
English businessman and antiquarian, excavated more than 10 brochs. However, Barry’s
excavation was limited by techniques and some of brochs were not fully excavated, which led
to artefacts removal and an absence of evidence recorded [6]. Therefore, a long process of
defining the origin for each roundhouse is apparently inevitable.
Even earlier changes in brochs are evident but these can be identified as essential
modifications of the original design during the archaeological study. For example, Mousa,
known as the tallest and most complete broch in Scotland, is assumed to have been modified
by a Norseman who completed the staircase up to the parapet [8]. This created a slightly
overhanging upper part of the tower, which does not appear in the other four tall brochs as Dun
Telve, Dun Troddan, Dun Carloway, and Dun Dornaigil (Fig. 2). Since Mousa is the most
complete surviving monument, it set a stereotype for the general public

Figure 2: The profile study of Dun Telve, Dun Troddan, Dun Carloway and Dun Dornaigil.

At present, due to extensive legislation by HES protecting ancient monuments, much less
external damage is expected. But brochs, as monuments with complex architectural features
and controversy in dating, deserve deeper considerations for their conservation compared to
other, historic monuments where the origin of buildings were documented, to make their
restoration meaningful. At present any restoration attempt is conservative primarily repairs and
consolidation for safety reasons in very localized areas, primarily by archaeologists, as most of
them are fragile ruins and only a few have been scientifically explored.
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As seen in Figure 3, an example of the recent practice is Clachtoll, where the entrance was
consolidated firstly and after archaeological excavation in 2018 the staircase was dismantled
and reassembled and all rubble at the interior was removed. The best-preserved tall brochs, like
dun Telve, though have been strengthened in undocumented campaigns so the extent of repairs
is difficult to ascertain. Gurness is a case where dating was misinterpreted or ignored (phases
that never co-existed were presented together) while Midhowe restoration actually brought back
features that the earlier clearing of the ruins had cancelled (edge-set slabs applied as external
buttresses against the N face of the broch wall) [6].

Figure 3: The consolidation in broch Dun Telve, Clachtoll and Gurness

Generally, the brochs conservation should work with the archaeology. The archaeological
research would offer an understanding of the building and architectural conservation should
inform future archaeological excavations. What happened to brochs, damage, or repair, if
identified with a date, has already become a historic event that needs to be considered in
conservation planning.
This is not in general too different to practice elsewhere in prehistoric towers in Europe.
The earlier nuraghe in Sardinia, for example, has invariably undergone interventions of fallen
debris clearance, wellhead consolidation, and protection, rehabilitation of the staircase, removal
of harmful past repairs, general re-integration of the fabric through partial reconstructions, etc
(see the cases of Palmavera, Majore, Ola, and Funtana). Temporary shoring and interior
clearance have also been the usual practice in the talaiots as Bronze Age megaliths on the
islands of Menorca and Majorca.
Broadly speaking, the monuments at present convey two meanings: their original design idea
and later modifications by people from different times. Being architectural structures, the need
for narratives is also investigated, in an attempt to enhance the sense of wholeness through
architectural experience.
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2.2 The need for narratives

Figure 4. The schematic board for Midhowe broch in Orkney.

The image of how a broch looks like has been spread to social media nowadays, but it cannot
represent all the brochs. For example, Figure 4 is one of the general images found on websites
or TV programs speculating on human life in brochs. Most of the images like this are based on
basic concepts like perfectly circular brochs built on even ground with constant galleries at
several levels which enabled cohabitation [1] where the animals live on the ground floor and
people in the upper floors. An immediate observation is that in reality there is a huge amount
of them built on a slope where the galleries are not perfectly horizontal. Moreover, the roof
form is only a conjecture as there is no evidence for shapes and materials.
Besides the five taller brochs mentioned in Figure 2, other brochs with lower height are
obviously different in the original form they convey. There have been some proper surveys on
brochs done by professional archaeologists and this research is looking at a collection of such
broch plans as collected on Canmore, the book ‘The complex roundhouses of the Scottish Iron
Age: an architectural analysis of complex Atlantic roundhouses (brochs and galleried duns),
with reference to wheelhouses and timber roundhouses’ written by Tanja Romankiewicz [5]
and the survey “The roundhouses, brochs, and wheelhouses of Atlantic Scotland c.700 BC-AD
500: architecture and material culture” written by Euan W. MacKie [4]. Also, archaeological
reports published in the recent 10 years offered surveys of Thrumster and Nybster which are
included in the data pool.
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Figure 5: The broch plan study of 51 brochs in Shetland, Orkney, Caithness and Sutherland

The plans of 51 brochs, which were professionally surveyed, are selected and divided into
groups based on their locations to study their design concept in multiple manifestations and
adaptations as seen in Figure 5. The building parameters are mainly overall sizes, the external
wall diameters of these brochs vary from 13m to 22m. The largest one, as Thrumster in
Caithness, is almost double the size of the smallest one (Norwall). The other important
parameter is circularity. The brochs in Caithness are much more circular-shaped except Keiss
Road and Thrumster due to their incomplete survived shapes, while there are ellipse-shaped
brochs like Backies and Carn Liath. Also, in terms of broch entrance, unlike other Iron age
monuments which would normally face the East, the point of the day where sun is rising from,
or south for the most sunlight, brochs’ entrances are quite diverse. Even in some location group,
brochs do not share a dominant direction. It indicates the ancient builders did not respond to the
four cardinal directions, representing sunlight and shadows. Also, some brochs had two
entrances, possible due to reuse in later times (like Yarrows),
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There are more variations in features like stacked voids, shape of lintels, the stone type of
course and bond type, and so on. The monuments are not some reproduced models of a typical
building but some works following a precise idea, a way of arranging living space and a
combination of feasible construction skills. Considering the different level of collapse and
damage on sites, each of them is so unique being in the collection of this complex house types.
Each broch does not offer much about the concepts to be understood easily, while a combination
of brochs would express the idea. This paper suggests the idea of seeing the monument concepts
and strategies for designs through a collection and a spectrum of different sites, rather than a
precise looking of one building object.
As the recent consolidation taking dominant places, the study of ancient building concepts
moderates this conservative situation and stimulate the sites to express ideas rather than just the
presence.
3 CONSERVATION OF BROCH RUINS
3.1 Theory: the ‘wholeness’ of ‘ruins’
Firstly, the broch remains should be treated as a whole building. Cesare Brandi [9] has much
emphasized the aesthetic value of the work saying ‘once that artistic nature is lost, nothing but
a relic remains’. Hence, the restoration should aim to re-establish the potential oneness of the
work of art, as long as this is possible without committing artistic or historical forgery, and
without erasing every trace of the passage through time in the work of art. The importance to
attribute the character of oneness to a work is very high— and specifically the oneness that
refers to the whole, and not the unity that is reached by the sum of its parts. The ruins, as have
been parts of the original work, should definitely not be taken separately into museum or an
archaeological park as the atmosphere, including light, is as material as the broch stones itself.
Brochs are impressive, which is much about the composition of the elements, the scale and
location of the buildings. Dry sandstones, or parts of the broch, can exhibit the culture of the
Iron Age and the “mystery” of the prehistoric building skills even if there is no mortar binder,
which often indicates a certain industrialisation of the building trades. The architectural values
of prehistoric houses require the wholeness of building, which provides the architectural
experience to the human beings.
At the present, the wholeness of the brochs Scotland is ruined in most cases. The ‘wholeness’
of the original is missing while the later modification become a new part of the whole. A.M.
Oteri [10] mentioned the ruins as “what remains” (of a construction, in our case) things become
more complicated and our interest in ruins is not only an aesthetic interest, like the beauty of
massive stones in Angkor Wat. Ruins are usually not as appreciated by people as restored
historic monuments. If the ruins cannot be visited by people, at least for sightseeing, the ruins
would normally have no other function and become so called ‘dead monuments’
However, the consolidation of broch ruins is actually expecting to turn an old stone ruin into
a newly repaired ruin, where conserved ones are still weak in demonstrating an architectural
work. A readable ruined site should be better for people to understand. Thus, the conservation
should go beyond the consolidation to find narratives for brochs to interpret the builders’ ideas.
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3.2 Consolidation dealing with structural problems

Figure 6: The dry-stone analysis of broch Midhowe.

Consolidation is definitely needed for long-existing monuments as the structures would
become quite fragile to collapse due to its material decay. As Figure 6 displays, the Orkney
flagstone used in Midhowe in Rousay is sandstone, which is a sedimentary rock. Based on the
observation of the broch, different levels of decay conditions appear on facade. In some brochs
which survived to a certain height, porous stones could be replaced especially in places like
inner galleries and chambers. However, if this building plans to be open to the public for visiting
or future archaeological excavations, it has to be consolidated for safety reasons. In the case of
Mousa, the interior and exterior wall faces were repined, and the corbelled walls of internal
passages were fixed even with steel structures so that people could climb up the stairs safely.

Figure 7: The consolidation of broch Ousdale
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In broch Ousdale which is an unusual broch embedded in the ground that has been heavily
damaged (Figure 7), the tree growing at the wellhead collapse was removed to clear the entrance
and the stones on the ground were reused to rebuild a part of the inner wall. The consolidation
work is definitely needed, where partial collapse happens and causes structural problems. Even
steel structures could be used to stabilize tilted walls after the stones repined.
3.3 Interpretive conservation
The conservation of an ancient monument like a broch is to protect its architectural, historic,
and archaeological values. However, the conservation of brochs could be more than that and
can stress the concept of their design to make them readable and offer an architectural
experience both for public and researchers. Completing architectural features can offer a precise
delimitation of space, like the low and narrow galleries showing there were possibly not many
people using them at the same time. These features, if existing in a whole broch, could be
highlighted to archaeologists to imagine the possible activities and frame the use of the artefact
found on sites. This would require the conservation of broch to be interpretive. The interpretive
conservation and it has two levels of meaning:
1) Correct past conservation errors if later scientific research proved them wrong.
2) Clarify features if they are confusing.
Correcting the errors mainly aims to keep pace with the present archaeology research which
may disprove the previous statements which have already influenced the finished conservation
project, like the case of Gurness as discussed above. The clarification of important features is
quite important for people’s recognition of the monuments. For example, we could see the
difference through a case study of the scarcements in brochs.
The scarcement in a broch means the stones jut out from the inner wall of brochs, to probably
support a raised annular floor and perhaps also a low roof [11]. Broch could have two
scarcements judging from the five tall brochs, where the lower scarcement is around 1.2 meters
above ground and higher scarcement is near the wall head (Figure 8). A scarcement is usually
constant on the same plane, and this might not be fully horizontal. It could stay parallel to the
sloping ground, like in the case of Caisteal Grugaig. The low scarcement would make floor area
at least double, which is much related to the need to build stairs going up, and the high
scarcement would make the roof possible.

Figure 8. The section of Dun Troddan and the view of inner wall in Carn Liath
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Compared to Figure 1, the curved ‘possible scarcement’ in Figure 8 in the inner wall circle
in Carn Liath is sort of misleading. which is different from brochs nearby, like Ousdale and
Dunbeath. The site was proved to be occupied in the Bronze Age before a broch was built [12].
As it was suggested as scarcement by Mackie [13], however, John Barber [6] found the scale
errors in drawings which failed to find the proper position of the inner wall face. He proved that
the curved scarcement was either caused by the structural failure, or by the reconstruction of
the tower at and above that level which was returned. Therefore, the origin of scarcement is
either lost or covered in the ‘possible scarcement’ which is actually an inner lining wall face
built attached to the real inner wall face. Therefore, the dimensions and scarcement features of
the conserved broch Carn Liath offer wrong images of this type.
If the additional inner lining wall face could be removed which accepts this result of
scarcements missing, people might still agree that a broch without clear scarcement is still a
broch, as the existing building is original. Like in the broch of Jarlshof, only half of the broch
has survived due to the coastal erosion, while it has shown the clear and proper broch features

Figure 9. Steel bars highlight the original inner wall face in Carn Liath

If more evidence or findings are needed to confirm the changes in the conserved sits, a mark
on the wrong parts of brochs should be possible. Removable structures, like steel bars as seen
in Figure 9, could be used to make up the collapsed parts and the original wall head of inner
wall, which could offer the impression of the function of the building elements and the sense
of building scale without damaging the archaeological site. However, under the concept of
being interpretive, there would be a question about what level of impact should this approach
reach. In Article 9 of the Venice Charter, it stated that ‘any extra work which is indispensable
must be distinct from the architectural composition and must bear a contemporary stamp’ [14],
which stressed the importance of respect for original material and authentic documents. For
brochs here, the authenticity lies in the ruins and the archaeological values should have priority
to be considered. The interpretive conservation for brochs should not repair them with the same
sandstones as being confusing or fake. Importantly, the added materials should always be
removable to get rid of damages caused by improper conservation decisions.
Generally, the architectural features could be seen as the choices the original builders made
when they were designing. Some features are quite subtle showing their thoughts or attitudes
towards the environment. The brochs could not be understood properly if the integrity of the
features among all the brochs were not well studied and thus lead to a loss of richness in design.
The interpretive conservation would focus much on the origin of brochs, therefore, the
correction of mistakes in unprofessional excavations or consolidation and clarification of
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important features have become necessary. This would allow possible misjudgments in
archaeology research at present and in the future as the reversible changes on prehistoric sites
would mainly eliminate misunderstandings caused by modification and conservation.
4 CONCLUSIONS
The architectural features could be seen as the choices the original builders made when they
were designing. The origin of brochs as rich designs and architectural spaces would ask for
more interpretive works on ruined sites. The current range of conservation for brochs in
Scotland could argue for modern holistic conservation projects that go beyond consolidation to
find narratives for the building concepts from archaeology to architecture for Scottish brochs.
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Abstract. The seismic events occurred in Italy in the last decay (L’Aquila 2009, Emilia
2012, Central Italy Earthquakes 2016/2017) have caused the collapse of numerous historical
buildings and monuments with loss of life and irreversible damages to the cultural heritage.
An effective seismic prevention would avoid, or delay, the most frequent collapse
mechanisms. However, it requires a correct interpretation of the structural mechanical
behavior. With regard to the traditional masonry buildings, this issue presents a high level of
complexity due to the uncertainties related to the materials and the constructive techniques.
Furthermore, historic buildings are often the result of several modifications that induce
significant structural irregularities. A possible analysis strategy is provided by a discrete
macro-element modelling (DMEM) approach which is able to simulate the global behavior of
traditional fabrics, if supported by an adequate level of historic, geometrical, constructive
and structural knowledge. In this paper a multidisciplinary procedure is applied to the church
of S. Sebastiano in Regalbuto (Italy), considered as case study. This procedure is composed of
three steps: the knowledge phase in which the constructive apparatus and the static schemes
are identified, the modelling phase and the assessment phase in which the current safety level
of the building and possible interventions that would be compatible with its cultural instance,
are individuated. According to the followed procedure, different scenarios of intervention,
characterized by increasing levels of benefit and invasiveness, are considered. For each
scenario, non-linear static push-over analyses are performed, to evaluate the benefits and
identify the structural critical issues, useful to individuate the next scenario. The obtained
results are presented and discussed both in terms of capacity curves and failure mechanisms.
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1

INTRODUCTION

The seismic protection of a historical masonry building is usually pursued not only aiming
at the safety of the structure, at minimizing the human losses and at limiting the damage to its
content, but also adopting techniques respectful of the original constructive concepts and
employing reversible strategies which are aspects commonly included in the retrofitting
design process.
When it comes to churches the choices are even more difficult and strategic for several
additional reasons; the relevance of the building with respect to the loss of human lives is very
high, but the structure also assumes an additional importance because of its historical, social
and artistic value. A further aspect to be considered is that churches do not behave as ordinary
buildings from a structural point of view; indeed, they usually present tall walls as well as
lack of slabs and spinal walls which prevent to attribute to such structures a box behaviour,
typical of ordinary buildings. For the mentioned reasons, the walls of masonry churches and
their façades exhibit a keen tendency to overturn, and the out-of-plane mechanisms are
usually limited by the presence of tie rods and buttresses. However, traditional seismic
protection devices cannot be considered as general and thorough retrofitting strategies, also in
the light of the stringent standards introduced with the recent codes [1,2]. In particular, in
some cases the adoption of reinforcements based on steel members and the application of
fiber-reinforced textiles are strategies commonly adopted by practitioners. Such approaches
imply an increasing level of invasiveness of the strengthening interventions, which have to be
carefully calibrated and weighed in order to obtain the desired compromise between safety
and conservation of the original constructive apparatus.
In this paper, a single nave church exhibiting recurring features, is studied. The S.
Sebastiano church in Regalbuto (Italy) is carefully investigated from the constructive point of
view, through a detailed survey made also with photogrammetric methodology, and
identifying the principal building elements. The constructive analysis allows estimating the
mechanical properties adopted in the structural model by means of the rules proposed in [3].
In addition, the achieved level of knowledge of the building turned out to be crucial for a
more conscious choice of the retrofitting strategy.
Then, a global numerical model aiming at the assessment of the seismic vulnerability of
the church is implemented. The adopted discrete macro-element modelling (DMEM) strategy
[4,5] is able to perform reliable nonlinear static analyses with a limited computational burden
and has already been applied to masonry churches [6,7]. Nonlinear pushover analyses have
been conducted on the model in order to evaluate the current seismic safety of the church.
Then, three different retrofitting scenarios have been considered and modelled, with
increasing levels of safety and invasiveness. The considered techniques include traditional
and innovative strategies, which are duly modelled, and their effectiveness is properly
estimated. The three different possible strengthening approaches are intended to be a
contribution towards a reasoned design process, which should be an enlightened compromise
among safety, conservation and cost of the intervention, as better clarified in the comparative
analysis reported at the end of the paper and in the conclusive section.
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2 TOWARDS A REASONED CHOICE OF RETROFITTING STRATEGIES OF
HISTORICAL MASONRY BUILDINGS
The choice of the best possible strengthening strategy for masonry buildings represents a
topic with a high practical interest for which no general rule can be employed. This difficulty
becomes even harder for historical masonry buildings, since additional aspects, such as the
preservation of the cultural value of the building and the possible high loss of human lives in
case of seismic events, have to be accounted for.
Usually the strengthening techniques to be applied are selected according to basic
principles of the restoration of buildings. The adopted techniques must respect the criteria of
reversibility, low invasiveness, minimum intervention, recognizability of the original
structural scheme, chemical, physical and mechanical compatibility, durability [8]. Such
principles are nowadays universally accepted and followed. Nevertheless, there are some
additional aspects which are also accounted for when conceiving a strengthening intervention,
that is the economic cost and the achieved level of safety.
To this purpose, in this paper a methodology to get to a reasoned choice of the retrofitting
strategy for historical masonry building, is proposed. In particular, three stages are identified.
The first stage includes the constructive assessment of the building in the current
conditions and the seismic assessment through a global numerical model on which nonlinear
static analyses are performed. This stage aims at identifying the original structural scheme of
the building, at evaluating the mechanical properties of the masonry and at assessing the main
vulnerabilities of the structure through the interpretation of the results obtained by the
numerical analyses.
The second stage consists in designing several retrofitting strategies with increasing
invasiveness and effectiveness to apply on the structure in order to progressively reduce the
vulnerabilities of the building. For each level of intervention, a complete seismic assessment
is needed, aiming at removing the weaknesses with the highest vulnerability observed at the
previous level. In such a way, increasing levels of safety factor will be obtained.
Finally, the last stage consists in the interpretation of the results and in the better decision
for the strengthening strategy to be adopted. In particular, safety factor, economic cost and
invasiveness of the intervention have to be weighted evaluating pros and cons of each level of
considered strengthening contribution. The proposed methodology aims at more aware
choices of the intervention, able to account for the main aspects which should guide a
retrofitting design of historical masonry building.
In the following section the briefly described methodology is applied to a meaningful case
study, that is the S. Sebastiano church in Regalbuto (Italy).
3

THE CASE STUDY: S. SEBASTIANO CHURCH

The study of traditional buildings must be framed in the context of an analysis and design
process that is very different from the usual ones followed, for example, in the field of new
construction. Firstly, when built heritage is considered, an in-depth knowledge of the building
is required. Moreover, since in the case of historic masonry buildings are usually of complex
nature, it is necessary to get all the possible information according to different points of view
in order to read and understand all signs that time has left on them. Therefore, for each
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building, its own story (regarding its construction and every transformation occurred on it)
has to be reconstructed; in addition, a geometric-spatial investigation of the current state of
the building and a technical-constructive analysis must be carried out aimed at identifying
material, processes and constructive technologies. Only after having collected all the
mentioned data, it will be possible to define compatible strategies to ensure the conservation
of the building.
3.1 The constructive assessment of the church
San Sebastiano church is located in the homonymous district in Regalbuto, a small town in
the province of Enna (Sicily, southern Italy) of about six thousand inhabitants. There is
inadequate information regard its construction. It was probably built between the end of 14th
century and the beginning of 15th century and it was a confraternity church strongly desired
by the faithful. The homonymous neighbourhood developed around it after its construction,
Figure 1.

Old town
S. Sebastian Church

Regalbuto

Figure 1: Territorial context

The church is structurally isolated and has a spatial organization that can be divided into three
parts: single nave church having a longitudinal development (1), a lower adjacent volume
which houses the former oratorio (2) and the bell tower (3), Figure 2a. The size of the nave is
24.50x8.00 m. The horizontal closure is made by a masonry barrel vault whose minimum and
average thicknesses are equal to 15 cm and 18 cm, respectively. Above the masonry vault
there is a pitched roof. The church is entirely built with sandstone ashlars units with lime
mortar, often used in the nearby area for similar historic buildings, Figure 2b. The thickness
of the walls is variable: nave’s walls have a thickness of 90 cm; lower volume’s walls are 80
cm-thick and the bell tower’s walls have a thickness of 60 cm.
No documents have been found attesting next interventions on the building. However, it is
conceivable to believe that some static aids, such as tie rods in the main vault and buttress on
one of the longitudinal walls, have been inserted after the construction of the building, Figure
3. The spatiality of the church was determined by direct survey, Figure 4a, and by the use of
structure from motion methodology, Figure 4b.
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(a)

(b)

Figure 2: (a) Spatial organitazion of the building: 1 Church; 2 Former oratorio; 3 Bell tower. (b) Constructive section: 1
Sicilian tiles; 2 Wooden trestles; 3 Wooden beam; 4 Masonry barrel Vault; 5 Masonry with badly connected buttress:
irregular sanstone ashlars and lime

Figure 3: Internal views

(a) (b)
Figure 4: (a) External façades and (b) church model obtained with structure from motion methodology

3.2 The assessment of the mechanical properties through the quality of the masonry
media
For the identification of masonry’s mechanical characteristics, it was carried out an analysis
of masonry quality, based on visual examination, that allowed us to express a qualitative
overall judgment regarding compliance with the “rules of art”. The judgment was expressed
in terms of “Respected” (“R”), “Not respected” (“NR”), “Partially respected” (“PR”) as
proposed by Borri et al. (2015) [3]. This evaluation was carried out through the so-called
“scoring method”. This method involves the characterization of a wall panel subject to
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different load conditions. In fact, the parameters that define the “rules of art” influence in a
different way the response of the wall according to its load condition. The result is an index
called IQM (Index of Quality of Masonry) for each applied load. Through this index a
category is assigned to the masonry. There are three categories: category “A” (good behavior
of masonry), category “B” (medium behavior of masonry), category “C” (insufficient
behavior of masonry). The assigned score for each load condition is highlighted in Table 1.
The IQM evaluation is aimed at obtaining an estimation of the mechanical parameters when
there is no data available from in situ tests. A range of plausible values for three mechanical
parameters, Young’s modulus (E), compressive strength (fm) and shear strength (τ0), is
associated, through an empiric relationship, to each value of IQM is associated, Figure 5; the
considered upper and lower bounds of the mechanical properties are identified in blue and
red, respectively. The analytical functions of the empiric correlations, previously recalled, are
reported in [3]. The grid of scores for the vertical actions (suitable to determine the
compressive strength and the Young’s modulus) and for the in-plane actions (employed to
estimate the shear strength) are summarized in the following Table 1, where the scores given
to masonry media of the case study are highlighted. The value of IQM is computed as
IQM = RE. EL ×(OR. +P. D. +F. EL. +S. G. +D. EL. +MA. ) for each load condition and the obtained
ranges of the mechanical properties result: !! = 1.38 − 2.39 !/!!! ; !! = 0.028 −
0.043 !/!!! ; ! = 743.22 − 1093.09 !/!!! .

Figure 5: Relationship between IQM and fm (to the left), τ0 (in the center) e E (to the right)
Table 1: Scoring Method [3].
Parameter
O.R. (Horizontality of the rows)
P.D. (Presence of diatons)
F.EL. (Resistant elements shape)
S.G. (Vertical joints offset)
D.EL. (Resistant elements size)
MA. (Mortar quality)
RE.EL. (Resistance of stone elements)
IQM

4

Vertical action
NR
0
0
0
0
0
0
0.3

PR
1
1
1.5
0.5
0.5
0.5
0.7
1.75

In-plane action
R
2
1
3
1
1
2
1

NR
0
0
0
0
0
0
0.3

PR
0.5
1
1
1
0.5
1
0.7
1.75

R
1
2
2
2
1
2
1

SEISMIC ASSESSMENT OF THE CHURCH

In this section a numerical assessment of the seismic safety of the church is performed. In
particular, in the first subsection the adopted numerical model based on a DMEM approach is
briefly recalled. Then, after evaluating the safety of structure in its current state, three possible
strengthening scenarios are described and their effectiveness is numerically assessed and
compared to each other.
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4.1 The adopted numerical model
In this work a numerical strategy based on a discrete macro-model, already available in the
literature, is employed for the nonlinear numerical simulations of both unreinforced and FRP
reinforced masonry structures. According to this approach, the masonry is modeled through
an equivalent mechanical scheme constituted by a hinged quadrilateral endowed with one or
two diagonal links to rule the diagonal shear cracking, and interacting with contiguous
elements along its four edges by means of nonlinear discrete interfaces which govern the
flexional and the sliding behavior. Each discrete interface is made of a single or multiple
(according to the model) rows of transversal links for the flexional behavior and single or
multiple (according to the model) sliding links. The different stages of this discrete element
are reported in Figure 6. This approach was originally introduced for modeling the in-plane
behavior of Unreinforced Masonry Structures [9], Figure 6a. This plane element possesses
four degrees of freedom, a single row of transversal links and a single in-plane sliding link,
and is able to model the main failure mechanisms of the masonry in its own plane, as long as
a proper calibration procedure of the links is adopted. Two subsequent upgrades were
achieved to expand the potentialities of the approach. First, the out of plane (spatial) behavior,
typical of historical constructions, was added [10] by considering additional rows of
transversal links and two additional out-of-plane sliding links (able to govern the out of plane
shear behavior and the torsion), thus enabling the out of plane degrees of freedom, Figure 5b.
Subsequently, a further upgrade was introduced considering a shell macro-element
characterized by an irregular geometry, variable thickness along the element and skew
interfaces [11] in order to deal with structures with a curved geometry, such as vaults and
domes, Figure 6c. The calibration procedures, concerning the mechanical properties of the
links, were properly extended in order to account for the more complicated geometry of the
element, but keeping the same general philosophy. Numerical and experimental validations of
the proposed approach, with reference to full scale structures can be found in [5].
Finally, in order to model the interaction with FRP strips a textile, the model was further
upgraded with the introduction of a flat element (to model the composite strips), able to
interact with the masonry substrate by means of discrete interfaces, Figure 7, for which
specific calibration procedures were duly introduced and validated [12].

(a)

(b)

(c)

Figure 6: Layout of the macro-element adopted for masonry at its three stages: (a) plane element, (b) spatial regular element
and (c) three-dimensional element for curved structures.
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Figure 7: Layout of the interaction between flat FRP discrete element and masonry substrate [12].

4.2 Numerical results and comparative analysis of different strengthening scenarios
The entire church was modelled by a discrete 3d model developed by using an average
mesh size of about 100 cm. This mesh of elements has been refined when it was necessary
(for example for arched openings). The numerical model is made of 1159 quadrilateral shear
deformable elements, 32 triangular shear rigid elements and 2388 interfaces, which are
associated to a total amount of 8305 degrees of freedom. The model discretization has been
chosen with the aim of combining reliable results with a limited computational burden. In
Figure 8 two significant views of the model implemented in the software HiStrA [13] are
depicted, and the adopted reference system is identified.
In addition to the self-weight of the elements, overloads associated to non-structural
elements are applied as line loads, according to the characteristic values reported in Tables 2.
The diagonal shear mechanism is calibrated according to the Turnsek-Cacovic dominium
while the sliding mechanism is managed by the Mohr-Coulomb criteria (enabled in
correspondence of the connection between the buttresses and longitudinal walls only). The
complete set of the mechanical parameters adopted in the analyses, estimated according the
masonry characterization reported in the previous section, are reported in Table 3, where
average values with respect to the identified ranges are selected.
Table 2: Applied loads
Central nave
2.49 kN/m

Former oratorio
3.88 kN/m

Bell tower
1.17 kN/m

Barrel vault
22.64 kN/m

Figure 8: Numerical model and adopted reference system.
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Table 2: Mechanical parameters adopted in the numerical model

2

E [N/mm ]
950

Rocking mechanism
Tensile
Compression
Gt [N/mm]
Gc
fm
ft
2
2
[N/mm ] [N/mm]
[N/mm ]
0.035
0.01
1.88
1

Shear mechanism
2

Sliding mechanism
2

G [N/mm ]

τ0 [N/mm ]

c

Μ

500

0.035

0.15

0.7

The first 8 fundamental periods with the effective mass ratios and the cumulated participating
masses along the transversal (x) and the longitudinal directions (y) are listed in the following
Table 4. In Figure 9 the modes with highest participating mass are reported, showing the
absence of global modes and how the longitudinal walls are keen to the out-of-plane response.
Nonlinear static analyses were performed considering mass proportional load distributions
along the four main directions of the building. The results are reported in terms of capacity
curves, Figure 10, and failure mechanisms, Table 5 (first row). The capacity curves are
reported in terms of top displacement of the façade (point 1) and longitudinal walls (point 2)
versus the base shear coefficient (base shear normalized by the total weight). The collapse
mechanisms show that the longitudinal walls and the façade are keen to overturn due to the
lack of horizontal elements and the inefficacy of the buttresses; the base shear coefficients
range between 0.25 in the transversal direction to approximately 0.37 in the longitudinal
direction (pushing the façade).
Table 3: Vibration modes
Mode

Period [s]

Mx [%]

My [%]

∑ Mx [%]

∑ My [%]

1

0.341

10.02

0.01

10.02

0.01

2

0.2442

13.7

0

23.72

0.01

3

0.2094

4.8

0

28.52

0.01

4

0.1736

0.05

0.29

28.57

0.3

5

0.1665

0.01

0.61

28.58

0.91

6

0.1372

11.92

0.94

40.5

1.85

7

0.1318

1.83

8.89

42.33

10.74

8

0.1264

0.03

5.2

42.36

15.94

(a)

(b)

(c)

Figure 9: Vibration modes: (a) first, (b) second, (c) third and (d) seventh
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In order to increase the seismic global behaviour of the structure, three different retrofitting
scenarios have been considered and modelled. The first scenario, Figure 10a, consists in
restoring and effective connection of the buttresses with the longitudinal walls (no sliding can
occur in the numerical model) and in the re-tensioning of already existing tie rods; the second
scenario, Figure 10b, includes the complete replacement of the roof with a steel and wooden
roof connected to the masonry with a reinforced masonry ring beam; the last strengthening
scenario, Figure 10c, consists in the use of fiber-reinforced composite material with a lime
mortar matrix on the main façade of the building. This scenario is compatible with the cultural
instance of the building because the fiber strips would be hidden by a new lime plaster over
the facade. The three scenarios have been conceived as ‘additional’ in that the second scenario
includes the intervention of the first one, and the third scenario also includes those associated
to the first two strengthening scenarios.
The capacity curves of the reinforcing scenario are reported in Figure 11 whereas the collapse
mechanisms are reported in Table 5 (second to fourth rows). The second retrofitting scenario,
ensuring an effective horizontal constraint at the roof level, provides an evident contribution
to the global behaviour of the structure. Consequently, both the global lateral strength and
ductility capacity of the structure increased when compared to the unreinforced configuration.
Moreover, the second scenario avoids the global out-of-plane failure of the façade, predicted
in the unreinforced state. The first and the third scenarios do not provide a significant
contribution to the global response. However, the third scenario reduces the out-of-plane
displacements of the façade when compared to the scenario 2 (see Table 5).

(a)

(b)

b

Figure 10: Retrofitting scenarios: (a) Scenario 1, (b) Scenario 2 and (c) Scenario 3

Figure 11: Capacity curves
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Table 5: Failure mechanism

-x

+y

-y

SCENARIO 3

SCENARIO 2

SCENARIO 1

CURRENT
CONDITION

+x

6

CONCLUSIONS

In this study a comprehensive analysis of a monumental structure is presented. The chosen
case study is analyzed from the constructive point of view, identifying the main features of
the building. Then, a numerical model is implemented in the framework of a DMEM
environment to assess its safety with respect to seismic conditions, and nonlinear analyses are
performed considering the current configuration. Based on the obtained results, three different
strengthening scenarios are modelled and analyzed. The three scenarios are conceived as
additive strategies, with the aim of identifying the progressive benefits and invasiveness. In
particular, the first and the second interventions are selected considering traditional
techniques (restoring the original connection between orthogonal walls, re-tensioning the
existing tie rods, inserting a masonry ring beam). Although the traditional techniques, whose
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application was found inside the church, showed their capability to limit some of the
vulnerabilities of the church, in the last considered scenario, the application of fiberreinforced strips in the main façade has been included in the overall retrofitting strategy. This
progressive strengthening design was proposed as a reasoned methodology able to identify the
impact to the global safety of the building of each of the considered measures both in terms of
structural improvements, economic cost and invasiveness, and might be applied to other
historical buildings. Their weaknesses can be rarely removed with a single measure, but rather
require a comprehensive design, starting with a deep preliminary knowledge, and including
several, but always compatible, strengthening methodologies [14].
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Abstract. Nowadays it is widely recognized that structural interventions on cultural heritage
buildings shall comply with the minimum intervention principle. The main goal is to enhance
the structural capacity respecting, at the same time, the authenticity of the monument. As such,
the correct interpretation of the current damage is a first fundamental step in the design of an
efficient structural intervention. Within this framework, the paper presents the results of an in
depth investigation carried out to assess the structural capacity of a complex monument
affected by several deficiencies. The case study is the convent of Saint Domenico, a seventeenth
century’s masonry structure, belonging to the traditional architectural typology of the court
building. The building is located in Maiori, a small town in the Amalfi Coast (Italy), included
in the UNESCO World Heritage List since 1997 for its great cultural and naturalistic interest.
The structure was abandoned during the 80s, and currently presents an extensive and diffuse
crack pattern that is the consequence of several causes such as: the natural aging of material,
the lack of maintenance, the modifications occurred during the centuries, the seismic events
occurred in the past and the poor quality of the foundation soil. In this paper, starting from the
knowledge acquisition path of the whole Convent, a special focus on the structural behavior of
the East wing is provided. A numerical model of a cross section of the wing has been developed
and analyzed considering the effects of lateral loads and settlements. The numerical analyses
are carried out using LiaBlock_3D, an in-house software tool for the limit equilibrium analysis
of rigid block assemblages. Results of the analyses are discussed in details and a comparison
with the actual crack pattern of the structure is provided as well.
1

INTRODUCTION

The Convent of Saint Domenico (fig.1) is a seventeenth century’s masonry building located
in Maiori, a small town of the Amalfi Coast (Salerno, Italy), which is inscribed in the UNESCO
World Heritage List since 1997, as it was recognized an “outstanding example of the
Mediterranean landscape, with exceptional cultural and natural scenic values resulting from
its dramatic topography and historical evolution”[1].
The importance of the building is related to its uniqueness features. Indeed, it contains
interesting details of baroque architecture and remarkable artistic works, such as a fresco by the
local painter Gaetano Capone.
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Very few buildings along the Coast can compete with its dimensions, whereby it represents
an important spatial resource for the city and the entire coastal area. Furthermore, it is one of
the few surviving elements of the historical urban fabric of Maiori.
From a structural assessment point of view, the analysis of the current performances of the
building is very challenging. First of all, the actual structural configuration is really complex,
because several manipulations were carried out over the centuries to adapt the original layout
to new uses. Besides, the state of conservation of materials and structural components is very
poor: the building shows a severe deterioration, as it was abandoned since the ’80, when a
strong earthquake produced severe damages, and it has never been restored. Finally, the
Convent is also threatened by several natural hazards, being exposed to high landslides risk, to
floods, and to earthquakes, which already hit the building in the recent past.

Figure 1. Aerial view of the Convent of Saint Domenico in Maiori town. (Salerno, Italy).

As a matter of fact, a proper interpretation of the actual performances of the Convent of Saint
Domenico requires an interdisciplinary and multidisciplinary approach, where experts coming
from different fields of expertise, provide their contributions to proper characterize the hazards
that threaten the building and quantify its vulnerability. Indeed, this case study is under
investigation within the framework of the research project PERICLES- funded by the Italian
Ministry of Education, Universities and Research in 2017- and aimed to develop sustainable
strategies for the protection of the Cultural Heritage threatened by natural hazards[2].
Within the framework of the present study, a detailed analysis of a portion of the Convent is
presented and a set of numerical analyses are carried out to evaluate the structural capacity of
the selected part against lateral loads and settlement. The structural analyses were carried out
using LiABlock_3D, an in-house software tool for the limit equilibrium analysis of masonry
structures modelled as an assemblage of three-dimensional blocky structures, which provides
as output the most vulnerable collapse mechanism for a given loading condition [3][4]. The
software is based on a ‘point-contact’ formulation and implements the lower bound problem of
limit analysis. The numerical model is an assemblage of rigid bodies interacting one another

1015

R. Landolfo. C. Tarantino, F. Portioli and L. Cascini

through no tension-friction contacts characterized by infinite compressive strength. Static
variables are the unknown shear forces and the normal force acting at each contact point. The
external forces are the known dead loads and the live loads acting at the centroid of each block,
the last ones being expressed as a function of the other unknown of the static limit analysis
problem, that is the collapse load multiplier. The failure mechanism associated to the solution
of the lower bound problem is derived from the kinematic variables which can be obtained from
the dual limit analysis problem, corresponding to the upper bound - or displacement based formulation. Further details of the formulation can be found in [3][4].
It should be noted that similar modelling approaches based on thrust line analysis or
variational formulation for limit analysis of failure mechanisms induced by settlements have
been also developed in the literature [5]. Incremental solution procedures based on rigid blocks
interacting at unilateral contact interfaces for the analysis of the response in the large
displacement regime were presented in [6][7]. Applications of alternative numerical formulations
can be also found in the literature such as the distinct element method [8], homogenized,
discontinuous or block-based finite element models [9][10][11][12] and rigid-body spring models
[13]
. The non-smooth contact dynamic method was also applied for the analysis of masonry
panels subjected to settlements [14].
The paper is structured as followings: section 2 introduces the case study, providing the most
relevant historical information useful for the structural characterization of the building. In
Section 3 a damage analysis is introduced and details of the surveyed crack patter are reported.
The numerical model developed for this study is presented in Section 4, while Section 5 deals
with the analysis carried out for lateral loads and settlement. Finally, within the same section,
a comparison with the observed damage is provided.
2 THE CONVENT OF SAINT DOMENICO
2.1 Brief history of the building
The Convent of S. Domenico in Maiori is a porticoed courtyard building (Fig.2),
characterized by a complex plan configuration, which is the consequence of several
manipulations and adaptation carried out during the centuries, to solve unexpected problems
and adapt the construction to new functions[15]. The construction process, which started in
1650th, was long and complicated, due to several structural instabilities caused by the poor
quality of foundation soils. In the 1809, after the suppression of the religious Orders, the
Convent was abandoned and left without any use for about 50 years. In 1865, the local
Authorities acquired the whole building and settled inside three different functions: the northside of the ground floor of the Convent became a courthouse, the south-west a jail and the whole
first floor became a school. Consequently, very invasive restoration works were carried out to
adapt the old construction to the new functions: lofts were created at the ground floors and new
windows were opened in the bearing walls. At the first floor, large arched openings were created
in the transverse walls to define the classrooms, enlarging the old monks’ cells. In 1980, a strong
earthquake heavy damaged the structures and subsequently the building was definitively closed
and abandoned. In 1985, a new project of restoration was launched but only partially completed,
due to the lack of funds. Nowadays, the building is still closed, abandoned and in critical
condition and used by the administration as a warehouse.
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2.2 Description of the building
The Convent of San Domenico is composed by four bodies of different width and height,
placed around a square courtyard of 32 side length meters. Two of them (the east and the north
blocks) develop for two levels, while the last two (the South and the West blocks) feature a
single above-ground level and only consist of a portico covered by a panoramic terrace facing
the sea (fig 2).

Figure 2.: The architectural asset of the Convent of Saint Domenico: 1) the courtyard; 2) the portico; 3) the big
ground floor halls; 4) the first floor corridor; 5) the monks’ cells; 6) the Church.

The Church is located on the south east corner, connected to the cloister along the edge, and
sharing with it a bearing wall. At the ground floor, along the north and the east sides big barrel
vaulted halls open off, while the south and west porticos have blind back walls. On the first
floor a long corridor runs the whole building and serves all the rooms once being the monks’
cells. The vertical connection was once granted by two stairways. The one on the east side is a
three ramps stairway, covered with flying barrel vaults. That on the west side was cut after the
first ramp by the nineteenth century’s transformations, thus it is no longer serviceable.
The thickness of the masonry walls ranges between 1,2 meters (at the ground floor) and 0,6
meters (on the last level). The horizontal structures consist of a great variety of vaulted
structures made of yellow tuff: big barrel vaults cover the rooms at the ground floor, while
cloister vaults roof the sequence of monastery cells; groin vaults span along the portico and the
corridor at the first floor. The roof is made by double slopes timber structures, covered by clay
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romanstyle tiles. The foundation structures are disomogeneous and placed on different laying
surfaces: superficial continuous masonry foundations, in calcareous stone; deep masonry
foundations of pillars connected by arches, in calcareous stone; deep masonry foundations of
pillars connected by walls, in calcareous stone.
The east wing, which is the focus of the present paper, is characterized by a modular scheme
of large square rooms at the ground floor, 8.00 m large and 9.00 width, covered by barrel vaults,
7.00 meters high at the ceilings. Smaller rooms are located on the first floor, with an average
area of 16 m2 each, and covered by square cloister vaults, 4.00 m large. The masonry walls at
ground floor are made of roughly cut stones of variable dimensions and presents and average
thickness of 1.00 m. At the first floor, masonry walls are made of grey tuff blocks with an
average thickness of 0.80 m. Special conditions can be observed in the building elevation,
where it is possible to find a relevant number of masonry walls that lean against the top of the
barrel vault of the lower floor.
Details of the damage status of the whole building and of the selected wing are provided
hereafter.
3 THE DAMAGE SURVEY
The building currently exhibits an extensive and diffuse crack pattern that, generally
speaking, presents recurrent elements and increases in intensity and thickness from the ground
upwards (Fig. 3).

Figure 3. Damage pattern at the first floor
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The groin vaults of the portico and of the corridor at the first floor show cracks in the
centerline and at the attachment to the walls, corresponding to the typical three-hinged
mechanism; the trough vaults of the monks’ cells exhibit diagonal cracks and multiple dense
cracks parallel to the courtside wall.
As for the East wing (Fig. 4), a different crack pattern is observed, which differs from the
one observed in the rest of the building. Indeed, the big barrel vaults of the ground floor halls
are completely detached from the head wall separating them from the court. At the first floor,
the trough vaults of the monks’ cells on the courtside show a more complex and braided crack
pattern. Parabolic fissures develop on the shear/transverse walls and some cracks open out on
the floors.
A partial collapse of the roof can be observed at the middle length of the block, not referable
to a break of the timber structure, which still appears in good conditions. Moreover, the presence
of sub vertical cracks on the foundation arches in the south-east corner is reported by the
geognostic study associated to the 1987 restoration project.
The interpretation of the crack pattern in this area of the building is not straightforward, as
it seems to be the result of different phenomena that acted on the building. As such, a numerical
model of a recurrent section type of the east wing was developed and analyzed for different
loading conditions, as discussed in the following sections.

Figure 4.: Crack pattern in the East wing
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4

NUMERICAL MODEL OF THE EAST WING

The numerical model of the east wing (Fig. 5) was developed for a characteristic transverse
section, which is representative of the whole wing, considering the modularity of this part of
the Convent. The section is obtained in correspondence of the symmetry plane between two
consecutive spans of the portico and includes the most relevant structural elements of the wing.
These are: at the ground floor, the arch separating the crossing vaults of the portico, and the
barrel vault of the big hall on the back, in its centerline; at the first floor, the transverse walls
between the monks’ cells, with their low arch inner openings, and the arch between the crossing
vaults of the central corridor. Also the timber roof was included in the model.
To solve some modelling issues deriving from the gap between the two dimensional model
and the three dimensional conception of the construction, special components were created.
It is the case of the sub arch of the ground floor barrel vault, which develops in the orthogonal
direction of the plane considered in the analysis. A support block has been introduced in its
place to sustain the left wall of the first floor corridor. A similar condition is that of the barrel
vault, which appears in its axial section. In order to consider the low grade of interlocking of
this structure to the head walls and their possible detachment in a collapse mechanism, as it can
be usually observed in historical constructions, the blocks representing the vault thickness are
provided with a very short support.

Figure 5.: The numerical model of the east wing (dimensions in meters)
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The numerical model is composed by an assemblage of 685 rigid blocks. discretization of
the structure in rigid blocks does not reproduce exactly the real masonry texture but was defined
so as reproduce the average size of the real stones. A refined discretization was adopted along
the imposts of the arches to enable the freest formation, along the whole structure, of the hinges
required by the collapse mechanisms associated to the imposed actions.
The masonry walls and pillars are built with parallelepiped shape blocks. The block
maximum dimensions are 50x20x40 cm. Blocks with different shape have been employed in
the arches thickness and at the arches springing, to better reproduce the shape of the voussoirs
and the interlocking at the attachment sections.
Additional rigid blocks have been used to model the timber structure of the roof. Apart from
the geometry of the structural configuration, the additional data required as input by
LiaBlock_3D for the analysis are related to the material properties. The weight per unit volume
ρ of the masonry was assumed equal to 21 kN/m3 and the value of the friction coefficient μ was
set equal to 0.6.
5

NUMERICAL ANALYSES

5.1 Lateral load analysis
The numerical analyses for lateral loads have been carried out by applying a set of lateral
forces, applied to the centroid of each rigid block, acting along the x-direction in two opposite
directions.
An Intel® Core™ i7-7700HQ CPU 2,80 GHz Processor with 16,00 GB of RAM was used
for numerical analyses. The LiABlock_3D output is summarized in Table 1.
Table 1. Numerical load factors and CPU Time for the later loads analyses
Loading axis
+x
-x

Associative
Load factor α
0.026
0.084

CPU Time (s)
0.5489
0.5679

Non Associative
Load factor α
0.025
0.084

CPU Time (s)
5.7854
3.8537

Figures 6a and 6b show the collapse mechanisms corresponding to the non-associative
solution of the two in-plane seismic analyses, in the positive and negative x directions
respectively. When the load acts in the x positive direction, the collapse condition occurs for a
low value of the load factor. The overturning of the courtyard facade is activated and, as a
consequence, a typical three hinges mechanism develops in both the round and low arches of
the right span of the section. The mechanism also causes the sliding of the timber beam and,
thus, the roof collapse. When the load acts in the x negative direction, the load factor needed
for the collapse is higher. The left and the middle spans of the section almost behave as a unique
block, overturning and causing the serious damage visible in the right span of the section. Here
the collapse occurs again with the three hinges mechanism of the arches and the sliding of the
roof's beam.
The global damage of the seismic in-plane analysis is partly compatible with the surveyed
crack pattern, as it was expected, since no restoration works have been done after the 80's
earthquakes. Nevertheless, it contemplates a slight damage of the innermost structures of the
section and doesn't detect the floor cracks at the first level.
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a)

b)

Figure 6: Plots of the collapse mechanisms provided by LiaBlock_3D for the non associative solutions. Lateral
loads acting along the: a) x positive axis; b) x-negative axis

5.2 Settlement analysis
The analysis for imposed settlement has been carried out considering that, as highlighted in
the previous paragraphs, the geomorphology of the site and the nearness of the river constitute
a significant hazard indicator for phenomena of viscous deformations of the soil, capable of
resulting in differential settlements of the foundations.
Indeed, available studies revealed the poor quality of the foundation soil, which is composed
by different granular deposits - varying from the gravels to the silt - and presents a high water
content. This last feature determines a high compressibility of the soil, as expressed by low
value of the weight per unit and by the oedometric modulus.
On the base of the localization of the cracks and the damages traceable to a potential soil
failure, two different schemes of ground vertical displacement were implemented. The first one
considers a uniform vertical displacement imposed at the base of the portico’s pillar (Fig7a);
the second, examines the case of the same movement imposed at the base of the portico’s back
wall (Fig7b).
The LiABlock_3D output is summarized in Table 2. For each imposed settlement, the table
reports the base reaction at collapse, calculated for the associative and non-associative solution,
and the CPU Time. In such a case, considering that the collapse mechanisms do not imply
significant sliding, the difference between the associative and non-associative solutions are
negligible.
Table 2: Base reaction values at collapse and CPU Time for the settlement analysis
displacement axis
- z (A)
- z (B)

Associative
Base reaction
124.358 kN
121.481 kN

CPU Time (s)
0.4582
0.5053
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Non Associative
Base reaction
123.7757
121.296

CPU Time (s)
1.2774
1.3056
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a)

b)

Figure 7: Non associative solutions for the downward displacement of the portico’s pillar (a), and the portico’s
back wall(b).

For the first settlement’s scheme, the failure involves only the first span of the section,
corresponding to the portico side. The collapse occurs with a three hinges mechanism in the
ground floor arch and a two hinges mechanism in the low arches at the first floor. The different
failure mode is related to the different geometry of the arches. The overturning of the portico’s
pillar and the sliding of the roof’s beam are also consequently triggered.
For the second settlement’s scheme, the damage affects the whole structure. The collapse
still occurs with a three hinges mechanism in the round arches of the portico and of the upper
floor corridor, while a two hinges failure mode develops in the low arch of the transverse wall.
This, again, results in the overturning of the portico’s pillar and the sliding of the roof’s beam
on to the first span of the section. The mechanism slightly affects also the last span of the
section, due to the possible little movement provoked in the barrel vault.
Between the two collapse mechanism predicted by the numerical model, the second one,
corresponding to the B settlement scheme, is in good agreement with the surveyed crack pattern.
The mechanism catches almost all the existing cracks reported in the section of fig 4: at the
ground floor, the barrel vault detachment from the head wall on the portico side (lesion a) and
the cracks in the covering structures of the portico (lesion b); at the first floor, the cracks in the
vaults and arches of the corridor (lesion c and d), at the floor (lesion e) and in the transverse
wall (lesion f) of the right room, and the failure of the roof (lesion g).
Also the parabolic fissures in the upper left room (lesion h) can be traced to this failure mode.
It should be noted that the correspondence of the numerical result to the crack pattern is valid
with reference to the analyzed section. Out from this plane of symmetry, the cracks follow a
path determined by the complex three dimensional development of the vaulted structures and
the characteristic and variable constructive texture.
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6

CONCLUSIONS

In this paper, the damage analysis of the east wing of the Convent of Saint Domenico has been
presented. A rigid block limit analysis has been carried out with the software LiABlock_3D to
investigate the structural response of the numerical model against two different loading
conditions, which are lateral loads and settlements. The main goal was to analyze the current
crack pattern and to better understand the origin of the damages produced by the two
phenomena. The results of the analysis confirmed that the current crack pattern can be ascribed
to the concurrent action of the lateral loads and settlement. As such, further development of the
study will address more in details the interaction between the structure and the soil and will also
extend the analysis to a full 3D model, to better analyze the behavior of the vaults in the spatial
model.
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Abstract. This paper presents a structural design methodology in order to find the best
possible solution of protective structures for active archeological sites. Besides the typical
demands for construction on these sites which arise from the typology and the level of
protection of cultural heritage, active archeological sites require a structural solution with
regard to time and direction of further excavation. The hypothesis is that modular
spatial structures which are easily assembled or disassembled, and have the ability to be
extended in one or more directions, are the most functional solution for these sites.
This paper shows the analysis of several types of spatial structures based on the
requirements of active archeological sites. It explores the possibilities of structural systems
derived from multiplication of one primary element of structure, their material and joints
between elements. The most adequate assembly of the entire structure is supposed to
be found in the interdependency of the load and the dimension of the element’s crosssection, in a suitable geometric configuration. The focus of the analysis is on structures
made of short-bearing elements which have the advantage of the efficiency of transport and
assembling.
One of the design criteria for this methodology is that the structural system itself looks
simple and elegant in order to complement the archeological site. This is shown in the paper
through the analysis of patterns in which these structures are assembled. The aim is to
correlate the position of the elements in the structural system, the dimensions of cross-section,
and the lengths of the straight beams which form the spatial structure in order to find a
simple, functional and economical solution for protective structures at active archeological
sites.
The conclusion shows the advantages and disadvantages of the design methodology
presented in the paper, as well as the discussion about the analyzed spatial structures. This
type of methodology that systematizes various design criteria from different fields of
research
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engages the problem of design of protective structures for archeological sites and opens up new
questions for further research.
INTRODUCTION
Structures and structural systems formed by multiplication of one primary element of
structure are analyzed in this paper. The design of these structures is based on the idea to use
short-bearing elements to achieve large spans. By the term long span we assume spans longer
than 35 meters, and by short elements we assume beams shorter than 12 meters.
Types of structures presented in this paper were chosen because of their ability to be
expanded in multiple directions based on the criteria for design of protective structures in active
archeological sites. This paper aims to show the methodology for finding the best possible
solution for protective structure that would “grow” together with the archeological site, since
the exact time and space span for further excavations is unknown.
It is important to analyze how the joints between elements are made, and the way the
elements are positioned within a structure, regardless of scale. Therefore, it is necessary to
understand their geometry in order for the design configuration to be favorable to the structural
elements. Single layer lattice structures in architecture are the subject of this research, while the
theoretical framework is the geometric configuration of structural elements and its effect on
structural capacity. The structure is supposed to be easy to assemble and disassemble, without
the need for heavy mechanization.
The exploration of the relation among geometry and structural capacity is based on literature
review, followed by a comparative analysis to evaluate the possible solutions. Evaluation is
conducted using a finite element analysis (FEA) software. Research will show what are the
primary structural elements, types of joints and ways of forming a given structure. After the
analysis, the advantages of certain structural systems would be presented to help find the
solution.
The aim of this research is to find the most efficient configuration of short-bearing structural
elements, that could overcome large spans in order to achieve a simple, proportional and
functional structure. The hypothesis is that mathematically consistent pattern would give the
adequate geometric configuration of beams that helps in establishing higher efficiency of
structure. By designing the minimum dimensions of structural elements, placed in an
appropriate pattern, the structure could be perceived as a non-dominant spatial structure,
thereby making the archeological site the primary focus of the observer.
ACTIVE ARCHEOLOGICAL SITES
Archeological sites are places that, by their physical structure, bear witness to the past, or
characteristics of the culture that was there.1 Active archeological sites are characterized by an
unknown direction and time course of the research. In this paper, the term active archeological
sites will relate to those sites whose research is still ongoing, which is why it is necessary to
enable the protection of already explored parts, as well as those whose research is ongoing.
Most often, these archeological sites are large areas, and therefore require major interventions
that involve phase development. In the localities explored so far, the emphasis is usually on the
most attractive parts, whereby the view of the site as a whole is marginalized.
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Due to its characteristics, it is necessary to find the right type of construction such that it
meets all the set requirements. The protective structure should provide a minimum area of
reliance, which means that the ideal case would be to have point supports, as well as the
unobstructed movement of archeologists - researchers and visitors and the possibility of
expansion in accordance with the dynamics of the research. Due to the phase research, and
therefore the phase construction of the protective structure, the design of the structure should
be conceptually modular, from individual segments that will form a single unique structure.
This paper will outline possible types of modular structures for the design of protective
structures, their advantages and disadvantages.
Active archeological sites usually cover large areas, entire complexes of objects, often cities
or settlements. This implies another criteria for the design of the protective structure - the
architectural expression is conditioned by the environment and must not be visually dominant
in comparison with archaeological remains.
For a better understanding of the term active archeological sites, an example from Serbia Viminacium, is presented.2 The archeological site of the Roman city and military camp
occupies an area of 670 ha with a large number of buildings, squares and necropolises. The
parts explored so far are the amphitheater, the spa and the northern gate, which form an
assembly in the immediate vicinity where the street network of the former city has been
identified. This site, as such, has the potential to be protected precisely according to the criteria
for the protection of the active site, that is - in phases, with modular structure, in accordance
with the dynamics of the research. On the other hand, the protective structure could be designed
so that it is large-spaced and dotted, as well as fitting in with the context - both of the formerly
built mid-Roman city and of the contemporary appearance of the site.
SINGLE LAYER LATTICE STRUCTURES IN ARCHITECTURE
These structures are gridshells, geodesic domes, free form grid structures, with emphasis on
self-supporting structures, such as reciprocal frame structures.
For single-layered structures of a large span, it is assumed that the configuration of the rods
is spatial, the load is uniformly transmitted in all planes of space. This configuration of the rods
can be designed such that all structural members are axially stressed, analogous to the shell
state. On the other hand, we can design the structure so that the rods are interdependent, and
that by creating a hinged or moment connection, they work as a single structural system.
This type of construction is defined as an assembly of short rods that, when connented, can
overcome large spans. Also, these structures can be considered lightweight structures, which
were among the first to be investigated by Frei Otto and whose experiments gave the basic
postulates according to which the above mentioned structures should be designed3:
¥ Avoidance of the dominant bending effect,
¥ Transmission of tensile force, low-weight elements, for long spans,
¥ Transmitting force to short elements, in order to avoid stability problems and large
dimensions of supporting structure,
¥ If it is necessary for pressure to be transmitted over long spans, then they must be
integrated as a self-stabilising system,
¥ Use of adequate cross-sections of the elements in compression in order to avoid static
problems.
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Triangulated surfaces
The triangle, as the basic geometric unit of these structures, is a stable system of articulated
rods. The successive extension of two rods and one hinge gives a stable system in a plane or
space, thus allowing the formation of a wide variety of geometries that are based on a triangle.
A special type of these structures are geodesic domes, first designed by the architect
Buckminster Fuller since 1954. In order to maximize the potential of steel and its ability to
accept tension forces well, Fuller formed a dome from a series of rods that follow geodesic
lines. Geodesic line is the shortest distance between two points on a curved surface, which can
be approximated to a straight line. When he patented his first geodesic dome, he pointed out
that his dome was as wide as the Pantheon, but a hundred times lighter.4 This architect saw the
geometric characteristics of a triangle, as a stable system, and applied them to form the surface
of a sphere. In this way, a stable structural system was realized, with the stress state being
analogous to reinforced concrete shells, therefore, axial forces occur in all the rods.5 The
postulate on which Fuller's geodesic domes are based is: "continuous tension - discontinuous
pressure".6 It can be clearly seen from this that each rod, which is approximately horizontal, is
in tension. These rods form irregular rings of geodesic polyhedron and as such form the
discontinuity of the compressive forces in the rest of the rods.
Buckminster Fuller reduced the sphere to a system of triangles and thus formed a stable
structural system. On the other hand, the sphere has the largest volume relative to the surface
of the envelope. From an architectural design point of view, this means that a maximum range
can be achieved with minimal material consumption. Related to that, the problem of tracing the
geometry of the sphere to form structural elements arises. Architect reduces the geometry of
the sphere to polyhedron, and the curved meridians and parallels to short rectilinear elements.
In this way it was possible to retain all the advantages arising from the geometric characteristics
of the sphere as a geometric body, but also of the triangle as a stable plane structure.
The modular elements that make up the geodesic domes - the joints and rods of the same
dimensions represent their greatest advantage. Due to the even distribution of forces in the
structure, the dimensions of the rods are small, reducing the weight of the structure
significantly. The advantages of these domes are reflected in their widespread use in practice.
Most often they are made of steel or wooden rods connected by steel ties. Point supports, along
the perimeter of the dome, fulfill one of the criteria for the design of structures in active
archeological sites, however, very few sites have circular shaped objects in floor plan.
Mesh surfaces are evolving in simultaneously with technological progress. These surfaces
emerged as a continuation of exploration of shells of non-Euclidean geometries. By extending
the Gaussian curves to form complex curves in two or more directions, a free-form emerges
which is much more complex for structural design and analysis.
They are often designed in a way that each element of the structure is continuous, or
superimposed, which further implies that the organization of the structure must be very well
composed, without improvisation, due to the fact that every element corresponds to only one
position within the structure.
Also, we can consider these surfaces as a continuation of the study of triangulated surfaces,
as the curvature of any structure is based on a triangle.
Through generative software, designing and looking at these structures has become simpler
and more efficient. The key advantages of these structures are reflected in the placement of the
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supporting points so that they correspond as closely as possible to the remains of an active
archaeological site, without restriction. Free forms can be constructed in any material, which is
an added advantage.
Reciprocal frame structures
The principle of reciprocal structures, mostly formed of wooden rods, dates back to the Early
Stone Age, and is based on the mutual carrying rods in order to bridge a span. The lengths of
the rods vary with the dimensions of the base and the pattern of the reciprocal structure itself.
The principle underlying these structures is based on the temporarily supported first element
of the structure, with each subsequent beam relying on the previous one, while the last beam
placed will carry the first one. In this way, a closed cyclic movement of the force in the structure
is formed, which enables each element of the structure to be both load bearing and carried.
Therefore, each element accepts the load equally, so it has the same structural forces. Patterns
in which these structures can be formed are based on the rotation of the structural elements.
Such patterns are formed over the basics of various polygons, with the number of sides of the
polygon depending on the number of rods in the structure, that is, the angle of rotation of each
element.7
Due to the possibility of combining several different configurations (e.g. triangle hexagonal), the floor plan on which this construction is designed today does not have to be the
basic geometry. Namely, the greatest advantage of these constructions is the prefabrication, that
is, no matter how much the construction volume is changed, all the beams are of the same
length, with a possible change in the dimensions of cross-section. These structures can be
designed in a large number of patterns, with almost no restrictions. The joints between the
elements of these structures nowadays are usually made of steel, however, it was initially done
as a notch joint, i.e., the groove of the two elements by sealing them for the sixth of the crosssection’s height. Using the notch joint, the assembly process is considerably faster. However,
due to the necessity of reducing static height of the cross-section by the use of a notch joint, a
connection is often accomplished with a steel element. Depending on the applied pattern, in
reciprocal frame structures, the length of each element varies, as well as the way in which the
connection between two or more elements is achieved. The dimensions of the cross-section can
vary with the span, as well as the load capacity of the structure.8
Architect Friedrich Zollinger patented Zollinger's first construction in 1910. The
construction consists of segments of solid wooden carriers, about 2 meters long, of uniform
geometry. In the literature, Zollinger's construction is called Lamella roof, according to author
Martin Tamke.9 By the term lamella, one repetitive segment is considered, which makes this
construction, so this term can be translated as a construction of the same segments. The
principle by which this construction functions is such that at the endpoints of two beams of one
direction there are joints to the centre of the beam from the other direction. In this way, the
interlocking of the elements was achieved, resulting in a span of up to 40 meters. The pattern
by which the elements are arranged, although not listed in the analyzed set of patterns, is the
projection of rhombus on the roof surface. The original Zollinger construction implies the
geometry of the pointed arc, which for the first time appears as a stylistic feature of Gothic
architecture.10
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The connections of wooden carriers were articulated, which was the reason for further
research and improvement of these structures. Hugo Junkers, a mechanical engineer and aircraft
designer, patented in 1924 a similar construction that consisted only of steel elements among
which moment connections were formed. He found inspiration in the design of the aircraft
itself.11
The Zollinger construction is very similar to reciprocal constructions according to the load
transfer principle. The advantages of this construction are the simplicity and the efficiency of
assembling, as well as the prefabrication of elements. A disadvantage of this construction is a
geometry of floor plan on which these structures are projected, which is predominantly
rectangular. In case it is necessary to use the principle of this structure for more complex
geometry, each connection of the two elements should be specifically designed due to
differences in the spatial orientation of the connections themselves. Therefore, each rod should
have been separately designed, which would result in neglected prefabrication benefits.
Comparison of structural systems
Although geodesic domes, as representatives of regular triangulated surfaces, have the same
elements as well as typical connection details, with the goal to achieve the largest possible span
with the least material used, their design constraints are counteracted by the criteria that the
design of structure over an active archeological site must have as flexible positions of support
points as possible.
On the other hand, the flexibility of free-form shaping, and hence the position of the
supporting points, is a considerable convenience when it comes to the application of these
structures in the function of protective structures. Too complex structures would certainly have
a strong architectural expression that would be too dominant in the context of archeological
sites. Also, these structures, unlike the typical elements of geodesic domes, have complex
elements and a complex assembly process.
However, reciprocal structures, as an example of free-form modular structures, are the most
effective solution for covering active archeological sites. First of all, the fact that they are most
often constructed in wood as an applied material, which equally accepts pressure and tension
and it is also the lightest structural material. Therefore, these constructions are of high loadbearing capacity and of low weight compared to other structural materials.
With the use of wood, these structures easily fit into surrounding context, especially due to
the fact that active archeological sites are often located outside the built environment, and the
newly designed structure should be integrated with the landscape in which it is located. The
load-bearing capacity of reciprocal structures is of the utmost importance because each element
of the structure is equally loaded or the load is gradually increased, without extreme changes in
load transfer. Also, the assembling of reciprocal structures, as a structure consisting of short
rods, is one of the key advantages of why the reciprocal structures are suitable for covering part
of the archaeological site or for the phased development of the archaeological site, and therefore
the protective structure.
Reciprocal structures can also be seen as modular structures, point-supported, simply
interconnected (groove joinery or by screw), or as a combination of identical elements of
geodesic domes and flexibility of free forms.
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INTERDEPENDENCE OF PATTERNS, LOAD-BEARING AND DIMENSIONS OF
CROSS-SECTIONS OF RECIPROCAL FRAME STRUCTURES
Patterns shown in the first iteration represent two-dimensional configuration made of short
rods. The structural forces of the first five patterns, which were derived from basic geometric
figures, or a combination of various regular polygons, were analyzed. In the first iteration,
precisely because it was a two-dimensional configuration, it was necessary to evaluate the
patterns through the deflection they cause. The first check was made using a program in order
to obtain the expected value of the deflection. The assumed cross-section of the beam is 20/60
cm, the input load is 2.92 kN/m’ (derived from the analysis of the load of the roof cover and
the own weight of the beam), and the span of this girder is 20 meters. This deflection which
will be compared to the deflection of other patterns is obtained from calculation of this beam,
and its value is 5.63 cm.
The patterns were formed from a system of short rods, which are rigidly connected, and then
analyzed in software. Two sets of patterns were evaluated simultaneously, which differ in the
way they are supported. The first set of patterns (in the table labelled T) is supported only in
the vertices of the square (point supports) while the second set (in the table labelled with L) is
supported by the edge of the square field, that is, in a linear assembly of point supports. It can
be assumed that the second set will give better results. Each constructive field is formed over a
square base that is 20x20 meters.

Figure 1: Static analysis of a simply supported beam of 20m span

Patterns are named according to the geometry from which they were derived, but now they
will be given numerical labels: orthogonal matrix (1), diagonal matrix (2), triangulated matrix
(3), hexagonal matrix (4) and matrix hexagonal triangle (5). As it was already mentioned, the
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matrices are formed so that each geometry forms a field of approximately same surface, so that
the linear load applied to each girder is approximately of the same intensity.

Table 1: Deflection comparison with evaluation – basic patterns

The first comparative analysis of both sets was done through the animation of a deformed
model, where it was evident that the set of matrices with support in vertices of a square base
had significantly larger deflections than the linear set.
At first point, it seemed that the diagonal matrix (hereinafter: matrix 2) had the smallest
deflections. However, when observing an isolated graphic attachment in which the deflections
of the first and second set are seen, on the basis of the more drastic differences in the deflections
in the set of point-oriented structure, one can observe which configurations have the most
favourable behaviour in the plane.
Table 1 shows the deflections of analyzed patterns in two sets. Set 1, marked with the letter
T, represents a support in the vertices of the square, while the set 2, marked with the letter L,
represents a linear support along the sides of the square base. All the analyzed patterns were
shown in the table, whereupon the maximum deflections for each were drawn. Of the five
analyzed, the three patterns, according to the estimation are of the same rank, regardless of the
type of reliance, however, two patterns are best rated, so the triangulated matrix has less than
the matrices of the hexagonal triangle when leaning point in the square of the square. On the
other hand, despite small differences, matrix no. 5 has smaller deflections than matrix no. 3, if
it relies on a liner support.
Although these two matrices proved to be the best in numerical value analysis, the diagonal
matrix is very close to results. Another similarity, when analyzing two of the best patterns, is
their relevant angle when forming the pattern itself. Both matrices in their configurations have
a triangle, or an angle of 60°. Which leads to the question of whether the diagonal matrix is
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reduced if it is formed using the same angle of 60° instead of the 45°, angle at which it is
currently. However, regardless of this assumption, the diagonal matrix deflections, if formed
using an angle of 60°, is 10.3 cm, which is more than the first configuration with an angle of
45°.
Due to the obtained results, through the following analysis, or analysis of the geometry of
the patterns that form reciprocal frame structures, these two configurations will be evaluated
again as the best in the plane. It is extremely advantageous that these two matrices have proved
to be the best, due to the various possibilities of combining the triangular and hexagonal
configuration of reciprocal structures. Also, these configurations of reciprocal modules of the
construction give the possibility of creating spatial single layer structures.
However, the biggest problem due to this analysis is the assumption that all the beams are
connected using a moment connection. This can be a problem for any applied material, the
detail of the connection will have to be formed in such a way that it transmits the bending
moments from one structural element to the next. When the steel is the assumed structural
material, this connection can be achieved by welding the girders one to another, but due to the
application of short elements the assembling of the construction would take too long. However,
in the case of short wooden elements, a special type of connection needs to be applied, achieved
by a steel element that could transfer the bending moments.

Figure 2: Types of moment joints

By analyzing the matrices of reciprocal frame structures, as expected, bigger deflections
were obtained, due to the hinged connections between the elements. However, when talking
about the detail of the connection in wooden structures, it can be done as a notch joint, or with
a reinforcement of the steel elements. The possibility of making a notch connection would only
be valid for spans up to 12 meters, while the reinforcement of the connection would apply for
spans larger than 12 meters. This feature of reciprocal frame structures enables easy and
efficient assembling on site. That is, the mounting process would be considerably faster, and
therefore cheaper, compared to achieving a rigid connection. Software analysis of patterns that
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form reciprocal structures in the plane, where the joints of the girders were done as hinged
connections, gave the following results when it comes to deflection of the model.

Table 2: Deflection comparison with evaluation – reciprocal frame patterns

As a result of this analyses, it is found that the best configuration of the matrix rods is no. 2,
or the geometric square-square configuration. However, in the case of reciprocal structures, it
can easily be seen that all deflections are of approximate values, i.e., one configuration cannot
be derived as the best.
Bearing in mind the efficiency of connecting and easy assembling of reciprocal structures,
or considering the economic viability of these constructions, it can be concluded that they would
be significantly more applicable than patterns with rigid connections. Namely, using wood, as
a natural material, as well as reducing the use of steel in the construction, can affect the
reduction of carbon dioxide in the atmosphere precisely because of the reduction of CO2
emissions from the exploitation of steel. In this way, a green, economically profitable
construction is obtained, which as such can be applied in different locations of specific
construction conditions, such as archaeological sites.
It is necessary to note that in this chapter only two-dimensional configurations of the girders
were analyzed, i.e. that considerably better static characteristics are expected by using single or
double curvature.
CONCLUSION
This design approach for choosing the appropriate structural system is based on criteria set
by the characteristics for active archeological sites. The analysis of interdependency between
structural pattern and the dimensions of beam cross-section are in direct correlation to the
structural form of the protective structure and its overall appearance in the archeological
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landscape. “The good building is not the one that hurts the landscape, but one which makes the
landscape more beautiful than it was before the building was built.”12
Other criteria in this methodology is guided by the position of the observer, because the
human eye searches for natural shapes and structures in its environment that hold a sense in
itself.13 Therefore, the chosen bearing structure has to be simple and logical to a careful eye,
embracing the surrounding landscape.
Reciprocal frame structures are modular, usually made of short wooden beams, connected
with simple joints, making them simple for construction, with no need for heavy mechanization
to and on site, thus fulfilling the criteria for active archeological sites. These structures are
ecological, fitting perfectly in the natural surroundings. The most appropriate pattern for this
structure is the one made of larger and smaller squares, which can be easily modified in order
to be expanded. This light structure has small scale point supports that would not damage the
remains on site. They are also very elegant, so they do not turn away the attention of the
observer from the site.
The presented methodology is based on specific criteria for design of protective structures
for active archeological sites in order to find the best possible solution, but it could be improved
with case studies oriented towards specific sites. Model analysis on different types of structures
could complete this methodology, so it can be used in practice, as well as in theoretical
approach.
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Abstract. The Candis (temples) of Java represent sophisticated ancient building heritage
and are key features for Javanese people to identify with their own culture. Candis occupy a
significant position in the cultural history of Southeast Asia and rank among the most
outstanding examples of Buddhist and Hindu architecture. Well-known Candis such as
Borobudur or Prambanan are also top-ranked tourist destinations.
This ancient heritage is threatened by Indonesia’s geographical location within the Pacific
Ring of Fire, a tectonic subduction zone prone to environmental catastrophes such as
earthquakes, volcanic eruptions and the resulting tsunamis. Previous work presented a
monitoring workflow for analysing variations in the geometry of these temples to gain an
understanding of structural changes produced by seismic events. As part of that workflow, we
proposed a combined laser scanning and UAV-supported image match point cloud model which
can be compared to a photogrammetric data set in order to provide a quick, inexpensive, and
easily accessible monitoring technique. While methodology has already proved useful, some
aspects still need to be refined. Also, further understanding about the structural composition of
the objects being examined and what changes of geometry can be expected within the analysis
after earthquakes needs to be collected.
An analysis is presented of changes that have happened within the structure over a period
of several years and numerous seismic events to facilitate an understanding of geometric
changes that can occur. Furthermore, this re-evaluation by laser scanning will be compared to
a set of image-match models to investigate factors that have an impact on the reliability and
accuracy of such models. Manuals drafted by the project team and introduced in previous work
explain how to capture image data to be processed into photogrammetric models. Amendments
and revisions will be made to these manuals based on new data and experiences collected
during the ongoing Candi Sari case study presented in this paper.
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1

INTRODUCTION

1.1 Indonesia and its cultural heritage
Indonesia is the largest island state in the world, comprising more than 17,000 islands, and
inhabited by about 240 million people. The island of Java, on which the capital Jakarta is
located, is Indonesia’s most densely-populated island, where more than 60% of all its
inhabitants live. Indonesian culture is as diverse as the archipelago itself. In addition to its
geographical characteristics, reasons for the diversity and richness of Indonesian culture are the
variety of traditions and different religions that have always existed side by side. 1 Numerous
temples and temple ruins also bear witness to this cultural wealth and to the island’s history.
These temples, known as Candis, occupy an eminent position in the cultural history of
Southeast Asia and are among the most outstanding examples of Buddhist and Hindu
architecture.
1.2 The Candis of Java
The term Candi is used to describe all Buddhist and Hindu temples in Indonesia. The highest
concentration of temples is in the centre of Java. In the administrative districts of Yogyakarta
Special Region and Central Java, there are some 280 of these monumental relics. Complexes
on the Dieng plateau and at Gedong Songo are considered to be the oldest surviving permanent
structures in Indonesia. 2 Well-known Candis such as Borobudur, one of the largest Buddhist
temples, and the Hindu temples of Prambanan are also among the highest-ranking tourist
destinations in Java. Both are listed UNESCO World Heritage Sites for their outstanding
universal values (OUVs).
Most Candis have a square floor plan and are simple dry-stone constructions, although
material composition can vary. Stone sizes also often differ, with side lengths usually ranging
between 30 cm and 50 cm. Interior spaces, where they exist, are not intended to accommodate
large groups of worshippers. 3 In terms of elevation, there is usually an architecturally
accentuated tripartite division, consisting of a substructure which forms the basis, the wall zone,
and the temple roof. The interior space is covered by a corbel vault, visible both on the inside
and in the shape of a pyramid roof on the outside. Candis occur in different variations, often as
a group of buildings with surrounding walls, gates and accompanying smaller temples. Their
position within the landscape and their architectural design is determined by a series of sociocultural, religious, and economic factors.
1.3 Earthquakes
The Pacific Ring of Fire, a tectonic subduction zone, is well-known for its tendency towards
environmental catastrophes such as earthquakes, volcanic eruptions and the resulting tsunamis.
In Indonesia, earthquakes scoring 5 to 6 on the Richter scale are an almost daily occurrence. In
the past 100 years, 175 earthquakes with a strength of at least 7 have been measured in the
Indonesian area. 4 A devastating earthquake of 6.2 Richter scale hit the region around

1039

D. Grandits, L. Stampfer, E. Kodžoman and U. Herbig

Yogyakarta in 2006, killing almost 5,700 people and completely destroying over 156,000
houses and other structures. 5 The large number of buildings destroyed reflects the high seismic
vulnerability of existing structures. Several temple complexes were also damaged. There has
been partial documentation of the damage to some of the more well-known temples such as
Prambanan, which suffered severe damage. 6
The preservation of the cultural heritage of such problematic regions is challenging and
deserves a carefully-considered approach. Digital data recordings can help to virtually capture
the current state of the monuments. In case of a natural disaster, this information can be
consulted to assess the potential danger of collapse, or form the basis for reconstruction work.
1.4 Monitoring workflow
The high number of earthquakes means that especially the numerous smaller, lesser-known
temples are at risk. Many of the sites have to be temporarily closed to visitors after an
earthquake for safety reasons, which often results in large financial losses being incurred by
many small local communities. In order to provide a simple and economical solution to enable
continuous monitoring, a method for rapid, reliable and cost-effective monitoring and
evaluation of the situation has been developed.
As part of a contribution to the International Archives of the Photogrammetry, Remote
Sensing and Spatial Information Sciences (ISPRS-archives), a workflow for monitoring
changes in the building structure of Candis after earthquakes was set up, with the aim of
relaxing the prevailing situation and relieving the responsible authorities. 7 The workflow
stipulates that a laser scan model is to be taken of each temple as a reference model which can
be compared with further data sets, generated by photogrammetry, if necessary. Models are
matched using iterative closest point algorithm (ICP) and compared for cloud to cloud distance.
While adopting these algorithms is not in itself a novelty, this approach was chosen as it is a
quick, simple and well-established technique which delivers sufficient accuracy. This also
replaced the use of points measured using a total station, as the reliability of any physical
reference on-site might no longer be guaranteed after an earthquake. Although matching
datasets with cloud to cloud has its limitations, the inability to apply this algorithm properly
due to clouds that are significantly different would in itself be an indicator for the necessity for
more extensive investigations.
The laser scans and the preliminary work will initially be carried out as a joint effort by the
Vienna University of Technology (TU Wien) and the Universitas Gadjah Mada (UGM), but as
the project and knowledge transfer progresses, UGM will gradually take over the work. All
further on-site applications should in any case be immediately feasible if necessary and
therefore require simple explanation and handling. The implementation of local monitoring
should then be within the competence of the responsible authorities in cooperation with UGM.
Whereas the above-mentioned ISPRS-contribution focused on describing operational and
technical details about the workflow, the aim of this work is to elaborate steps taken to increase
feasibility.
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2

MATERIALS AND METHODS

2.1 Literature
There is some literature available concerning the Candis of Java. Numerous publications and
case studies have been written about the great temples like Borobudur or Prambanan. In
addition, there are some diploma theses and dissertation projects concerning Candis. Many of
the studies focus on religious, cultic, and cultural structures in the context of the different
temples.
2.2 Existing plans and documentation
Except for the well-documented temple complexes such as Borobudur or Prambanan, plans
for Candis are scarce. Several building surveys were commissioned by Balai Pelestarian Cagar
Budaya Daerah Istimewa Yogyakarta (BPCB DIY – Cultural Heritage Conservation Centre,
Special Region Yogyakarta) in the second half of the 20th century. The results show ground
plans and sections which show the outlines of the objects to a relatively high degree of accuracy,
but information on the construction itself is either incomplete or missing. Furthermore, no
detailed plans of reconstruction work or replacement of elements are available. Occasionally,
there are abstract plans showing old and new elements. Also, since little is known about the
construction of the temples, it is crucial to learn about their composition and the use of drystone construction methods to determine if the suggested monitoring process is applicable.
2.3 Case study
Candi Sari was chosen for the case study because its compact and almost completely intact
structure can be considered an ideal example of a study object. For the purpose of verification
of principles, Candi Sari represents an ideal object because it is free standing and accessible
from all sides. It has an interior space with multiple rooms, limited vegetation in the surrounding
area, and several openings interlinking interior and exterior data through visual connection
between inside and outside. Point cloud data from the case study object is available from a
terrestrial laser scan (TLS) made by the authors in 2016. In 2018, this was supplemented with
a structure-from-motion (SFM) point cloud processing images captured with a drone. Both data
sets are presented in the ISPRS-archives contribution. To further test the data, additional point
clouds were collected in the summer of 2019, one again using a TLS, and the other with a model
from images taken with a hand-held camera. This should help to check the previous models for
mistakes and changes, and allow a detailed study of the monitoring process within one object.
2.4 Other Candis
In order to develop a comprehensive monitoring system for the Special Region of
Yogyakarta, the data set needs to be expanded. During a workshop in 2017, participants from
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the TU Wien and UGM worked in mixed teams on the documentation of Candis. In total, twelve
temples were surveyed using a terrestrial laser scanner and photogrammetry. The number of
Candis surveyed is sufficient for the first application tests but should increase further along in
the project.
2.4 Guidelines for photogrammetry
The correct way of taking photos for SFM models requires a number of basic rules to be
followed, which have been summarized in a manual proposed as part of the ISPRS paper. This
should enable non-experts to take appropriate photos for processing sufficient data. The
comprehensibility and practicability of the instructions should be tested on several volunteers
for evaluation. The goal is to translate it into several languages to increase accessibility.
3 RESULTS
3.1 Building structure and seismic resistance of Candis
There is as yet no consistent documentation giving information about the material
composition of the individual Candis and in any case, this can also differ between erection and
restoration phases. Contrary to some of their counterparts in Indian stone architecture, which
are carved entirely from solid rock, Candis are constructed using dry-stone walling without
binding agents, with a number of different techniques for interlocking or binding the stone
blocks to shape the temple 8.

Figure 1: Different examples of interlocking stone blocks (John Miksic, ‘Sources of Early Indonesian Stone
Architecture’, in Gunawan Tjahjono, ed., Indonesian Heritage (Singapore, 1998), p. 54.)
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Later examples show the application of a shell and core principle, with stone blocks forming
wall cheeks that are filled with rubble and/or unhewn stones held together by mud or sometimes
lesser amounts of lime. 9 Without knowledge about a construction, it is difficult to predict how
it would respond to an outside force such as an earthquake. In general, estimating seismic
resistance for masonry constructions is a complex process. The inhomogeneous distribution of
materials and irregular order of joints exceed the capabilities of a detailed calculation. As a
result, conventional methods of determining earthquake resistance simplify the process to a
great extent, thereby largely underestimating the structures’ potential. 10 The amount of
horizontal forces (as they occur during an earthquake) that can be absorbed in a masonry wall
is directly impacted by the quantity of vertical forces such as weight, creating friction within
joints. Depending on these vertical forces, scenarios can include either a failure of stones or
failure of joints. 11 Methods to bind or interlink building elements with each other, as found in
some Candis, would be advantageous, but make calculations even more complex. The
undocumented extent of applying these constructional features appear to make a realistic or
even acceptably simplified calculation of earthquake resistance for Candis impossible today.
In addition to the detail-specific observation of earthquake resistance, as described above,
the geometry of a building has a strong impact on its behaviour during a seismic event. The
ideal shape in terms of earthquake resistance would be to have a certain symmetry of shape.
This criterion can be achieved by a structure having as many axes of symmetry as possible,
ideally an infinite number. Therefore, in areas of increased seismic activity, a square or circular
floor plan and a compact elevation that does not exceed a maximum height of less than 4-5
times the length of the sides can be beneficial (ideally, the ratio should be lower than three). 12
(E.g.: Candi Banyunibo 1.5; Candi Gebang 2.0; Candi Kalasan 1.5; Candi Sari 1.7) With their
compact and symmetrical shape, a large, almost square base and not very extensive height, the
general appearance of Javanese Candis appears positive in terms of earthquake resistance.
3.2 Reference model
As part of the contribution to the ISPRS-archives, as mentioned in the introduction, the
process for acquiring a reference model for monitoring structural changes through seismic
events was introduced. A base model with extensive coverage of the surfaces was collated for
the case study object Candi Sari: this consists of a dataset of TLS point clouds supplemented
by image-matching data from drone photography.
The results presented in the above-mentioned ISPRS paper allow an informed judgement
regarding the usability of collected data as reference for a monitoring program for Javanese
Candis. As shown within the analysis, the use of a combined laser scanning and UAV supported
image-matching model should deliver proper accuracy and coverage which can be used as a
reference model. The paper also presented the use of iterative closest point algorithm matching
as a valuable tool for data combining, even in the absence of the possibility of measuring fixed
target points that appear in both laser scanning and image matching data. Applying this
workflow, a point cloud density with 50 to 70 neighbours within a range of 0.02m around a
point in most areas, a suitable representation of the as-is state of the object was suggested.
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3.3 Control models
As a second element to monitoring changes in Javanese Candis, procedures were discussed
that would allow investigations to be conducted within a relatively short time-frame. These
included the proposal to introduce and familiarize local temple staff and guards to the workflow
and provide them with the necessary guidelines for effectively taking images that can be further
processed into a 3D point cloud, using SFM. Observations from Candi Sari show that the
quality of the images and choice of angles are essential to be able to achieve sufficient accuracy
in the control model, to allow an assessment of the current state of the monument.
To determine the required quality for a model, several campaigns focused on the same case
study object. As a result, the initial reference model, which used TLS from 2016 and UAVsupported SFM covering the roof structures from 2018, was supplemented by an SFM-model
from a student workshop in 2017. In addition to the data presented in the ISPRS contribution,
it was possible to include Candi Sari in another campaign in the area in 2019, thus delivering a
second TLS-model and a high accuracy SFM-model.

Figure 2: Point clouds from terrestrial laser scan, image-matching and drone image-matching

Using this data, we can now not only see the capabilities and limitations of image-matching
for monitoring purposes, but also test for any shortcomings in the laser scanning process.
Further, given that time has passed between capturing the different models, numerous
earthquakes have impacted the structure.. This should allow the visualization of any changes
that might have occurred by comparing two laser scanning models and check if image-matching
would deliver sufficient information to pinpoint such changes.
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3.4 Shifts and changes
A comparison of the 2016 TLS model and the 2019 SFM model showed some minor changes
within the structure. Furthermore, using the 2019 TLS model, it was clear that these changes
were not the result of shortcomings in the image-taking or image-matching process leading to
the control model, but rather are actual structural changes in the monument. Although these are
not considered to be the result of any seismic activity, but of human interaction with the object,
they are at this point still seen as exemplary in determining the scale on which shifts within the
structure could be discovered using the techniques proposed.

Figure 3: Shifts that become visible when calculating cloud to cloud distance between TLS 2016 and SFM 2019

The first of the shifts is rather extensive and easy to spot, as it is one loose stone block in the
entrance area that has undergone some rotation on the ground (Fig. 3 & Fig. 4, lower left). The
second movement that could be observed from comparing the 2019 SFM model with the 2016
TLS model was much smaller, but still visible in the false-colour elevation showing the cloud
to cloud distances between the two point cloud data sets (Fig. 3 & Fig. 4, top right). Observing
the same block in a horizontal section, the extent of the movement becomes apparent. In this
case, the stone has moved about two centimetres and allows a rough estimation of what changes
could be recognized using the proposed technique. Again, a comparison of the old and the new
TLS dataset was used to prove that the observed shift was not the result of a procedural
inaccuracy, but an actual movement of one element in the structural composition.
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Figure 4: Three-dimensional point cloud representations of shifts and changes - SFM 2019 and TLS 2016 (left);
TLS 2019 and TLS 2016 (right)

3.5 Data from student workshop
Data collected during the above-mentioned student workshop was further analysed to
determine a specific workflow and key factors during post-processing that could facilitate the
generation of digital models of Candis. In order to comply with the proposed methodology,
reference models using drone SFM and TLS were connected using targets (measured points for
connecting different data sets), while procedures investigated for application in collating
control models had to rely solely on ICP point cloud matching. In several of the examples which
were analysed, the reflective laser scanning targets (5cm diameter) were used to link
photogrammetric UAV and TLS data for reference models. As a result, it was difficult to
determine the centre, and thus this form of photo registration proved unfavourable. In these
examples, the reflectors were ignored after all and registration was done without them.
In some of the examples analysed, drone photography was performed using only ground
targets that were not included in terrestrial photos, and for this reason it was impossible to
register the roof and wall data of the temple using targets. In these cases, again, ICP matching
needed to be applied. Some examples even failed cloud to cloud matching, as TLS point cloud
density was insufficient in overlapping areas (e.g., Candi Ijo).
The photogrammetric connection between indoor and outdoor areas proved to be particularly
difficult during capturing control models. In some cases, it was not possible to accurately merge
the parts into one model. To avoid this situation, it would be necessary to position a minimum
of four targets that are visible from both perspectives. Since the proposed workflow does not
include the measuring of points, but focuses solely on the use of SFM, an alternative needs to
be sought. While it would be possible to use ICP matching to link interior and exterior areas to
the reference model separately, this could prove a disadvantage for recognizing structural
changes. Further problems occurring during photogrammetric capturing included an
insufficient number of pictures, the mixture of landscape- and portrait format or different
cameras, as well as pictures taken in unfavourable lighting conditions (e.g., at sunset).
While the insufficient data quality of some Candis led to difficulties during post-processing,
data from other Candis proved that by using adequate capturing procedures, the suggested
workflows can successfully generate the expected results. With Candi Banyunibo, all point
clouds were successfully matched, and the required plan data was generated.
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3.6 “Easy handle manual”
As was demonstrated, the usability of images for creating SFM models depends largely on
the quality of the pictures as well as the proper choice of angles from which those images are
taken. Therefore, it was clear that instructions for the capturing process needed to be developed.
A so-called “Easy handle manual” was drafted to graphically explain the process. Based on
existing work as promoted by the International Committee for Documentation of Cultural
Heritage (CIPA), 13 instructions given for common SFM software, and personal experience, the
manual is intended to introduce the procedure to non-experts step by step. To overcome cultural
and language barriers, the manual provides illustrations for each of these steps and was made
available in German, English and Indonesian.
Originally, the aim was to test this manual on volunteers, and to present the results as part
of this paper. Unfortunately, this was not possible due to environmental conditions on site.
4

DISCUSSION

4.1 Surface comparison for monitoring
Calculation methods alone seem to be insufficient to provide an adequate representation of
the flow of forces through the construction. In addition, data regarding the building elements
used to assemble a Candi is often unavailable or has not been documented for the specific
monument. Therefore, it is clear that other methods to track structural changes need to be found,
as the different means of erecting a Candi and the different methods of linking and interlocking
blocks are too complex. We therefore propose the monitoring of movement within the structure
and observation of material failure within the stonework as appropriate methods for monitoring
the impact of earthquakes on Javanese Candis. One example, discussed in the previous section,
demonstrates that the new workflow enables the displacement of a stone by not more than 2 cm
to be recorded (compared to a SFM-based control model with a TLS reference model (Figure
3 & Figure 4)). The question is whether this is sufficient to assess the structural stability of a
Candi after a seismic event. It is believed that, given the common constructional techniques
(despite variations) and average size of building elements, the workflow would prove to be a
valuable tool for a preliminary assessment.
4.2 Limitations
Although, as mentioned, models from images taken in ideal conditions have shown good
capabilities for capturing structural shifts, they are still largely dependent on two factors, one
being the ability and level of skill of the person acquiring the images. Despite providing a
manual, or even instructing on-site personnel on how to collect such images in case this is
necessary, it is uncertain whether the resulting data will be usable. Therefore, this component
of the proposed workflow should be the one given the greatest attention during the next steps
of the project – as is currently the case. Image-quality remains a factor difficult to control, as it
is uncertain what kind of devices might be available at the time an assessment is needed.
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Another area that remains under-investigated in this work in its current state is the
monitoring of interior spaces in Candis. Since most of them are small, with few or no windows
or artificial light sources, the possibilities to use photogrammetry for monitoring the interior
spaces certainly needs closer investigation and maybe even amendment of the monitoring
procedure.
5

CONCLUSION

Although the proposed monitoring workflow is in theory already fit for purpose, there are
still steps to be taken to assure the quality of assessment and enable correct implementation.
Primarily, the process of capturing control models needs to be explored further and the manual
critically tested and amended to ensure photogrammetric data can be captured as and when
needed. Moreover, a more extensive network of reference models for Candis must be built up.
A priority list should be compiled according to the policy and judgement of those in charge. It
is the intention of the authors of this paper to provide and improve the workflow, as necessary,
but not to be the monitoring instance. Therefore, it is crucial to explore how the local authorities
(who are already involved) can best take over the main tasks of continuously capturing and
managing reference models, with the TU Wien taking a step back and limiting itself to a
supporting and advising role.
All investigations done so far to challenge the applicability of the proposed workflow
indicate that a usage for tracing changes in Javanese Candis should be possible. We aim to
continue and expand our research until we can provide a comprehensive workflow that reliably
helps to monitor the state of Javanese Candis and allows a rapid assessment of these economic
drivers when they have been impacted by seismic events.
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Abstract. The cathedral of San Lorenzo is a Romanesque church sited in Viterbo (Lazio, Italy),
founded in the XII century on a site characterized by a complex archaeological stratification.
The building is a fine example of religious monumental architecture, built upon well-laid
masonry walls, made of squared blocks of piperine stone and very thin layers of mortar.
Its basilica-shaped plant is divided into three aisles by two rows of marble columns connected
by arches. The structure, that has undergone many transformations during the centuries, was
severely damaged during the II world war and a restoration executed in 1947 has brought it
back to its romanesque appearance.
Currently, a peculiar crack pattern can be observed in the structures, which is mainly
characterized by recurring sub-vertical fissures appearing on the keystones of the arches that
run along the central nave.
The purpose of this paper is to illustrate the diagnostic path which enabled to rule out the most
common damage mechanisms, as a main cause of the damages, and led to the identification of
the most probable cause for the instabilities.
A critical reading of the geometry of the cracks, supported by several static verifications,
resulted in the exclusion of mechanisms associated with the arches thrust actions or with the
compressive stresses in the walls. The hypothesis of soil settlement is rejected by the mechanical
characteristics of the foundation soil, provided from a previous study.
An original diagnostic hypothesis of tensile stresses induced by thermal variations is
formulated and a fully coupled temperature-displacement analysis is carried out, with the FE
software Abaqus, to investigate the effects of the thermal gradient on structures behavior.
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1

INTRODUCTION

The history of structural damages in historical constructions went hand in hand with the
evolution of constructive systems. The rise of new structural conceptions has been constantly
followed by the occurence of new unknown instabilities, which highlighted the lacks of its
design [1].
Based on this experience, a specific technical discipline developed, which provides advanced
analytical methods for the diagnosis of the structural instabilities and new systems for
classifying the recurrent damages [2]. In this regard, the damage schemes referable to masonry
splitting, to foundation settlements and other phenomena affecting the masonry structures are
well known [3]. Not infrequently, it is possible to find these damage schemes combined together
in the same building. Yet, a keen eye is still able to distinguish them and assess their
prominence.Nevertheless, there are cases, as that of the Cathedral of Saint Lorenzo, where the
well known patterns are not identifiable and hence the diagnostic methodology has to proceed
by steps, through studies and investigations that progressively lead to the exclusion of the main
damage mechanisms.
Based on these considerations, this study presents the diagnosis path that led to the
identification of the probable, and unusual, cause of the buiding instability.
The object of study is the cathedral of Viterbo (fig.1), a fine example of monumental religious'
architecture. The building is affected by a peculiar crack pattern which develops along the main
nave walls. On the base of the correspondence between damage intensity variations and
temperature distribution along the walls, the hypothesis of thermal variations inducing tensile
stresses is formulated. A fully coupled temperature-displacement analysis is carried out with
the FE Abaqus software to investigate the behavior of the walls under thermal variations.
In section 2 a building description is provided, together with historical and context information;
Section 3 illustrates the crack pattern and the in site inspections; The FE model and the results
of the analyses are presented in Section 4.

Figure 1: The Cathedral of Saint Lorenzo. View from the square outside.
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2 THE CATHEDRAL OF SAINT LORENZO
2.1 Description of the monument
The Cathedral of Saint Lorenzo lies on the highest hill of the city of Viterbo (Lazio,Italy),
known as the "City of Popes", since it hosted the papal seat between 1257 to 1281.
The building was founded in the XII century on the remains of an ancient roman temple.
The original core, in romanesque style, had a limited extension. The current layout is the result
of numerous transformations and enlargements related to the increase in importance of the site
over the centuries.
A transept was added in 1192. The romanesque facade was demolished in the 1570 and replaced
with a new one in renaissance style[4]. During the XVII century, a new baroque skin was given
to the inside of the building and vaulted structures were built on the aisles spans to hide the
timber structures of the roofs.
Severe damages were caused by the bombing of the II world war and significant restoration
interventions were carried out which canceled the stratifications and brought the building back
to its romanstyle shape [5].
The current layout of the building shows a typical basilica scheme with three aisles, a transept
contained in the building width and three ending apses (fig.2).
The three aisles develops for eleven spans, scanned by monolitic columns in piperine stone and
marked by double ring round arches, which separates the central aisle from the lateral ones.
Over the arches, two walls elevate themselves beyond the lateral aisles roofs, defining the
central nave space. A protruding cornice, supported by corbels, runs along these walls, dividing
the nave arcade from the clerestory.
The cathedral has a total lenght of 60 meters and covers a 20 meters width. The nave is 35
meters long and 22 meters high at the top of the truss roof, while the aisles reach the height of
11 meters. The masonry walls, with an average thickness of 1,00 m, are made of squared blocks,
in piperine stone and thin layers of mortar. The central nave has a truss roof, while the aisles
are covered by a single pitch timber roof. The foundation structures are of the shallow typology.

Figure 2: The Cathedral plan (dimensions in meters).
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2.2 The foundation soil
The geomorphology of the site where the Cathedral is settled is characterized by the presence
of volcanic formations from the Vicano district.
In particular, the formation named “Unità del tufo rosso a scorie nere del Vicano”is detectable,
with thickness vary between 5 and 30 meters. Anthropic caves are detectable.
The formation is a reddish coloured tuff, with black slags made of lapillus, light plinian pumice
and pyroclastic flow deposits.
The bedrock shows the following Geotechnical characteristics: 1,9 g/cm3 weight in the unit;
1,9 – 2,0 N/mm2 compressive strength; 1,7 kg/cm2 tensile strength. The values are compatible
with the load conditions. Differing from the loose soils, which are susceptible to compaction
under load also in the long term, this bedrock is not prone to sagging phenomena. Small
displacements can only occur contextually to the application of the load. Thus, considering the
long time passed since the cathedral construction, there are low probabilities of the occurance
of absolute or differential settlements in the recent time.
3 THE DAMAGE SURVEY AND DIAGNOSTIC TESTING
3.1 Description of the crack pattern
The building exhibits a peculiar crack pattern which exclusively affects the high walls
bounding the central nave. The damage occurs at half height of the walls and, specifically, at
the level of the arches separating the aisles, where sub-vertical fissures recurrently appear in
the proximity of the keystones (fig.3). The cracks start at the intrados of the arches and rise up
for few meters, disappearing immediately after the cornice adorning the walls. The damage
doesn't involve any fracture of the stones and the cracking path follows the arrangement of the
mortar lines.

Figure 3: Lesions on the arches keystones along the nave wall.
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To a close observation, the fissures'edges appear coplanar and aligned. This configuration
corresponds to a horizontal displacement between the two portions of the wall the crack
separates, and it can be possibly caused by a tensile stress, developing into the plane of the wall
and acting parallel to its longitudinal axis.
As acknowledged by scientific literature and professional experience, this mechanism is
characteristic of some recurrent phenomena: crushing, combined bending and axial loading,
foundation settlements with a horizontal component [6].
The first two conditions can be excluded, considering the magnitude of the loads, the stress
paths in the walls and the mechanical characteristics of the masonry structures investigated
through in-site inspections.
The hypothesis of a foundation settlement is incompatible with the extension of the damage,
limited to a confined area of the wall, and with the cracks' constant amplitude. Moreover, it
would be inconsistent with the geomorphology of the site and the characteristics of the soil
analysed by previous geognostic studies.
A correspondence between the variation of damage's intensity and that of the walls thermal
conditions can be observed. The crack pattern shows a symmetry in its localization but is
prominent in the south wall with respect to the north wall. The damage concentrates in a border
region beween two areas characterized by different thermal conditions: the upper clerestory,
highly exposed to the solar radiation, and the arcade below, protected by the aisles' roofs.
Based on these considerations, it appeared appropriate to make the assumption of the presence
of tensile stresses, induced by a thermal gradient developing in the plane of the nave walls
(fig.4).

Figure 4: Longitudinal Section of the cathedral. Scheme of the effect produced by the thermal gradient inside
the nave wall.
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3.2 In-site inspections and material characterization
Based on the hypothesis of damages induced by thermal variations, a diagnostic campaign
of non destructive tests has been planned.
Ultrasonic tests were performed to estimate elastic and mechanical characteristics of the
masonry. As it is known from scientific literature, the recurring values of ultrasonic pulse
velocity, referred to masonry, range between 1000 and 2000 m/s. Velocity values lower than
1000 m/s reveal the presence of fractures or voids in the thickness. Values higher than 2000
m/s are attributed to well constructed masonry, endowed with high compressive strenght
values.The average value of velocity measured on the two walls is 3100 m/s.
Estensimetric tests were executed to assess the stress conditions in the walls affected by the
damage. Eight tests were performed in the proximity of the arches keystones, selecting the most
damaged spans of both the walls. Each test has consisted in the measurement of the stresses
value in the horizontal direction in two points vertically aligned: the first at the arch intrados,
the second close to the cornice. The two walls are characterized by different stress conditions.
Except for the damaged areas, in the north wall the horizontal compressive stresses values vary
but are constantly detected. On the south wall the values of the compressive stresses are
significantly low near the cornice and frequently vanish at the arches' intrados. This result
highlights that there are tensile stresses acting in the region between the arches and the cornice,
where the thermal variation is greater.
Temperature measurements were carried out to estimate the thermal gradient along the wall's
height and between the external and the internal face. The measurements were taken on the
south wall, which is the most exposed to solar radiation (fig.5), in the month of August, during
the warmer hours.The results are reported in Table 1.

6:00 am

8:00 pm

Figure 5: Satellite view of the cathedral and schematization of the sun path.
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Table 1: Inside and Outside temperature values (°C) on the south wall, at different heights.
TEMPERATURE (°C)
Height (m)
18.00
16.00
13.00
11.80
8.00

4

Indoor
26,6
26,8
26,6
26,7
26,5

12.00 am

outdoor
32,0
32,4
32,5
32,2
-

Indoor
27,5
27,3
27,2
27,2
27,1

1.15 pm

outdoor
39,0
39,0
38,8
38,8
-

FULLY COUPLED TEMPERATURE-DISPLACEMENT ANALYSIS

The analytical study of the Duomo of Viterbo colonnade behavior under thermal excursion
is carried out using the Abaqus v.6.14 Finite Element software. A numerical model is
implemented on the basis of the real geometric dimensions of the columns, arches and walls of
the colonnade, as well as on their constitutive materials, represented by piperino of Viterbo
stones for columns, walls and arches. Mechanical characteristics of materials are derived from
the Italian Standard [Circular no. 7 of 21/01/2019] using a LC2 confidence factor. Table 2
summarizes the mechanical characteristics used.
Table 2: Mechanical characteristic: w specific weight; E elastic modulus;  thermal expansion coefficient;
 Poisson’s ratio;  thermal conductivity; c specific heat.

Masonry
type
Piperino

w
[kN/m3]
21,0

E
[N/mm2]
5500


[-]
0,5

a)

α
[1/°C]
0,6x10-5

λ
[W/m·°C]
0,4

c
[kJ/Kg·K]
1,3

b)

Figure 6: The FEM model of the colonnade portion considered (a) and constraints among masonry parts (b)
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In the modelling phase, a significant portion of the colonnade, consisting of three columns
inferiorly and superiorly supported by masonry bases, two arches and a part of masonry wall
above arches, is considered. All the FE model parts are modelled with C3D8R brick elements.
The masonry arches are modelled as individual ashlars, while columns and masonry bases and
wall are considered as unique finite elements (Figure 6a). Columns are superiorly and inferiorly
constrained to the masonry bases by a “tie” contact; the arches are connected to the walls by a
surface-surface contact (Figure 6b), where “hard” contact in case of axial loads is considered
and friction and thermal coefficients of 0.5 and 1, respectively, is used. Also, ashlars are
connected to each other by means of the surface-surface contact above described.
The structure is fixed to the ground through fixed supports; in order to simulate the
colonnade continuity, also the two end parts of the colonnade are fully restrained (Figure 7).
A distributed load is applied at the top of the masonry wall above arches aiming at
considering the actions deriving from unmodelled elements, such as the upper masonry wall
and the above roof (Figure 8). A further boundary condition is considered, namely the
temperature of the external and internal faces of the wall.

Figure 7: Restraint conditions of the FEM model.
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Figure 8: Loads applied on the top surface of the colonnade to simulate the presence of the above wall and roof.

Temperature values on these faces, namely 38.9°C on the external face and 27.3°C on the
internal one (Figure 9), refer to the experimental data recorded inside and outside the church in
the summer season. These values have a subsequent digression up to the winter conditions,
where internal and external temperatures are approximately assumed as equal to 11°C and 0°C,
respectively. In addition, a heat flux of 10 °C from the bottom to the top, which propagates
between arches and the above wall, is considered. The colonnade parts are discretized with a
mesh having side length of 10 cm (Figure 10), which guarantees the best accuracy of results
with the minimum analysis time.
The numerical analysis takes place through two consecutive steps. The first step concerns a
“static general” analysis, where the colonnade behavior subjected to the self-weight and the
distributed loads coming from the above wall and roof structures is studied. The second step
deals with a “fully coupled temperature-displacement” linear analysis. This type of analysis is
chosen because stress analysis is dependent on the temperature distribution in the structure and
the temperature allocation depends on the stress solution. The numerical analyses are developed
by Newton's partial derivative resolving technique and direct iterative method, dividing the
analysis time into amplitude increments equal to 0.1 s.
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a)
Figure 9: Temperature fields applied on the internal (a) and external (b) sides of the structure.

Figure 10: The discretization of the colonnade FEM model.
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The results of the numerical analyses on the colonnade FEM model with reference to the
summer and winter conditions are depicted in Figure 11, where a focus on the stress distribution
in the model part represented by arches and upper wall only is made.
Results of Figure 11a show that in the hot season a concentration of tensile stress with more
or less the same magnitude of 1,297 x 104 N/m2 (0,01297 MPa) occurs in the central part of
arches and in the above wall. Such a result is very close to the one attained under experimental
way in the church, where in the arch internal side a tensile stress of 0,01 MPa activating the
cracks in the mortar joints is detected. This means that the orange area observed in Figure 11a
represents a potential damage zone where a crack pattern could develop. Contrary, in winter
condition (Figure 11b), it is noted that, as temperatures decreases, tensile stresses values
increase in intensity, but the extension of the masonry zone subjected to tensile actions is
reduced. As a result, in the cold season, the cracks tend to diminish their size with respect to
those developed in the summer period.

a)

b)
Figure 11: Stress distribution in the structure in summer (a) and winter (b) conditions.
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4

CONCLUSIONS

In this paper the damage analysis of the cathedral of Saint Lorenzo in Viterbo is presented.
The building is a religious monumental architecture from the XII century, built upon well-laid
masonry walls, made of squared blocks of piperine stone and very thin layers of mortar.
The structures exhibit an unusual crack pattern, concentrated along the nave walls, not referable
to classic and most common damage mechanisms.
Based on the correspondence between damage intensity variations and temperature distribution
along the walls, an original hypothesis of tensile actions induced by thermal variations has been
advanced. A Finite Element analysis was carried out with the FE software Abaqus v.6.14 to
investigate the behavior of the masonry walls under thermal variations, in both cases of the
summer and winter radiation.The results of the analyses are in good agreement with the stresses
values measured in the experimental tests and the existent damage scenario.
The reason of the occurrence of this damage in Saint Lorenzo Cathedral, and not in other
buildings with same orientation and similarly exposed to solar radiations, lies in the quality of
the masonry and the stones composing it. Due to the high strength of the piperine stone and the
poor presence of mortar, the masonry shows a low ductility, needed to dissipate the thermal
actions, and behaves as a wall of rigid blocks. This mechanical behavior, extended to the whole
length of the walls produces the observed damage.
The reason of the recent occurrence of the cracks, although the building has been always
exposed to solar radiation, is to be found in the increase of the average stagional temperatures,
traceable to the recent climate changes.
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Abstract. This paper aims to present, via a case study, an interdisciplinary approach towards
the comprehensive analysis of historic constructions. The case study monument examined is
the Medieval Manor of Potamia in Cyprus. The work hereby presented was based on a
collaboration between scientists from the fields of archeology, architecture, materials science/
conservation and structural engineering. A thorough review of historical sources was initially
carried out in order to obtain data concerning the history and construction development of the
Manor. Extensive field work was undertaken to study the architectural typology and
construction detailing of the structures and to explicitly map the various agents of pathology.
For the characterization of the historic fabric, masonry materials were sampled and studied at
the laboratory. The accumulated data facilitated the development of a Finite Element
(FE) model, which was used to numerically assess the structure’s seismic response.
1

INTRODUCTION

The paper reflects on practical applications of interdisciplinary collaboration in the context
of historic building preservation. An operational procedure for the analysis of such heritage
constructions is hereby presented through the case study of the Medieval Manor of Potamia in
Cyprus. The Manor is a composite building complex that incorporates stone and adobe
masonry structures dating from the 14th to the 20th century. Although the west part of the
building complex has rather recently been restored, the east part remains in a ruinous
condition. Detailed investigations for the documentation and structural appraisal of the
Manor’s east part were undertaken in the framework of this study. In this context, based on
archaeological and literature sources, the major events which took place during the lifetime of
the monument were examined, in order to identify the evolution of the structure. An
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architectural survey was also conducted for the geometrical description of the monument and
the documentation of construction detailing. A condition assessment was performed to detect
any inherent deficiencies or degradation phenomena that affect the structural behavior.
Furthermore, investigations necessary to achieve an adequate knowledge level regarding the
mechanical properties of the historic fabric were carried out. These were based on the
laboratory testing of materials sampled from the monument. The collected data facilitated the
development of a numerical model, which was used for examining the seismic vulnerability
of the structure. The main outputs derived at each step of the study are hereby discussed,
illustrating aspects connected with the correct understanding, interpretation and analysis of
heritage constructions.
2 HISTORIC ANALYSIS OF THE MONUMENT
Historic study, carried out in the framework of this project, revealed important information
regarding the erection and later development of the Manor. According to some sources [1],
the construction of the Manor is dated between 1369-82 AD, during the reign of King Peter II,
while according to other researchers [2] [3] it was built by King James I (1382-98 AD).
Narratives from the visit of Marquis Niccolò III d' Este to Cyprus (1412 AD) describe the
Manor as a place with beautiful view, gardens, fountains and stables [4]. The Manor was used
as a royal lodging place until 1426 [3], when it was burned down by Mameluke invaders [1].
In 1521-70 AD, the site possibly came to the possession of the Venetian noble Zegno
Singlitico, who repaired the Manor, along with the area’s irrigation system and mills [5].
After the Ottoman conquest of the island in 1570 AD, the Manor became a private land
holding (i.e. a Chiflik) of Ibrahim Menteschologhlou [5]. It is reported that in the 17th and 18th
centuries, building material removed from the Manor was used for the construction of hamam
baths at the site, and of the Panagia Faneromeni church in Nicosia [6].
By the late 19th century, the Manor complex had been divided into separate family-owned
properties. All title deeds were eventually sold to the Demetriou family in the early 20th
century. In the 1960s, the Manor was abandoned by its residents due to intercommunal unrest
and was used as a stable and a warehouse by the people of the nearby village. In 1974, the site
was converted into a military camp by the Cyprus National Guard. In 1988, the Demetriou
family donated part of the Manor to the Department of Antiquities of Cyprus and a study [7]
for the documentation of the monument was carried out. Sections of the structures collapsed
during an earthquake in 1996. Archeological surveys and excavations by the Department of
Antiquities, the University of Cyprus and the University of Provence (Aix-Marseille I) were
conducted in 2000-04 [8] and 2009-10 [9], and in 2005 further architectural documentation
studies were commissioned. In 2019, a rehabilitation scheme that was subsidized by the
Department of Antiquities of Cyprus addressed the restoration of the west part of the Manor.
3

ARCHITECTURE AND CONSTRUCTION TYPOLOGY

Following the historic study of the monument, field investigations and topographic surveys
were conducted to identify the various elements composing the structure and to study their
construction detailing. The load-bearing system consists of stone and adobe masonry walls,
upon which timber floors and roofs rest. The thickness of the masonry sections varies from 45
to 80 cm, depending on the type and age of the construction. Three main building phases
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(Figure 1) have been identified:
 Phase I (1380-1426): Medieval structures built before the destruction of the Manor by the
Mamelukes. These include masonry sections composed of coursed ashlar stones.
 Phase II (1426-1570): Elements added/reconstructed during the Frankish and Venetian
periods. These are stone masonry sections incorporating reused ashlar blocks.
 Phase III (1571-20th century): Additions/modifications made during the Ottoman period
and up to the 20th century. Such structures are generally constructed of adobe masonry.

Figure 1: Plan drawing of the Potamia Manor complex and section drawings of the east part of the monument
indicating the different building phases identified.

Figure 2: Photographs of the east part of the Potamia Manor showing stone masonry structures facing
towards the north (left) and adobe constructions attached to stone structures at the south (right).

The Manor building complex occupies a plan area > 5500 m2. The east and west parts of
the complex are separated by a courtyard that includes the remnants of a large water tank and
a well. The east part mainly consists of one-storey high stone masonry constructions dated to
the 14th - 16th century, with several later modifications/additions of stone and adobes (Figure
2). Building spaces are rectangular in layout. Pointed arches that originally supported the floor
structures are encountered at the interior of some rooms. A number of walls feature arched
openings, some of which have been blocked. At the ground floor of this building part, a
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vaulted room of unknown use exists. This is considered to be the only medieval structure
surviving to its original height. Towards the south, adobe constructions were attached to the
pre-existing stone structures. Many sections of the east part, including most of the roof and
floor structures, and large segments of the walls at the upper floor, have collapsed.
The west part of the building complex was added during the Ottoman era. It comprises of a
series of rooms, a longitudinal semi-open space (iliakos) and a portico (semi-open passthrough entrance) arranged around a central courtyard. A longitudinal building (with an
iliakos on the north), which presumably served as a stable, is placed along the south
boundary. All structures of the west part have nowadays been restored.
4

INVESTIGATION OF THE PATHOLOGY OF THE MONUMENT

A meticulous diagnostic survey was performed to examine the existing building pathology.
The work included site inspections and detailed photographic documentation. Field
measurements of (i) the moisture content of masonry walls, (ii) the crack mouth opening and
(iii) the depth to which surface erosion has affected the building materials were carried out.
These were conducted using dual electrode pin moisture meters, metric scales and pit gauges.
The accumulated data were utilized for the preparation of drawings mapping the recorded
pathologies.
It was noted that the main agents of pathology are associated with the action of water, and
especially salt crystallization. The absence of waterproofing courses at the foundation level
has resulted to capillary rise of ground water. The high moisture contents recorded 70-200 cm
from the ground indicate the presence of a capillary rise front at this level, which is in line
with the sharp front theory [10] and field observations reported elsewhere [11] [12]. The loss
of roofing protection in large parts of the complex has left many building components
exposed to the climatic conditions. Unobstructed water runoff and penetration of moisture at
the top of the walls have contributed to material deterioration. In many areas, moisture
infiltration, combined with thermal distress, have caused the detachment of render and plaster
materials from the substrate, leaving the masonry surfaces exposed to the weather.
Adobe materials exhibit severe weathering due to the susceptibly of unfired earth to
moisture-driven disintegration [13] [14]. Surface erosion characterized by lose of cohesion of
the soil matrix was recorded on most earthen walls. Deterioration of adobes induced by rising
damp has led to the formation of continuous horizontal fissures along the boundary between
the walls’ stone base and the adobe masonry, where the evaporation front is located (Figure
3a). Moisture-driven damage on stone walls is more noticeable at the sections affected by
rising damp. At these areas, the jointing mortar has weathered away to a depth of 5-15 cm
from the face of the masonry, while many stone blocks have suffered spalling and have
become rather friable (Figure 3b). Biodegradation of masonry materials by lichens/mosses, as
well as mechanical damage caused by vegetation growing next to or within the mass of the
walls occur. Many of the remaining timber members were found to be in rather poor state,
showing signs of insect infestation and/or fungal decay.
In terms of structural damage, the major issues identified are partial collapse of masonry
sections, cracking (Figure 3c), loss of interaction among interconnected members and
deformation of wall elements (i.e. bulging, loss of verticality). Measured crack widths were in
many cases ≥ 10 mm, while the presence of through-cracks indicating separation among
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orthogonal walls was recorded. Structural damage has been caused by the joint action of
several factors, including seismic loading, climatic conditions, defects associated with original
construction methods/materials, incompatible/ineffective interventions and application of
excessive loads on the structure due to changes in building use. The lack of adequate
connection between parts of the monument constructed at different building phases and the
inherent absence of stiff floor and roof diaphragms have also affected the structural response.
(a)

(b)

(c)

Figure 3: (a) Undercutting and surface erosion of adobe masonry. (b) Deterioration of stone masonry materials
due to rising dump. (c) Marking of crack locations on the stone masonry wall of the north elevation.

5 LABORATORY TESTING FOR THE CHARACTERIZATION OF THE
HISTORIC FABRIC
5.1 Sampling and testing methods
In order to assess the characteristics of the historic materials, building stones, adobe bricks,
jointing mortars and render/plaster coatings were sampled from the monument and tested at
the laboratory. Core drilling was used to extract stone samples (S1-4) from four different
masonry blocks. Portions of adobe bricks were cut from exposed parts of the walls. Fragments
of mortar (M1-3) were sampled from the joints of the stonework. Mortar samples were also
obtained from earth-based coatings covering the surfaces of the adobe masonry walls.
For the implementation of tests on building stones, cylindrical specimens with nominal
dimensions diameter = height = 55 mm were formed from the core samples via wet diamond
sawing. Prior to testing, all stone specimens were oven-dried to constant mass at 70 oC. The
apparent density and open porosity of the stone materials were measured through vacuum
assisted saturation and submerged weighting, as per EN 1936 [15]. For the determination of
the capillary absorption coefficient, water absorption tests were carried out in accordance with
EN 1925 [16]. The compressive strength was assessed via uniaxial loading tests based on EN
1926 [17]. Loading was imposed under a displacement-controlled rate of 0.2 mm/min using a
300 kN capacity mechanical press. In all types of tests, three specimens from each stone block
sampled were examined. The mineralogy of the stones was investigated through qualitative
and semi-quantitative XRD analyses on powder samples. Locked-coupled continuous scans at
2θ angles from 2° to 100° were performed. XRD analyses were carried out on two of the four
stone samples hereby examined.
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Cubic specimens with a nominal side length of 50 mm were dry cut from the adobe brick
portions sampled and were subjected to uniaxial compression tests. The bearing surfaces of
the specimens were capped with gypsum mortar in order to achieve a uniform distribution of
stresses during the tests. Loading was again applied under displacement control, at a rate of 1
mm/min, using a 10 kN capacity load cell. Tests were performed on three adobe specimens.
In order to obtain information regarding the mix components of the jointing mortars
incorporated in stone walls, fractionation of the sampled materials was performed. Three
samples originating from different parts of the monument were examined. The mortars were
initially crushed to roughly segregate the aggregates from the binder. The processed material
was then immersed in acetone. Repeated cycles of sonication and sieving through a 0.063 mm
sieve were conducted to separate the binder and aggregate fractions. The dry weights of the
fragments passing through (mb) and retained on (ma) the sieve were measured. Based on the
hypothesis that the material with particle size < 0.063 mm consists mostly of the binder, the
binder:aggregate (b:a) ratio of the sample was computed as mb:ma. Semi-quantitative XRD
analyses were conducted on the fractionated binder and aggregate constituents of the samples.
In all cases locked-coupled continuous scans at 2θ angles from 2° to 70° were undertaken.
The characterization of the earth coatings involved evaluation of the samples’ contents in
fines (silt and clay, d < 0.063 mm), sand (0.063 mm ≤ d < 2.36 mm) and fibers. Two samples
were examined. Separation of the fibers from the soil matrix was achieved by submerging the
samples into water and allowing the soil to settle and the fibers to float on the surface. The
segregated fibers were dried and weighted. The soil portions were also dried and sieved
through 5, 2.36, 1.18, 0.600, 0.250, 0.150 mm and 0.063 mm apertures.
5.2 Experimental results and discussion
The experimental results obtained from the testing of building stone samples are
summarized in Table 1. The stones were found to possess rather low density and significant
porosity. The apparent density and open porosity of samples S2-4 were found to be in the
region of 1700 kg/m3 and 35%, respectively. Corresponding results for sample S1 were
somehow different, the average apparent density being 1940 kg/m3 and the percentage of
open pores approaching 26%. The porous structure of the materials explains the high rates of
water absorption recorded. Capillary absorption coefficients for samples S2-4 lied between
1000 and 1400 g/m2s1/2, while specimens originating from sample S1 produced variable
results in the range of 40-325 g/m2s1/2. A load-bearing capacity near 4.5 MPa was assessed for
samples S2 and S3. Sample S2 also exhibited low compressive strength (< 2.5 MPa). As
expected, the load-bearing capacity of the relatively less porous S1 sample was superior to
those of the other stones; 15 MPa. XRD analysis of samples S1 and S4 verified that the
materials under study are sedimentary stones rich in calcite (> 70%). Sample S4 is composed
of 72% calcite, containing considerable amounts (9-14%) of plagioclases (i.e. albite and
anorthite) and quartz. The monocrystalline mineral structure of stone S1 (~100% calcite) may
explain to some extent the lower porosity and higher strength of this sample.
The test results for stone masonry jointing mortars are reported in Table 2. The high
percentage content (≥ 80%) of gypsum identified in the binder fraction of samples M1 and
M3 points towards the use of gypsum-based mortars. The aggregate fraction of these two
samples was also found to be rich in gypsum (> 80%), indicating that gypsiferous aggregates
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may have been used. The presence of gypsum-based jointing mortars in local historic
constructions dating well before the construction of the Manor (i.e. 500 BC) is reported by
Wright [18]. Sample M2 has been identified as a lime mortar, since its binder fraction is
almost entirely composed of calcite. Considering that calcite, quartz and plagioclases are the
predominant minerals in the aggregate fraction of this mortar, it can be presumed that local
calcareous sand was used in its mix design. The ~1:3 b:a ratio assessed for M9 is totally in
line with traditional construction practices in Cyprus.
The two earth-based coating samples examined were found to be rich in fines. The ratios
between the particles < 0.063 mm and those belonging to the sand fraction were 1:0.03 and
1:0.10, respectively. The estimated fiber contents expressed as a percentage of the soil weight
were 21% and 7%. These well exceed the amount of fibers traditionally used in Cyprus for the
fabrication of adobe bricks [19]. Since earth renders were intended to be exposed to climatic
conditions, it is reasonable to expect that high fibrous content had to be used in order to
account for shrinkage effects induced by frequent wetting and drying.
Table 1: Average properties (coefficient of variation) and mineralogical composition of stone samples.

Stone
sample

Apparent
density
(kg/m3)

Open
porosity
(%)

Compressive
strength
(MPa)

Mineralogical
composition

26.1 (10%)

Capillary
absorption
coefficient
(g/m2s1/2)
155 (96%)

S1

1940 (3%)

15.2 (33%)

34.7 (1%)
34.8 (1%)
35.3 (1%)

1253 (14%)
1393 (7%)
1077 (6%)

4.4 (27%)
4.6 (24%)
2.3 (39%)

Calcite: 98%
Albite, Dolomite traces
Calcite: 72%
Plagioclases: 14%
Quartz: 9%
Dolomite, Chlorite traces

S2
S3
S4

1731 (1%)
1734 (2%)
1712 (1%)

Table 2: Binder:Aggergate ratios and mineralogy of the constituent fractions of jointing mortars.

Mortar
sample
M1

Binder: Aggregate
ratio (w/w)
1: 0.3

M2

1: 2.8

M3

1: 0.5

Mineralogical composition
Binder fraction
Aggregate fraction
Gypsum: 90%
Gypsum: 94%
Calcite: 4%
Calcite: 4%
Quartz, Plagioclases traces
Plagioclases traces
Calcite: 90%
Calcite: 60%
Quartz, Plagioclases,
Quartz: 10%
Gypsum, Chlorite traces
Plagioclases: 27%
Gypsum, Chlorite traces
Gypsum: 80%
Gypsum: 83%
Calcite: 17%
Calcite: 15%
Plagioclases traces
Plagioclases traces
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6

APPRAISAL OF SEISMIC RESPONSE

6.1 FE modelling
In order to assess the seismic vulnerability of the monument, a FE model was developed in
Abaqus/CAE (Figure 4). The stone-mortar and adobe-mortar masonry composites were
treated as homogenous continua and were modelled using an isotropic elasticity constitutive
law. Plane stress failure measures were specified for identifying damage. The FE mesh
consisted 3-noded shell elements with five integration points through the thickness and an
average side length of 0.4 m. Pinned supports were defined along the walls’ base.

Stone masonry 50 cm

Stone masonry 60 cm

Stone masonry 70 cm

Stone masonry 80 cm

Figure 4: FE model of the east part of the Potamia Mansion.

Adobe masonry 45 cm

Table 3: Numerical input parameters adopted for stone and adobe masonry.

Property
Weight density – ρ (kg/m3)
Elastic modulus – E (MPa)
Poisson’s ratio – v
Compressive strength – fc (MPa)
Allowable shear stress – fv (MPa)
Tensile strength – ft (MPa)

Stone masonry
1800
1200
0.25
1.2
0.08
0.12

Adobe masonry
1500
300
0.25
0.3
0.02
0.03

Numerical input parameters (Table 3) were based on the experimental data derived in this
study. The weight density of stone masonry was defined as 1800 kg/m3, in accordance with
the properties of the stone materials. The respective value assumed for adobe masonry is 1500
kg/m3. Compressive strength (fc) was estimated as fc = K fb 0.7 fm0.3 [20]. In this relation fb and
fm are the compressive strengths of the masonry units and jointing mortar and K is a parameter
accounting for the construction pattern. With reference to the results of loading tests, fb,s = 4
MPa and fb,a = 0.6 MPa were taken for the strengths of the stone blocks and adobe bricks,
respectively. A value of fm,s = 1 MPa was assumed for the gypsum and lime mortars
incorporated in the stonework [21]. For earth mortar fm,a= fb,a = 0.6 MPa was adopted, as the
composition of this material is typically the same as that of the adobe bricks. A value of K =
0.45 [20] was taken for stone masonry. In the absence of code prescribed clauses for adobe
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masonry, K = 0.55 was adopted. The aforementioned material properties yielded fc,s = 1.2
MPa for stone masonry and fc,a = 0.3 MPa for adobe masonry. Maximum allowable stress
under shear (fv) was estimated as fv = 0.065fc [20]. Tensile cracking strength (ft) was
empirically taken as ft = 0.1fc. Elastic moduli (E) were approximated by E = 1000fc [20]. A
value of v = 0.25 was assumed for the Poisson’s ratio of both masonry typologies.
To assess whether imposed actions result to load-carrying demands which exceed the
capacity of masonry sections, a stress-based failure criterion [22] was implemented.
According to this criterion, the failure surface in the stress space {σx ,σy ,τ} is given by:
f(σx, σy, τ) = F1σx + F2σy+ F11σx2 + F22σy2 + F66τ2 + F12σxσy

(1)

The parameters of this polynomial are (strength) tensors estimated as:
F1= 1/fc,x+1/ft,x; F2= 1/fc,y+1/ft,y; F11= -1/fc,xft,x; F22= -1/fc,yft,y; F66= 1/fv2 and F12= k(F11F22)1/2
for k = -0.3. Although the failure surface can account for orthotropic strength measures, in this
study it was assumed that masonry has the same compressive and tensile strengths along the
two principal directions (fc,x= fc,y= fc; ft,x= ft,y= ft). The assessment criterion provides
indications of material failure based on the post-processing of numerically computed elastic
stresses and does not introduce material degradation properties into the analysis process. The
outcome is expressed by means of a failure index (R) which indicates whether damage due to
exceedance of the permissible stress state is predicted to occur (R ≥1) or not (0 ≤ R < 1).
6.2 Numerical analysis and results
Analysis of the monument’s seismic response was carried out using the response spectrum
method and adopting the relevant nationally determined assessment parameters. The Cyprus
National Annex to EN 1998-1 [23] prescribes a 0.20g reference value of peak ground
acceleration for the Potamia region. Geological data for the area indicate the presence of sand,
silt, clay and gravel; the ground may be classified as Type B [23]. This corresponds to a
horizontal elastic response spectrum defined by periods TB= 0.15 s, TC= 0.50 s, TD= 2.0 s and
a ground amplification factor of S = 1.20. Constant damping with ξ = 5% was assumed.
The FE model was initially analyzed considering only static dead loads. The first 150
eigenvectors of the system were then extracted using the Lanczos eigensolver. Complete
quadratic combination of modal maxima was subsequently applied for computing
unidirectional response along the X and Y axes with respect to the code prescribed spectrum.
The results from the static and multimodal superimposition steps were superimposed in order
to estimate the response of the structure for various load cases deduced by the combinations
of quasi-permanent (G) and seismic (EX and EY) actions G ± EX ± 0.3EY and G ± 0.3EX ± EY.
Modal analysis yielded a multitude of modes having low mass participation. Inevitably, a
structurally meaningful predominant mode of vibration could not be defined. The first 150
eigenvectors engaged 80% and 77% of the total structural mass in the X and Y directions,
respectively. The predicted mode shapes indicate that dynamic behavior is governed by outof-plane motion of individual wall elements. This was pretty much expected due to the
absence of diaphragms at the floor and roof levels and the partial collapse of masonry
sections, which resulted to lack of adequate restrain along the edges of many surviving walls.
Figure 5 presents contour diagrams of damage variable R over deformed FE meshes for
load combinations corresponding to different directions of the principal seismic component.
Good correlation between numerically predicted damage and recorded cracking is observed at
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many of the stone walls (e.g. compare the crack pattern of the north elevation wall shown in
Figure 3c with the corresponding areas exhibiting R > 5 in Figure 5). This provides a useful
indication regarding the validity of the computational model. Analyses show widespread
damage due to exceedance of allowable stress state. For all load combinations examined >
60% of the total surface area of the shell elements develop stresses outside the failure
envelopes defined. According to Asteris [24], this can be interpreted as the structure reaching
the near collapse limit state.
The computed deformation distribution indicates that the walls which sustain out-of-plane
seismic loading are susceptible to overturning. This failure mode appears to be critical for the
walls and parapets of the upper floor and for certain free-standing wall sections at the ground
floor level. It is evident that adobe constructions are the most vulnerable parts of the
monument. The low modulus of earth masonry results to the development of high
deformations at these sections. In addition, the poor mechanical properties of adobe are not
adequate for resisting the significant demands imposed by seismic action, particularly at wall
sections which are not effectively restrained against lateral motion. Overall, spatial
discontinuity of the load-bearing system due to partial collapse of sections and variation of the
stiffness and mass distribution within the walls negatively affect global seismic response.
(a)

(b)

Figure 5: Isoparametric views of the structure under study showing deformed FE meshes (deformation scale x
20) with contour diagrams of damage variable R for load combinations (a) G+EX +0.3EY and (b) G-0.3EX-EY.

7

CONCLUSIONS

An integrated methodology linking historic, architectural and structural analysis was
adopted for the documentation and appraisal of the Medieval Manor of Potamia, Cyprus. The
research included review of existing sources, field investigations, sampling and testing
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campaigns and numerical assessment studies. The monument examined was found to consist
of several building phases dating from the 14th to the 20th century. Its load-bearing system is
composed of stone and adobe masonry walls. Significant structural damage was detected,
including partial collapses, separation among orthogonal walls and extensive cracking.
Furthermore, it was noted that the building materials suffer from moisture-driven decay due to
inadequate protection against ground and rainwater infiltration. Tests for the characterization
of the building fabric revealed that a porous sedimentary stone of relatively low compressive
strength (< 10 MPa) was used for the construction of the stonework, along with lime- and
gypsum-based jointing mortars. Poor mechanical properties were determined in the case of
adobe materials, owing to the susceptibility of raw earth to water-mediated damage. Seismic
analysis conducted using the response spectrum method showed that the monument is
particularly vulnerable to earthquake action. Out-of-plane failure of poorly restrained masonry
sections was found to be the critical mechanism governing seismic response. It was concluded
that the structural behavior is adversely affected by inherent deficiencies, such as the lack of
monolithic connections and the absence of stiff diaphragms, as well as by the pathology of the
monument. Regarding the latter, degradation of mechanical properties and loss of the loadbearing system’s spatial continuity due partial collapse have been identified as the factors
with the most severe impact. The multifaceted approach hereby presented clearly shows that
interdisciplinary collaboration is a key aspect for the comprehensive appraisal of historic
constructions and hence a prerequisite for the design of appropriate intervention schemes.
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Abstract. Protecting cultural heritage from water-soil interaction related threats is a current
issue and the prediction of the effects induced on buildings by landslides is very challenging.
The main difficulties lie in the lack of detailed information about landside movements as well
as in the modeling of soil-structure interaction. This paper study the effects of a particular
category of slow-moving landslides, namely active rotational and translational slides with
movement rates of the order of some mm/year, on buildings of historical and cultural interest
such as churches. Three case studies located in the Liguria region (Italy) were analyzed by
performing FEM and LEM numerical analyses on sections representative of the slope.
1

INTRODUCTION

Slow-moving landslides may cause different damage to facilities such as break of
underground utilities (e.g. water and gas distribution pipelines), interruption of transport
infrastructures (e.g. roads and railways) with consequent high cost of maintenances, but also
cracking and tilting of buildings. Generally, their occurrence does not cause injuries or
fatalities; however, relevant economic losses and damage to both cultural heritage and
environmental assets can be recorded.
With respect to cultural heritage, a significant number of sites and remains are not in
equilibrium with the environment. Among natural phenomena, earthquakes, flooding and
landslides are the main causes of disruption of cultural heritage sites. Although it is difficult to
evaluate the percentage of losses caused by each single phenomenon, it can be easily observed
that earthquakes and flooding affect a very large area and a significant number of monuments
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at the same time, while landslides act more locally, at the scale of the site, thus making statistical
analysis rather complicated. In this respect, it is important to point out that literature is rich of
methods for the prediction of seismic damage of several types of structures, while there is a
lack of studies dealing with the evaluation of landslide effects on cultural heritage.
This paper investigates the effects of slow-moving landslides on historic masonry churches
by means of the analysis of three case studies. Some of the authors carried out an extensive
damage survey campaign in 33 listed churches located in the Liguria region (Italy) in areas
affected by slow-moving landslides [1]. For each church, detailed information about the crack
pattern was obtained by means of on-site inspections [1].
The case studies analyzed in this paper were selected among the buildings investigated in
[1]. Firstly, for each church information regarding both the landslide-affected area and the
geotechnical soil configuration was collected and analyzed. Landslide type, state of activity and
direction were derived from the landslide maps of the basins plans of the Liguria region [2,3]
as well as from the Atlante dei Centri Abitati Instabili della Liguria (hereafter called Atlante)
[4]. Geotechnical data for each area were also obtained from boreholes, inclinometers, in situ
tests and piezometers, when available. Secondly, by means of a GIS software and the
acquisition of DTM (Digital Terrain Model) data of the area, it was possible to obtain a
sufficiently precise topographic survey, in order to trace representative sections along the slope,
particularly along the direction of the landslide. Finally, geotechnical numerical analyses (Finite
Element Method - FEM and Limit Equilibrium Method - LEM) were performed with the aim
of obtaining horizontal and vertical patterns of displacement and slope safety factors,
respectively. In order to reduce the safety factor of the slope and trigger slope movements,
different sets of water table were also implemented. The results of the numerical analyses, in
terms of soil displacements, were correlated with the damage pattern observed in the churches
in order to evaluate the effects induced by slope movements.
2

SLOW-MOVING LANDSLIDES IN THE LIGURIA REGION

The authors focused their research on Liguria, a region of northern Italy that covers an area
of 5418 km2 and is confined within a narrow strip of land bounded to the north by the Alps and
Apennines mountain ranges and to the south by the Ligurian sea. Due to its geographical
location, orography and morphological and geological setting, Liguria is frequently affected by
landslides and floods. It is known that such phenomena are usually triggered by rain infiltration
in the soil, leading to an increase in the pore water pressure and therefore in the deterioration
of slope stability [5]. In Liguria, this deterioration is facilitated by the presence of numerous
rivers that flow into the sea and make the territory very sensitive in rainy periods.
According to the Italian archive of historical information on landslides and floods [6], 1806
landslide events damaged 1233 localities during the period 1800–2001 in the four Provinces of
the Liguria Region. The IFFI project (Italian Landslide Inventory), developed by the ISPRA’s
department for the Geological Survey of Italy and aimed to survey landslides in Italy [7], shows
that in the Liguria region 13.475 landslides occurred between 1164 and 2017. In particular, in
2017 an area of 536 km2, equal to 10.1% of the regional territory, was affected by landslides
[8].
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In a territory with such a high number of landslides, the assessment of the effects of
landslides on the regional cultural heritage is a current and social issue to which scientific
research must offer a contribution. For the purpose of this work, only landslides characterized
by slow movements (i.e. with a speed of the order of some mm/year) were considered.
3

CASE STUDIES

This section presents the analysis of the three case studies under consideration: (i) San
Nicolò di Capodimonte church in Camogli, (ii) Sant’Olcese church in Sant’Olcese, and (iii) San
Carlo church in Cassingheno.
3.1 San Nicolò di Capodimonte church in Camogli
3.1.1

Description of the building and damage survey

San Nicolò di Capodimonte church (municipality Camogli, province Genoa) is located in a
hilly area on the western side of the Promontory of Monte di Portofino (Figure 1a).
The church, whose construction probably dates back to the eleventh century [9,10], is a
construction of limited dimensions (7 m wide, 15 m long) and has a single nave with a transept
and three apses (Figure 1b). The nave and the transept are covered by cross vaults, while the
apses are covered by semi-circular domes. On the upstream side there is the bell tower, while
on the sea side, in the transept area, the church is connected to the rectory and to a small building
called “Casa dei Pescatori” (hereafter named Fishermen’s House), which was a shelter for local
fishermen in the past. A ditch where water is canalized during rainy periods runs along the
external perimeter of the apse. The church has been monitored since 2006 by using electrical
crack gauges, which allow to follow the evolution of the cracks in different areas of the church.
The crack pattern surveyed in San Nicolò church and the Fishermen’s house during on-site
inspections is reported in Figure 1b.

a)
b)
Figure 1: San Nicolò di Capodimonte church: a) exterior view, b) damage pattern.
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The church presents slight to moderate damage. Few thin (width up to 1 mm) and medium
(width between 1 mm and 5 mm) vertical cracks can be observed in the longitudinal walls as
well as in apse wall above the windows. The vaults of the transept present cracks oriented
parallel and perpendicular to the longitudinal axis of the church. Regarding the Fishermen’s
house, the authors were given access only to the building portion adjacent to the church.
Extensive and severe damage was found in this area. In particular, large (width equal or larger
than 5 mm) vertical cracks developing from the level of the ground were observed in the
external wall continuous with the wall of the church apse.
3.1.2

Geotechnical analysis and damage assessment

The area in which the complex is located is limited by two natural streams along which water
flows and groundwater is canalized. According to the landslide classification of the Liguria
region [2,3], S. Nicolò di Capodimonte church is located in an area not affected by active
landslides but characterized by a medium level of landslide susceptibility and high acclivity.
Geological and geotechnical investigations were carried out in 2002, with the aim of defining
the stratigraphic sequence of the site, and soil analyses were performed as well. In particular,
the results of seven electric tomographic sequences, five refraction seismic tests and four
dynamic penetration tests with medium-light penetrometer are available.
A typical sequence of the Ligurian slopes was recognized and assumed: under a superficial
heterogeneous clastic blanket, about 3-4m thick, a 2-3 m thick layer of highly
fractured/weathered rock is encountered; the bedrock is a marly limestone belonging to the
formation of the Flysch of Monte Antola.
In winter 2017 a laser scanner survey of both the church and the surrounding area, including
other buildings and the natural slope, was performed through the acquisition of the 3D point
cloud. Through its processing in CAD, it was possible to obtain the plano-altimetric profile of
the area in an accurate way, improving the plano-altimetric profile obtained by processing
technical charts and the available land survey.
In 2019 the authors took samples of soil in the surroundings of the church in order to perform
laboratory tests. The latter allowed to estimate the soil parameters that were used for the Van
Genuchten hydraulic model [11] in order to simulate partial saturation condition of soil.
Once the geotechnical and structural data were collected, several FEM analyses were carried
out using PLAXIS 2D software. Figure 2 shows the different sections analyzed and the position
of the available investigations for section E. The groundwater level was varied in different
positions (according to piezometric monitoring) to evaluate its influence on slope stability,
under both free-field conditions and introducing the presence of superstructures. In [12], the
different soil types were modelled firstly with the elastic-perfectly plastic Mohr-Coulomb
model; then, more accurate FEM analyses were performed by adopting the HSM (Hardening
Soil Model), a non-linear isotropic hardening model used to better simulate the real behavior
of soils [12]. In this paper, the HSM model was further refined using the Van Genuchten model
to simulate the variation of the degree of soil saturation due to groundwater level oscillation as
well as rain simulation.
Figure 3 shows the trend of vertical and horizontal displacements for section E under the
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Fishermen’s House and under the church. It can be noticed that, while vertical displacements
exhibit a uniform distribution under the entire complex, horizontal displacements are larger
under the Fishermen’s House than under the church. These results can explain the crack pattern
observed in both buildings. Firstly, the vertical cracks observed in the apse wall as well as in
the external wall of the Fishermen’s house can be attributed to the occurrence of horizontal
displacements. The latter may have caused also the cracks in the vaults oriented parallel to the
longitudinal axis of the church (Figure 1b). Secondly, the more severe damage observed in the
Fishermen’s house can be explained by the larger horizontal displacements obtained under this
building. Regarding the cracks in the vaults oriented perpendicular to the longitudinal axis of
the church, they may be associated to a local subsidence occurring under the apse of the church.
This phenomenon may have been triggered by the significant concentration of rainwater in the
area of the apse due to the presence of the ditch mentioned above.
The displacement patterns obtained from numerical analyses were also correlated with the
damage levels proposed by [13]. It is important to underline that, while the analyses performed
using the HSM model indicated a moderate damage level [12], the more refined analyses carried
out with the Van Genuchten model classified the damage as slight, in good agreement with the
real damage level of the structure (Figure 4). These results demonstrate that a refined
geotechnical modeling, possible only in the presence of soil tests, is necessary in order to predict
realistically the damage induced on churches by slow-moving landslides.

Figure 2: Slope sections analysed.

Figure 3: Vertical and horizontal displacements obtained in section E.
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Figure 4: Correlation between angular distorsion and lateral strain (obtained from vertical and horizontal
displacement, respectively) and damage level, from [15].

3.2 Sant’Olcese church in Sant’Olcese
3.2.1

Description of the building and damage survey

Sant’Olcese church is located in the municipality of Sant’Olcese, in the province of Genoa.
The church, dating back to the first half of the seventeenth century, has three naves and is about
29m long and 14m wide (Figure 5a). The central nave is covered by a barrel vault made of brick
masonry, while cross vaults are present in the lateral naves. The bell tower, which is now
separated from to the church, was rebuilt in the 1930s after the demolition of the original one
(adjacent to the church).
The crack pattern observed in Sant’Olcese church during on-site inspections performed by
[1] is reported in Figure 5b.

a)
b)
Figure 5 – Sant’Olcese church: a) exterior view, b) damage pattern (the direction of the landslide acting in the
area is indicated with an arrow).
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The church presents extensive and heavy damage, in particular in floors and vaults. Damage
in the floor appears in the form of parallel gaps among tiles (ranging from 2 to 5 mm in width)
and localized sinking. Extensive damage can be observed in the vaults with diagonal shear
cracks widespread throughout the building. It can be observed that these cracks, which exhibit
the same orientation in all the vaults, reflect the gaps observed in the floor, both being oriented
almost perpendicular to the landslide direction (indicated with an arrow in Figure 5b). Finally,
walls are affected by few minor vertical cracks.
3.2.2

Geotechnical analysis and damage assessment

The church is situated on a slope characterized by a slope angle of 15° (low inclined slope).
The area of interest belongs to a large complex active landslide of about 1.09 km2. From Figure
6, it can be observed that two inclinometers, installed in the framework of the REMOVER
monitoring project of the Liguria Region, are present in the landslide area in the slope adjacent
to the one where the church is located (Figure 6). They report a horizontal displacement of
175mm in 9 years, over 15mm/yr. However, no inclinometers can be found on the slope on
which the church is situated.
It is important to point out that the area surrounding Sant’Olcese church is not actually well
monitored. Only few boreholes, which allowed to define the stratigraphic sequence as well as
to model soil stratigraphy, are available in the area uphill of the church. Conversely, no
boreholes are present in the downhill area, as shown in Figure 6. Furthermore, no geotechnical
tests for the characterization of the soil were performed.
By mean of PLAXIS 2D software, a section along the direction of the landslide was
developed. The different soil types identified by the boreholes were modelled with MohrCoulomb constitutive law, as the absence of soil characterization tests did not allow for a more
refined modeling (i.e. HSM). Several parametric analyses were developed in order to
investigate the range of variability of geotechnical parameters. The groundwater level was
varied in different positions in order to trigger the slope movement.
Both horizontal and vertical patterns of displacement were evaluated. The results show only
very small displacements (less than 1mm) in the section under the church while an area of
instability downhill of the church was identified (Figure 7). However, the latter is too far away
from the building to influence its behavior.
The results of numerical analyses do not appear to be in good agreement with the crack
pattern observed in the church. In fact, the heavy damage exhibited by the building as well as
the occurrence of parallel cracks in vaults and floors oriented perpendicular to the landslide
direction clearly indicates that the church has been subjected to slope movements. The absence
of significant soil displacements obtained from numerical analyses can be attributed to the fact
that the lack of detailed geotechnical data did not allow for an accurate modeling of the soil.
The latter could be achieved by performing new in-situ tests and boreholes, especially in the
area downhill of the church, in order to obtain a detailed stratigraphy and fully characterize soil
parameters.
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Figure 6: Localization of boreholes and inclinometers in the area of interest.

Figure 7: Shear strain concentration in area downhill of the church.

3.3 San Carlo church in Cassingheno
3.3.1

Description of the building and damage survey

San Carlo church is located in the village of Cassingheno (municipality Fascia, province of
Genoa). Built at the end of the XVI century [14], the church consists of a single nave, a short
transept and a semicircular apse. A bell-tower is present on the left side. Considering also the
apse, the building is about 20 m long and 6 m wide. The nave is covered by a barrel vault made
of stone masonry.
Figure 8a-b presents the crack pattern of San Carlo church in plan and elevation. The
building exhibits extensive and severe cracking as well as large deformations. The floor
presents two large parallel gaps (the largest one with a width of 18 mm) crossing the entire floor
and propagating between longitudinal walls (Figure 8a). These gaps continue up into the walls
with a diagonal orientation. Regarding cracking of walls, the most important damage is
observed in the second bay behind the façade where series of severe diagonal cracks
propagating from the level of the ground and developing upwards towards the apse are observed
in both the longitudinal walls (Figure 8b). As for arches and vaults, they exhibit only few and
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slight damage. In particular, a thin longitudinal crack is present in the barrel vault at mid-span.
Thanks to the deformation survey performed in [15], the presence of large deformations can be
observed (Figure 8b). In particular, a significant rotation of the apse towards the interior of the
church can be detected. Furthermore, it can be observed that the left part of the church, where
the bell-tower is located, experienced a larger settlement with respect to the right one [15].

Figure 8: Damage survey of San Carlo church in Cassingheno: a) plan, b) section AA. (The direction of the
landslide acting in the area is indicated with an arrow).

3.3.2

Geotechnical analysis and damage assessment

The church and the village of Cassingheno are located on a medium-low inclined slope
(about 20°), probably being the accumulation zone of a relict deep slide. The area of interest
lies on an active landslide of about 1.77 km2 categorized as complex. Thanks to the REMOVER
monitoring project of the Liguria Region, three inclinometers were installed in the landslide
area in order to monitor slope movements. They show small displacements of the blanket at
variable depths along the slope; all the instruments indicate a possible failure surface located at
depth 9-12 m from ground surface.
Some boreholes performed in previous investigations [16] allowed to define the stratigraphic
sequence of the soil, which indicates a thick layer (10-15 m) of very heterogeneous blanket
(sand with clasts, clayey silts) separated from the bedrock (shales) by a transition zone (1-3 m)
of weathered rock. The ground water table, whose oscillations follow mainly the seasonality, is
located inside the blanket. The results of in-situ tests performed in the past in the area [16] were
used to assess geotechnical mechanical properties. These latter were also fully characterized by
means of parametric analyses in order to evaluate their range of variability.
Thanks to the GIS software and the acquisition of DTM data of the area, it was possible to
obtain a sufficiently precise topographic survey, in order to trace representative sections along
the slope, particularly in the direction of the landslide. Figure 9 shows a section of the slope
created in SLIDE along the landslide direction. The position of boreholes and inclinometers as
well as of the adopted stratigraphic sequence are also indicated.
Both LEM and FEM analyses were performed by some of the authors in [17] in order to
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associate slope displacements with slope safety factors. In the FEM analyses, carried out using
PLAXIS 2D, a simple linear elastic perfectly plastic model with Mohr-Coulomb failure
criterion was adopted for all the soil layers. In order to reduce the safety factor and trigger slope
movements, different sets of water table were considered. Twelve phreatic levels surfaces were
modelled, simulating different hydrologic conditions that could actually occur.
The results show that the church is located in an area of potential instability (Figure 10) and
is subjected to horizontal and vertical displacements of the same order of magnitude.
Regarding horizontal displacement, a maximum value of about 20 mm is obtained under the
church when analyzing the slope section along landslide direction. This displacement value is
in good agreement with the horizontal displacement recorded by the inclinometers and reflects
the width of the gaps of the floors. These latter can be, indeed, attributed to the significant
horizontal movement experienced by the church in the direction of the landslide. As for vertical
displacements, they may explain the rotation of the apse towards the interior of the church.
The presence of severe cracks localized in the second bay of the church as well the settlement
experienced by the left part of the church with respect to the right one can be attributed to the
occurrence of differential settlement in this area. These displacements could have been
responsible for the structural instability of the bell tower, which was strengthened in 1988. It is
evident that such local phenomena cannot be captured when modeling the behavior of the entire
slope.

Figure 9: Boreholes and inclinometers localization along the section analysed.

Figure 10: Total displacements |u|.
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4

CONCLUSION

This work is part of a research program aimed at protecting cultural heritage from water-soil
interaction related threats. In particular, the effects of slope movements on historic masonry
churches were investigated by means of the study of three case studies, located in the Liguria
region in areas affected by slow-moving landslides. Geotechnical numerical analyses were
performed, leading to the following conclusions:
- The main difficulty encountered in the analysis of soil-structure interaction is related to the
lack of exhaustive information regarding soil properties, site stratigraphy and landslide
movements. In two of the three case studies under consideration, the absence of detailed
geotechnical data impeded a refined geotechnical modeling, making it necessary to introduce
some simplifications in numerical investigations. Furthermore, several parametric analyses
were required for the definition of soil properties and groundwater level. In the case of
Sant’Olcese church, the lack of geotechnical data did not allow to develop a numerical model
able to catch the ground movements to which the structure was subjected. Conversely, the case
of San Nicolò church underlines that a correct prediction of the damage induced by slowmoving landslide is possible only when detailed geotechnical information is available. Indeed,
a more refined modeling of the slope, developed thanks to exhaustive geotechnical data as well
as in-situ and laboratory test results, allowed to obtain numerical results that are in good
agreement with the damage level observed in the structure.
- Geotechnical numerical analysis showed that the identification of the displacement patterns
induced by slow-moving landslide is essential to interpret correctly the crack pattern of the
church. Indeed, vertical and horizontal soil displacements can be correlated with the damage
pattern observed in the churches.
- This work represents a good starting point to draw general conclusions about the structural
response of historic masonry churches exposed to slow-moving landslide threats, as the
numerical analyses performed so far allowed to associate the damage patterns observed on-site
with the displacements induced by landslides.
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Abstract. Current massive data capture techniques (MDCT), such as terrestrial laser
scanning and digital photogrammetry, have become widespread during the last decade, and
raises the possibility of developing new assessment methodologies based on the 3D
documentation. The paper exposes de results of using simple, non-invasive procedures for the
assessment of the shape of a masonry building from a point clouds registered with a terrestrial
laser scanner. The case study selected is the church of Sant Miquel of Batea (eighteenth
century), located in the province of Tarragona (Spain). The methodology used combines 2D
and 3D processes for assessment of the geometry. The results of the investigation have
confirmed the good condition of the building. It presents dimensional variations, most of which
can be related to the construction process, while some displacements identified provide
information about the accommodation process of the masonry structure.
1

INTRODUCTION

Current architectural heritage documentation procedures are very varied, and the use of
massive data capture techniques (MDCT), such as terrestrial laser scanning and digital
photogrammetry, have become widespread during the last two decades. These raises the
possibility of developing new assessment methodologies based on the 3D documentation [1]
[2]. Numerous investigations have tested the techniques’ reliability [3], [4] and proved their
effectiveness and compatibility to obtain high precision topographical documentation in
architectural heritage [5], [6].
The paper exposes de results of using simple, non-invasive procedures for the assessment of
the shape of a masonry building from a point cloud registered with a terrestrial laser scanner.
The case study selected is the church of Sant Miquel of Batea (eighteenth century) (Figure 1),
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which is located in the province of Tarragona (Spain) [7]. It is one of the most relevant Baroque
constructions in Catalunya, due both for their architectural features and decorative elements.
The building mainly consists on a basilica ground plan with a transept with a central dome over
a ciborium, and a presbytery, where the altar is located. The main body has square columns and
three naves, located at almost the same height defining an interior space of hall church
(hallenkirchen). In addition, it is remarkable its great measures, of 48.20 m x 26.11 m in the
ground plan, and 19.95 m in height, measured in the top of the roof of the central nave.
The methodology used combines 2D a 3D processes for the assessment of the geometry, and
takes as reference previous works such as [8], [9], [10]. 2D analysis is mainly based on cross
sections, which allows to quantify main measures of all structural elements in detail. 3D
analysis is based on the comparison with reference shapes, which allows a quantitative and
qualitative comparative analysis of spatial elements such as the vaults and the dome.

Figure 1. Main façade (exterior) and nave (interior) of the church of Sant Miquel of Batea
2 METHODOOGY
The study was based on the topographic data obtained from the building in a single day
(Campaign: J. Lluis i Ginovart, A. Costa-Jover, S. Coll-Pla) with a Leica laser device, as other
methods were considered not cost-effective, in terms of time and resources, in obtaining the
needed accuracy. Despite the survey involved all the building, the assessment was focused on
the naves and the central dome.
The device used was a Leica ScanStation C10, with a position accuracy of 6 mm at 50 m.
The architectural layout complexity required a large number of stations to avoid occlusions in
the model. The spatial resolution of the scans was set to 1 cm at 10 m and the maximum length
of the measurements were below 50 m. The coordinates (x, y, z) of each point were
complemented with RGB information through the photographs taken with the incorporated
camera of the device, with a resolution of 1920 x 1920 pixels (4 mp).
The software Cyclone was used to register the point clouds in the same local coordinate
system with a standard deviation of 3 mm. The error considered was the result of the target
based registration and the accuracy of the device. No resampling of the final point cloud was
performed. Thus, the maximum error of the registration process was 9 mm, which was
considered to be adequate for the assessment. The density of the obtained point cloud was more
than 169 million points.
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After, 3DReshaper was used to generate the 3D mesh of the model from the selected points.
The mesh density was adjusted at an average triangle size of 2.5 cm, which was later refined
using the same program to avoid aberrations due to point cloud noise.
Once the complete point cloud was obtained, the proposed methodology for the assessment
of the building combined 2D and 3D processes. This allowed to adapt the processes according
to the construction elements, optimizing the study. The analysis focused on the inside of the
construction.
Prior to the assessment, all the fundamental construction elements were discretized. These
are: pillars and pilasters (Pi) arches (Ai), vaults (Vi) and finally the central dome. Following,
the main parameters to be registered are established, and the corresponding 2D or 3D process
to obtain them. Despite being a Baroque building, the decoration is not very ornate, so there are
no excessive areas where registration of measures is difficult.
The 2D study was based on the thorough sectioning of the construction elements. Figure 2
summarizes de nomenclature used for every element and section. Cross sections were made for
each element, according to the main axes (i.e. cross sections from the longitudinal and
transversal axes of the nave) that define the main points of the geometry of the elements
assessed. Following, the study compared the differences between equal points between
elements to identify possible movements.

Figure 2. Elements assessed and nomenclature.
The 3D assessment was performed with the program 3DReshaper. This software allowed to
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obtain the range of distances (point to surface) between a point cloud and a shape of reference.
The study in that case focused on the vaults and the dome, which shape can only be fully
understood in 3D. Two variants of the assessment were performed. First, the shape of the vaults
was analysed compared to a horizontal reference plane. A different height from the reference
plane was established for the side aisles and the central vault. This approach allowed to identify
differences between the vaults simply and quickly. Complementarily, contour lines spaced
every 10 cm were defined from the vaults mesh, to define a topography of the elements. Second,
the central nave and the dome were assessed according to a primitive shape of comparison, a
cylinder and a sphere correspondingly. These two analysis allowed to identify differences
between equal elements, which at first glance may not be appreciated. The formal anomalies
can be related to deviations during construction, or to movements of the structure after
construction.
3

RESULTS

3.1 2D Assessment
The exhaustive sectioning allows a first and easy approximation of the formal alterations
that the structural elements may have suffered. In this case, pillars and pilasters (Pi) arches (Ai)
and vaults (Vi).

Figure 3. Values obtained in central pillars and pilasters (up) and lateral pilasters (bottom).
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For the study of the pillars and pilasters the possible out of plumb points have been analysed,
based on the displacements on the axis (x), measured in the upper end of the capital moulding
and the lower end of the base of each column. The column shaft line was projected to the base
and capital mouldings ends so as not to distort the measurement. Each pillar was measured on
both sides of each axis, obtaining the measurements (dF, dB) through longitudinal sections (LS),
and (dL, dR) in the cross sections (CS). In the case of pilasters, it was not possible to register all
the coordinates, given the existence of mouldings that distorted an accurate reading at some
points.
Figure 3 summarizes the measures obtained, according to the elements located in the central
nave (pillars and pilasters) and in lateral walls (pilasters). It can be observed that in general
terms, the values of the displacements are low. In the case of pillars, the range of displacements
(x) in the longitudinal direction (LS) is [P3.2dF: 0.088 m - P3.6dB: 0.001 m]. In the transverse
direction (CS), the range of values is [P3.2dL: 0.077 m - P2.1dL-dR: 0.001 m]. On the other hand,
the values in lateral pilasters tend to be lower. The range of values in CS is [P1.1dR: 0.068 m P4.2dL: 0.002 m]. These values are very low, and can be considered invaluable on an
architectural scale.
As for the rounded arches between the vaults, the spring line is measured to be over 1.35 m
from the impost of each column. The arches located in the longitudinal direction have a radius
of about 2.80 m, and the transverse ones 2.10 m. The measurement of the springing line presents
difficulties due to the mouldings, so that only the height of the key was registered. The arches
of the collateral chapels were not studied, since they present many irregularities that prevent a
correct reading due to mouldings. Figure 4 summarizes the values obtained. In the longitudinal
direction (LS), the range of heights is [A2.1: 0.016 m – A2.3: 0.015 m], and in the transverse
direction (CS) of heights is [CS5 14.73 m – CS5 14.61 m] for side arches and [CS6 16.63 m –CS2
16.25 m] for central arches. On the other hand, qualitatively no relevant deformations have been
observed.

Figure 4. Values obtained in the arches keystones. Transverse arches (CS), Former arches (LS)
Finally, the 2D study of the vaults is made from the registration of the points located on the
axial axes (longitudinal LS, transverse CS) that determine their geometry. The (y) of selected
points are registered, based on a common horizontal reference plane, which is located at the
average height of the pavement of all the sections. Figure 5 shows the values obtained in the
vaults located on the left (VL) and on the right (VR) of the central nave, and the vaults of the
latter (VC). The extreme values in the collateral vaults are (VR2: 15,542 m - VR4: 14,616m), and
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in the central vault (VC4: 16,741 m - VC2: 15,309 m). The maximum difference between
comparable points (i.e., same point in analogous vaults) is 0.268 m between points of VL4 and
VR4 of collateral vaults, and 0.165 m between points VC1 and VC4 of central vaults.

Figure 5. Values obtained in vaults for Left side aisle (VL), Right side aisle (VR) and the central
nave (VC), according to axial axis (LSi) and (CSi).
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3.2 3D Assessment

Figure 6. 3D Assessment of the vaults. Comparison with horizontal planes.
The topographical representation of the vaults revealed that most of the elements are very
similar, since no relevant differences can be seen. The visualization includes the maps of the
vaults’ relative heights and contour lines spaced every 10 cm (Figure 6). These data allowed a
very intuitive interpretation of the vaults’ shape. In the case of the church of Batea, vault V L4
has the most relevant differential gradient with respect to the rest of the rest of vaults. This is
consistent with the results obtained in the 2D study. On the other hand, Figure 7 compares the
distance distributions for each vault showed in Figure 6 (VC, VL & VR). The ranges measured
are mainly at a distance from the reference plane between 3.56 m - 3.12 m, and 2.67 m - 3.12
m, which represent the 69.6% of the points.
Regarding the assessment from primitives, the data of the elements of comparison are
summarized in Table 1. The central nave has been analysed in comparison with the cylinder
that best suits the geometry of the barrel vault part (Figure 8). The results show how central
sections are which best fits the ideal cylinder, while the vault section near the dome is the least.
As for the dome, it is compared with a sphere. A differentiation is made between the
fundamental parts, nerves and shell, and a sphere is defined for each one (Figure 9). The study
reveals a certain settlement of the upper part of the dome, due to the weight of the lantern. This
deformation is not uniform, and the most settled area can be related with a deformation at
medium height in the opposite quarter of the dome. It is remarkable that ribs did not reproduce
the same differences regarding the shell.
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Figure 7. 3D vaults assessment. Graphics of ranges comparison.

Figure 8. 3D assessment of the central vault from standard primitives.
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Figure 9. 3D assessment of the dome from standard primitives.
Height of Origin
Radius
Area
Volume
Length

Sphere (shell)
21.949 m
4.680 m
239.796 m2
349.169 m3
-

Table 1. Main data of primitive forms of comparison.
4

Sphere (ribs)
22.024
4.270 m
229.511 m2
326.180 m3
-

Cylinder
12.251 m
4.243 m
692.616 m2
25.962 m

DISCUSSION

The methodology used has allowed to parameterize the formal differences between the
construction elements of the church of San Miquel of Batea. In general terms, no relevant
discrepancies were identified, so the structure has hardly suffered formal alterations. The
identified deviations usually have small values, with some exceptions, as in the case of some
points of the vaults. Nevertheless, taking into account the size of the building, most of them
have no impact on its state of conservation, although there are some trends that should be noted.
Cutting planes has revealed that the leaning of the pillars does not have the same value in
parallel faces. There may be a certain execution error, but it is striking that systematically the
highest values in the longitudinal sections (LS) are produced towards the main facade, while in
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the cross sections they tend to be higher on the face closest to the perimeter walls No differential
movements have been observed in (y) between parallel faces. The average value of the
displacements in (x) is 0.034 m, finding those of greater magnitude in P2.2dB: 0,08 m) and
(P3.2dF: 0,088 m), which are caused by the action of the dome.
It is also noteworthy that the displacements of the pillars in the longitudinal direction (LS)
tend to decrease from the dome to the main facade, while in the transverse direction (C S) they
tend to increase, although with much smaller magnitudes. These values have no correspondence
in the lateral pilasters, which have an average value of 0.025 m.
Regarding the arches, it can be seen that those located on the east side (AL) are significantly
lower than the analogs on the opposite side (AR), with an average difference of 0.110 m. On the
other hand, the height difference between the arches (AL) is 0.030 m, with the exception of
AL6, which is 0.190 m lower than the others. In the case of arches (AR), all maintain a maximum
difference of 0.080 m. Finally, the central arches (AC) tend to increase their height from the
dome to the main facade, with a maximum height difference of 0.380 m between them.
As for the vaults, the graphs show that in the side aisles, the transverse axis of the vaults
tends to be horizontal, while the longitudinal one is pointed towards the key. This situation is
reversed in the case of the central vaults. Thus the inclination of the axial axes of the vaults is
related to the dimensions of the rectangle of the ground plane, and the inclined axis is the largest.
The 3D study has shown a great similarity between analogous elements, although some
alterations have also been identified, such as the vault VL4 and VC1, which have a height
significantly lower than their peers. In addition, it can be seen that the Lef Vaults (V L) are
noticeably lower than Right ones (VR). Finally, it is observed that central vault (VC) tends to be
progressively higher from the dome to the façade.
Moreover, the study of the dome reveals a certain settlement of the upper part, due to the
weight of the lantern. This deformation is not uniform, and the most settled area can be related
with a deformation at medium height in the opposite quarter of the dome. It is remarkable that
ribs did not reproduce the same differences regarding the shell. In any case, the values remain
small, with a maximum distance of 0.045 m.
5

CONCLUSIONS

The use of massive data capture techniques such as Terrestrial Laser Scanner not only
provides accurate geometrical information, but also valuable data about its structural state. The
study has proposed a systematization of 2D and 3D operations to analyse a case study, based
on a point cloud. Thus, it is possible to identify formal alterations that would otherwise be
impossible to determine, and which can have an impact on the conservation of the building.
In the case of the church of San Miquel of Batea, the study has given quantitative and
qualitative data about the formal anomalies of the construction elements. Most of that anomalies
are no related with degradation processes, since there are no cracks or other related movements.
For example, the lower height of the Left Aisle (VLi) regarding the opposites (VRi) may be
related to errors during the construction process, since no relevant movements in the supporting
system have been identified, nor settlements in the pavement that can be related with that fact.
Otherwise, other movements, such as the ones identified in pillars and pilasters, can be related
with the settlement of the building, either during or after construction.
The methodology used can be easily exported to other buildings, and in fact it is easy to find
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many examples of formal studies based on point clouds. Otherwise, it is always necessary to
adapt to each specific case, since the characteristics of the buildings, such as size, decoration or
complexity among others, conditions the data that can be analysed.
Further research should add the analysis of the exterior of the building and the extrados of
the vaults. In addition, the numerical analysis of the structure should reach some light over the
displacements identified. Finally, the study of the architectonic rules and possible influences,
together with the historiography of the building and its context, would complete the
understanding of the construction features.
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Abstract. Recent seismic events that hit the Centre Italy have highlighted the high vulnerability
of the historical and architectonical heritage that is the richness of the country, pointing out
once again the difficulty of the assessment of monumental buildings such as churches or
historical palaces, due to their uniqueness, the absence of a design, the limitation of invasive
in situ tests, but the importance of the knowledge to understand the seismic behavior more than
the static analysis under the gravitational loads. In the present paper the knowledge procedure
is framed considering the case study of an important nineteenth century astronomical
observatory, constructed in 1816-1819. The building, located in Naples, in the southern of Italy,
classified by the Italian code as an area of medium seismic hazard, is analyzed by the use of
integrated investigation activities such as coring, flat jack tests, georadar to obtain all the
information due to the variability of the materials and the influence of previous alterations and
repairs, that are data all necessary to develop a reliable model.
1

INTRODUCTION

Historic and monumental constructions are the most important part of the cultural heritage
of a Country and it is very important to protect those structures since they have an inestimable
artistic value but also because they are open to the large assemble of people. In Italy the
protection of the historical heritage against seismic hazard is paramount and requires the
definition of reliable models able to represent the actual architectural, constructional and
structural configuration. Thus, a preliminary diagnostic phase through geometrical surveys,
photographic documentation, mapping of materials and construction techniques, decay pattern
surveys play an important role for the collection of all data as extensively documented by
scientific literature [1,2,3,4]. This phase of knowledge is particularly difficult because the
historical constructions are always quite singular cases for which the same investigation plan
cannot be applied, therefore the first step is to tailor it.
It is also worth to underline that during their life historic structures have experienced many
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actions and earthquake loads that contributed to cause a non-stopping, gradual transformation
of the structure [5]. Another challenging task, closely linked to the history is the understanding
of the design concepts and construction technique. Their knowledge could provide precious
empirical information for the analysis and the possibility of applying conventional methods of
modelling.
Therefore in order to well proceed in the assessment of an historical building, the first step
is the attainment of a sound knowledge of the erection history to individuate the technique and
materials used. With this perspective and aiming at the seismic protection of the building, this
paper deals with the knowledge and investigation phases of an important nineteenth century
astronomical observatory, constructed in the period 1816-1819, that is “the Astronomical
Observatory of Capodimonte”, located on a hill in Naples. The diagnosis phase was carried out
through survey practices and not destructive tests such as geometrical and architectonical
survey, cracking outline survey and analysis, semi-destructive tests, including essays and in situ
single and double jacks tests for the mechanical characterization of materials. Actually, this
diagnostic phase was preceded by a historical research in libraries and archives of documents
related to the building's design and construction phases; the main aim is to interpret the
historical notices in order to confirm the hypothesis on the masonry morphological and
structural features of the monumental building set up based on the in situ investigation. In
particular the importance of historical study and non-destructive investigations emerged clearly
for the identification of the structure.
2 DESCRIPTION OF THE BUILDING
The “Astronomical Observatory of Capodimonte”, one of the twelve Italian observatories,
which together constitute the National Institute of Astro-Physics (INAF), the main Italian
company for astronomical and astrophysical research from land and space, is located on top of
the hill “Miradoris” in the city of Naples (Figure 1). The construction works of the original
structure were promoted by Gioacchino Murat in 1812 but the structure was inaugurated thank
to Ferdinando I of Borbone in 1819. Figure 1 shows the general view of the building.

Figure 1: General view of the Astronomical Observatory of Capodimonte in Naples.

As a preliminary step, the complexity of the building required to get hold of a detailed
knowledge of its geometry. Therefore, a complete in-situ inspection was carried out for
understanding the organization of the structure. The plan layout of the ground floor of the
astronomical observatory is reported in Figure 2. The building was realized using tuff (natural
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volcanic stone) masonry typical of the Italian region where is located. The plan has an elongated
rectangular shape and approximately its dimensions are 65 m × 20 m. The construction has two
stories; both the underground floor and the ground floor are approximately 4.0 m high. The
thickness of the walls varies between 1.00-1.55 m at the underground floor, where it was not
always possible to do the measure, and 0.50-1.00 at the ground floor. A particular feature of
this building is due to the presence of a heavy stone cladding whose thickness equal to 25 cm
was measured by means of a hole. This aspect is particularly important in a seismic analysis as
it behaves as an additional mass.
The main entrance to the building is preceded by a pronaos surmounted by an architrave, the
tympanum and other classical elements of the Greek temple architecture. In the building it is
possible to recognize three main blocks: a central square block and two rectangular lateral
blocks. The main rectangular room (central atrium) is characterized by two lines of marble
columns and it is covered by a barrel vault with a glass skylight. Also, the lateral zones adjacent
to the central atrium, are covered by barrel vaults or hemispherical dome, except the last rooms
at the two ends that were added in 1935 using the same stone for masonry while the floor was
realized by iron beams and clay tiles.

Figure 2: Plan layout of the ground floor.

3

HISTORICAL NOTES

The historical reconstruction is necessary to understand the phases and techniques of
erections. Referring to an historical document found in the building archive named “Ragguaglio
del reale Osservatorio di Napoli eretto sulla Collina di Capodimonte”, it is clear how the first
design ideas were different and the construction of the entire building was troubled changing
also during the works.
A conceptual design by Stefano Gasse, dated June 1812, included a facade similar to a
classical temple with a monumental entrance formed by a tetrastyle pronaos which was reached
by a staircase. Consulting other historical documents, it seems valid the hypothesis that the
works corresponding to this project, reported in Figure 3 a, together with the coin celebrating
the start of the work, were partially realized. In particular, the external and internal circles and
the lateral wings may have been completed (the western one also completed with travertine
cladding).
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Figure 3: a) First project designed by Stefano Gasse in June 1812; b) Design of the built building.

However, the work was not completed for political and artistic reasons which led to a
substantial change in the shape of the central part. The final design for the central part is that
shown in Figure 3b. Therefore, it could be assumed that the plan of the ground floor of the
historical building was founded on the plan envisaged by the project shown in Figure 3, but
with the execution of "demolitions and excavations", as written in the historical documents, to
support the walls and columns on appropriate underground walls. Unfortunately, the
underground plan is not completely accessible, especially the central room, that was completely
changed during the work, is closed along the perimeter. However, the considerations above
introduced find partial comfort from the observation of some photos (Figure 4) of the works for
the realization of an Auditorium in 1982 at the underground level adjacent to the front of the
central part of the building, as better explained in the following.

Figure 4: Works for the realization of the Auditorium in 1982.

In fact, from the photos it is clear that the external circumference and the radial corridors
surmounted by main and secondary arches, in accordance with the project of Figure 3a, had
actually been constructed at the level currently buried in the square in front of it. Figure 5 shows
the overlap of the current plan of building and the project designed by Stefano Gasse, suitably
scaled considering the palm-meter conversion. This hypothesis is not surely confirmed
underlining the great difficulties related to the identification of the structure of the underground

1100

A. De Angelis, F. Santamato, G. Maddaloni, L. De Filippis and M.R. Pecce

level, that is of paramount importance for the structural analysis especially under seismic
actions.

Figure 5: Overlap of the currently plan of the historical building and the project designed by Stefano Gasse.

The building was completed in 1819 but it has undergone some changes during the time
especially when two rooms on two extreme sides in the longitudinal direction were realized in
1935 (Figure 3a and Figure 6), as written in other documents. Albeit the new parts were
designed to be integrated in the same style of the original building they can be distinguished by
the presence of a coating and a cornice in mortar and not in natural stone as for the ancient
construction. Furthermore, the connection of the two new end rooms required a reorganization
of the original end rooms changing the door positions and removing a large masonry column
visible in the original plan in Figure 3b, that supported a telescope.

Figure 6: Enlargement work of the building in 1935.

Further interventions were realized over the time along the perimeter with the construction of
two buildings separated by a joint which were built by emptying the soil contained in the
boundary wall of the courtyard in front and behind the observatory. Figure 7 show a complete
layout of the underground level of the building including the boundary wall, the auditorium
built in 1982 and the library built in 1990.
Probably the soil contained between the basement of the building and the surrounding boundary
wall was a carryover soil in 1819 after the conclusions of the original works, since the first
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design of the monumental building elaborated by Stefano Gasse provided that the entrance was
at the level of the currently underground floor (see the coin in Figure 3a).
Nevertheless the real configuration of the basement, where the rooms with filling in the plan of
Figure 7 are not accessible is still uncertain; in fact some zones as the central atrium, visible
from the photo in Figure 8 taken during the construction of the auditorium, probably are empty
while others as the side areas of the atrium are presumed to be full of soil because after the
realization of some structural elements in shaped excavation the soil wasn’t removed.

Figure 7: Complete layout of the basement.

Figure 8: Photos of the working construction of Auditorium in 1982.

3.1 Geo-radar investigation
Since the distribution of the underground layout is still uncertain, a survey was carried out
by means of a georadar, to obtain further information on the inaccessible internal environments
with the aim of validating the hypotheses bases on documents and photos. The RADAR
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technique was developed in geophysical field for the study of the soil but it is currently
employed successfully in archaeological investigations and new applications are even available
for investigation on the foundations of buildings. The technique seems from one hand to be
most promising, from the other it still needs of further studies and researches [6]. The method
is based on the propagation of short electromagnetic impulses, which are transmitted into the
building material using a dipole antenna, composed by an emitter and an acquisition unit. The
impulses are reflected at interfaces between materials with different dielectric properties, i.e. at
the surface and backside of walls, at detachments, voids, etc. The possibility to assess in depth
the investigated structure depends on the frequency of the equipment: antenna with high
frequency (2 or 5 GHz) is recommended for detailed analysis of the external layers of the
composite structures, ensuring the propagation of electromagnetic impulses with short
wavelength. On the contrary, antenna with low frequency (i.e. 600 MHz) generates long
wavelength, indicated for characterizing large structures, but not always able to guarantee an
appreciable resolution [7].
In this case the onsite investigation of the building was supported by high frequency radar
scanning. The sections investigated, concentrated mainly in the central atrium area are shown
in Figure 9.

Figure 9: Section investigated by georadar.

Only the most important results produced as radargrams, i.e. grey scale intensity charts
giving the position of the antenna against the travel time, are reported. The radargram acquired
along the corridor (Figure 10 and Figure 11) in the longitudinal direction gives a lot of
information about the presence of walls, vaults and the detection of the fully and empty zones
of the underground level. For the analysis of the results it should be considered that the small
waves continuous along the depth with a hyperbolic shape correspond to a presence of a wall
instead small hyperbolic waves at variable depths should correspond to the presence of a vault.
The areas where the response is characterized by the absence of reflections can be considered
fully of soil, while all areas where there is a very dense set of points can be considered empty.
The interpretation of the radargrams in the transversal direction is more challenging as the
profiles are much shorter. In detail, for example, the radar profile AG-T1 (Figure 12) shows an
initial area with quite regular hyperbolical reflections at variable depths, probably due to
presence of a vault. Right after, from the middle to the end of the radargram reflections due to

1103

A. De Angelis, F. Santamato, G. Maddaloni, L. De Filippis and M.R. Pecce

voids can be observed. Instead in the middle part of the radargram AM-L1, hyperbolic waves
continuous in height are shown suggesting the presence of walls while the reflections at the end
of the radargram are indicative of the continuation of the circular column at the stairwell up to
the basement. It should be noted that despite the analysis of historical documents, the execution
of the surveys and investigations also by means of georadar was important.

Figure 10: Radargram along the corridor C1 in longitudinal direction.

Figure 11: Radargram along the corridor C2 in longitudinal direction.
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Figure 12: Radargram AG-T1, AM-L1.

4

CRACK PATTERN SURVEY

By direct visual inspection (July, 2019) it was possible to notice the current damage level of
the historical building in terms of cracks and material decay. The majority of cracks are visible
in the central atrium, on the lintels of the doors and windows and the vaults of the ground and
underground floor. In particular a crack (Figure 13) was found at the stone frame of the arched
entrance door on the outside but some slight cracks also branch off on the inside. An essay was
carried out by creating a pocket of 50 cm x35 cm, seeing that the crack affects the tuff blocks
that make up the vault and affects the entire thickness of the wall. The crack is probably a local
phenomenon due to the tension stresses at the intrados of arch key.

Figure 13: a) Crack at the stone arch of the entrance door; b) external essay; c) internal essay.
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Another area affected by widespread cracks is that in the back side of the building where
there is a spiral staircase with a central circular column that allows access to the roof.
The upper part of the spiral staircase is closed by a vault which has a lot of cracks (Figure
14 a), typically visible along the key of the vault where the maximum tension stress occurs. In
fact, when the plaster was removed for an area of about 30 cm x 30 cm and a hole was realized
through the thickness of the vault, it resulted made by one red brick 4 cm thick, that is a very
thin structure sensible to bending effects. Another crack was visible in the middle of the
entrance to the spiral staircase, therefore it was investigated removing the plaster (Figure 14b).
It was observed that the entrance was realized without a stone or wood lintel even it is
approximatively plane and not really an arch, thus the crack is due to bending effects.
Other widespread cracks due to the absence of lintels were found at all the openings (doors
and windows) of the rooms of the building (Figure 14 c) while slight cracks were found at the
barrel vaults covering some rooms (Figure 14 d). All the cracks appear as local phenomena due
to the low strength of the masonry in tension and degradation of the mortar but they don’t
indicate a local or global failure mechanism.

Figure 14: Crack at the vault (a) and the entrance (b) of the staircase; c) crack due to the absence of lintels; d)
barrel vaults crack.

Finally, a vertical crack is located at the midspan of the stone lintel of the pronaos (Figure
15 a) that is actually shored up. An assay was performed at the crack on the internal side of the
pronaos to check the stones of the vault that is supported by the stone lintel (Figure 15 b). The
tuff block 28 cm thick used to realize the vault resulted not cracked confirming that the damage
regards only the stone lintel and it is caused by the tensile stresses in bending together with the
stone degradation (Figure 15 c) due to uncorrect raining water disposal.
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Figure 15: Crack at the midspan of the stone lintel (a-b); c) essay at the internal side.

5

IN SITU SEMI-DESTRUCTIVE EXPERIMENTAL TESTS

The diagnostic tests are usually divided in two categories: qualitative and quantitative tests.
Qualitative tests, as the non destructive ones [8] previously introduced, provide generic
information and cannot be directly related to the physical and mechanical parameters of the
materials forming the structures. On the contrary, quantitative results can be obtained by minor
destructive or destructive diagnostic tests ensuring a deeper level of knowledge of the structure
characteristics. In this case three tests with flat jacks were carried out; in particular a single flat
jack test was performed to ensure the determination of the actual compression stresses in the
masonry walls, useful for validating a numerical model.
The test was carried out by introducing a thin flat-jack into the mortar layer. A compression
stress of approximately 0.25 MPa was obtained. Instead, two double flat jacks were performed
to identify the mechanical characteristics, one in the more ancient part of the building and one
at the extreme side rooms constructed in 1935. For the main original part of the building, the
Young modulus E and the Poisson ratio υ resulted equal to 905 MPa and 0.2 respectively
whereas the volumetric weight is ρ=14 kN/m3 and the masonry average compressive strength
is fm=2 MPa. Instead for the newer zones, the Young modulus E and the average compressive
strength fm resulted equal to 450 MPa and 1.5 MPa, respectively.
It worth to note the values related to the old part of the building are in good agreement with
the results from laboratory tests on Neapolitan yellow tuff masonry [9] showing a mean
compressive strength equal to 2.78 MP and an experimental Young’s modulus varied between
630 MPa and 2943 MPa. Instead, the values related to the new part of the building are at least
50% lower than the previous ones. The results evidenced the higher quality of the material and
hand-making of the more ancient construction conversely to the idea that new structure could
have better performances.
6

CONCLUSIONS

The procedure of knowledge of the case study of the “Astronomical Observatory of
Capodimonte”, located in Naples, is useful to underline the importance of an accurate historical
investigation for the structural identification of monumental constructions also to guide the insitu test campaign. In fact, the hypothesis on the masonry morphological and structural features
of the monumental building were necessary to plan the type of tests and their location.
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The geometrical survey together with a georadar investigation allowed to better assess the
organization of the underground floor not completely accessible. However, the mechanical
properties of the materials have to be necessarily recognized through in situ semi-destructive
tests like flat jacks, because some types of stone realized in various periods can give different
resistance as in the case study. The visual inspection with the survey of the crack distribution
in masonry can give a reliable framework of local or global mechanisms due to the low strength
of the material in tension.
The investigation described in this paper was the first necessary step for the reliable
structural analysis of the building that is in progress confirming the importance of the detailed
identification of the underground floor.
Acknowledgements. The work was carried out within the framework of the PON Research and
Innovation 2014-2020, Axis I-Investments in Human Capital, MIUR notice AIM-“International
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Abstract. Among the different typologies of historic buildings, masonry towers represent a
hallmark of many European town centres which embody an important heritage to be
preserved and passing on to future generations. Giotto’s Bell Tower in Florence together with
the Leaning Tower of Pisa and the San Marco Tower in Venice (which collapsed in 1902) is
one of the iconic masonry towers ever built in Italy. The assessment of the structural
behaviour of these structures, together with the development of proper preservation
strategies, has attracted in recent decades the interest of a plethora of scholars. Most of the
studies on towers vulnerability focuses on the assessment of their seismic behaviour, since
their slenderness exposes them to the dynamic effects induced by medium-to-severe
earthquakes. This paper, given this background, discusses the identification and the seismic
behaviour of Giotto’s Bell Tower in Florence. In a first part of this paper a refined numerical
model, built through the finite element technique based on a recent laser scanning survey, is
reported together with the procedure adopted for its modal identification. The finite element
model accounts for the soil-structure-interaction. In a second part of this paper the numerical
model is employed to perform linear time-history analyses, by using natural accelerograms.
The results of the analyses allow to assess the seismic behaviour of the Bell Tower of Giotto
and suggest preservation strategies.
1

INTRODUCTION

Bell and masonry towers represent a structural typology characteristic of many Italian and
European cities. Usually, as for the Florentine case, they are close to churches in the form of
tall and slender structures that symbolically characterize and define the image of the historic
city. Giotto’s Bell Tower in Florence, together with the Leaning Tower of Pisa and the San
Marco Tower in Venice (collapsed in 1902), represents one of the most famous bell towers in
Italy.
The assessment of the vulnerability and the seismic risk of this particular typology of
structures has seen a rapid growth in recent decades, as a result of the interest aroused by
them within the scientific community. Recent examples of these studies are: the masonry bell
tower of Sant’Andrea in Venice (Italy) [1], the bell tower of the Monza Cathedral (Italy) [2],
the Sineo tower (Alba, Italy) [3], a masonry tower of the 8th century, the bell tower of Our
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Lady of Mercy (Valencia, Spain) [4], the bell tower of the Church of Santa Justa and Rufina
in Orihuela (Alicante, Spain) [5], and the Ghirlandina Tower in Modena [6].
Research range from experimental works [7] [8] [9] to dynamic identifications [2] [4] [10]
[11]. Generally, starting from a field test survey of the current configuration by means of nondestructive and/or weakly destructive experimental tests (e.g. tests with flat jacks, dynamic
tests, sonic tests, etc.), numerical models of the structure are built by using the finite element
(FE) technique. The numerical models thus created are subsequently employed to analyse the
response of the structure due to exceptional load conditions (e.g. earthquake). The purpose of
the experimental tests is to estimate the unknown parameters of the numerical models whose
calibration is carried out by comparing numerical and experimental results. The type of
analysis for which the model is used differs for the analysis methodology used: linear or nonlinear (pushover) static analysis and linear or non-linear time-history analysis [12] [13] [14]
[15] [16] [17] [18]. Pushover approaches include both standard methodologies in which the
load profile remains constant during the development of the analysis ([15] [17]), and
multimodal and/or adaptive approaches, although Peña et al. [14] have shown that the
multimodal approach cannot satisfactorily reproduce the collapse phenomena that are
activated in masonry towers during the seismic loading). As for the modelling technique, the
finite element technique is the most frequently used, allowing an accurate reproduction of the
physical geometry of the tower, and the various models differ according to the level of
complexity and geometric discretization (from 1D models to 3D models [3] [13]).
This paper, which is part of a multidisciplinary research activity about Giotto’s Bell Tower
promoted by the “Opera di Santa Maria del Fiore”, analyses the dynamic and seismic
response of the this heritage masonry tower. The analysis and the assessment of the structural
behaviour of Giotto’s Bell Tower is carried out by using a numerical model build using the
finite element (FE) technique. The numerical model is first identified on the basis of the
available experimental results (dynamic tests and geotechnical results) and then it is used to
perform time-history analysis on the basis of a series of seismic histories compatible, by
spectral shape and by seismic zone, with the site where the Bell Tower of Giotto is located.
2 GIOTTO’S BELL TOWER
During the research activities, different three-dimensional geometric models of Giotto’s
Bell Tower were built, based on the data gradually recovered during the research. The
different geometries have been used to build different numerical models as described below.
A first three-dimensional reconstruction of the geometry was made on the basis of the
tables published by Bernardo Sansone Sgrilli in 1733; this geometry was used for the
preliminary simulations of the dynamic behaviour of the Bell Tower. Even with the inherent
approximations, the numerical model built on the basis of this geometric information allowed
to confirm the experimental results obtained by the Pieraccini et al. [20] and Lacanna et al.
[21] by providing mode shapes characterized by the first mode shape oriented according to
the directions of the main diagonals of the base section.
Subsequently, based on the results of a laser scanner survey, a second three-dimensional
reconstruction of the geometry was performed. The geometry allowed the construction of a
geometric detailed numerical model that includes: i) the largest openings in the wall
thicknesses; ii) the stairwell inside the masonry walls; iii) the niches and other geometric
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irregulaarities. The geometric
g
reference
r
moodel obtained from thee laser scannner survey is
i shown
in three-dimensionnal form in Figure
F
1a.

(a)

(cc)

(b)

(d)

(e))

Figure 11: Perspective view of: (a) th
he geometry oof Giotto’s Beell Tower; (b) geometry of tthe empty spaaces inside
detail); (d) winndows and nicches (detail); internal
i
spacess (detail).
the toweer; (c) stairs (d

Focuusing on the basementt of Giotto’’s Bell Tow
wer, the baase section is approxim
mately a
square oone with a side
s of abou
ut 13 m and a total thickness of thee wall of abbout 3.3 m. The
T area
of the rresistant secction at the base is 1228 m2, whicch corresponds to a m
moment of in
nertia of
2240 m4 and a radiius of inertiaa R = 4.18 m
m. The centtral core of inertia has a radius r = 2.70 m.
The volume of Giotto’s
G
Bell Tower, iff the openiings inside the walls are not tak
ken into
3
i
accountt the openin
ng and the stairwell
s
it rreduces to 9300
9
m3.
accountt, is 10800 m , taking into
The opeenings (nichhes, staircases, single and doublee lancet win
ndows, etc.)) have a vo
olume of
about 16600 m3, corrresponding
g to 15% of tthe total vo
olume.
The ggeometric representatio
r
on of these elements iss shown in Figure
F
1b-c..
Withh respect to the material propertiess, the walls of
o Giotto’s Bell Towerr were built with the
multi-leeaf techniquue. The inneer face, the only visiblle, is built with
w a stonee well dressed with
regular and squareed blocks (of
( variablee dimension
ns between a minimum
m of 24 cm
m and a
maximuum of 38 cm
m); the morrtar joints ar
are very thin
n. The innerr core, accoording to th
he results
of the core drillinng tests caarried out in 2006, is
i composeed of stonee aggregatees (with
dimensiions rangingg from centimetres to decimetress) and comp
pact lime m
mortar. The external
face, coovered by polychrome
p
e marbles, ddoes not alllow the viisual investtigation of the wall
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texture. However, it was possible, thanks to the historic photographic documentation of past
maintenance/replacement of some of the tiles, to observe the presence of a well-organised and
well-preserved brick masonry apparatus.
In the absence, however, of specific tests on the materials, for the elastic and resistance
parameters, reference can be made to the values suggested by the Italian standard [22] [23].
Focusing on the following classes: a) “Irregular stone masonry (pebbles, erratic and irregular
stone)”, b) “Dressed rectangular stone masonry” and c) “Full brick masonry with lime
mortar” it can be reasonably assumed a variability of the own weight between 1800 and 2000
kg/m3. The value of the average compressive strength is more uncertain. The strength of the
stone, which forms the internal layer of the walls, can be estimated at about 140 MPa. The
“Irregular stone masonry” has a compressive strength between 1.0 and 1.8 MPa, the “Dressed
rectangular stone masonry” has a compressive strength in the range 2.0 3.0 MPa, while “Full
brick masonry with lime mortar” has a compressive strength between 6.0 and 8.0 MPa. These
values are, overall, low strength values and which are proposed Italian standard for ordinary
constructions.
Assuming an average own weight of the masonry of the Bell Tower of Giotto between
1800 and 2000 kg/m3, depending on the area of the different sections of the bell tower (i.e.
different levels), it is possible to estimate the average vertical stress at the various heights. It
is possible to observe how the section reductions in correspondence of the windows, in
addition to the various anomalies (niches, staircases, compartments, etc.), induce localized
alterations in the average value of the vertical stresses. These increases are more visible in the
window areas of the upper levels. A similar increase is anyway observed at the basement due
to the section reduction caused by the niches and the splayed windows. The average vertical
stress at the basement is variable between 1.30 and 1.45 MPa.
The reference strength values proposed by the Italian standard (which are mainly proposed
for ordinary constructions) may be are overly precautionary, if not untrue, for a historic
structure with exceptional characteristics and a careful construction technique such as Giotto’s
Bell Tower. Given the non-standard nature of the construction, as far as the average values of
the elastic and resistance parameters of the material are concerned, it is possible to make an
expeditious estimate by taking as reference the value of the frequency experimentally
obtained. Assuming the tower as a cantilever beam fixed at the basement having prismatic
section A, height H, moment of inertia J and specific weight ρ, the frequency of the first mode
can be evaluated with the following expression:
𝑓𝑓� =

1.875� 1 𝑬𝑬 J
∙ ��
= 𝑓𝑓���
2π
𝐻𝐻 ρ A

(1)

By inverting Eq. (1), and considering that fexp=0.62 Hz [20] [21], it is possible to estimate
the value of modulus of elasticity (E), which results to be equal to 7.2 GPa. From this value,
the compressive strength can be estimated using the literature ratios between elastic modulus
E and compressive strength fc. These ratios vary from about 400 in the case of “Dressed
rectangular stone masonry” to about 1000 in the case of new brick masonry. Considering
therefore the variability of E and that of the E/fc ratio, the following estimation is obtained:
f� =

𝑬𝑬
= 7.2  18 MPa
400 ÷ 1000
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The interpretation of the results of the dynamic tests therefore indicates mechanical
parameters of deformability (E) and resistance (fc) that are much better than the reference
values proposed by the Italian standard [23]. These values are compatible with both the
excellent state of conservation of Giotto’s Bell Tower and the good masonry quality of the
structure.
3

NUMERICAL MODEL AND MODEL UPDATING

The numerical model built according the laser scanner survey was first employed to
perform modal analysis. The results of the experimental dynamic campaign, both frequencies
and mode shape [21], were assumed as reference to calibrate the elastic properties of the
model, and the identification of the numerical model was performed according two phases, as
summarized below.
In a first phase the numerical model (Figure 2a) was assumed to be fixed at the base (fixed
base model). The calibration operations led to estimate, as macro-parameters, a total average
specific weight of the material of 2000 kg/m3 and a modulus of elasticity of 7.5 GPa in line,
by order of magnitude, with what estimated in the previous paragraph. The results of the
identification are summarized in Table 1 where it is possible to observe a good agreement
between experimental and numerical results both in terms of frequencies and in terms of
identified modes. The percentage differences between experimental and numerical
frequencies are around 1% for the first two modes, with values however lower, or slightly
higher, for the higher modes. The comparison between experimental and numerical mode
shape is made in terms of MAC (Modal Assurance Criterion), and in this case a substantially
adherence is observed for the first 3 modes, less for the last two forms (the higher flexural
forms) which are however affected by greater experimental uncertainty.
Table 1: Comparison between experimental (Exp) and numerical (Num) results (fixed base model).

Mode #
1
2
3
4
5

Exp (Hz)
0.623
0.647
2.543
3.081
3.156

Num (Hz)
0.62
0.64
2.65
3.17
3.19

Δ (%)
0.16
1.20
4.40
3.10
1.20

MAC
0.99
0.99
0.95
0.72
0.77

Table 2: Comparison between experimental (Exp) and numerical (Num) results (SSI).

Mode #
1
2
3
4
5

Exp (Hz)
0.623
0.647
2.543
3.081
3.156

Num (Hz)
0.62
0.63
3.06
3.35
3.38

Δ (%)
0.16
1.90
17.0
8.20
6.70

MAC
0.99
0.97
0.82
0.76
0.83

In a second phase the soil-structure interaction (SSI) has been taken into account, removing
the hypothesis of rigid soil (Figure 2b). The soil was modelled with a series of elastic springs
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whose iimpedancess were estim
mated durinng the studiees conducteed on the geeotechnical aspects.
The imppedances asssigned to th
he elastic spprings, simu
ulating the interaction of the soil with the
structurre, were thee following
g: KX=21.200 GN/m; KZ=50.90 GN/m
G
and K R=2278 GNm/rad.
G
The resuults of the identificatio
i
on of the SS
SI model arre summarizzed in Tablee 2. It is po
ossible to
observee that to acccount for th
he soil-struccture interacction leads, in terms off elastic parrameters
of the identified model,
m
to thee followingg results: i) a reduction
n of the esttimated own
n weight
3
that, whhile remainiing within th
decreases ffrom 2000 kg/m
he estimate d physical parameters,
p
k
to
3
1800 kgg/m and ii)) an increasse of the val
alue of the modulus
m
of elasticity thhat moves from
f
7.5
GPa to 99.0 GPa.
Globbally this coorresponds to
t an increaase in the E/ρ ratio, i.e. an increasse of the velocity of
the veloocity of proppagation of the elastic ccompression waves (P--waves) as eexpected.

a- fiixed base moddel

b- SSI mo
odel

Figgure 2: FE mo
odel.
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Modde #1
f1=0.662 Hz

Mode #2
f2=0.63 Hz

M
Mode #3
f3 =3.06 Hz

Modee #4
f4=3.35 Hz

Mode #5
#
f5=3.38 Hz

Figure 3: Moode shapes and
d frequencies of the numeriical model witth soil-structuure-interaction
n.

The mode shappes obtaineed with thhe FE mod
del which account
a
forr the soil-sstructure
interactiion are illuustrated in Figure
F
3. T
The first two
o mode shaapes are beending mod
de whose
direction is oriented according
g to the maiin diagonalss of the basee section (annd represen
nted with
a dashedd line in Figgure 3).
4 SEIISMIC BEH
HAVIOUR
R
The FE model, identified in
i order to reproduce the
t experim
mental dynaamic measurements,
and incclusive of the
t soil-stru
ucture interraction (SSII, Figure 3), was usedd to perforrm timehistory analysis byy using a seeries of natuural records selected during
d
the rresearch. Given
G
the
spatial variability of the meechanical pparameters, the uncerrtainties stiill existing on the
characteerization off the material strength domains an
nd the locall effects thaat can be du
ue to the
multi-leeaf nature of
o the mason
nry walls, thhe numericcal model was
w here useed to perforrm linear
elastic aanalyses.
The 7 natural accelerograams selecteed for this study are reported inn Figure 4;; all the
acceleroograms werre scaled to
o the maxim
mum peak ground
g
acceleration reepresentativ
ve of the
site hazzard (0.16g)). It is interesting to oobserve thaat if the freequency conntent of thee natural
records is calculateed it almostt never affeects the firstt two naturaal frequenccies of Giottto’s Bell
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Acc. (ag /g)

Tower. On the contrary, contributions can be found on the upper mode shapes which interest
the higher bending modes (modes #4 and #5).

T/W (-)

Figure 4: Time-history of the 7 natural accelerograms.

Figure 5: Base shear for three cases of damping: 4%, 2% and 1%.

The 7 natural accelerograms have thus been applied both in the two main directions of the
base section of Giotto’s Bell Tower, and in the two directions of the main diagonals. As an
example, Figure 5 shows, when the natural record “Acc 2” is considered and applied along
with one of the main directions, the evolution over time of the base shear (divided by the
weight of the Bell Tower) for different values of structural damping. Three cases of damping
were investigated (4%, 2% and 1%) since, given the isostatic nature of the tower, this is a
relevant parameter in its seismic response. The time-history of the accelerations (for a
damping equal to 2%.) as obtained at the different height of the Bell Tower of Giotto is
reported in Figure 6, where it is possible to appreciate the amplification over the height of the
base accelerations. The analysis of all the results shows a differentiated dynamic response
between the first levels of Giotto’s Bell Tower and the last one (the bell cell) and it is
interesting to observe that time-history response of the tower is dominated by superior modes.

1116

Acc. (ag /g)

Paolo Spinelli and Michele Betti

Figure 6: Base shear for three cases of damping: 4%, 2% and 1%.
Table 3: Time-history: synthesis of the results.

W (kN)
T (kN)
M (kNm)
e = M/W (cm)
σmax (MPa)
umax (mm)

Acc 1
4%
2%
164194 164194
8722
10431
133250 156570
80.62
94.73
1.68
1.75
15.6
18.3

Acc 2
4%
2%
164194 164194
12686
14738
194610 221180
117.75
133.82
1.86
1.93
14.1
14.5

Acc 3
4%
2%
164194 164194
22163
31514
322840 475280
195.33
287.56
2.23
2.77
20.8
26.1

Acc 4
4%
2%
164194 164194
6560
8279
96131
104060
58.16
62.96
1.57
1.59
4.30
4.90

Table 4: Simplified approach: synthesis of the results.

W (kN)
T (kN)
Md (kNm)
Mc (kNm)
Md/Mc
e=M/W (cm)
σmax (MPa)
umax (mm)

CR.A3062 IT.FHC IT.SPT1 IT.MUGew NTC2008
164194
164194 164194
164194
164194
319
1104
1057
2497
19834
17850
61815
59170
139827
396672
1005649 1005649 1005649
1005649
1005649
0.02
0.06
0.06
0.14
0.39
11
37
36
85
240
1.34
1.47
1.46
1.70
2.44
1.7
5.9
5.7
13.5
38.2

Overall, the results obtained with the time-history analyses are summarized in Table 3 for
the first 4 natural accelerograms for two different damping values (4 and 2 %). The cases not
included in the table offer similar results to the case 4 and therefore have not been reported.
From the results reported in the table, which offer a synthesis of the results obtained with
all the (linear) time-history analyses, it can be observed that in almost all cases during the
development of the seismic load the pressure centre at the base of Giotto’s Bell Tower always
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remainss inside the central corre of inertiaa (r = 270 cm). Only in
n the case oof accelerog
gram #3,
for a daamping of 2 % a valuee of e=287 cm slightly
y greater thaan the core radius is observed.
o
The corrrespondingg maximum normal strress, evaluatted with thee no-tensionn material scheme,
is 2.77 M
MPa lower, however, than the esstimated ressistance values (which has been estimated
betweenn 7.2 and 188 MPa).

𝐹𝐹

H

2
H
3

𝑊𝑊

𝑀𝑀
Figure 7:
7 Static distribbution of equiivalent seismic actions.

s
w
way, the pro
ovisions of the Italian standard (v
valid for
As aan example,, and in a simplified
ordinaryy buildings)) have been
n examined, and the acttions induceed by an eaarthquake haave been
evaluateed accordinng to the sch
heme of canntilever massonry beam shown in FFigure 7. Acccording
to this ssimple scheeme, starting
g from the spectral ord
dinate of th
he elastic reesponse spectrum in
correspoondence off the fundaamental moode of thee structure, it is posssible to deetermine,
expeditiiously, the loads (base shear T and bendin
ng moment M) induceed by the expected
e
earthquaake (the Liffe Safety lim
mit state wiith a return period of the seismic action equaal to 712
years w
was considerred) on Giottto’s Bell Toower by thee following:
𝐹𝐹 𝐹 𝐹� �𝑇𝑇� � ∙

�

��

�

; M = 𝐹𝐹 𝐹 𝐻𝐻
�

(3)

The results obtaained with this simpliffied approaach are sum
mmarised in Table 4 where
w
the
results obtained coonsidering the seismicc hazard prrovided by the Italiann standard are also
ded assuminng the specttra derived by
b some off the naturall records
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Since the spectra derived from the natural accelerograms have modest spectral ordinates
(and in any case well below the ordinates of elastic response spectrum which is derived from
conservative choices, based on the envelope criterion of deterministic spectra) they provide
the lowers values. In general it is possible to observe that: i) the fundamental period of
Giotto’s Bell Tower is in the tail of the spectra; ii) the spectral ordinate of the spectra obtained
from the natural accelerograms, measured in correspondence to the fundamental period of the
Bell Tower of Giotto, is about one order of magnitude lower than the one of the standard.
These elements justify the summary values of the results reported in Table 4.
The analyses here summarized represent a first contribution to the understanding of the
seismic behaviour of the Giotto Bell Tower; the assessment of the structural behaviour of the
monument under exceptional or long-lasting loads will in any case require the refinement of
further modelling strategies, including modelling techniques with appropriate non-linear
constituent laws and, possibly, the development of a long-term continuous monitoring
necessary for the updating and validation of future numerical models. The analytical approach
to be used to assess the structural behaviour of complex monumental buildings can in fact
only proceed step-by-step, where possible additional research and analysis are identified
based on the results of previous numerical and experimental analyses.
5 CONCLUSIONS
This paper summarized some of the results that have emerged regarding the dynamic
identification and the seismic assessment of Giottos’ Bell Tower. The numerical models
developed during the research made possible, thanks to the results of an articulated analysis
and survey campaign promoted by the “Opera di Santa Maria del Fiore”, to reproduce and
interpret the static and dynamic behaviour of Giotto’s Bell Tower. The availability of a
detailed geometric survey has allowed an accurate reproduction of the geometry of the tower
with its main irregularities; the availability of a series of dynamic tests has allowed, together
with the results of the geotechnical investigations, to identify and estimate some of the
unknown parameters of the numerical model. The analyses carried out with the numerical
model, and validated by means of a simple scheme, although carried out in a linear elastic
field due to the uncertainties still existing, did not reveal any specific critical configuration in
the structure.
In the static field, considering the effects of self-weight, the numerical model provides
average values of the vertical stresses at the different levels well below the strength values of
the materials (estimated on the basis of the results of the dynamic tests). With respect to the
effects of the seismic loads both linear time-history analyses (by assuming natural ground
accelerograms) and simplified static analyses were performed. On the whole, the analyses did
not show critical configurations. In fact, the frequencies of the Bell Tower of Giotto are on the
tail of the elastic spectrum, and the spectral ordinates of the selected natural accelerograms are
much lower than the one of the standard.
Although the analyses carried out have not revealed any critical configuration, they
suggest: i) the implementation of a long-term monitoring system with accelerometers in order
to better characterize the dynamics behaviour of the structure (with particular interest for the
higher modes of Giotto’s Bell Tower given their relevance in the global seismic response); ii)
additional experimental and numerical investigations aimed to assess the effect induced by the
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swinging of the bells; iii) the investigation, given the sensitivity of the dynamic response to
structural damping, of a tuned mass damping system (TMD) built by using the bell masses in
the bell cell.
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Abstract. Historic roof structures are complex systems which cannot be assessed individually
but need a more holistic approach, in order to understand them as a whole. The great variety
of contexts in which the building and its roof were placed, of architectural styles which
ultimately influence the shape of the roof but also the diversity of technical solutions used by
the craftsman to respond to these needs and its state of conservation, make a multidisciplinary
approach necessary.
While 18th and 19th century roof structures from Timisoara, a city from the western part of
Romania, proved out to be complex structures which a high value from urban planning,
architectural, symbolical and structural point of view, the 20th century is a period of transition
with a wide array of influences, mix of styles and technological improvement of the structures.
Therefore, based on the roof structure of the Löffler Palace, built between 1912-1913, placed
in the historic centre of the city, the paper tries to highlight that roof structures from this period
are also far more than structural systems. Based on a thorough historical analysis and visual
inspection of the structure, by using a multidisciplinary assessment procedure [1], the paper
shows that 20th century roof structures are closely related to the building they belong, to their
context and have a significant philosophical/symbolic and aesthetical value.
At the same time, the procedure also addresses the role of assessment, diagnosis, conservation
and maintenance, the structural integrity of the roof, its influence on the seismic behaviour of
the historic building, highlighting the connection between the roof, the building and its
environment.
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1

INTRODUCTION

Due to the complexity of heritage structures the ICOMOS principles are highly
recommending a multidisciplinary approach when assessing their value and state of
conservation in order to be able to properly develop intervention strategies which could
preserve the integrity of the structures without affecting their historical, cultural and aesthetical
value [1].
Considering this in recent years various assessment methodologies and procedures have been
developed, suitable for the evaluation of historic timber roof structures which are trying to
approach them for from various points of view. These methodologies, developed by different
research group during COST actions, rather focus on the structural value without also
considering the complex way of thinking in which these structures were built and their
connection to everything that surrounds them. These methodologies mainly focus on the onsite evaluation of the roof structure and the timber elements [2,3] and their state of conservation,
while also addressing the mechanical properties of the timber [4,5] and the static behaviour of
the structure [6–8]. The same research groups also focus on monitoring techniques which could
lead to a proper understanding of the structural behaviour of the roof structure and therefore
ensure the development of coherent maintenance strategies. Only a few studies, try to look
further and also include a historical analysis of the building and the roof, or also consider the
effect of various environmental factors on the state of conservation of the timber [9–11] or even
a geometrical analysis of the structure [12–14].
Studies performed on different roof structures from Timisoara brought forward that in the
18th and 19th century, roof structures were highly connected from an urban, architectural and
philosophical point of view to their surroundings and to the building they belong to [15–18].
Since the city significantly developed at the beginning of the 20th century and roofs had an
important role in defining the aesthetics and monumentality of the new buildings, an multi and
inter-disciplinary analysis was also performed on the Löffler Palace, an imposing 20th century
palace which could highlight the importance of also consider urban planning principles,
architectural and philosophical principles during the assessment of historic timber roof
structures.
At the same time, the study is also trying to highlight the importance of a thorough
preliminary geometric analysis of the roof structures before performing numerical simulations.
Therefore it also presents a comparison between the structural behaviour of a truss of the roof
structure which is ignoring the cross-section reduction of the timber elements and is considering
the joints as hinges, with a model developed considering the on-site observations concerning
the decay of the timber elements and their cross-section loss and the semi-rigid behaviour of
the timber joints.
2 INTERDISCIPLINARY ASSESSMENT OF THE ROOF STRUCTURE
2.1 Historic context
Timisoara is the biggest city located in the western region of Romania. Its current built fabric
was defined under the Habsburg Empire’s rule, most of the previous traces left after Hungarian
and Ottoman occupation were removed.
The general guiding principles for the development of the city, by tearing down the
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fortification and connecting the existing districts, were drawn by architect Ludwig von Ybl and
engineer Aladar Sebestyen in 1895. A radial scheme was adopted, following the Viennese
model, creating a green corridor alongside the Bega Canal, expanding or building new
boulevards and creating new public squares. The idea of creating a large new square in front of
the Opera, connecting the existing two squares in the north, reflects emphatically the spirit of
the bourgeoisie of that time [19]. Several iterations were developed from this initial plan,
scaling down and adapting its ambitious and idealistic proposals to the cities economic power.
As seen in Figure 1a, Ludwig von Ybl proposed a long square without obstructing the
Huniade Castle, the oldest monument in the city built between 1443-1447. The first side of the
square to be developed was the NW starting with the Lloyd building finished in 1912 [20]. The
south-eastern side of the square was later developed but never finished in that time, but later on
in the 1960’s.
The Loffler Palace was built in 1912-1913, the project is assumed to be signed by the
architect Henrik Telkes for the grain merchant Leopold Löffler. The building was set in front
of the Huniade Castle, thus continuing the square front (Figure 1b,c). The layout and the façades
of the building are atypical because of the emphasis put on the northern and southern facades
and not the main one towards the square (Figure 2). Also, the back façade towards the castle is
treated in a technical fashion, absent of ornaments, with recesses for lighting and ventilation.
It somehow suggests that another building should be attached to form a compact block and
ignores the proximity to the Castle which makes this unlikely.

Figure 1: Page layout Evolution diagram of the urban fabric (a) 1895; b) 1913; c)2020)

The building is comprised of an underground floor for storage, a commercial ground floor,
three stories of apartments for tenants and loft rooms for technical facilities and storage. The
general dimensions of the building are 88 x 29 m. It consists of three distinct parts which
function independently each with an interior courtyard. The structural system is quite
innovative for the period. The massive brick masonry is mixed with concrete such as beams
and columns to obtain larger openings at the ground floor. The slabs above the basement and
the ground floor are made of concrete while the others are made of timber.
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Figure 2: Loffler Palace overview

2.2 The roof structure
Architecture also plays a significant role in shaping the roof and the roof structure. The
secession style of the building and the adopted urban principles led towards the definition of
the tall roof above the gable (Figure 2).
The roof structure has three distinct structural typologies. The first towards the square
presents a king and queen post roof structure was used and adapted according to the shape of
the roof. The average span is 10.3m and height 6.9m. The part of the roof towards the Castle
presents a simplified version of the previous one, a king post roof structure with a smaller span
of 6.4m and a height of 4.1m. The unique and sole valuable parts of the roof are the symmetrical
areas towering at the extremities. The roof structure above the masonry gables is made of a king
and queen post with double compound rafters (Figure 3).

Figure 3: Roof structure above the gables
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The towering roof structure consists of five trusses spanning 10.4m and having a height of
12.3m (Figure 4). The main trusses are connected through a secondary truss to the gable wall.
On each of the lateral parts, there is a half truss positioned perpendicular to the main trusses
and one in each corner composing the hips and adding to the overall stiffness of the structure.
The half trusses are connected through the king and queen posts and fastened with double
collars at the three purlin levels.

Figure 4: Studied roof model

Figure 5: Truss components
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The general dimensions for the timber elements are as follows: tie beams, lower plates and
trimmers 250x200mm; king posts, queen tall posts and ridge purlin 180x180mm; queen short
posts and purlins 160x160mm; collars 160x100mm; rafters 140x100mm; braces and sprockets
100x100mm.
The stiffness perpendicular to the trusses is minimally ensured by bracing each of the posts
to the corresponding purlins and through the lower plates. The whole tower structure is stiffened
at the short ends by half-trusses braced with diagonal lower plates and collar ties. Additionally,
in order to increase the rigidity of the structure, all the trusses are connected by eaves and
intermediate purlins and an additional system of timber elements, composed of headers and
trimmers, placed over the walls. The presence of the gable wall A-frame stiffens and connects
the five main central trusses.
There are two types of joints used for the connection of the various wood elements of the
truss. The most common is the mortise and tenon joint, used in all post to beam, beam to beam
or trimmer, compound rafter to king post or tie beam, bracket to post, rafter or sprocket to the
trimmer. The second type is the half-lapped joint found in the compound rafter to queen-post
connections. All the purlins and collars are notched. The rafters are bird’s mouth cut and set on
the purlins. There are no wooden pegs or wedges used for any of the joints while threaded rods
are used in all post to collar or post to compound rafter, or compound rafter to collar
connections. Iron straps are used for all the timber elements connected to the tie beam and posts
to purlins. Three iron strips are used as brackets to connect the gable to the trusses.
The roof structure highlights the way urban planning principles and architectural styles are
influencing the choice of roof geometries and structural systems. Their position in the urban
context is increasing the cultural value of those roof structures and making their preservation
an important cultural factor.
2.3 State of conservation
All visual examined pieces presented easily distinguishable growth-rings, the vessels are
particularly big and have a ring porous distortion. All the elements composing the trusses are
made from oak (Quercus sp.p.).
The timber roof is in an overall good state of conservation. No fungi or extent insect attack
was spotted. Sparse decay of the trimmers was seen in the valley areas where they are in contact
with the masonry. Traces of moisture induced damage are present, mainly in the area of the
rafters and purlins but the leaking roof was constantly repaired. Additional damage caused by
water infiltration in the ridge area led to the decay of the ridge purlins and the decorative exterior
elements of the ridge.
No mechanical failures or big deflections of the timber elements have been detected.
2.3 Symbolic analysis
Previous studies performed on 18th and 19th century roof structures from Timisoara brought
forward that craftsman used to define the position of main structural elements and joints based
on various geometric principles and symbolic ratios. The studies brought forward that 18th
century and beginning of the 19th century roof structure, build in the most active period of the
craft-guilds were mainly defined by sacred ratios and dynamic ones (√2,√3 or √5) (Figure Ya)
while end of the 19th century, towards the fall of the guilds, roof structures were defined by
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dynamic and static ratios (1/1, 1/2, 2/3). Ultimately, 20th century roof structures tend to present
a mix of various types of ratios, without clearly defining a geometrical pattern.
A geometrical analysis of the roof structure of the Löffler Palace was also performed in order
to observe if this type of imposing roofs would also present any interest in complex geometries.
The analysis showed that in the inferior part of the roof structure, dynamic ratios are
predominantly used while the upper part is mainly defined by static ratios (Figure 6). Therefore,
a √5 rectangle was used to define the distance the lower queen posts, compared to their height,
while the position of the main queen posts is defined by a √2 rectangle. The same √2 rectangle
was also observed in defining the distance between the inferior and intermediate collar ties
compared to the distance between the main queen posts and the king post. Ultimately, the
distance between the main queen posts is equal to the distance between the inferior and superior
collar ties also highlighting the use of static ratios. Also, static and dynamic ratios were used to
define the position of various joints, like the lower queen post and compound rafter or the
compound rafter to upper collar ties joint. Still, no sacred ratios were identified.
The study revealed, as previously also observed during the geometrical analysis of the
nearby placed Lloyd palace, a mix of different ratios. Still, compared to other 20th century, less
imposing roof structures, this case is still presenting a more coherent geometrical approach and
a clear use of dynamic and static ratios to define the position of almost all the composing
structural elements.

Figure 6: Analysed parameters (a) points where the displacements were measured; b) elements where the
internal forces were analysed)

2.4 Structural analysis
Numerical simulations have been performed in the finite element simulation software SCIA
engineer and were meant to highlight the importance of a proper investigation of a 20th century
historical roof structure when addressing its structural behaviour. Therefore, two different
scenarios were considered based on common practices in the structural assessment of historic
roof structures. The first approach considered a more conservative approach but more timeefficient which ignored the possible cross-section loss of the timber elements and the
traditionally crafted joints were modelled as hinged. The second approach was more related to
the observations made on site, which led to a reduction of the cross-section of the timber
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element of 10%, due to the rounded corners and the slight decay of the timber elements, while
the semi-rigid behaviour of the timber joints was also considered. In this case, the axial stiffness
of the joints was determined, based on their type, geometry and mechanical properties of the
timber using the component method [21–23].
In order to be able to compare the results, the same loads were applied to the roof structure
in both cases. The truss was loaded according to national standards with dead load, representing
the self-weight of the timber elements and the weight of the roof envelope, life load and wind
load. Since the roof pitch in the inferior part is of 74 degrees, the snow load was not considered
in the load combination.
In order to identify the differences between the structural behaviour of the two cases, the
horizontal (Ux), vertical (Uz) and total displacement (Utotal) of a selection of six points were
analysed. The points are placed in the middle of the structural elements which would suffer the
most significant displacement caused by the applied loads: inferior rafters, superior rafters, tiebeam and the base of the king-post (Figure 7a). At the same time, the axial forces and bending
moments recorded in the rafters, tie-beams and queen posts were analysed (Figure 7b).

Figure 7: Analysed parameters (a) points where the displacements were measured; b) elements where the
internal forces were analysed)

The displacement analysis is highlighting that the rafters are suffering the most significant
displacement in both cases, up to about 10 cm, considering the total displacement, while the
tie-beam and base of the kingpost are only presenting a slight vertical and horizontal
displacement of up to 6 mm (Table 1).
Table 1: Displacement comparison of the two considered cases

1
2
3
4
5
6

Conservative approach
After investigation
Comparative results
Ux [mm] Uz [mm] Utotal [mm] Ux [mm] Uz [mm] Utotal [mm] Ux [%] Uz [%] Utotal [%]
81.3
-26.4
85.4
121.9
-40.4
128.4
35
35
35
-12.3
-5.6
13.5
-17.9
-8.3
19.8
30
30
30
65
-79.2
102.5
98.7
-120.4
155.7
35
35
35
-63.1
-78
100.3
-95.5
-118.3
152
35
35
35
5.7
-2.5
6.2
9
-4.1
9.9
35
40
35
0.3
-3.4
3.4
0.4
-5
5
25
30
30
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Still in all the cases when comparing the obtained results it becomes clear that the model
with reduced cross-section elements and semi-rigid joints is presenting an up to 35% increase
of the horizontal and total displacement, and an up to 40% increased of the vertical
displacements. However, no significant variations of comparative results were observed for the
considered analysis points.
The tie-beam is also presenting a slight change in the recorded internal forces. The axial
forces increase with only up to 5%, except for the tie-beam to second compound rafter, where
an increase of 10% of the axial forces was recorded. Even for this element, the bending
moments only vary slightly.
Ultimately, the internal forces on the queen posts were analysed. In this case, a clear
difference between the obtained axial forces could be observed. Therefore, in the inferior part
of the posts, up until the first collar ties, the axial forces increase with up to 5% for the second
approach. Right above the first collar ties the axil forces increase with up to 25% and decrease
with also 25% towards the second line of collar ties. Ultimately, at the top, the variations are
insignificant. Compared to the previously analysed elements, in this case, the bending moments
also present clear changes, with a 10% decrease at the base of the queen post and a 10% increase
at the top.

Figure 8: Internal forces a) axial forces (N); b) bending moments (M y)

3 CONCLUSIONS
As already observed in previous studies the multidisciplinary analysis of the chosen 20th
century roof structure of the Löffler Palace brought forward that the preliminary assessment of
a roof structure is a complex topic and that a series of context-related features also have to be
taken into consideration.
The study shows that 20th century roof structures, placed in representative places of the city
are no longer simply meant to protect the building from meteorological factors but are also
enhancing the importance of the building in its urban context. At the same time it can be
observed that, despite being residential, the Löffler Palace is presenting an impressive roof
which is not connected to its main function but rather to the urban context, the roof becoming
one of the main aesthetical features of the building.
The surrounding urban area, the position of the building, related to public space and other
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neighbouring buildings and shape of the roof prove, therefore, to be features which connect a
roof to its urban context and ultimately influence the choice of roof structure type and its
structural complexity.
The study is also highlighting that even at the beginning of the 20th century geometric
principles were still used to link the height of the roof to the total height of the building, the
position of main structural elements and joint, although, compared to 18th and 19th century roofs
they were more simple.
Ultimately, the study is also highlighting the importance of a proper investigation of the
geometry of the roof structure, the cross-section of the timber elements and their state of
conservation on the structural behaviour of the roof. By using the on-site cross-section loss of
the timber elements and the semi-rigid behaviour of the joints, results show a clear increase of
the recorded displacements, slight changes of the axial forces and only little increase of the
bending moments. Despite being more time consuming, this approach can prevent the
misunderstanding of the historic timber roof structure which could lead to its partial or complete
unnecessary replacement.
The study is therefore presenting a series of features which are important to be considered
in order to be able to obtain a holistic and in-depth analysis of a historic timber roof structures.
The proper understanding of the state of conservation and structural behaviour of the roof, is
not only related to its immediate safety but also the buildings aesthetics, its role in the urban
fabric and the way it is perceived from its surroundings.
The study represents a first step in the development of current roof structure assessment
methodologies by highlighting additional factors which should also be considered. The next
step would the confirmation of the obtained results of the numerical simulations by performing
a comprehensive monitoring of the behaviour of the structural elements.
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Abstract. A real case of consolidation works is presented in which only field testing methods
can reveal the causes of instability. This paper is an update of the one presented at the SAHC
2018 conference, concerning the study of the partial collapse of the Church of Itria in Piazza
Armerina (Sicily, Italy). The previous paper beared hypotheses and design solutions based only
on indirect investigations, theoretical formulations and checks with software. The consolidation
works, started in November 2018 and still in progress, have made it possible to formulate new
and documented hypotheses on the collapse and to integrate and partly modify the solutions
hypothesized previously. In particular, the reconstruction techniques of the wall and chains
have been confirmed. The new interventions have, instead, concerned the consolidation of the
foundation soil which was found to be insubstantial, following electrical tomographic
investigations, due to the presence of voids. At the same time, inspections were carried out on
an old masonry sewage pipe which revealed several points of discontinuity through which large
quantities of water entered under the walls of the church causing the removal of inconsistent
elements from the ground. At first, the reconstruction of the collapsed wall was done and the
restoration of the existing wall structures, to eliminate the causes of the collapse through the
intervention on the sewage pipe and filling the voids under the foundations. The most important
intervention, which required the use of innovative materials, forefront equipment and skilled
labor, involved the filling the voids under the foundations through perforations every 50 cm,
both on the inner and outer wire of the collapsed wall. Clamped canes were set in order to
intercept the voids highlighted by the tomography. A 100% expansive mortar was injected at
low pressure through the canes, filling one cane at a time and progressively raising the point
of exit of the mortar until the higher far end. After this consolidation, the foundation and the
wall were rebuilt with local limestone ashlars to have fair faced aspect as the original masonry.
At the end of the work, further tomographic tests are planned to verify the validity of the
interventions carried out.
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1

INTRODUCTION

Preliminary investigations for the knowledge of the building and its site play a fundamental
role in restoration and recovery.
The definition of an investigation program often requires an interdisciplinary approach,
which goes far beyond simple technical aspects; historical research can be directed to discover
phenomena that have involved structural behaviour and, conversely, the analysis of structural
behaviour can provide elements that help the recovery designer to find answers to his
hypotheses.
A preliminary inspection of site and construction must guide the definition of the
investigation plan as these can be carried out at different levels of extension and depth, with
consequent different economic and time commitments. The investigation plan must, therefore,
be adequate to the complexity, the architectural value of the building, the structural problems
to be solved and the possibility to have real benefits from the relative deepening of knowledge.
It is sometimes convenient to start with a minimum investigation plan and then, when and
where necessary, to deepen it in later stages.
It is important and this case proves it, not to limit to the analyses necessary to draw up a
correct executive project, but to foresee an integration of the investigations during the
construction site and continuous monitoring [1].
This methodological approach is simple to apply when it is used in the recovery of a single
monument and the restoration operation is, therefore, facilitated as it is limited to a specific
object, whose use is known.
2 THE CASE STUDY
In the previous SAHC 2018, we presented the case of the Church of S.M. of the Itria in
Piazza Armerina (EN) affected by the collapse of the West wall of the apse and a part of the
adjacent wall of the lateral nave, which happened during the 29 December 2007 night [2]. In
that paper, hypotheses on the collapse were formulated and congruent solutions were proposed.
The causes of the collapse (fig. 1) were initially attributed to foundations’ failure, but
geological and geotechnical tests, carried out by the municipality and the Curia of Piazza
Armerina, stated the substantial geological stability of the site and the absence of slipping
surfaces along which a landslide could occur. It was, therefore, excluded that it was
foundations’ failure of the wall which did not show, in the visible part, lowering.
From the historical investigation [3], by means of documents, drawings and photographs,
important information was obtained on the state of the church, before the collapse, and on
previous maintenance and restoration interventions, thus being able to define the historical
evolution, including any transformations of the monument.
Analysing the drawings of the previous projects, it was evident the collapse occurred in
correspondence to a discontinuity of the wall, due to the construction of a niche; the
photographs highlighted the masonry, consisting of irregular stone, had a reduced interlocking
between the orthogonal walls. Furthermore two vertical cracks were detected. This led to the
hypothesis that the most probable cause of the collapse could be attributed to the higher load
on the wall, due to the replacement, occurred in the 1980s, of the existing wooden roof with an
iron and brick floor. The new roof was connected to reinforced concrete curbs, placed over the
longitudinal load-bearing walls and on the walls above the transverse arches.
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Figure 1: Pictures of the collapse from the outside and inside the church

This new static scheme changed the load distribution on the walls, making it become
eccentric due to the reduced thickness of the curb, compared to that of the wall.
With the knowledge hitherto acquired, a kinematic mechanism was, therefore, hypothesized
that had produced a deformation of the wall, with a consequent partialisation of the resistant
section and breaking due to peak load. By comparing historical and tests’ data, the result was
the intervention carried out in the 1980s had accelerated the degradation process and had been
a contributing cause of the collapse.
Aware that the removal of the current roof structures would have caused incalculable
damages to the monument, it was decided not to intervene on them and rebuild the wall by
eliminating the previous discontinuities and consolidating the existing walls.
3

THE CONSTRUCTION SITE AND THE NEW INVESTIGATIONS

Once the construction site was set up, on 8 November 2018, the cracking situation was
significantly worsened compared to the survey carried out in the design phase, mainly
concerning cracks on the floor with relative failure of the pillar, near the apse, due to heavy
rains that occurred at the end of October.
This situation led to investigate, through punctual excavations, the conditions of the
foundations of the collapsed wall to identify the plan from which to begin the reconstruction.
The excavation work, begun under the collapsed wall at the apse, showed an evident rotation
of the lower part of the wall collapsed (fig. 2) and traces of an underground compartment, which
led to the need to integrate previous punctual investigations with tests on the entire subsoil of
the church. This was necessary in order to have an updated situation after 12 years from the
collapse and check the presence of potential underground masonry structures and cavities.
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A geophysical investigation was, therefore, commissioned highlighting a completely
different picture of the causes of the collapse and led to the drafting of a variation report.
Following the results of the new investigations, it was decided to carry out inspections inside
the underground masonry conduct, in parallel to the wall of the church on Itria St., which
conveys the white-water from the mountain and collects dispersed water.

Figure 2: Crack on the floor in proximity of the pillar and the rotation of the wall under the collapsed one

3.1 Application of electric tomography to the case study
3D electrical tomography was chosen to investigate the soil and foundation structures
allowing to assess the resistivity of the subsoil [4, 5]. Three linear tomographies were performed
(1, 2 and 3) to define the geoelectric situation of the site, with the aim of acquiring with 3D
resolution all the elements attributable to highlighting areas of potential instability and/or
anomalies of the stratigraphy, positioning a remote pole 20 meters from the investigated areas.
In particular, the electrodes were positioned externally, along via Itria, the area affected by
the collapse of the wall, in adherence to the Church, setting the electrodes at 1.30 m
(tomography No. 1); along the internal perimeter of the church, also paying attention to the
colonnade foundations of the right nave of the church, due to the lowering of the column near
the apse, setting the electrodes at 1 m (tomography No. 2); inside and outside the wall of the
church adjacent to the sacristy, setting the electrodes at 1.30 m (tomography No. 3) (fig. 3).
The electrodes, consisting of metal pegs, and the energizer producing electricity to be set
into the ground, were connected to a data acquisition center. The investigated area was thus
ideally divided into a finite number of meshes and cells (the so-called "finite elements"), each
of homogeneous and unknown resistivity. In tomographic reconstruction, the unknown is the
distribution of the resistivity in the ground, while the electrical measurements carried out on the
ground represent the known terms. From an operational point of view, the method consists of
transmitting electricity into the ground through an energizing dipole, and measuring the
potential difference induced by the electric field created in the ground, by means of a reading
dipole. The measurements were recorded by alternately moving (with automatic method) the
electricity dipole and the voltage dipole, in order to obtain a mesh of reading points arranged
along the three cross-sections. Knowing the potential difference and the electricity intensity in
the various points, the apparent resistivity was obtained at each point by applying, by means of
special software, the theory of infinitesimal dipoles [6].
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3
2
1
Figure 3: Setting of the pegs regularly spaced along the three determined alignments

3.2 Results of tests
Most rocks exhibit electrolytic conductivity characteristics since almost all minerals are
insulating. Conductivity is, therefore, essentially due to interstitial water and is largely a
function of the porosity, the water content and the amount of salts dissolved in water. The
presence of fluids in the subsoil causes rocks and soils, crossed by electricity, to behave
relatively like good conductors; on the contrary, structures with low fluid content such as dry,
unfracted rocks and natural or man-made cavities behave like bad conductors, if not actually
insulators. Therefore, the underground structures respond to the electricity flow, introduced in
different ways, according to the physical parameter that regulates this behaviour: the electrical
resistivity ρ.
Once the apparent resistivity values for the points of the mesh in the established cross-section
were obtained, by means of the ERT LAB software, a 3D model of resistivity was obtained
allowing giving a qualitative interpretation about the presence of anomalies in the ground
thickness divided, as previously exposed, into three-dimensional elements [7].
The elaboration of the electrical tomographies performed allowed acquiring information on
the ground the Church of Itria rests on, about the potential presence of voids and/or
decompressed material, as well as information on the consistency of ground materials.
In particular, the results show that:
Tomography No. 1: the portion of ground investigated consists almost entirely of medium
saturated sands, with resistivity values between 10 Ω⋅m and 100 Ω⋅m. Some areas have been
identified along the electrical spreading line with significant deformations of the induced
electric field, such as to define areas corresponding to decompressed material and/or the

1137

T. Basiricò, S. Campione and A. Cottone

presence of potential voids, with resistivity between 160 Ω⋅m and 300 Ω⋅m, affecting
thicknesses up to 2 m deep from the road surface. The volume of these degraded thicknesses
was defined by the evaluation of the ZY cross-section. In particular, from the documents
referring to tomographic cross-section 1, we highlighted the critical points of the areas
presenting significant deformation of the electric field and having probably triggered the failure
at the base of the building, due to potential reflux phenomena at the base, with the consequent
collapse of the wall along Itria Street
Tomography No. 2: the ground inside the church consists almost entirely of dry filling
material, with resistivity between 10 and 100 Ω⋅m. In particular, it is clear that this filling
material is located in the central nave of the church up to 3 m deep (fig. 4). This result led to
the hypothesis of the presence of a pre-existing structure subsequently filled, a crypt or a
passage, part of the XIVth century church, some news had been found by means of preliminary
historical research. This hypothesis was subsequently confirmed by the discovery, following
the excavations, of an underground room below the apse (an area not affected by the
tomographic survey) connected through a door to the part below the central nave.
The analysis of the XY sections (fig. 5), at depths varying from 2 m to 6 m, shows areas of
the ground with significant deformations of the induced electric field. Such areas correspond to
decompressed material and/or partial presence of voids, already starting from the depth of about
1 m of the portion of the southeast corner building. These areas are increasing in depth and
breadth at the collapsed wall between 150 Ω⋅m and 200 Ω⋅m, with deformations
superimposable with those already detected in tomography No. 1. With the investigation carried
out, it was also possible to identify areas with even higher resistivity, between 250 Ω⋅m and
300 Ω⋅m, at the pillar near the apse affected by the collapse.
Tomography No. 3: the area investigated with this tomography consists almost entirely of
filling material, except for some areas of the ground with significant deformations of the
induced electric field. Such areas correspond to buried wall structures with resistivity between
160 Ω⋅m and 300 Ω⋅m, present up to a depth of approximately 1.6 m from the floor.

Figure 4: Results of tomography No. 1 and No. 2
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Figure 5: Results of tomography No. 2 (XY sections and 3D model)

To complete the investigation, a visual inspection of the conduct adjacent to the church along
Itria Street, was also carried out. This investigation made it possible to detect the geometric and
material-construction characteristics of the conduct and above all any deterioration. The
rectangular-shaped conduct with a pseudo-rectilinear course, 0.75 m width and approximately
1 m height, shows a concrete base, walls with ashlars regularly arranged with bedding mortar
joints and a roof made of stone slabs placed side by side and regularly arranged.
From the visual inspection inside the conduct, several water infiltrations were noticed,
coming from the side of the church, with low, but still continuous influxes at the base of the
conduct. The water that flows into the conduct from the mountain side disappears, significantly,
to infiltrate below the concrete base without knowing the path that follows in depth, being the
concrete slab damaged in several points, with some portions removed by runoff water within
the same conduct.
From the overall picture of the results of the preliminary investigations, it was possible to
define the main cause of the collapse in a failure of the foundations of the wall near Itria Street,
due to the inconsistency of the underlying ground, presumably due to the runoff and slow
removal of material, following water infiltrations from the conduct. The narrowing of the
section of the collapsed wall and the excess load of the roof built in the 1980s are, at this point,
to be considered secondary causes.
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4

INTERVENTION METHODOLOGY

The works completed on 13 September 2019 represented the 1st stage of consolidation and
restoration works of the church of Itria, aimed at consolidating the ground below the church,
reconstructing the collapsed wall, consolidating the walls and highlighting an underground
room, identified as the primitive XIVth century church. In the 2nd stage of consolidation, the
interventions on horizontal structures, arches and damaged vaults, the plaster, the floors and the
waterproofing and water disposal system will take place.
4.1 Interventions on the ground
The results of the investigations made it possible to deepen the knowledge of the building
with respect to its current state of conservation and formulate a proposal for intervention
assessed based on the historical information and the material data collection.
Consequently, the works management suspended the works and drew up a variation report
that took into account the results and at the same time agreed with the conduct managers
(Municipality of Piazza Armerina and Acquaenna Ltd) the suitable interventions to prevent
water dispersion from the conduct to the ground under the church.
The intervention on the conduct was preparatory to the ground consolidation interventions.
In particular, a compensation chamber has been created, upstream of the conduct, to avoid
excessive flow in the conduct itself. The concrete at the base of the conduct was restored and
the walls and the base were covered with three layers with different performances: polyolefins
(TPO), non-woven fabric (TNT) and draining sheet (Enkadrain type) to allow the drainage of
dispersed water and prevent the flow of water from the conduct towards the church.
For the consolidation of the ground, an intervention method was developed aimed at reaggregating the incoherent elements and filling the potential voids under the foundations.
After a careful market investigation, a premixed expansive mortar composed of cement and
particular additives and expansive agents was chosen, having the main characteristic of
combining 100% average expansive capacities and mechanical capacities suitable for holding
loads in foundations between 7.3 MPa and 11 MPa (Betonfix Espando type by Kimia). It is a
material normally used for ground consolidation, filling voids and cavities and tunnel
applications for anchoring nails. To ensure its reliability, two tests were carried out on site, one
in a 0.30x0.30x0.60 m metal specimen, with confined expansion, and the other in a
0.50x0.50x0.40 m excavation inside the Church flooring, with free expansion. Both tests have
shown within half an hour an increase in the volume of the mortar cast in situ in the confined
case by 100% and 70% in the free one (fig. 6).
Once the material was identified, a set of mortar injections was realized through perforations
to the external and internal side of the wall on Itria Street and Itria Square, between 0.50 m and
1 m distant and between 2 m and 6 m depth. The rotation perforations, performed vertically or
slightly inclined towards the wall, allowed the insertion of drilled rigid PVC canes with an
external diameter of 34 mm and an internal diameter of 27 mm; the canes equipped with tip
caps were equipped with valves not more than 1 m distant each other.
In order to consolidate even the ground furthest from the holes, it was important to choose
the injection pressure. Based on previous experience of the contractor, in similar works, the
pressure was chosen varying between 2 atm and 4 atm, depending on the ground resistance.
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Figure 6: Confined and free expansion test of the expansion mortar

The injections were carried out with staggered perforations and by injecting the material
under pressure regulated by a pressure gauge, from the deeper valve, and advancing along the
path. Once this stage was completed, the operation was repeated to make the material exit the
upper valve, until it was rejected. Once the external injections were completed, the internal
injections were placed at higher distance and consuming less mortar, as the ground was already
partially consolidated by the material injected through the external perforations (fig. 7).

Figure 7: Perforation in the ground and interior view of the conduct

4.2 Interventions on the building
Once the foundation ground was consolidated, the enlargement of the wall was dismantled,
which over the years had been built to reinforce the base of the wall downstream of Itria Street
and which concealed the entrance to the underground compartment discovered by the
excavations carried out during the works.
This was part of the primitive XIVth century church with access to the lower part of the
current Itria Street and which justifies the characteristic shape of the current church built in the
XVIIth century over this first settlement.
From direct observation of the structure, it was found that the failure had not yet stabilized.
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To avoid immediate risks, it was however necessary to take urgent ground consolidation
measures below the pillar adjacent to the apse.
Once the rotation of the remaining wall below the collapsed one was verified and the relative
deformation, the demolition and the reconstruction of this wall was carried out, by means of
stone ashlars of the quarries of Aidone, for almost the entire thickness, and with fair-faced
external layer, using the ashlars recovered after the collapse and kept in the Curia spaces. The
new wall has a variable thickness, in correspondence with the existing niche, which was no
longer built, reaches 2 m.
The works also involved the consolidation of the existing walls of the church and the
underground room with injections of fluid cement mortar (BETONFIX 200) and the anchoring
of the pillar near the apse to the wall rebuilt with carbon bars and special mortar.
The rebuilt wall was also connected with the opposite wall through new chains in order to
improve the box-like behaviour of the entire load-bearing wall structure. In particular, a series
of perforations reinforced with carbon rods were made and 3 chains at 3 heights were placed to
create the interlocking at the corner of the new wall with the existing orthogonal one: at the foot
level of the church, at the roof level and at the intermediate level (fig. 8, 9). Two other chains
were built on the sides of the closing arch of the apse.
During the whole-time span of the works, a monitoring system was developed in order to
measure any in-progress phenomena or to ascertain the results obtained with the injections of
expansive mortar. In particular, crack-gauges and pendulums were applied and left at the end
of the works, at the most critical points (e.g. in the cracks of the arches converging in the pillar
adjacent to the apse) to measure any structural movements during the suspension of the works.
Considering the importance of ground consolidation for the intervention carried out on the
church, a new electric tomography campaign has been planned for the resumption of the works
of the 2nd lot in order to verify the filling of the voids and proceed with any additions.

Figure 8: Plan of the church with points of perforation in the ground and with the perforations reinforced
with carbon rods placed to create interlocking at the corner of the new wall with the existing one
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Figure 9: Photographs of the reconstructed wall and drawings of the church with the found underground room

5

CONCLUSIONS

The geometric irregularities of the church, due to original imperfections and the joints made
during the construction phase of the church at the end of the XVIIth century above the preexisting XIVth century church, as well as the subsequent modifications, have generated a very
complex framework that led to errors in the design phase.
In addition, the urban evolution surrounding the church have created a complex situation.
With the passage of time, the sacristy and other buildings were joined to the side facade of the
church, not in all its length, and on the southern head. But above all, the location of the conduct
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adjacent to the church have led to a disastrous situation.
It is important to highlight how in the case study, as in many restoration projects [8], the
complexity of the monument negatively influenced the choice of preliminary investigations and
how this negative influence was accentuated by an originally project lacking, by the use of
unsuitable materials and subsequent inadequate interventions.
The experience of this case study demonstrates the importance in choosing the types of
preliminary investigations and how these can positively or negatively influence the
identification of the causes of failure.
In conclusion, it is possible to affirm that with the appropriate preliminary investigations of
the ground, it would have been possible to intervene immediately in the conduct and prevent
the phenomenon from continuing in the 12 years between the collapse and the start of the works,
causing further damage, such as the lowering of the pillar in proximity of the apse and
consequently greater interventions and expenses.
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Abstract. The Church of the Laboral University of Gijón has the world's largest
elliptical masonry roof with 40.8 meters of mayor axis. This big structure is vertically
supported with no columns using twenty pairs of masonry ribs crossing each other, and
horizontally supported by means of two elliptical ring beams located at the top of the
Church. In order to study this historical building, this paper presents the overall threedimensional structural numerical analysis of the Church, taking into account different
material nonlinearities - including masonry and reinforced concrete - as well as geometrical
nonlinearities, such as contact effects among the different structural components of the
building. Furthermore, a coupled thermal-structural analysis was carried out considering
the summer temperature distribution and the Spanish standard rule dead and live loads. The
most relevant results, in terms of maximum displacement, stress and, cracking and crushing
phenomena are presented. Finally, valuable information from the interaction among the
structural elements of the Church are discussed and the most critical points of the building
are located, giving place to the most important conclusions of the nonlinear numerical
analysis of this interesting structure.
1

INTRODUCTION

The Universidad Laboral of Gijón was built between 1946 and 1956. With 270,000 m2, it
was the most important architectural work in the twentieth century and is still the
largest building in Spain [1]. The church building (see Figure 1) is undoubtedly the most
spectacular
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architectural ensemble of the Universidad Laboral in Gijón. With an overall inside surface of
807 m², the church has the world’s largest elliptical roof: with a major axis of 40.8 m and a
minor axis of 25.2 m. The church is twenty-five meters high from the floor to the springing
line, and thirty-three meters high to the crown. The dome has an estimated weight of 2,300 tons.
For its construction, 450,000 annealed bricks from the province of León (Spain) were used. The
whole structure is self-supported with twenty pairs of interlaced masonry ribs. In the crown,
there is an oculus to light the interior of the Church naturally. Currently however, there is no
natural lighting due to a slight sag in the dome.
The structural analysis of masonry structures, and in particular of domes, has several
difficulties: nonlinearities due to the material properties, with almost no tensile strength; the
lack of experimental characterisation of the mechanical properties of masonry structural
elements; and in this particular case, the complexity of the geometry [2].
To solve this complex structural problem, refined mechanical models, which accurately
predict the behaviour of masonry material and elements, are proposed in the literature [3-6].
These models use different strategies to consider the highly nonlinear behaviour of the material
both in tension where low tensile capacity and consequent cracking phenomena are taken into
account, and in compression. Some of those models are also able to provide the structural
response to large displacements. Unfortunately, current models are difficult to apply to a 3D
analysis of complex structural systems. This is due to the great number of parameters involved
in the definition, and the large number of degrees of freedom required for structural meshing,
leading to unmanageable data. In this work, a nonlinear structural static analysis of the elliptical
dome of the church is developed. The most relevant results: maximum displacement, stress, and
cracking and crushing phenomena are presented.
Finally, valuable information from the structural behaviour and the interaction among the
elements of the structure are discussed. Furthermore, the most important conclusions of the
structural analysis are drawn, and a plan for the conservation of the building is proposed.
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Figure 1. Current state of the church of Universidad Laboral in Gijón

2 DESCRIPTION OF THE CHURCH IN THE UNIVERSIDAD LABORAL
Traditional church buildings are often in the shape of a cross, and frequently have a tower
or dome. However, the Church of the Laboral is completely different, since the roof has an
elliptical shape [7] (see Fig.2).
The main parts of the system are described as follows:
- Masonry ribs: There are 20 interlaced pairs of brick ribs, stretching from the columns to
the central skylight. They are rectangular in cross section, 0.9 m wide and from 1.8 to 2 m high,
with variable lengths up to 16.8 m. The main function of these elements is to transmit forces
from the dome to the columns.
- Ring beams: There are two elliptical ring beams located at the top of the columns: upper
and lower. Both of them are made of reinforced concrete.
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Figure 2. Church of the Laboral with main dimension: elevation view (upper) and plan of the dome (lower)
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3

STRUCTURAL ANALYSIS

Analysis of the structural response of masonry structures, and in particular of domes, is
complex. The nonlinear material properties of masonry, with almost no tensile strength, must
be considered in the numerical model. In addition, there is a lack experimental data of the
mechanical properties of the masonry. Finally, this case is particularly complex due to geometry
of the dome which is elliptical in shape and has double curvature on three axes [7].
Previous numerical models [2, 5-6] are able to provide the structural response to large cyclic
deformations, which occur under seismic actions. However, there are no 3D numerical models
able to analyze complex geometries like the case studied in this work.
The numerical simulation carried out in this work uses the ANSYS Workbench 2019 R2
academic software. The numerical simulation developed gives great insight into the structural
response of the dome, saving costs and time in relation to experimental tests [8-9].
3.1 Geometrical model
The 3D geometrical model of the dome was based on the project of the building (see Fig. 2).
It was done using a parametric CAD software. The main elements considered are the following:
 Masonry ribs: elliptical arches of the dome made of masonry and concrete.
 Ring beams: there are two ring beams made of reinforced concrete to support the
masonry ribs, the upper ring and the lower ring.
 Roof: the conical auxiliary structure over the ribs, including the small tower at the
central skylight.
- Columns: there are twenty main building supports made of reinforced concrete.
The explode view of the geometrical model and the main components are shown in Fig.3.
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Figure 3. Geometrical model of the Church of the Laboral main parts: explode view (left) and masonry ribs
(right)

3.2 Finite element model
Numerical model uses several finite elements to simulate the structural behaviour of the
dome. The concrete and masonry components were modelled using the element SOLID65 and
SOLID185 from ANSYS®. Both are an eight-node solid element, with three degrees of
freedom at each node (translations in nodal x, y, and z directions). They are suitable numerical
elements to simulate masonry and concrete components. SOLID65 supports plastic
deformation, cracking in three orthogonal directions, and crushing. SOLID185 supports
plasticity, stress stiffening, large deflection and large strain [8-10].
Furthermore, elements type SOLID186 and SOLID187 were used to mesh the conical roof
and the smallest parts of the Church. They are three-dimensional higher order solid elements
that exhibits quadratic displacement behavior. SOLID186 is a twenty-node solid element with
three degrees of freedom per node. SOLID187 is a ten-node solid element and tetrahedral in
shape [8-12].
Contact between structural components, masonry ribs, conical roof, upper and the small
tower at central skylight, lower rings and pillars, were simulated using pairs of contact elements,
CONTA174 and TARGET170 [8-12].
The MultiZone mesh method was used to solve the complex meshing of the structure. This
method divides automatically the geometry in mapped regions and free regions. Then, it
generates a pure hexahedral mesh where possible and fills the more difficult regions with
unstructured mesh. This meshing method is suitable to mesh complex geometries.
The mesh sizing parameter ranges between 0.1 m for the masonry ribs and 0.2 m for the ring
beams. The finite element model has more than 1,500,000 nodes and 1,200,000 elements (see
Fig.4).

Figure 4. Mesh of the church in the Universidad Laboral: overall view (left) and masonry ribs detail (right)
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3.3 Material properties
The structural behavior of the masonry dome was analyzed using a macro-modelling
strategy, based on previous research works [4-6]. In this sense, mortar and unit-mortar interface
are smeared out in the complex geometrical model of the roof, due to a necessary compromise
between accuracy and efficiency in this specific case.
Nonlinear material models were used to simulate masonry and concrete material behavior.
Two material models were combined to study both material failure modes, cracking and
crushing: Drucker–Praguer material model for compression stresses, and Willam-Warnke
material model for tension stresses, in order to predict both material failure modes: cracking
and crushing [13-14].
In order to obtain the main masonry properties, other minor structure located near the
building was tested. The brick is 0.24 m long, 0.11 m wide and 0.06 m thick. The mortar
thickness is 0.01 m in all directions. [14-15].
The main material properties considered in the FEM model are shown in Table 1.
Table 1: Material properties
Material

Sandstone
Limestone
Sponge (roof)
Reinforced concrete
Masonry

E
(Mpa)

10,000
35,000
5
23,000
870

c
t
(Mpa) (Mpa)

14.5
15
2,9
0.5

95
140
30
9.5



0.30
0.25
0.20
0.18
0.25


(kg/m3)

2,250
2,750
10
2,300
2,000


(°C-1)

1.16E-5
0.8E-5
1.4e-5
1.2E-5
0.5E-5


(W/m°C)

1.7
1.3
2.0
1.63
0.8

3.4 Load cases
In this work, a thermal analysis was carried out to determine the temperature distribution in
the model due to the solar radiation. A thermal flux of 200 W/m2 was applied considering the
worst climatic condition in the summer [16]. Convection film coefficients were obtained from
the Standard UNE-EN ISO 6946, as it is shown in Table 2 below, ranging from 25 to 5.88
W/m2K [17-18].
Table 2: Convection film coefficients

Film coefficient
Inner surfaces
Outer surfaces

Upper
10.0
25.0

Thermal flux direction
Horizontal
7.7
25.0

Lower
5.88
25.0

Furthermore, a coupled thermal-structural analysis was carried out considering the
temperature distribution obtained in the previous thermal analysis.
Dead load and snow load were considered, taking into account the following parameters:
 Dead load: density of the main materials, including a specific study to the conical roof.
 Snow load: a constant pressure of 450 Pa were applied in the exterior surface of the roof
[16].
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To solve the couple thermal-structural analysis the temperature distribution previously
obtained was applied to nodes and transferred to the model. The nonlinear problem was solved
using a Newton-Raphson method with adaptive descent including plastic material properties.
The maximum number of equilibrium iterations was 100, with an initial step of 0.01 over 1. As
convergence control, the displacement was considered with a minimum tolerance of 0.01 [1012].
The coupled thermal-structural problem was solved in a four Intel ® Xeon ® Gold 6230
CPU @ 2.1 GHz machine, with 256 GB memory and 4 TB Raid0 NvMe SSD disks, distributed
among 80 cores. Total CPU time was about 10,000 seconds, with 14 load steps and 300
iterations.
4

NUMERICAL RESULTS AND DISCUSSION

4.1 Main results
In this section, the main numerical results from the thermal and structural analyses are
presented. Results include a detailed cracking and crushing analyses.
Figure 5 shows the temperature distribution obtained in the thermal analysis where summer
climatic conditions were applied. Temperature values ranges between 16 ºC and 21.6 ºC at the
upper part of the masonry ribs. These variations could cause thermal stresses in the dome
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Figure 5. Temperature distribution in masonry ribs: zenithal view (upper) and isometric view detail (lower)

Figure 6 shows the main results of the coupled thermal-structural nonlinear analysis. Figure
6 upper shows the maximum displacements of the dome and Figure 6 lower, the crack patterns
obtained when the total load is applied on the dome.
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Figure 6. Maximum masonry ribs displacement (upper) and crack pattern (lower)

Maximum displacement value is about 0.026 m, which lead a ratio of 962 between short
dome length and vertical displacement. With respect to the crack patterns, short masonry ribs
present crushing under compression stresses in the upper zones, and cracking failures at the
lower part of the short ribs.
In the non-linear region of the response, subsequent cracking occurs as more load is applied
to the dome. Cracks grow in the constant region, located at the short ribs, and the masonry ribs
starts cracking out towards the supports at a 20% of the maximum load (see Figure 6). Figure
6 shows the details of the crack evolution at 6 different points of the analysis (0.2 s, 0.325 s,
0.55 s, 0.75 s, 0.85 s, 1 s). Symbols in red represent the cracks and blue lines the finite elements
of the numerical model.
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Figure 7. Crack patterns in the central part of the masonry ribs at different load steps

5

CONCLUSIONS

This paper has proved that the use of advanced numerical methods helps to obtain the
structural response of a complex nonlinear model, such as the case studied in this work. The
most important findings are the following:


To define the complex geometry of the Church in the Universidad Laboral it is
necessary to use a three-dimensional parametric design program.



In order to obtain a regular tetrahedral mesh, it is necessary to use a MultiZone mesh
method. In this study, suitable element size ranges between 0.1 and 0.2.



The thermal gradient in the masonry ribs causes significantly less stresses and
deformation than the expected. The low stress levels are due to the conductivity
properties of the material and the air chamber in the interior of the Church.



The use of nonlinear numerical models including contacts are suitable to study the
thermal and structural behavior of complex geometries and assembles of different
structural elements, such as ribs, columns and annular rings.
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A constitutive material model to simulate concrete and masonry models is very
efficient to simulate the behavior of bricks. In this case, William-Warnke and
Drucker-Prager models were combined to obtained accurate results.



The numerical results of the coupled thermal-structural model show cracking
patterns in the short masonry ribs. These cracks caused some deterioration in the
elliptical dome.

In this work, our experience in numerical simulation provided an important contribution to
know the structural conditions of an important cultural heritage. The structural behavior of the
elliptical dome of the Church in the Universidad Laboral was analyzed using advanced
numerical models and the most critical points were located. This study is very important to
prevent and assist the conservation, or retrofitting of this building.
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Abstract. Uncertainties play a key role in the structural assessment in the existing buildings.
They are mainly associated with materials, geometries and loads. The reduction of these
uncertainties is one of the main challenges for researchers who approach this type of project.
The aim of this work is the reduction of uncertainties through a sensitivity analysis. These
analyses allow understanding the structural overall behaviour and they are useful to the in-situ
test planning. The proposed sensitivity analysis is used as cognitive evaluation, analyzing the
influences of each parameter on the structural behaviour, and as improvement assessment,
evaluating the effectiveness of the intervention proposals. Furthermore, such approach reduces
the impact of the experimental campaign and the intervention proposals, in terms of
invasiveness, time and cost. The research is carried out through the selection of a case study,
the “Quartel da Tropa” (SC), Brazil. It is used to show how the proposed approach can be
applied for the structural assessment of historical buildings. The information collected was
elaborated with Historical Building Information Modeling (H-BIM) and analyzed through
finite element method software. The proposed research allows increasing the level of knowledge
of the historical construction of the Quartel da Tropa, through the sensitivity analysis and the
experimental test design of the structure. Such an approach suggests how not only the
longitudinal Young’s Modulus (E) and the specific weight (w) of the masonry are the main
parameters to avoid significant errors in the results in terms of structural assessment. Indeed,
type of wooden species, type of structural connection, different types of masonry characteristic
in different structural elements must be considered.
1

INTRODUCTION

Uncertainty analysis [1] – mostly known as Sensitivity Analysis (SA) - is a method that deals
in quantifying the uncertainty in the model output [2]. SA may be also used for other purposes
[2], such as increasing the robustness of a model [3], design optimization [4], identification of
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parameters that requires further research [5] and its influence on the cracking pattern and extent,
model simplification by eliminating variables [3], understanding of the model and variable
interaction [6], etc. For these reasons, sensitivity analysis is a widespread method used to
investigate the influence of parameters within the structural response assessment [4]. The
knowledge elements - necessary for this analysis - concern the geometry of the structure, the
construction details and the mechanical properties of materials [7]. As resumed by the Italian
National Research Council (CNR) [7], those elements are usually obtained from (1) historicalcritical analysis aimed at reconstructing the constructive process and the subsequent
modifications and events suffered over time by the building; (2) documental projects relating
to the implementation and subsequent modifications; (3) geometric-structural survey referring
to the overall geometry of the construction as well as that of the constructive elements, including
their associated structures, quality and state of preservation of materials and building parts; (4)
experimental investigations aimed at completing the information framework related to the
mechanical properties of materials. In this work, the sensitivity analysis is used as a
methodological step to the test planning aimed to increase the knowledge level of the historical
construction through-out the use of Non-Destructive test (NDT) investigation.
This paper aims to propose an approach that allows reducing the construction uncertainties
trough the understanding of the structural overall behaviour and the in-situ test planning. The
combination of two methodologies - (H-BIM) [8] and the path to knowledge of historical
constructions [9] - offers useful tools to the proposed goal. Through those methodologies, to
carry out a sensitivity analysis is possible. It allows finding out which mechanical parameters
influence the global structural behaviour of historical buildings. The results of such analysis
allow reducing invasiveness impacts, costs and time on an experimental testing campaign aimed
to know the most relevant characteristics of the structure and its further intervention proposals.
The case study is the Quartel da Tropa that belongs to the fortress of Anhatomirim Island (SC),
Brazil. Its analysis shows how the proposed approach can be adapted to heritage constructions.
2 MATERIALS AND METHODS THROUGH THE SENSITIVITY ANALYSIS
In the proposed case study, the historical-critical analysis - made by analyzing the available
documental researches and the geometric-structural surveys [10, 11] – was useful to describe
the constructive phases and to obtain a qualitative interpretation of the structural performance
evolution [12]. The results of previous experimental local investigations - sonic tests, physic,
and biological damages assessment, etc. - on the wooden structural elements [11] suggested
their complexity - in terms of assessment of mechanical characteristics – due to the presence of
several wooden species.
The knowledge factors of the structure can be distinguished between [7]: (1) factors that can
be considered known in deterministic terms, i.e. with a low value of uncertainty, in absolute
terms or terms of the relative sensitivity of the response; (2) factors affected by the uncertainty
of aleatory type, generally associated with the intrinsic variability of characteristics of the
structure; (3) factors affected by epistemic uncertainty, associated with a lack of knowledge of
the structure or the mechanical behaviour of its components. As proposed in the research of
CNR (2014), the epistemic uncertainties cannot be modeled as continuous variables, but they
can be modeled as discrete epistemic variables [7]. For this reason, a parameter that allows
describing both aleatory and epistemic uncertainties was analyzed through the sensitivity of the
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considered structural response [7]. In the proposed research, the response variation coefficient
Δ’k was chosen (Equation 1). This parameter was introduced by the Italian National Research
Center (CNR) for the sensitivity analysis of the structural response – in terms of peak ground
acceleration values that lead to the considered limit state - according to the aleatory and
epistemic parameters variation [7]. In the proposed research, the authors extend the use of this
parameter to evaluate structural responses in terms of static and dynamic parameters. For the
static behaviour, displacements and compressive stresses were selected. For the dynamic
behaviour, the first modes in each direction were chosen [6]. The parameter Δ’ was modified
to show how results in the structural response differ from the average model for the aleatory (1)
and epistemic (2) parameters [7]:
∆′𝑘𝑘 =

∆′𝑗𝑗 = 2

𝑅𝑅𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚 −𝑅𝑅𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚
,
𝑅𝑅̅

(1)

𝑚𝑚𝑚𝑚𝑚𝑚(𝑅𝑅𝑝𝑝 )− 𝑚𝑚𝑚𝑚𝑚𝑚(𝑅𝑅𝑝𝑝 )

,

(2)

𝑚𝑚𝑚𝑚𝑚𝑚(𝑅𝑅𝑝𝑝 )+ 𝑚𝑚𝑚𝑚𝑚𝑚(𝑅𝑅𝑝𝑝 )

where Rk,max and Rk,min represent the values - in terms of structural response - associated with
the parameter k, varying from its maximum to its minimum values; 𝑅𝑅̅ is the structural response
associated with the main average model, Rp is the structural response associated with the
epistemic parameter p, which is the number of options of the discrete variable, p=1,mj.
3 APPLICATION
OF
SENSITIVITY
ANALYSIS
TO
CONSTRUCTION UNDERSTANDING AND TEST PLANNING

HISTORICAL

In the case of existing buildings, the sensitivity analysis is mainly used as cognitive
evaluation or as an improvement assessment [4]. In the first case, the objective is to understand
how each parameter influences the structural response; in the second one, the aim is to assess
where interventions have significant improvement in the overall structural behaviour [13]. The
first approach can avoid performing tests in non-significant points and extending them in the
greatest impact knowledge areas instead [13]. The second one allows optimizing the overall
work cost, revealing itself a powerful aid for designers by finding a more effective structure’s
reinforcing interventions, thus improving the intervention planning and maximizing the return
in terms of structural improvements [13]. Furthermore, due to the lack of knowledge about the
characteristic parameters of the masonry structures, the proposed research focuses on the
cognitive evaluation of the parameters aiming at elaborating a comprehensive on-site analysis
planning.
3.1 The Quartel da Tropa: from H-BIM to FEM
The proposed methodology was applied to the case study of the Quartel da Tropa, located
in the Anhatomirim Island - Florianópolis (SC), Brazil. This 18th-century building is
characterized by masonry vertical walls and wooden horizontal elements, i.e. slab and roof. It
is the largest quarter among Brazilian fortifications (Fig. 1). The construction is one of the main
buildings of the Fortress of Santa Cruz, located on Anhatomirim Island in the municipality of
Governador Celso Ramos, State of Santa Catarina, Brazil. Designed by the Portuguese military
engineer Brigadier José da Silva Paes, the building was one of the vertexes of the triangular
defense system, formed together with the Fortresses of São José da Ponta Grossa and Santo
Antônio de Ratones.
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a)

b)

c)

d)

e)

g)

f)

Fig. 1. Quartel da Tropa (a) in the as-current configuration after the 1970s restorations (b, c, d, e)
where the simple trussed roof structure (b) were replaced with collar tie beam (e) and concrete beams
(d) were introduced on the masonry arches (c); 3 sides of the structure are partially buried (f, g) [10].

Both main directions are characterized by masonry arches, at the lower levels, bearing the
second level of masonry walls (Fig. 1). The structure is characterized by a central slope-shaped
masonry element and buttresses (Fig. 1.e). Those interventions were probably developed to
counteract horizontal loads, such as the horizontal forces caused by the soil acting on three
buried lower sides of the construction (Fig. 1.f and g). The wooden horizontal structural
elements have undergone modifications in the 1970s restoration interventions [10], according
to a trend also found in other architectural heritage sites in Brazil [14]. The roof structure was
simple trussed, with king posts and struts (Fig. 1.b). It was replaced with trusses with a collar
tie beam (Fig. 1.e). In the same restoration of 1970, the wooden slabs, which were fixed in the
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masonry walls (Fig. 1.b), were substituted by simply supported beams resting on new reinforced
concrete beams, applied on the masonry arches (Fig. 1.b) [10-12].
The geometrical surveys [10, 11] and the historical-critical analysis [12] allow defining the
main characteristics of this heritage building and resuming them in a Heritage Building
Information Model (H-BIM) [12]. Once previous data were implemented in a digital 3D model,
the sensitivity analysis was carried out by exporting the H-BIM structural model - here created
in Autodesk Revit® - in Finite Elements Method (FEM) software - Robot Structural Analysis®.
In the structural model, the beam elements are simplified as linear elements and the walls are
simplified and represented by their middle planes. Each node of the plane and beam elements
has 6 degree of freedom. The planes are meshed with thick-shell elements, which are defined
by 4-nodes quadrilaterals [15]. Discrete Kirchhoff-Mindlin quadrilaterals are used with fourpoint Gaussian quadrature [16]. These elements include shear strain fields, but contrary to
Mindlin elements, they prevent the problem with shear locking for thin plates [16]. Coons
element with size 0.3 meter was selected as meshing methods [17], subdividing the FEM model
in 158070 degrees of freedom. Furthermore, the type of connections between concrete, wooden
and masonry structures was assumed as pinned, according to the visual inspection.
3.2 Parameter modeling
Material properties were chosen according to experimental results [11], the suggested values
of the National Standards [18–20] and proved scientific researches [9, 21, 22]. Geometrical
characteristics of the construction and soil parameters - obtained from the in-situ test - are
assumed as deterministic (Table 1). According to the results of the investigation [11], the
wooden element beams were modeled as dicotyledons C20, which parameters are selected
according to the Brazilian standard ABNT NBR 7190:1997 [19]. Due to the objective of the
proposed research, the masonry parameters are defined as aleatory (Table 1), while concrete
and wooden parameters are assumed as epistemic (Table 1). As consequence of the equation
(2) the minimum number of cases to evaluate the sensitivity coefficient for epistemic
parameters is two, and for this reason two type of concrete and wood are evaluated.
Table 1. Deterministic and aleatory parameters of the proposed Sensitivity Analysis

E (MPa)
G (MPa)
v
w (kN/m³)
C (kPa)
ф [º]

Deterministic
parameters
Soil
15.50
14.70
18.40

Epistemic parameters
Concrete 1
18435
7681
0.20
25
-

Concrete 2
23250
9964
0.17
23
-

Wood C20
9500
475
0.27
6.5
-

Wood C30
14500
725
0.27
8
-

Aleatory parameters of
masonry structures
min
average
max
1035
1305
1575
345
435
525
0.10
0.25
0.5
17
19
21
-

Regarding the evaluation of the epistemic parameters, 9 cases are investigated. In the average
model, the connections are supposed as pinned, meaning that the rotations Ry and Rz are
allowed. For the type of connection assessment, in case 1, all the connections are supposed as
fixed, while, in case 2, only rotations Ry are allowed. Since, case 2 shown no significant
modification in terms of structural response in cases 3, 4 and 5, fixed connections are supposed
in the roof, slab, and reinforced concrete (RC) beams, respectively. In case 6, wooden elements
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are defined as C30, according to the Brazilian standard ABNT NBR 7190:1997 [19]. Similarly,
in case 7, RC beams are assumed with different material characteristics according to the
Brazilian standard ABNT NBR 6118:2007 [20] (Table 1). In cases 8 and 9, the hypotheses of
different masonry characteristics are investigated, where the properties of buttresses and arches
are defined according to the Italian standard Circolare 617/09 suggestions for brick masonry
type, E = 1500 MPa, G=500 MPa and w=18 kN/m³ [18].
3.3 Analysis definition
In this work, two types of linear analysis are proposed: static and modal analysis. In the modal
analysis, the contribution of the static loads – including the soil actions. Hence, the evaluation
of the first modal frequencies in each direction offers an initial approach to the understanding
of the global stiffness (Fig. 2.a and b). The linear static analyses allow a first understanding of
distributions of loads and structural responses, in terms of stresses and displacement [21] (Fig.
2.c and .d). The structural analyses are carried out in Robot Structural Analysis® (Equations 3
and 4) for the solution of linear equation systems:
[K]{U}={F},

([𝐾𝐾] − 𝜔𝜔𝑖𝑖2 [𝑀𝑀]){𝜑𝜑𝑖𝑖 }=0,

(3)
(4)

where [K] is the stiffness matrix, {U} and {F} are displacement and force vectors, [M] is the
mass matrix of the structure, ωi is the natural frequency referred to the eigenvector {φi}.

Fig. 2. First vibrational modes in transversal (δ1) (a) and longitudinal (δ2) (b) directions. Top out-of-plane
displacements δ3 between axes 6th and 7th and δ4 between axes 4th and 5th (c). Mises stresses at the base of the
column δ5 and the springing line of arch δ6 in the 4th axis (d).
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4

RESULTS AND DISCUSSION

The interpretation of the proposed analyses suggests the control point selection where the
results of the sensitivity analysis will be recorded. In terms of total displacements, the
introduction of the central masonry element reduced the strains in the structure, concentrating
the stresses on the side parts of the façade [12]. Indeed, stress peak values are reached in the
column base and the springing line the 4th axis arch (Fig. 2.d). Instead, out-of-plane
displacement peak values are reached on top of walls of the left part of the northeast façades
(Fig. 2.c). For those reasons, the variations of the parameters in the sensitivity analysis were
recorded in such control points, as defined in Fig. 2.
4.2 Sensitivity analysis
The sensitivity analysis was carried out to assess how the characterization of each one of the
selected parameters affect the global structural behaviour [18]. Parameters δ1 and δ2 are
obtained as a preliminary evaluation of the overall stiffness in each direction, in terms of first
vibrational modal frequencies, while parameters from δ3 and δ6 describe the static behaviour of
the structure, in terms of displacements and stresses (Fig. 2).
Table 2. Response variations δi according the sensitivity analysis of the aleatory and epistemic parameters

Aleatory parameters
Base
Emin
Emax
Gmin
Gmax
vmin
vmax
wmin
wmax
Epistemic parameters
Case 1
Case 2
Case 3
Case 4
Case 5
Case 6
Case 7
Case 8
Case 9

δ1 [Hz]
2.4420
2.2158
2.6347
2.4224
2.4562
2.4271
2.5385
2.5194
2.3702
δ1
2.4461
2.4357
2.4572
2.4274
2.4461
2.4466
2.4536
2.4439
2.4676

δ2 [Hz]
5.4334
4.9735
5.8379
5.4011
5.4566
5.4828
5.4200
5.6092
5.2707
δ2
5.6863
5.6540
5.5383
5.5383
5.4603
5.6388
5.4502
5.4403
5.5502

δ3 [cm]
0.2791
0.3123
0.2564
0.2858
0.2743
0.2787
0.2746
0.2725
0.2817
δ3
0.2347
0.2776
0.2346
0.2788
0.2794
0.2433
0.2784
0.2790
0.2742

δ4 [cm]
0.2740
0.3076
0.2513
0.2805
0.2693
0.2738
0.2693
0.2765
0.2754
δ4
0.2294
0.2712
0.2293
0.2736
0.2746
0.2393
0.2737
0.2709
0.2708

δ5 [MPa]
0.5168
0.5143
0.5189
0.5193
0.5152
0.5052
0.5129
0.4509
0.5564
δ5
0.5162
0.5165
0.5173
0.5156
0.5169
0.5199
0.5163
0.4868
0.4984

δ6 [MPa]
0.6505
0.6456
0.6548
0.6585
0.6450
0.6535
0.6449
0.5942
0.6927
δ6
0.6527
0.6502
0.6539
0.6493
0.6506
0.6620
0.6482
0.6129
0.6957

The improvement assessment of the possible intervention was evaluated according to the
sensitivity analysis of the epistemic factors. It was obtained considering the quality of the
connections between different structural elements. This evaluation (Table 3 and Fig. 3) shows
how the main differences - in terms of out-of-plane displacements (Table 3 and Fig. 3) - are
obtained considering the structure connections as fixed, mainly in roof structure Δ’3=0.20,
Δ’4=0.15. In other terms, interventions developed to create stiffer connections in the roof
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elements could improve the structural overall box-behaviour. As expected, the main variations
were obtained due to the uncertainty of Young’s Modulus (E) (Table 3 and Fig. 3), related to
the structure stiffness. The variation of the Shear Modulus (G) the Poisson’s ratio (ν) does not
affect considerably the overall structure stiffness. Instead, the assessment of the specific weight
of the masonry (w) influences the results of the structural model global behaviour.
The type of wooden beam also affects the static behaviour of the construction – in terms of
displacements - and a further investigation on the wooden physic and mechanical parameters
should be done. The RC beam type and connections, instead, seems to have a very low influence
on the global behaviour of the structures, meaning also that their introduction in the restoration
intervention is questionable. Furthermore, since the constructive evolution of the Quartel shows
that material stratification, two assumptions were investigated. Case 8 and 9 were developed
considering that different material properties were used in the buttresses and the arches,
respectively.
Table 3. Response variation coefficients Δ’k according to the sensitivity analysis of the aleatory parameters

Aleatory parameters
E
G
v
w
Epistemic parameters
Timber beams
RC beams
Type of Connections
Roof Connection
Slab Connection
RC Beam Connection
Masonry buttresses
Masonry arches

Δ'1
0.17
0.01
0.05
0.06
Δ'1
0.00
0.00
0.00
0.01
0.01
0.00
0.00
0.01

Δ'2
0.16
0.01
0.01
0.06
Δ'2
0.04
0.00
0.05
0.02
0.02
0.00
0.00
0.02

Δ'3
0.20
0.04
0.01
0.03
Δ'3
0.14
0.00
0.17
0.17
0.00
0.00
0.00
0.02

Δ'4
0.21
0.04
0.02
0.00
Δ'4
0.14
0.00
0.18
0.18
0.00
0.00
0.01
0.01

Δ'5
0.01
0.01
0.01
0.20
Δ'5
0.01
0.00
0.00
0.00
0.00
0.00
0.06
0.04

Δ'6
0.01
0.02
0.01
0.15
Δ'6
0.02
0.00
0.00
0.01
0.00
0.00
0.06
0.07

Fig. 3. Sensitivity coefficients of structural responses according to the aleatory parameters Young’s Modulus (E,
G), Poisson’s ratio (ν), average specific weight of masonry (w); Sensitivity coefficients of structural responses
according to the epistemic parameters: timber and RC type of beams, quality of the connections, the types of
materials in the different masonry elements
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4.3 In-situ test planning design
An experimental investigation planning focused on these main characteristics allows
reducing costs and time [23]. As shown in the analysis of the wooden structures [11], visual
inspection has a key role in the preliminary assessment of the structural characteristic of the
construction. This tool has allowed observing some damages in the structure of the Quartel da
Tropa. The base of the column of the 4th axis shows an extended crack pattern in the external
part of the masonry (Fig. 4.a and Fig. 4.b). The structural element of the column - situated in
the 4th axis - has a high value of out-of-plane displacements and stresses (Fig. 2), confirming
the asymmetrical character of the structure. Furthermore, describing the damage patterns by
geometrical surveys is useful to collect such information for further analysis. The use of
orthophotos improves the damage pattern surveys recording the current state of the
construction, simplifying the process of data collection in the knowledge path of the heritage
building. The H-BIM offers the possibility to improve the previous tools through the
implementation of laser scanning, which permits a better geometrical description and
representation of the historical construction. A laser scanning campaign should be done to
describe the displacement pattern of the structural elements [8]. Such an approach is also
available to be used for the calibration of the parameters of the structural model, comparing the
laser scanning recorded displacements with the structural analysis results [8]. In the case of
Quartel da Tropa, the laser scanning could confirm – or deny - the results of the developed
structural and sensitivity analysis.

a)

b)

c)

d)

Fig. 4. Damages in the column of the 4 axis of the structure (a, b), connection between column and buttresses
(c) and connection of the central slope-shaped masonry with the main façade (d)
th

Furthermore, the identification of vibration modes should be carried out through Ambient
vibration tests [3]. It will improve the process of calibration of the structural model, also through
the aleatory and epistemic parameter evaluation. In the case of historical buildings, this type of
experimental tests is adequate for its non-destructive characteristic and because it describes the
global behaviour of the structure [23]. The set-up of the accelerometers should be done
according to the results obtained from the modal analysis (Fig. 5). Two biaxial accelerometers
should be installed in the lateral parts of the ground floor – near the northeast façade - to
measure the longitudinal and transversal displacements at the ground level. Similarly, two
biaxial accelerometers should be set in the upper floor to measure the displacement variations
in the two main directions. In the middle point – 7th axis – another biaxial accelerometer could
be installed – with one uniaxial accelerometer on the opposite façade - to detect any differential
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displacement by the façades in the two directions. It should record even some possible torsional
effect due to the asymmetry of the structure. In the 4th and 10th axes, unidirectional
accelerometers could be set to assess the behaviour of the building in the points where structural
analysis showed higher values of out-of-plane displacements. Such a set-up could be used to
develop a structural health monitoring system to assess the structural behaviour modifications
according to the particular environment of the Quartel, considering winds, humidity and
temperature variations (Fig. 5). Once the vibration modes are obtained from the experimental
results, the sensitivity analysis proposed in this research could be compared and improved
according to the experimental vibration modes and the out-of-plane displacement survey
obtained from the laser scanning. A process of manual tuning of the main parameters could be
adopted to assess the aleatory and the epistemic parameters of the structure proposed in the
further research [3, 4].
Since the geometrical depth of the retaining wall of the considered structure is unknown,
indirect sonic tests could assess the geometry of such a structural element (Fig. 5) [23]. Sonic
tomography tests [23] could evaluate the consistency of the masonry elements and the
effectiveness of the connections of the structural element added in the different constructive
phases, e.g. the connection between the buttresses and the masonry column (Fig. 4.c) or the
central slope-shape masonry element (Fig. 4.d). In the case that previous NDT test results need
further analysis, another uncertainty could be introduced and investigated. Carrying out single
and double flat-jack tests [23] - considered as minor destructive tests - allows understanding if
the mechanical parameters of the different masonry elements can be simplified in a single type
of masonry, as was chosen in the proposed research (Fig. 5) [23]. At the same time, flat-jack
tests define locally the state of stress and strain, from which can be evaluated the Young
Modulus E, which was one of the main parameters affecting the structural behaviour.
a) Non-destructive in-situ test, ground floor

b) Non-destructive in-situ test, first floor

Fig. 5. Experimental test set-up: accelerometer configuration for the modal parameter assessment and the health
monitoring, and other non-destructive or minor destructive tests
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CONCLUSION
This research confirms how the structural behaviour of historical buildings depends on the
level of knowledge of the material parameters and structural behaviour in terms of stress,
deformations, and stiffness. The results of the proposed research allow concluding:
• the methodology proposed in this research allows increasing the level of knowledge of
the historical construction of the Quartel da Tropa, through the sensitivity analysis and
the experimental test campaign of the structure;
• the cognitive evaluation allows improving the test planning, focusing on the assessment
of the main parameters localizing the impact of the experimental test on the relevant
structural elements. In the proposed case study, the sensitivity analysis shows how not
only the longitudinal Young’s Modulus (E) and the specific weight (w) of the masonry
are the main parameters to avoid significant errors in the results in terms of structural
assessment. Indeed, type of wooden species, type of structural connection, different
types of masonry characteristic in different structural elements must be considered;
• the analyses show that current construction configuration has an asymmetrical structural
behaviour. In terms of stress and displacement, the left part of the building suffers the
higher stresses and out-of-plane displacements. In those points, some pathology
manifestations were observed;
• regarding the improvement assessment, the quality of the connections of wooden
elements of the roof structure influences the out-plane displacements, meaning that
interventions on such connections could be necessary to increase the box-behaviour.
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Abstract. Elmina Castle, built in 1482 by the Portuguese, was the first of a series of
European trading bases along the west coast of Africa and served as a commercial outpost for
over four centuries of trade. The structure was captured by the Dutch in 1637 and became a
major hub for the Atlantic Slave Trade. The castle is currently a UNESCO World Heritage Site
and a Ghanaian national museum. The building is constructed from a combination of mud- and
lime-mortared rough-hewed sandstone masonry. The primary focus of the analysis is the
western curtain wall, which faces the only side of the castle accessible by land. A flaring at the
base of the curtain wall points to the likely presence of an additional tower located
approximately midway along the length of the wall in early Portuguese times. Using a pushover
analysis with nonlinear 3D FE under Abaqus/CAE explicit formulation, we assess the stability
of the tower-wall system to determine if a historical earthquake could have caused the tower to
collapse. During the Dutch occupation, a two-story building, brick vaulted at the ground level,
was added along the entire curtain wall. Using 2D plane strain nonlinear models, we evaluate
the structural capacity of this vaulted system, considering its sensitivity to the density and the
thickness of the loose material above the vault as well as the compressive strength of the roughhewed sandstone masonry in the walls.
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1 INTRODUCTION
Elmina Castle is the oldest permanent European structure in Sub-Saharan Africa, the first of
a series of trading bases along Africa’s West Coast. Built in 1482 as São Jorge da Mina by order
of the Portuguese Crown, the castle served as an imposing commercial outpost for over four
centuries of international trade. After the 1637 Dutch conquest, the castle became a major hub
of the Atlantic Slave Trade involving Europe, Africa, and the Americas.
The castle is a UNESCO World Heritage Site and a national Ghanaian museum. The
building, built on a rock mass projecting into the Atlantic Ocean, is the best-preserved example
of early European masonry construction in Sub-Saharan Africa. Elmina Castle has been the
object of a multidisciplinary field school conducted in Elmina, by the Archaeology,
Technology, and Historical Structures Program of the University of Rochester in conjunction
with the University of Ghana during the summers of 2017-2019.
2

OBJECTIVES

The goal of the paper is to provide a preliminary evaluation of possible changes in structural
stability and lateral capacity of the western wall resulting from the various architectural changes
introduced during the Portuguese and the Dutch occupation periods (1482 to 1872).
The primary focus of the analysis is the western curtain wall (shown in Figure 1a), which
faces the only side of the castle accessible by land. Observation of this wall as currently standing
shows that it was constructed using rough-hewed stones (RHS) held by a combination of mud
and lime mortars. The wall extends from an octagonal tower next to the castle’s gate to the
southwest bastion. As suggested by Lawrence [1], a flaring at the base of the curtain wall,
marked in Figure 1b, points to the likely presence of an additional defensive tower located
approximately midway along the length of the wall in early Portuguese times. This tower may
have collapsed during late Portuguese occupation due to seismic activity.

Figure 1: a) Plan view of Elmina Castle (western curtain wall highlighted), and b) aerial view facing the western
curtain wall, with base flaring highlighted [2].

Our goal is to assess the stability of the wall-tower complex with a pushover analysis to
determine if earthquakes could have been responsible for the collapse of this defensive tower.
Models for these analyses were tested using nonlinear 3D finite element analysis (FEA) under
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the Abaqus/CAE Explicit formulation. During the Dutch occupation (1637-1872), the height
and thickness of the curtain wall were increased, and a two-story building, brick vaulted at the
ground level, was added along the entire curtain wall [1]. In this portion of the study, the
objective is to perform a sensitivity analysis of 2D plane strain nonlinear models to evaluate the
structural response based on assumed values for the density and thickness of the filler material
as well as the compressive strength of RHS.
3

METHODOLOGY

Pushover analysis uses an incremental-iterative solution based on static equilibrium to solve
for the response of the structure subjected to a monotonically increasing lateral load pattern
[3,4]. In this study, all models are analyzed to find their collapse condition and related failure
mechanism using gravitational loads based on the pushover analysis approach in Abaqus/CAE
Explicit. During the pushover step, a uniform monotonically increasing horizontal acceleration
is applied to the entire model until collapse conditions are reached.
3.1 Evaluation of Collapse Conditions
The time-evolution of strain energy (SE), kinetic energy (KE), and plastic dissipative energy
(PD – due to plastic deformations simulating internal fractures) are used in order to identify the
onset of local damage and its development into structural collapse (Figure 2a). Conditions of
collapse can be reasonably characterized by three different collapse evaluation parameters: KE
reaches 10% of the total internal energy (i.e., SE + PD + KE), the crossing of strain and plastic
dissipation energy curves, and the highest normalized base shear. For all explicit FE analyses,
a quasi-static behavior is carefully enforced as explained below. KE is constantly monitored to
ensure that the analysis remains static and thus negligible inertial forces are created up to
collapse. Hereafter, we assume that failure conditions have been reached when KE reaches 10%
of the total internal energy (IE) of the system.
As indicated earlier, there is historical evidence from Portuguese chronicles that an
earthquake took place in Elmina in 1615 [5, 6]. Along the coast of Ghana, the Peak Ground
Acceleration (PGA) has been evaluated to be 0.026 – 0.2 g in 475 years [7]. We hypothesize
that such an earthquake could have caused the collapse of the defense tower during the late
Portuguese period. We also use the same seismic range to provide a preliminary assessment of
the Dutch architectural changes introduced along the western wall since 1637 and which are
still present in today’s Castle.
The example of a single wall will be used to discuss the characterization of collapse
conditions [8]. While gravity is applied during the first five seconds, only a vertical reaction is
developed, as shown in Figure 2b. Thereafter, as a result of the inertial forces caused by the
applied lateral acceleration, an equilibrating horizontal reaction force (basal shear) develops at
the constrained boundary face. The linear ramp of lateral acceleration causes a nearly linear
increase in the basal shear versus time while the vertical reaction holds constant (Figure 2b). At
failure, both curves show a sudden decrease, indicating that the structure has lost the capability
of resisting the lateral load. In this case, the mass of the wall has nearly completely separated
from its base. Failure conditions are also determined from the curves shown in Figure 2c.
Structural failure corresponds to the asymptotic growth of KE and PD and to the sudden drop
in SE. Finally, for each analysis, results are shown in the form of capacity curves, such as the
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one shown in Figure 2c, which consist of base shear versus the displacement of a reference
point. The normalized base shear is the ratio of the horizontal reaction forces to the weight of
the model, expressed in terms of g. Further discussion is included in the paper by Sun et al. [8].
As for the collapse mechanism shown in Figure 2a, the black bands at the base of the wall
represent areas where the plastic strain exceeds a threshold of 0.01. Hereafter, the black bands
shown in figures are interpreted as fractures that propagate through the quasi-brittle material.

K
1
0

Figure 2: Single wall example: (a) energy curves versus time, (b) reaction forces versus time, and (c)
capacity curve for reference point highlighted in (a). In the (a) insets, the black band indicates the fractured area.

3.2 Material properties
In all the analyses, the Abaqus Concrete Damaged Plasticity (CDP) formulation for quasibrittle materials [9] is utilized. Currently, the nonlinear mechanical properties of RHS held
together by mud and lime mortar (as observed at Elmina) are not available from the literature
nor were we able to conduct any tests to evaluate them. Based on published experimental
material properties for historical constructions [10, 11, 12], we hypothesize that the mechanical
behavior of RHS falls in between that of adobe masonry and Roman pozzolanic concrete (PC).
PC serves as an upper bound while adobe provides a lower bound for the mechanical strength
of RHS. For the analyses of the Portuguese architecture, the structural responses of both RHS
and adobe were analyzed. To approximate the post-critical mechanical behavior of RHS, we
scale down the nonlinear postcritical PC curves in tension and compression using the ratios of
the tensile and compressive strength of RHS [12] to those of PC [10]. Thus, for compression, a
ratio of 2/5 MPa was used while a ratio of 0.07/0.5 MPa was used for the tensile behavior.
Based on observations conducted in Elmina Castle and other European fortifications on the
coast of Ghana, we use lateritic soil, here modeled as linear elastic, as filling material for the
Dutch configurations. The general material properties adopted for the present study are shown
in Table 1.
Materials/Properties

E (MPa)

γ

ρ (kg/m3)

Com Str (MPa)

Tens Str (MPa)

Adobe [13]
Rough-hewed Stone Masonry [10]

123
1740

0.2
0.2

1735
2000

0.41
2

0.04
0.07
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Lateritic Soil [16],[17]

26
0.38
2200
Table 1: Mechanical properties of the materials.

General CDP parameters are shown in Table 2, where fb0/fc0 is the ratio of initial equibiaxial
compressive yield stress to initial uniaxial compressive yield stress, and k is a parameter related
to the yield surface [13].
Table 2: General concrete damaged plasticity parameters.
Materials/Properties
Adobe and RHS Masonry [13]

Dilation Angle (°)
1

Eccentricity
0.1

fb0/fc0
1.16

k
0.67

Viscosity Param.
1E-8

3.3 Models of the Portuguese architecture
Figure 3a shows the earliest reliable representation of the Castle as drawn at the end of the
Portuguese occupation (1637) by Frans Post [14]. This drawing serves as the basis for
constructing the Portuguese architecture models. The view suggests the possible height of the
eastern curtain wall, which we assume to be the same as the western curtain wall. This height
was estimated to be 2 m based on features observable in the drawing and in today’s Castle. The
drawing also shows a circular tower next to the entrance of the castle, whose features are
currently present and can also be found in the core of the current octagonal tower in the same
location. This circular tower is used to estimate the dimensions of the tower in the models.
The Castle gate’s dimensions would require a taller wall, which is confirmed by the trace of
a 3.6 m wall (Figure 3b), north of the hypothetical tower. A total of three geometries were
considered to assess the sensitivity of the structural capacity of the wall-tower complex to the
geometry and the materials. The first 3D configuration, in Figure 4a, called Portuguese 1,
consists of a 49.6 m long wall with a 1.3 m thickness. The wall is divided into two segments,
north and south, by a circular tower. The position of the tower is based on the location of the
flaring at the base approximately midway the length of the wall (Figure 1b), assumed to have
been the tower’s base [1]. The second architecture, Portuguese 2, only differs from Portuguese
1 in that the north and south walls are both 3.6 m tall. Furthermore, the mesh for all Portuguese
models consists of linear hexahedral elements (Figure 6a) fully constrained at the base and
supported by rollers on the vertical end faces of the north and south walls to prevent motion of
the faces along the x axis.

(a)
(b)
Figure 3: a) Drawing of Elmina Castle in 1637 by Frans Post [14] and b) aerial view of the entrance of Elmina
Castle created with a point cloud [2]. The trace, boxed in red, points to a 3.6 m wall height.
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Considering that in typical 16th-century Portuguese military architecture the towers are
supported by at least two perpendicular walls, e.g., the fort at Calicut in India [15], a third
geometry is included to evaluate how the structural capacity would be affected by a wall
abutting on the tower, perpendicular to the present curtain wall. The Portuguese 3 model
consists of the same geometry as Portuguese 1 but with the addition of a perpendicular wall and

a tower at the end (Figure 4b). This third configuration was adopted purely for comparative
reasons since there is no available archaeological evidence to support it.
Figure 4: (a) Planar and frontal views of Portuguese 1 and (b) plane view of Portuguese 3.

3.4 Models of the Dutch architecture
The dimensions of the vault-wall models constructed for the preliminary analysis of the
Dutch architecture were derived from our survey of the current vaulted rooms adjacent to the
western curtain wall (Figure 5a). Since there is no historical evidence of a middle tower along
the western curtain wall after 1637, the structural capacity of the Dutch architecture was
analyzed using nonlinear 2D plane strain models with a mesh of linear quadrilateral elements
in Abaqus/CAE Explicit. The nature of the filler material present in between the outer and inner
wall of the Dutch curtain wall and on top of the inner brick vault is currently unknown. Based
on archeological evidence from other European forts along the coast of Ghana, we hypothesize
that the filler material is either sand, with a density of 1200 kg/m3 or 1600 kg/m3, or lateritic
soil, with a density of 2200 kg/m3. In all models, the filler material was modeled as linear elastic.
There is evidence that the original floor above the vault was lower than the present one. A
map from 1774 shows a stairway on the interior western wall that corresponds to the location
of several filled-in openings still present in the wall under consideration. The position of the
stairway and the height of the openings from the ground suggest that the original floor was 40
cm lower than the present one. Thus, to evaluate the sensitivity of the lateral capacity of the
vaulted system to the height of the loose material above the vault, we consider the following
values of the t parameter shown in Figure 5b: 100 cm, 60 cm, and 20 cm. Moreover, considering
a sensitivity study of the structural capacity to the compressive strength (CS) of RHS, we test
seventeen models (Table 3) in which the three parameters (filler density, t, CS) are varied.
Due to the lack of data on the dimensions and composition of the curtain wall, a simpler
model of the actual geometry with no curtain wall is used in this preliminary analysis (Figure
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5b) before running a full analysis of the vaulted building and curtain wall. The simpler geometry
chosen for the analysis allows for a detailed study of the sensitivity of the structural capacity to
the unknown parameters. Considering that structural damage associated with the Dutch

geometry has not been observed, the lateral capacity of the structure is tested against the local
seismic demand with a PGA range of 0.026 – 0.2 g [7] to verify whether the numerical results
are plausible. For the analysis of a similar Dutch vaulted architecture along the east curtain
wall of Elmina castle see Sun et al. [8].
Figure 5: a) Dutch architecture with dimensions and material distribution and b) reduced architecture used
for the analysis, with the variable t, reference point, and acceleration direction.

3.5 Analysis procedure
In all cases, the pushover analysis is conducted in quasi-static conditions until collapse. In
order to avoid generating inertial forces during the Explicit FE analysis, relatively long time
intervals are used for the gradual application of gravitational loads followed by lateral
accelerations. For the Portuguese configurations, gravity is applied over two seconds as a
vertical acceleration increasing linearly over time from 0 to 1g. This is followed by a uniformly
distributed lateral acceleration applied to the model over twenty seconds for the Portuguese 1
model and eight seconds for the Portuguese 2 and 3 models, increasing linearly until collapse
conditions are reached (shown in Figure 6b, the moment at which KE reaches 10% of IE for a
Portuguese 1 model).
All Portuguese models were tested with lateral acceleration perpendicular to the wall in both
east and west directions, where west points towards the exterior of the curtain wall. For all
models, acceleration in the west direction resulted in the lowest lateral capacity. Therefore, only
the results of the models with acceleration in the west direction will be discussed. For the
construction of the capacity curves, displacements for each model are measured at the reference
point shown in Figure 6a.
For the Dutch architecture, the reference point from which all horizontal displacements are
measured as well as the direction of the applied lateral acceleration are shown in Figure 5b. The
acceleration in this direction resulted in the lowest lateral capacity. Gravity here also is applied
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over two seconds as a vertical acceleration increasing linearly over time from 0 to 1g.
Application of gravity is then followed by a uniformly distributed lateral acceleration applied
to the model over ten seconds for all Dutch models, increasing linearly until collapse conditions
are reached.

Figure 6: (a) Mesh of Portuguese 1 with reference point and (b) damage status and deformation of
Portuguese 1 (RHS, 15 per) at failure (KE at 10% of IE). Black bands indicate fractures.

4

RESULTS AND DISCUSSION

4.1 Analysis of the Portuguese architecture
This section focuses on the discussion of the sensitivity of the structural response with
respect to basic architectural configuration (single wall, single tower and wall-tower complex),
material properties (adobe and RHS), and model configuration (Portuguese 1 – 3).
To understand the effect of a tower supported only by two side walls, we conduct a
comparative test involving a single wall, a single tower, and the combination of the two
(corresponding to Portuguese 2) all built with adobe. Results in Figure 7 show that a single wall
has a higher lateral capacity than a single tower. When the two are combined, the lateral capacity
of the structure decreases to a third of that of the single wall. For the combined model, the tower
reaches collapse conditions after its upper part splits vertically into two (Figure 7).

Figure 7: Curve for lone tower, single wall, and combination of tower and wall (adobe). Black bands indicate
fractures.
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For the sensitivity due to changes in material properties, models built with RHS have a higher
lateral capacity as compared to those built with adobe. The lateral capacities of the Portuguese
1 and 3 models with RHS are about five times the lateral capacities of the same configurations
built with adobe (Figures 8 and 9). The collapse of the Portuguese 1 and 2 adobe models
involves the vertical splitting of the tower (Figures 8-2 and 7, respectively). The failure
mechanism of the RHS model is characterized by the separation at the juncture of the intact
tower and the walls (Figure 8-1) as the tower rotates as a solid body. The vertical fractures
developed at the upper part of the adobe towers, directly above the walls (Figure 8-2), are due
to the relatively lower tensile strength of adobe.

Figure 8: Capacity curve for Portuguese 1 using adobe and RHS and damage status of the models.
Black bands indicate fractures.

For the results of the sensitivity due to changes in configuration, the structural capacities of
Portuguese 1 and 2 models do not vary significantly for either adobe or RHS material. The
lateral capacity of Portuguese 3 built with RHS (Figure 9-1), is about 20 % less than that of
Portuguese 1 built with RHS (Figure 8-1). In this case, the additional tower and perpendicular
wall weaken the system due to the change in the failure mechanism between the models. For
the RHS model, the outward rotation of the massive tower causes an earlier separation between
the tower and the perpendicular wall (Figure 9-1). For the adobe model (Figure 9-2), the
perpendicular wall further constrains the tower, and rotations are minimized. However, the
additional tower splits vertically, developing fractures above the perpendicular wall as it rotates.

Figure 9: Capacity curve for Portuguese 3 built with adobe and RHS and damage status of the models (in black).
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4.2 Preliminary analysis of the Dutch architecture
Figure 10a (1 and 2) shows the damage patterns observed for one of the seventeen models
built for this study. This model, which corresponds to Model 5 in Table 3, was chosen as it
exhibits the general mechanical behavior observed for all models. The model has a thickness t
= 100 cm, a compressive strength of RHS of 3MPa and filler density of 1600 kg/m3. The
capacity curve from the analysis suggests a structural response to lateral acceleration that barely
satisfies the seismic demand reported for the region (0.026 – 0.2 g) [7]. Since the upper part of
the walls does not show signs of plasticity, they have been omitted to simplify the illustration
of the damage status sequence of the model as shown in Figure 10a. Towards the end of the
application of gravity, the filler material in combination with the lateral thrust of the vault
imposes sufficient lateral pressure onto the left wall to cause fractures at the base (Figure 10a1). As damage progresses to stage 2, vertical fractures develop on the left wall, indicating the
crushing of the material. Horizontal damage also develops at the base of the right wall due to
the bending condition imposed by the increased lateral acceleration.
As shown in the damage status sequence in Figure 10a, the outward rotation of the walls
increases as a result of the increased lateral acceleration. As the horizontal fracture propagates,
a hinge develops at the base of the right wall, causing a concentration of compressive stresses
on the far-right side. At this point of the analysis, in addition to a vertical fracture due to
crushing of RHS, rotational hinges also form on the vault. Stage 2 captures the instant at which
KE reaches 10 % of IE – corresponding to the total collapse of the structure.
The results from the sensitivity analysis of the Dutch architecture, shown in Table 3,
demonstrate that structural capacity increases as the compressive strength increases.
Considering that models 1, 2, and 3 collapse under the application of gravity, we postulate that
lateritic soil with a density of 2200 kg/m3 may not represent the actual filler material over the
vaults since the structure is still standing. Thus, we hypothesize that the density of the filler
material should range between 1200 and 1600 kg/m3. As for the sensitivity of the thickness to
the structural capacity, models with t = 20 cm produce the highest capacity. For these models,
the density and compressive strength do not significantly affect the results. Additionally, there
is a marginal difference in capacity between the models with t = 60 cm and t = 20 cm.

Figure 10: (a) Damage evolution of one of the Dutch architecture models and (b) analysis without filler material.
The upper part of the walls has been truncated to show only the structural elements where damage occurs. Black
bands indicate fractures.

An additional analysis of the Dutch architecture without filler material on the extrados of the
vault is performed. The final stage of the damage evolution is shown in Figure 10b. Considering
10 % KE, maximum base shear, and PE and SE crossing, the critical λ was found to be 0.095.
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This marks a 20 % increase in capacity from the models with the same filler material (λ=0.08).
Clearly, further work is necessary to properly characterize the behavior and mechanical
properties of this filler material due to its significant impact on the behavior of the system.
Table 3: Setup and results of the Dutch architecture sensitivity analysis.

Model
1|2|3
4|5|6
7|8|9
10 |11
12 | 13
14 | 15
16 | 17

5

t (cm)
100

60
20

ρ (kg/m3)
2200

σC (MPa)
2.0 | 3.0 | 5.0

λ (g)
Fails under gravity

1600
1200
1600
1200
1600
1200

2.0 | 3.0 | 5.0
2.0 | 3.0 | 5.0

0.00 | 0.08 | 0.09
0.08 | 0.07 | 0.07

2.0 | 3.0
2.0 | 3.0
2.0 | 3.0
2.0 | 3.0

0.07 | 0.08
0.08 | 0.09
0.09 | 0.10
0.10

CONCLUSIONS AND FURTHER WORK

The results from the analysis of the Portuguese architecture demonstrate the destabilizing
effect under seismic conditions of a tower sitting astride the western curtain wall. Under the
assumption of a structure built with adobe-like material in early Portuguese times, the tower
and the walls are likely to have collapsed under the lateral acceleration of the earthquake
historically documented in the early 1600s [5, 6]. Under those conditions, it is logical to expect
that the entire western curtain wall would have been rebuilt by the Portuguese without the tower,
a solution maintained by the Dutch and subsequently by the British until present time.
All analyses of the Dutch architecture have critical capacities below 0.10 g. These are
relatively low values, for which a seismic input with the range 0.026 - 0.2 g could be critical to
the stability of the structure. Thus, the results of the Dutch modifications in terms of the
introduction of the vaulted structure and substantial filler material thickening are problematic,
since they appear to indicate a marginally stable structural configuration, already approaching
a highly damaged condition under relatively minimal lateral acceleration. Considering that this
new configuration has been around for more than two hundred and fifty years and appears to be
in a good state of conservation, these unstable configurations are questionable and suggest the
presence of either a less dense filler material or of a stone masonry of higher compressive
strength or both.
Looking at the data on which the present model is based, the following issues can be
identified: (a) The actual composition of the walls used in the Dutch models is unknown, and
(b) the actual composition of the filler material resting on the extrados of the vault is also
unknown. Its composition and density adopted in this preliminary work are based on
observations made in another sector of Elmina Castle.
Future work should address the above issues experimentally, through in-situ study of the
materials and the wall composition, and numerically, through a systematic sensitivity analysis.
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Abstract. For the effective consolidation of damaged historic load-bearing structures, it is
necessary for the designer to understand the causes of the damage but also to know and apply
the most effective consolidation methods, in order not to affect the cultural value of the building.
The problem becomes even more complex for the designer when it is desired only to keep a
damaged area of a historic building, which was part of an aggregate of historic buildings.
Keeping this area is needed because buildings have been seismically interacting over the past
150 years, and it is necessary to maintain the static equilibrium of the building aggregate.
In most cases, in order to safeguard a damaged historic building, is achieved by consolidating
the structural elements composing the building, resulting in extensive consolidation areas, long
construction periods and expensive and hard to implement solutions. Additionally, it is
challenging to predict the response of the building over time to various actions without
continuous monitoring, which is difficult to achieve, because of the disturbance on building
occupants.
The paper presents an alternative solution of safeguarding interventions on a historic building,
damaged by settlement and earthquakes, through its prudent connection to the load-bearing
structure of a new building. The building is located in the St. Gheorghe Square in Timisoara,
Romania, located in the Banat seismic area with a peak ground acceleration of 0,20g [1]. This
alternative solution saves the historic building from the total demolition, has the advantage of
minimal consolidation interventions, but also preserves the historical balance between the
buildings of the aggregate. The efficiency of the alternative solution is highlighted by a
comparative presentation of the internal forces and deformations recorded in different areas
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of the historic building, first for the singular building and secondly of the building integrated
into the new bearing structure. Internal forces and displacements were obtained following a
spatial seismic analysis, performed with the ETABS program. In the same time, photographs of
the execution, that present the connection between the buildings and the chosen consolidation
solutions used to reduce the seismic vulnerability of the building, are presented throughout the
paper.
1

INTRODUCTION

In general, the load-bearing structure of a historical building is strengthened based on a set
of analyses and calculations that are applied only on the studied building, without also
considering the load transfer between the buildings of an aggregate. This is difficult to do since
execution details and the state of conservation in the contact area of the two buildings are hard
to assess. In addition, some owners do not accept on-site investigations. This interaction
between the buildings forming an aggregate is highlighted when the analysis performed on an
individual building indicates the occurrence of significant damage for a given PGA, but in
reality, the historical building is not presenting significant structural damages after several
earthquakes.
Of course, an explanation for this can be the mechanical properties used in the numerical
simulations, which are strongly reduced according to the standards, certain details which were
not included into the simulations or the forces taken into account, higher compared to the real
ones. In these cases, the numerical simulations highlight the need for massive, extensive and
long-term consolidation interventions, which would contradict the prudent conservation
recommendations regarding historical bearing structures [2]. In addition, a total demolition and
reconstruction of the building could destroy the static equilibrium between the historical
buildings composing the aggregate.
Generally, for an individually analysed building, there are two intervention techniques which
have to be considered: the local consolidation of the load-bearing elements or the preservation
of the façade and subsequent demolition and reconstruction of the building behind the historic
facade. Unfortunately, these solutions cannot be used if the neighbouring buildings have
different foundations, are in a bad state of conservation, the walls are presenting significant outof-plane deformation, or the mechanical properties of the materials of the historic building are
strongly reduced.
Considering these, the paper is presenting a complex consolidation solution, which maintains
a static equilibrium between the neighbouring buildings by saving the facade and a significant
area of the historic building.
2 THE STRUCTURE AND ITS STATE OF CONSERVATION
The historic buildings are located on 3 different plots (Figure 1) [1]. Located close to the St.
George square, two of the buildings (no. 2 and 3), used to have a C-shaped plan while the
neighbouring building (St. George square no. 4) is presenting an O-shape with an inner
courtyard.
The investor bought the St. George square no. 2 and 3 buildings and leased the St. George
square no. 4 one. Following a thorough technical and economic analysis, it turned out that it
would be the most efficient to build a hotel on the considered plots [3] (Figure 2).
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a)
b)
c)
Figure 1: a) St. George square no. 2 and 3 buildings facades; b) proposed building – 3D model; c) St. George
square no. 4 building facade

a)

b)
Figure 2: a) Transversal section of the building; b) plan of the proposed building

The buildings are located in an aggregate of historical buildings inside the former fortress
area of the city of Timisoara. The buildings were made of brick masonry and lime mortar. The
basement and upper floor walls had thicknesses between 75-85 cm while the façade walls had
a thickness of 75cm on the ground floor decreasing down to 45 cm on the second floor. The
interior walls had a thickness of 45 cm. The height of the floors is also changing. Therefore, the
underground floor had a height of 2.30 m, the ground floor, 3.10 m, and the upper floors 3.47
m, respectively 2.40 m. The underground and ground floor had vaulted brick floors supported
by arches. The first and second floor, on the other hand, presented wooden floors without brick
arches.
The roof structures, placed on the buildings facing the street were very rigid, being composed
of two layers of structural elements in the transversal direction (interior strutting device and
exterior rafters connected by a collar beam) and diagonal elements placed between the rafters
in the longitudinal direction [4,5]. The buildings also had steel straps in the transversal direction
connecting the exterior walls.
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The buildings were built during the Habsburg administration, which demolished almost all
the buildings of the old city from the Ottoman period. The reuse of the old Ottoman foundations,
after 1716, and the weak foundation ground produced numerous structural damages caused
mainly by differential settlements. At the same time, the earthquakes recorded in the Banat
seismic area are characterized by a PGA of 0.20g [6], which is amplifying these damages.
However, no historical brick masonry building has suffered failure after an earthquake or after
the settlements [7–10]
The onsite assessments carried out for these buildings highlighted that all the buildings of
the aggregate were working together in transferring the seismic loads and the settlements and
were in a state of equilibrium in 2012, the year the project was started. At that time, significant
parts of the St. Gheorghe no. 2 and 3 buildings were in a bad state of conservation and in a precollapse condition, due to poor maintenance. The northern part of the St. Gheorghe no. 4
building suddenly collapsed in July 1988 after wrong construction work was done at a
neighbouring building.
Therefore, due to the differential settlements, vertical cracks and significant damages of the
walls, the doors and windows sills, arches and brick vaults were visible. Still, there were no
cracks or fissures identified which could have been caused earthquakes, although some
earthquakes had the epicentre about 10km from Timisoara [11,12].
3

THE SOLUTION

Initially, the hotel was composed of three dynamic independent structures: a reinforced
concrete structure on the St. George square no. 4 plot, a new wing in the courtyards of the
former St. George square no. 2 and 3 buildings, which also included part of the historical
bearing structure from of the St. George square no. 2 building and a wing made only from the
historical bricks recovered from the St. George square no. 4 building.
In this first phase, based on the recommendation of prof. Gioncu, as an expert, the
preservation of the entire basement and ground floor of the historic brick masonry load-bearing
structure of St. George square no. 2 and 3 buildings were considered. Considering this, steel
columns had been embedded in the masonry walls of the remaining load-bearing structures,
which were transformed, above the ground-floor into composite columns. For this purpose, the
brick walls from the underground and the ground floor had to be strengthened.
The new construction made in the courtyard of the buildings was designed using reinforced
concrete, having a rigid central perforated core, two rigid concrete tubes in the access path area
and columns near to the neighbouring buildings. These columns were placed at a minimum
distance of 1.50 from the neighbouring buildings, in order not to transmit loads to the
foundation ground of these buildings. From the perimeter columns, cantilevers were placed
towards the neighbouring buildings and a gap between the old and new of 5 cm considered [13]
(Figure 3).
The load-bearing structure solution was developed after several types of structural systems
were analysed. The spatial response of all considered solutions to various loads was studied
with the help of the ETABS software. Finally, the most rigid solution, with a perforated inner
tube was chosen, because according to the numerical simulations, the risk of collision between
the neighbouring buildings and the new building during an earthquake could be avoided.
Ultimately, the historical facade was only preserved for the St. George square no. 3 building.
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For this, the facade was consolidated and supported with a steel structure. Unfortunately, it was
not possible to also preserve the façade of the St. George square no. 2 building since according
to the project, three additional upper floors were designed over the original two.

a)

b)
Figure 3: a) Perimetral columns withdrawn from the neighbouring buildings; b) 5 cm gap between the
cantilevers and the neighbouring buildings

The load-bearing structure of the St. George square no. 4 building was made out of concrete
walls and reinforced concrete slabs (Figure 4a).
Because it was also necessary to include an underground parking lot, in the underground
level area outside the historical buildings that were kept, a raft slab was designed (Figure 4b).
In order to prevent the new construction from transmitting loads to the neighbouring buildings,
it was considered to build piles towards the St. George square no. 4 building and partially
towards the Mercy no. 1 building in the north (Figure 4c,d). The piles were designed by
Soletanche Bachy Romania.

a)
b)
c)
d)
Figure 4: a) Reinforced concrete wall and floor of the new St. George square no. 4 building; b) raft slab in the
area outside the St. George square no. 2 and 3 buildings; c) special foundations towards the old St. George
square no. 4 building; d) special foundations of the St. George square no. 2 and 3 buildings.

Before the demolition works began, visual inspections were carried out in the neighbouring
buildings where the access was allowed. All the cracks in these buildings were photographed,
and devices for measuring the cracks were mounted, in order to be able to record their evolution
during the construction works.
However, the initial project had to be adapted and modified due to unforeseen situations
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discovered on-site during the works. The modifications made, were meant to ensure the
structural safety of the historical buildings on site (St. George square no. 2 and 3) as well as of
the neighbouring buildings during the construction works, thus managing to maintain the
balance of the entire aggregate of buildings. For each change which was made to the loadbearing structure, a spatial analysis of the buildings was made, thereby verifying the
effectiveness of the proposed changes.
The following measures were taken:
1. Four rooms were kept from the St. George square no. 3 historical building in order to take
over the loads from the St. George square no. 4 building (Figure 5a).
2. The historical building was connected to the very rigid reinforced concrete structure in the
floors area (Figure 5b). This structural solution allowed the reduction of the internal forces and
deformations of the historical structure and implicitly the reduction of the expenses.
Figure 5c shows the contact wall between the historic building and the neighbouring
building. The wall is delimited at the top by points 1 and 2. The vibration modes and periods of
the connected buildings are shown in Figure 6. In figure 7 and in table 1, it can be observed that
the inter-story drift values do not exceed the allowed limits. On the last floor, these values
increase because this level was designed as future meeting rooms of the hotel and therefore
made using a steel structure.
Table 2 presents comparative values of the horizontal out-of-plane and in-plane
displacements of the wall in the contact area between the St. George square no. 3 and 4
buildings. The horizontal displacements were calculated for a q factor of 2, for the new building,
since according to the simulations, the buildings proved out to have a sensibility to torsion and
1.65 for the original historical building. The displacements were determined in the corner of
the building at the level of each floor, beneath point 1 (Figure 5c). It can be observed that outof-plane displacements are almost unchanged for the two cases, while the in-plane
displacements are reduced with approximately 50% in the case of the proposed building.
By increasing the stiffness, consolidating the historic floors and connecting the historic
building to the new reinforced concrete one, the bending moments in the wall in the contact
area between the buildings were reduced. The values of the bending moments at the top of each
wall at every level, on the corner of the building (Figure 5c – point 1) are presented in table 3.

a)
b)
c)
Figure 5: a) Preserved section of the historic masonry building; b) connection between the historic and new
building; c) contact area between St. George square no. 3 and 4
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a)

b)
c)
Figure 6: Vibration modes a) Vibration mode 1 – T1=0.309 sec; b) Vibration mode 2 – T2=0.202 sec; c)
Vibration mode 3 – T3=0.159 sec

a)

b)
Figure 7: Inter-story drift
Table 1: In-plane and out-of-plane inter-story drift ratio (in point 1)

Level
m
3.60
7.30
10.05
13.25
16.45
18.65
19.75

OX‰
0.147
0.182
0.193
0.360
0.393
0.471
0.419

Story drift
OY‰
0.347
0.413
0.444
0.527
0.533
0.177
0.513

Table 2: In-plane and out-of-plane displacement (in point 1)
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Level
m
3.60
7.30
10.05

Out-of-plane horizontal displacement [mm]
before
after
1.71
2
3.18
3.28
4.43
4.68

In-plane horizontal displacement [mm]
before
after
4.64
2.38
8.12
3.54
10.18
4.64

Table 3: Bending moments before and after consolidation interventions (in point 1)

Level
m
0
3.60
7.30
10.05

Bending moment [kNm]
before
after
39
16
53
20
14
8
0
-4.60

3. A raft slab was made in the underground of all the buildings. This foundation solution
reduced the values of the internal forces and the settlements of the foundations. In the contact
area between the hotel's foundation and the St. George square no. 4 historical building, the
maximum vertical deformation according to the numerical simulations is rather small, of 4.60
mm (Figure 8).

Figure 8: Deformation of the raft slab

4. The original wall was kept the entire length of the St. George square no. 4 building. This
wall was reinforced with FRP and is in contact with the reinforced concrete beams from the
new building (Figure 9). On the upper floors, between the beams and the walls of the
neighbouring buildings, a 5 cm gap was left. In this way, in the case of an earthquake, the new
building could take over but not transmit the seismic loads to the St. George square no. 4
building.
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Figure 9: Consolidation of the St. George square no. 4 building wall which was not demolished using Kerakoll
products

5. In order to prevent the earth discharge from beneath the foundations of the St. George
square no. 4 building, reinforced concrete support walls were made, along its entire length
(Figure 10).

Figure 10: Reinforced concrete support walls made near the foundations of the St. George square no. 4 building

6. Due to the significant damage caused by settlements, the underground floor area of the St.
George square no. 2 building was demolished. The vaults were rebuilt with the original bricks
(Figure 11).

Figure 11: Reconstruction of the underground floor vaults of the St. George square no. 2 building
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4

CONCLUSIONS

The paper presents an intervention method which allows the construction of a new building
in an aggregate of historical buildings in Timisoara. The proposed solution did not produce
damage to the neighbouring buildings, allowed the preservation of a larger area of the historical
buildings, reduced the execution time and the volume of material that had to be disposed of
during the demolitions, without affecting the safety of the neighbouring buildings during the
works and after their completion. This was made possible by efficiently combining the
advantages offered separately by each structure, being a project in which the new and the old
combine perfectly.
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Abstract. In general, a building survey includes geometry, structure, construction, material
and history. In historical buildings over the time the building structure and usage can vary
greatly. If a room offers good conditions, it will be used accordingly. The usage criteria are not
limited to geometric and visual design features but also include thermal comfort. When
determining the use of historical rooms and buildings, it makes sense to combine the results of
the construction survey and literature research with a reconstruction of the indoor climate.
Constructive adjustments, spatial extensions and social developments lead to a deviation from
the originally planned and implemented situation over time.
Which parameters have to be known in order to reconstruct the indoor climate of a historic
building? This paper uses three examples to describe the requirements and procedure for
determining the use of rooms that are no longer in their original state. The reconstructed spaces
are an office in a former tobacco factory in Krems (Austria) [1], an art gallery in Yogyakarta
(Indonesia) [2] and a traditional residential building is in Jeddah (Saudi Arabia) [3]. Dynamic
thermal and hygrothermal simulations of building elements show the ability of materials to
influence the indoor climate and the interaction between construction and indoor climate. By
monitoring or defining the user’s presence and activities in a room the thermal interaction
between construction and indoor climate is calculated. The detection of the airflow around and
through the building provides important parameters for the assessment of thermal indoor
comfort. The results were compared with the use of space as described in the literature or
expected from the building survey.
The method of reconstructing the indoor climate in historical buildings works. The results
provide information for evaluating the original situation. With these findings, the potential
inherent in a building can be better exploited for the adaptation of historical buildings to
changing user requirements or climatic conditions.
1 INTRODUCTION
The thermal conditions of a room have a great influence on its practical use. The choice for
material, construction, geometry, orientation and size of the building and its openings is
determined in the design process. The quality of construction is limited to the availability of
resources and to the state of building techniques. Over the time, parts of the historic construction
were adapted to the change of usage or technologies. Such modifications may or may not
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improve the quality of the building and user comfort. During the life cycle of a building, there
are periods, in which the interaction between construction, user comfort and environment are
in a good balance. The circumstances in which such precious phases occur are of particular
interest for the reconstruction and adaptation of historic buildings. The results provide
inspiration or individual solutions for adapting a room or building to another purpose without
the need to add new construction technologies or equipment.
This paper describes a method of reconstructing a user’s thermal comfort in a room or
building, which is no longer available in its original state.
2 MATERIALS AND METHOD
In addition to a conventional building survey specific material characteristic and the air flow
around and through the building need to be determined. Temperature, humidity, air velocity in
a room, activity and clothing of the user are the main parameters to assess the thermal comfort
at a specific usage scenario as it can be expected from the architectural design, the description
in literature or explanation from former user. A high thermal comfort confirms the supposed
use of space.
Steps to reconstruct the indoor climate to proof a room’s usage:
1. use information provided by a regular building survey: plans with detailed
measurements of rooms, construction, openings, materials, history, its purpose and way
of use, description of the surrounding neighborhood, environment, landscape,
2. find the way of air streaming through the building,
3. determine key values of air velocity in the room or its air change rate,
4. get the outdoor climate data from a database or by monitoring the microclimate on site,
5. determine specific characteristics of construction and surface materials,
6. calculate the indoor temperature and humidity,
7. assess the thermal comfort,
8. discuss and compare the results with its assumed purpose of use.
2.1 Three buildings
The method to reconstruct the indoor climate of a historic building was developed and
proved on three buildings. They differ in shape, size, usage, materials, location, respectively
climate zone and the data available. All testimonials use natural ventilation for the reduction of
overheating. In the current situation, only Gallery 1 in Yogyakarta operates a chiller, but only
during the museum’s opening hours.
2.1.1. Meeting room at Danube University Krems, Austria
Krems is located in the Austrian province Lower Austria, north of the Eastern Alps at the
River Danube. Hot summer and cold winter are significant for the prevailing continental
climate. The former tobacco factory in Krems was designed by architect Paul Hoppe (18691933) and built in 1918-1922. Since 1994, it has become the main building of Danube
University Krems Campus, housing office rooms and lecture halls. The building with its typical
facades is a listed monument (figure 1, left).
Between June and September, indoor temperature in the examined meeting room rise up to
32 degrees Celsius. Due to the development of cooling strategies, a system of numerous sensors
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has been monitoring the thermal behavior of one exemplary room without inner heat gains and
its adjacent spaces since May 2018. The dataset includes the outdoor air temperature, indoor
air temperatures and surface temperatures of the meeting room and all adjacent rooms, the use
of the room, door, window wings and shading system (figure 1, right).
The façade construction consists of a reinforced concrete skeleton with massive brick in
between, covered with whitewashed cement plaster with structural façade elements and
whitewashed lime cement plaster on the inner wall side. Two layers of eight slim wooden wing
frames with single glass form one big box window. A textile roller blind between the two
window layers protects the room from solar radiation. A metal stud wall planked with gypsum
boards detaches the room from the northern office, other walls are made of massive brick,
covered with whitewashed lime cement plaster. The reinforced concrete ceiling construction is
based on the Hennebique System. Mineral wool, screed and a wooden floor form the floor
construction. The bottom view of the ceiling shows suspended gypsum boards. The originally
dedicated use of this room was an office using night ventilation. Due to fire restrictions and for
the protection from wind, rain and uninvited guests it is not possible respectively not allowed
to keep windows open at night.

Figure 1: Danube University Krems, former tobacco factory (2019, [4]). The examined meeting room in the
second floor, left of the risalit (2019, [4]).

2.1.2. Gallery 1 in Museum Affandi, Yogyakarta, Indonesia
The city of Yogyakarta is located on the Indonesian island Java. The climate is hot and humid
with a permanent smooth wind breeze.
The Gallery building was designed by the painter and sculptor Affandi (1907-1990, figure
2, left), built in 1962 and officially opened in the year 1974. The lenticular gallery is defined
by two curved massive brick walls covered with cement plaster. In the west wall, a bend of
slide windows provides fresh air for the gallery. Air enters the building through large doors at
the ends of the east wall. Ceramic tiles cover the floor slab made of reinforced concrete. Banana
leaves gave inspiration for the shape and construction of the roof. Teak shingles on wooden
roof battens are the original roof materials. Due to leakages, the roof was insulated with an
additional layer of bituminous shingles. Natural light enters the building through a small glass
slit among the longitudinal axes in the middle of the ceiling. A canvas underneath the
transparent roof area protects the paintings from direct light (figure 2, right).
After an earthquake in 2010 and due to significant changes in the surrounding area (more
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traffic, noise, dust, insects, neighboring buildings, reduced airflow, change of microclimate)
ventilation openings in the upper area of the east facade were closed [2]. This measure led to
uncomfortable room climate for art and visitors. Therefore, two chillers were installed in 2016
to support ventilative cooling. Every morning wardens open doors and windows to exchange
the humid, warm air with fresh air from outside. Chillers operate during opening hours only.
During night, doors and windows are closed, cooler, but more humid outdoor air enters the
gallery through gaps between windows and roof and through gaps in the door fillings.

Figure 2: The design sketch for Gallery 1 with an implied ventilation concept (right, sketch 65 in Sketchbook of
Affandi, 1950). Gallery 1 in Yogyakarta (W. Stumpf, 2019).

2.1.3. Al Nawar House in Jeddah, Saudi Arabia
Al Nawar House is a traditional residential building in Al Ballad, the old town of Jeddah,
Saudi Arabia. The climate in the port city on the Red Sea is very hot and humid all year round.
A smooth breeze permanently blows alternately from the Red Sea or from the desert of Arabian
Peninsula. Outdoor temperatures are between 32 and 49 degrees Celsius, at night about 15
degrees lower. Coral stone was the only construction material for historic buildings in this area.
Wooden window boxes, so called roshan or rawasheen, are the typical elements on these limeplastered, mostly whitewashed façades. They protect the rooms from direct sunlight and
unwanted glances. Their main function is the control of airflow in the building.
In 2012, a team of scientists from University of Technology Vienna and King Abdulaziz
University Jeddah performed a comprehensive building survey of the about 350-year old Al
Nawar House in Al Ballad [3]. As a result, there are detailed plans, a description of building,
construction, material and its history (figure 3).
The people in such buildings knew how to create a tolerable indoor climate by opening and
closing the shutters at certain times. The room function could change over a day. Depending on
the air temperature, humidity and air velocity the indoor climate was suitable for sleeping,
sitting down for a chat or doing manual work. There was no support from mechanical air
conditioning systems.
Nowadays, most of such historic buildings are abandoned, or only the ground floor is used
as a department store or as storage space. Since 2014 the old town of Jeddah has been listed as
UNESCO World Heritage. The municipality plans to revitalize this historic urban area.
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2.2 Building survey
The three chosen examples differ in the data availability of its initial situation and in the
access to the building.
Which information was available, what was needed?
The meeting room at Danube University Krems, Austria, provides all necessary information.
Geometry of the actual situation, construction and material characteristics are given. The author
has personal access to the room at all times. Microclimate (outdoor air temperature, wind,
precipitation), air and surface temperature in the examined and adjacent rooms have been
monitored under several usage scenarios since 2018 [4].
The author visited Gallery 1 in Yogyakarta, Indonesia, in August 2018 and August 2019.
Documents and plans about the current state of the building, geometry of the actual and historic
situation, construction and material characteristics are given [2]. The original state of the
building has changed in some parts, but the usage is still as it has been from the beginning.
Microclimate (outdoor air temperature, humidity, wind and precipitation), indoor air
temperature, humidity and even CO2-concentration have been monitored since January 2019.
Data are permanently accessible via WLAN connected sensors and internet cloud. Surface
temperatures, operation hours of chillers, air velocity at different areas in and around the
building, thermal comfort were measured and experienced personally on site over two periods
of two weeks. Air velocity in the initial situation with numerous small openings in the façade
and no buildings around Gallery 1 have to be determined.
Information about Al Nawar House in Jeddah obtain from several sources like construction
plans, literature and interviews. The author had no direct contact to this building nor to the
region. The state of geometry and construction in the year 2012 when the building already was
abandoned, construction and the material characteristics are given [3] (figure 3). A meteonorm
climate data set [5] describes the outdoor climate in the area of Jeddah. The microclimate
around the building site has to be derived from meteonorm data. The building owner and
scientists performing the building survey described the indoor climate and the former use of the
building. Literature and material database MASEA [6] provided further information.

Figure 3: Floor plan of Al Nawar House in Jeddah, second floor (left), north direction points to the right. The
examined room 101 (right) is situated on the top right of the floor plan (building survey in 2012, TU Wien [7]).
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2.3 Airflow around and in the building
The determination of air velocity is based on calculations with characteristic values and the
consideration of influencing factors. In addition to classic results of a building survey, this step
provides further information.
The interaction between indoor and outdoor climate is influenced by heat transmission
through the building envelope, by solar radiation entering a room through openings or
transparent areas and by convection from air streaming into or out of a building. This paper
focuses on buildings with small or well-shaded openings, so that the indoor climate is only
slightly affected by sunlight. The described method of reconstructing the indoor climate is
aimed at buildings such as Affandi Gallery 1 and Al Nawar House, where convection has the
greatest influence on the heat and moisture transport. For the reconstruction of indoor climate,
it is necessary to determine the hourly air change rate (ACH) of a room. In a qualitative building
and site analysis the way of airflow around, into and through a building can be identified with
curved lines and arrows on the plans. Alternatively, a CFD simulation (Computational Fluid
Dynamics) based on Navier-Stokes equations offers more specific information [3].
Air movement is stimulated by wind (air flows from areas with high pressure to areas with
low pressure) and buoyancy (vertical differences in air temperature respectively density).
Numerous circumstances reduce the flow of ambient air into a building. Main parameters are
vegetation and constructions in the surrounding, building shape, position of the building to the
wind direction, size of an opening and the resistance of fillings like lattice are. The airstream in
a room depends on the number, size and position of openings, size and proportion of the room,
surface finish and temperatures, objects and heat sources in the room, and especially on the
spatial distribution of temperature and pressure differences. Flow reduction also can be
calculated by an exact analysis of each influence parameter according the established laws of
aerodynamics in a quite complex way. If the examined space is still in its original structure and
surrounding a tracer gas measurement delivers realistic numbers for ACH. For an early stage
analysis as described in this paper, the reduction factor is estimated from the effects of the
parameters written above.
The number of air changes per hour (ACH) is calculated using equation 1 and 2. Directiondependent values for the wind velocity come from a climate database or a microclimate
monitoring system on site.
v=S∙s∙R

(1)

ACH = v / V

(2)

v [m3/h] stands for air volume per hour, S [m2] is the value for open cross-sectional area of
a room or an opening, s [m/h] stands for the average wind or air velocity over an investigated
period, R [-] is an estimated reduction factor in the range from 1 to 0, V [m3] describes the
room volume, ACH [1/h] is the air change rate per hour.
Realistic key values for air velocity in a room range from 0.05 to 2.0 m/s. The air change
rate per hour during operation (person in the room) ranges from 0.1 (windows or shutters closed,
but just for a few hours) to 3.0 and is usually controlled by the user. ACH values between 1.5
and 10 per hour can be assumed during night ventilation (no person in the room, all windows
opened).
The envelope of the three examined buildings is not particularly airtight or even fully closed.
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The box windows in Krems comply with the current technical standard for existing buildings.
In Gallery 1 the air gap between the wall and roof above the windows in the eastern façade is
eight centimeter wide. The windows in Al Nawar House have no glass panes, but wooden
shutters and wooden lattice, so called Mashrabiya. Leakages in the building envelope are taken
in account in ACH with 0.1 to 0.3 per hour.
2.4 Calculation of indoor climate
Why calculating the indoor climate? A building survey gives us the opportunity to
reconstruct the geometry, construction, material, use and history of buildings in their previous
and original state. Similar, still existing constructions or material samples offer a comparison
option for creating virtual models. We can agree that no thermometer or hygrometer was
normally installed in historic buildings and that no profiles from measured indoor temperature
and humidity were documented. Historical scenes on paintings, traditional clothing, typical
widespread diseases etc. indirectly provide hints about temperatures, humidity, air drafts in
buildings.
The indoor climate is mainly perceived by temperature, humidity and movement of air.
Chapter 2.3 describes the determination of airflow and ACH. Equation (3) and (4) give indoor
air temperature and humidity [7].
(c_wall ∙ A_wall + c_ceiling ∙ A_ceiling + c_floor ∙ A_floor + c_air ∙ V ∙ ρ) ∙ ΔT_i / δt
= (c_air ∙ ACH ∙ V ∙ ρ + U_wall ∙ A_wall + U_win ∙ A_win) ∙ (T_e(t) - T_i(t))
C_hyg ∙ Δu_i / δt = ACH ∙ V ∙ (u_e(t) - u_i(t))

(3)
(4)

c is the effective specific heat capacity of a building component reacting with the room air,
ISO DIN 13786 [8] describes the calculation method using thickness, bulk density, specific heat
capacity and thermal conductivity of a material layer. A denotes the room-side surface of a
component. V is the volume of ventilated space, ρ the air density. T_i and T_e are indoor and
outdoor air temperature over time step t. T_e comes from a climate database or a microclimate
monitoring on site. The examples described in chapter 3 did not consider any differences in the
climate data between the current time and the time before climate change. ACH describes the
air change per hour, see equation (2). The U-value or heat transfer coefficient of a building
component depends on the thickness and thermal conductivity of material layers. u is the
absolute air humidity, converted from the relative humidity, air pressure, saturation pressure
and the gas constant. The calculations of U and u follow common building physical procedures.
Values for equation (3) and (4) come from building survey, material databases or equation (1)
and (2).
The results show temperature and humidity profiles over time (figures 4 to 7). For the
validation of the indoor climate model, compare the calculations with the monitoring data
(chapter 3.1, figures 4 and 5). Mean values over a time period in which the room is occupied
are input data for the assessment of thermal comfort.
2.5 Assessment of thermal comfort
Usage criteria of a room are not limited to constructive, geometric and visual design features
but also include thermal comfort. A room is used according its purpose, if comfortable climate
conditions correspond to the activities and requirements of the user. If this premise is not met,
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the assumptions from building survey cannot be confirmed or the user satisfaction was quite
low.
The thermal comfort was assessed with the “CBE Thermal Comfort Tool” [9], an online
tool, in which one of the standardized assessment methods as described in EN ISO 7730 [10],
EN 16798-1 [11] and ASHRAE 55 [12] can be chosen. Building history, calculations or
assumptions provide the input data for this tool. Air temperature and relative humidity result
from equation (3) and (4). Operative temperature is the average of air and surface temperature.
To do this, the area-weighted value of all surface temperatures must be defined, which were
calculated using dynamic simulation software like WUFI pro [13]. In climate zones where
outdoor air temperature lies in the range of indoor air temperature you may specify the surface
temperature plus/minus three degree Celsius of the indoor air temperature. Classify a person’s
activities and clothing as described in the building’s history. For the evaluation of air velocity
follow the procedure in chapter 2.3.
The adaptive method is based on an approach in which the acceptance of higher indoor
temperatures increases with higher outdoor temperatures.
The result of thermal assessment is indicated by the position of a point in a diagram and the
values for PMV and PPD (Predicted Mean Vote and Percentage of Person Dissatisfied [10],
figure 8). If results do not meet the standardized requirements, it should be taken into account
that the assessment methods were developed in accordance to the lifestyle of the so-called
western world in the second half of the 20th century. In this case, individual results are evaluated
based on their relative relationship to comparable situations.
3

RESULTS

One room of each described building was examined under different usage scenarios and
different climate conditions. The results show the quality of the thermal comfort and the
congruence of reconstructed and described or expected situations.
3.1 Meeting room in Krems, Austria
This building was used to test and calibrate the method. In 2019, several scenarios using
different control strategies for window and shading positions, could be investigated in real-time
and under personal appearance. These experiments were the base for checking the congruence
between monitored and calculated indoor climate.

Figure 4: Monitored (Ti_mon) and calculated (Ti_calc) indoor temperature profiles over one day in the meeting
room in Krems, Austria. The calculated temperature profile overlaps the measured values.

The calculations proof that the indoor air temperature can be predicted if specific data about
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the outdoor air temperature and the room usage profile (window, shading and door position,
occupancy) are known.
Textile roller blinds and windows are always drawn. The curve indicating the calculated
indoor temperature overlaps the monitored temperature profile. The air change rate and heat
flow from solar radiation (Qsolar) through the shaded window had to be adjusted in the hourly
calculations according the usage and time profile (figure 4).
3.2 Gallery 1 of Museum Affandi in Yogyakarta, Indonesia
Museum Affandi gives an example for how to reconstruct the initial design concept’s indoor
climate.
In a first step, the calculated temperature and humidity profiles were adjusted to the
monitored data in an iterative way. The air change rates were determined taking into account
the reduction parameters described in chapter 2.3. The load profile “Qsolar - Qchiller” (solar
radiation through the roof glass minus cooling capacity of the chiller) results from the remaining
difference between monitored and calculated temperature profile (figure 5, left diagram). The
dehumidification performance of the chiller also results from the difference between monitored
and calculated humidity profiles (figure 5, right diagram).

Figure 5: Indoor climate in Gallery 1 on August 16, 2019. The diagram on the left shows the approximation of
the calculated (Ti_calc) to the monitored (Ti_mon) indoor temperature, taking into account the influence of solar
radiation through the glass opening in the roof and the cooling capacity of the chiller. The right diagram shows
the humidity profiles under the influence of the chiller’s dehumidification capacity.

Figure 6: Reconstructed indoor climate of Gallery 1 in its original state in 1974, when there were numerous
small ventilation openings in the east façade and no chillers were in operation.

In a second step, the indoor climate of Gallery 1 was reconstructed in its initial state in 1974
(figure 6). The main differences to the current state are additional small ventilation openings in
the east wall construction, door wings with a wide-meshed, open metal grille, no neighboring
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buildings around the museum site and therefore stronger wind, no chillers in the gallery. These
features are reflected in higher air change rates. The windows in the west façade were kept
closed during the day when outdoor temperature was higher than the temperature in the gallery.
Due to open windows and wind pressure, a slightly higher air exchange rate was assumed at
night. The same microclimate data as in 2019 was used for the calculations.
During opening hours in 2019 temperature is higher than in 1974, relative humidity is quite
the same. The chiller offers the advantage of its ability to dehumidify the air, increase the air
velocity in its streaming area and lower the airflow temperature well below the temperature of
surrounding areas. This provides cool areas for the visitors, but is not a healthy environment
for the art on display.
3.3 Al Nawar House in Jeddah, Saudi Arabia
The third example only usess information from a building survey in the year 2012, when it
already has been abandoned for many years. Literature and an interview with the owner and
former inhabitant of Al Nawar House were the sources to reconstruct the way of living under
extreme climatic circumstances. The author never had the opportunity to see the building in
reality. By organizing a climate data set and additional information about the construction, the
indoor climate was calculated according chapter 2.
The result shows that the thermal comfort in room 101 on a hot and humid day in October
the 8th between 9 and 14 hours is in an acceptable range (figures 7 and 8). The construction in
its original state fits to its use.

Figure 7: Reconstructed indoor climate of room 101 in the originally inhabited Al Nawar House on a hot and
humid day.

During these hours the air temperature in the room is lower than the outdoor temperature,
outdoor absolute and relative humidity are lower than in the room. A smooth breeze streams
around and above the building. When the user enters the room, he opens the shutters of the
roshan, warm air enters the room from outside and flows through the building. Smooth wind
over the rooftop tries to suck air out of the building. The breeze in the lanes pushes warm air
through the opened roshan into the cooler room. Due to an open connection from room 101 to
the rooftop through adjacent rooms and the staircase warm air is driven by buoyancy and wind
pressure. For the calculation an air change rate ACH of 5 times per hour was determined.
Considering the rotating movement of air in the room the air velocity next to the floor of 0.25
meters per second was calculated by equation (2). Under the circumstances of 29 °C, 68%
relative humidity, air velocity of 0.25 m/s, seated activity, summer clothes the Berkeley
Thermal Comfort Tool assesses the situation as a second-class comfort (figure 8). This means,
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that this room in its construction, materials, shape, position of openings provides quite good
conditions for the users even on a very warm and humid day.

Figure 8: The Berkeley Thermal Comfort Tool [9] confirms a proper indoor climate in room 101 between 9 and
14 hours on a very hot and humid day in October.

4

CONCLUSIONS

The described method of reconstructing the indoor climate in historical buildings works. The
application of this method requires a little extra effort to collect and document additional data
for dynamic thermal simulations of construction components and buildings.
A closer cooperation between archaeologists, architects, historians and building physicists
provides new perspectives on the results of a conventional building survey and supports the
proof of concepts based on the investigations of individual groups. With these findings, the
potential inherent in a building can be better exploited for the adaptation of historical buildings
to changing user requirements or climatic conditions.
The results of this paper describe a first step in the holistic reconstruction of the thermal
behavior of buildings that are no longer in their original state. Additional parameters for the
determination of airflow around, into, in and through building, parameters for the reconstruction
of solar impact through building envelope’s transparent openings shall be the motive for further
research.
New technologies enable a more in depth building analysis but such approaches require
interdisciplinary collaboration between different branches of science.
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Abstract. This article presents next step of the restoration works in the Salt House in Lubań,
Lower Silesia, Poland. The first stage of technical and conservatory problems which appeared
during the restoration process was described in the article “Between conservators theory and
modern construction’s codes. Renovation of roof of 16th century Salt House in Lubań, Lower
Silesia, Poland”, which was presented on 5th International Conference on Structural Health
Assessment of Timber Structures, 25-27 September 2019, Guimarães, Portugal [1].

The Salt House in Lubań, Lower Silesia, Poland was erected between 1537 and 1539. This
historic building is located between medieval defense walls, and it was used as a storage house
for salt and grain until the end of the 18th century.
The technical documentation was prepared in 2016, which included 3-D scans of roof truss
repair, as well as technical codes and restoration works. During the first phase of the works,
the author of this article, who is also a Supervising Engineer, and an expert of the Ministry of
Culture and National Heritage Republic of Poland, discovered a lot of discrepancies between
the technical documentation and reality. The differences as well as the attempts to adjust
restoration works and the technology of works were widely presented in an article at the
SHATiS’19, Portugal.
The authors of this article want to show the problems that appeared during the continuation of
renovation works and their solutions with reference to historic timber and masonry structures.
1

INTRODUCTION

The Salt House was built in the years 1537 to 1539, between two rows of defense walls
which had been erected in the period before the Town of Lubań received the Magdeburg
rights in 1220. It was used mainly as a storehouse for salt and grains [2]. The roof was
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initially thought to have been built at a later date; however, the discovery made by the authors
of this article, supported by later studies, including a dendrochronological examination [3],
proved that, except for the 25% of filler materials from the 19th century, the building had the
original roofing from the time when it was erected.
2 PHASE 1 AND 2 OF THE PROJECT
The work, originally planned in accordance with the 2016 construction documentation,
involved replacement of the entire roof covering, which was made from ceramic double
lapped plain tiles, with new roof tiles, the reinforcement of the timber roof truss elements, and
bracing the exterior walls at the points where cracks appeared [4].
However, in 2017, after launching the project, the Supervising Engineer found that there
were large discrepancies between the way the listed building was described in the
documentation and its actual condition. The scope of roofing work was changed after
consulting the Jelenia Góra Provincial Historic Buildings Conservation Office, because it was
discovered that the roof tiles and other roof covering components were ca. 75% original, so it
was decided that they would need to be preserved and restored.
The details of the first two stages of the project implementation, including conservation of
the original roof covering with roof tiles (ca. 50% of the roof surface in situ), and the
rehabilitation of the timber roof truss components, were described in detail in section [1].
Some non-typical solutions were adopted, with the objective to reconcile the theory of
building conservation with technical requirements set by the current standards for the
construction products that were manufactured 500 years ago.
The decision to save the existing and original roof covering changed the method in which
the structure of the original timber roof truss was revitalized (Fig 1.).

Figure 1: Temporary security after phase 1 and 2
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3

PHASE 3 OF THE PROJECT

Because of the fact that, prior to launching the project, the historical timber roof truss and
wall structure were wrongly identified by construction designers during the preparation stage
of the construction documentation, some of the technical solutions for the rehabilitation of
those elements were erroneously adopted [5].
As a result of the examination carried out by the Supervising Engineer, who pointed out
the right way to technically protect and revitalize the historical timber roof truss and wall
structure, which happened during the work carried out in the years 2017 to 2019, both the
erroneous identification and the conclusions that followed had to be modified.
3.1 Timber Roof Truss Structure
When it comes to the analysis of the timber roof truss, what was not considered in the
construction documentation was the fact that it interacted with the trusses of three wooden
beam floors located below the attic, including their earlier alterations and reinforcement.
The alterations, which were made while the building was in use, resulted from the need to
provide stability of the roof trusses which rested against the upper part of the exterior walls
and the end points of the tie beams, placed in the wall pockets, rotted and became partially
truncated. They involved building in, at various points of time, at all floor levels, three or five
rows of posts spaced in such a way as to match the tie beams, including plates and caps,
which ran parallel to the central axis of the building (Fig.2, Fig. 3). This caused a significant
increase in the rigidity of the structure and transferred the load from the exterior walls to the
interior posts.

Figure 2: Cross section – original static scheme (left) and after change of its work (right); carpenter construction
scheme – red, added steel tie rods – green, dashed circle – separation area

1208

Krzysztof Ałykow, Magdalena Napiórkowska-Ałykow

Figure 3: Longitudinal section; added steel tie rods - green

What was originally a king post truss, including two collar beams with every fourth main
coupe with sloping rafters and struts, did no longer work as it was originally designed to do.
Consequently, the tie beams acted as ordinary ceiling joists, and the unbalanced horizontal
loads were transferred by rafters directly to the upper part of the exterior walls. This, in turn,
caused damage to the walls in the way which, paradoxically, made it easier to examine their
structure and changes that had taken place. Contrary to what was assumed in the construction
documentation, it proved impossible to retain the original, traditional way of joining tie beams
with rafters because the tie beams’ endpoints became shortened by more than 30 centimeters
as compared to their original length. That is why the Supervising Engineer made a decision to
change the way in which the structure would work, and in order to do so, it would need to be
completely separated from the upper part of the exterior walls and the endpoints of rafters
(Fig. 2 – red line, dashed circle – separation area) and false rafters would have to be supported
in such a way as to enable their horizontal susceptibility (Fig. 4).

Figure 4: False rafters and reinforced timber roof truss components
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This made it possible to preserve the structure of the building – both with regards to timber
roof truss components and, first and foremost, in terms of the original roof covering elements,
including roof tiles, battens, shingles and lime mortar used for the installation of roof tiles, as
well as clay mortar used as a sealant on the underside between the battens (Fig. 5) [6].

Figure 5: Roof covering components

3.2 Masonry structure
The changes that occurred within the original timber roof truss over 500 years damaged the
exterior walls structure. The unbalanced longitudinal forces exerted by the damaged roof truss
lead to the untypical, vertical delamination of the exterior walls. The damage revealed the
original exterior and interior face of the wall and showed its original geometry when it was
functioning as a defense wall. It also confirmed what was thought to be the line of the defense
walls dating back to 1220, and contradicted the common belief, supported by the
historiography, that the walls had been reconstructed at the time when the Salt House was
built.
The Salt House was erected by building in its end walls between the existing defense walls,
without traditional masonry bonding in the corners of the building.
By having determined the way in which the walls got damaged and by learning about the
cause of the damage, the Supervising Engineer was forced to change the stabilization method
– contrary to what was shown in the construction documentation.
The global stability of the structure was achieved due to a considerable thickness of the
defense walls – up to 3-meter thick, and the presence of the unbalanced horizontal reactions
resulting from the compromised structural integrity of the timber roof truss also revealed the
technique in which they were erected (Fig. 6).
Because of the lack of possibility to neutralize the horizontal reactions which were
transferred onto the upper part of the walls, a set of tie rods was used in order to stabilize the
upper part of the walls (Fig. 7, Fig. 2 right – green line) .

1210

Krzysztof Ałykow, Magdalena Napiórkowska-Ałykow

Figure 6: Exterior of the end walls with cracks along the external face of the defense wall

Figure 7: A set of tie rods and the anchor plate under the cornice

The reduction of the originally planned interference in the area where the roof trusses
rested against the upper part of the walls also allowed to preserve the original layers of
pugging which served as a protection of the upper part of the walls against the damaging
impact of precipitation (Fig. 8).

1211

Krzysztof Ałykow, Magdalena Napiórkowska-Ałykow

Figure 8: Pugging on the top part of the walls

4

CONCLUSIONS

The history of preparations and implementation of construction and conservation works
involving the rehabilitation of the structure of the roof and walls of the Salt House in Lubań
strongly indicates that even though the current measurement methods are a great tool which
can help examine a historical structure, they cannot substitute knowledge and experience of
an individual who performs such type of works [7, 8].
In this case, the technical solutions proposed in the construction documentation of the
building could have substantially contributed to losing its historic features which gave the
structure its historic character.
The case described here also proves that in order to prevent the implementation of
erroneous solutions, which would have threatened the existence of the historic structure, it is
important to provide technical assistance at every stage of project implementation, and the
assistance must be provided by those with relevant knowledge and experience.
The solutions adopted during the implementation of the project between 2017 and 2019
enabled the structural stability of the building while preserving and protecting its original
elements, contributing, at the same time, to its historic and scientific value which, in this case,
is of an outstanding significance as compared to other such objects in Poland.
Apart from its technical aspects, the case of the Salt House has contributed to changing the
way the Historic Preservation Officers have perceived particular elements of the building,
such as roof tiles, battens or even mortar used for sealing specific roofing components, which
have until now been treated as lacking their historical importance.
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Abstract. The brick-vault hall building is a special type of architectural heritage in
China, which is significantly different from the western masonry arch heritages in
terms of architectural form, structure, construction technology and mechanical
performance. After hundred years of natural disasters and human factors, these brick-vault
hall buildings mostly have a lot of damages in different degrees. In order to understand the
architectural form and the structural performance of this typical type of architectural
heritage, the brick-vault hall of Yongzuo Temple was taken as an example to study. Based
on the survey of three-dimensional laser scanner, the accurate geometrical dimension of the
brick-vault hall of Yongzuo Temple was collected, the architectural form of this building
and the relationship between the brick-vault hall building and the official-type timber
structure were analyzed and illustrated. The material properties were observed with the
on-site non-destructive testing method. Based on the above researches, the finite element
model of the brick-vault hall of Yongzuo Temple was established with ANSYS, the structural
performance of the brick-vault hall structure under the vertical load and the earthquake load
were studied, respectively. Thus, the weak positions of the brick-vault hall of Yongzuo
Temple were found out. The results can provide the basis for the conservation of this type of
architectural heritage.
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1

INTRODUCTION

The brick-vault hall buildings built in the Ming Dynasty (AD 1368-1644) is a unique type
of Chinese architectural heritages. The architectural forms of these brick-vault hall buildings
are very similar with those of the traditional timber building at that time, but they were usually
built with grey bricks and lime mortar. For this type of architectural heritages, the brick-arch
structures were mainly adopted to bear the floor load and the roof load. This type of architectural
heritages has significant historical, artistic, and scientific value. In order to scientifically
conserve these architectural heritages, their architectural forms and structural performance need
to be studied first.
At present, some researches on brick vaults have been put forward. Gong [1] studied the
architectural form and structural technology of the brick-vault hall buildings of the Ming
Dynasty. Guo [2] presented the architectural characteristics and classification of the brick-vault
hall buildings by investigating and mapping some brick-vault hall buildings in Beijing area.
Zhu [3] and Wang [4] discussed the decorative arts and crafts of the brick-vault hall of the
Longchang Temple. Chang [5] studied the historical evolution of the brick-vault buildings in
China. Jin [6] presented the architectural arts of the brick-vault hall of Yongzuo Temple. Ma [7]
studied the properties of tube-shaped arches, T-shaped arches, cross arches and buttress shaped
arches in residential houses on the Loess Plateau. Madalena Ponte [8] built up an architectural
model of the National Palace of Sintra in Portugal by BIM software. Gunes Baris [9-10]
rehabilitated the particular masonry structure of a vaulted ruin located on the historical
peninsula of Istanbul. Valente Marco [11] investigated the architectural forms and structural
details of the two churches which were severely damaged in northern Italy.
To sum up, the research objects of foreign researchers are obviously different from the brickvault hall buildings in China. Meanwhile, the domestic scholars' research on the brick-vault hall
buildings mainly focus on the architectural history, architectural arts and crafts. There are very
few researches on the technical and structural aspects of this type of architectural heritages. In
this study, the brick-vault hall building of Yongzuo Temple was taken as a typical case, and the
architectural form and structural performance of this building was studied in detail.
2 ARCHITECTURAL FORM
2.1 The on-site investigation of this building
The brick-vault hall of Yongzuo Temple in Taiyuan is a very typical brick-vault hall
building built in the Ming Dynasty, its roof style is Chinese traditional Xieshan type, it has two
floors, a width of five bays in the first floor, and a width of three bays in the second floor. The
current state of the brick-vault hall of Yongzuo Temple was shown in Figure.1. The accurate
geometrical information of this building was obtained through the on-site survey with 3D laser
scanner. The scanning cloud points of this building were shown in Figure.2.

1215

Qing Chun, Yijie Lin and Chengwen Zhang

(a) The outdoor appearance

(b) The indoor appearance

Figure 1: The brick-vault hall of Yongzuo Temple

(a) Longitudinal section

（b）The first plan

Figure 2: Scanning cloud points of the brick-vault hall of Yongzuo Temple

2.2 The architectural form of this building
According to the accurate geometrical information from the scanning cloud points, the
length of the first floor is 19.6 m and the width is 11.9 m, the ratio of length to width is
19.6/11.9=1.65:1. The length of the second floor is 16.8 m and the width is 10.0 m, the ratio of
length to width is 16.8/10.0=1.68:1. According to the on-site surveys, the Jugao (the total height
of roof) of this building is 3.820 m, the span between the front eave purlin and the back eave
purlin is 10.870 m, the ratio of height to span is 3.820/10.870=1:2.85. The building roof is curve,
the one side of the roof can be divided into five parts as shown in Figure.3, the height, the span
and the ratio of height to span of each part is shown in Table.1.

Figure 3: Roof form analysis of the brick-vault hall of Yongzuo Temple
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Table 1: Roof height and roof span of the brick-vault hall of Yongzuo Temple

Location
Span
Height
Height/Span

Part 1
1.036m
0.160m
0.154

Part 2
1.100m
0.387m
0.352

Part 3
1.100m
0.615m
0.560

Part 4
1.100m
0.955m
0.868

Part 5
1.100m
1.462m
1.329

According to the analysis of Fig.3 and Tab.1, the roof height of this building is 3.820 m,
the roof span between the front eave purlin and the back eave purlin is 10.870 m, the ratio of
height to span is 3.820/10.870=1:2.85, which is within the range of 1/3.2 ~ 1/2.7 of the
traditional official-type timber buildings of the Ming Dynasty, the result shows that the
architectural form of this type of brick-vault hall building is very similar with that of the
traditional timber building at that time.
3

STRUCTURAL PERFORMANCE

The Introduction must begin immediately below, following the format of this template. In
order to find out the structural performance of the brick-vault hall of Yongzuo Temple, the
software of ANSYS was used to build up the finite element model of this building (Figure.4),
the structural performance of the building under the vertical load and the earthquake load were
analyzed, respectively.
This building is a masonry structure, based on the test data of the brick compressive
strength, the mortar compressive strength and the code for design of masonry structures
(GB50003-2011), the parameter values of the finite model were obtained as follows: the elastic
modulus is 3.024 GPa, the density is 1990 kg / m3, the Poisson's ratio is 0.15, the compressive
strength is 1.35 MPa and the tensile strength is 0.17 MPa. The live load on the roof of the
building is 0.7 kN / m2, and the live load on the floor is 3.5 kN / m2. In the finite model, there
are 426,000 SOLID45 elements.

(a) The whole model

(b) The longitudinal section model

Figure 4: Finite element model of the brick-vault hall of Yongzuo Temple

3.1 Structural performance of this building under the vertical load
The calculation results of the first principal stresses of the brick-vault hall of Yongzuo
Temple under the vertical load is shown in Figure.5. The maximum value of the first principal
stress is 0.312 MPa, and the tensile strength is 0.17 MPa, the position where the first principal
stress exceeds the tensile strength is easy to crack. According to the analysis results, under the
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limited vertical load, the top of the partition vault between the intermediate arch and the side
arch is most prone to crack.

(a) North elevation

(b) Transverse section

(c) The first floor section

(d) The second floor section

Figure 5: The first principal stress diagrams of the brick-vault hall of Yongzuo Temple

The calculation results of the third principal stresses of the brick-vault hall of Yongzuo
Temple under the vertical load is shown in Figure.6. The maximum value of the third principal
stress is 1.42 MPa, and the compressive strength is 1.35 MPa. The position where the third
principal stress exceeds the compressive strength is easy to break. According to the analysis
results, under the limited vertical load, the foot of the door arch at the north side is most prone
to break.

(a) North elevation
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(c) Transverse section

(d) The first floor arches

Figure 6: The third principal stress diagrams of the brick-vault hall of Yongzuo Temple

3.2 Structural performance of this building under the earthquake load

(m/s^2)

Yongzuo Temple is located in Taiyuan, Shanxi Province, where its seismic fortification
intensity is 8 degree, and the design basic seismic acceleration value is 0.2g. The EL Centro
earthquake wave was used to analyze the seismic performance of this building along the northsouth direction which has a less stiffness. The seismic wave information was shown in Fig 7.
The maximum values of the seismic acceleration time history of 8-degree frequent earthquake,
design earthquake, and rare earthquake are 0.70 m / s2, 2.00 m / s2, and 3.90 m / s2, respectively
[12].
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Figure 7 : EL Centro earthquake wave

In this study, a linear time-history analysis of the brick-vault hall of Yongzuo Temple
under the 8-degree earthquake was carried out. Because the maximum seismic response
occurred at 2.16s, so this time was selected to study the maximum first principal stress and the
minimum third principal stress of the brick-vault hall of Yongzuo Temple, the stress diagrams
are shown in Figure 8-9.

(a) frequent earthquake

(b) design earthquake
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Figure 8: the first principal stress diagrams

(a) frequent earthquake

(b) design earthquake

(c) rare earthquake

Figure 9: The third principal stress diagrams

The calculation results show that the third principal stresses of this building under the 8degree frequent earthquake, the 8-degree design earthquake and the 8-degree rare earthquake
are all less than the compressive strength, which means there is no risk of compressive failure
under the 8-degree frequent earthquake, the 8-degree design earthquake and the 8-degree rare
earthquake. Under the 8-degree frequent earthquake, the first principal stress of this building is
less than the tensile strength, so there will be no cracks occurred in this building. However,
under the 8-degree design earthquake and rare earthquake, the tensile stresses of some positions
in this building exceed the tensile strength, which may cause cracks occurred in this building.
The weak positions of the first floor are the north corner of the exterior wall, the bottom of the
arch at the south side, the top of the arch of the central bay. The weak positions of the second
floor are the foot of the exterior wall at the north side, the foot of the door arch at the south side,
the top of the central arch.
4

CONCLUSIONS

The brick-vault hall of Yongzuo Temple is a very typical case of the brick-vault hall
building built in the Ming Dynasty. In this study, the architectural form and structural
performance of this building was studied, some conclusions can be drawn as follows:
According to the analysis of the architectural form, the roof height of this building is
3.820 m, the roof span between the front eave purlin and the back eave purlin is 10.870
m, the ratio of height to span is 3.820/10.870=1:2.85, which is within the range of 1/3.2
~ 1/2.7 of the traditional official-type timber buildings of the Ming Dynasty, the result
shows that the architectural form of this type of brick-vault hall building is very similar
with that of the traditional timber building at that time.
Under the limited vertical load, the top of the partition vault between the intermediate
arch and the side arch is most prone to crack, the foot of the door arch at the north side
is most prone to break.
There is no risk of compressive failure under the 8-degree frequent earthquake, the 8degree design earthquake and the 8-degree rare earthquake. Under the 8-degree
frequent earthquake, the first principal stress of this building is less than the tensile
strength, so there will be no cracks occurred in this building. However, under the 8-
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degree design earthquake and rare earthquake, the tensile stresses of some positions in
this building exceed the tensile strength, which may cause cracks occurred in this
building.
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Abstract. In recent decades, the Venice Charter of 1964 [1] has provided the guiding
principles for the conservation and restoration of ancient monuments. However, many
interpret these principles as applying to historic structures in general, and not just
monuments.
The articles in the Restoration section of the Charter have several interesting statements
(underlines are for emphasis) that are open to interpretation. In many cases, these statements
cause a conflict of priorities, especially with funding being the overriding issue. In addition,
local and national heritage agencies sometimes take a more liberal approach to restoration,
particularly regarding authenticity.
The statements under discussion are:
“ARTICLE 9. The process of restoration is a highly specialized operation. Its aim is to
preserve and reveal the aesthetic and historic value of the monument and is based on respect
for original material and authentic documents. It must stop at the point where conjecture
begins, and in this case moreover any extra work which is indispensable must be distinct from
the architectural composition and must bear a contemporary stamp.”
“ARTICLE 10. Where traditional techniques prove inadequate, the consolidation of a
monument can be achieved by the use of any modem technique for conservation and
construction, the efficacy of which has been shown by scientific data and proved by
experience.”
“ARTICLE 12. Replacements of missing parts must integrate harmoniously with the whole,
but at the same time must be distinguishable from the original so that restoration does not
falsify the artistic or historic evidence.”
Each of these statements affects the authenticity of the restoration. But, maintaining
authenticity of the restoration has to be balanced with the reality of maintaining our heritage
buildings on limited resources. Can it be done?
This paper discusses these challenges in the context of the 1996 restoration of a threestory, 19th century brownstone. The paper will include the conflicts with recommendations
for an authentic restoration in accordance with the Charter principles. The work was
performed on a limited budget and attempted to address the Owner’s desire for an aesthetic
solution. Finally, an assessment of the restoration after 23 years will be included.
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1

INTRODUCTION

The question of authenticity in preservation has been debated for decades. Prior to 1964
there was no general consensus of what degree of authenticity was appropriate. What first was
conservation of cultural heritage has expanded to be considered historic preservation. The
forms include such objects as archaeological sites, artistic sculptures and paintings, cultural
landscapes, buildings, and monuments.
Boito in 1883 presented a series of preferences for dealing with cultural properties to an
Italian technical congress of architects and engineers [2]. The preferences adopted included a
top priority to consolidation over repair. Next in priority would be repair rather than
restoration. Proposed interventions were to be both identifiable and labelled as modern. Any
elements or features that were to be removed should be documented and preserved for display
at the site. He acknowledged that there may have already been renovations or additions
subsequent to the original construction that now was a part of the history of site. Those
renovation and additions might be deemed inferior or effectively hiding the original
construction.
1.1 1931 Athens Charter
Followers of Boito were instrumental in creating the first Athens Charter in 1931 [3]
which adopted many of Boito’s ideas. Specifically, Section IV. - RESTORATION OF
MONUMENTS states:
“The experts heard various communications concerning the use of modern materials for
the consolidation of ancient monuments. They approved the judicious use of all the resources
at the disposal of modern technique and more especially of reinforced concrete.
They specified that this work of consolidation should whenever possible be concealed in
order that the aspect and character of the restored monument may be preserved.
They recommended their adoption more particularly in cases where their use makes it
possible to avoid the dangers of dismantling and reinstating the portions to be preserved.”
No specific techniques or methods were proposed but highlighted their concern over the
potential damaging use of reinforced concrete. They did recommend “That, in each country,
the architects and curators of monuments should collaborate with specialists in the physical,
chemical, and natural sciences with a view to determining the methods to be adopted in
specific cases;”. Scientific determination was essential to deciding a course of action.
Interestingly, authenticity is not discussed.
1.2 1964 Venice Charter
Possibly reacting to the reconstruction of buildings and monuments following two world
wars, the 1964 Venice Charter [1] professed to save our heritage through preservation
authenticity. It provided a tool for fervent preservationists to limit uncontrolled development.
Generally, only preservationists study such documents. Since they are not legally
binding, local implementation is highly dependent on local advocates.
The Restoration articles set new standards for preservation and authenticity.
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“ARTICLE 9. The process of restoration is a highly specialized operation. Its aim is to
preserve and reveal the aesthetic and historic value of the monument and is based on respect
for original material and authentic documents. It must stop at the point where conjecture
begins, and in this case moreover any extra work which is indispensable must be distinct from
the architectural composition and must bear a contemporary stamp.”
“ARTICLE 10. Where traditional techniques prove inadequate, the consolidation of a
monument can be achieved by the use of any modem technique for conservation and
construction, the efficacy of which has been shown by scientific data and proved by
experience.”
“ARTICLE 12. Replacements of missing parts must integrate harmoniously with the
whole, but at the same time must be distinguishable from the original so that restoration does
not falsify the artistic or historic evidence.”
Subsequently numerous efforts have been made to refine the intent of authenticity
including the 1965 UNESCO Archaeological Guidelines, the Burra Charter, the Declaration
of Oaxaca, the Florence Charter, the Washington Charter, the Nara Document, the Charter of
Brasilia, this Declaration of San Antonio, etc. Several of these are discussed in the following
sections.
1.2 1994 Nara Document on Authenticity
In 1994, authenticity was the topic at the Nara (Japan) conference organized by the
Japanese government in cooperation with the United Nations Educational, Scientific and
Cultural Organization (UNESCO), International Centre for the Study of the Preservation and
Restoration of Cultural Property (ICCROM) and International Council on Monuments and
Sites (ICOMOS). It criticized the Venice charter and authenticity. The document [6]
addresses authenticity “in response to the expanding scope of heritage concerns and interests
in our contemporary world”.
Article 11 states “All judgements about values attributed to cultural properties as well as
the credibility of related information sources may differ from culture to culture, and even
within the same culture. It is thus not possible to base judgements of values and authenticity
within fixed criteria. On the contrary, the respect due to all cultures requires that heritage
properties must be considered and judged within the cultural contexts to which they belong.”
It nearly removes authenticity from the requirements for cultural context. From this,
countries were encouraged to develop their own criteria for dealing with preservation and
authenticity.
1.4 1996 Declaration of San Antonio
In March 1996, the InterAmerican Symposium on Authenticity in the Conservation and
Management of the Cultural Heritage was held in San Antonio, Texas, USA by the ICOMOS
National Committees of the Americas to address the meaning of authenticity in preservation
in the Americas. The Nara document was reviewed and critiqued. Recommendations were
made to modify it by issuing a declaration [7].
When discussing authenticity and materials, it was stated that “..there are important
sectors of our patrimony that are built of perishable materials that require periodic
replacement in accordance with traditional crafts to ensure continued use. Similarly, there are
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heritage sites built of durable materials but that are subject to damage caused by periodic
natural catastrophes, such as earthquakes, floods and hurricanes. In these cases, we also assert
the validity of using traditional techniques for their repair, especially when those techniques
are still in use in the region, or when more sophisticated approaches would be economically
prohibitive.” Thus there was an affirmation of protecting cultural heritage without limiting to
authentic restorations.
2 RESTORATION IN THE UNITED STATES
The United States has numerous agencies that oversee historic preservation. At the
national level, the National Park Service of the U.S. Department of the Interior controls
historic preservation of national sites through the National Trust for Historic Preservation.
Generally, each state has its own agency for state historical sites and finally local
governments can have a regional agency. Often, determining the appropriate agency and
designation is a challenge for any consultant. Several agencies are discussed as follows. Each
has taken a local pragmatic approach to preservation.
2.1 New York City
The Landmarks Preservation Commission is a charter-mandated New York City
commission. It is the largest municipal preservation agency in the United States. Created in
1965, it was formed to combat losses of historically significant buildings in New York City.
According to the Landmarks Law [4], “the purpose of safeguarding the buildings and places
that represent New York City's cultural, social, economic, political, and architectural history
is to:
• Stabilize and improve property values
• Foster civic pride
• Protect and enhance the City's attractions to tourists
• Strengthen the economy of the City
• Promote the use of historic districts, landmarks, interior landmarks, and scenic
landmarks for the education, pleasure and welfare of the people of the City.”
The 1964 Venice Charter is not mentioned in the law creating the commission although
advocates probably were aware of its existence. Yet, there is no mention of maintaining
authenticity as the leading component of preservation. It emphasizes financial reasons as a
major driving force.
The commission operates under a set of rules [5]. Section 2-11 includes Repair,
Restoration, Replacement and Re-Creation of Building Façades and Related Exterior
Elements. Authenticity is addressed in Subsection (b)(3) “In all cases, except where noted, the
repair, restoration, replacement or re-creation must match the original or historic materials
and features in terms of its physical and aesthetic characteristics, including design, detail,
profile, dimension, material, texture, tooling, dressing, color and finish, as applicable.” In
Subsection (b)(2), it states “Where replacement of large quantities of materials and/or
significant architectural features is proposed, the applicant must provide an assessment of the
deteriorated conditions warranting such replacement(s). Repair will be given priority over
replacement if feasible.” So, priority is given to repair over replacement but the rules provide
a path to replacement.
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Subsection (d)(1) requires “Replacement materials and features should match the original
or historic material or feature in terms of physical and aesthetic characteristics. For purposes
of this subdivision, this means that replacement material should be “in-kind” in terms of using
the actual original or historic material and installation techniques. In-kind replacement should
be prioritized and fully considered prior to proposing substitute materials.” While in-kind
materials are a priority for replacement, substitute materials are allowed under another
section.
2.2 Chicago
Chicago is another major US city with a history of protecting its historic structures. The
Commission on Chicago Landmarks was created in 1968. The program [8] addresses exterior
qualities of buildings that are “significant historical or architectural features”.
Chicago took the approach of basing its guidelines on the U.S. Secretary of the Interior's
Standards for Rehabilitation of Historic Buildings [9] and extending them. Among their
objectives they list “To identify, preserve, protect, enhance, and encourage continued utilization
and the rehabilitation of such areas, districts, places, buildings, structures, works of art, and other
objects having a special historical, community, architectural, or aesthetic interest or value to the
City of Chicago and its citizens”.
Several specific aspects of the standards include:
“Distinctive features, finishes, and construction techniques or examples of craftsmanship that
characterize a historic property shall be preserved.
Deteriorated historic features shall be repaired rather than replaced. Where the severity of
deterioration requires replacement of a distinctive feature, the new feature shall match the old in
design, color, texture, and other visual qualities and, where possible, materials. Replacement of
missing features shall be substantiated by documentary, physical, or pictorial evidence.
Chemical or physical treatments, such as sandblasting, that cause damage to historic materials
shall not be used. The surface cleaning of structures, if appropriate, shall be undertaken using the
gentlest means possible.”
As with New York, we see a desire to prioritize the preservation of historic features. However
for replacement of deteriorated features, both cities chose to require the imitation of the original
features and not distinguish them as was proposed in the Venice Charter. This is in keeping with
both the Nara Document and the San Antonio Declaration which essentially suggest selfdetermination of authenticity.

3 CASE STUDY- FAÇADE RESTORATION OF 1889 BROWNSTONE
This project was completed in 1996. It occurred during a time period when the Nara
Document and the San Antonio Declaration were redefining whether restorations needed to be
authentic. It is not clear whether the redefinition by these organizations was ground breaking
or actually a reflection of what communities and cultures were already doing.
Specifically, the city and state where this project occurred had been requiring authentic
restoration; repairs were to be performed using original materials and original techniques.
This project was the first known departure from authentic with an historic residential
property.
Figure 1 shows its building in 1996 and in its current condition. The primary difference is
attributed to the photography and daylight. The restoration was documented previously [10].
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Figure 1a: Facade 1996

Figure 1b: Facade 2019

3.1 Background
The building received local historic status in the 1970s. It has ornate stone carving from
base to the roof that is unique. The brownstone is ornamental and overlays a brick structure.
The Owner purchased the building c. 1973 but by 1991, pieces of the brownstone
(sandstone) elements had fallen from the building and safety concerns were growing. The
Owner started inquiries as to how to restore the façade. Aided by HAF, the local preservation
organization, efforts were made to obtain grant funding but with no success. However in
1992, HAF was able to attract a number of preservation specialists to a Sandstone Colloquium
which included a hands-on assessment of the building.
Following a day of façade examination by the specialists, over 50 attendees met to discuss
the specialists’ findings. To the dismay of the Owner, there were many ideas and the
predominant recommendation was to add sidewalk protection in the short term. Long term
they proposed that most of the brownstone be removed and replaced with new carved pieces.
The projected repair cost was $250,000 to $500,000 which greatly exceeded the building
value. This was beyond the means of the retired Owner on a pension.
The sidewalk scaffolding was quickly added and the Owner continued to seek funding.
Finally in 1995, the deterioration accelerated and material losses were far worse; the Owner
became desperate. City building officials were demanding action.
A mason restoration contractor who attended the initial symposium and who provided the
sidewalk protection stepped in to offer assistance by meeting with HAF and the building
officials.
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Historic buildings were expected to be restored using original materials and techniques.
But the cost was beyond the Owner’s ability to fund so negotiations with the city officials
yielded an option:
Remove the brownstone and plaster coat the brick without any ornamentation.
The intent was to provide a safe façade even if it meant losing the aesthetic character of
the facade. The contractor estimated this might cost $50,000 to $60,000. The Owner agreed
to this level of funding for a budget.
Contrary to local practice, the contractor proposed an alternate solution with the budget of
$60,000. They would first remove the severely deteriorated brownstone and stabilize the
areas still intact. Then they would re-evaluate the budget. The remaining funds would be
dedicated to replacing the deteriorated brownstone with a brownstone patching material that
could be carved to replicate the ornamentation. Patches would be anchored with stainless steel
pins and wire. If funding was insufficient, plaster would be used as proposed by the city and
some aesthetic features would be lost. This would met the city officials’ goal to stabilize the
façade yet restore some of the features. The city officials approved this concept and gave its
first-ever building permit for a project which they did not know what the final appearance of
the building would be.
3.2 Restoration
The Contractor recommended the Owner hire the author as her restoration engineer and
the team was created. Scaffolding was first erected and a hands-on survey was performed.
The problems discovered were related to inferior stone from the quarry and long-term
deterioration. Figure 2 shows a sampling of the damage a) sill damage, b) exfoliation of
vertical pier, c) underside of sill, and d) dentil damage. The damage was removed to sound
material and patched. Damage was scattered throughout the façade. Details were developed
cooperatively between the Engineer, Contractor and the material supplier [11] selected. The
Owner anxiously watched the work proceed daily from across the street.

Figure 2: Representative problems from 1996
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The mason craftworker that installed and carved the patches was quite expert. He
replicated the details exactly. In the end, the restoration contractor was able to repair all the
deteriorated areas within the budget. The Owner, the HAF, and city officials were very
pleased with the results. Their leap of faith in trusting the contractor was justified.
3.3 Performance
The façade condition in Figure 3 shows that the restoration has performed well for over 23
years. There is deterioration visible below a window sill (arrow, Figure 4). The brownstone is
delaminating at the interface with the patches; it’s likely the original deteriorated brownstone
might not have been removed deep enough before installing the patch at this location. The
current deterioration will need repairs in the coming years.

Figure 3: Façade 2019

Figure 4: Sill deterioration 2019
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The ornamentation of the synthetically-patched façade is nearly undetectable under most
climatic conditions. During rainy weather, the patches are evident since they do not absorb
water the same as the brownstone (slightly visible in Figure 3). However since the façade
faces the sun, it dries relatively quickly and the patches blend in again.
4

SUMMARY/LESSONS LEARNED
-

-

-

-

While the case study demonstrates a successful synthetic restoration that has
performed well for over two decades, the real point here is that the concept of
maintaining authenticity was challenged for practical reasons. Authentic replacement
was cost prohibitive and the Owner did not want to have a non-descript face for her
building. Reality for the Owner was that she wanted to enjoy her building and that
meant restoring the façade aesthetics even if they were not be authentic.
The restored facade maintains the value of the property and fits within the historic
context of the neighborhood. Simply stabilizing the façade would have maintained
public safety but would not have produced a culturally acceptable solution.
As a society, authenticity should be the highest priority for our restorations. But, not at
the expense of losing the very fabric of the buildings and monuments that we enjoy.
As previously noted, this project coincidentally occurred within the time period where
authenticity was being challenged by the principles of the Nara Document and the San
Antonio Declaration. Communities (like New York City and Chicago for example)
and owners were deciding what was important culturally and allowing alternate
materials and modern techniques to be used in restorations. This self-determination
now seems to be a mainstay of most preservation regulations in the United States.
Today, there are synthetic restoration products that have decades of use for which to
be judged. That was not the case in the 1990s.
From my experience, engineers are not qualified to make an informed decision on
accepting new materials that don’t have a long history of use without the assistance of
specialists. This case study project had a chemist as the owner of the company
supplying the patching material who provided the material expertise and an expert
restoration contractor who could assess the material. They were integral to the judging
the restoration design and making the best decisions given the limited budget.
Judging the success of a restoration project can only be done through time. While
heralded as a success in 1996, time has given us more data. Today, we know more
about various synthetic products and proper installation techniques. The material used
on this restoration has proven itself on numerous projects over the years and continues
to be selected by restoration professionals.

Acknowledgements. Mr. Wil Ganem, Ganem Contracting Corp., and his team made the
Owner’s dream come true. Michael Edison, Edison Coatings Inc., provided the products and
chemistry expertise for the patching system.
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Abstract. This paper discusses the investigations, analysis, and proposed strengthening to
Sheds E-F and J-M of the Queen Victoria Market in Melbourne, Australia. The sheds were
visually inspected and measured, a point cloud survey was carried out, wind tunnel testing
determined design pressures, and timber samples determined species, grade and extent of
deterioration. Strengthening designs were in accordance with the Burra Charter – The
Australia ICOMOS Charter for Places of Cultural Significance 2013.
1

INTRODUCTION

The City of Melbourne became aware of potential structural deficiencies of sheds at the
Queen Victoria Market and decided to undertake a full assessment of all heritage structures at
the site to ensure their safety and longevity. Robert Bird Group was engaged to perform a
structural assessment of selected sheds and design any required strengthening.
In this paper a brief history and chronology of the site is provided, followed by a description
of the investigations, testing, monitoring and analysis that was carried out. The results and
proposed strengthening are described, followed by commentary on the project.
2

HISTORICAL OVERVIEW

2.1 Historical significance
The Queen Victoria Market is a major landmark and tourist attraction in Melbourne,
Victoria, Australia, and at seven hectares is the largest open-air market in the southern
hemisphere. It has been in continual operation since the 1870s and from a group of central
markets built by the corporation of the City of Melbourne during this period, it is the only one
surviving.
The site also served as Melbourne’s first official cemetery, Melbourne Cemetery, and was
in use from 1837 to 1854, then intermittently until being closed in 1917. It is listed on the
Victorian Heritage Register, in part due to its importance to the course of Victoria’s cultural
Heritage. [1]
As an estimated 6,500 to 9,000 burials remain on the site, it is of archaeological significance
and has the potential to provide information about Aboriginal and European communities and
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their burial practices and customs in early Melbourne. [1]
The site is valued for its demonstration of the principle characteristics of a class of cultural
places and objects, namely the produce market. The purpose-built nineteenth and early
twentieth century buildings are largely intact, and the predominately utilitarian style adopted
for marketplaces at the time is evident.
Due to its ongoing use and continued popularity as a fresh food market and meeting place
for locals and tourists, the market is considered socially significant.
2.2 Chronology
Prior to European settlement, the area where Melbourne is now located was home to the
Kulin people. Their ancestors lived in the area for an estimated 40,000 years and the population
was estimated to be under 20,000. [2] European exploration occurred between 1797 and 1834,
and in 1835 John Batman explored large areas of what is now Melbourne. On 6 June 1835, he
signed a treaty with the indigenous Wurundjeri elders, purportedly buying 600,000 acres of
land around Melbourne. [3] Settlement of the area followed, and two years later in 1837 ten
acres of land were set aside for what would become the Melbourne Cemetery. The Cemetery
was surveyed by Robert Hoddle, who also surveyed and laid out the central business district of
Melbourne. It had sections for Presbyterian, Episcopalian, Roman Catholic, Wesleyan, Jewish,
Independent, Society of Friends (Quaker) and Aboriginal burials.
In 1853, the Melbourne General Cemetery in Carlton opened, allowing for the closure of
Melbourne Cemetery in 1854 due to concerns over people living increasingly closer to it as the
city grew. Following its closure, people who had claims on family plots were allowed to
continue burials until 1917. Between 1837 and 1917, an estimated 8,000 to 10,000 people were
buried in the cemetery. [1]
The eastern triangular block was granted to Melbourne Town Council in March 1859 for use
as a market, and a meat and produce retail market started operating on the site in 1874. Sheds
H and I were built for fruit and vegetable growers to operate, and in 1877, legislation granted
the market permission to take over part of the cemetery land. In 1878, 45 burials were exhumed,
and sheds A-F were constructed. Sheds A-E were open on all sides, and shed F had a brick wall
constructed on its southern side to divide the market from the remainder of the cemetery. [1]
In March 1878, the market was officially opened as ‘Queen Victoria Market.’ In 1884 twostorey terrace shop buildings were built along Elizabeth Street, then in 1887 along Victoria
Street. Between 1890 and 1905, additional shops were constructed along Victoria Street, and
subsequently under 1917 legislation the remainder of the cemetery was acquired by the market.
[1]
From 1920 to 1922, 914 bodies were exhumed and relocated, including the remains of John
Batman, to Fawkner Cemetery. Sheds K and L were constructed in 1923, the Dairy Produce
Hall was constructed in 1928, and the two rows of sixty brick stores comprising Market Square
were constructed in 1929-1930 to provide storage for market traders. Shed M was constructed
in 1936 and Shed J was constructed in 1991. [1]
A layout of the sheds is shown in Figure 1.
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Figure 1: Queen Victoria Market shed layout [4]

3

DESCRIPTION OF THE STRUCTURES
Sections of the sheds looking east are shown in Figures 2 through 5.

Figure 2: Shed E framing elevation [5]
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Figure 3: Shed F and J framing elevation [5]

Figure 4: Shed K and L framing elevation [5]

Figure 5: Shed M framing elevation [5]

Shed E has metal roof sheeting supported by timber purlins, steel roof trusses, timber beams,
timber posts and pad footings and is shown in Figure 2. The metal roof sheeting and shallow
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footings are common across all sheds.
Shed F has the same framing as Shed E, apart from the southern wall which is unreinforced
brick masonry on a strip footing instead of timber beams and posts on pad footings. An
elevation of Shed F looking east is shown in Figure 3.
In the north-south direction of Shed E, knee-bracing on every second truss provides lateral
stability. Shed F has timber framed infill walls between tenancies and therefore does not have
knee-bracing. In the east-west direction of both sheds, portal frame action was achieved from
the bolts and haunch at the beam-column connection, shown in Figure 6.

Figure 6: Shed E knee bracing and post to beam connection detail for Sheds E and F

Shed J has steel purlins supported by steel trusses and steel posts and is shown in Figure 3.
Sheds K and L have timber purlins supported by steel trusses. The outer trusses are supported
by channels with latticed steel plates connected by rivets, while the inner larger truss is
supported by steel posts. An elevation of Sheds K and L looking east are shown in Figure 4.
The delineation between Sheds K and L is the peak of the central truss, such that half of the
central truss is in Shed K and the other half in Shed L. This delineation is solely for the layout
of market stalls.
Shed M has steel purlins on steel trusses supported by steel posts and is shown in Figure 5.
All sheds act independently and are structurally isolated from one another, except for Sheds
K and L which together form one structure.
Short canopies constructed with steel purlins, beams and posts provide shade to the footpath
along the ends of the sheds, along both Peel Street and Queen Street.
4

INVESTIGATIONS AND DATA COLLECTION

4.1 Determination of applicable building code and level of compliance
Previously, Sheds A to D were analysed as part of a separate project which determined they
had insufficient structural capacity and could pose a safety risk. The site owner and custodian
therefore decided to assess all the sheds across the market, resulting in this project. To mitigate
the risk to a measurable level, a building surveyor was engaged to determine the required level
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of compliance.
The building surveyor selected the current Australian building code, the National
Construction Code 2019 (NCC), for use on the project in accordance with relevant building
legislation. They provided a concession on the structural adequacy requirements by setting the
level of required compliance at 80% of code values. This concession took into consideration
that building codes differed at the time of construction.
As the NCC uses limit states design, the reduction was applied to the wind loading pressures
as it was deemed to be the most appropriate method.
4.2 Existing drawing search
The National Archives of Australia were accessed, and a building plan and documentation
search was conducted at the City of Melbourne to locate available drawings.
Structural drawings of Shed F, architectural drawings of Shed J, structural drawings of Sheds
K and L, and an architectural section of Sheds K and L were supplied.
4.3 Visual survey and measurements
A full visual survey and measurement was carried out of the existing structures. The roof
trusses and canopy roof framing of the sheds are exposed on the underside and easily accessed
with boom and scissor lifts. A tape measure, laser measure, and caliper were used to measure
member spans and sizes. Damage and deterioration to members were recorded with the aid of
a marking plan to denote location.
4.4 Point cloud survey
A point cloud survey provided a full three-dimensional model of the buildings. The benefits
of the survey were that structural framing geometry and dimensions taken from site could be
verified in the office and any photos or measurements that were missed during the investigation
phase didn’t require another site visit to obtain the information. The survey could not be used
to locate deterioration of the members such as rust on steel members or rot for timber, nor was
it to the degree of detail required to measure cross sectional dimensions of slender members
and connections. A screenshot from the point cloud survey is shown in Figure 7.
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Figure 7: Point cloud generated image. From left to right the back wall of Shed F, Shed J, and the north end
of Shed K are shown

4.5 Wind tunnel testing
Wind tunnel testing was conducted to determine accurate wind pressures on the sheds, as
the wind loadings from the Australian Standard AS 1170.4-2011 Structural design actions –
Part 2: Wind actions are prescriptive and therefore often conservative. Design downward
pressures were reduced from 0.31 kPa to 0.23 kPa, and uplift pressures reduced from 0.59 kPa
to 0.39 kPa by using wind tunnel results in lieu of the code-based approach.
4.6 Investigation of timber members
Timber specialists from the University of Tasmania conducted a full assessment of the
structural timber members across the sheds. Columns were identified as River Red Gum (E.
camaldulensis) and beams and purlins were identified as Douglas Fir (Pseudotsuga menziesii).
Species identification was confirmed by laboratory testing of samples. Members were graded
to Australian Standards AS 2082-2007 Timber – Hardwood – Visually stress-graded for
structural purposes and AS 2858-2008 Timber – Softwood – Visually stress-graded for
structural purposes, and the majority were determined to be Structural Grade No. 1. The
corresponding stress grade for beams, purlins and columns was determined to be F17, which
defines the bending strength, tension strength, compression parallel to grain strength and short
duration modulus of elasticity values.
Timber members with damage or deterioration were identified by the timber specialist and
where required, the depth of damage was determined with a small diameter core sample.
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4.7 Structural analysis
Sheds were analyzed using Space Gass finite element analysis software using both two and
three-dimensional models as applicable. Results were independently verified with hand
calculations.
5

RESULTS AND INTERVENTIONS

5.1 Analysis results
Overall, the sheds were found to be structurally compliant to the 80% of code value limit set
out by the building surveyor, with the exception of the lateral stability of Sheds E and F in the
north-south direction, and the trusses of Sheds E, F and J under wind uplift loading.
The sheds were all built before seismic design requirements were introduced in the 1994
Building Code of Australia. However, as the sheds have little mass wind loads governed in all
cases except for the Shed F masonry wall.
5.2 Sheds E and F lateral stability
Building drift under wind load exceeded code recommendations but was deemed to not be
of concern.
The lateral capacity of the sheds in the east-west direction was found to be insufficient as
the bending moments in the connections exceeded their design strength. To rectify this, a
modification to the connection using steel angles and through bolts was designed, as shown in
Figure 8.

Figure 8: Strengthening detail for Sheds E and F timber haunch
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5.3 Shed F masonry wall stability
The masonry wall at the back of Shed F was visibly out of plumb and leaning towards the
south, which was confirmed by the point cloud survey. Monthly surveys were undertaken over
a six-month period, which determined that no further movement was occurring. Figure 9 shows
the survey results for lateral displacement of the top of the wall.

Figure 9: Survey results for the masonry wall at back of Shed F [6]

Non-linear push-over analysis determined that the back wall of Shed F required
strengthening to comply with NCC requirements in locations where it was out of plumb by
more than 90mm. The concession from the building surveyor to reduce compliance to 80% for
structural adequacy removed the need for strengthening to the wall. However, the design
originally proposed is described below.
Buttresses on the south side of the masonry wall were designed so that the wall would bear
on them in an earthquake. The buttresses would be on the exterior of Shed F to avoid interfering
with the tenancies and have shallow pad footings extending partially above ground to avoid
interfering with graves. The buttress to wall interface was detailed with rubber bearing pads
such that the wall could lean against the buttresses without any physical attachment between
them, making the proposed intervention entirely reversable.
5.4 Sheds E, F and J wind uplift case
The trusses were found to be structurally inadequate under the wind uplift design case, as
the uplift pressures were enough to put the bottom chords of the trusses into compression. As
the bottom chords were tension-only flat-plate members, they did not have any appreciable
compression capacity.
The metal roof sheeting requires replacement as it has reached the end of its design life and
was deemed to be unrepairable by the heritage consultant. By adding layers of plywood and
fibre cement sheet between two layers of metal sheeting, the new panels add weight onto the
trusses to prevent compression from occurring in the truss bottom chords in a wind uplift event.
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The design masses of the replacement roof sheeting varied depending on the shed, with the
maximum being 40 kg/m2. The secondary benefit of the built-up roof panel is that insulation
can be provided to the sheds, increasing occupant comfort during summer days when
temperatures around 40 degrees Celsius are not uncommon.
Other than the roof sheeting, there were no other lateral stability elements in the plane of the
roof. The replacement roof sheeting build-up was therefore designed as a diaphragm. In
Australia, steel cladding systems are commonly made from thin high strength steel, and steel
design codes do not currently provide guidelines for the design of crest-fixed steel roof or wall
claddings. [7] As the steel roof sheeting is being custom-made for this project, it was designed
and specified using CAN/CSA-S136-01 North American Specification for the Design of ColdFormed Steel Structural Members. The crest-fixing of the composite roof decking panel to the
purlins resulted in the screw being placed in bending, which was accounted for in the design.
A detail of the roof build-up at the metal deck splice location is shown in Figure 10.

Figure 10: Replacement roof sheeting detail at purlins

5.5 End walls of Sheds K and L
Lightweight sheeting encloses the ends of Sheds K and L between the top of the end truss
and canopy roof. To verify structural capacity of this partial end wall under wind load, including
preventing out of plane buckling of the truss, the columns were checked as cantilevering off the
canopy roof diaphragm as shown in Figure 11, and found to be sufficient.
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Figure 11: West end of Sheds K and L

5.6 Replacement of damaged members
Given its use as a busy market, there are numerous locations of local damage to the structure.
The sheds are used as a car park on non-market days, forklifts transport goods through the sheds
for market set up, and various lights, sound equipment, and other items are hung from the
trusses regularly. Vehicle damage is evident on multiple vertical supports. There are also
locations where members have been locally cut to allow for services like downpipes to be
installed.
During the visual inspection, a register of members to be repaired or replaced was created.
5.7 Timber member repairs
A few timber columns require partial replacement due to significant rot and deterioration.
The cause of the deterioration in most cases was a broken downpipe, which resulted in the base
of the column undergoing multiple wet-dry cycles over time. Repair of downpipes is being
undertaken in conjunction with the partial post replacements.
6

CONCLUSIONS

In order to minimize interventions, close collaboration across the project team was required.
The wind tunnel testing was instrumental in reducing the design loads and strengthening.
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The concession from the building surveyor to reduce the compliance level from the modern
building code was equally important.
Replacement of the roof sheeting with heavier built-up sections was not a favorable outcome
due to it being a change to the original design. However, it was preferred when compared to the
extensive strengthening that would be required in the form of welding steel plates to existing
truss members, had it not occurred. The new built-up roof panels have the same metal roof
sheeting profile as the originals but are an observable replacement of the original upon close
inspection.
At the time of writing, the tender period for the project is underway and construction works
are planned to commence in mid-2020.
Drawings of the project will be stored on file at city council and will remain accessible to
the general public like other existing drawings of the market.
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Abstract. This paper focuses on the seismic vulnerability assessment of the San Judas
Tadeo´s church in Malloa (Chile), an iconic example of Colonial Chilean architecture. This
small adobe structure is a single-nave building consisting of the main nave, a bell-tower
located in the façade, two external wooden galleries and additional units such as the sacristy,
chapel, and two services areas.
The Church has survived several strong earthquakes larger than Mw>8. Besides, after the
February 27th, 2010 Maule event it showed remarkable resilience due to the implementation
of traditional timber retrofits inserted in the earthen walls. The use of traditional wooden
devices such as bond beams, corner keys, and wooden gables, proved to be effective solutions
against strong earthquakes.
Therefore, this church appears as a relevant case of the use of seismic resistant constructive
techniques of the17th century colonial architecture and the study of its seismic behaviour
holds great interest and relevance.
Aimed to assess the seismic performance of the monument, a complete preliminary study of
the church was carried out using a multi-level approach comprising historical research, in
situ surveys, crack pattern analysis, physical and mechanical characterization of materials,
and structural analyses. In particular as part of an ongoing research, linear and incremental
kinematic approaches of limit analyses have been employed with the aim of interpreting the
local mechanisms activated during the 2010 Maule earthquake. In these models, the effect of
friction on masonry-to-masonry and timber-to-masonry interfaces was considered with
promising outcomes.
This study results prove the general validity in the field of timber seismic retrofitting of
unreinforced adobe buildings.
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1

INTRODUCTION

San Judas Tadeo is the parish of the community of Malloa (-34.442247, -70.943377),
a rural village of 12,000 inhabitants located in Cachapoal Province, Libertador General
Bernardo O'Higgins region (VI), at 113 km south of Santiago.
The first parish was erected in 1635 and was completely destroyed by the May 13,
1647 (Ms⁓8) Santiago earthquake [1]. The current parish was founded in 1845 under the
avocation of San Juan Batista, but years later the devotion to San Judas Tadeo prompted a
name change. The fervor of the community for this saint, known as the employer of the
difficult causes, arose in 1887 during an epidemic of cholera. The tragedy touched the
citizenry and settled in the collective memory of the village. Thus, the San Judas Tadeo
church became a significant religious and civil Landmark of Malloa. It was declared Historic
Conservation Zone (ZCH) according to Art. 60 of the General Urban Planning and Buildings
Law; and it is now acknowledged as Historical Monument according to Law Nº17.288 of
National Monuments [2]. This parish was constructed following the typical architectural,
constructive and structural features of Colonial style of the Chilean central valley [3, 4]. The
morphology of the structure consists of an austere rectangular plane of a single-nave, and
additional units built later. The plane is 45.1m long in the longitudinal direction, 9.9m wide in
the transversal direction, with a maximum roof height of 9.92m, accommodating 500 people.

Sacresty

Chapel

Gallery

Presbytery

Service areas

Nave

Choir

Gallery

Figure 1: View of the façade of the church and current plan, façade and lateral view[5]

The church has an area of 815.84 m2, and it features a central rectangular space
oriented north-east south-west, a sacristy adjacent to the western wall, and two additional
service areas located respectively on the northern and eastern walls. The main nave is divided
in three sectors (choir, nave and presbytery, Fig. 1), and has undergone several modifications
over the time thus different construction techniques and materials are distinguishable.
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2 CONSTRUCTION PHASES AND MAIN INTERVENTIONS
Malloa village is located in the territory of an indigenous village which motivated the
installation of Franciscan convent which back to 1635 and was dedicated to San Antonio, one
of the oldest in the VI region. The first temple was completely destroyed by the 1647
earthquake and a new Parish was erected in 1662, under the invocation of San Antonio de
Papua. The first records date back to1824. The current building was founded on the
17thNovember 1845, although there is no documentation indicating which parts of the1662
temple were reused. After the 1928 Talca earthquake (7.6Mw), the complex suffered from
considerable damage, and in the same year it was restored [1]. Despite the lack of historical
information about the parish, during direct surveying activities carried out by the authors, it
was possible to recognize the original structure and the main subsequent construction phases.
In fact, through the detection of construction techniques corresponding to specific historical
periods and the survey of structural discontinuities, three main construction phases have been
identified.
The first period corresponds to the original block composed by the main nave (choir
loft, nave and presbytery) and the base of the bell tower at the side of the facade (dated back
1662-1824).
The second construction phase corresponds to the parish enlargement with northern
and eastern service areas attached to the main block. These areas were built with adobillo, a
system originated in the Valparaiso region in the middle of 19thcentury [6].
Finally, during the third construction phase (undated) a chapel and a sacristy were
erected with adobe masonry walls, simply juxtaposed to the rear and west walls, respectively.
The actual configuration of the Parish is the result of seismic consolidation interventions and
reconstructions during the past centuries characterized by different building techniques and
materials, which present different structural behaviors. Probably after the 1985 Valparaiso
earthquake (Mw8.0), the parish suffered considerable damage in the façade and bell tower,
which were then reconstructed by wooden walls and reinforced through timber ring beams in
the upper part. After the 2010 Maule earthquake (Mw 8.8), the church incurred in significant
damages due to severe crack pattern that induced separation among walls. Structural damage
amplified due to rising damp and local deformation. In 2016, Arias Arquitectos carried out a
wide conservation project that addressed the whole parish [1].
3

ARCHITECTURAL ELEMENTS AND PROPERTIES OF MATERIALS

The parish has undergone several modifications over the time. Consequently, different
construction techniques and materials are observable. According to the historical analysis,
three traditional constructive systems for masonry walls were recognizable: (i) 4-wythe
English bond with the insertion of timber elements, named W01; (ii) adobillo, which is a
mixed wooden-earth technique where a thin timber frame interlocks a single-wythe shiner
bond, named W02; and (iii) stacked 2-wythe masonry with header bond, labelledW03. The
central nave walls (W01) are adobe masonry with the insertion of timber elements within the
thickness, which are traditional seismic resistant technique of the local colonial culture. These
timber reinforcements are composed of horizontal and transversal elements.
The wooden horizontal-elements run along the walls of the central nave and the base of bell
tower, and transversal-elements across the full whole thickness. The horizontal elements have
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a section of 10x20cm located about every 1.8-2.7m, while the wooden transversal ones are
about 5x10cm every 2.25m. This traditional construction practice exploits the mechanical
proprieties of wood, improving the out-of-plane bending capacity and in-plane shear
resistance of adobe walls. The woodworking joints constitute the main seismic weakness of
this system when subjected to the seismic motion. In San Tadeo parish there are two types of
joints: hooked scarf and halved joints.
The hooked scarf joint, which is employed to connect the wooden horizontal elements,
is a traditional method of joining two members end-to-end. This technique offers remarkable
capacity in the longitudinal direction because it extends resistive area of the joint, thus
maximum allowed force heightens, but the link mostly depends on the mechanical fastener
employed to keep the joint closed, Fig. 2a.
The halved joint, another traditional link, is used to join two orthogonal members by
removing material from each at the point of insertion so that they overlap, Fig. 2b. The
amount of material removed is equal to half of the width, so the connections are weak and
prone to split.
Following the 2010 Maule earthquake, the failure of the joint interlocking between
wooden elements is observed in particular for the hooked scarf joint. The link failures are
shown by the slippage between the wooden elements in the horizontal direction, determining
the propagation of vertical and diagonal cracks along the entire height of the wall, see Fig.2a.
(b)

(a)

Figure 2: Traditional timber joints in Malloa parish: (a) hooked scarf joint, and (b) halved joint

The W01 walls of the central nave (thickness 1.45m) are made of 4-wythe earthen
wall, of adobe brick with dimensions 35x60x15cm, bond by an earth mortar. The connections
among orthogonal walls of the central nave, despite the absence of bond, consist of using
wooden corner keys and bond beams. These traditional strengthening solutions induce walls
working together even when the bonds between perpendicular walls crack during an
earthquake [7], as it has been observed after 2010 Maule earthquake in the rear wall of central
nave of Malloa church.
The slender walls of two service areas located on lateral northern wall of central nave
are made of adobillo, another traditional mixed wood-earth single-leaf wall (W02). The
adobillo wall of Malloa parish is the result of traditional local anti-seismic techniques and
modern materials introduced in 19th century. It is composed by vertical wooden logs
(10x10cm) every 75cm, horizontal wooden twigs (10x30cm), adobe blocks (60x30x10cm) of
shiner course, and interior and exterior earth plaster with diagonal steel wires. This
constructive system, originated in Valparaiso, generally, uses a particularly shaped earth
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blocks having two 1’x1’ notches in the headers of block that allow to fix the adobillo to
wooden logs [6]. However, these efficient links between earthen blocks and wooden elements
are absent in the adobillo walls of San Tadeo Parish.
Finally, the masonries of chapel and sacristy, adjacent to the presbytery walls, were
built with adobe masonry W03, block dimensions of 35x70x15cm. The W03 is double-leaf
masonry without blocks crossing the whole thickness which can generate a transversal
locking, the diatones. Consequently, the wall is composed into sections simply positioned one
next to the other, very vulnerable to the out-of-plane seismic actions. Furthermore, this adobe
masonry is characterized by a head bond resulting in lower shear strength than a monolithic
panel and an inadequate seismic behavior[8].
In order to define the mechanical proprieties of adobe blocks, the values suggested by
Chilean Standard [9] for adobe structures have been used. The Young’s modulus E=200 MPa,
compressive strength f’m=0.6 MPa, and shear strength ν’=0.025 MPa of adobe masonry are
assumed. The wooden trusses of the roof structures consist of oak elements (Nothofagus
oblique), with density (γ=624kg/m3), compressive strength (f’m,medium=46.65MPa), and shear
strength (ν’0,medium=6.08MPa).Finally, to the aim of characterizing the soil mechanics and the
foundation type, four excavations located near the west wall of the north chapel [E1], the
south area of parish house [E2], the north area of parish house [E3], and the inner courtyard
[E4], with a depth of 3m, 2.6m, 3m, and 3m respectively were carried out by [10]. Based on
the Chilean Code NCH433of 96 [11] and D.S.61, 2011[12]the soil, having medium dense
soil, Vs30 = 332 ms-1, and shear strength non-drained minor of 0.05MPa, was classified as
soil type D, with soil coefficient S=1.
3

ASSESSMENT OF CRACK PATTERN

The San Juan Tadeo parish has suffered severe damage after the 2010 Maule
earthquake. In particular, different seismic behaviors depending on the construction
techniques were observed in the main block (W01), the service areas (W02), and the sacristy
and rear chapel (W03). The main block of Malloa parish consists of heavy and thick walls
(slenderness H/t=6.8, where H and t are the height and thickness of wall respectively),
wooden beam bonds within the thickness and corner keys. Despite this, the traditional antiseismic system, based on the use of timber, keeps the walls working together (box-behavior).
In the main façade, the failure of joints, which used to attach (kink) end-to-end two horizontal
members, aided the propagation of deep vertical cracks. The compound overturning of the
thick façade (H/t=5.2) is highlighted by vertical cracks passing through the wall thickness
(Fig.3a-b) and the disconnections between the façade and the longitudinal side walls,
internally observable. Furthermore, the presence of timber corner keys provides reinforcement
improving the post-elastic behavior of the walls. Thus, a part of the longitudinal side walls
and the façade continue to work together. The diagonal cracks observed in the longitudinal
walls highlight the activation of an overturning mechanism that involved the façade and
triangular portions (two side wings) of the longitudinal walls around a horizontal hinge,
located at 72cm above the ground level. The shape of façade macro-element depends on
several factors, mainly: the length and number of corner keys, the masonry-wood friction, and
the distance between openings and wall-corner. Significant vertical cracks are also visible in
the upper part of longitudinal side walls of the nave, mainly near the openings of windows
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and doors. This crack pattern, observable in the internal (Fig. 4a) and external (Fig. 4b)
elevations of side walls, suggests the activation of out-of-plane failure mechanisms, triggered
by horizontal flexure of the wall, and involving the upper part of the discretized longitudinal
walls between the openings (Fig. 4). The rotation towards the outside occurs around a
horizontal hinge defined by the crack in correspondence of the wooden horizontal
reinforcements of the W01, located at 4.6m above ground level.

(a)

(b)
Figure 3: Deep vertical cracks in the main façade[5]

Diagonal shear cracks caused by the seismic action along the in-plane direction of the
wall nave were observed near the openings, in correspondence with the spandrels.

(b)

(a)

Figure 4: Deep cracks observable in the (a) internal and (b) external elevations of side walls [5]

The influence of the carpentry links (Fig.2a) on the global seismic behavior of the structure is
often neglected. Nevertheless, as demonstrated by the activation of the local failures in the
façade and side walls of the parish, it is essential to analyze these particular behaviors in order
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to reach a complete understanding. Concerning the presbytery wall, the level of connections
obtained through the corner keys at different heights is sufficient to generate restrain with the
longitudinal walls. Nevertheless,localized vertical crushing in the corner occurs due to the
absence of masonry bonds. The fracture lines are in correspondence of longitudinal wall
planes. With respect to the chapel, several local collapses involving the external leaf of the
two-leaf adobe masonry (W03) were observed. Two double-leaf-wall overturning
mechanisms triggered, determining the collapse of the external leaf, with trapezoidal shape in
the upper part of the wall. The low quality of W03 masonry, the absence of good bond, and
the presence of big openings close to the wall corner affected the shape of the macro-element.
Furthermore, the collapse of the corner of sacristy was observed.The timber consolidation
interventions of bell-tower cell and façade gable avoided local collapses and significant
damage, guaranteeing ductility and allowing oscillation without loss of equilibrium. These
traditional strengthening techniques showed high efficacy in avoiding compete loss and
collapses after the several earthquakes that have hit the church.
4

STRUCTURAL ANALYSIS THROUGH LOCAL MECHANISMS

The results described in previous Sections (2 and 3) suggest that preliminary structural
analyses should be focused on the recurring failure mechanisms of the observed macroelements, which have exhibited significant damage during the past earthquakes. With the aim
of assessing the vulnerability levels of identified macro-elements, considering the out-ofplane behavior, linear kinematic analyses (LKA) were conducted according toChilean
Codes[9], [11] and [12]combined with the prevision of the Italian Code NTC2008[13], and
the Guidelines of Cultural Heritage [14]. Firstly, the layout of the mechanisms that are most
likely to be activated in the Parish has been defined for the current state. The results of LKA
(Kinematic multiplier λ0, Participating Mass M*, Mechanism Activation Acceleration𝑎𝑎Ͳ∗ , the
Demand Acceleration at ground and elevated levels) are shown in Table1.
The Parish damage can be interpreted as the activation of the out-of-plane collapse
mechanisms that involved: (i) the main façade; (ii) the side walls of main nave, and (iii) the
walls of the sacristy and chapel.
(i) Concerning the main building, all detected out-of-plane mechanisms are simple
overturning of rigid sub-blocks that actived onthe west and east lateral walls around a
cylinder hinge placed 4.6m off the groud levelconsidering the basic treatment of limited
compressive strength, LWe1, LWe2, LWe3, LWe4, LWe5, and LWw1, LWw2, LWw3,
LWw4, LWw5. All mechanisms are shown in Table1.
(ii) Only in the case of the sacresty walls the triggered mechanisms involved the external
leaf of masonry, which collapsed; these mechanisms are labelled LWw5 LWe6 and
LWe7. The overturning of the external leafof a masonry is one of the weakest
mechanism since the stabilizing action of the weigth can be reduced up to 4 times if
compared to a monolitic block.
(iii)Finally, different mechanism types for the out-of-plane behavior of main façade, FA,
have been considered. In particular, compound overturning with basic treatment of
limited compressive strength (CO-FA), simple overturning with sliding of timber
elements hindered by masonry-to-timber frictional forces (SO-FA)and the compound
overturning with cohesionless Coulomb failure criteria (COC-FA) have been analyzed.
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4.1 Out-of-plane failure assessment through standard limit analysis
After the identification of the layout of the failure modes and the forces involved in the
mechanisms, the kinematic multiplier of the horizontal equivalent forces producing the
activation of the mechanisms, λ, has been determined and shown in Table1. Consequently, the
λ has been converted into acceleration capacity𝑎𝑎Ͳ∗ ǡ ccording to codified procedures[14]
and[15] based on the hypotheses of absence of tensile strength of masonry; absence of sliding
between the interconnected rigid blocks; and limited compressive strength of masonry.
𝜆𝜆

𝑛𝑛
𝑖𝑖ൌͳ 𝑃𝑃𝑖𝑖

∙ 𝛿𝛿𝑥𝑥𝑖𝑖 ൌ 

𝑛𝑛
𝑖𝑖ൌͳ 𝑃𝑃𝑖𝑖

∙ 𝛿𝛿𝑦𝑦𝑖𝑖 ∙ 𝛿𝛿𝑦𝑦𝑖𝑖 Ǣ𝑎𝑎Ͳ∗ ൌ

𝜆𝜆

𝑛𝑛 𝑚𝑚
𝑖𝑖ൌͳ 𝑃𝑃 𝑖𝑖
𝑀𝑀 ∗

Ǣ𝑀𝑀∗ ൌ

𝑛𝑛
ʹ
𝑖𝑖ൌͳ 𝑃𝑃 𝑖𝑖 ∙𝛿𝛿 𝑥𝑥𝑖𝑖 ሻ
𝑛𝑛
ʹ
𝑔𝑔∙ሺ 𝑖𝑖ൌͳ 𝑃𝑃 𝑖𝑖 ∙𝛿𝛿 𝑥𝑥𝑖𝑖 ሻ

ሺ

(1)

where: λ is the kinematic multiplier; Pi is the i-th load; δxi is the virtual horizontal
displacement of the gravity center of the i-th load Pi; δyiis the virtual vertical displacement of
the gravity centers of the i-th load Pi; M*is the participating mass; and𝑎𝑎Ͳ∗ is the acceleration
capacity;.
Table 1: Results of Linear Kinematic Analysis of current state: Kinematic multiplier λ, Participating Mass M*,
Mechanism Activation Acceleration a0*, equ. (2) for the Demand Acceleration (DA) at ground level Dag equ.
(3) for the Demand Acceleration at an elevated level, Dal; and safety index IsIKAevaluated as a0*/ DA.
ID

State Current

M*
[kN]

λi

a0*

DA

2

[m/s ]

[m/s ]

[-]

2

IsIKA

Fa-CO

2286

λ=0.263

1.92

Dag=5.3

0.362

LW1w
LW2w
LW3w
LW4w

328
239
201
212

λ=0.397
λ=0.212
λ=0.362
λ=0.445

3.46
1.99
4.87
4.25

Dag=5.3
Dal=4.1

0.65
0.38
0.92
0.80

Dag=5.3
LW5w

134

λ=0.183

LW1e
LW2e
LW3e
LW4e

235
312
262
268

λ=0.378
λ=0.411
λ=0.384
λ=0.367

3.25
3.7
3.39
4.01

Dag=5.3
Dal=4.1

0.61
0.7
0.64
0.75

LW5e

397

λ=0.334

2.92

Dag=5.3

0.55

LW6e

95.6

λ=0.099

LW7e

47.4

λ=0.242

1251

1.34

0.25
Dal=3.1

Dag=5.3
0.722

1.756

0.14

Dal=3.2

Dag=5.3

0.33

N.C. Palazzi, G. Misseri, L. Rovero, and J.C. de la Llera

For a more realistic simulation in computing the kinematic multiplierλ, the limited
state due to masonry crushing for compressive stress (fm=1.2MPa) has been considered
assuming the inward displacement of the cylinder hinge, t = 0.05 𝑛𝑛𝑖𝑖ൌͳ 𝑊𝑊𝑖𝑖 ሺ𝑓𝑓𝑑𝑑 𝑙𝑙ሻ−ͳ , which
depends on i-th self-weight, Wi, the width of the wall, l, and the design compressive strength,
fd= fm(γM)-1.
The safety conditions require that the structural capacity (𝛼𝛼Ͳ∗ , equ.1) must be equal or
greater than the seismic demand Dag [m/s2], calculated according to the NCh433 Chilean Code
(for soil type D). When the masonry macro-element is placed at the ground level it imposes:
𝑎𝑎Ͳ∗ ≥ ag(PVR)Sq-1=5.3 ms-2

(2)

Thus, Dag depends on ag(PVR), the peak ground acceleration with an exceeding probability of
10% in 50 years; S, the sub-soil factor (here assumed equal to 1); and q, the behavior factor to
account for energy dissipation capacity of the unreiforced masonry structure, equal to 1.5
according to [15]. In the case of the macro-elements placed higher than ground level, a further
check must impose the input demand amplified by the effect of height Dal [m/s2]:
𝑎𝑎Ͳ∗ ≥ Se(T1)Ψ(Z)γ

(3)

It is in dependence on the design spectrum acceleration, Se(T1), with respect to the first
vibration period of the macro-block T1, being T1=0.09 H3/4 (characterizing the adobe
buildings, [16].Finallyψ(z)=Z/H is a function depending on the height from the foundation of
the centroid of the weight forces applied on the rigid bodies, Z, on the total height of the
building from the foundation, H, and on γ=3N/(2N+1), which corresponds to a modal
participation coefficient, depending on N number of floors.
4.2 Out-of-plane failure assessment through non-standard limit analysis
4.2.1 Simple overturning of main façade considering sliding at timber-masonry interface
Kinematic multiplier for the simple overturning of façade has been also calculated
considering that restraining forces at timber-masonry interfacedue to frictional mechanisms
can arise, in case the uppermost ring beam is not well anchored to the masonry. The resistive
friction force,Ft= 2 μ p tR lRdepends on the dimensions ofthe restraining device(Table2), as
proposed in [17].In the expression of Ft,𝜇𝜇𝑡𝑡 is the friction coefficient between timber and earth
masonry; p is the force per unit surface of the slab;𝑡𝑡𝑅𝑅 is the thickness of the longitudinal
timber element, 𝑙𝑙𝑅𝑅 is the unit-length of the reinforcement (ring beam).
Table 2: Simple overturning of main façade (SO-FA) considering sliding at timber-masonry interface
M*

ID

SO-FA

[kN]

1691

𝝀𝝀𝒕𝒕

a0*

DA

[m/s ]

[m/s ]

2

0.167 (μ=0.3)

1.63

0.168 (μ=0.5)

1.64

0.169 (μ=0.6)

1.65

2

IsIKA
[-]

0.308
Dag=5.3

0.31
0.311

According to [18] different values of the wooden-masonry friction coefficient have
been considered, μ=0.3, 0.5 and 0.6, as shown in Table2. It is relevant to note that the
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contribution of the ring-beam is significant when a good anchoring of timber joints exists, i.e.
when the timber end-to-end joints are working well since lR significantly increases and
consequently also λt. The values obtained for λt constitute and upper (unsafe) threshold to the
corresponding value of λ.
4.2.2 Compound overturning of main façade considering the cohesionless Coulomb’s
failure criterion
The crack pattern of the Malloa façade, in which diagonal cracks (inclination of the
crack slopeto the vertical equal to β = 1.052rad ~ 60.25 °) are visible on the orthogonal walls,
denotes a good interlocking among them.The constribution of the timber reinforcement is
considered and slope to the horizontal that fracture forms is identified through the minimum
angleα.The constribution of friction in the analyisis of façade compound overturning is
considered according to [17, 19, and 20] through limit analysis applied to non-standard
materials.An added system of forces [17, 19, and 20] acting in the direction opposed to that of
the earthquake action, and proportional to self-weights and overburden loads through the
friction coefficient has been modelled: ǡʹǡ the horizontal force offered by dry friction and
due to self-weight, which depends on the compression found at each block interface and equal
to 𝐹𝐹ǡ𝑤𝑤ʹ ൌ ሼሾ𝐻𝐻ሺ𝐻𝐻 𝑡𝑡𝑎𝑎𝑛𝑛 𝜃𝜃  𝑡𝑡ሻሿȀʹሽ 𝛾𝛾𝑏𝑏𝜇𝜇; and 𝐹𝐹ǡ𝑝𝑝 , the contribution offered by dry friction due
to overburden loads, and equal to 𝐹𝐹ǡ𝑝𝑝 ൌ 𝑝𝑝𝐻𝐻 𝑡𝑡𝑎𝑎𝑛𝑛 𝜃𝜃 𝑏𝑏𝜇𝜇ǡ where 𝛾𝛾 is the specific weight of
masonry; 𝜇𝜇 is the friction coefficientrelated to masonry; H is the height of the façade macroelement; b is the thickness of the considered wall; 𝜃𝜃 =v/t is the staggering ratio angle with v
overlapping length among two blocks and t block thickness; and p is the force per unit surface
of the slab (Table3).
Table 3: Compound overturning of main façade (COC-FA) considering the cohesionless Coulomb’s failure
criterion with frictional capacity expressed at all bed joints identifying the crack.
M*
[kN]

ID

COC
-FA

2141.8

𝝀𝝀𝒕𝒕−𝝁𝝁

a0*
2
[m/s ]

0.809(μ=0.2)

6.4

0.949(μ=0.3)

7.4

1.032(μ=0.4)

8.1

DA
2
[m/s ]

IsIKA
[-]
1.19

Dag=5.3

1.4
1.52

The inclinations of crack slopes to the horizontal, characterising mechanism layouts
and identified through complementary angles of𝛼𝛼. For 𝜇𝜇= 0.2, 0.3 and 0.4, the
complementary angles of𝛼𝛼 obtained minimizing λt-μ are respectively 1.176rad (≅67°),
0.833rad (≅48°) and 0.670rad (≅38). Considering the case of lower friction coeff (𝜇𝜇= 0.2,)
which already leads to non-conservative values, it can be observed that the mechanism layout
is remarkably close to the staggering mechanism (θ=1.165rad≅67°), showing that the
contribution of friction might be less relevant. This consideration supports the hypothesis that
the resistive forces necessary to understand the actual mechanism are cohesive forces as
investigated in [17].

1253

N.C. Palazzi, G. Misseri, L. Rovero, and J.C. de la Llera

5. CONCLUSIONS
In this paper a preliminary analysis of the seismic performance of a timber-reinforced colonal
church that survived strong earthquakes, the Malloa parish, has been assessed. All OOP
failures, detected during survery activieties following the 2010 Maule earthqueke, were
assessed through standard limit analysis (LKA) considering the basic treatment of limited
compressive strength. Results of LKA for OOP failure of compound façade offered an
unsatisfactory safety assessment, safety index IsIKA=0.362. Regarding the OOP simple
overturning of west and east lateral walls of central nave offered safety indexesbetween
0.33≤IsIKA≤0.92. While, for the overturning mechanisms of external leaf of masonry walls
(LW5w and LW6e), the safety indexes are between 0.14≤IsIKA≤0.25. In this case the collapse
has already occurred during 2010 Maule earthquake.
For a more realistic simulation in computing of the kinematic multiplier, λ, non-standard limit
analyses have been also carried out. Simple overturning of main façade has been also
calculated considering that restraining forces at timber-masonry interface due to frictional
mechanisms can arise, in case the uppermost ring beam is not well anchored to the masonry.
The results show that the contribution of the ring-beam is significant when a good anchoring
of timber joints exists, i.e. when the timber end-to-end joints are working well since lR
significantly increases and consequently also λt. The values obtained for λtconstitute and
upper (unsafe) threshold to the corresponding value of λ.
Moreover, constribution of friction in the analyisis of façade compound overturning is
considered through limit analysis applied to non-standard materials, take into account: the
horizontal force offered by dry friction and proportional to self-weights and overburden loads.
Although offering reasonable mechanism layout (i.e. surveyed) values of the load multiplier
provide a non-conservative estimation of the vulnerability.
Local-level analysis have provieded a reliable assessment of the OOP mechanisms of main
façade, lateral walls and chapels. Results suggest that vulnerability could have been
successfully reduced through punctual intervenctions that make use of traditional retrofitting
technologies based on the use of wood, instead of extensive and invasive solutions somehow
partially incompatible
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Abstract. This paper presents a contribution for the damage assessment of historic masonry
churches exposed to slow-moving landslides. In particular, the authors identified four global
damage mechanisms, which are presented here by means of the critical damage assessment of
four case studies located in the Liguria region (Italy) in areas affected by slow-moving
landslides. For each church, a correlation between the damage patterns observed on-site and
the ground movements induced by landslide phenomena was sought by means of visual
inspections and crack interpretation. As a result, each damage mechanism was associated to a
different pattern of ground movements produced by slow-moving landslides.
1

INTRODUCTION

Historic masonry churches are significant parts of world cultural heritage; thus, their
conservation should be a primary goal for preservation engineers. Although these buildings
may be potentially exposed to a number of natural (i.e. earthquakes, floods, landslides, etc.) and
anthropic hazards (such as subsidence and tunneling), so far only the damage produced by
seismic actions has been systematically investigated. Past and recent earthquakes showed in
fact that historic masonry churches are particularly vulnerable to horizontal actions, which
induce severe damage usually related to the out-of-plane collapse of building portions called
macroelements [2, 3, 4]. In the last decades several studies were devoted to the damage and
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vulnerability assessment of historic masonry churches and led to the identification of their
collapse mechanisms under seismic actions (e.g. [3, 4]).
On the contrary, as described in [1], the response of historic masonry churches to soil
displacements produced by phenomena like subsidence, foundation settlements and landslides
has never been systematically analyzed. In particular, so far, in the literature attention was
mainly paid to investigate the effects of vertical ground movements on single case studies (e.g.
[5, 6]). Conversely, the effects and damages induced to churches by phenomena like landslides,
which produce a combination of both vertical and horizontal soil displacements [7], has not yet
been explored.
With the aim to fill such a gap of information, the authors performed a damage survey
campaign (described in detail in [1]) in 33 historic masonry churches located in the Liguria
region (Italy) in areas affected by slow-moving landslides. Despite these latter are characterized
by movement rates of the order of only some mm/year [8], severe and extensive damage
congruent with the direction of slope movements was observed in several buildings of the
sample, thus proving the vulnerability of historic masonry churches to slow-moving landslides.
Some recurrent types of damage and damage mechanisms induced to churches by slow-moving
landslides were also identified.
This paper presents the four global damage mechanisms identified in [1] by means of the
critical damage assessment of four case studies chosen among the 33 churches considered. For
each church, firstly, the damage pattern detected during on-site inspections was analyzed in
detail and interpreted in terms of damage mechanisms. Then, all available data regarding
landslide movements were collected, analyzed and cross-compared with the damage patterns
observed on-site. In this respect, it is important to highlight that the authors were able to gather
information about state of activity, type and estimated direction of landslide movements, while
almost no information was found about magnitude, rate and dominant component (vertical or
horizontal). These latter types of data can be obtained by means of advanced satellite techniques
(such as the differential SAR interferometry [9]) or inclinometers, the latter providing a profile
of subsurface horizontal deformation. However, in the case of the Liguria region, good-quality
displacement data can hardly be derived from interferometry due the morphological setting of
the territory, which consists primarily of mountainous and hilly areas covered in woods [10].
Furthermore, most of the landslide-affected areas have never been monitored by means of
inclinometers. For these reasons, with the aim of coping with such a lack of information, in this
paper cracks and deformations observed on-site were used as indicators of ground movements.
As a result, the damage patterns corresponding to each damage mechanism could be attributed
to specific soil displacement patterns produced by slow-moving landslides.
2 DAMAGE MECHANISMS
In general, the damage assessment presented in [1] proved that churches respond to slowmoving landslides with a global behavior where the different structural components (walls,
arches, vaults, etc.) contribute jointly to accommodate soil displacements. This behavior is
significantly different from the response by independent macroelements exhibited by churches
under seismic actions.
In particular, the following four global damage mechanisms were identified (Figure 1):
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a. Hogging. This damage mechanism can be attributed to a concave-upward bending
(hogging) of the structure produced by an incremental vertical ground movement in the
direction of the longitudinal axis of the church (Figure 1a). The structure exhibits vertical
cracks in longitudinal walls, repeated in each bay. Such cracks progress over the entire
height of the wall, increasing in width with height, and continue up into arches and
vaults, cutting them transversally. No significant cracks or gaps are observed in the floor.
b. Shear deformation. This damage mechanism can be attributed to a shear deformation
of the structure produced by vertical ground movements along the longitudinal axis of
the church (Figure 1b). Severe diagonal cracks propagating from the level of the ground
are observed in longitudinal walls. A crack/gap in the floor can propagate between the
cracks occurring in the opposite longitudinal walls.
c. Global rigid rotation. This mechanism is related to an incremental vertical ground
movement along the transversal axis of the church (Figure 1c). Along this direction, the
church is quite stiff and tends to rotate as a rigid body. There may be cracks, but the
most relevant effects are (i) the out-of-plumb of longitudinal walls, (ii) the distortion of
transverse arches, and (iii) the inclination of horizontal elements such as tie-rods,
balustrades, steps and floors.
d. Extension. This mechanism is related to the horizontal component of landslide
movement (Figure 1d). In this case, the structure exhibits multiple parallel diagonal
cracks in vaults and floors, oriented in the same direction. In addition, severe vertical
cracks occur in walls in planes perpendicular to the landslide direction. It is observed
that these cracks propagate from the level of the ground and cut the structure over its
entire height from floor to vaults, thus indicating that the church suffered extension in
the direction of the acting landslide.

Figure 1: Global damage mechanisms identified in [1]: a) Hogging, b) Shear deformation, c) Global rigid
rotation, d) Extension.

It should be highlighted that various combinations of these mechanisms may occur in churches
according to (i) the magnitude of vertical and horizontal soil displacements, (ii) the direction of
the landslide movement with respect to the church axes, and (iii) the church geometry and
structural configuration. Concerning this last point, it is worth noting that, given the same
ground movement (an incremental vertical ground movement in the longitudinal direction of
the church (Figure 1a-b), the occurrence of mechanism a) or b) may depend on the length/height
ratio of longitudinal walls: mechanism a) prevails for high ratio (slender walls), mechanisms b)
prevails for low ratio (squat walls).
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2 CASE STUDIES
This section presents the analysis of the four case studies under consideration, namely (i)
San Martino church in Cembrano, (ii) San Bernardo da Mentone church in Ascona, (iii) San
Lorenzo church in Sorbolo, and (iv) Santa Margherita church in Diano Arentino. These
churches are representative examples, respectively, of the hogging, shear deformation, global
rigid rotation, and extension mechanism. In the case of San Martino church in Cembrano, a
combination between the hogging and extension mechanism was found.
For each church, this section provides a brief description of the main historical, geometric
and constructive features as well as a detailed description of the crack patterns and deformations
observed on-site. All the collected information about landslides movements as well as
morphological setting of the soil are also reported. The data regarding landslide type, state of
activity and estimated direction were derived from (i) the landslide maps of the basins plans of
the Liguria region [11] [12], (ii) the Atlante dei Centri Abitati Instabili della Liguria (hereafter
called Atlante [13]), and (iii) the maps of the Geoportale Nazionale (National Geo-portal) [14].
The contour curves of the slope were also considered in order to estimate landslide direction.
Regarding landslide state of activity (active or dormant), it is important to point out that it is
not relevant for the purposes of this work. Indeed, landslides that are currently classified as
dormant were necessarily active at a certain point of their evolution over time. Thus, they could
have caused the damage observed in the churches investigated.
With the aim of obtaining information about magnitude, rate and dominant component of
landslide movement, by using the Geoportale Nazionale [14] the authors verified (i) the
availability of SAR data and (ii) the presence of inclinometers installed within the framework
of the REMOVER monitoring project of the Liguria region. However, regarding SAR data,
quantitative displacement data useful for the purposes of this work could not be obtained.
Indeed, the churches under consideration are located in hilly and scarcely urbanized areas
characterized by low distributions of targeted ground points (used by satellites to acquire
interferometric data) [10]. Furthermore, the information necessary to decompose into vertical
and horizontal displacements the components of motion registered by the satellite along the
slope is not available. As for inclinometers, only in the case of San Martino church in
Cembrano, the landslide-affected area surrounding the church has been monitored by means of
inclinometers.
3.1 San Martino church in Cembrano
San Martino church is located in Cembrano in the municipality of Maissana (La Spezia
province). The first documented information regarding the existence of Cembrano parish dates
back to 1236; however, the exact date of construction of the church is unknown. In the
nineteenth century some structural changes were performed: in particular, the left nave was
added, and the original bell-tower was demolished and rebuilt. The masonry church, which is
about 29 m and 14 m wide, consists of three naves with presbytery and semicircular apse. A
triumphal arch separates the central nave from the presbytery. The central nave is covered by
barrel vaults with lunettes, while the lateral naves present cross vaults and the presbytery is
covered by a barrel vault. All the vaults are made of brick masonry.
The village of Cembrano as well as the church under consideration are located in a plan area
surrounded by three dormant landslides (indicated as landslide LD1, LD2 and LD3 in Figure
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2a). In particular, the church is located at a distance of 68 m, 39 m and 125 m from landslides
LD1, LD2 and LD3, respectively. Landslide LD3 was not considered for the purpose of this
work since it is believed that it cannot affect the church due to its direction and distance from
the building.

a)
b)
Figure 2: San Martino church in Cembrano: a) position of the church and inclinometers on landslide maps, b)
damage pattern.

Between 2010 and 2016 the landslides LD1 and LD2, which are classified as slow-earth
flows, were monitored by a system of inclinometers installed in the area within the framework
of the REMOVER monitoring project (Figure 2a). Inclinometer S1, which is located next to the
church, proved the absence of active landslides in the surrounding area. Indeed, negligible
values of horizontal displacements were recorded. Conversely, inclinometers S4 and S5
indicated the occurrence of mass movements. In particular, inclinometer S4, located along the
east flank of landslide LD2, recorded a displacement of about 6 mm in 6 year in the south-east
direction, while inclinometer S5, located on the highest part of the main scarp of landslide LD2,
registered a displacement of about 56 mm in 6 year in the south direction.
The crack pattern surveyed in San Martino church is reported in Figure 2b. Extensive and
severe damage is observed throughout the building. Significant cracks are present in the
longitudinal walls in the middle of each bay (Figure 3a). In the first two bays behind the façade
cracks are vertical, while in the third bay they exhibit a diagonal orientation up to the window
and then they become vertical. These cracks progress along almost the entire height of the wall,
increasing in width with height, and continue up into the arches and vaults above, cutting them
transversally (Figure 3b). Conversely, no continuity is observed with the gaps of the floor. Since
cracks propagate downwards with descending closure, such a crack pattern (colored in red in
Figure 2b) can be associated with tensile stresses occurring in the upper walls due a concaveupward bending (hogging) of the structure along the longitudinal axis of the church. Such a
hogging mechanism is consequence of incremental vertical ground movements in the
longitudinal direction of the building. Since landslide LD1 moves in this direction, it is
reasonable to assume that this one caused the observed hogging mechanism and corresponding
crack pattern.
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Figure 3: Damage observed in San Martino church in Cembrano: a) vertical cracks in the longitudinal walls, b)
cracks continuing up into arches and vaults, c) parallel oblique gaps in the floor.

In addition to the damage pattern described above, the presence of three parallel gaps (i.e.
separations developing at the joints among tiles [1]) cutting diagonally the entire floor is
observed (Figure 3c). Gap width ranges from 3 mm to 10 mm, for a total of 24 mm along the
entire length of the naves. Diagonal cracks are also observed in some vaults of the central and
left nave, oriented in the same direction as the gaps of the floor. One of these cracks also
continues into the barrel vault of the presbytery at mid-span. The horizontal separation among
tiles, amounting in total to 24 mm, suggests that the church was subjected to a horizontal
movement in the direction perpendicular to the gaps of floors (and cracks of vaults). As shown
in Figure 2b, the latter corresponds to the direction of movement of landslide LD2.
Consequently, the crack pattern shown in blue in Figure 2b can be associated to an extension
mechanism produced by landslide LD2. It is important to highlight that this outcome does not
conflict with the negligible values of horizontal displacements recorded by inclinometer S1
between 2010 and 2016. Indeed, the landslide was monitored for a very short time compared to
the history of church. Furthermore, it is known that the cracks currently visible can be dated
back at least to 2012, thus they probably occurred before the monitoring system was installed.
On the other hand, the significant horizontal displacements measured by inclinometer S5
indicates that landslide LD2 is characterized by a significant component of horizontal
movement, which is congruent with the crack pattern observed in the church.
3.2 San Bernardo da Mentone church in Ascona
San Bernardo da Mentone church is located in Ascona village in the municipality of Santo
Stefano d’Aveto (Genova province). Built between 1827 and 1837, the church is the only
building in the surroundings with a Greek cross plan. The church, which is 19 m long and 15
m wide, consists of a single nave with presbytery and semicircular apse. The bell-tower and the
canonical house are placed against the presbytery on the left and right side, respectively. The
nave is covered by a central sail vault surrounded by 4 lateral barrel vaults with lunettes. The
presbytery is covered by a barrel vault with lunettes, while the apse presents an umbrella vault.
San Bernardo da Mentone church is located in a steep area characterized by an average slope
angle of 20°. In particular, the church is situated along the right flank (as viewed from the
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crown) of an active landslide classified as complex (Figure 4a). As shown in Figure 4b, the
direction of the landslide movement is parallel to the longitudinal axis of the church.

a)
b)
Figure 4: San Bernardo da Mentone church in Ascona: a) position on landslide maps, b) damage pattern.

The crack pattern observed in San Bernardo da Mentone church is depicted in Figure 4b.
Both longitudinal walls present large diagonal cracks extending from the ground level and
propagating upwards towards the façade (Figure 5a). A large gap crosses transversally the entire
floor at the intersection between nave and presbytery (Figure 5b). It is observed that this gap
propagates between the cracks of the longitudinal walls. A series of parallel oblique cracks is
also detected in the floor (Figure 5c). Furthermore, minor cracks can be observed in the walls
and vaults of the canonical house.

Figure 5: Damage observed in San Bernardo da Mentone church in Ascona: a) diagonal cracks in longitudinal
walls, b) large gap/crack in the floor, c) parallel oblique cracks in the floor.

The diagonal cracks occurring in the longitudinal walls at both sides of the church suggest
that the building suffered a shear deformation due to differential vertical ground movements in
the direction of the longitudinal axis of the church. On the other hand, the large separation
among tiles present in the floor at the intersection between nave and presbytery indicates the
presence of horizontal displacements. Since both components of ground movements are
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present, it can be assumed that the damage observed in the building was produced by the
landslide acting in the area. In this respect, it can also be observed that the crack pattern is
congruent with landslide direction since cracks occur in planes orthogonal to the slope
movement. It is important to point out that the significant slope of the area where the church is
located can contribute to the presence of both vertical and horizontal soil displacements of
significant magnitude.
The crack pattern observed in the church also suggests the presence of a separation between
the nave and the presbytery. This can be associated either to a different response of the two
parts of the building to soil displacements or to the presence of soil discontinuities, which can
produce localized differential ground movements when triggered by landslide phenomena.
3.3 San Lorenzo church in Sorbolo
San Lorenzo church is located in the village of Sorbolo in the municipality of Follo (La
Spezia province). The construction of the church dates back to the end of the seventeenth
century. The church, which is 25 m long and 9 m wide, consists of a single nave, terminating
in an almost squared apse, and a sacristy. The access to the sacristy is possible through a corridor
connected to the apse area. A bell-tower is located on the left side of the façade. The nave is
covered by a barrel vault with lunettes, while the apse presents an umbrella vault. The sacristy
and the corridor are covered by a pavilion vault and a barrel vault, respectively. In the last
decades the church was subjected to some structural interventions aimed to strengthen the
foundations (i.e. micropiles along the external walls) and repair the significant damage
produced by slope movements and worsened by floods. The floor was also refurbished.
San Lorenzo church is located on a steep slope characterized by an average slope angle of
24°. In particular, the church stands on a terrace bounded to the east by a retaining wall. As
shown in Figure 6a, the area where the church is located is characterized by a high level of
landslide susceptibility [11] and is affected by the presence of a rotational and translational
dormant landslide. As shown in Figure 6b, the estimated landslide direction is almost
perpendicular to the longitudinal axis of the church.

b)
a)
Figure 6: San Lorenzo church in Sorbolo: a) position on landslide maps, b) damage pattern.
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The crack survey of San Lorenzo church is depicted in Figure 6b. It is important to point out
that the authors reported the damage currently visible in walls and vaults, while the damage of
floor, which was refurbished, was reconstructed thanks to some pictures dating back to 1994.
The floor presented extensive damage in the form of gaps among tiles and sinking. In particular,
close to the right longitudinal wall, the floor was affected by a saw-tooth gap extending
longitudinally over almost the entire length of the nave and presbytery (Figure 7a). In that area,
a significant sinking of the floor could also be observed. Furthermore, multiple parallel oblique
gaps accompanied by sinking were noticed in the floor of the first bay behind the façade.
Damage of walls is localized in the sacristy, which exhibits two large cracks in the north
external wall. Regarding vaults, only few minor open cracks can be observed in both the nave
and sacristy.

Figure 7: Damage observed in San Lorenzo church in Sorbolo: a) saw-tooth longitudinal gap and sinking, b)
out-of-plumbness of longitudinal walls, c) distortion of transverse arches and loss of horizontality of tie-rods.

The most significant damage observed in the church are large deformations. Indeed, the
building experienced a global rigid rotation downhill along its transverse axis. This can be
easily seen from the presence of out-of-plumbness of the both longitudinal walls in the same
direction (Figure 7b), distortion of transverse arches (Figure 7c) and loss of horizontality of tierods (Figure 7c). These deformations as well as the sinking of the floor on the downstream side
of the church suggest that the building was subjected to incremental vertical ground movements
in the direction of the transverse axis of the church. Such movements can be reasonably
attributed to the landslide acting in the area since the latter is oriented parallel to the transverse
axis of the building. Furthermore, such a global mechanism affecting the whole church can
hardly be attributed to local subsidence or foundation settlements, which usually produce more
localized damage in historical structures. Conversely, slow-moving landslides are associated to
large mass movements that can affect the church in its entirety.
Finally, the horizontal separation between tiles observed in the floor indicates that there is
also a component of horizontal movement, which is always present in the case of a landslide.
3.4 Santa Margherita church in Diano Arentino
Santa Margherita church is located in the municipality of Diano Arentino (Imperia province).
The church is currently closed since it was declared not usable due to the severe damage
exhibited. The church was built in the fifteenth century above the remains of a pre-existing
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church. Several structural changes were performed over the centuries: in particular, the two
lateral domes, the pronaos and the right bell-tower were added later. The church is 30 m large
and 17 m wide. The plan consists of three naves with lateral chapels, presbytery, semicircular
apse and two sacristies. The façade has a pronaos consisting of a giant colonnade and two corner
towers. The central nave and lateral naves are covered by cross vaults; the transept presents
three octagonal domes; the apse is covered by an umbrella vault and the sacristies present wattle
pavilion vaults.
Santa Margherita church is located on slope characterized by an average slope angle of 17°.
The church is situated on a large active rotational and translational landslide with an area of
23.4 hectares (Figure 8a). From the maps of the Atlante [13], it can be observed that in the
surroundings of the church the landslide direction is almost perpendicular to the longitudinal
axis of the church (Figure 8b).

b)
a)
Figure 8: Santa Margherita church in Diano Arentino: a) position on landslide maps, b) damage pattern.

The crack pattern of Santa Margherita church is reported in Figure 8b. The church exhibits
extensive and severe damage. The floor presents a series of parallel oblique gaps affecting both
the central nave and the lateral naves. Such gaps are very large, reaching a width of some
centimeters (Figure 9a). Moderate to severe damage can be observed throughout the vaults. In
particular, the vaults of the central nave, lateral naves, sacristies, apse as well as the right lateral
dome of the transept exhibit diagonal shear cracks (Figure 9b), all oriented in the same direction
and parallel to the gaps of the floor (Figure 8b). Cracks are also visible in the transverse arches
at mid-span. Severe vertical cracks can be observed in the lateral walls as well as in left side of
the façade wall. These cracks progress upwards from the level of the ground and cut the
structure over its entire height, continuing up into vaults (Figure 9c).
Comparing the crack pattern surveyed with landslide direction, it can be observed that vaults
and floor present cracks oriented almost perpendicular to the direction of the slope movement
(a certain discrepancy is obviously acceptable since the landslide direction indicated in the maps
is approximate). Similarly, the cracks in the walls occur in planes perpendicular to the landslide
direction. The congruence between damage pattern and landslide direction leads to the
conclusion that the slow-moving landslide acting in the area is the cause of the damage
experienced by the church.
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Figure 9: Damage observed in Santa Margherita church in Diano Arentino: a) large gap in the floor, b) diagonal
shear cracks of vaults, c) vertical crack progressing over the entire height of the wall from floor to vaults.

Although no information is available regarding the magnitude of the vertical and horizontal
components of movement produced by the landslide, the damage pattern observed in the church
suggests the presence of a significant component of horizontal displacement. Indeed, the large
gaps observed in the floor clearly indicate that tiles moved apart in the horizontal direction.
Furthermore, the presence of cracks cutting the structure over the entire height, from floor to
vaults, suggests that the church experienced an extension in the landslide direction. The
presence of a significant component of horizontal movement again confirms that the damage
observed in the church was induced by a landslide. Indeed, phenomena like subsidence or
foundation settlements only produce vertical ground movements.
4 CONCLUSIONS
This paper discusses the damage mechanisms identified by the authors in historic masonry
churches exposed to slow-moving landslide phenomena. Four case studies located in the
Liguria region (Italy) in slow-moving landslides-affected areas were investigated. In particular,
the damage patterns observed on-site were interpreted in terms of global damage mechanisms
and were then correlated with the available information regarding landslide movements. The
aim was to demonstrate how each damage mechanism and corresponding damage pattern can
be attributed to a specific soil displacement pattern. To this end, firstly the authors assessed the
congruence of the damage patterns with estimate landslide direction. This was the first step to
attribute the damage observed in the churches to landslide phenomena. Then, cracks and
deformations were used to identify the dominant component (horizontal or vertical) of landslide
movement. This was necessary since such information was not available from advanced
satellite techniques or inclinometers. In particular, the cracks of the floors were found to be
good indicators of ground movements. Indeed, sinking and large separations among tiles clearly
indicate the presence of vertical and horizontal soil displacements, respectively. As a result, for
each of the four churches investigated, it was possible to attribute the damage mechanism to
primarily vertical or horizontal ground movements along one of the main axes of the church. In
the case of San Martino church in Cembrano, it was interesting to observe how the presence of
two landslides acting in different directions in the surrounding area produced a combination of
two different damage mechanisms.
In conclusion, this paper provides a first interpretation in terms of global damage
mechanisms of the crack patterns and deformations induced to historic masonry churches by
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slow-moving landslides. Future works should include structural analysis to support and verify
the assumptions regarding soil displacement patterns made on the basis of visual inspections
and crack interpretation.
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Abstract. Soil movement may be induced by a wide variety of natural and anthropogenic
causes, which are detectable in the local scale, but may influence the movement of the soil
over vast geographical expanses. Space borne interferometric synthetic aperture radar
(InSAR) measurements of ground movement provide a method for the remote sensing of soil
settlement and uplift over wide geographic areas. Based on this settlement and uplift
evaluation, the assessment of the potential damage to architectural heritage structures is
possible. In this paper an interdisciplinary monitoring and analysis method is presented
that processes satellite, cadastral, patrimonial and building geometry data, used for the
calculation of settlement and uplift damage to architectural heritage structures in Belgium. It
uses processed InSAR data for the determination of the soil movement profile around each
case study, of which the typology is determined from patrimonial information databases
and the geometry is calculated from digital elevation models. The impact on the historic
structures is calculated from the determined soil movement profile based on various soilstructure interaction models for buildings. The
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resulting damage is presented in terms of a numerical index illustrating its severity according
to different criteria. In this way the potential soil movement damage is quantified in a large
number of buildings in an easily interpretable and user-friendly fashion. The processing of
InSAR data collected over the previous 3 decades allows the determination of the progress of
settlement- and uplift-induced damage in this time period. With the integration of newly
acquired and more accurate data, the methodology will continue to produce results in the
coming years, both for the evaluation of soil settlement and uplift in Belgium as for
introducing related damage risk data for existing architectural heritage buildings. Results of
the analysis chain are presented in terms of potential current damage for selected areas and
buildings.
1

INTRODUCTION

The investigation of the response of building structures to soil subsidence and uplift is
of great importance [1]. Historic buildings, which are often inherently lacking in ductility and
left without effective maintenance, are especially vulnerable to damage induced by soil
movement. It is therefore critical to develop analysis techniques specifically for existing
and historic structures.
In the study of individual structures, it is possible to adopt finite element modelling for
the analysis of the structure, since computational cost is not a critical issue [2]. Analysis of
larger numbers of buildings over a wider area require the adoption of different strategies
for the determination of the loading and the analysis of the buildings [3]. When dealing with
country-scale assessment, a level which can affect decision-making and strategy at higher
administrative echelons, a different approach needs to be adopted for analysis and result
presentation. Space-borne Synthetic Aperture Interferometry (InSAR) methods are a
powerful tool for the determination of soil subsidence and uplift profiles [4]. Such
methods can be used for the analysis of anything from a single building or small
clusters of buildings to entire cities. Application in soil-structure interaction thus far has
been mostly limited to the analysis over relatively limited geographic areas [5].
Major difficulties arise in attempting to determine soil movement profiles for
individual buildings using InSAR over wide geographic areas. Data point density may be too
low for the accurate determination of the soil movement in the area of a particular building.
Therefore, the calculation of soil movement intensity parameters commonly used in analytical
models [6] may be problematic.
This paper presents a method for the country-scale analysis of buildings subjected to
soil subsidence- and uplift-induced damage over an extended time-period. The method
consists in country-scale processing of InSAR data, the processing of patrimonial and
cadastral data, the calculation of soil movement intensity parameters from limited data and
the calculation of damage potentially induced over the investigated period. The method is
applied in the entirety of Belgium, involving thousands of architectural heritage buildings.
2

SATELLITE DATA ACQUISITION

2.1 Data Acquisition
Ground displacement, such as subsidence, uplift and horizontal movement can be calculated
using InSAR. These methods rely on the measurement of distance change between emission
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antennas and points on the ground between successive satellite passages. This distance is
calculated through the phase difference of the signal emitted by the antenna, reflected on the
point on the ground and finally received by the antenna.
The reflection points on the ground are called Persistent Scatterers (PS) and are characterized
by high amplitude of reflection and good temporal [7] and spatial [8] correlation. These points
are often located on buildings or other human-made constructions (e.g. at the roofs of buildings)
and provide info on the vertical velocity at which a point is subsiding or uplifting.
2.2 Data Processing
PS data is processed using the StaMPS processing chain [9]. PS data collected over 26 years
is used in this study, covering the period 1992-2018. This data was collected by three satellites
covering the entirety of Belgium at different time periods: ERS 1/2, EnviSAT and Sentinel 1.
The number of PS identified for each time period varies, but an average of 800 PS/Km2 was
attained in urban areas where the largest number of potential reflectors is located. For the
construction of ground movement velocity fields over the area of Belgium, the PS velocity data
is interpolated through inverse distance weighing with a grid spacing of 10 m.
3

BUILDING DATA

3.1 Identification of Analysis Cases
The buildings to be analysed are identified through data mined from the patrimonial
databases of the three federal regions of Belgium: Brussels, Flanders and Wallonia. These
databases contain basic information on the age, typology and function of every registered
object. Several database entries refer to objects which cannot be considered buildings or that
are not affected by soil movement. These entries include natural objects, parks and sculptures
or public art. Through analysis of this data it is possible to isolate entries which should be
considered for analysis.
Different typologies feature different capacity for deformation under induced ground
movement. Bare frames are more ductile than infilled frames, which are in turn more ductile
than masonry buildings. Data extracted from the databases allows the allocation of each
building to one of these three types.
Overall, 269194 analysis cases were identified for Belgium, corresponding to roughly 70% of
all patrimonial database entries.
3.2 Building Polygons
Through cross-processing of the patrimonial and cadastral databases of Belgium, the plan of
each building was determined, represented by a polygon on the surface of the ground. The
height of every building was calculated from subtraction of the digital terrain model from the
digital surface model of the country.
In the study of soil-structure interaction, the movement of soil within a certain distance of a
building can induce deformation on the superstructure. In order to consider this effect, an area
of influence for each polygon was calculated, consisting in an outward offset of 10 m. The PS
and interpolated grid values which fall within the area of interest are considered for the
calculation of potential damage in each analysis case. Due to the grid spacing of 10 m, every
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analysis case is guaranteed to include several grid velocity data points. This is critical for
damage calculation due to soil subsidence and uplift, which is a function of the ground
deformation gradient in an area rather than simply its magnitude.
4

SOIL DEFORMATION PROFILE

4.1 Calculation of Soil Deformation Surface
Country-scale processing of InSAR data results in a low density of PS due to processing
power limitations. Therefore, it is not generally possible to extract detailed soil deformation
profiles from the InSAR data available. In order to overcome this problem, an approach capable
of calculating a simplified soil deformation profile from limited data is presented here.
A minimum of three data points in 𝑅𝑅 3 space is required for the calculation of a threedimensional linear surface 𝑓𝑓. By assuming that the dip direction of the surface coincides with
the direction of the vector connecting two points, then only these two points are required for
the calculation of the surface. In the present context, each point is defined by two geographic
coordinates and a value of vertical displacement. These points are provided by the PS or
interpolated grid data. Based on these parameters, a surface of the type:
𝑓𝑓(𝑥𝑥, 𝑦𝑦) = 𝑎𝑎 + 𝑏𝑏𝑏𝑏 + 𝑐𝑐𝑐𝑐

(1)

where (𝑥𝑥, 𝑦𝑦) are geographical coordinates and 𝑓𝑓 is the vertical displacement, can be calculated
from two points. This simple surface allows the calculation of the vertical displacement at every
coordinate pair. When more than two data points are available, the surface 𝑓𝑓 is calculated from
the pair of points that yields the maximum tilt 𝜔𝜔. Tilt is defined as the ratio of relative vertical
distance 𝑠𝑠 to horizontal distance 𝑑𝑑:
𝜔𝜔 =

𝑠𝑠
𝑑𝑑

(2)

This calculation is executed for each of the building polygons of the analysis cases. The
combination of the 10 m interpolation grid with the assumption of the dip direction of 𝑓𝑓 ensures
that 𝑓𝑓 can be calculated for every analysis case regardless of PS density in the area of the
polygon.
Considering the maximum tilt for the analysis is a conservative assumption. However, this
assumption is supported by two facts: a) the number of PS per building polygon is low, even in
urban areas where there is an abundance of reflectors, b) the maximum tilt approach can assist
in highlighting local effects near the individual buildings which might otherwise be smeared
out in a country-scale evaluation of InSAR data.
4.2 Calculation of Building Polygon Loading
By substituting the coordinates of the vertices of each building polygon to function 𝑓𝑓 it is
possible to determine the vertical movement each vertex. Since PS data provides info on the
vertical velocity, the vertical displacement is calculated by multiplication of the velocity with
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the length of time of the investigated period.
By substituting the relative vertical displacement values 𝑠𝑠 for the vertices of each polygon edge
to eq. (2) and dividing by the length 𝑑𝑑 of the edge, the tilt 𝜔𝜔 for every edge is calculated. It is
thus possible to calculate the damage at different parts of the structure according to the direction
of tilting in the area near each building.
5

DAMAGE MODELLING

Each structure considered for analysis was placed in one of three categories depending on
structural typology: a) masonry, b) infilled frame and c) bare frame structures. These typologies
generally present very different sensitivity to soil movement, with masonry being the most
sensitive and bare frames being the least sensitive to subsidence and uplift.
For the calculation of potential damage of the buildings, an approach of limits on the tilt is
adopted. In this approach, the tilt of all the edges in every polygon is calculated according to
eq. (2). The maximum tilt among the edges of the polygon is translated to a damage index 𝐼𝐼 in
the range of [0,3]. Based on this damage index, four damage levels are considered: a) null to
negligible for 𝐼𝐼 ∈ [0, 1), b) slight to light for 𝐼𝐼 ∈ [1, 2), c) moderate to severe for 𝐼𝐼 ∈ [2, 3) and
d) very severe for 𝐼𝐼 = 3. These damage levels correspond to indicative crack widths [10] as
presented in Table 1.
Table 1: Correspondance between damage index, damage level and crack width in masonry strutures.

Damage index Damage class Crack width (𝑚𝑚𝑚𝑚)
0.5
Negligible
0.0 – 0.1
1.0
Slight
0.1 – 1.0
1.5
Light
1.0 – 5.0
2.0
Moderate
5.0 – 15.0
2.5
Severe
15.0 – 25.0
3.0
Very severe
>25.0

Based on the tilt limits proposed by Fischer [11], the damage index 𝐼𝐼 in masonry or infilled
frames as a function of the tilt 𝜔𝜔 is:
𝜔𝜔 − 0.000
) 𝑖𝑖𝑖𝑖
0.001 − 0.000
𝜔𝜔 − 0.001
0.75 (1 +
) 𝑖𝑖𝑖𝑖
0.002 − 0.001
𝜔𝜔 − 0.002
𝐼𝐼(𝜔𝜔) =
) 𝑖𝑖𝑖𝑖
0.75 (2 +
0.003 − 0.002
𝜔𝜔 − 0.003
) 𝑖𝑖𝑖𝑖
0.75 (3 +
0.005 − 0.003
3
𝑖𝑖𝑖𝑖
{
0.75 (0 +

0.000 ≤ 𝜔𝜔 ≤ 0.001

0.001 ≤ 𝜔𝜔 ≤ 0.002
0.002 ≤ 𝜔𝜔 ≤ 0.003

(3)

0.003 ≤ 𝜔𝜔 ≤ 0.005
0.005 ≤ 𝜔𝜔

Considering the relatively higher ductility of bare frames compared to masonry or infilled
frames [12], the damage index 𝐼𝐼 for bare frames reads:
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𝜔𝜔 − 0.000
) 𝑖𝑖𝑖𝑖
0.002 − 0.000
𝜔𝜔 − 0.002
0.75 (1 +
) 𝑖𝑖𝑖𝑖
0.004 − 0.002
𝜔𝜔 − 0.004
𝐼𝐼(𝜔𝜔) =
) 𝑖𝑖𝑖𝑖
0.75 (2 +
0.006 − 0.004
𝜔𝜔 − 0.006
) 𝑖𝑖𝑖𝑖
0.75 (3 +
0.010 − 0.006
3
𝑖𝑖𝑖𝑖
{
0.75 (0 +

0.000 ≤ 𝜔𝜔 ≤ 0.002

0.002 ≤ 𝜔𝜔 ≤ 0.004
0.004 ≤ 𝜔𝜔 ≤ 0.006

(4)

0.006 ≤ 𝜔𝜔 ≤ 0.010
0.010 ≤ 𝜔𝜔

It is assumed, as shown in eq. (3), that infilled frames present the same sensitivity to subsidence
and uplift as masonry structures. This assumption is supported by the fact that masonry infills
are the most sensitive part of infilled frames and the location where the majority of damage in
infilled frame buildings subjected to soil-movement develops. The curves of eq. (3) and (4) are
plotted in Figure 1.

Figure 1: Damage models for tilt 𝜔𝜔 vs. damage index 𝐼𝐼.

The damage calculation is performed by accumulating the tilt that occurs during the different
measurement periods. The model cannot consider damage that occurred before the beginning
of the measurement in 1992. However, when manually working on individual cases, an initial
damage index can be introduced, the calculation further increasing the damage index from
accumulated tilt due to soil subsidence and uplift.
For the validation of the damage model, the building cases summarized by Namazi and
Mohamad are used [13]. The building typology has been reported, along with a qualitative
description of the damage reported. Only the cases where the tilt was directly reported were
considered in this validation, amounting to 10 cases. The considered cases and the analysis
results are presented in Table 2. The comparison of the reported with the predicted damage
reveals that the employed damage model results in a generally accurate qualitative prediction
of the damage. A small underestimation of the predicted damage is obtained in 2 cases with
reported severe damage and a small overestimation is obtained in one case with moderate
reported damage.
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Table 2: Validation of damage model based on case studies from literature: comparison of reported with
predicted damage levels. Accurate damage prediction highlighted in green, overestimation in blue and
underestimation in red.

No.
1
2
3
4
5
6
7
8
9
10

6

Ref.
[15]
[16]
[16]
[17]
[17]
[18]
[19]
[22]
[23]
[24]

Building type
RC
RC
Masonry
Masonry
Masonry
RC
Masonry
Masonry
Masonry
RC

Reported damage
Severe
Negligible
Very severe
Very slight
Slight
Negligible
Slight
Moderate
Very severe
Slight

𝜔𝜔
1/361
1/900
1/240
1/520
1/3330
1/8333
1/388
1/225
1/278
1/435

𝐼𝐼(𝜔𝜔)
2.078
0.833
2.688
1.442
0.225
0.090
1.933
2.792
2.474
1.724

Predicted damage
Moderate
Slight
Severe
Slight
Negligible
Negligible
Light
Severe
Moderate
Light

ANALYSIS RESULTS

6.1 Potential Damage Calculation
The results of the analysis for the entirety of Belgium are plotted in Figure 2. The figure
shows the number of buildings for each damage level at the end of the measurement period.
The results are presented separately for each federal region and in the totals for the country.
Overall, thousands of buildings are identified as reaching or exceeding a damage index 𝐼𝐼 of 0.5,
which corresponds to negligible damage. While not detrimental to the structural safety of
structures, distributed cracking of this type can affect durability. The number of buildings with
a damage index 𝐼𝐼 of 1.0, indicating slight damage, is in the several hundreds.
There is a foreseen drop in the number of buildings with potential light and moderate damage
compared to the buildings with slight or negligible damage. However, there is a noticeable
increase in the number of buildings with severe to very severe damage in all regions except
Flanders, compared to the number of lightly to moderately damaged buildings. This is a possible
effect of the conservative adoption of the maximum tilt curve 𝑓𝑓. This effect is more pronounced
in Brussels, which is characterised by high-density InSAR data.
The majority of buildings with potential damage are located in Flanders, which also features
the most populated patrimonial database. The number of potentially damaged buildings in
Wallonia is low, yet in percentage compared to the total number of listed buildings, results are
comparable among the three regions.
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Figure 2: Potential damage analysis results for Belgium.

6.2 Verification and Evaluation of Analysis Results
The verification of the analysis results is accomplished through a sample inspection of
selected buildings. Sixteen buildings were identified in the region of Limburg (Flanders) for
inspection. The results of the analysis are summarised in Table 3.
Table 3: Potential damage prediction results for selected case studies.

No.
1
2
3
4
5
6
7
8

Case type
City
Building type
residential building block
Hasselt
Masonry
large school building
Hasselt
Masonry
public building (court house)
Hasselt
Masonry
public building (government)
Hasselt
Masonry
town house
Hasselt
Masonry
church and monastery
Hasselt
Masonry
hospital and monastery
Hasselt
Masonry
industrial heritage (mining
Genk
Masonry + RC
concession)
9
public building (swimming pool)
Genk
RC
10
church
Meeuwen
Masonry
11
industrial heritage (mining
Koersel
RC
concession)
12
industrial heritage (mining
Koersel
RC
concession)
13
church with cemetery
Donk
Masonry
14
town house
Leuven
Masonry
15
workers’ housing
Leuven
Masonry
16
coupled town houses
Leuven
Masonry
*
Undergone structural renovation during measurement period

𝐼𝐼(𝜔𝜔)
0.19
0.12
0.32
0.08
0.07
0.38
0.24
0.15

Inspection
Negligible
Negligible
Slight
Slight
Slight
Slight
Negligible
Moderate

0.08
0.21
0.17

Negligible
Light
Negligible

0.17

Negligible

0.05
3.00
3.00
2.48

Negligible
Severe*
Severe
Moderate*

Despite having higher registered tilt values than other buildings in the immediate vicinity, the
calculated potential damage was mostly negligible. Site inspection revealed no apparent
damage for half of these structures. The other half presented slight to moderate damage, which,
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according to the inspection, was sustained and repaired before the measurement period.
Therefore, the analysis results are considered to be in agreement with or more conservative than
the site findings. Further, three buildings were singled-out for inspection in the city of Leuven.
According to the analysis results, the potential damage in one of the buildings is moderate,
while in the remaining two the potential damage is severe. One of the structures with predicted
severe damage presented substantial ground movement-induced damage. The other building
with predicted severe damage and the building with predicted moderate damage have
undergone extensive structural renovation during the measurement period. Whether the
interventions were due to ground movement damage, or whether the interventions themselves
are responsible for the acquired measurements, is unclear. Regardless, the acquired data was
able to reflect the movement on the building.
Due to the wide scope of the analysis, the total number of buildings affected by soil movement,
namely buildings with any level of potential damage, is very high. It is noted, however, that
some of these damages may have already been detected and repaired in the past. Nevertheless,
potential damage that has arisen in more recent periods, as well as registered high intensity soil
deformation, can assist in directing and focusing site inspection and structural movement
monitoring efforts.
7

CONCLUSIONS

This paper presents a method for the acquisition and processing of InSAR and patrimonial
data for their use in the calculation of potential damage on existing buildings due to soil
subsidence and uplift. The method is designed to be usable in cases of sparsity of InSAR data,
to be practical for country-scale assessment involving thousands of analysis cases and to be
applicable in cases of arbitrary soil movement profiles.
A large number of potentially damaged buildings are detected. Site inspections are in general
agreement with the analysis results.
Due to its flexibility, the proposed method is in principle equally applicable to smaller-scale
assessment as it is at the country-scale. It is also suitable for manual calculations in individual
buildings, where pre-existing damage can be included in the analysis.
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Abstract.

Finite element modelling and analysis has been performed on 103-years old unreinforced
masonry Senate hall building (SHB), Allahabad University, India. It is an Indo-Saracenic
style of architecture which was built in 1915. An in-situ survey is conducted to know the present
condition of the SHB. The major and minor cracks are visible, and construction material has
deteriorated at various part of the SHB. The old documents, reports, on-site measurement, and
photographs are used to gather the historical data and prepared the accurate model of the SHB on
Ansys workbench (ANSYS 14.0) tool. Macro and homogenisation approach has used in the
modelling of the SHB. The standard gravity and wind load analysis is performed with a fixed
boundary condition on its based of SHB. In gravity analysis, maximum stress (5.69MPa)
has been observed at the connections of the ground floor and maximum deformation (7.8mm)
on the crown of the arch of the first-floor. The maximum stress and deformation 14.286MPa
and 12.491mm have been observed under live load analysis. Further, the maximum stress and
deformation obtained under wind load analysis are 4.10MPa and 8.07mm, respectively. The
finite element simulation and visual inspection of the SHB are in good agreement with the
present condition of the structure.
1

INTRODUCTION

The Allahabad is one of the very famous and holy cities of Uttar Pradesh, India [1]. The city
is located on the confluence of three holy rivers Ganga, Yamuna, and invisible Saraswati which
is also known as SANGAM. The unwritten record of history has preserved in buildings like
temples, churches, fortresses, mosques, sanctuaries, and cities built of brick and stone. Early
efforts to build permanent shelter were limited to the materials. These materials afforded an
only primitive opportunity for protection, security, and defence of the shelter. But the stone and
brick were used in many architectural remains to date as far back as the ancient walls of 8000
B.C. The study of old historical structures is a very challenging and challenging task due to
unknown history, plans, construction techniques, materials, renovation/retrofitting in the past.
The engineering study on the old structures is very limited in context to Indian scenario [2-4].
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The Senate Hall Building (SHB) is an excellent example of Mughal and British techniques like
as architectural style, construction techniques and structural elements. Allahabad University is
established on 23rd September 1887, and it is the fourth oldest university of India after Calcutta,
Bombay and Madras universities. The university building was designed by William Emerson, who
has also designed Victoria Memorial in Calcutta and Crawford Market in Mumbai, in a
combination of Indo-Saracenic, Egyptian and Gothic styles. Sir Swinton Jacob designed the
building in 1909, and after one the year 1910 construction has been permitted. The foundation of
the building was laid on 17th January 1910 by Chancellor Sir John Havett. The construction of the
building was started in 1910, and they were finished in 1915. The SHB is an excellent example of
the Indo-Saracenic style of architecture, as shown in Fig. 1. In SHB, the mixture of both as
detailing and craftsmanship of yellow sandstone presents a wonderful view.
The two-storey building is built upon 1.07m thick plinth level with a load-bearing wall of
cellular wall arrangement. The building supports large halls, wide verandah, naves, and jack arch
roof. The entire SHB has been built up to second-floor level, and only towers are built up to higher
levels. The SHB is symmetrical in the plan at the ground and first-floor level. More than one
hundred respected officers and staffs are working in this building. The building is composed of
thick walls, arches, towers, columns, vaults, and domes. The three large halls are built on the
ground floor level viz., Meeting hall (ME), Examination Hall (EH) and central hall (CH). The
geometrical dimensions of the ME and EH are same, and these halls are situated on both side of
the CH. CH is the biggest hall among all three halls. The CH is spacious with twelve doors and
sixteen windows are situated at North, South, East, and West masonry walls on the ground floor
level. The SHB is used for meeting, examination, convocation, conferences, social and cultural
activities. Figure 1 shows that the brick masonry is coloured with yellow and stone materials is
coloured with red.

Figure 1: Senate Hall Building, Allahabad university

2

GEOMETRICAL PLAN

The engineer-in-charge of the university has provided all the details on the geometrical plan
and its past repair and renovation background of the SHB. The geometrical model is prepared with
the assistance of the old documentation, visual inspection and photographs of the building. The
geometrical dimensions of the SHB are measured from Disto meter, and tape. Figure 2 shows the
drawn plan of SHB with all the dimensions.
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Figure 2: Geometrical plan of the SHB

3

DAMAGES OF THE SHB

The SHB has undergone two great earthquakes such as the Bihar-Nepal earthquake 1934 and
Nepal earthquake 2015. The reconnaissance survey and visual inspection of the SHB were started
on 17th August 2015, and this was the year of devastating 25th April 2015 Nepal earthquake. The
major and minor cracks are visible on the ground floor and the second floor of the building, as
shown in Fig. 3 to Fig 5. The minor cracks (approx. 1mm-5mm) are visible on the masonry wall,
stone facades, crown of the arches, and connections of the ground floor. The major cracks (approx.
5mm-20mm) are visible on the stone arches through the ground floor to the second floor (Fig 3).
Fig 4 shows the deteriorated plaster of ground floor and first floor of the building. The secondfloor portion of the building has mostly damaged due to material deteriorating during the 2015
earthquake. The second-floor roof has been repaired time to time from concrete plaster.
Approximately 2.5-inch-thick concrete plaster layer was on the east and west verandah of the
second-floor level. The meeting halls roof has coated from the tar coal layer to arrest the moisture
and seepage in the building. The structural elements of the building such as doors, windows,
arches, ventilators and openings, were decorated for the architectural purpose.

Figure 3: Major cracks (5mm-15mm) visible in the building

1281

A. Kumar and K. Pallav

Fig.3 shows the deteriorated portion of the structural element in the rectangular black box.
Most of the damages and failures are visible in the towers and boundary wall. The decorating
element of the building is a failure in north, south and east entrance porches. The entrance of MH
and EH of the building is visible major cracks on the ground floor, and first-floor level are closed
from brick walls on both side entrance of the portions. Internal side plaster is deteriorated on the
stairs and domes due to the effect of seepage, moisture, atmospheric variations. The Central hall
bricks wall on the second floor is also deteriorated, and there is a major crack in the octagonal
stone columns.

Figure 4: Material deteriorated on different structural components of the SHB

The major cracks are visible in the stone arches and columns of the SHB (Fig. 4). The
administration restricts the access of the second-floor portion of the SHB due to damages roof.
The meeting hall roof is covered with approximate 2.5mm thick tar-coal coating layer. The front
and back verandah of the second-floor level is covered with approximately 2.5-inch thick concrete
plaster, but this concrete plaster is not compatible with the old material and it is spalling out. The
small plants are visible between the joints of the walls and roofs of the second-floor level.

Figure 5: Material deterioration of the SHB
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4

FINITE ELEMENT MODELLING

The exact modelling of the old historical monument is difficult tasks due to unknown
background knowledge viz., geometry, materials, construction techniques, cracking and damages,
renovation, retrofitting of the building. The macro and homogenization techniques is used in
preparing the FEM model of the SHB. In the model, only structural elements have been modelled
on the Ansys workbench tool (ANSYS 14.0), as shown in Fig. 6. The brick masonry and stone
materials have been modelled separately in the FE model of the building. The homogenous
condition has been used for masonry and stone materials of the masonry walls and arches elements.
The decorating materials have not considered during the modelling and analysis of the SHB
building due to microstructural components and material assign difficulties. The 3D finite element
model of the SHB is shown in Fig. 6a. The convergence criteria are used for reasonably adjusting
the mesh size for entire SHB (Fig. 6b). The mesh size used for masonry wall is 600mm for masonry
walls, roofs 160mm, dome elements 120mm and for stone arches 100mm. Altogether, 12,85,779
nodes and 4,73,994 solid elements are created for the modelled SHB. The elements used for solid
and surface element in the model are SOLID 186, SOLID 187 and SURF 154 elements. The
elements in the model are joined through TARGE 170 and CONTA 174 by using bonded
behaviour. SOLID 186 and Solid 187 are 3-D, 20-noded and 10-noded higher order solid
element respectively. This element behaviour exhibited quadratic displacement of each node.
The irregular mesh modelling is suited for quadratic displacement behaviour of SOLID 187
element. Both elements defined by ten and twenty noded elements with 3-DOF at each node:
x, y, and z directions translations. The material behaviour of these elements (SOLID 186 and
SOLID 187) have stress stiffening, large deflection, plasticity, creep, hyperelasticity and large
strain capabilities. The simulated stresses and deformations capabilities have mix formulation
such as incompressible elastoplastic materials and fully incompressible hyperelastic
materials. The SURF154 is used in a surface element in the building model for accurate effect
during the loading. The element applies to 3-D structural analyses. It may be overlaid on to
an area face of any 3-D element.

(a) 3D finite element modelling of the SHB
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(b) Meshed model of entire SHB
Figure 6: Finite element modelling of the SHB

5

ANALYSIS

The analysis of old historical structures is a challenging task due to unknown material
properties, connections, hidden cracks, damages, etc. In the present model, cracks and damages
are not being modelled. The evaluation of mechanical properties of ancient structures is
challenging, and only non-destructive testing is one source for evaluating the mechanical
properties. The building has been analyzed for three different loading conditions as given by the
Bureau of Indian standard viz gravity [18]; live load [19]; and wind load [20]. The major portions
of the first and second floor of the building are closed due to damages of the structural element.
The live load has been considered for accessible and non-accessible portions on the building. The
wind pressure has been calculated from the Indian code and distributed along with the height of
the building (Table 1). The prominent wind direction for the towers is from the south and west
direction. The analysis of the SHB has been considered for a fixed base. Table 2 shows the material
properties evaluated through NDT testing (Rebound hammer, Rebar Locator and Ultrasonic Pulse
Velocity Test). The analyses show the maximum von-Mises stress and deformation of the SHB
building. The analyses show the observed weak connections, maximum stresses positions, to
suggest for strengthening and retrofitting of structural elements and joints.
Height (m)
10 m
15 m
20 m
30 m
50 m

Table 1: Variation of the wind pressure of the SHB

Terrain Category 3 class
B
0.88
0.94
0.98
1.03
1.09

Design wind speed
(m/s)
44.26
47.27
49.28
57.80
54.52

Table 2: Mechanical properties of the SHB

Design wind pressure
(N/m2)
391.71
446.94
485.78
536.62
600.96

Floor
Density ρ (kg/m3) Young’s Modulus E (MPa) Poisson’s ratio (µ)
Brick masonry
2100
2400
0.2
Stone
2400
6470
0.2
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6

RESULTS AND DISCUSSION

Fig. 7 shows the stress and deformation response to gravity load analysis. The maximum stress
of 5.69MPa is observed on the connection between the back verandah wall and the ground floor
of the stair tower. The stress is negligible on the ground floor masonry walls, and this may be due
to its thickness that provides a large area to transfer the building load. The brick masonry walls of
the central hall and side halls on the ground floor perform better than the stone masonry walls. The
observed stress on the internal portion of stone arches, columns and facades of the meeting and
examination hall are in the range of 1.62MPa to 2.03MPa and it is shown in Fig. 7a. The major
stress has affected the connection between wall to wall, wall to the roof, roof to the tower of the
building from the ground floor to the second floor. The maximum deformation of 7.80mm is
observed at the second-floor of south facade wall of the central hall. The directional deformation
of the entire building has observed negligible. The longitudinal and transverse directional
deformation of the building is observed approximately similar to 1.4mm, but vertical directional
deformation of 0.03mm is observed at first-floor wall of the meeting hall. The overall deformation
response of the SHB is shown in Fig. 7b. The deformation of the clock tower and side stair tower
is observed in the range of 3.9mm to 4.45mm from the third floor to sixth-floor level.
Fig. 8 shows the stress and deformation response of the SHB due to live load. The maximum
stress 14.28MPa has been observed on the openings of the window and connections between wall
and roof joint of the second-floor level. The in-situ survey of the SHB shows the major cracks and
damages on the stone columns, arches and walls on the position of critical stresses. The stresses
on stone arches of the meeting hall and examination hall are observed in the range of 5.1MPa to
6.1MPa, respectively. The maximum deformation of 12.49mm has observed on the floor of
second-floor and at the roof of the central hall in the building. The truss sections are designed from
I-section; the access of these portions is restricted.
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(a) von Mises stress behaviour of the SH building

(b) Deformation behaviour of the SH building
Figure 7: von Mises stress and deformation behaviour during gravity analysis

The longitudinal and transverse deformation has been observed on the second floor as 1.51mm
and 2.54mm on the South-central hall wall and North stair tower, respectively. The vertical
deformation of 0.03mm is observed on the second-floor masonry roof at the examination hall. The
tower of the SHB building is geometrically stable for gravity and live load. The masonry walls
are performing better than arches and roof elements of the building.
Further, to know the stress generated through the lateral load; wind analysis has been
performed on the SHB building. The maximum stress of 4.10MPa is observed on the wall of the
ground floor level between the central hall and examination hall verandah. The stress range on the
octagonal columns, domes, tile roof, the balcony from 0.87MPa to 1.17MPa. Front corner tower
has observed the stress 1.75MPa to 2.05MPa at the ground and first-floor level. The maximum
deflection 8.07mm is observed on the verandah (backside) of the second-floor. The longitudinal
and transverse direction deformation is estimated as 1.30mm and 1.33mm, respectively. The
vertical directional deformation 0.04mm of the building has observed as negligible at the secondfloor level.
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(a) von Mises stress behaviour of the SH building

(b) Deformation behaviour of the SH building
Figure 8: von Mises stress and deformation behaviour during live load analysis
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(a) von Mises stress behaviour of the SH building

(b) Deformation behaviour of the SH building
Figure 9: von Mises stress and deformation behaviour during wind analysis

7

CONCLUSION

The paper has presented a finite element approach for an unreinforced historical building of
Allahabad University which is an excellent example of the Indo-Saracenic style of architecture.
The in-situ investigation and retrofitting solutions are suggested to conduct computationally
expensive instruments (e.g., time history method, kinematic analysis and pushover analysis) with
more sophisticated ones (e.g., microelement approach) can offer proper indications in the structure.
The study on the senate hall building leads to the following conclusions. The building is massive
in its configuration which provides adequate stability to the structure. In a reconnaissance survey,
the major cracks and damages are shown on various structural elements and the openings of the
building due to previous earthquakes events and weathering effect. The structural configuration of
the building is adequate to withstand the vertical and horizontal loads during the gravity and wind

1288

A. Kumar and K. Pallav

loads. The entrance porches of the building are more vulnerable on the ground floor level. The
analysis suggests that most of the elements of the building need retrofitting and also connections
needs to repair between the element. Most of the portion of the building is renovated with new
material.
Acknowledgements. The authors would like to thanks Mr Naveen Kumar civil engineer and their
staff, who very graciously provided access to the building and gratefully acknowledged for making
possible the cooperation between the knowledge about the geometric survey, renovation and
retrofitting of the SHB.
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Abstract: The wall of Casa Salvans is a masonry arched and buttressed retaining wall which
was built in 1909 and located in Terrassa, Catalonia. It contains a series of 11 arches of unique
shapes, dimensions and inclinations that are supported on buttresses. Despite being a common
retaining wall typology, it can be very challenging to assess the stability of such structures
given the variability of their geometry. As such, a systematic methodology for the stability
assessment of such walls was developed and applied to the case of the wall of Casa Salvans.
Self-produced photogrammetry survey enabled creating accurate three-dimensional models of
the front of the wall that were later combined with available information from a topographic
survey to build cross sections of the wall for analysis. Modern retaining wall design principles
evaluating the stability against overturning and sliding were used to assess the condition of the
wall. As a consequence of the uncertainties related to the soil parameters and buried elements
of the wall, the stability factors could not comply with modern design criterion. Some
parametric analyses were carried out on the shear strength parameters of the backfill, revealing
that slight increases in the soil internal friction and wall friction angles enhance the stability
factors significantly. Since reasonable soil internal and wall friction angles justifying the
stability of the wall were obtained, carrying out a geotechnical survey to determine the actual
values was recommended. The in-plane stability of the arches was also verified according to
the Lower Bound Theorem by locating a thrust line that fits within all the boundaries despite
very conservative geometric assumptions.
1

INTRODUCTION

The wall of Casa Salvans, located in Terrassa, Catalonia, was built in 1909 by the architect
Lluís Muncunill i Parellada. It is a spectacular example of a common retaining wall typology
that restrain hard, unsaturated soils through a series of arches connected at buttresses. The
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masonry retaining wall, made of pebble stones bonded by mortar, has a total length of 144 m
and a maximum height of 11.5 m. This study is focused on the section of the wall that contains
11 arches of varying shapes and dimensions, connected by buttresses. The arches have an
instrumental role in load transmission to the buttresses, which are significantly thicker than the
wall, enabling the use of less material throughout the wall.
The height, the span and the thickness of the arches increase as one follows the descending
DE CALESthroughout the
slope of the adjacent path (Figure 1) The enumeration of thePROPOSTA
arches adopted
ALS MURS
DE the
CONTENCIÓ
study imply that Arch 1 has the smallest dimensions while Arch
10 has
largest and Arch 11
DE LA CASA SALVANS A TERRASSA
is the half arch at the end.

Figure 1: Bigger arches of the wall of Casa Salvans on the left, smaller arches on the right.
5 de Març de 2019

As a consequence of the uncertainties related to hidden morphology and soil characteristics,
the stability assessment of the wall can be challenging. This study presents a systematic
methodology used to address this issue. Firstly, a photogrammetry survey was carried out.
Measurements made from the resulting models were then combined with available information
to build an idealized geometric representation of the structure. Since no large cracks or detached
parts could be found during visual inspections, partial collapse mechanisms were not
considered. An initial stability analysis, based on the estimates of the soil parameters, is
followed by a sensitivity analysis which aims to comprehend the effect of key geotechnical
parameters on the overall stability. Finally, the in-plane stability of the wall is verified according
to the Lower Bound Theorem of Limit Analysis.
2

AVAILABLE INFORMATION

2.1 Detailed drawings
Municipality of Terrassa provided detailed plan and elevation drawings obtained through
previously performed laser scanning (Figure 2). The precise drawings of the unburied parts of
the front and back faces of the wall include elevations and provide useful two - dimensional
information.
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Figure 2: Elevation drawing of the front surface and plan view of the wall of Casa Salvans.

2.2 Topographic survey and exploration pits and holes
In order to gather information on the buried parts of the wall, 20 exploration pits in the
ground as well as 5 exploration holes in the wall were made. A topographic survey was also
carried out by the Municipality of Terrassa. The 20 exploration pits were located at the base
and at the top of the wall on the buttresses and the keys of the arches.
The wall thickness below Arches 8, 9 and 10 was determined to be 0.6 m from the
corresponding exploration holes. Therefore, the thickness below arch level was assumed to be
constant for Arches 6 – 10 for structural calculations. From the exploration pits at the top of the
wall, the extrados of Arches 6 – 9 were located at approximately 0.55 m depth. Based on these
measurements, the key of Arch 10 was also assumed to be located at the same depth for the
calculations.
A concrete enlargement, acting as a foundation, was located at the base of the wall below
Arches 8, 9 and 10. The distance by which the concrete foundation protrudes outwards from
the wall was determined to vary between 0.2 m and 0.4 m. At the bases of Arches 1 – 7, the
excavations were terminated at shallower depths due to land restrictions.
2.3 Geotechnical survey
Upon request of Municipality of Terrassa, a geotechnical survey was carried out on May 2003
by the company Gesond S.A. Four boreholes of depths 14.5 m to 15 m were executed in the area
behind the wall in order to determine the soil profiles, characteristics of the sub-layers and the
location of the water table (Figure 3). Nine Standard Penetration Tests (SPT) were carried out at
different layers and four samples were taken to be tested in the laboratory.

1293

Defne Dogu, Climent Molins, Nirvan Makoond

Figure 3: Location of the boreholes relative to the wall of Casa Salvans.

Three predominant layers were determined, of which the characteristics are tabulated in Table
1. Shear strength parameters, cohesion and internal friction angle, ϕ were obtained through
correlations with SPT numbers of respective layers.
Table 1: Characteristics and locations of soil layers.

Layer

Characteristics

Depth(m)

cu(kPa)

Φ(°)

0.8-1.2

𝛄𝛄(kN/m3)

R

Backfill material consisting of silty sands

19

0

24

A

Alluvial soil consisting of clayey sand

10-10.2

19-21

<10

30

B

Sandy clays with layers of salt and gravel
(saturated below depths of 13.5-14 m)

10.2 -

21

29

28

The geotechnical cross-sections derived from the stratigraphic profiles were used to
estimate the prevalent soil layers throughout the wall. The geotechnical cross-sections were
overlaid on the elevation drawing based on relative locations of the boreholes and matching
elevations as shown in Figure 4. Considering the assumptions on the extent of the base of the
wall, which will be discussed later in Section 5.1, it can be appreciated that the wall under the
larger arches is resting on Layer B. At the time of the survey, the water table was located at a lower
level than the wall in all boreholes enabling to neglect the effect of pore water pressure.

Figure 4: The approximate projection of geotechnical cross-sections on elevation drawing of the wall.

Although it can be suggested that Layer B exists at the bases of Arches 6 – 10, it is not
possible to estimate the depth of the layer in contact with the wall. For these arches, Layer B
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was assumed to be present only at the level of foundation base while for Arches 1 – 5, Layer A
was assumed to prevail through the wall height.
3 PHOTOGRAMMETRY
As mentioned earlier, the wall of Casa Salvans has arches and buttresses of unique shapes
and dimensions. Another key aspect of the wall is the front surface having an inclination that
varies throughout the wall. For the structural analysis to be representative of reality, threedimensional characteristics of the wall must be considered in the calculations. Since the
available drawings only provide two-dimensional information, a photogrammetry survey was
carried out to determine the three-dimensional characteristics of the visible geometry.
Photogrammetry is the science of making reliable measurements from photographs. This is
usually achieved through the creation of 3D models of objects of interest. There are several
factors affecting the accuracy of the final model such as the quality of the photos and the ability
to capture large overlapping areas of the structure in the images. Therefore, it is crucial to take
measurements during the survey in order to calibrate and validate the resulting model.
3D models of different parts of the wall of Casa Salvans, which were built using ReCap
Photo [1], yielded a mean error of less than 1% over 38 distance measurements.
Photogrammetry model of the part of the wall including Arch 10 can be seen in Figure 5. During
the survey, markers were placed on the sides of the buttresses, providing a straight line in
between, to be considered as the global x-axis in the models. In addition, the inclination of the
wall at different locations was verified through inclination measurements taken on site using a
plumb line.

Figure 5: Photogrammetry model of Arch 10.

4

IDEALISED GEOMETRY

The stability calculations assume that the concrete enlargement detected at several locations
at the base of the wall is prevalent throughout the wall, acting as a foundation and protruding
outwards by 0.30 m. Considering the common construction practices of foundations, it was
deemed as appropriate to assume the same enlargement at the heel of the base.
The buttresses of Arches 8, 9 and 10 were extended by the depths measured on site. The
foundation of an arch was assumed to be at the same level as its shallower adjacent buttress
(Figure 6). For Arches 1 – 7, where there were no available measurements due to restricted
excavations, the part of a buttress buried under ground was assumed to be 0.75 m,
corresponding to the shallowest depth measured on site. The aforementioned trend was also
assumed for the foundations of smaller arches.
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Figure 6: Assumed foundation configuration.

For Arches 1 – 5, the visible arch widths, the distance an arch protrudes from the wall
beneath it, are compatible within each other, having a mean of 22 cm with a standard deviation
of only 2 cm. Furthermore, the front surface of this part of the wall has a uniform inclination
with a mean of 85.6° and a standard deviation of 0.5°. Therefore, it can be suggested that Arches
1 – 5 are non-structural arches that were built for decorative purposes. Thus, it was assumed
that this part of the wall behaves as a traditional gravity retaining wall (Figure 7). The back
surface of the wall was assumed to have a uniform inclination, as determined at the exploration
pit above Arch 3.
The part of the wall consisting of Arches 6 – 10 was idealized based on elevation drawings,
the photogrammetry model and the measurements from exploration pits and holes. The
excavations revealed that the back surface of the wall is vertical, thus, it was assumed to be
vertical until the arch level. The level of the arches as well as their buried widths and thicknesses
were obtained from the topographic survey outcomes. Arches were assumed to have rectangular
cross-sections.
In order to be conservative, the rear edge of the wall below the arches was assumed to be
parallel to the front (Figure 7). Similarly, buttresses were assumed to have parallelogram crosssections until the arch level. The height of each buttress was taken as the height up to which it
already had sufficient thickness to be compatible with the thicker arch connecting to it. The
measured buried thickness of 0.6 m was used both for the parts of the wall under the arches and
the buttresses.

Figure 7: Assumed morphology of the wall for the part consisting of Arches 1 – 5 on the left, for the part
consisting of Arches 6 – 10 on the right.

There is a reinforced concrete cantilever section, having a quarter ellipsoid shape, protruding
outwards from the wall on the buttress between Arches 5 and 6 (Figure 8). An equivalent of the
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visible section was assumed to be present at the back of the wall supporting the cantilever.
Figure 8 demonstrates the idealized front and back surfaces of the wall.

Figure 8: Idealized geometry of the wall from the front view on top, from the rear view on bottom.

5

STABILITY ANALYSIS

5.1 Methodology and assumptions
For the part of the wall consisting of Arches 6 – 10, the failure would be expected due to
collapse of individual buttresses as a consequence of the conceivable load transmission path.
Loads from the keys of the two adjacent arches are transferred to the buttress, making it the
most vulnerable structural element in terms of stability. Hence, the stability of the wall can be
evaluated by analyzing sections spanning between the keys of arches on either side of each
buttress. Since each arch and buttress are unique in terms of shape and dimensions, assigning a
single cross-section to a unit consisting of two half arches and a buttress is inappropriate. By
means of the symmetry of an arch and a buttress about their center lines, the section spanning
from the key of an arch to the center line of each buttress was defined as the unit section to be
analyzed. Considering the geometrical variations throughout the wall, the stability of 18 halfarch sections were evaluated with respect to overturning and sliding (Figure 9). The sections
are labelled according to the arch they contain with a suffix of “a” for the right half-arch section
and a suffix of “b” for the left half-arch section.

Figure 9: Sections analyzed to assess the stability of the wall of Casa Salvans.

The forces acting on a cross-section of the retaining wall are the weight of the structure, the
weight of soil above arch level for Arches 6 – 10 and the forces due to lateral earth pressures.
Figure 10 illustrates the forces acting on a section of the wall from the part consisting of Arches
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1 – 5. The lateral earth pressures acting on a unit section are the active pressure, Pa applied by
the retained soil at the back of the wall and the passive pressure, Pp exerted by the soil at the
front of the wall. The forces due to lateral earth pressures were calculated by using Coulomb’s
Theory of Lateral Earth Pressure. The ground level behind the wall, which was used in the
active pressure calculations, was taken as the average ground level within the section. Since
pipelines were uncovered at a depth of 0.4 m in some of the pits, the ground level at the front
of the wall was assumed to be 0.55 m lower than the actual ground level for the passive pressure
calculations.

Figure 10: The forces acting on a unit section of the wall from the part consisting of Arches 1 – 5.

The internal friction angle of the soil (ϕ), the friction angle between masonry surface and
soil (δ), the ground inclination and the inclination of the back surface of the wall are the
parameters used to calculate Coulomb’s lateral earth pressure coefficients. The geotechnical
survey revealed that most of the retained soil acting on the wall is likely to consist of Layer A.
Thus, the parameters defined for the corresponding layer, a specific weight of 19 kN/m3 and an
internal friction angle of 30° were adopted for all computations. According to some literature
sources, typical values for the friction angle between stone masonry and soil (δ) varies from
16.4° to 26.3° for clayey earth and from 26.4° to 30.6° for sand and gravel [2]. Since the analysis
aims to be representative of the reality, an initial δ value of 20° was assumed instead of
correlation to internal soil friction angle, which is the common practice in modern retaining
wall design procedures [3].
For Layer A, the undrained cohesion, cu was determined to be smaller than 10 kPa. In order
to be conservative and facilitate the application of Coulomb’s Theory, cu was neglected except
for sliding calculations. While estimating the stability against sliding, it was taken as 10 kPa to
provide adequate shear resistance. For Arches 6 – 10, a cohesion value of 29 kPa was assumed
since it is plausible that the base of the wall rests on Layer B in this part.
After determining the active and passive earth pressures, the total stabilizing vertical load
was calculated by multiplying every volume constituting a section by the corresponding specific
weight. The specific weight of masonry was taken as 22 kN/m3 while that of concrete was taken
as 23 kN/m3 [4]. Sections 6a to 10b have an additional stabilizing load due to the weight of the
soil lying above the arches and the buttress.
Once all the loads acting on a cross-section have been computed, the factor against
overturning, Foverturning was determined as the ratio of the stabilizing moments to the overturning
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ones, around the toe of the buttress. Similarly, the factor against sliding, Fsliding was determined
as the ratio of the sum of the sliding forces to the sum of the resisting forces. For both of the
factors, being greater than or equal to one indicates that a stable equilibrium condition exists
against the corresponding phenomena.
5.2 Discussion of results
The factors against overturning and sliding of all sections are reported in Figure 11 and
Figure 12 respectively. As mentioned earlier, Sections 1b to 5b compose the part of the wall
that limited information was available on the buried structure, thus it was assumed to behave as
a traditional retaining wall with non-structural arches. Considering Section 6a shares the load
of the reinforced concrete cantilever, from Section 6a to 10a, the overturning stability enhances
as the weight of the section increases. Furthermore, the effect of a change of the soil layer to
the more cohesive one at the foundation base can be appreciated in Figure 12 through the sharp
increase of the sliding factors when wall adhesion is considered.
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Figure 11: Factors against overturning.
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Figure 12: Factors against sliding.

It should be noted that a comprehensive structural verification of a retaining wall would also
include the computation of the base pressures and a comparison with the ultimate bearing
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capacity of the soil layer. However, based on the assumed geotechnical parameters, the analysis
results in an unreliable equilibrium state and the base pressures cannot be computed for most
of the sections as they are overturning.
The results indicate that the stability of the wall of Casa Salvans cannot be justified based
on the current assumptions. Since the wall has been stable for 100 years and does not present
any signs of damage, the factors should not necessarily be interpreted as the wall being unsafe.
The shear strength parameters of the soil having been obtained through correlations to SPT-N
values evokes uncertainties on the parameters. Therefore, some parametric analyses were
carried out to determine the sensitivity of the results to key uncertain parameters.
6

SENSITIVITY ANALYSIS ON GEOTECHNICAL PARAMETERS

Sensitivity analysis was performed on the factors against overturning and sliding of Section
6b by modifying the internal friction angle of the soil, ϕ, and the wall friction angle between
the masonry surface and the soil, δ. Section 6b was chosen as the representative unit as it
presents relatively low factors compared to the other sections of the assumed cross-section
typology. The analysis verified that the evaluation of stability is highly dependent on the
aforementioned geotechnical parameters. The effect of different combinations of ϕ and δ
ranging from 10° to 40° on the overturning and sliding factors is shown in Figure 13 and Figure
14.

Figure 13: Sensitivity of Foverturning of Section 6b to geotechnical parameters.

Figure 14: Sensitivity of Fsliding of Section 6b to geotechnical parameters.

Increasing φ enhances the stability of the section against both actions significantly. The
effects of changing ẟ for different φ values on both factors are illustrated in Figure 15 and Figure
16. Increasing ẟ alters the factor against overturning by a similar trend regardless of the soil
internal friction angle. However, the increase in the factor against sliding due to the increase of
ẟ is higher as the soil friction angle gets higher.
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Figure 15: Foverturning of Section 6b for different values of
φ and ẟ.
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Figure 16: Fsliding of Section 6b for different values of
φ and ẟ.

The analysis verified that there are reasonable combinations of ϕ and δ, such as 35° and 20°
respectively, which would allow the stability of the wall to be justified in terms of both
overturning and sliding. Therefore, it is crucial to determine the actual values of these
parameters in order to properly evaluate the stability of the wall.
7

IN-PLANE STABILITY OF ARCHES

In addition to the ability of the wall to resist overturning and sliding caused by lateral
pressure of the retained soil, a complete stability verification also involves verifying the inplane stability of the arches to stand in equilibrium. Unreinforced masonry arches are prone to
fail due to stability problems. A structural analysis technique based on plastic theory, Lower
Bound Theorem of Limit Analysis, was utilized to evaluate the equilibrium of the arches of the
wall of Casa Salvans.
The analysis assumes that masonry has no tensile strength while it has unlimited
compressive strength due to stresses being low and that failure may not occur due to sliding.
Graphic statics can then be used to locate thrust lines within the boundaries of the arches. A
thrust line is a possible load path along the arch that is composed of the resultant compressive
forces in equilibrium with the weight of the unit blocks of the arch, in an inverted catenary
shape. The Lower Bound Theorem states that an arch can be deemed safe if a thrust line can be
found lying entirely within the geometry.
The elevation drawing of the front surface of the wall and the same dimensions used to assess
the overturning and sliding stability for the buttresses and arches were used to apply graphic
statics on the arch series. The estimated loads acting on the buttresses and the arches were
computed based on the estimated volumes of wall elements and soil lying above the arches.
The part of the wall below the arches was ignored in order not to enhance the stability of the
arches.
In spite of profoundly conservative assumptions on the geometry, a thrust line was found to
lie within all boundaries verifying the in-plane stability of the wall (Figure 17). Although
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Arches 1 – 5 were assumed to be merely decorative, the initial graphic statics analysis
demonstrated that this part of the wall would be more than capable of resisting the thrust
transmitted from the bigger arches.

Figure 17: Graphic statics application on the wall of Casa Salvans.

8

CONCLUSIONS

This paper presented the systematic methodology employed for the stability assessment of a
masonry arched and buttressed retaining wall. The procedure first involved creating an idealised
three-dimensional geometry of the wall by combining information from photogrammetry,
excavation pits and holes and detailed elevation drawings. The geometry of the wall is then
subdivided into individual analysis sections based on the conceivable load transmission path.
After estimates of the lateral earth pressure are computed, the stability of each analysis section
against sliding and overturning is verified. Finally, the in-plane stability of the arches is verified
using the Lower Bound Theorem of Limit Analysis applied to the idealised geometry. In the
case of the wall of Casa Salvans, the stability of the wall against overturning and sliding could
not be justified on the basis of the idealized geometry and the estimates of geotechnical
parameters obtained through indirect methods. However, the parametric analysis carried out on
the effect of the soil internal friction and wall friction angles showed that there are reasonable
combinations of the two for which the stability of the wall can be verified in terms of both
overturning and sliding. Hence, determining the actual ϕ and δ values is of vital importance to
better understand the actual stability condition. In this case, it is therefore highly recommended
to carry out a comprehensive geotechnical survey to obtain geotechnical parameters through
direct test methods instead of correlations. The in-plane stability of the arches of the wall of
Casa Salvans was verified according to the Lower Bound Theorem through graphic statics
application.
9
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Abstract. The Libeň bridge in Prague is a cultural and technical heritage of concrete construction
of the beginning from the twentieth century. The bridge was designed by architect Pavel
Janák, the founder of cubism in architecture. According to experts, the Libeň bridge is the only
example of cubist morphology application on the bridge structure. Evaluation of Libeň bridge
structural condition is an up-to-date topic leading to decision whether this bridge should be
repaired or replaced by a new bridge. This article deals with the static and dynamic load testing
in comparison with following creation and validation of the FEA model for load carrying
capacity assessment of the Libeň Bridge and possible way of reconstruction. Paper deals with
crucial procedures for FEA model validation of this backfilled arched concrete structure with
a focus on the static characteristic of the structure. Article deals with reconstruction of the
vault part of the Libeň Bridge using R-UHPFRC in terms of static operation. It focuses on the
two basic problems of the bridge, the solution to increase the bearing capacity of the vault
arches and to increase the bearing capacity of the foundations under pillars. The concept of
repair is based on extensive diagnostic surveys conducted in 2017. The concept of structural
enhancement is based on adding new thin layer of R-UHPFRC (reinforced, ultra-high
performance concrete) on the upper vault surface. Concrete bridge structures are exposed to
extreme effects of aggressive environmental influences, especially chlorides, which leads to
damaging of most exposed bridge components a long time before their service life. UHPFRC
material is suitable for repairs of these structures and especially due to its impermeability and
high resistance.
1

INTRODUCTION

The Libeň Bridge (Figure 1) was built between 1924-1928 according to the design by
architect Pavel Janák. The structure was designed by Ing. František Mencl, who was the author
of the arch part of the. The bridge was opened to the public on 29 October 1928 on the 10th
anniversary of the Czechoslovak Republic with the participation of President Tomas G.
Masaryk. Arched spans of three joints from plain concrete are considered to be the highest value
of the construction.
The bridge carries urban traffic across inundation area. The width of the communication on
the bridge is 14.5 m (lanes + tram), both sidewalks have a width of 3.25 m. The road cover is
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made of asphalt concrete, the pavements have cast asphalt surface, the tram body is made of
concrete panels.
The supporting structure of the arches consists of monolithic concrete segments made of
plain concrete with embedded reinforced concrete joints. The vaults are in cross-section divided
into 4 segments with a width of 4.85 m. The thickness of the segments is variable - about 0.9 1.1 m. The vaults are designed as three-joint arches, 2 joints are always located on the cantilever
about 3 m from the edge of the pillars, 1 joint is at the top.
This article focuses on load tests and subsequent assessments of the arched part of the bridge
made up of five vaults with backfill. The static action of the vaults is simple – joints at the top
and bottom of the vault. In cross-section, the load-bearing structure consists of four vault strips
with an approximate width of 4.85 m. The front walls are based on the outer strips, which
support the pavement brackets with the railings. In the area above the pillars, the front walls are
stiffened by ribs.
Experience with static and dynamic measurement compared to computational models
resulting from similar measurements made at the author's workplace on Libeň bridge and
similar bridge structures [1]-[4]. Experience with designing of bridge structures author obtained
participating on several tasks detailly published in articles [5-10].

Figure 1: Libeň bridge

2 STATIC LOADING TESTS
Two freight four-axle vehicles with a weight of 40 t have been designed as a test load. The
vehicles were placed according to symmetrical load bridge by two lorries at the top of the arcs.
Load 2 x 40 t in the middle of the span in each arc for all 5 arrays x 4 passes, i.e. 20 load cases.
In addition, crossings with a vehicle weighing 40 tons were made, in each of the vault strips 3x
back and forth, i.e. 120 crossings.
During the load states the vehicles were in the position as shown in Figure 2, 3 No.1 vehicle
(mass 37 t), the vehicle No. 2 (mass 41 t) always points in the same direction - ending towards
each other and facing to one end of the bridge. For vehicle crossings, both vehicles were used,
alternating in the rides individually.
Within the load test, the primary set of measuring points was monitored, which was designed
to track field deflections. Secondary set of measuring points, designed to measure support
drops, locating movements in support areas, swiveling and pushing and shearing on joints. With
the exception of measuring the drops of the supports, all measurements were made
electronically (mostly by different variants of inductive sensors).
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Figure 2: Vehicles during static load test – static

Figure 3: Vehicles during static load test – crossing

2.1 Conclusion of static load test
The supporting structure of the test spans behaved flexibly before, during and after the static
loading and no new unexpected defects or faults were detected. Static measurements in all spans
clearly con-firmed the interaction of all four arched strips, that are longitudinally elastically
interconnected. In this sense, the influence of the o hopper (including concrete slabs in the upper
part) and the road and tram-way cover, which contribute to the interaction of arched strips and
the overall space load distribution in the supporting structure, is significant.
3 STATIC ANALYSIS OF THE STRUCTURE
The computational models were developed in Midas software (Figure 4). The model for
assessing the load carrying capacity of vault strips is created using rod, flat, and bulk elements
so as to simulate the behavior and dimensions of the structure as close as possible. Due to the
complexity of the bridge construction, the overall model is divided into individual vaults, which
are then independently assessed.

Figure 4: The overall model before dividing into individual parts
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3.1 Validation of the model
Validation for temperature effects:
According to the measurements made by precise geodetic measurements, the vertical
movement at the top of the longest vault is ± 8 mm when the structure is warmed / cooled by
10 ° C. The bridge construction was loaded with the same ΔT in the computational model and
the vertical deformations at the top of the vault were monitored. The following figures 5, 6
show the values found. From their presentation it is evident that the deformation at the top of
the vault exactly corresponds to the measured deformations ± 8 mm for the longest vaults 3 and
4.

Figure 5: Deformation after the structure is warmed by + 10 ° C on the longest vault

Figure 6: Deformation after cooling of the structure by -10 ° C on the longest vault

Validation of deflection:
The models were validated by adjusting the material characteristics for the individual vault
strips, especially the validation concerns modification of the modulus of elasticity of the
concrete at a maximum value of 5 %. At the same time, it was necessary to modify the rigidity
of the upper slab of the road cover in the area of the middle and the outermost strips at the top
arches of the vault. It is obvious that there is a discontinuity in the top plate at this point.
Table 1: The deviation between the measured and observed deflections vault 3

Loaded
strip
1
2
3
4

Deflection
measured
[mm]
1,720
1,975
1,945
1,945

Deflection
calculated
[mm]
1,940
1,945
1,890
1,914

Deviation
[%]
11,3
-1,5
-2,9
-1,6

Table 2: The deviation between the measured and observed deflections vault 4

Loaded
strip
1
2
3
4

Deflection
measured
[mm]
1,285
1,455
1,745
1,570

Deflection
calculated
[mm]
1,761
1,564
1,523
1,741
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3.2 Conclusion of static analysis
For temperature loads, the produced models behave in accordance with the measured values.
Comparing the deflections measured in the static loading test and calculated in the static
analysis of the structure, the different parts of the bridge have differently accurate results. For
the vault 3 a very good agreement was reached, for the vault 4 there are more marked
differences. The conclusions of the static analysis show the functionality of the joints of the
structure and the inconsistency of the material properties for the individual parts of the bridge.
4 DYNAMIC LOADING TESTS
To excite the forced oscillation of the bridge structure in shapes close to the theoretical
oscillation mode shapes (mode shapes cannot be excited, it is a dimensionless mathematical
fictitious shape), a hydraulic INSET vibration exciter (Figure 7) was used in the harmonic
excitation mode. During the tests, the excitor was placed on the bridge (or on the tramway) in
three positions. These positions were designed for measurements on individual vaults in spans
1, 2 and 5. The theoretical location of the exciter was half the span of the bridge in the
longitudinal direction and on the tramline. At these locations, the excitation was in the position
for horizontal transverse excitation (relative to the axis of the bridge) and for vertical excitation.
The bridge response to the dynamic loading was monitored in a detailed network of
measurement points in which the oscillation velocities were monitored in the vertical,
horizontal, transverse and horizontal longitudinal directions. The set of measurement points
served to measure the oscillation of the bridge structure in absolute terms. On all the measured
fields, the installation and installation of the sensors were identical.
The measurements were made at all measuring points using electrodynamic sensors.
Dynamic deflections (or vibration velocities) were measured using triaxial oscillator speed
sensors. The measuring line also included two thermometers to monitor the surface temperature
of the structure and the air temperature and the anemometer to monitor wind velocities and
directions.

Figure 7: The vibration exciter installed on the tramline
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4.1 Conclusion of dynamic loading test
The bearing structure of the tested vaults has behaved flexibly before, during and after the
dynamic loading and no new unexpected defects or faults have been detected. The amplitude
frequency spectra obtained on individual vaults do not show sharp spectral peaks, as is common
with compact constructions, but the spectral peaks are rounded and include narrow bandwidth.
This effect is due to the effect of different geometric and material characteristics and boundary
conditions on individual vaults and their individual parts, both in the longitudinal and transverse
directions.
Detected oscillation shapes corresponding to their own oscillation shapes. At the lowest
frequencies we find global shapes where the main supporting structure oscillates as a whole, or
as two units in portions separated by a vertex joint. Only at higher frequencies vault strips are
separated, which then oscillate in pairs.
5 DYNAMIC ANALYSIS OF THE STRUCTURE
The modal analysis model is based on diagnostic measurements on the design and the
dynamic load test. The loading test was performed for the vault 1,2 and 5. The vaults 1 and 5
are influenced by the frame constructions, which would burden the other model with another
unknown and increase the calculation inaccuracy. For this reason, modal analysis deals with
vault number 2. The model was created in Scia Engineer 15 software.
5.1 Model description and results
Construction of the model is composed of individual vault strips of plain concrete C16 / 20
with a mod-ulus of elasticity E = 21 GPa. These elements are modeled with sloping and variable
thickness. The top and toe joints are simplified by a sloped line. A joint support is introduced
at the heel of the vault. At the top, the joint is replaced with a low stiffness element (E = 1 GPa).
The wall elements forming the front wall (E = 19 GPa) and the overhang (E = 3 GPa) are
attached to these vault strips. Interaction of the individual strips is ensured by a slab simulating
the road cover (according to the diagnostic conclusions it is a concrete slab with a thickness of
500 mm and bituminous cover with a thickness of 200 mm, E = 10GPa). This slab is provided
with boundary conditions ensuring the continuity of the structure (non-moving joints). In this
model, where the upper slab behaves like a strained membrane that limits the oscillation of the
structure, two identical oscillations have been found for measured frequencies of 7.23 and 11.92
Hz (Figure 8, 9).
In case we for this model partially release the boundary conditions for the top plate by
inserting resilient supports with a stiffness of 100 MN / m2, the loosening of the wall linkage
over the top joint vertically (flexible support with a stiffness of 100 MN / m2) and by adjusting
the stiffness of the left 19 GPa) and right (23 GPa) of the half of the arc to take into account the
diversity of materials and possible discontinuities, we obtain another consistent shape of
oscillation of the structure for the measured 6.46 Hz (Figure 10).
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Figure 8: Measured and calculated oscillation shape for 7.23 Hz

4
Figure 9: Measured and calculated oscillation shape for 11.92 Hz

Figure 10: Measured and calculated oscillation shape for 6.46 Hz

5.2 Conclusion of dynamic analysis
Modal analysis has demonstrated the functionality of the joints of the structure. It pointed
out the possible discontinuities for the upper concrete slab and the different material properties
in the various portions of the supporting strips of the plain concrete vault. The results of the
dynamic analysis of the vaults are heavily influenced by the complexity of the entire structure,
particularly upper concrete slab and the upper filling.
Table 3 compares the measured and calculated frequencies and their deviation is determined
according to [1]. Consequently, the calculated frequencies show a good match with the
frequencies measured.
∆=

�����������
������

∙ 100

Table 3: Frequency comparison

Frequencies Frequencies Deviation
measured
calculated
[%]
[Hz]
[Hz]
6,46
6,64
2,7
7,23
8,5
14,9
11,92
10,46
-13,9
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6 RECONSTRUCTION OF BRIDGE
The project deals with the possibilities of reconstruction of the vault part of the Libeň Bridge,
frame structures and staircases in terms of static operation and durability. In the framework of
the vault part, it focuses on two basic problems of the bridge, the solution of increasing the
bearing capacity of vault arched strips and increasing the bearing capacity of foundation pillars.
For any bridge work to be used in accordance with current standards in the City of Prague,
two basic requirements must be observed:
static reliability and design safety with specified design load carrying capacity;
durability and lifetime of the structure.
For this reason, the works were focused on the possibilities and ways to meet these two basic
requirements also in the case of the main bridge V009 of the Libeň region, even in the case of
a cultural monument, i.e. in order to preserve as much existing structures as possible.
From diagnostics and static analyzes is obvious, that it is necessary to either perform a
complex and highly demanding reconstruction aimed at the extensive static solution of the noncompliant parts of the bridge, or the construction of a completely new bridge without using the
existing supports and pillars as planned in the 2005 project according to the required load
(including tramway operation in both directions) .
Ensuring the durability of the materials as well as the bridge according to the requirements
of the current standards will be ensured only by building a new bridge. In the case of complex
reconstruction, it must be assumed that such a lifetime cannot be guaranteed by any remediation
methods.
6.1 The vault part of the Bridge
The resulting variant of the reconstruction, which seems to be the most appropriate, is to
ensure the static reliability and the full load carrying capacity of the bridge, is the solution of
strengthening existing vaults with additional concrete layer of UHPFRC (Ultra-High
Performance Fiber Reinforced Concrete) in 100 mm thickness. Using of UHPFRC is
perspective method for strengthening of existing structures. Very important is also the impact
of the bond between UHPFRC and steel reinforcement in coupling surface.

Figure 11: Cross section of the bridge at the top and at the foot of the vault. The UHPFRC layer is marked in
red.
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Designed reinforcement of the existing vault belts of the Libeň Bridge by an over concreting
of 100 mm thick UHPFRC layer.

Figure 12: Cross section of reinforced arched strip of Libeň Bridge
Table 4: Comparison of cross-sectional characteristics before and after reinforcement

area [m2]
Original cross-section
Ideal cross-section
Comparison

3,878
5,008
+ 29,1 %

centre of gravity from
the lower face [m]
0,5*H
0,63*H
0,13*H up movement

Moment of
inertia [m4]
0,207
0,385
+ 86,0 %

From the calculated results, it is evident that by over-concreting only 100 mm of R-UHPFRC
material, the cross-sectional characteristics of the arched belts will be significantly improved
due to its unique material properties, particularly the high secant modulus of elasticity Ecm. The
results are calculated for a reference cross-section of 800 mm high and 4850 mm wide.

Figure 13: Core of the original cross-section

Figure 14: Core of ideal reinforced cross-section

The disadvantage of the reinforcement of the structure is the introduction of the load from
the shrinkage of the over concreting. In the case of the possibility of symmetrical double-sided
reinforcement of the structure, this load is not a problem, as the result of these forces will be
approximately normal compressive force, which is generally well tolerated by concrete
structures. In the more frequent case of the possibility of one-sided reinforcement of the
structure (over concreting on the upper surface), it is necessary to consider the additional
bending moment stress of the supporting structure.
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Figure 15: Effects of excess shrinkage on total stress in cross-section

Thickening of the cross-section will increase the cross-sectional area of the cross-section. In
the direction of the vertical Z axis (bending around Y-Y) the core height is increased by 29.6%.
The results of the diagnostics of vault foundations show that the structure of the foundation
is strongly degraded by sulphate corrosion and regarding its reinforcement it is necessary to
proceed with its repair. This repair is based on covering the existing foundation with reinforced
concrete envelope.
Unfortunately, this repair does not stop but only reduces the sulphate corrosion process.
Predicting the rate of sulfate corrosion without long-term monitoring is not possible. In the case
of a complex reconstruction, it will be necessary to monitor and test the condition of the
concrete foundations and pillars for a long time. As part of the proposal, it will also be necessary
to set up a plan for tracking and monitoring the bridge for reconstruction.
6.2 The frame part of the Bridge
From the point of view of possible static reinforcement, it is necessary to consider the
character of structures - these are frame reinforced concrete constructions based on the mutual
interaction and cohesion of concrete structures with the steel reinforcement. It is also necessary
to consider the stress of the individual elements - these are elements stressed by bending,
pressure, shear and their mutual combination.
In terms of possible reinforcement of elements designed from the time of construction with
lower bearing capacity - frame construction "B" and part of frame construction "D" as a
replacement make new constructions. The static calculation showed insufficient load capacity
of the whole structure not only in the local section. Possible reinforcement eg external
reinforcement or concreting seems to be technically almost impossible to do, by enhancing the
construction they would lose their original character, shape and appearance.
From the point of view of the overall repair, it is recommended the complete replacement of
the frame constructions. Regarding the existing damaged frame constructions, it is not
reasonably possible to statically increase the durability, functionality and stability of these
structures.
7

CONCLUSIONS

Static and dynamic load tests of a considerable scale were carried out on the structure, in
which the behavior of the structure of plain concrete vaults was verified. Based on the results,
numerical models were developed to perform a static and dynamic analysis of the structure.
A static load test and static analysis has demonstrated the functionality of the structure. It
pointed out the possible discontinuities for the upper concrete slab and the different material
properties in the various portions of the supporting strips of the plain concrete vault. The
dynamic load test and dynamic analysis of the structure confirmed these findings.
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From diagnostics and static analysis, it has been shown that for the operation of the bridge
to the required load according to the currently valid standards it is necessary to carry out either:
complex and demanding reconstruction focused on the extensive static solution of the
non-compliant parts of the bridge, including the stabilization of the foundations, or
building a completely new bridge
From obtained results is clear that by reconstruction based only on partial static interventions
and "cosmetic" repairs of the surfaces without substantial and complex static intervention
(ideally see be-low), the bridge will only be operated with permanent traffic restrictions.
Ensuring the durability of the bridge according to the requirements of the current standards
(design value of at least 100 years) can only be provided by building a new bridge. In the case
of a complex reconstruction, it is to be assumed that such a lifetime will not be permanently
secured by any remediation methods. But regarding the reconstruction of historic buildings this
is predictable and usual. With this fact it is necessary to count in the specification of the repair,
the requirements for the final parameters of the reconstruction and the subsequent maintenance
of the bridge.
Based on the acquired knowledge and information on the state of the bridge and the
possibilities of its reconstruction and repairs, the following main conclusions can be found:
The load carrying capacity of the bridge required by the currently valid ČSN 73 6222 can be
ensured in two ways:
The complex reconstruction of the bridge, which includes the following major
interventions:
- Securing the foundations of the vault bridge (fixing in terms of sulphurous
corrosion).
- Replacement of two central vault strips (three-joint arches) in all five vaults with
new reinforced concrete belts (again three-joint arches).
- Repair and rehabilitation of the structures and their surfaces, including putting
them into the required appearance.
- Secondary surface protection to increase service life and durability.
- Complete replacement of frame structures and staircases with new constructions,
including the appearance of concretes in staircases.
- Implementation of new waterproofing, drainage systems, embankments and
bridge superstructure.
- Regular specialized and long-term (permanent) monitoring of the bridge as well
as degradation processes in the foundations and evaluation of the results found
in relation to the state - the functional capability of the object.
Construction of a completely new bridge without the use of the underground structure
(foundations and supports) of the existing bridge.
The reconstructed bridge will need to be more closely monitored. It can be assumed that the
maintenance and operation costs of the reconstructed bridge will be higher compared to the new
construction.
Acknowledgements. Theoretical basis for the presented results were obtained under the
support of the research project GAČR 17-22796S.
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Abstract. The paper exemplifies the application of the methodology involving historic and
architectural research complemented by HBIM and operational modal testing in the structural
modelling of a heritage palace, the Galleria degli Antichi in the historic town of Sabbioneta (Italy),
included in the UNESCO World Heritage list since 2008. This monumental building was built in the
16th century. Full details on the history of the building and the information obtained in the nondestructive survey are given in the paper. The good knowledge of the structural geometry, along with
the complete inspection carried out and the large number of identified vibration modes, allowed to
establish a numerical model of the monumental building for a first quantitative assessment of its
structural condition.
1

INTRODUCTION

The structural analysis of historic masonry structures is a complex task, involving the
collection of data from a wide range of sources and the subsequent merging process. Research
underlines the significance of an accurate planning of such activities in order to get reliable
information about the structural characteristics supporting the structural modeling [1].
Starting from [2] to more recent versions, the Italian Seismic Code bases the structural
modeling and the seismic assessment on such multi-cultural approach. The novelty and the
importance of such a methodology was assumed and reaffirmed by the ISCARSAH – ICOMOS
Committee in a general document concerning the analysis and the structural restoration of
architectural heritage [3]. Therefore, the structural modeling requires a process involving
historic research, geometric survey, direct inspection supplemented by tests on sampled
materials and local non-destructive and minor-destructive tests. The methodology highly
recommends the monitoring of the recognized structural pathologies [1].
The structural analysis of historic masonry building is commonly performed in the elastic
range (see e.g. [4]) due to the high level of uncertainties about the non-linear properties of the
materials. Nevertheless, even linear elastic analysis might be affected by uncertainties and lack
of information. Dynamic tests in operational conditions provide quantitative parameters (i.e.,
resonant frequencies, mode shapes and damping ratios), which are representative of the
structural condition and remarkably contribute to the knowledge of the building and to the
model calibration and validation [5-6]. In addition, ambient vibration tests are especially
suitable to historic buildings for the fully non-destructive way of testing, that is a priority for
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the architectural heritage.
It is further recalled that various software codes nowadays implement the Building
Information Modeling (BIM) methodology (see e.g. [7]), which describes collaborative
processes for production and management of structured electronic information. BIM is
generally aimed at creating interactive database collectors for the elaboration of architectural
projects, including structural characteristics. Similarly, the information collected in the
assessment of historic buildings might be summarized through the creation of a Heritage
Building Information Model (H-BIM) [8-9].
Current studies on H-BIM are mainly aimed at improving the geometric description of the
“as-built” configuration of heritage buildings through geomatic survey (i.e., laser scanning and
photogrammetry) and the organization of the data sources, whereas only few examples are
available in the literature on the use of H-BIM in combination with Finite Element (FE) analysis
[10]. In [11], the H-BIM potential role in the structural analysis and decision making for
restoration and rehabilitation proposals is also pointed out. Furthermore, the integration
between BIM, diagnostics and monitoring is suggested in [12], with the discussion including
dynamic testing and FE analysis to assess the structural health condition.
In the present paper, a H-BIM workflow was developed to improve the knowledge of an
important historical palace; the workflow has been established to manage and merge the
information collected through documentary research, geometric survey and description, direct
inspection, FE modeling, operational modal testing and analysis. The historic building named
Galleria degli Antichi [13-14] in Sabbioneta (Italy) was selected to demonstrate the adopted
multidisciplinary workflow. The H-BIM workflow consists of the following steps:
(1) Information acquisition from different sources;
(2) Data management and creation of the H-BIM model;
(3) Transfer of information from H-BIM to FE;
(4) Preliminary FE modal analysis to estimate the dynamic characteristics of the building
and design of (ambient) vibration testing;
(5) Validation of the entire H-BIM workflow through comparison between numerical and
experimental modal parameters. It should be noticed that the outcome of this last step
might be considered as positive when one-to-one correlation exists between numerical
and experimental mode shapes with limited discrepancy between natural frequencies. Of
course, correlation between operational modal analysis (OMA) and Finite Element
analysis (FEA) might be further improved through model updating procedures [5-6].
2

H-BIM FOR STRUCTURAL ASSESSMENT: THE GALLERIA DEGLI ANTICHI

The presented H-BIM workflow was applied to the Galleria degli Antichi in Sabbioneta,
Italy. This impressive building, with the main dimension of almost 100 m, was built in the 16th
century. On site inspections and tests carried out by the authors, along with the processing of
existing geometric surveys [13-14], allowed to define the main characteristics of the heritage
building and the subsequent implementation within the H-BIM framework.
2.1 Historic and documentary research
The analysis of several historic documents was the first step of the building investigation
[13-14]. Documentary research was carried out in several archives, collecting documents aimed
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at pointing out the evolution of the buildings in the 20th century as well as the sequence of
interventions and changes of use [14].
The town of Sabbioneta, included in the UNESCO World Heritage list in 2008, was built by
Vespasiano Gonzaga in the 16th century to establish the capital of his duchy. In about 35 years,
the traces of the ancient settlements were transformed into a fortified Ideal City, recognized as
one of the higher examples of the Renaissance principles in urban planning. The Galleria degli
Antichi (Fig. 1), probably designed by Giuseppe Dattaro and built between 1583 and 1584 to
host the art collection of the Duke, was one of the several palaces of the capital. The Galleria
degli Antichi is connected through a flyover passage (Fig. 1f) to a former building named
Palazzo Giardino. At present, the flyover is the only access to the building so that visitors have
to cross the ground and first floor of the Palazzo Giardino, to reach the first floor of the Galleria
degli Antichi [13-14].

Figure 1. Historic (a) and current (b) views of Galleria degli Antichi and Palazzo Giardino. Historic (c-d) and
current (e-g) views of different parts of Galleria degli Antichi.

The Galleria degli Antichi is characterized by a long open arcade at the ground floor with
27 couple of massive squared columns made by brick masonry (Fig. 1e) supporting crossvaults. The structure of the gallery is made by brick masonry (Figs. 1a, 1b and 1e). At the first
floor, the building has a long gallery with 26 windows each side (Fig. 1). The gallery walls were
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frescoed and stuccoed in a very refined way by famous painters and craftsman of the time (Figs.
1c, 1d and 1g) [13-14]. The gallery is covered by wooden lacunar ceiling with panels richly
decorated but apparently in a low state of preservation (Fig. 1g).
The construction is currently used as a museum, but the evidence of several changes of
function has been found in the archives [14]. For example, in 1927 troops billeted in the palaces
as previously happened with the Napoleon Army (1806). In 1928, the building hosted the
offices and the meeting rooms of the fascist party. In 1947 some halls at the ground floor of
Palazzo Giardino were used as food shop with a kitchen and in 1948 an organization − involved
in social, cultural and free-time activities for the workers − rent some rooms. In 1975 and 1990
Palazzo Giardino and Galleria degli Antichi hosted the antique market.
The archive research also documents several repair interventions, which systematically
followed each misuse of the building. The restorations concerned mainly the surfaces, the
frescoes and the stuccos [14]. Similarly, other interventions were carried out in 1935, 1953,
1966, 1989, 2001 to repair the effect of the water leakage due to the roof damage. Metal ties
restraining the crossing vaults were probably inserted during the works carried out in 1950.
Substantial interventions to the structure were performed in 1952, including the rebuilding of
the flyover passage. The descriptions of the damages and of the interventions in the archive
records are in general very accurate, documenting the presence of cracks, as well. This last
information is very important in order to define the real entity of the damage caused by the 2012
earthquake [13-14]. Furthermore, the available historical pictures (Fig. 1) are of utmost
importance to identify damage, as well as the transformations occurred to the buildings.
After the 2012 earthquake, both Galleria degli Antichi and Palazzo Giardino underwent
structural interventions. In this intervention, steel ties were inserted at the level of the first floor
and roof levels and anchored to the masonry walls. At the extrados of the lacunar wooden
ceiling, steel beams where anchored to the masonry pillars. Steel beams were connected by a
system of diagonal and transversal steel ties. In addition, timber tie beams were introduced in
such anchoring system, probably to distribute the axial compressive stresses.
2.2 On site inspection and geometric survey
On site inspection is carried out to collect data on the as-built state of the heritage
construction. Thematic surveys resumes the information according to the specific research
objectives (i.e., the surface materials with their decay, the crack pattern or the connection type
between the structural elements, etc.). Careful and systematic comparison between the
information gathered from archive documents with the visual inspection of the building surface
improves the knowledge of the current state of heritage buildings [1, 13].
A relevant complementary activity is the geometric survey, particularly when ortho-pictures
of the fronts are available. Furthermore, geometric surveys could be carried out by
photogrammetry and laser scanning reconstructions.
The survey of Galleria degli Antichi was carried out by HE.SU.Tech Politecnico di Milano,
Campus of Mantua. The point cloud, developed using Autodesk Recap® software, was obtained
with the Laser Scanner and Theodolite tools. The processed file was imported in AutoCAD,
where vector drawings were extracted and saved in DWG format (Fig. 2).
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Figure 2. Galleria degli Antichi: (a) Longitudinal section; (b) West front; (c) Plan of the ground floor [14].
(a)

(b)

(c)

Figure 3. Galleria degli Antichi: (a) Geometric survey; (b) Material survey and (c) Material decay survey [14].

Such DWG files represent the summary of geometric survey, which is the base source upon
the information collected by comparing the archive documents with on inspections of the
buildings. Geometric and thematic surveys have a primary importance in buildings because it
helps resuming the investigation carried out in the construction [1] (Fig. 3). Most of the decay
problems of the façade of the investigated building are caused by the rising damp: Fig. 2c
describes the height of the dampness level and the typical decay of masonry. In the interior of
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the building, traces of surface decay are explicable mainly to past leakages occurred from the
damaged roof. The water leakage from the roof damaged the ceiling structure as well.
Furthermore, during heavy rain the water leaks from the windows of the building, damaging
the decoration.
2.3 Historic building information modelling
The previous steps of historical research, geometric and material survey, decay survey and
the on site investigation allow defining the main characteristic of the heritage building. The
collected information are imported, represented and summarized in the H-BIM model.
Although H-BIM can be developed from point clouds, the authors preferred to use the 2D DWG
files since the availability of technical 2D drawings is currently more common.
In the model, the building consists of 3D objects (walls, openings, beams, etc.) and those 3D
objects are used as database for the information management. The objects collect data about
physical and mechanical characteristics of the material, structural connections, boundary
conditions and loads; updating of the object characteristics is possible when new information
are acquired, without a time-consuming effort during the modification process. Furthermore,
each object is defined and dated according to the constructive phase evolution obtained from
the historic research.
After the H-BIM model has been completed, the appropriate selection of structural elements
allows to define an intermediate “analytical model” (containing all the relevant geometric and
structural information on each element) to be exported into a FE software.
2.4 From H-BIM to FEM
In the present application, the “analytical model” is exported in Autodesk Robot Structural
Analysis® software [15]. The Robot software allows the user to define the finite elements
meshing discretization, that in Revit® is not customizable [15]. The type of finite element
automatically chosen during the exportation from Revit® to Robot® is the shell element [15]. It
is worth noting that shell elements are not always fully suitable to represent a heritage building
but are appropriate when simplified modeling and preliminary assessment of the structure is
needed. On the other hand, the compatibility between the two software codes allows easy
updating both architectural and structural models at a later stage [15].
In the FE model, the wall middle planes are represented by thick-shell elements, which are
defined as 4-node quadrilateral elements (Q4). The beams are modeled as linear beam elements,
with 6 degrees of freedom at each node. Regarding the behavior of Q4 shell elements in
connection with beam elements − perpendicular to the plane of finite elements, pinned
connections are generated [15]. The selected mesh type is Delaunay, with a 0.2 m element size.
Such a meshing process led the FE model to have 69179 nodes, with 67169 plane elements and
2676 bar elements; the total number of degrees of freedom is 412482.
3

FE MODAL ANALYSIS AND PLANNING OF AMBIENT VIBRATION TESTS

In the structural assessment of historical constructions, linear elastic analysis is always
performed, prior to the application of more refined approaches. In establishing the FE model,
the following initial assumptions were introduced for the masonry: (a) homogeneous
distribution of the masonry elastic properties; (b) the weight per unit volume of the masonry
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and the Poisson’s ratio of the masonry were assumed as 18.0 kN/m3 and 0.20, respectively; (c)
the average Young’s modulus E was set equal to 1.8 GPa. Furthermore, the building
foundations were supposed as fixed.
The geometric characteristics of the load-bearing walls and pillars were modeled according
to the results of geometric survey and direct inspections: (i) at ground level, the masonry pillars
have a thickness of 1.275 m; (ii) at first floor, the masonry walls have a thickness of 0.85 m;
(iii) at the upper level, walls are characterized by masonry arches on the façade (Figs. 1-3) and
a constant equivalent thickness of 1.20 m was assumed.
In the lacunar wooden ceilings, the absence of rigid connections between wall-beam and
beam-beam elements allows to assume that supports are pinned. The wooden and steel tie
beams introduced during the 2012s interventions were represented in Revit® according to their
geometries and positions and modeled in Robot® as truss elements.
Selected mode shapes and natural frequencies of the FE model are reported in Fig. 4. As it
has to be expected, most of vibration modes involves bending in the transversal direction of the
building and the overall structure exhibits a sequence of normal modes similar to the one of a
beam supported by springs (Fig. 4).

Figure 4. Selected (transverse) vibration modes of the FE model.

3.1 Ambient Vibration tests and Operation Modal Analysis
In order to obtain a validation of the FE model and of the adopted H-BIM workflow, ambient
vibration tests (AVTs) were performed. The first floor level was extensively instrumented and
a series of two set-ups was required to cover the selected 23 measurement points (Fig. 5): 15
accelerometers were used in each set-up and 7 sensors were held stationary as reference
transducers (Fig. 5).
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(a)

(b)
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Figure 5. (a) Accelerometers layout and set-ups adopted in ambient vibration tests; Piezoelectric accelerometers
in uniaxial (b) or bi-axial configuration (c).

Figure 6. First singular value lines and identification of natural frequencies (FDD).

The AVTs were performed on February 2019 by using the following devices: (i) an
acquisition laptop Panasonic Toughbook CF-F9; (b) a multi-channel acquisition system with
NI9234 modules (24-bit resolution, 102 dB dynamic range and anti-aliasing filters); (c) 15
WR731A piezoelectric accelerometers (10 V/g sensitivity and ±0.50g of peak acceleration,
Figs. 5b and 5c); (d) 15 WR P31 power unit amplifiers (Fig. 5b). The amplifiers were aimed at
enhancing the performance of the acquisition chain, providing a constant current to power the
internal amplifier, signal amplification and selective filtering. The sampling frequency adopted
was equal to 200 Hz, which is more than enough for the investigated building structure whose
expected dominant frequencies (Fig. 4) are below 10 Hz. Therefore, low pass filtering and
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decimation were applied to down-sample the data to 40 Hz, obtaining a Nyquist frequency of
20 Hz.
The application of the Frequency Domain Decomposition (FDD) technique [16]
implemented in the commercial software ARTeMIS [17] to the collected time series led to the
identification of 12 transverse vibration modes in the frequency range of 0-9 Hz. The results of
OMA in terms of natural frequencies can be summarized through the plot of Fig. 6, showing
the first singular value lines (SV) of the spectral matrix. The inspection of Fig. 6 clearly
highlights that the FDD technique provides a clear indication of the building modes through
well-defined local maxima in the first SV. The corresponding mode shapes are shown in the
upper part of Fig. 7.

Figure 7. Comparisons between experimental and numerical mode shapes at the first-floor level.

3.2 Validation of the FE model and the H-BIM workflow
Once the dynamic characteristics of the heritage building were identified through AVT and
OMA, a comparison with the FEA results is carried out. As usual, such a comparison is aimed
at assessing if the geometric, physical and mechanical assumptions adopted in establishing the
FE model have been chosen with a reasonable degree of approximation; on the other hand, since
the FE model was implemented through a H-BIM workflow, validating the numerical model
also provides a validation of the entire methodology.
The Modal Assurance Criterion (MAC) [18] and the combined frequencies and MAC
parameters (FMAC) were used to compare the experimental and numerical modal
characteristics. The correlation between the dynamic characteristics of the base FE model and
the experimental results is shown in Figs. 7 and 8. Figure 8 shows imperfect correlation, with
frequency discrepancy DF [=100(fFEM−fEXP)/fEXP] ranging up to about 12% and an average
distance between experimental and natural frequencies of 7.76%. However, the correlation
between theoretical and experimental behavior, notwithstanding its roughness, seems to
provide a sufficient verification of the model main assumptions (and hence of the whole HBIM workflow), being a one-to-one correspondence between the mode shapes, with the worst
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MAC value being 0.77.
The imperfect correlation between the FE model and the experimental results is conceivably
due to the very simplified assumptions on the to the elastic properties of the masonry and should
be improved by updating the distribution of the masonry Young’s modulus over the building
[5-6].

Figure 8. Modal Assurance Criterion (MAC) and frequency discrepancy (DF) between experimental and numerical modes.

4

CONCLUSIONS

In the paper, the methodology involving historic and architectural research complemented
by H-BIM and operational modal testing has been applied to an important heritage building. In
more details, the adopted H-BIM workflow includes the following tasks: (1) information
acquisition from documentary research and architectural surveys; (2) data organization and
creation of the H-BIM model; (3) transfer of information from H-BIM to FE software; (4)
preliminary modal analysis in the FE software; (5) operational modal testing and analysis; (6)
validation of the FE model and of the H-BIM procedures adopted to develop the FE model
through comparison between numerical and experimental modal parameters.
The experience collected in the present investigation allows to draws some conclusions:
• On site inspections, thematic surveys and the comparison of the archive documents with
the visual inspection resumed within the H-BIM model improve the knowledge of
heritage buildings;
• Dynamic tests in operational conditions provide quantitative parameters (resonant
frequencies and mode shapes and damping ratios), which are representative of the
structural condition and remarkably contribute to the knowledge of the building.
Furthermore, merging the information collected by historic/architectural research, HBIM and dynamic tests should allow to solve the main uncertainties in establishing
numerical models and to assess the structural state of preservation of the building in a
fully non-destructive way.
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Abstract. The aim of this communication is to analyze the architectural, historic and
construction values of the Costa Rican Caribbean architecture, which constitutes an
architectural typology of the identity of the city of Limón. Damages linked to biological agents
in these buildings were identified based on the multidisciplinary research project titled
“Conservation of the Costa Rican Caribbean architecture by applying advanced techniques
for studying the causative agents of damage in the buildings”.
An inventory of the study area was conducted in order to identify predominant elements of this
type of architecture, as well as to quantify and georeference, through a Geographic
Information System, the buildings that are still preserved; the identification of damage-causing
agents within the inventory was also part of the process. As a second stage, samples taken from
the buildings will be analyzed in the biological sciences laboratory to identify biological agents
that were potentially responsible for damage.
Thirty representative buildings of the Costa Rican Caribbean architecture were identified, for
which inventory records were made that included information about architectural and building
aspects, as well as damage identification and classification, and types of causative agents.
Based on a multi-criteria evaluation, Capitanía de Puerto, Casa Misionera de la Iglesia
Bautista and other edifications were selected as the buildings to conduct the inventory of
biological damage, sampling, and environmental monitoring.
1. INTRODUCTION
Costa Rica outstands for its diversity, including geographical as well as cultural and ethnical
aspects. Despite being a small country, its regions are manifestly different from one another,
which influences the way constructions for inhabiting the different spaces are made.
Costa Rican Caribbean architecture is an example of vernacular architecture which,
although based on imported models, constitutes an adaptation to the spatial and bioclimatic
needs of a particular zone of the country. Caribbean architecture in Costa Rica was developed
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especially in the city of Limón, between 1870 and 1940, closely linked to settlement and growth
processes of this area.
For a long time, the city of Limón was the main port in Costa Rica. It was originally planned
to facilitate exportation of coffee beans and was used later for banana exportation. The city was
established during a period of economic booming and it was designed to accomplish ideals of
modernization and hygienization associated to the prevailing liberal ideology of the time.
This city was the operations center of the United Fruit Company, a multinational company
that dominated the banana market at international level. This company also created an enclave
in the whole province of Limón by taking advantage of its links to the Northern Railway
Company, who led the construction of the Atlantic railway and to whom Costa Rica’s
government granted a large extension of land as payment for the work [1].
The United Fruit Company imported catalogue buildings for a good part of the edifications,
which were influenced by the Victorian Caribbean architecture. However, because of the
weather conditions in Limón, of high humidity and temperature and constant rain throughout
the year, these buildings required some modifications for enhanced comfort.
With time, the inhabitants of the area, Costa Ricans and afro descendants from the Antilles
brought to build the railway, adopted the style, making their own adaptations to the construction
of their homes. The center of Limón and its first expansion, known as Jamaica Town, were the
two first areas where this type of vernacular architecture was developed.
Costa Rican Caribbean architecture is characterized for using timber material for the
structure and enclosures, in which the “balloon frame” system stands out [2]. Large corridors
and galleries, steep-sloped zinc roofing, double eaves, constructed high up on concrete or
wooden piles, are its outstanding architectonic elements. In addition, this architecture presents
decorations of Victorian influence, such as railings, lattices, wooden grilles or petatillos and
corbels. Although constructions for mixed, commercial, religious and institutional use were
made, single-family and multifamily constructions were predominant [3].
In the past, these buildings proliferated in the city of Limón, clearly declining over the years
and putting at risk the identity of the area. Although this type of architecture is characteristic
of the Caribbean in Costa Rica and is linked to the historical urban landscape of the city of
Limón, research on this topic has so far been scarce.
Hardly any literature regarding this topic is available, nor previous inventories to know the
number and conditions of the constructions. Added to this, few buildings are protected by the
government, which increases their risk of disappearing.
In addition to vulnerability to anthropic agents, these buildings are exposed to
biodeterioration, being wood the main construction material, subjected to environmental
conditions of high precipitation, humidity and temperature, as mentioned above. From this
perspective, we focus on this topic as no previous work has been done in the country in terms
of Costa Rican Caribbean architecture.
Since 2018, the Instituto Tecnológico de Costa Rica (TEC), through its schools of
Architecture and Urbanism and Forest Engineering, together with the School of Biological
Sciences at Western Illinois University (WIU), have been collaborating in the research project
“Conservation of the Costa Rican Caribbean architecture by applying advanced techniques for
the study of the causative agents of deterioration of buildings”. The main objective of this
project is “to promote the conservation of Costa Rican Caribbean architecture built within the
urban historical center of the city of Limón (historical center and first expansion) between the
period 1871-1940, based on the inventory, characterization and diagnosis of the causative
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agents of damage in the buildings”. To this end, four specific objectives have been proposed to
be developed over a period of four years, which are:





Identify the Costa Rican Caribbean architecture within the temporal (between 18711940) and spatial delimitation (historical center and Jamaica Town neighborhood)
proposed for research.
Diagnose the signs of deterioration of the buildings selected.
Analyze the causative agents of pathological processes detected in the laboratory.
Propose alternatives for treating the damage detected using a pilot testing project.

This paper presents partial results of the research project. It focuses on showing the
architectural, historic and constructive values of Costa Rican Caribbean architecture, as well
as advancements with respect to identification of damage associated with biological agents in
these buildings.
2. METHODOLOGY
The study and conservation of vernacular architecture requires a process that addresses two
aspects: first, understanding its architectural and constructive elements; and secondly,
developing a better knowledge of the causative agents that influences its deterioration. From a
multidisciplinary vision, this research expects to raise awareness on a type of architecture that
has long been undervalued, and at the same time, find possible solutions to its preservation.
The steps carried out between 2018 and 2019 corresponding to the first three objectives are
detailed below:
2.1. Review of available sources
One of the first tasks of the research consisted in the elaboration of conceptual framework
regarding the Costa Rican Caribbean architecture, for which a series of primary and secondary
sources were consulted, such as books, magazines, catalogues, newsletters, maps, historical
and administrative archives, photographs, expressions of folk art such as paintings and stories,
final graduation papers, among others. Mainly sources were consulted from public libraries in
San José and Limón, National Archive of Costa Rica, National Library of Costa Rica, Library
of ICOMOS Costa Rica, Centre for Research and Conservation of Cultural Heritage and
university libraries.
Additionally, the cultural statistics of the Ministry of Culture and Youth linked to the subject
of heritage were consulted to identify data on the situation regarding use of and state of
conservation of the buildings under study, especially those declared Architectural Historical
Heritage.
A review of literature related to biodeterioration and the protocols for the analysis of
biological agents was also made.
2.2. Systematization of the information
The project was developed using a collaborative work methodology in which each one of
the members contributed to the research according to their expertise. For this purpose, an online
platform has been used (Google Drive), fed by all team members for the storage of information
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obtained and creation of a database where materials such as photographs, cartography,
bibliographic references, etc. are stored.
On the other hand, the information obtained during the first two years of the project was
used to create graphic material showing the characteristic elements identified of Costa Rican
Caribbean architecture.
2.3. Survey of on-site information and building inventory
Between 2018 and 2019 a series of field trips were made to the city of Limón. The purpose
was to gather on-site information to conduct the inventory of Costa Rican Caribbean
architecture. Beforehand, a guide to gather information and the strategy to be followed during
the fieldwork was designed. Next, the information collected was systematized in records.
2.3.1. Initial listing
A list of the buildings was made that compiled the fundamental characteristics of Costa
Rican Caribbean architecture identified using the conceptual framework. Records were used to
gather this information and the premises were georeferenced using the on-line software tool
My Maps (https://www.google.com/intl/es/maps/about/mymaps/), which allowed including
text and photographic information.
2.3.2. Categorization of buildings
Once the initial listing was completed, the buildings were categorized according to legibility
and conservation of the characteristics of Costa Rican Caribbean architecture. The typologies
presented were:
 Type 1: Non-transformed or slightly transformed building, mostly complying with
the characteristics of Costa Rican Caribbean architecture.
 Type 2: Building with some transformations, partially complying with the
characteristics of Costa Rican Caribbean architecture.
 Type 3: Very transformed building, conserves few characteristics of Costa Rican
Caribbean architecture.
 Type 4: Does not correspond to the object of study.
This activity allowed to establish a filter to identify the buildings that should be inventoried.
2.3.3 Inventory
The inventory included the buildings classified as types 1 and 2. The inventory records
designed allowed collection of major information of each building in relation to the research
objectives of the project. Among the data featured are: location; proprietors; architectonical,
constructive and material characteristics; state of conservation; among others.
2.3.4. Preliminary survey of damages and biological agents.
Records were developed to survey the damage and biological agents present in the buildings
inventoried. In addition, photographic records of the elements identified were made.
2.3.5. Data organization
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Final records were prepared with the information obtained from the inventory and the
preliminary survey of damages and biological agents, with the intention of documenting each
of the buildings and to generate a formal document that compiles the inventory.
2.3.6. Inventory revision
A thorough inventory revision process has been carried out and in some cases involved a
second visit to the field site to rectify information collected in the first visit and the new updated
data was incorporated in the data files.
2.3.7. Database
The information of the inventory and the preliminary survey of damages and biological
agents allowed the construction of a database of the buildings of Costa Rican Caribbean
architecture present in the historical center of Limón and in Jamaica Town. This tool, in
addition to facilitate information management, provides input to develop a multi-criteria
evaluation and the creation of a Geographic Information System to support the selection of
buildings for sampling and laboratory analysis.
2.4. Identification of deterioration agents
The process of identifying deterioration agents required the selection of a representative
sample of the buildings initially identified as part of the inventory. To this end, a multi-criteria
evaluation was carried out to prioritize the buildings.
Once the buildings were selected, sampling was performed to continue the study at the
Forest Pathology Laboratory of the Forestry Engineering School at TEC and at the Laboratory
of Fungal Ecology of WIU.
2.4.1. Multi-criteria evaluation
Multi-criteria evaluation consists of a set of techniques focused on decision making by
investigating a number of possible options resulting from multiple criteria and objectives [4].
The ultimate end of this tool is to arrive to concrete decisions after considering information,
objects and relationships [5].
The following criteria were established in the present work, and were assigned different
percentages according to the interests of the project, weighing the value according to the
building:
a) Legibility of the Costa Rican Caribbean architecture characteristics (30%): In order to
promote the conservation of this type of architecture, the proper reading of its characteristics
is essential, so the first criterion is related to the categorization of previously addressed
buildings. Buildings types 1 and 2 were used as they are the ones that best preserve the
characteristics. Weighing was performed in conformance with the following aspects:



Type 1: Non-transformed or slightly transformed building, mostly complying with
the characteristics of Costa Rican Caribbean architecture (2 points).
Type 2: Building with some transformations, partially complying with the
characteristics of Costa Rican Caribbean architecture (1 point).
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b) Architectural Historical Heritage Declaration (20%): This legal concept, contemplated in
Law No. 7555 of Costa Rica, which identifies the country's buildings, public or private, whose
cultural and historical significance makes their conservation important.



Without declaration (0 points).
With declaration (1 point).

c) Conservation state (30%): As a result of the inventory process, the record incorporated
an in-depth assessment of the building components of the edifice. According to the list of the
elements and their assessment, a higher score was given to those buildings with the greatest
need for intervention.




Good: The element is in good condition, conserves all or most of the formal and
material characteristics of the time (1 point).
Regular: The element exists but its state is inadequate, with some damage and signs
of deterioration and modifications that are not consistent with the time (2 points).
Bad: The element is in very bad condition, presenting damage and signs of
deterioration. Its state needs immediate intervention (3 points).

d) Accessibility to the building (20%): This criterion incorporates the possibility of going
deeper into the study of the building.




Access only to the exterior of the building (1 point).
Access to the interior of the building (2 points).
Access to the interior of the building and ease to carry out research (3 points).

Figure 1. Antigua Capitanía de Puerto and the Casa Misionera de la Iglesia Bautista.
2.4.2. Sampling and environmental monitoring
Once the buildings were selected, and with the permission of the owners, the samples of
areas with damage by potential biological agents were collected. As of December 2019, the
sampling was carried out in the Antigua Capitanía de Puerto and in the Casa Misionera de la
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Iglesia Bautista (figure 1). Both buildings have a declaration of Architectural Historical
Heritage. We plan to carry out this work in the other selected buildings in the first half of 2020.
Two samples were taken per damaged area using sterile cotton swabs and another one by
collecting approximately 1g by scratching the exposed material. As part of the protocol, the
damaged areas were sterilized with 70% alcohol. The samples were identified and stored for
future use in the laboratory.
2.4.3. Sampling processing in the laboratory
The samples weighing 1g were divided into two (0.5g each) in order to perform two types
of analysis. The first procedure consisted in the isolating the microorganisms and the second
was extraction of DNA for microbial identification, which is to be performed at Western
Illinois University. The sample was stored at -20°C to be sent later to the United States in DNA
extraction buffer.
The samples were sterilized in a laminar flow chamber by soaking them into 1% sodium
hypochlorite for a period of 30 seconds; then in 96% ethanol for 30 seconds; lastly, the sample
was washed in sterile distilled water for one minute.
2.4.4. Microorganism isolation
The sterile samples were subdivided into three and placed on petri dishes with three types
of culture media: potato dextrose agar (PDA), nutrient agar (NA) and Sabouraud agar (SA).
These cultures were incubated for eight days at 25°C; once incubation finished, the petri dishes
were evaluated and hyphal tips were taken to perform a subculture of each fungus found until
obtaining an axenic culture of each isolated fungus.
2.4.5 Microorganism identification
The axenic cultures obtained were characterized morphologically; in addition, their DNA
will be extracted using a commercial kit DNeasy (Qiagen). Next, molecular identification will
be performed using fungal specific primers at the Fungal Ecology Laboratory at WIU.
2.4.6. Environmental monitoring
Devices for environmental monitoring (dataloggers) were placed in each selected building
to analyze variations in humidity and temperature throughout the research. In addition,
measurements with a thermo-hygrometer and a laser measurer of surface temperature have
been carried out during each visit to the buildings to complement datalogger information. The
information thus gathered is expected to help establish relationships between humidity and
temperature, and the presence of biological agents.
2.5. Participatory process and community awareness
As part of the project’s tasks carried out, focal groups have been formed with social agents
of the community that, because of their professional profile or connection with buildings of
interest for the research, may be able to validate the information or contribute new data. In
total, three focal groups were formed during the second semester of 2018 and the first semester
of 2019.
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Additionally, an exhibition called “Limón Port: Valuing the Costa Rican Caribbean
architecture” was produced, to present some of the first results from the research. Its purpose
was to raise awareness in the population with respect to vernacular architecture.
3. RESULTS
Despite having performed an exhaustive bibliographic and documentary review of the
relevant topics for the project, both the information found in primary and secondary sources
and at documentation centers, archives and libraries, was scarce and lacked specialization in
the subject addressed in the project. In this regard, there is a clear need to develop additional
materials to address the topic of Costa Rican Caribbean architecture and give it the relevance
it has as an identity element of this culturally diverse geographic region.
Nevertheless, the information gathered allowed a better understanding of the evolution of
Limón’s historical center and first urban expansion, and recognize the milestones in the
development of the city and their relationship with the emergence of buildings with similar
architectonic and construction characteristics. Hence, conceptual framework and a timeline
were produced with respect to this topic in order to facilitate the interpretation and
understanding the city’s evolution.
Review of documents, among which the contributions of [6, 7, 8, 9] stand out, and the
contrast between these and the information gathered in the site allowed to identify a series of
essential characteristics linked to Costa Rican Caribbean architecture, as follows:




















Use of timber as the main construction material.
Use of wooden or concrete piles, exposed or covered with little walls in the main
facade.
Presence of attics.
Windows or air vents on the roof of the building.
Outdoor corridors or galleries.
Presence of balconies.
Stairs located in the corridors.
Use of eaves and similar structures in other areas separated from the roof, including
windows.
Portico or covered lobby preceding the main access.
Fretted wood decorations or gingerbread in the facade.
Roofs with steep slopes.
Use of corrugated metal sheets for the roofs.
Strong colors in walls (mainly turquoise, green and pink).
Wooden latticeworks (wooden grilles or petatillos) in the windows and in the upper
part of the walls for cross air ventilation.
Use of shutters.
Central location of the building in the lot to leave free space at least in three of the
sides, which is convenient for collecting rainwater and achieve improved ventilation.
Thermal control chamber for insolation (monitor).
Use of metal sheets as wall facings.
Use of balloon frames.
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On the other hand, the information obtained allowed to establish the categories that would
be used to classify the buildings found in the study area (figure 2). In this regard, it was found
that, of all inventoried buildings, only 12% are type 1, that is, they fully maintain the
characteristics of Costa Rican Caribbean architecture since the interventions they present have
not affected their image or spatial configuration. Part of this category are the Antigua Capitanía
de Puerto and the Casa Misionera de la Iglesia Bautista, both buildings protected by the
declaration of Architectural Historical Heritage.
Among the buildings, 23% were classified as type 2, as they have been partially intervened
and have, to some extent, transformed their historical image. Some of them even suffered
partial alteration of their materials with the addition of modern materials. Type 3 included 28%
of the buildings, which have been noticeably transformed and in some cases are given a
different use from the original; some elements have been replaced, have suffered partial
demolitions or have been intervened with modern materials, with only a few characteristics of
Costa Rican Caribbean architecture remaining.
Type 4 included 19% of the buildings as they were not part of the object of study, despite
being built with wood, they were from a more recent construction period than the established
timeline for the project. The remaining 19% of the buildings were not considered for inventory
due to lack of information about them or access limitations.

Figure 2. Classification of buildings found in the study area.
The building inventory of Costa Rican Caribbean architecture was carried out only with
buildings types 1 and 2. In total, 30 buildings were recorded (figure 3). Each one of the records
provides information about the state of conservation, architectural characteristics, types of
damage found and causative agents.
The information in the inventory records and the database helped perform the multi-criteria
evaluation to choose the buildings in which the sampling and environmental monitoring would
be carried out. The multi-criteria evaluation helped determine the buildings of greatest interest
for research and plan the sampling by prioritizing. The first five positions were taken by: Casa
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Misionera de la Iglesia Bautista (W-tipo1-01), Antigua Capitanía de Puerto (AAA-tipo1-01),
Casa Garvey (TT-tipo1-01), multi-familiar housing (TT-tipo1-02) and multi-familiar housing
(P-tipo1-01).
The process of sampling and monitoring has already begun in the first two buildings
indicated. As of December 2019, a damage survey concerning biodeterioration agents had been
carried out. This survey allowed the identification of at least 15 areas showing biological
damaged in the Antigua Capitanía de Puerto and 24 in the Casa Misionera de la Iglesia Bautista.

Figure 3. Map of inventoried buildings.
In total, 25 samples were collected in both buildings (11 and 14, respectively). As for the
study of fungi associated with these damage structures, these are through a process of isolation
and DNA extraction to be later identified. Although it was determined that both buildings are
affected by termites, so far it has not been possible to find a living insect. DNA sequencing and
analysis of the samples taken is being conducted by researchers at WIU, who are in the process
of identifying the microorganisms, at the morphological and molecular level.
Dataloggers have already been placed in the two buildings and continuous environmental
monitoring work is being carried out. The data has been collected and added to the project
database for use in future stages.
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During these first two years of development, the project has generated a large amount of
information that has been systematized into three main inputs: a 3D modelling of the buildings
with heritage declaration and three private homes; an illustrated glossary of architectural terms
and a guide with features of Costa Rican Caribbean architecture; the two latter ones aim to
promote the use of technical language to refer to the different building elements and to
graphically raise awareness on the particularities of this type of buildings. On the other hand,
three-dimensional modelling will simplify the analysis of the climatic conditions of the
buildings through the use of specialized software, while allowing the documentation of the
buildings.
In order to promote appreciation of this architecture and appropriate the knowledge
generated with this research, the exhibition “Limón Port: Valuing the Costa Rican Caribbean
architecture” was produced. After this activity was organized, stakeholders have shown interest
in launching initiatives related to the tourism sector to allow generation of endogenous
development by valuing heritage resources; precisely at this point, an important relationship
has been established with a new extension project also developed by TEC in relation to valuing
heritage resources.
Lastly, during the development of this research the need arose to identify the varieties of
wood present in the different building elements of the inventoried buildings; this process began
during the second half of 2019 with the visit of specialists from the TEC School of Forestry
Engineering; however, the work of identification will continue over the remaining
implementation time of the project.
4. CONCLUSIONS
The limited information and lack of knowledge on Costa Rican Caribbean architecture
makes its recognition at the professional level difficult. The same occurs with the processes of
awareness and appropriation by the community. Research is required on this type of vernacular
architecture from the historic, social and architectural perspectives.
During the period in which the research has been carried out, the demolition of seven type
1 and 2 buildings has already been recorded, as a result of poor state of conservation and
pressures from urban development. Of these, five buildings could be documented in the initial
listing and two of them have inventory records; thus, the vulnerability of this architecture
remains exposed.
Of the 30 buildings inventoried by the project only two have a declaration of Architectural
Historical Heritage, which means they are protected by the Government; however, this has not
guaranteed their conservation either. The remaining buildings, according to the inventory
carried out and the multi-criteria analysis, show that most of them are in a bad or regular
condition. This should serve to call attention on preserving and valuing these buildings, looking
for options to promote the search for solutions from a multidisciplinary perspective that also
contemplates the in-depth study of causative agents of damage.
The progress of the research has made it possible to identify a number of microorganisms
potentially associated with biodeterioration. The next stage of the project will delve deeper into
the morphological and molecular analysis of these microorganisms in order to propose
solutions to the pathological processes detected.
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Abstract. The present contribution aims to illustrate some first results obtained from ongoing
research on a 16th-century masonry sail vault in the Fortezza Vecchia (the Old Fortress)
in Livorno (Italy). A multidisciplinary research is currently ongoing. The information
collected by means of geometric surveys and experimental tests are being used as input
data for the different analytical and numerical models expressly developed to study the
vault’s structural response. The structural analysis has been performed using two analytical
models set within the framework of limit analysis. The first considers the vault as a thin
shell, and suitable sets of statically admissible stresses are built; the second model is a
modern reinterpretation of Durand-Claye’s method for domes. As an additional term of
comparison, numerical analyses are carried out by means of FE models. The study is still
under development, and a first set of results has been obtained by limiting the analysis to
vertical loads accounting for the self-weight of the vault and that of the overlying soil layers.
1

INTRODUCTION

The present contribution aims at illustrating a preliminary study of the mechanical response
of a subterranean sail vault covering a quadrilateral room located in the Canaviglia bastion of
the Fortezza Vecchia (the Old Fortress) in Livorno. The Fortezza Vecchia is a maritime castle
of great historical interest representative of 15th- and 16th- century Tuscan architecture, built
on behalf of the Florentine government. The study is framed within a research project (PRA
2017 – “Tuscan Renaissance architecture: case studies between historical investigation, survey
and structural analysis”), promoted by the University of Pisa. Some results obtained in the first
phase of the research are illustrated in [1-2].
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2 THE “FORTEZZA VECCHIA” IN LIVORNO
The Fortezza Vecchia (Old Fortress) in Livorno is one of the most significant “alla
moderna” military garrisons in Tuscany. Pisa and later Firenze choose this site located on the
sea at the eastern end of Livorno as a management center for port activities.
Between 1369 and 1376 the “Rocca Nuova” was built, then called “Quadratura dei Pisani”.
In 1421 Florence purchased Livorno for 100,000 gold florins, while Pisa, already sold to
Florence in 1405, strongly opposed the Florentine domination. Livorno became “la pupilla
dell’occhio del dominio Fiorentino” (the pupil of the eye of the Florentine dominion) [3, p. 69]
and began to fortify.
In 1506, Antonio da Sangallo the Elder (c. 1455-1534) arrives in Livorno. As chronicled by
Giorgio Vasari, Antonio da Sangallo’s drawing of the Livorno Fortress was not “entirely
executed, nor in the way Antonio had drawn it” [4, IV, p. 288]. The Livorno citadel is a work
stylistically similar to that in Pisa, on which Antonio began work in 1509. However, in August
of the same year management of the site was taken over by Giuliano, who drew up the final
plans [5, p. 685]. At the Livorno construction site, several engineers, technicians and experts
oversaw the various stages of construction.
The Livorno Fortress contains some imposing medieval buildings - the Square Tower, the
Keep, the Quadratura dei Pisani. Medieval tradition played a considerable role in the drafting
of the plans for Livorno. The layout of the Livorno fort was not geometrically regular because
of the massive medieval structures it incorporated, and its peculiar position completely
surrounded by the sea [5, p. 685-686].
As early as 1519 “the foundations were dug” for the Livorno walls. In 1520 construction
work began on the new seaward bastion, called the ‘catena’ (chain), later called Cavaniglia,
and later still Caviniglia. As the foundations had to be laid directly in the water, a wooden
formwork was made, though not without difficulty [5, p. 686; 3, pp. 47–53]. In 1525 the Fortress
became an island reachable from land by a boat pulled by cable fixed to an anchoring stone.
Between 1546 and 1547, Cosimo I de’ Medici, decided to build a palace for his family right
inside the fortress. The building stood above the Quadratura dei Pisani and included the
medieval Keep [6].
3 THE SAIL VAULT BY ANTONIO DA SANGALLO THE ELDER IN THE
CANAVIGLIA BASTION OF THE FORTEZZA VECCHIA
The contour of the Canaviglia bastion is very wide; the throat instead contains the facades
of both the quadrangular medieval tower and the contiguous corner of the Quadratura. The west
flank is connected to the corner of the Quadratura dei Pisani, which works as the seaward
curtain, by a short stretch of wall 16 cubits long. This section contains the inspired addition of
an unusual trapezoidal room, covered by a sail vault with an octagonal central ventilation
oculus, which links the concave retired flank with the square tower and the medieval stronghold
(Figure 1). This room represents a structure of great interest, in which we can recognize the
Sangallo brothers’ research into “ancient spatial concepts filtered and mediated by
Brunelleschi’s inventions” [5, p. 688].
The data collected via a TLS survey of the entire fortress (inside and out) has been made
available by the administrative bodies (Autorità di Sistema Portuale del Mar Tirreno
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Settentrionale – North Tyrrhenian Sea Port Authority). The survey, available as a point cloud,
features a density of about 3 points per square centimeter. The point clouds were recorded in a
single reference system and were furnished in Autodesk ReCap format. The Autodesk
environment made it easy to extract the geometries needed for structural analysis.

Figure 1: Canaviglia bastion, trapezoidal room covered by a sail vault with octagonal central oculus. Image by
Photographic Laboratory, Department of Civilizations and Forms of Knowledge, University of Pisa.

3.1 The structural scheme of the sail vault
Point clouds are not well suited for structural analyses. Hence, a representative subset of
points was selected from the survey. The coordinates of these points have been used as input
data to find the best approximating surface of the vault intrados. A spherical shape has been
chosen a priori as approximating surface. The search for the optimal parameters values has been
performed by means of a simplified numerical optimization procedure, illustrated in [1]. The
ideal surface thusly determined, which turned to be very close to the survey points, is a sphere
of 5.5-meter radius.
The vault thickness has been estimated by means of the results of the still ongoing
experimental campaign. More precisely, the internal stratigraphy of the vault was investigated
by performing 16 endoscopic tests which enabled verifying that the vault is made of seemingly
uniform brick masonry. The vault thickness is minimum at the top, where it is equal to 50 cm,
and gradually increases as the vault approaches the lateral walls. In order to build a simple
structural scheme of the vault that is on the safe side, a uniform thickness of 50 cm has been
adopted in the analyses for the resisting part of the vault (Figure 2). The part of the vault that
exceeds 50 cm has been considered as a dead load.

1340

F. Barsi, D. Aita, R. Barsotti, D. Ulivieri and S. Bennati

Meridian section
Masonry wall

314 cm

Plan
y
B
8,14 m

100 cm

4

Filling
Masonry vault

5,59 m
h=50 cm

5,20 m

θ

O 0,85 m

ᵠ

6,58 m

var.
650 cm

R=5,50 m

x

3,55 m
A
a)

z

O

85 cm
b) 120 cm

r

8,16 m
var.
Figure 2: Geometry of the vault: plan (left) and vertical section along a meridian (right).

STRUCTURAL ANALYSIS OF THE SAIL VAULT

The structural analysis has been performed by following a methodology already applied by
some of the authors to a recent study that addressed the dome of Pisa Cathedral [7]. Two
analytical models are used that are set within the framework of limit analysis. The first considers
the vault as a thin shell, and suitable sets of statically admissible stresses are built; the second
model is a modern reinterpretation of Durand-Claye’s method for domes.
In all the analyses, the loads considered are the self-weight of the vault, the weight of the
filling material and that of the masonry wall around the oculus. A specific weight of 18 kN/m3
has been adopted for the masonry and filling. By hypotheses, the walls are considered to be
perfect constraints for the vault.
Structural analysis of the sail vault against the vertical loads represents just a first
preliminary step toward the evaluation of the vault safety level. The vault as well as the whole
Fortezza is a massive masonry construction built for defensive reasons; hence, no structural
problem is to be expected as far as vertical loads are concerned. In the following some
preliminary results are illustrated obtained by considering the effect of vertical loads. The effect
of more severe actions such as internal explosions, bombing and cannon shots from enemy
ships will be considered in the next phase of the research.
4.1 Modeling the vault as a masonry shell: statically admissible internal forces
distributions
The analysis is aimed at determining statically admissible stress fields within the vault,
which is modelled as a masonry shell. For the sake of simplicity, we limit the analysis to axialsymmetric distributions. In order to provide a first estimation of the safety level of the vault,
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two different safety factors may be introduced: the geometrical and mechanical safety factors.
When geometrical safety factor is considered, the masonry compressive strength is assumed to
be unbounded, and safety becomes a matter of geometry. The geometrical safety factor is
defined as the ratio between the actual thickness of the vault and the minimum thickness for
which it is possible to find a statically admissible stress field. When the mechanical safety factor
is considered, the masonry’s compressive strength is taken into account. The mechanical safety
factor is defined as the ratio between the masonry compressive strength and the maximum stress
in the vault.
Since the sail vault at hand is of considerable thickness, the geometric safety factor for
vertical loads turns out to be very high. The calculations performed, which are not shown here
for the sake of brevity, enable estimating a geometric safety factor of at least 40.
As per the mechanical safety factor, a statically admissible distribution of the internal forces
within the masonry shell is built by allowing bending stresses along the whole meridian and
compressive hoop forces in the parallels near the top of the vault, within a region of given width
(Figure 3). By optimizing the width of the region in which compressive hoop forces are present,
the masonry strength assuring a mechanical safety factor of 3 can be made as low as 0.98 MPa.

Figure 3: Dimensionless forces per unit length, (nq, nj = axial force in parallels and meridians; tj, mj = shear
and bending moment in the meridians).

4.2 Equilibrium analysis of the sail vault through a modern re-edition of Durand
Claye’s method
In this section a revised version of Durand-Claye’s method [8, 9] will be applied in order to
perform a first evaluation of the stability of the sail vault. In previous papers, the authors have
proposed a modern version of Durand-Claye’s method by translating the complex graphical
construction into a suitable set of equations in terms of the internal forces [10]. Furthermore,
the method has been re-edited for domes in order to adequately take into account the influence
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of hoop forces and some kinematic aspects at collapse [11-12].
As illustrated more in detail in [2], a first equilibrium assessment can be conducted by
applying the slicing technique. In this regard, Durand-Claye’s method is applied to two lunes
of embrace angle equal to j = 40.11° and j = 70.79°, corresponding respectively to the dashed
lines A and B in Figure 2, left. An infinite compressive strength is considered for the masonry.
The top region near the central oculus is considered to be a rigid annulus of infinite strength.
The red and blue curves in Figure 4 correspond to the attainment of a positive or negative limit
bending moment at some joint in the radial direction: the stability area is the hatched area
bounded by the aforementioned limit curves. Using the same notation adopted in [10-13], it is
defined as the locus of the points (P, e) corresponding to statically admissible solutions under
the hypothesis of nil hoop forces. Since both stability areas in Figure 4 are extended, the lunes
under examination are in equilibrium even if compressive hoop forces are assumed to be nil.
The thrust lines corresponding to the maximum (points B, D) and minimum (points A, C) values
of the horizontal thrust P are shown in Figure 5. Coherently with the stability area results, they
are all contained within the lune’s thickness.

Figure 4: The stability area related to the dome defined by j = 40.11° (a); the stability area related to the
pendentive of maximum embrace angle j = 70.79° (b).

Figure 5: The maximum and minimum thrust lines related to points A, B, C, and D of
the stability areas plotted in Figure 4.
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As expected, the Fortezza Vecchia sail vault is quite far from any collapse condition.
Moreover, even if the stability area were reduced to a single point by progressively reducing
the lune’s thickness, this would not lead to a limit condition, since the collapse mechanism
identified by the vanishing of the stability area would not be a kinematically admissible
mechanism for the dome considered as a whole. In this case, the lateral surfaces of each lune
would act as constraints by preventing inwards motion.
5

CONCLUSIONS
-

-

-

-

The present contribution illustrates some first results of an ongoing research project
aimed at studying the structural behavior of the subterranean brick masonry sail vault
covering a trapezoidal room in the “Canaviglia” bastion in the Livorno “Fortezza
Vecchia”. The interdisciplinary analysis aims to take into account historical,
geometrical, mechanical and construction aspects.
A detailed survey of the intrados surface has been carried out by means of a rangebased (laser scanning) survey methodology. A post-processing procedure has been
adopted in order to obtain the vault’s intrados sections in CAD format and the
analytically determined ‘best’ approximating smooth surface.
Structural analysis of the vault has been performed by means of two different models
set within the framework of limit analysis. The first model yielded a preliminary
estimate of both the geometrical and mechanical safety factor by considering the
masonry vault as a thin shell unable to transmit any tensile stress. The second model
made use of a revised version of Durand-Claye’s method, by appropriately slicing the
sail vault into “lunes”. The analyses show that, as it was expected, a considerable safety
margin can be estimated for the vault subjected to vertical loads.
Further analyses will be performed within the next step of the research program.
Experimental investigations are going to be performed on the vault and walls so as to
fully determine their main geometrical and mechanical parameters. Further study will
address the more significant loading condition produced by bombing or internal
explosion by also taking into fully account the three-dimensional structural behavior
of the sail vault.
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Abstract. Selected results from the investigation program of a historic R.C. bridge are
presented in the paper. The bridge, crossing the Adda river between the Municipalities of
Brivio and Cisano Bergamasco, consists of three tied arch spans, about 44.0 m length each,
and represents a crucial node for the vehicular traffic of the region. After a maintenance
intervention performed on one pier, the local Authorities committed to Politecnico di Milano
an extensive investigation including: (i) documentary research and review of the bridge
history; (ii) visual inspection and geometric survey of each span; (iii) full-scale load tests and
ambient vibration tests; (iv) FE modelling of each span and validation of the numerical
models (through comparison with the available experimental results) and (v) structural
assessment of the bridge in its present condition. After a concise review of the bridge history,
the paper summarizes the complete results of the experimental tests performed on one span
(visual inspection, geometric survey, full-scale load tests and dynamic tests) as well as the
development of numerical models.
1

INTRODUCTION

Historic bridges are an important part of the national heritage and often represent essential
nodes of the contemporary road and railway network. A great number of historic reinforced
concrete (R.C.) arch bridges was erected in Italy in the first half of the 20th century, as the
concrete arch was the most common solution adopted for bridges spanning over 40.0 m or
more [1]. Of course, many of these bridges, which were designed according to what today are
considered outdated code regulations, are still in service, and their structural assessment is of
increasing concern. As a matter of fact, these structures require a special attention because are
exposed to several potential damage causes, such as aging of the materials, effects of
pollution, lack of maintenance, inappropriate use, increase of traffic vibrations and natural
hazards.
The procedure to assess the structural condition of a historic bridge involves several tasks,
according to the multidisciplinary approach presented in the modern guidelines of restoration
and conservation of historic structures [2]: documentary research in the archives, on-site fullscale testing and finite element (FE) modelling are some of these important tasks to track the
health state of a historic structure [3-4]. The documentary research can provide useful
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information about the construction phases, structural details and any changes that may have
occurred in the life of the structure. Direct inspection and on-site full-scale tests can provide
information about the current state and can increase the knowledge about the material
properties and the actual structural response. FE models based on the original design
drawings, geometric survey and on-site tests can play a fundamental role in the correct
assessment of the investigated structures [5-7]. Moreover, the process of developing FE
models involves assumptions and simplifications (about the boundary conditions, the
characteristics of materials, the presence of damaged areas, etc.) that may induce remarkable
errors in predicting the actual response of a “as-built” bridge. Even refined FE models often
fail to predict resonant frequencies and modes shapes with a sufficient level of accuracy, as a
consequence of both modelling and material uncertainties. A good practice to reduce the gap
between the actual behaviour of a full-scale structure and its model is to perform operational
modal testing and the consequent validation/calibration of the numerical model by
minimizing a measure of the difference between experimental and numerical parameters [1].
Within this context, the present paper summarizes the investigation carried out on the
Brivio bridge, built in 1917 and consisting of three R.C. tied arch spans. The investigation
involves documentary research, visual inspection and geometric survey, load tests and
ambient vibration tests, FE modelling and model updating. The paper is structured as follows.
Section 2 describes the main characteristics of the Brivio bridge. Section 3 describes the
experimental investigations carried out to assess the heath state of the analysed bridge.
Section 4 describes the implemented FE models in detail, and section 5 concludes the paper.
2 DESCIPTION OF THE BRIDGE
The historic Brivio Bridge is located between the municipalities of Brivio (province of
Lecco) and of Cisano Bergamasco (province of Bergamo), about 50 km North-East of Milan,
in the Lombardia region, northern Italy. The bridge, designed by the Italian engineer
Giuseppe Banfi [8], was built between June 1912 and May 1917 (Fig. 1) and crosses the Adda
river. The overall structure consists of three R.C. spans with parabolic arches, that are
supported by two piers – whose foundation is built in the river bed – and two end abutments.
The documentary research in the archives allowed to find almost complete information on
the bridge design, so that important data are available through original drawings (Fig. 2a),
static calculation of the arches (Fig. 2b), structural details of reinforcement and foundation
system (Fig. 2a), construction materials and code regulation adopted in the bridge design [9].

Figure 1: Pictures of the construction phases of the Brivio bridge.
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(a)

(b)

Figure 2: Brivio bridge: (a) Original design drawings [8], and (b) Static calculation of the arch.
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In particular, design documents revealed that the steel bars were designed for a maximum
tension of 100 MPa, whereas the maximum compression in the concrete was set equal to 4
MPa (with the exception of a few cross-sections where a higher compression of 7 MPa was
assumed as allowable). The documentary research also provided information on the issues
met during the construction and especially related to the search of workmen and raw materials
in some periods of the First World War and the proof load test performed before the bridge
opening.
An upstream front view of the bridge is shown in Fig. 3. The Cisano Bergamasco
(Bergamo) side is on left bank, whereas Brivio (Lecco) side on the right bank. In this paper,
the closest span to Bergamo side was identified as Span 01, the central span as Span 02, and
the closest span to Lecco side as Span 03.

Figure 3: General arrangement of the Brivio bridge.

The bridge underwent several maintenance works during its lifetime. The last interventions
date back to:
(a) the 80s, involving the replacement of the support bearings and the increase of the
thickness of the deck slab (but few details about these works were found and
uncertainty affects the actual thickness of the deck slab);
(b) 2014, involving the pier between Span 01 and Span 02 with the introduction of sheet
piles to protect it against the erosive action of water.
The bridge (Fig. 3) is 130.80 m long and crosses the Adda river. The central span is 44.00
m long while the length of lateral spans is 43.40 m. Each span is symmetric with respect to its
mid-longitudinal plane and consists of a horizontal deck, 2 arches and 32 vertical hangers (1
arch and 16 hangers per side).
The deck, 9.2 m wide, hosts two roadway lanes (each 3.8 m wide) and two sidewalks (Fig.
4a) and it is composed by a concrete slab supported by a grid of longitudinal and transversal
beams. The deck cross section includes two main girders (0.45×1.00 m2) and two secondary
longitudinal beams (0.20×0.40 m2); the girders are spaced 8.60 m center to center and
includes 22ϕ44 steel bars of reinforcement, whereas the secondary beams are spaced 2.00 m
center to center. Both elements (girders and beams) are symmetrically located with respect to
the vertical longitudinal plane of the bridge (Fig. 4d). The R.C. slab was originally 14 cm
thick, but after the strengthening of the 80s, even if no drawings are available, the owner
reports the increase to 20 cm. However, the R.C. slab is also supported by transversal beams,
equally spaced every 2.30 m (in correspondence of each vertical hanger).
The arches exhibit a rise of about 8.00 m at the keystone and a rectangular cross section,
0.60 m wide and of height varying between 1.25 m and 1.50 m. The arches of each span are
transversally connected with eight struts of 0.35×0.50 m2 section (Figs. 4b and 4c).
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Two concrete tapered piers support the deck into the river bed. Each pier, with a maximum
dimension at the base of 3.80×12.80 m2 (Fig. 4a), is supported by forty-eight piles of
“Considère” type, ranging from 13.00 m to 16.00 m in depth.
During the visual inspection, the concrete of the bridge shows diffuse whitish efflorescence
and clear signs of carbonation. Furthermore, some horizontal cracks were observed in the
vertical R.C. hangers (Fig. 4e).

(a)

(b)

(c)
(d)
(e)
Figure 4: Brivio bridge: (a) General view of the bridge, (b) Detail of the arches, (c) Detail of the vertical hangers,
(d) Detail of the longitudinal beams, and (e) View of one horizontal crack detected on a hanger.

3

TESTING AND SYSTEM IDENTIFICATION OF THE BRIDGE

Direct inspection and experimental tests were carried out to assess the bridge current state.
Most of those tests were performed on June 2014 (i.e. geometrical survey of arches and
hangers, visual inspection and ambient vibration tests) whereas static load tests were
performed on September 2014. The experimental investigation was carried out for all the
spans of the bridge [10], but in the present paper only the results of the Span 01 will be
described.
In the case of ambient vibration tests (AVT), the structural response to ambient and
operational excitation was acquired with sixteen vertical measuring positions according to the
sensors layout shown in Fig. 5a. Eight cross-sections were instrumented in correspondence of
the vertical hangers with two accelerometers placed on both sides of the deck. Two different
setups were carried out, considering two sensors as reference transducers, which were kept at
the same locations in both setups (see the blue arrows in Fig. 5a). For each setup, ten high-
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sensitivity uniaxial accelerometers (WR 731A, 10 V/g sensitivity and ±0.50 g measuring
range) connected to a WR P31 power unit/amplifier (Fig. 5b) and a multi-channel acquisition
system with 3 DAQ modules (NI 9234, 24-bit resolution, 102 dB dynamic range and antialiasing filters) were used. The structural response was acquired at a sampling frequency of
200 Hz and a sampling time of 7200 s.
The modal identification was carried out applying the Frequency Domain Decomposition
(FDD) technique [11], and the first four singular value lines (SV) of the Span 01 are shown in
Fig. 5c. In the frequency range 2-18 Hz, seven vibration modes were identified, and the
corresponding mode shapes are shown in Fig. 6. In particular, f1, f2, f4 and f6 are bending
modes, while f3, f5 and f7 are torsion modes.
The load test was carried out on September 8th, 2014 and a Topcon GPT 3003 total station
(angle measurement accuracy of 0.3 mgon and maximum distance measurement of 3000 m)
was used to measure the vertical displacement of selected points of the bridge during the tests.
Two two-axle trucks (average weight of 336 kN) and two three-axle trucks (average weight of
434 kN) were used as test vehicles.

(a)

(b)
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(c)
Figure 5: Ambient vibration test: (a) Sensors layout, (b) WR 731A accelerometer and WR P31 amplifier, and
(c) Singular value lines (SV) and identification (FDD) of resonant frequencies of Span 01.
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f1exp = 3.77 Hz

f2exp = 6.03 Hz

f3exp = 7.02 Hz

f4exp = 7.87 Hz

f5exp = 8.97 Hz

f6exp = 13.10 Hz

f7exp = 17.21 Hz
Figure 6: Vibration modes of Span 01 identified (FDD) from AVT.

Two load configurations were carried out. The first configuration is aimed at investigating
the effects of an almost uniformly distributed load along the longitudinal axis of the bridge
and the test vehicles were positioned in one row, with the three-axle trucks loading the central
part of the bridge (Fig. 7). The second configuration consists in applying the test vehicles in
the center of the span along two parallel rows (Fig. 8b). Since the load tests were performed
just after the strengthening of the pier (on Bergamo side) supporting Span 01 and Span 02, the
tests of those spans involved both load conditions, whereas only the first one was adopted in
testing Span 03.
The results of the load tests show a regular behavior of the bridge, with the maximum
displacements being very low (i.e., less than ten thousandth of the span length). Figure 8c
shows the deformed shape of Span 01 under the load condition characterized by two rows of
test vehicles: the loaded span exhibited a maximum vertical displacement of 3.2 mm.

Figure 7: Trucks used during the load test of Span 02.
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Figure 8: Load tests: (a) View of the bridge during the tests; (b) Second load configuration of Span 01;
(c) Deformed shape of Span 01 and comparison with the prediction of 2D model.

4

FEM MODELLING AND UPDATING

The experimental program of field tests was complemented by the development of 2D
(Fig.9a) and 3D (Fig.9b) FE models, based on the available geometric survey.
The simplified 2D model was developed and, subsequently, calibrated with the results of
the AVT with the main objective of quickly obtaining a reasonable prediction of the vertical
displacements during the load tests. After the live load, the 3D numerical model was
developed to better investigate the reliability of some assumptions on the geometry of the
structure and the interventions that have partially modified the bridge over the years.
The numerical 2D model consists of 126 linear beam elements used to represent the deck,
the arches and the vertical hangers (Fig.9a). The deck was simulated with a horizontal beam
representing the geometric characteristics − in terms of area and inertia − of the whole cross
section of the bridge (i.e., the equivalent cross-section includes the upper concrete slab, the
main girders and the secondary longitudinal beams). Seventeen tapered beam elements were
used to model the arch: the rectangular cross section is 1.20 m width (equal to the sum of the
width of the two side arches) and exhibits varying heights (the height decreases from the end
to the top of the arch and vice versa). The sixteen hangers were simulated as vertical beams
with a rectangular cross section. Furthermore, only one end of the deck was restrained to the
horizontal translation, while springs were added to account for the vertical deformability of
the pier and of the abutment supporting the span.
The weight per unit volume was assumed equal to 25 kN/m3 for the entire structure, and
the Poisson’s ratio of 0.20 was also held constant. The masses of the elements whose axes lie
out of the plane of the model (namely, the floor beams of the deck and the transversal struts
connecting the arches) have been lumped at the corresponding nodal positions.
The Young’s moduli of deck (Edeck), arches (Earch) and hangers (Ehanger) and the constant of
the vertical springs (ks) were considered as uncertain parameters and their value were
estimated by minimizing the difference between numerical and experimental natural
frequencies. The simple system identification procedure proposed in [12] was used to solve
the inverse problem. According to [12], each natural frequency of the model is approximated
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by a simple polynomial expression fi*(X), depending on the uncertain parameters (or updating
parameters) collected in the vector X. After a few FE runs needed to evaluate the polynomials
fi*(X), the updating parameters are computed by minimizing the following objective function:
M

J ( X ) =  wi [ f i exp − f i* ( X )]2

(1)

i =1

where wi (i=1, 2,…, M) are weighting constant (which were set equal to 1 in the present case)
and fiexp represents the i-th experimentally identified frequency.

(a)
(b)
Figure 9: FE models: (a) 2D model, and (b) 3D model.

F12D = 3.77 Hz

f22D = 6.03 Hz

f42D = 7.98 Hz

f62D = 13.10 Hz
Figure 10: Vertical vibration modes of the updated 2D model.

The selected base values of the unknown parameters to apply the method are: Edeck=40
GPa, Earch=35 GPa, Ehanger=35 GPa and ks=2.0×106 kN/m. The optimal values of those
parameters are reported in Table 1, whereas the lower mode shapes of the updated 2D model
are shown in Fig. 10. The comparison between the natural frequencies of the simplified model
and the experimental ones is summarized in Table 2. It should be noticed that, despite the
simplified nature of the 2D model, a good correlation is obtained in terms of both natural
frequencies and mode shapes (Fig. 10): in terms of frequency discrepancy (defined as
∆fi=100│fiexp− fiFEM│/fiexp), the maximum and average discrepancy turned out to be 1.29%
and 0.36%, respectively (Table 2).
Furthermore, since the 2D model was mainly established to obtain a quick prediction of the
results of static load tests, Fig. 8c exemplifies the match between predicted and measured
displacements in the second load condition performed on Span 01.
After the full-scale tests, the numerical 3D model was developed. In this model 1980 beam
elements were used to represent the longitudinal and transversal beams, the arches and the
vertical hangers, whereas 1184 shells were used to simulate the concrete slab. The arches and
the vertical hangers were modeled according to the available geometric survey, and

1354

Giacomo Zonno and Carmelo Gentile

furthermore, eight transversal beams were added to connect the top part of the arches. The
deck was modeled as a grid of beams with four longitudinal beams, sixteen transverse beams
(one for each vertical hanger) and an upper concrete slab 0.20 m thick. An equivalent section
equal to 0.35×0.80 m2 was attributed to the slab transversal beams. Concerning the boundary
conditions, the model was considered as simply supported in longitudinal and transversal
directions, while vertical springs were added to simulate the vertical deformability of pier and
abutment of Span 01.
Similarly to the 2D model, the weight per unit volume and the Poisson’s ratio of the
reinforced concrete was assumed equal to 25 kN/m3 and 0.20, respectively. The structural
parameters selected in the updating procedure are: the Young’s modulus of the two edge
girders (Egirder), the Young’s modulus of the grid (Egrid), the Young’s modulus of the arches
(Earch), the Young’s modulus of the hangers (Ehanger) and the constant (ks) of the vertical
springs supporting the span. Table 1 summarizes the optimal estimates of the updating
parameters, whereas the mode shapes of the updated 3D model (corresponding to the
experimental ones, see Fig. 6) are shown in Fig. 11. The comparison between the natural
frequencies of the model and the experimental ones is reported in Table 2.
The inspection of Fig. 11 and Table 2 highlights an excellent correlation between the
optimal 3D model and the experimental results, with the average and maximum frequency
discrepancy being equal to 1.61% and 3.52%, respectively; furthermore, Figs. 6 and 11 shows
a fairly good correspondence of mode shapes, as well.
Finally, the analysis of results in Table 1 suggests that the updated parameters of the 2D
and 3D models exhibit a fairly good consistency.

F13D = 3.64 Hz

f23D = 6.12 Hz

f33D = 7.02 Hz

F43D = 7.89 Hz

f53D = 9.13 Hz

f63D = 12.67 Hz

f73D = 17.03 Hz
Figure 11: Vertical and torsion vibration modes of the updated 3D model.
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Table 1: Optimal structural parameters of 2D and 3D models
Parameter
Edeck (GPa)
Ehanger (GPa)
Earch (GPa)
ks (kN/m)

2D model

Egirder
Egrid

3D model
42.
35.
28.
42.
2.20×106

44.
31.
36.
1.69×106

Table 2: Comparison between experimental and numerical (2D and 3D updated model) frequencies
fexp (Hz)

2D model
fFEM (Hz)
∆f (%)

3.772

3.774

0.05

3.639

3.52

6.030

6.025

0.08

6.123

1.54

7.019

−

−

7.019

−

7.874

7.975

1.29

7.889

0.19

8.972

−

−

9.127

1.73

13.100

13.096

0.03

12.667

3.21

17.210

−

17.029

1.06

−

∆f =100│(f

5

3D model
fFEM (Hz)
∆f (%)

exp

FEM

−f

)/f

exp

│

CONCLUSIONS

The paper focuses on the preliminary structural assessment of the Brivio bridge. After the
maintenance intervention performed on one pier, an extensive investigation of the bridge was
carried out, including documentary research, visual inspection and geometric survey of each
span, full-scale load tests, ambient vibration tests and FE models development. Based on the
results presented in the paper, the following conclusions can be drawn:
• The historic research has provided valuable information on structural details and
changes occurred to the structure;
• The visual inspection and the on-site geometric survey has provided information about
the current geometry and heath state of the bridge;
• 7 vibration modes were identified from ambient vibration tests in the frequency range 020 Hz;
• The collected information allowed the development and validation of 2D and 3D FE
models;
• The calibrated 2D model was successfully used to predict the vertical displacements
measured in load tests (that, in turn, demonstrated a regular behavior of the bridge).
The investigation herein presented turned out to be of utmost importance in enhancing the
knowledge of the bridge structural behavior. However, further investigation (involving coring
tests of materials and continuous dynamic monitoring) have been recently scheduled.
Acknowledgements. The support of the Province of Lecco is gratefully acknowledged.
The authors would like to thank M. Cucchi (LPM, Politecnico di Milano) for the assistance in
conducting the field tests.
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Abstract. A spiral staircase in Loretto Chapel in Santa Fe, New Mexico, has no center column
to provide structural strength and stability. Some estimates say that the stair should have
collapsed at first use. Yet, the stair has been used daily since its genesis in 1878. Explanations
of the strength of the structure varied from “basic mechanics” to “miracle”. This article
presents a stress analysis of the stair using a finite element model. The loading is 16 persons
on steps 1, 3, 5, …, 31 of the stair (as shown in an old photograph), the weight of the stair, and
the weight of the railing. Stress computation was performed with a finite element model built
and run in Abaqus CAE (Dassault Systemme, 2016). The analysis shows that the center spiral
is severely stressed. The maximum Von Mises stress, which occurs near the top of the center
spiral, is 1.7MPa. The ultimate strength of strong Engelmann spruce is 2.0MPa. The absence
of the center column is significant because a center column would reduce the maximum stress
in the stair to about 0.3MPa.
1

INTRODUCTION

The Loretto Chapel in Santa Fe, the capital of New Mexico, has a spiral staircase with no
center column to provide structural strength and stability. Some estimates say that the stair
should have collapsed at first use (Bullock, 1978). Yet, the stair has been used daily since its
genesis in 1878. Explanations of the source of the structural integrity ranges from simple
‘physics’ (e.g., Carter, 2010) to attribution to miracle. A landmark in the historic Old Town
area of Santa Fe, the staircase has been the subject of many articles. A popular story about the
genesis of the stair has been re-enacted in television shows and movies including "Unsolved
Mysteries" and the 1998 television movie entitled "The Staircase” (Bobbin, 1998). The author
of this present work did not find any numerical explanation of how the stair can support its own
weight and the load that it carries. A good numerical explanation can be in the form of stress
calculation using finite element analysis and comparison against material strengths. Many
related examples of this kind of analysis for wooden structures include Invernizzi (2016).
This article provides finite element calculations to show: 1) The stresses in the staircase
structure under heavy loading, 2) Which parts of the structure may be stressed most heavily,
and 3) How a center column would reduce the stress.
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Figure 1 shows the structure of the stair. The figure is an artist’s rendering; but the only
difference between the figure and photographs of the actual stair is that the figure eliminates
the railing to provide clear view of the structure of the stair. The strength analysis in this paper
will include the railing as a load, not part of the load-bearing structure. For the first two years
of its use, the stair had no railing (Black, 2014). Making two turns of 360-degree spirals, the
stair has a total of 32 steps, the 33rd ‘step’ being the balcony floor. (The number 33 is said to
be the age of Jesus Christ when he was crucified.) Table 1 shows data used in the strength
analysis. Specific weight is used to calculate the loading of the stair structure due to its own
weight. The ultimate strength and the shear strength of the material (assumed here to be
Engelmann spruce) are used not in the calculation but instead compared to the maximum stress
in the stair structure.

Figure 1: Staircase structure. (Black, 2014)
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2

DATA

Table 1 shows data used in the strength analysis. Specific weight is used to calculate the
loading of the stair structure due to its own weight. The ultimate strength and the shear strength
of the material (assumed here to be Engelmann spruce) are used not in the calculation but
instead compared to the maximum stress in the stair structure.
Table 1: Data used in strength analysis

Parameter, unit
Height, m
Outside radius, m
Inside radius, m
Number of steps
Thickness of boards, mm
Thickness of inner and outer helices, mm
Weight of railing structure, N/m
Number of persons on stair
Weight of each person, N
3

Value
6.706
1.224
0.300
32
50.8
76.2
200
16
800

Notes
Excludes railing structure
Excludes railing structure
The 33rd step is the balcony floor
Assumed for all boards
Rough estimate. Small load.
Heavy load based on Fig. 3
Conservatively heavier than persons in Fig. 3

METHOD OF ANALYSIS

The results of the calculations presented in this article are in the forms of stress. In particular,
Von Mises stress is a good overall measure to show the relative distribution of stresses
throughout the stair structure. Compressive stress will be compared to the compressive strength
of the material; and shear stress will be compared to the shear strength of the material. The
stresses that the stair material has to endure is calculated below with a finite element model
built and run in Abaqus CAE (Dassault Systeme, 2016). A mesh (Fig. 2) was created from the
geometry of the stair, and used throughout this analysis. Figure 3 is a photograph illustrating a
heavy loading scenario. Figure 4 is a model of the loads used in the stress analysis: Sixteen
persons weighing 800N each stand on steps number 1, 3, 5, 7, …, 31. The weight of each person
is assumed evenly distributed over the tread. The stair is also loaded by its own weight, plus the
weight of the railings.
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(b)

(a)
Figure 2: a) Mesh of the stair, b) Cut-outs showing internal braces.
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Figure 3: Photograph used to estimate loads.

4

Figure 4: Boundary conditions: Fixed on the top and
bottom of the stair. Loading: one person each on
steps 1, 3, 5, …, 31; gravity (weight of stair), and
weight of railings.

STRESS CAUSED BY THE LOADING

Figure 5 shows that the center helix is heavily stressed. At the location with the highest
stress, near the top of the inner helix, the Von Mises stress is about 1.7 MPa. The strength of
wood is very anisotropic: fracture depends on the alignment between the stress components
and the direction of the wood grains. High compression (negative normal stress) in the
direction of the wood grains can cause separation of grains (Fig. 6a). Shearing stress parallel
to the direction of the grains (see Fig. 6b) also can cause separation of grains. Because
anisotropy is important in wood, the compressive and shear stresses are calculated and shown
in Fig. 7. The greatest compressive stress is 1.4 MPa. The location of the greatest compressive
stress is again in the center helix. The greatest shear stress is 0.75 MPa. The location of the
greatest compressive stress is also in the center helix.
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b)

a)
Figure 5: Von Mises stress a) Side View; b) View from above
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a)

b)
Figure 6: Wood fracture caused by a) Compressive stress; b) Shear stress

a)

b)

Figure 7: Damaging stress a) Compression; b) Shear
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The material of the stair must be strong enough to withstand the above stresses. Knight
(1997) investigated the material and concluded that it was a sub-species of spruce. If the
material is Engelmann spruce (which is stronger than most other spruces), it would break at
its ultimate strength of 2.0MPa if compressed in the direction of the grains (which is the most
damaging stress loading. Wood is much stronger in other loading directions.) If more weights
load the stair (for example, a heavy person on each step), it is quite possible that the weights
of the persons and the weight of the stair together will break the stair structure. The most
likely location of the fracture is the center helix. It is also possible that the stair material is an
even stronger Sitka spruce whose ultimate strength is 4.0MPa (Green, 2001). However, the
cold location where Sitka spruce grows is many hundreds of miles away from Santa Fe, and it
would have been difficult in the 1870’s to transport the wood to Santa Fe. On the other hand,
Engelmann spruce grows in New Mexico (Green, 2001).
The high stresses from the analysis confirm the assessment that it is difficult for the stair to
bear the load (about 14kN from 16 persons plus the railings) plus the stair’s own weight
(6014N). Thus, the concern that the stair might have collapsed upon loading was justified. A
spiral stair without a center column was not only rare but also difficult to design. A center
column would serve well as a backbone to the stair. Though downplayed by some experts (e.g.
Carter, 2010), the absence of a center column may well be significant.
5

THE IMPORTANCE OF A CENTER COLUMN

Figure 5 shows that the center helix, especially the top part of it, is by far the most heavily
stressed part of the stair. Suppose, then, that the center helix were replaced by a more complete
hollow column that supports the stair from the ground, as illustrated in Fig. 8. Then, this support
would reduce the stresses around the center of the stair. The stress reduction would give a
numerical value to the importance of a center column. Below, the above analysis process is
applied to the hypothetical design in Fig. 8. The boundary conditions and loads are the same as
those shown in Fig. 4.
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Figure 8: A hypothetical design, the same as the original design but with a center column.

Figure 9 shows that, with a center column, the highest stress in the stair is now around
0.3MPa. The location of the highest stress is on the outside wall at the top of the stair, near the
place where the balcony supports the stair. The highest Von Mises stress, which occurs around
the center of the stair, is just around 0.28 MPa. Those stresses are about eight times lower than
the stress around the center helix of the stair without center column. Thus, the stair without a
center column is about eight times weaker than an equivalent stair with a center column. This
analysis shows that a center column is very important to the strength of the spiral stair.
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a)

b)

Figure 9: Von Mises stress in a stair with center column: a) Side view; b) A view from above.

6

CONCLUSION

When loaded with one person every other step, the column-less stair is heavily stressed. The
center helix sustains the heaviest stress, especially at the top where the stair is attached to the
balcony. The highest stress is about 1.7MPa. Thus, the center helix material must be a strong
wood like Engelmann spruce which can sustain stresses up to about 2.0MPa, or a stronger wood.
If more weights load the stair (for example, a heavy person on each step), it is quite possible
that those weights and the weight of the stair together will break the stair structure. The absence
of a center supporting column is quite significant. When loaded with the same load as the
column-less stair, a similar stair design with a center column would be stressed to just about
0.3MPa maximum.
Although spiral staircases are common in architectural heritage buildings, few lack both a
center column and a stair well that supports the stair from the ground. Most spiral staircases
have a center column. The Bramante Staircase at Vatican’s St. Peter museum lacks a center
column but has a stair well. So does the triple helical staircase of the convent of San Domingos
in the Bonaval district of Santiago de Compostela. Angelillo (2016) published an elegant proof
of the stability of that staircase – evidence that a stair well that supports the stair from the ground
would significantly strengthen a spiral stair.
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Abstract. The Custody of the Holy Land, with own and EU funds, and in Partnership with UNHabitat, is implementing a comprehensive rehabilitation Project in Dar Al Consul civic and
residential complex, which is one of the Custody properties in the heart of the Old City of
Jerusalem. The complex, which corresponds to a urban block of relevant dimensions (80 x 50
m x 5 levels above and below the ground) and intersects the Roman Cardo, consists of 40
Houses and a basement floor used as a closed storage at the street level, besides sharing part
of its ground floor with the old city market. Prior to the planned rehabilitation works in the
houses - to improve the living conditions – and in the basement - to be reused as public space
- the Custody intended to conduct a safety assessment of the complex for both static and seismic
loads, in order to integrate any needed strengthening work within the planned restoration
activities. A series of technical activities were then carried out aimed at evaluating the safety
conditions of the structures. A comprehensive investigation campaign was planned and
executed in order to characterize the structural materials and define the constructive
techniques. Several modelling strategies of the structures, which resulted particularly complex
for the historical stratification of the site, were then used. By means of numerical modelling,
the stresses were defined in the masonry elements by weight and by occurrence of a seismic
event, allowing to highlight the insufficient safety conditions of the main resisting elements of
the basement and subsequently to define adequate structural consolidation strategies. During
the works, the need for archaeological excavation implied further engineering efforts in order
to allow deep excavations avoiding any harm to the above positioned levels and structural
portions.
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1

FOREWORD

The Custody of the Holy Land is a fraternity of the Order of Friars Minor, a religious order
in the Catholic Church, the Franciscans. The Custody preserves, studies and values the places
where the Christian faith originated. It also provides social and housing services to the
communities who live in the Holy Land. The Custody, in partnership with UN-Habitat and with
own and UE funds, is implementing a comprehensive rehabilitation project in the Dar al Consul
civic and residential complex, which is one of the Custody properties in the Old city of
Jerusalem. Such complex consists of 40 houses and a basement floor used – at the beginning of
the works – as a closed storage at the street level. The project intends to rehabilitate the houses
to improve the living conditions of the local community, upgrade the open spaces among the
houses and to rehabilitate and confer a new use to the basement as a public space [1].
The building complex covers about 2’400 sq. m divided into 6 buildings, bounded by Khan
El Zeit Street, where there are shops of the Jerusalem Souk, and El Tikkyeh Street, where the
entrances are. The height of the buildings is variable and reaches a maximum of about 15m
from the street level, with 3 floors besides the basement floor (Figure 1).
In parallel with the intended aims of the project, the Custody requested a thorough study for
understanding the structural behavior of the built environment in order to couple the necessary
rehabilitation interventions with the necessary structural strengthening actions.
2 SITE HISTORY, “DAR AL CONSUL”
The building was named after the Prussian Consul who resided in the building around the
middle of the 19th century [2], [3], [4]. The Prussian Consulate purchased a large building in
the Muslim quarter to serve as an important German center in the city, and rented another
adjacent building that was converted to a Prussian hospice [5].
The property of the building was then transferred to the Latin Patriarchate in Jerusalem
around the year 1882. The upper floors of the building were used as a political and cultural
center for Prussian activities and for around three decades it was a major site in the Old city.
The upper floors have been drastically changed since then and additional buildings were
constructed, changing the original shape. The building is one of a chain of huge buildings
located on the eastern side of the Bab Khan az-Zait Market (Suq Khan az-Zait). The current
extension of the Khan az-Zait Market can be traced back to the second century AD.

Figure 1: plan view and cross section of the Dar al Consul structural complex in the old city of Jerusalem
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Figure 2: Architectural plans of the building dated August 1882 and January 1883, C.Schick - K.W.Baurath,

This was part of the Cardo Maximus, constructed by the Roman Emperor Hadrian as the
main colonnade street of "Aelia Capitolina" (the roman name for Jerusalem) in the second
century AD. The whole Suq Khan az-Zait and the eastern alleys connected to it were engaged
in soap production as well as several olive-oil and sesame presses (ma'asir simsim). These kinds
of productions can be traced back to the 10th century AD., or even earlier. It seems that the
production of soap had also continued in the Crusader period, flourishing and reaching its peak
in both the Mamluk and the Ottoman periods.
3 STRUCTURAL INVESTIGATIONS
From the 1st to the 5th of December 2014, a wide experimental campaign was carried out in
the Dar Al Consul site [6]. The campaign was carried out to determine the main characteristics
of masonry, such as the type and soundness of walls, materials and construction techniques,
and of the reinforced concrete structures, including mechanical characterization of the major
structural elements. Several non-destructive and slightly destructive tests were performed on
masonry walls and columns, such as single and double flat jack tests to obtain information on
the mechanical characteristics of masonry, sonic tests to identify the compositional
characteristics of masonry by measuring the velocity of mechanical waves propagating within
the structural elements, videoscope surveys to determine the constitution of the structural
elements and the material features, mortar and stone collection for laboratory tests aimed at the
determination of their chemical-physical-mechanical properties, providing useful information
on the analyzed structural materials. Also tests on reinforced concrete elements of the XX c.
buildings were performed, including magnetometric surveys with covermeter aimed at the
determination of the position of the rebars in the r.c. elements, with estimation of the concrete
cover of the reinforcement, Schmidt-hammer together with ultrasonic tests, aimed to the
estimation of the characteristics of the concrete with the SonReb method, compressive strength
tests on concrete cores extracted, tensile testing of samples of reinforcing bars in laboratory
aimed at the determination of the mechanical characteristics of the steel.
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3.1 Obtained results
Results obtained from the tests carried out highlighted a marked vulnerability of the
substructures of the complex, and acceptable mechanical characteristics of the structural
elements in the upper floors, especially of the most recent buildings.
According to the visual surveys, the masonry typology of the basement may correspond to
"Masonry with roughly arranged stones, made up with external leaves of limited thickness and
internal infill” (table C8A.2.1, [8]), with Young modulus E - to be considered for stability
calculations - in the range 1’020 – 1’440 N/mm2. The comparison with the obtained results
shows that the modulus of elasticity in the unloading branches is similar, even if quite scattered,
for several tests carried out. However, in the loading branch calculation, a visible stiffness
reduction is evident for low value of compressive stress, denoting a reduced value with respect
to similar masonry typology found in the area [7]. Moreover, the sampled mortar is remarkably
poor and with a substantial presence of organic material.
Sonic tests indicate generally reduced values, especially those carried out in the basement.
The walls denoted to have quite low sonic velocities on the ground floor, possibly indicating
reduced mechanical characteristics and/or presence of internal loose infill, cavities or
inconsistencies. In the upper level velocities are higher, however with variable velocity values.
Velocity remarkably increase in presence of diatones or other stones that cover the entire
thickness of the wall.
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Figure 3: investigation campaign results, basement: (above) Flat Jack test nr.2; (below) sonic tests SON 1 & 2
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Direct visual inspections executed through video endoscopy on masonry elements made
possible to identify the inner characteristics of walls, floors and vaults, indicating different state
of material compactness and arrangement for the several surveys carried out. The surveys
allowed the direct inspection of the inner composition of walls, mainly composed by stone
masonry with joints of considerable size.
4

STRUCTURAL MODELING – SAFETY CONDITIONS

4.1 The modeling strategy
Considered the structural complexity of the site, a multi-modelling approach was chosen,
trying to overcome the limits of any modelling strategy by a combination of methodologies,
relying on both global and local models. Linear FE modelling is considered a reliable procedure
for the definition of the vertical stress distribution (self-weight analysis) on masonry structures,
since the Finite Elements method allows modelling very complex geometries in a quite precise
manner. Limits of this methodology emerge when performing the seismic analysis, introducing
remarkable shear and tensile stresses, given the (fictitious) hypothesis of linear behavior of
structural materials. For this reason and in general in historic masonry buildings, dynamic linear
analyses should be more used for understanding the general dynamic behavior (initial
frequencies, mode shapes, relevant areas from a dynamic point of view…) rather for defining
the structural safety at the Ultimate Limit State. A non-linear equivalent frame approach is
indeed suggested for the seismic analysis of masonry buildings, employing a static non-linear
(pushover) analysis, since this modelling strategy, however quite simplified, allows considering
the strongly non-linear behavior of masonry, redistributing stresses and deformations
accordingly, even if accepting some limitations (relevant geometrical simplification). Limit
analysis is considered the standard procedure – also given its simple applicability – to define
the seismic response of existing masonry buildings when subjected to loads acting out of the
plane of the resisting masonry panels, being the most relevant damage scenario experienced by
such class of structures in case of earthquakes.

Figure 4: the Dar al Consul global FE model (left) and results of the self-weight analysis at the basement (right)
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For the definition of the structural safety level of the Dar al Consul site, the following analysis
methodologies were then used: Numerical modelling (Finite Element method), for the
assessment of the static and seismic response of the whole complex, by using a static and modal
(seismic response) analyses. Numerical modelling (Equivalent Frame approach), for the
evaluation of the seismic response of the most significant portions of the residential buildings.
Limit analysis, for the ULS safety evaluation of individual structural portions resisting by
equilibrium conditions to the seismic inertial forces.
4.2 Obtained results
A tridimensional FE model of the Dar al Consul structural complex was created in order to
evaluate the stress and deformation patterns in the masonry and concrete elements [9]. The
model is bounded to the ground with fixed restraints, and it is composed by 430’291 tetrahedral
3D elements and 891 beams. The typical size of the tetrahedral 3D element is 0,5 m.
The self-weight analysis was carried out according to the Israeli Standard SI 412 basic
combination [10]. Results obtained in terms of σZZ stress (compression) indicate that the
average value of compressive stress at the ground (basement) level corresponds to
approximately 0,5-0,6 N/mm2. In the upper floors the stresses decrease to 0,25-0,35 N/mm2.
The maximum compressive stress locates at the basement level, where the poorest masonry
quality was found, in the main pillars supporting building nr.4. An average compressive stress
of approximately 1,0 N/mm2 or slightly higher is found in the pillars subject to higher
compressive forces. Considered the reduced masonry strength at the basement, and from the
stability checks carried out, unsafe conditions emerge for the most stressed elements of the
basement, namely the pillars sustaining the building nr. 4, but also for linear elements (walls)
subjected to less load but with possible lower strength. The average value of stress found from
the analysis is in line with the material strength as prescribed by the standards, and sign of
cracks / lack of maintenance – and previous strengthening interventions by r.c. jacketing of the
pillars – are present in this area, indicating this part of the complex as one of the most vulnerable
from a structural point of view.
The seismic analysis of the Dar al Consul complex was carried out by using three different
modeling strategies, relying on a numerical approach, with a linear (Finite Element Method)
and nonlinear (Equivalent Frame) methodology, and on limit analysis, bearing in mind that the
use of an elastic model for determining the seismic response of an existing masonry structure
can be misleading since the stress redistribution following the relevant (real) non-linear material
behavior in occurrence of an earthquake cannot be properly simulated.
In a first step, the FEM model proposed the analysis of the natural frequencies and associated
modes of the structural complex, describing its linear dynamic behavior. The strong degree of
compactness of the structural complex, as well as the confining action of the adjacent buildings,
stiffen the structural dynamics of the complex, and only relatively few well identified modes
were clearly identified, all of them related to the upper levels.
Results of the spectral response analysis, by employing the design response spectrum prescribed
by the Israeli Standard SI 413 [11], indicate presence of non-negligible shear stresses in the
masonry of the upper levels, following the mode shapes distribution. The shear values are
however generally limited, reaching only in few points values non-compatible with the material
strength, indicating possible damage concentration areas, in case of the design earthquake.
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Figure 5: 3D FE model: a) mode nr.10 – f = 6,10 Hz – 31% of mass participation, dir.X

The large number of resisting walls in the two directions at the ground (basement) level together
with the limited site seismic hazard, results in limited shear forces at the base of the complex.
Four Equivalent Frame (sub)models were implemented for the execution of the seismic
analysis of the upper buildings of the structural complex, named building 1-6, building 2,
building 3 and building 4. The analyses carried out per each sub-model indicate that the
structural response can be considered adequate, by employing the elastic response spectrum
prescribed by the Israeli Standard SI 413. However, considering the soil amplification factor as
prescribed by the Italian Standard, it emerges that models building 1-6 and building 3 present
some deficiencies, mainly due to lack of resisting walls in the Y direction, denoting a structural
seismic vulnerability in the range of 70% (100% corresponds to a satisfactory response).
The limit analysis approach, considered the standard procedure to define the seismic
response of existing masonry buildings when subjected to loads acting out of the plane of the
resisting masonry panels, was finally applied. The kinematic models, implemented to define
the stability of the masonry panels under the seismic actions, were applied to a relevant number
of masonry panels of the structural complex, whose stability was assessed in accordance with
the Italian regulations, considering both linear and non-linear formulations [8].

a)
b)
Figure 6: global overturning and upper overturning local collapse mechanism
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For each possible significant local mechanism, a part of the construction becomes a labile
system (kinematic chain), through the identification of rigid bodies able to rotate between them
(mechanism of damage or collapse), usually defined on the basis of typically seismic induced
shear surfaces (cracks). The seismic action is then schematized as an equivalent static force
given by the product of the mass of the wall and of the vertical loads, times the seismic
acceleration, regarded as constant along the height of the wall. The procedure continues with
the evaluation of the multiplier of loads (ratio of horizontal forces applied and weight of the
masses) which activates the mechanism, that is to say that equals the stabilizing (loads of
structural elements) and unstabilizing (inertial seismic) forces. Out-of-plane mechanisms
relative to vertical strips of masonry were studied, involving the overturning of the whole wall
(Figure 6a) and of the upper level/s of the same wall (Figure 6b).
The checks indicate a general unsafe situation (see typical graphical representation in Figure
7), mainly for lack of adequate connection devices. The greater vulnerability corresponds to the
presence of unrestrained vaults, domes and thin masonry in the upper floors of buildings, with
their relevant horizontal thrust at the abutments.
Legend:
10.00%
40.00%
80.00%
110.00%

safety factor
0% - 30%
30% - 60%
60% - 100%
> 100%

Figure 7: the Dar Al Consul complex North-East view, graphical representation of the safety factor

5

THE REHABILITATION AND STRENGTHENING INTERVENTIONS

A comprehensive architectural and structural intervention is being carried out since 2014,
and it is still ongoing, entailing both the rehabilitation of the houses and public spaces of the
complex and its structural strengthening and seismic upgrading. The interventions aim at
upgrading the living conditions of the residential buildings in the upper levels, at the same time
introducing elements for the seismic strengthening (e.g. tie beams), and to reconfigure and
strengthen and preserve the basement spaces, that with the passing of time lost their residential
/ commercial function, finding a balance between conservation and changed architectural needs.
Moreover, safety issues are further concerned considered the excavation needs of the site, for
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both functional and archaeological needs.
5.1 Interventions in the basement
It is noted a generalized lack of structural consistency in several areas of the basement
resisting structures, for intrinsic reasons and for lack of maintenance interventions for relevant
periods. The encountered masonry typology of the basement corresponds to irregular stone
masonry, thus indicative of a structural vulnerability, worsened by the poor mortar quality. The
results of the structural analysis indicated furthermore relevant stress values in the basement,
especially in some vertical elements, where previous strengthening interventions were already
introduced. For this reason it was considered critical – besides providing a generalized
improvement of the mechanical characteristics of the stone masonry structures (hydraulic lime
grout injections, deep repointing), to locally intervene to strengthen the most heavily loaded
pillars, subjected to excessive compressive values with reference to the actual masonry
capacity. Interventions such as “confinement” or “stitching” were designed and applied –
together with the overall interventions of hydraulic lime grout injections and deep repointing –
to provide an increased strength to such structures, consequently increasing their “safety”
conditions.

Figure 8: general layout of the interventions in the basement structures, strengthening intervention on pillars

1377

Filippo Casarin, Leonardo Di Marco, Marco Mocellini, Ramzi Sidawi, Philip Dahabreh and Amjad K. Taweel

Figure 9: sonic test SON4/SON4i, comparison of velocity before (avg. 800 m/s) and after (avg. 2000 m/s) the
injection intervention, graphic representation between sonic velocities (face view of the acquisition grid)

“Traditional” intervention methods were hence employed, always employing compatible
materials as hydraulic lime mortar, as deep repointing in masonry walls and pillars, together
with more recent techniques which proved their effectiveness, specifically in case of low
resistance stone masonry elements. Between these, grout injections in masonry walls and
pillars, executed with a high absorption ratio and validated through further investigation
activities (direct sonic tests, Figure 9), since an overall increase of the velocities measured was
widely found (in case of test SON4, an increase of 220% was recorded). Other methods
employed were the confinement of masonry pillars and walls transverse tying, in areas of stress
concentration, as emerged from the structural modelling. In cases in which there was lack of
material, stone integration/reconstruction was considered, highlighting the newly introduced
from the original material.
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Figure 10: geometrical survey of the basement in 2014 (left) and today (right), with a relevant increase in
area and excavations depth
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A relevant part of the activities finally corresponded to the excavations in the basement soil,
which, year after year, gave the possibility to reach lower levels and find buried structures, also
with relevant historical and archaeological findings (e.g. tombs, roman era shops), see Figure
10. From an engineering point of view, it was, and it still is a challenge to support the
superstructures with uncertain soil conditions, given the difficult execution of geotechnical
investigations, the diffuse presence of cisterns in the bedrock and the chaotic stratification of
the historical layers of the underground Jerusalem.
6

CONCLUSIONS
-

-

-

-

-

A wide study was carried out to define the structural safety levels of the Dar al Consul
complex in Jerusalem. To this aim, several analytical methodologies were employed,
since the assessment of the safety state of an historical masonry building is a
remarkably complex task, and a single methodology may not be adequate to properly
describe the structural response;
A comprehensive on-site investigation campaign was carried out in order to
characterize the resisting structures of the residential complex. Tests carried out
highlighted the vulnerability of the masonry structures, especially in the basement;
Several behavioral models of the structure were implemented, obtaining results of the
linear FEM (static and dynamic), non-linear static (equivalent frame approach seismic), and linear and non-linear limit (local collapse mechanisms) analyses;
The self-weight analysis indicates that the maximum compressive stress locates at the
basement level, where the poorest masonry quality was found, in the main pillars
supporting building nr.4. An average compressive stress of approximately 1,0 N/mm2
or slightly above is found in the pillars subject to higher compressive forces.
Considered the reduced masonry strength at the basement, and from the stability
checks carried out, unsafe conditions emerge for the most stressed elements of the
basement;
Results of the seismic analysis indicate presence of non-negligible shear stresses in the
masonry of the upper levels, following the mode shapes distribution. The shear forces
are however generally limited, reaching only in few points values non-compatible with
the material strength, indicating possible damage concentration areas, in case of the
design earthquake. The large number of resisting walls in the two directions at the
ground (basement) level together with the limited site seismic hazard, results in limited
shear forces at the base of the complex.
The strengthening intervention arising from the investigation and structural assessment
phases, still ongoing, relies on traditional and present-day intervention methods,
aiming at the material capacity increase (strengthening of masonry elements)
especially in isolated elements or where high stress ratios are found;
Activities in the Dar al Consul site are currently progressing towards completion,
entailing – after the thorough structural strengthening phase – the architectural and
conservative detailed design.
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Abstract. As a result of the provisions of the Westphalian Peace ending the Thirty Year´s
War in 1648, three Protestant churches of timber frame construction, of a previously
unknown size, were built in Silesia, outside the walls of the towns of Głogów (Glogau), Jawor
(Jauer) and Świdnica (Schweidnitz) in the middle of the seventeenth century. The churches in
Świdnica and Jawor, preserved until today, were entered in the UNESCO World Heritage
List in 2001 owing, among other things, to the use of pioneering architectural and
constructional solutions.
Answers to questions about the supporting structure designed by military engineer
Albrecht von Sebisch in 1656 for the Church of Peace in Świdnica and what construction
techniques were selected by master carpenters Andreas Gamper, and Kaspar König, master
bricklayer Hans Zöller, and an unknown clay mason in the years 1656-7 for the von Sebisch
project, have been sought on the basis of a detailed analysis focused on the following
research aspects: construction layout and carpentry joints, carpenters’ marks, building
material and its processing, materials used to fill the frame fields, and external colour. This
analysis has been supplemented by a study of the sources, the literature, and by
dendrochronological and technological research.
It has turned out that the main load-bearing system of the church is a system of
longitudinal and transverse frames reaching in height through all the floors from the
foundation to the top plate under the lean-to roofs above the aisles, or under the gable roof
above the nave. Two storeys of the matroneum that encircle the entire interior were directly
integrated into this system. The whole is crowned with an orchid truss both over the central
nave of the main body and over both parts of the central nave of the transept. As joinery
connections, mortise and tenon joints, scarf joints face halved, and cogged joints were used in
different variants, depending on their function. Except for oak sill plates and down braces,
only softwood was used. Only the whole trees were used, machined initially with an axe, and
smoothed with a broadaxe. The fields created by the frame were filled with clay on staffs and
plastered. The frame structure was painted dark grey, and the fillings whitewashed.
A comparative analysis with other seventeenth- and eighteenth-century objects on the
frame architecture of Lower Silesia shows that the scale of the Church of Peace is unique,
while the construction techniques used do not differ from the solutions of that time.
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1

INTRODUCTION

The history of the Churches of Peace in Głogów (Glogau), Jawor (Jauer), and Świdnica
(Schweidnitz) begins with the Peace of Westphalia of 1648, ending the Thirty Years War. The
results of the peace negotiations concerning Silesia are contained in paragraphs 38-41 of
article 5 of the peace agreement. In paragraph 38, the Augsburg Lutheran princes of Brzeg
(Brieg), Legnica (Liegnitz), Ziębice (Münsterberg), and Oleśnica (Oels), and the city of
Wrocław (Breslau) were guaranteed religious freedom under the pre-war privileges, however
not under the law, but from the emperor's act of grace. In accordance with paragraph 39,
neither the Protestant princes nor their subjects in the Duchy subordinate to the king, referred
to as hereditary, were forced to leave the country on account of their religion, provided they
kept social tranquillity. In addition, they were granted the right to participate in Evangelical
services in places outside the country. Paragraph 40 additionally permitted the followers of
the Augsburg faith in hereditary duchies to build three churches outside the city walls:
Świdnica, Jawor, and Głogów, if they so demanded. In the last paragraph (41) Sweden and
the Protestant states of the Reich received the right to intervene in the Silesian Protestants'
matters at the sessions of the Reich Parliament [1, pp. 123-4].
Further restrictions for the Protestants occurred in the years 1651 and 1652 relating to the
building of the Churches of Peace: they could be made only of wood and clay [2, pp. 51-52].
In addition, under the order of Ferdinand III 1653, Protestants were deprived of all churches
in Catholic Silesia under the so-called reduction of churches, including 254 churches in the
Duchy of Jawor and Świdnica [3, pp. 145-230].
After collecting money in the Protestant territories of the Reich and in the neighbouring
countries for the construction of the Churches of Peace, it was possible to start their
execution: first, in the years 1651-2, in Głogów, then, in the years 1654-6, in Jawor, and,
finally, in the years 1656-7, in Świdnica (Fig. 1-2). According to the conditions imposed by
the Habsburg authorities, the churches were placed outside the city walls. They were
characterized by half-timbered construction and were of enormous scale, which was not
common before, as they had to have enough space to house the faithful from the whole duchy
at once. The first church of Głogów collapsed during the storm of 1654, but was rebuilt in the
a following year. However, in 1758, the second church, built in a half-timbered construction,
was destroyed by fire. In the 2nd half of the 17th century and the beginning of the 18th century
on, the churches in Jawor and Świdnica were extended by the boxes for the nobles and guilds,
vestries, and church bell towers. From the middle of the 18th century both churches underwent
numerous repairs and restoration works, mainly on the occasion of jubilees. The churches in
Świdnica and Jawor, preserved until today, were entered in the UNESCO World Heritage List
in 2001 owing, among other things, to the use of pioneering architectural and constructional
solutions [4].
This distinction became the motivation for undertaking detailed research on the building
history, architecture, and half-timbered construction of both of the churches in Świdnica [5]
and in Jawor [6]. The subject of this article is the Church of Peace in Świdnica, which will be
focused on two research questions. The first of these will refer to the load-bearing frame
construction designed by military engineer Albrecht von Sebisch in 1656. The second
question will concern the construction technique used to build the church in the mid-
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seventeenth century by carpentry masters Andreas Gamper and Kaspar König, bricklayer
master Hans Zöllner, and a clay masonry master of an unknown name. Based on the
reconstruction of the original half-timbered construction, the following issues were presented
in order of appearance: the structural system and carpentry joints, the system of carpentry
assembly marks, the building material and its processing, the materials used to fill the panels,
and external colours. Some of these topics have already been raised in publications [7], [8],
[9], while this article is the first attempt at a synthetic discussion of all of the abovementioned issues. The author, however, is aware that the aspects taken into account do not
cover all the issues related to the construction and building technique of the Świdnica church
in its entirety.
2 THE ORIGINAL CONSTRUCTION AND BUILDING TECHNOLOGY OF THE
CHURCH
2.1 Construction layout
The drawing reconstruction shows that the original church was built on a cross plan with
the same length of the longer arms of the body and of the shorter arms of the transept (Fig. 3).
Both the three-aisle body and the three-aisle transept were made in a basilica layout, with
gabled roofs above the nave and mono-pitched roofs over the side aisles. (Fig. 4).
The architecture of the individual façades is shaped by the half-timbered construction (Fig.
5). The walls are divided by posts into repeating bays, by sill plates, inter-storey rails, extreme
ceiling beams and top plates into panels, and by studs and intermediate rails - into fields. A
horizontal accent in the composition of the façade is formed by braces crossing on several
levels, emphasizing the internal spatial layout. There are neither decorative elements nor
woodcarving decorations in the façades.
Two storeys of the matronea consistently run around the interior of the church, clearly
emphasizing the central spatial arrangement. They occupy the space of the aisles and are
supported by an additional structure within the naves. While the naves were covered with a
flat ceiling, the space in the aisles under the mono-pitched roofs was used for the upper
matroneum.
The body of the church is about 44.75 m long and about 20.50 m wide, and in the southern
and northern arm of the transept - about 5.5 m long and also about 20.50 m wide. The height
to the ceiling is about 9.25 m in the body and transept in the aisles, and about 15.00 m in the
nave.
The original main supporting construction of the church, still well visible today, consists in
the body in the longitudinal direction of four frames reaching the length of the entire church
and two frames found only within the matroneum. The axial distance between them is on
average about 4.20 m. In the transverse direction there were ten frames. The axial distance
between them ranges from about 3.90 m to about 4.35 m.
The transept consists of six longitudinal frames and two transverse frames. Of the
longitudinal frames only the outermost frames are independent with their own posts adjacent
to the posts of the body. The use of duplicated posts eliminated the threat of significant
weakening of a single corner post by multiple carpentry joints. The other frames connect with
the main posts of the longitudinal frames of the nave body and form a homogeneous
construction with it. The axial distance between the longitudinal frames varies from approx.

1383

U. Schaaf

3.90 m to 4.25 m, and the axial distance between the transverse frames is approx. 5.50 m.
Initially, all the posts reached the full height of the half-timbered construction, joining with
top plates above. The results of architectural studies indicate that the current structure around
the lower fragments of the posts and sill plates is secondary everywhere. It can only be
concluded from the preserved fragments of the original sill plates that they were originally in
the form of a rail between the posts, and that these posts reached a little deeper [5, vol. II, pp.
84-85. There is a lack of material traces to reconstruct reliably the structural solutions below
the sill plates, and the only clue is the reconstruction contained in Fritsch's article from 1886,
which was based on oral communications [10, p. 603]. The reconstruction presents one post,
which reaches about 2 m deep, where it connects with the sill plate. The whole was stiffened
with two down braces. The construction with posts reaching deep into the ground was an
outdated solution in the mid-seventeenth century, but its use is supported not only by
information about the ends of the posts damaged six years after the construction [11, p. 52],
but also by von Sebisch's quest for better stability [5, vol. I, pp. 104-5].
The rafter-collar, mono-pitched roofs have identical construction over the aisles of both the
nave body and transept. Full trusses coincide with transverse frames of the frame structure,
while there are incomplete trusses with beams between these frames. The roof structure over
the central naves of the body and transept is a double collar-beam truss with a post structure
lying on the lower floor and a central king post strut construction on the upper floor of the
truss. Full and incomplete trusses coincide essentially with the structural transverse frames
and the entablatures between them. The exceptions to this rule are: the central full truss of the
aisle body above the intersection and the second and third full trusses of the southern and
northern arms of the transept.
While the aisle body and transept form a uniform construction, the trusses over their
central aisles are separate systems: Full and incomplete trusses of the aisle body are fully
developed even above the crossing of the aisles, and incomplete trusses of both arms of the
transept reach only the body truss.
Individual wooden elements are connected with each other by means of tenons, lap joints
and cogged joints in various variants. Tenons are used, among other purposes, to connect
elements located in one plane and in contact at a right angle (for example, main posts with sill
plates and top plates), or in a diagonal contact (for example, flat sloping upper braces with
posts below the beams). Lap joints were also used in the same systems. They predominate in
the case of joining the stiffening braces together (e.g. crossing braces) or other vertical and
horizontal elements (e.g. posts and truss beams). Lap joints are also used to lengthen the
elements in one plane (for example, an oblique overlay joint to lengthen the sill plates and
capping beams). To connect two elements that were not in one plane together, cogged joints
(e.g. floor beams and truss beams with binding beams and capping beams) were used.
2.2 Carpenter´s marks
The timber framing of individual church construction assemblies, e.g. walls or roof trusses,
was performed on the so-called carpentry workbench. Temporary storage of timber-framed
assemblies and their transport to the place of construction of the church before erecting the
half-timbered construction, as well as the need to distinguish during the assembly of
individual elements similar to each other required appropriate marking. When analysing the
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system used in the mid-17th century by carpenters, the method of marking structural elements
in three directions: in breadth, length, and height was taken into account.
The marking of the transverse trusses of the body is as follows (Fig. 6): the trusses have,
counting from the western gable to the intersection of the naves, assembly marks based on the
Roman system of writing numbers: I, V, VIII, XI, XV, XVIII, XXI, and XXV (Fig. 7-8), and
counting from the eastern gable, assembly marks in the form of round notches: 1, 5, and 8, all
made with a chisel. The transverse frame between the frames marked XXV and the round
marks in the number 8 have a carpentry mark in the form of semicircular notches in the
number 11 adjacent to a thin line. Owing to the fact that the longitudinal frames of the
transept are an extension of the middle transverse frames of the body, they are marked in the
same way. The transverse frames in the northern arm of the transept have marks in the form
of triangular notches made with a chisel, adjacent to a thin line: one triangle in the gable
frame, six triangles in the other transverse frame, directly adjacent to the longitudinal body.
The transverse frames in the southern arm of the transept are generally marked in the same
way, but with the difference that instead of marks in the form of triangles a circular mark
made exclusively with a chisel was used. Ceiling beams and truss beams between the frames
complete the missing numbers. For example, between the frames marked with Roman
numerals I and V, there are ceiling beams and truss beams numbered II, III, and IIII. Inside
the individual transverse frames of the body and transept, all the elements have the same
mark, for example, Roman I in the western gable façade. No distinctions in the marks of the
elements on either side of the axis of symmetry or between individual bays created by the
posts were found.
However, in the case of the longitudinal frames of the body, it turned out that the façades
of the elements of each bay were given different carpentry marks each. In these bays there are
the following marks from the west: I, V, VIII, etc., and from the east round marks of
increasing numbers. Despite the fact that they were partially exposed, no assembly marks
were found on the structural elements of the internal longitudinal frames.
Altitude distinction exists only in the southern and northern gable walls of the transept and
in the western bay of the southern wall of the aisle. Rails and braces in them are marked from
the bottom up, up to the level of the mono-pitched roofs above the aisles, with semi-circular
or triangular marks numbered one to seven in the gable façades, and Roman marks from I to
IIIIIII in the southern wall of the aisle.
The use of such a simple system of carpentry assembly marks when framing the halftimbered construction of a church, in which many similar elements have the same carpentry
mark, was probably possible because the carpentry site was also a construction site, which
made possible the proper storage of these elements and their direct assembly.
2.3 Construction timber and its precessing
The analysis of the surface of the structural elements shows that only whole trees were
used to build the church. Neither half wood nor cross wood was found. Basically, the logs
were pre-treated with an axe, and then smoothed with a broadaxe, often leaving the wane to
save wood and achieve maximum cross-section (Fig. 8). Only some elements were smoothed
with an adze instead of a broadaxe.
All structural elements are straight, without any curves visible to the naked eye, and their
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edges run essentially parallel, which testifies to both careful selection of trees in the forest and
precise machining of them at a carpentry site. Only in the case of very long elements, for
example posts, has a decrease in cross-section upwards been found.
The aforementioned desire to achieve the maximum cross-section of building material is
also evidenced by uneven cross-sections within one type of structural elements. For example,
the dimensions of inter-storey girths range from 27x32 cm to 30x35 cm. However, regardless
of these differences, it can be concluded that building material with four diameters was used,
depending on the function of wooden elements in the supporting construction of the church:
very thick lumber, about 52 cm in diameter (i.e. about 20 inches), from which the
posts were made;
thick lumber, with a diameter of about 42 cm (i.e. about 16 inches), from which sill
plates, inter-storey girths, binding beams and top plates were made;
medium-sized lumber, about 31-34 cm in diameter (i.e. about 12-13 inches), from
which, among other things, ceiling and truss beams, rails, studs (except for the gables
of the mono-pitched roofs), and down braces in the internal supporting construction
were made;
small lumber, about 21-24 cm in diameter (i.e. about 8-13 inches), from which, among
other things, braces, rails, studs in the gables of the mono-pitched roofs, and rafters
were made;
Dendrochronological tests have made it possible to determine the types of wood used as
well as the year and season at the time of felling trees [12]. These tests prove that for the
building of the church oak wood was used for sill plates and for down braces and down
passing braces (connecting to the sill plates), and coniferous fir and spruce wood was used for
all other structural elements. The trees were felled from the turn of 1652 and 1653 to the
summer of 1656. These results seem reasonably reliable owing to the fact that from the
moment of obtaining the building permit in 1652, the parish applied for financial and material
aid [5, vol. I, pp. 53-57], and in the spring of 1657, the setting of the frame of the church
began [5, vol. I, pp. 59-62]. The analysed samples have shown that the logging took place
mostly in the winter, when the trees do not grow, they have less juices and, therefore, shrink
and crack less, but summer logging also occurred. The processing of the logs itself began at
least partly in newer wood, as evidenced by cracks passing through the carpentry assembly
marks (Fig. 6).
2.4 Materials used to fill the panels
As already mentioned above [2], according to the church building permit, it was allowed to
use only wood and clay for its construction, which also conditioned the way of filling the
panels with clay mixed with straw on wooden poles. Their construction was analysed in detail
during the last restoration of the church, when some of the fillings were partially exposed or
removed in order to repair the structure.
Single notches for fixing the poles in the half-timbered construction were made, using a
chisel, on the bottom side of horizontal elements (rails, outermost ceiling beams, and top
plates (Fig. 9) or a longitudinal V-shaped groove was made parallel to the side edges. On the
upper side of the horizontal elements, only the said longitudinal groove was made (Fig. 10).
On this side, an oblique recess was additionally cut out in each element, reaching from the
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lateral inner edge of the element to the longitudinal groove, which made possible the
assembly and fixing of a pole after the half-timbered construction had been set.
The wedge-shaped poles were obtained by the radial splitting of round trunks with a
diameter of about 20 cm. They are made of hardwood with a rough surface that gives clay
better adhesion. The width of the poles on the wider side is about 5-7 cm, with their length
adapted to the differing height of the panels. At both ends, the poles are narrowed to fit better
in the single notches or longitudinal grooves. The axial distance between the poles in the
inside diameter is about 8-10 cm.
Clay to fill the panels was mined on site in the municipal clay pit [13, p. 9]. It was mixed
with straw bundles about 30-40 cm long and about 15 cm thick, and the poles were entwined
with them each time using two to three pieces. Later, both sides of the construction prepared
in such a way were coated with clay, mixed with straw cut short, which gave the clay greater
flexibility and cohesion, and reduced cracking in the dry state. The type of straw used was not
studied, but the analysis of historical sources suggests that it was rye straw [14, p. 87], [15, p.
23]. While still fresh, small recesses with a diameter of about 1.5 cm and a depth of about 2-3
cm were made in the clay, which were to ensure better adhesion for the future plaster (Fig.
11).
Smooth lime plastering was used to plaster the fillings, which on the side of timber framing
was rendered flush with structural elements. Technological analyses prove that the ratio of
binder to aggregate ranges from 1:3 to 1:5.5. Various types of animal fibre, including sheep
fleece and rabbit hair, were added to the plaster as “reinforcement” [16, Domasłowski, p. 2425].
2.5 The colour of the external walls of the half-timbered construction
Studies have shown that the original colours of the church façade survived only in
fragments in the area of the upper windows on the north-west side, which was probably
boarded as soon as a few years after the completion of construction [5, vol. I, p 62]. The
traces preserved under the boarding will, however, make both the reconstruction of the
painting process and the determination of colouring possible (Fig. 12). First, the plastered
fillings of the panels were whitewashed, and then the structural elements were coated in greyblack colour. This grey-black colour slightly covered the plaster of the filling, thus optically
levelling any unevenness in the cross-section and inaccuracies in the treatment of individual
structural elements. The grey-black levelling stripes were later encircled by a contour that
masks the inaccuracies in their execution. Finally, the fillings were encircled by an additional
thin grey-black line, the so-called accompanying line, about 5-7 cm from the contour. These
lines reach the contour in the corners, crossing each other. The contour line and the
accompanying line are almost straight, allowing us to conclude that the so-called mahlstick,
or a straight stick, was used to make them, along which, holding it a few centimetres from the
filling, the lines were painted using a brush.
A specialist analysis showed that soot mixed with lime was used as a pigment, thus
resulting in a grey-black colour [16, Domasłowski. p. 28-30].
4

CONCLUSIONS
Architectural studies in conjunction with accompanying research, i.e. dendrochronological
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and technological, as well as a study of sources and literature, have made it possible to
prepare a drawing reconstruction of the original half-timbered construction of the Church of
Peace in Świdnica and the construction technique used for its erection.
The half-timbered construction designed by Albrecht von Sebisch and implemented by
craft masters, has performed well, as is attested by its survival, to a great extent, up to the
present day. The only weak point in the original load-carrying system was the abovediscussed foundation of the posts in the ground, as evidenced by the replacement of the lower
ends of all studs and placing them on single stone foundations just above the floor only six
years after the church was completed.
Requirements for the parish, designer, and contractors were exceptional because they had
to build a church with a half-timbered construction for the protestants from the entire Duchy
of Świdnica. The selected load-carrying structure, i.e. the plan of the cross with a three-nave
base building and a transept, as well as galleries structurally integrated with the aisles, and the
size of the church (it has a capacity of 3,000 seats), meet these requirements. Excluding the
Churches of Peace in Głogów and Jawor, it turns out that in comparison with the other halftimbered construction buildings in Lower Silesia and its borderlands from the second half of
the 17th century, e.g. with the churches in Szlichtyngowa (Schlichtingsheim - Fig. 13) and
Sułów Wielki (Groß Saul - Fig. 14), the load-carrying structure used in Świdnica is
innovative.
Such a comparison also shows that the construction technique used is typical for this
region and time. This is illustrated, for example, by the way of dividing the structural span of
the façade into segments using one or two studs, stiffening the façade with single or crossed
braces with lap joints on several levels, the use of building material from a whole tree hewn
with an axe and a broadaxe, filling the panels with clay mixed with straw on poles, and the
selected grey-black colour version with soot used as a pigment.
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Figure 1: Świdnica, Church of Peace, view from the Figure 2: Świdnica, Church of Peace, interior with a
south-west side, engraving by F. B. Werner, before view to the altar and pulpit.
1735.

Figure 3: Świdnica, Church of Peace, reconstruction of the original building, ground floor [5]

Figure 4: Świdnica, Church of Peace, reconstruction of the original building, cross section [5]
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Figure 5: Świdnica, Church of Peace, reconstruction of the original building, cross section [5]

Figure 6: Świdnica, Church of Peace, reconstruction of the carpentry assembly marks system [5]

Figure 8: Świdnica, Church of Peace, carpenters`
mark, traces of machining with an broadaxe

Figure 7: Świdnica, Church of Peace, carpenters`
mark
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Figure 9: Świdnica, Church of Peace, notches on the
bottom side of the rails and poles covered with clay
and straw

Figure 10: Świdnica, Church of Peace, longitudinal
groove and oblique cavity at the top of the rail

Figure 11: Świdnica, Church of Peace, clay filling
with single cavities

Figure 12: Świdnica, Church of Peace, fragment of the
original colours of the external walls

Figure 13: Szlichtyngowa, half-timbered construction
church on a cross plan, 1645

Figure 14: Sułów Wielki, half-timbered construction
church on a cross plan, 1656-73
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Abstract. In urban and rural areas of the Andean cities of Ecuador, construction based on
earthen technologies has been an important alternative, which are carried out through
ancestral customs, such as the minga, which benefit the cohesion of the community. Against
this background, the World Heritage City Project of the University of Cuenca (Ecuador) has
since the year 2011 undertaken interventions in heritage buildings inspired by the minga, so
called Maintenance Campaigns, where the collective efforts of various actors (community,
academy and organizations) are joined to recover buildings in highly vulnerable heritage
neighborhoods, promoting preventive conservation, maintenance and monitoring of vernacular
buildings.
The fourth campaign, which was carried out in 2018, took place in the Las Herrerias Street in
the historical El Vergel neighborhood of Cuenca, a World Heritage City since 1999. The
methodology applied in the previous campaigns was essentially maintained, gaining experience
and innovating at every opportunity. As a special aspect, the Las Herrerias Campaign was
characterized by the existence of buildings with structures that were already affected by civil
works previously carried out, such as re-pavements, drinking water installations, various
services, etc.
This research proposes to establish conservation strategies of vernacular heritage buildings
and to mitigate the effects of poorly carried out civil works. The buildings intervened in the
2018 campaign are taken as reference, specifically those whose damages are the result of civil
works. First, a review of bibliographic sources is undertaken to reveal historical data about
the neighborhood and the civil works that have been carried out. The research continues with
a diagnosis of the condition of the buildings before the Maintenance Campaign. Next, the daily
maintenance records and the experience of the participants of the Campaign are investigated
to identify and analyze those buildings affected by bad civil works practices and their impact
on the damages of their structures. Subsequently, the condition of the buildings after the
Campaign is evaluated.
Finally, strategies are proposed that must be considered for the interventions of vernacular
heritage architecture, built with traditional earth and wood systems. Furthermore, civil works
guidelines are defined for these types of interventions. Accordingly, the preservation for future
generations of the wealth of material as well as immaterial heritage is encouraged.
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1

INTRODUCTION

The Las Herrerias Street is located in El Vergel, a peripheral neighbourhood within the
UNESCO area of the city of Cuenca (see figure 1), declared a World Heritage Site in 1999.
This street is of high historical importance, since it used to be the main entrance to the preHispanic city of Tomebamba. Indeed, through this neighbourhood passed the so-called Qhapaq
Ñan, the Inca road system, which connected the two most important cities of the Inca Empire:
Tomebamba and Cusco.

Figure 1: The location of the city of Cuenca, Ecuador, and the Las Herrerias Street.
Source: Municipality of Cuenca

At the time of the Spanish colony blacksmiths settled in this street, in compliance with the
socio-economic division of the population created at the end of the 18th century, which
distinguished between three zones: 1) the city center, 2) the parish of the natives and 3) the
suburban neighborhoods (El Ejido, Barrio El Vergel) [1]. From this emerged a reorganization
of the traditional neighborhoods: in the west of the city the potters, in the north the saddlers, in
the south the bakers and in the southeast the blacksmiths [2].
The street, then called Antonio Valdivieso, changed its name to Las Herrerias Street in the
nineteen-seventies, in reference to the iron forging workshops that offered their services to the
people passing through this street.
The architectural landscape is made up of vernacular buildings of adobe or bahareque, roofs
of straw and clay and wooden structures covered with handmade tiles. These buildings formed
the setting where the modest blacksmith workshops and small commercial shops operated in
harmony with their residential use. The typologies of several of these buildings is made up of
an interior or exterior portal and rooms derived from the need to work, exhibit, ventilate and
live.
Being this a strategic entrance and exit of the city, the horse and mule riders left their animals
attached to the portals, while going to the city center to sell and buy products. In this lapse of
time the blacksmiths often repaired the horseshoes [3]. However, over time, the blacksmiths
diversified into other products, such as locks, gates, nails, hinges, crosses, etc.
Furthermore, from the end of the 19th century, they started to make architectural products,
such as handrails and windows, in tune with the new styles being used in the architecture in
Cuenca. Today, several vernacular buildings are still present, but the economic activity of the
blacksmith has declined in favor of restaurants and tourism.
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2 THE LAS HERRERIAS STREET AND ITS INTERVENTIONS
The high growth experienced by Cuenca since the second half of the 20th century brought
with it the implementation of small to large civil works, which guaranteed better living
conditions for its inhabitants [4]. This improvement of infrastructure and services caused a new
challenge to the good conservation of buildings in the middle of an asynchronous reality.
Although on one hand, it was important to improve the infrastructure and services with early
actions, on the other, concerns about built heritage values only began to be explicit, discussed
and applied half a century later. At the time of the execution of the major infrastructure works
(re-pavements, drinking water installations, various services) the economic and heritage values
of the buildings, from the planners ’and builders’ perspective, were so low that without any
objection the heights of the streets were drastically increased to give room to the new pavements
required by the new guest of the historical city, the automobile. With its arrival, the streets were
widened, leading to sidewalks and shoulders being pushed back and causing physical changes
to many of the existing buildings. In addition, the elevation of the streets meant that the
entrances to the buildings, which supposedly benefited from the new infrastructure, became
exposed to flooding on rainy days with water entering the buildings from the street and the slow
action of humidity through capillarity. Furthermore, several entrance doors were blocked.
When getting wet, the earthen walls lost strength and collapsed one after another. In heritage
terms, the price paid for the arrival of the automobile to the city was extremely high.
These interventions, which are normally assumed as the triumph of modernity over the
modest earthen architecture, imminently destined for demolition, caused real traumas in the
historical centers of Ecuadoran villages and cities.
One of the works that most affected the Las Herrerias Street was carried out in the year 1961.
Several portals were removed and the level of the buildings relative to the street was changed,
due to the widening and paving of the new street, causing a considerable change in the
neighborhood. Figure 2 shows how the level of the sidewalk ascends above the lower level of
the building, causing the door to be cut off, water filtrations, danger of tripping over when
entering and leaving the building, and a general change of its appearance.

a)

b)

Figure 2: a) Vernacular building in the Las Herrerias Street before the street was paved
Source: a) Photographical archive of the Municipal Foundation “El Barranco”
b) Vernacular building in the Las Herrerias Street after the street was paved
Source: b) Photographical archive of the World City Heritage Projecct
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This is how public and private works have weighed on life in the cities. Due to the own
dynamics of these processes the changes come about slowly, almost unnoticeable and with an
aura of benefit to the neighborhood, causing them to be accepted without complaints nor critics
by its own inhabitants. That is why the comparison of current with historical photos can be a
very valuable tool to analyze and study the landscape.
The need for sidewalks also contributed to alter the environment due to the different
materials used. At the beginning of the 20th century were introduced materials such as
hexagonal cement bricks and unfinished concrete that are still being used today [5].
With the arrival of electrical and telephone services, and more recently cable TV and the
internet, a new problem appeared for the historical centers: the destruction of the urban
landscape. Enormous posts with swarms of devices and dozens of wires that enter and exit
chaotically were placed in various parts of the neighborhood, occupying pedestrian space. Many
of these wires are, in technical terms, dead wires, since they are no longer being used and have
not been removed by the responsible companies. Although the need for public space
illumination improves the safety in the neighborhood, it is necessary to carry out a detailed
architectural landscape analysis to reduce the impact of this infrastructure on the landscape.
Additionally, with the consumerist emphasis of current societies, publicity also gained a
position in the public space. Encouraged by the unfortunate idea of the bigger and more
luminous the publicity the more successful the result, bit by bit appeared signs, advertisements
and billboards that partially crown or cover many buildings, turning the urban historical
landscape into a chaotic and disorganized scenery, in which the publicity is the true image of
the city.
Finally, it should be noted that on several occasions the Municipality of Cuenca tried to work
in the Las Herrerías Street, socializing various projects, including paving the street and the
sidewalks (which included the burial of cables), which never materialized [6]. During the years
2017 and 2018, the University of Cuenca made an intervention proposal through a new
Maintenance Campaign for the heritage buildings of the traditional neighborhood El Vergel,
which was successfully carried out between May and August 2018.
3 MAINTENANCE CAMPAIGN OF THE HERITAGE BUILDINGS OF THE
NEIGHBORHOOD EL VERGEL, LAS HERRERIAS STREET
Since the year 2001, the World Heritage City Project (CPM) 1, with its focus on heritage
conservation, has been applying Maintenance Campaigns of built heritage. These campaigns
are aimed at the recovery of heritage buildings in vulnerable sectors through the collaboration
of various social actors. These initiatives start off with an in-depth analysis by professors,
students and researchers to identify the buildings to be intervened, determine their values, their
damages and the activities to be developed. This work is carried out through participative
workshops with the residents of the neighborhood and the support of various public and private
entities, in order to forge commitments that are reflected in works, according to the expertise
of each actor: the academy as leader and coordinator, organizations as strategic allies
(institutions, foundations, associations and companies), the community, owners and neighbors
1

The vlirCPM project (Vlaamse Interuniversitaire Raad - City Preservation Management), in coordination with a consortium of Flemish
Universities, lasted from the year 2007 until 2018. Its objective was to develop scientific foundations and provide education in order to improve
the management of heritage sites in southern Ecuador, through the creation of management tools and the diffusion of knowledge. Currently
the project is known as the CPM Project (City Preservation Management)
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in search of greater social involvement and cohesion of the neighborhood [7].
The first Campaign was applied in the year 2011 on 48 houses in the rural parish of Susudel
and two years later a Campaign was carried out on the cemetery of Susudel. In the year 2014,
a Campaign was carried out in an urban area in Cuenca, the neighborhood of San Roque, which
is one of the neighborhoods of the city’s UNESCO area [8]. Finally, in the year 2018, the
Maintenance Campaign of the heritage buildings in the Las Herrerias Street of the El Vergel
neighborhood was started. Based on this latest experience, during which 21 buildings were
intervened, the influence of civil works on heritage architecture has been analyzed.
Without a doubt, the Maintenance Campaign was a challenge, since many of the buildings
had considerably deteriorated roofs, columns and facades. The main problems consisted in
rotten column bases, leading to a settling of the second floor and affecting the adobe walls as
well as the roofs. Furthermore, the landscape was affected by the multitude of wires of different
types, use and service [9]. Of a total of 226 damages, rot, stains and detachments account for
more than 50%, as shown in figure 3.
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Figure 3: Total number of identified damages before the Maintenance Campaign
Source: World City Heritage Projecct, 2018

This investigation encountered several damages caused by civil works, such as poorly
positioned posts, lights and wires as well as changes in the height of the street and sidewalk.
3.1 Civil works as focus of the analysis for the recovery of heritage elements
The effects caused by poorly carried out civil works in the Las Herrerias Street affect the
most modest buildings. Especially the columns of the portals got damaged. During the
Maintenance Campaign several stone elements, which served as column bases were found
buried and as a consequence the wooden columns came into contact with the ground (due to a
loss of height of the base) resulting in rot and loss of structural strength. Figure 4 highlights the
buildings intervened during the Maintenance Campaign and those with portals. All have
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structural problems due to a weakening of their columns. Of the 6 buildings with portals, 5 had
columns in direct contact with humidity or with buried bases and all of them were intervened
and remedied.

Figure 4: Buildings intervened during the Maintenance Campaign and buildings with portals
Source: World City Heritage Projecct, 2018

a

b

c

d

Figure 5: León House (E204); main facade before the intervention; b) shoirng of the portal during the
replacement of the bases; c) original unburied bases; d) columns after the intervention
Source: a, b,c,d) Photographical archive of the World City Heritage Projecct, 2018

A specific example is that of the León House (fig. 4, building E204), which had its stone
bases buried several centimeters below the current ground level and replaced by cement coating
as shown in photo a). Due to its contact with the ground, this caused an increase of moisture in
the columns, leading to the bending of the beams that support the second floor. This type of
protection not only affects the strength of the wooden column structure, but there is also a loss
of value of the vernacular building due to not maintaining the traditional construction system.
Figure 5 shows the situation before, during and after the Campaign.
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3.2 Civil works as focus of the analysis for the relocation of urban elements
Electrical installations: the building E204 (figure 5ª) is one of the few buildings that
continues to have a vernacular constructive system of adobe on the ground floor and wood on
the second floor. In this building the electrical installations were a danger due to the build-up
of electrical wires close to its main facade. Similar situations were found in buildings E107
(figure 6a) and O206 (figure 6b), where posts with electrical wires were positioned through
their wooden roofs, causing damages to their structures, ceilings, walls and plasters due to
rainwater filtration.

a

b

Figure 6: Buildings with threats because of electrical installations: a) E204, b) E107 and c) O206
Source: a, b) Photographical archive of the World City Heritage Projecct, 2018

To change this situation, during the Maintenance Campaign the University of Cuenca
requested from the local Electricity Utility to study, coordinate and execute the relocation of
the 6 involved posts and the burying of its wires. Due to the proximity of the wires to the roofs
and the location of the posts in the middle of the sidewalks, this constituted an obstacle both for
the access of the owners to their buildings as well as for the free movement of the pedestrians,
in addition to directly affecting a window and the aesthetics of the buildings. It is worth
mentioning that a Center for the Blind is located in this street, for which the public space needs
to offer the necessary facilities. The local Electricity Utility carried out the complementary
works of burying the wires within the Maintenance Campaign’s intervention area of the street.
This also allowed for a coordinated action between the Public Utilities of telecommunications,
drinking water, sewage and sanitation to remove the so-called dead wires. In this way, an
intervention of the urban space was realized that improved the quality of the services in the area
and the image of the neighborhood.
4 STRATEGIES FOR INTERVENTIONS IN VERNACULAR BUILDINGS
CONSIDERING PREVIOUS CIVIL WORKS
To develop proposals for the intervention of vernacular heritage buildings, a historical study
should be considered. With the results of this study, the type of civil works that have been
carried out in the area of interest are identified and it is thus possible to determine guidelines
for a better intervention. Thanks to a detailed investigation during the Las Herrerias
Maintenance Campaign it was discovered that previously the street was located at a lower level

1399

Maria G. Barsallo, Fausto A. Cardoso. Edison R. Sinchi, Tatiana E. Rodas; and Maria C. Achig-Balarezo

and that led to the recovery of the stone column bases, which were buried in the sidewalks.
The civil works carried out in the city of Cuenca since the first decades of the 20th century
were essential to meet the needs for public health, security and to improve the inhabitants’
quality of life. However, these should have been carried out in a properly planned manner, such
that they would not have negatively affected the structures of the heritage buildings. In recent
years, one can still see how civil works continue to cause damage to heritage buildings. In the
year 2016, due to the widening of the Ordoñez Lasso Avenue, in the west of Cuenca, 11
buildings were totally or partially demolished [10]. Some of these were left with rooms of only
three walls and out in the open, causing their accelerated deterioration.
The infrastructure civil works in heritage areas is delicate and should involve the presence
of a heritage and landscape expert. Electrical, drinking water, sewerage, internet and other
infrastructure should preferably be buried. This avoids minor as well as mayor problems, such
as those in the Las Herrerias Street, where posts perforated the roof eaves of the heritage
buildings and multitudes of wires were left hanging.
Furthermore, the intervention studies of vernacular heritage buildings in historical
neighborhoods should be carried out together with the residents of the neighborhood through
open, participative and inclusive processes. The suggestion by the Municipality of Cuenca
during the first decade of the 20th century to make the Las Herrerias Street and sidewalk at the
same level, without sidewalk borders, was rejected by the neighbors, who noted the risk of
rainwater entering the buildings, due to the level of the sidewalk being lower than the entrance
to their buildings.
12 CONCLUSIONS
The present article shows the analysis of the negative effects on the structures of vernacular
heritage buildings caused by civil works, such as the widening of streets, the installation of
aerial wires or the installations of drinking water and sewerage.
In the Las Herrerias Maintenance Campaign various problems related to civil works were
encountered: an increase of the level of the street, which leads to rotting of columns, the
blocking of doors and the entrance of rainwater into the buildings; the location of electricity
posts, which form an obstacle for pedestrians and cause the filtration of rainwater into the
buildings; the multitude of aerial cables and the proximity of these to the buildings, which
damage the aesthetics of the neighborhood and increase the risk of fires. During the
Maintenance Campaign, many of these problems were addressed and solved.
A special case in the Las Herrerias Maintenance Campaign is the wooden columns that had
their bases buried in the ground when the level of the street was increased, and consequently
gradually lost their strength due to humidity. This in turn negatively affected other structural
elements, such as beams, roofs and walls. Furthermore, during the intervention of heritage
buildings the traditional construction techniques, such as the stone column bases, which
function as a separation element between the wooden column and the ground, should be
maintained, since these traditional construction techniques are part of the heritage values of
buildings and have allowed for the heritage buildings to maintain their importance through time.
It is essential to work together with the neighborhood, to know their opinions as residents,
in order to, together with the civil works, improve their quality of life, avoiding problems they
had to face in the past, such as the entrance of rainwater into their buildings due to the higher
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level of the street.
Without a doubt, the motivations to improve the living conditions of a city go hand in hand
with the carrying out of civil works, such as: paving streets to eliminate sand dust and adequate
public illumination to improve security. However, they should be carefully planned without
affecting the existing heritage buildings and must take into account the different constructive
elements and values of the vernacular buildings. This prevents the loss of architectural heritage
values, creating a harmony between the civil works, the traditional vernacular architecture and
its surroundings.
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Abstract. Restoration proposal for the Temple of Saint John the Baptist in Tochimilco, Puebla,
México, damaged by the earthquake on September 19th, 2017. This proposal is based on the
restoration article by the Mexican architect José Villagrán García, his arguments are based on
the modification of the architectural values after a restoration project. This must take into
account the respect for the authenticity of the original element but must also seek to adapt to
the time and requirements of its current environment. Taking these points, a recovery of the
space is proposed, consolidating the ruin and using modern materials to fill the gaps left by the
earthquake.
It is sought that this line of restoration be followed more and more in order to identify the
historical stages in the life of the monuments.
1 THE EARTHQUAKE
On September 19th, 2017 a 7.1-magnitude earthquake hit central México. The epicenter was
located 12 km southeast of the municipality of Axochiapan, close to the boundaries between
the states of Morelos and Puebla, and 120 km south from Mexico City. The quake was caused
by a rupture within the tectonic plate of Cocos, at a depth of 57 km. Interplate earthquakes aren
not common in the region but they are not unusual either.
According to the UNAM’s network of seismographs and accelerometers, the quake’s
maximum acceleration reached 57 gal1. Using the seismograms’ data, the quake’s spectral
acceleration can be calculated.
This information provides insight into the behavior of buildings of various heights during
the quake. Buildings having between 1 and 12 levels experienced an average acceleration of
119 gal; whilst those having between 12 and 24 levels experienced an acceleration of 60 gal.
This data thus explains why the most damaged structures were the ones having between 4 and
7 levels.
The states with most recorded damage caused by this earthquake are Chiapas, Oaxaca,
Morelos, Puebla and Mexico City.
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2 TEMPLE OF SAINT JOHN THE BAPTIST, TOCHIMILCO
The temple of Saint John the Baptist is located in the municipality of Tochimilco, in the
western part of the state of Puebla, close to the state of Morelos, 14 km from the Popocatepetl
volcano and 46 km of Axochiapan, Morelos, the epicenter of the earthquake. The temple dates
from the end of the XVIII century, though there are maps from 1743 indicating an abandoned
shrine in the same location. The shrine was dedicated to Saint John which may mean that some
of the original structure was reused to build the existing temple.

Figure 1. Localization of Tochimilco

The temple is a simple structure with a rectangular base of 7 by 14 meters and a height of
approximately 6 meters. It was built over a promontory which is part of a structural block
seemingly shaped by a geological fault line and covered with volcanic ashes. The nave is
divided into two bodies covered by groin vaults. The north wall is made of irregular stone
masonry, earth mortar joints, crowned by two rest arches with rock keystones and, between
each keystone, 3 brick courses. The south wall and the façade have a base of approximately 2
meters. The base is of irregular stone masonry and earth joints and continues with a wall of mud
bricks and earth mortar joints. The main wall and buttresses are made of irregular stone
masonry. The groin vaults are made of stone cyclopean mixture and, unlike the rest of the
building, their joints have lime mortar, evidence of them being built at a later date. Attached to
the temple and on the north side, there are a sacristy and a warehouse, two rectangular spaces
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of 5 by 4 meters each. Their walls are made of irregular stone masonry and the roof cover of
square clay and rooftop. A bell tower is also attached to the temple on the north side of its
façade. The tower has a base of 3 by 3 meters and a circular core of 2 meters of diameter and 7
meters of height, covered with scrap stone masonry that gives it a rectangular shape. The tower
is composed of two bodies crowned by a cupola.
Finally, in recent years a warehouse and a bathroom module were attached to the south
façade. They were built with concrete bricks, rebar structures and solid slabs of steel and
concrete. The frames were anchored to the temple walls.
3 DAMAGES
The temple of Saint John the Baptist was one of the most affected buildings by the
earthquake of September 19th, 2017. Only 30% of the total structure stood after the quake. The
amount of damage sparked controversy over the restoration procedures fit for this particular
case.
During the quake and due to its slender shape, the bell tower suffered a displacement which
led to its collapse. The tower collapse also collapsed the temple’s façade. The addition of rooms
to the sides of the temple, warehouses on the left and sacristy on the right, strengthened the
bases of the walls around the altar. Hence, these walls moved at a different frequency than the
first body of the nave, provoking the dismantling of the rest arches, the band and causing the
collapse of the vaults. The main wall suffered a vertical fracture, several cracks on the topmost
area and loss of material. The buttresses gave way; they cracked in the middle and lost their
binding with the main structure.

Figure2. San Juan Bautista after 19 September earthquake.
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The sacristy, recently intervened by replacing timber beams with concrete beams, presented
minor fractures in its walls and floors. The concrete warehouses, built in recent years, were left
under the side walls’ debris.
The internal layers were bashed, allowing detailed observation of the construction system as
well as the adjustments done to the temple, such as a decommissioned door from the nave to
the sacristy and a mural painting on the altar wall. Some defects inside the walls were also
revealed.
4 RESTORATION PROJECT
4.1 Theoretical criteria followed by José Villagrán García
The criteria used for this restoration proposal are based on the premises stated by the
Mexican architect José Villagrán García. These premises are described in his article
Arquitectura y Restauración de Monumentos (Architecture and Monument Restoration)2. In his
text, Villagrán seeks to ignite a reflection on the role played by the architect faced with the
restoration of a historic monument, rather than to line up an absolute working theory.
To guide up in that reflection he uses the, apparently contradictory, theories of Ruskin and
Viollet-le-Duc. He also emphasizes the precepts set by the 1964 International Charter for the
Conservation and Restoration of Monuments and Sites (The Venice Charter).
He takes Ruskin’s idea of the importance of consolidating the material to preserve it in its
natural state. He then also considers Viollet-le-Duc’s concept of restoring the monument to a
state in which it could have never existed before; that is, the building material being preserved
through interventions that transform its shape into something that did not exist earlier. With
these two notions in mind, he defines restoration as “the art of safeguarding the strength and
historic shape-material of the monument employing operations and additions that illustrate its
current position and practical purpose”.
This definition is also underpinned by The Venice Charter’s articles which state that in any
procedure one must prioritize the respect to antique material, clearly marking the intervention
in any supplemental work so that historical forgeries are avoided and future generations can
easily read the different construction stages. To support that point, the Charter suggests
researching exhaustively the building’s background and its intervention records.
For Villagrán, the monument to be restored belongs to two architects, the one who initially
builds it and the one who is in charge of restoring it, thus becoming the link joining the arts of
building and restoring. To proceed with the restoration the architect should take into account
four fundamental values of architecture: usefulness, the factological, esthetics, social. After a
disaster and mainly after a restoration project those four values are modified. Usefulness, even
if potentially maintained, is diminished in order to cover modern needs. As the factological
relates to the consistency between the form and its function; it will be necessary to consolidate
the building and, in some cases, to change the building materials in order to guarantee the
function of the spaces. Esthetic value is most impacted since it is impossible to resurrect what
fell apart. In time, it can be reproduced based on previous records, yet this new creation cannot
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acquire the value of authenticity from the original. Finally, regarding the social theme, since
original parts subsist, the socio-historical value of the monument is evident for the community
that envelops it.
The damaged monument becomes the mediator between the culture that sourced it and the
current one welcoming it and adapting it to guarantee its continuity. This adaptation would
always have to be performed by qualified architects, holding a good grasp of the building
materials, the history and the culture that birthed the building and the current needs of the
community using it.
4.2 Proposal
Considering the previous criteria and restoration as a multidisciplinary activity needing the
expertise of engineers, architects, historians, geo-technicians, etc; studies on the walls’
resistance were made for the proposal to respond to the current state of the structure.
The study corroborated that the walls are made of three layers, two external layers of stone
secured with earth mortar and a core made of smaller stone mixed with earth and lime. The core
has lost cohesion and has started to decouple the external layers causing the collapse in some
areas. Furthermore, regions saturated with humidity and cavities were found. This means that
the walls are working unevenly and cannot support the structural weight of reintegration with
the missing parts and the construction of a vault akin to the original one with the same materials
and thickness.
When considering the restoration criteria of Villagrán, the current condition of the materials,
the state of the damage and the capacity of the structure to support the structural weight, we
propose the consolidation of the ruin by freeing all the elements which could present a health
hazard and rehabilitating the space with an independent architectural intervention with state of
the art systems whilst keeping the proportions and original shapes.
We aim to be congruent with the original configuration of the building, we plan to
supplement the loss of the elements with lightweight construction systems compatible with the
original systems that also harmonize with the entire set. In addition, we plan the removal of all
the recent elements that do not provide aesthetical value and that concentrate rigidity in some
areas of the building.
To consolidate the wall’s stumps, we plan to inject slip, a fluid mixture of clay, in the joints,
and patching up the cracks when needed. The crowning of the walls, up to the original heights,
will be built with mud bricks and plastered with earth mortar. For the roof, we will craft a timber
framework covered with clay roof tiles. Such framework will be composed of certified timber,
kiln-dried, treated with sealers, flame-retardants, and anti-xylophages. The proposed system
consists of a gabled roof with two side-skirts and ridge pitched between 30° y 40°and covered
with flat clay roof tiles. To support the roof we propose an internal metallic structure detached
from the temple walls so that it can also recreate the geometrical shapes of the arches and groin
vaults to facilitate the reading of original elements that are still standing. We propose to build
the façade according to the documentation to keep the identity of the temple and to rebuild the
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bell tower following the proportions of the original tower but with lesser height to reduce the
oscillating motion in future quakes.
This type of intervention reignites the controversy over the usage of original techniques and
modern materials. However, on some occasions, it is not possible to correct structural weakness
with a traditional solution and lacking qualified labor. Thus we appeal for the usage of modern
techniques so that the useful life of this building is prolonged. We reiterate that these actions
must be performed by experts and be always bounded by the compatibility of modern and
original materials, the durability of the intervention and the feasibility of the removal of
additions in the future without affecting the original structure 3.

Figure3. Internal and external views of the proposal.

5 CONCLUSIONS
We seek to discard imitations and historical forgeries lacking insight on the here and now
from the original structure. Additionally, we hold a commitment with the future generations;
we aim to leave a heritage site true to its story whilst preserving the temple ruins as a homage
to the people who built it. We understand building intervention not as a hostile action against
historical elements but as a dialogue with the past where we seek to respect its permanence in
history whilst imprinting life purpose and constant transformation.
For this proposal, we hold the responsibility of laying it out such that the project becomes a
strong link in the constructive historical chain of the community. We aim for this proposal to
hold durability standards that can be equated to the one from the initial construction. With these
elements in mind, we lay out a proposal only contingent upon the limitations of the original
building. Far from silencing the architectural voices of the past, we want to let the original
building speak.
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Abstract. Alan Conisbee & Associates and Richard Ireland were engaged by the Royal
Household Property Section to inspect and assess the historic plaster ceilings and their
supporting structure within Buckingham Palace and Windsor Castle. Following the partial
collapse of the Apollo Theatre ceiling in London in 2013 great importance has been placed
on the inspection and certification of all historic plaster ceilings throughout the United
Kingdom. This paper presents the key challenges of the project included the facilitation of
access to constrained spaces, asbestos removal and cleaning of delicate fabric, surveying,
digital monitoring, structural and plaster defects. Furthermore we discuss the key project
outcomes including lessons learnt and best practice methodologies and practicalities behind
inspections of this kind. The paper concludes with an outline of significant discoveries and
ongoing laboratory testing of undernailed historic timber connections.
1

INTRODUCTION

Following the internal collapse of part of the suspended fibrous plaster ceiling (decorative
plasterwork composed of plaster of Paris reinforced with hessian) at London’s Apollo Theatre
(built in 1901) in 2013, an investigation took place which culminated in the release of formal
guidance for owners and operators of properties with suspended historic plaster ceilings,
produced by the Association of British Theatre Technicians (ABTT). During the investigation
by Richard Ireland it was discovered how little was known about the various techniques and
materials used in the fabrication of suspended fibrous plaster ceilings and their mechanisms of
decay and longevity. This led to an amendment to the ABBT guidance on ceilings which now
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recommends a thorough one-off baseline survey by a competent plaster specialist and
structural engineer detailing the ceiling and structure fabrication methods, materials, support
system and condition. Emphasis is put on the need to physically examine both sides of a
ceiling as extensively as practicably possible, requiring access to the ceiling voids and the
upper and lower ceiling surfaces.
In 2015 the Royal Household identified the need for a thorough inspection of all suspended
ceilings and their supporting structures, subsequently Alan Conisbee & Associates Ltd
(Conisbee) were engaged in 2016 by the Royal Household Property Section (RHPS) to assess
the condition and structural integrity of the ceilings throughout Buckingham Palace and
Windsor Castle. The RHPS acknowledges its duty of care towards those visiting and
occupying these buildings and understands the need to undertake detailed inspections and
assessments of all suspended plaster ceilings within them in light of the potential risks
associated with unchecked deterioration of such fabric. Conisbee’s brief was extensive and
entailed undertaking structural inspections, managing plaster specialists, surveyors, access
consultants and asbestos consultants & contractors, all within the challenging constraints
presented by these two unique, historic, working buildings. The following tasks were
undertaken:
•
•
•
•
•

Design of permanent safe means of access in advance of surveys and inspections or to
ascertain if the current access is safe and suitable for use.
Survey of all structural and plaster elements for each suspended plaster ceiling throughout
Buckingham Palace and Windsor Castle combining inspections from above and below
where practicably possible.
Review of external building fabric likely to impact on each ceiling specifically in terms of
age, water damage and/or movement.
Provision of detailed room specific reports on structural and fabric condition together with
prioritised recommendations for repair and ongoing maintenance and inspection,
including individual timescales for re-inspection.
Certification of all ceilings in a condition acceptable for the use of that room and/or area.

Conisbee and plaster specialist Richard Ireland undertook hands-on assessments of 74
ceilings at Ground floor and Principal floor levels at Buckingham Palace equating to
approximately 7000m2 of ceiling surface. Furthermore at Windsor an additional 54 ceilings
were deemed sufficiently ornate and culturally significant to require investigation, equating to
a further 6000m2 of ceiling surface, two thirds of this within the State Apartments at Principal
floor level..
2

BRIEF HISTORICAL DEVELOPMENT AND CONSTRUCTION

Buckingham Palace is a Grade I listed building in central London and is the principal
residence and administrative headquarters of the monarch of the United Kingdom. As well as
providing accommodation for the Monarch and the Royal Family it hosts State visits,
Investitures, receptions, dinners and many other formal functions, and its State Rooms are open
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to the public during the summer months. The core of the present building was begun in 1703
and comprised a large townhouse remodelled and enlarged by John Nash in the 1820’s after
the site was acquired by King George III[1]. On Queen Victoria’s accession in 1837
Buckingham Palace became the principal Royal residence during which it underwent external
and internal alterations, notably to the east front and the State Room ceilings, a typical
internal view of which is shown in Figure 01.
Windsor Castle is a Grade I listed Scheduled Monument under the Ancient Monuments
and Archaeological Areas Act 1979 and contains internationally significant historic fabric
from the twelfth to the twentieth centuries. It is one of the most archaeologically complex
secular historic buildings in the United Kingdom and the largest continuously occupied castle
in the world[2], containing accommodation for the monarch and her family, plus offices,
workshops, stores and staff accommodation, and is a hugely popular tourist attraction open
363 days each year. Although Norman and medieval at its core Windsor Castle today is
essentially a Georgian and Victorian creation based on extensive neo-Gothic remodelling
carried out during the early 19th century.
3

CEILING VOIDS AND SUPPORT STRUCTURE

The Buckingham Palace and Windsor Castle State Apartments are highly significant
heritage assets and of great architectural and historical value, both featuring craftsmanship of
the highest quality particularly in their decorative aspects. Redecoration and other alterations
are usually representative of a change of reign which is also of historic significance. To
support these highly enriched ceilings complex iron and timber framing structures were used
to create and support their unique shape and form.
At Buckingham Palace the self weight of the plaster ceiling is typically transferred to
primary structure through timber laths (thin strips of oak or pine interspaced with narrow
gaps) secured with iron nails to small timbers interconnected by a combination of skew nailed
butt joints, scarf joints, notched laps and hangers. This timber support frame is typically hung
from inverted T section cast iron beams which also support clay pot jack arches integral to the
ceiling support system, supporting iron hangers fixed to the primary timber members. A
typical example of this is shown below in Figure 02. Where ceilings occur directly below
roofs they are generally supported directly by the roof structure (typically timber trusses but
occasionally wrought iron of various ages and configurations) spanning between the
perimeter walls.
The ceiling support systems at Windsor Castle differ due to the building’s much greater
age, some of its timber floor and roof structures dating from the 14th century. This structure
was retained to support the later lath and plaster ceilings constructed as part of James Wyatt’s
internal remodelling in the 19th century, with secondary supporting structure typically being
integrated into the traditional timber joist and beam floors and trussed timber roof structures
in a more direct manner than is the case at Buckingham Palace. The ceilings at both Windsor
Castle and Buckingham Palace are predominantly of lime putty mixed with coarse sand and
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animal hair, applied by trowel to riven hardwood laths nailed to the undersides of the
supporting overhead timber structure.

Figure 01: (Left) Interior view of the Blue Drawing Room 1830’s highly enriched lath and plaster ceiling.
(Right) KCIIDR baroque painted plaster ceiling by Antonio Verrio dated 1684 at Windsor Castle.

Figure 02: (Left) Internal view above the Blue Drawing Room ceiling, from within the void, highlighting the
repeating timber primary beams and typical timber coving structure and back face of the ceiling laths. (Right)
KCIIDR rear face, comprising timber floor joists and secondary ceiling members
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The earliest ceilings at Windsor Castle are the three surviving oil painted schemes by
Antonio Verrio dated 1675-84 which survived George IV’s redecoration program of the
1820’s, as shown above in Figure 01. Around this time, ceilings at both Windsor Castle and
Buckingham Palace were extensively remodelled by James Wyatt and John Nash
respectively, both using the plasterer Francis Bernasconi (1762-1841). By the 1800s,
pozzolanic additives and gypsum, were used to achieve faster setting lime-based plasters
which were typically harder and more brittle, incorporating less hair, and applied in thicker
layers to riven or sawn timber laths. This development in materials for plaster ceilings
produced a heavier and comparatively less flexible system than earlier periods leading to
ceilings characterised by deep compartments created by run-moulded lime plaster ribs and
downstand beams, enhanced by the application of cast plaster enrichment fixed with adhesive
plaster and ferrous armatures of wire and nails.
4

INSPECTION STRATEGY

Inspections were restricted by the extensive presence of asbestos, debris, dust, detritus,
confined spaces and the necessity to preserve historic fabric through minimal intrusive
inspection (e.g. significant removal of historic floorboards or areas of plasterwork was neither
proposed nor permitted). We therefore implemented a comprehensive but complex process of
enabling works prior to our structural and plaster inspections which generally comprised (1)
Documentation, (2) Digital Surveying, (3) Access, (4) Cleaning, (5) Inspections, (6) Repairs,
(7) Certification and (8) Monitoring and Management.
4.1. Documentation
First, photogrammetric reflected ceiling plans were produced by combining point cloud
laser scans with conventional digital photographs, these being essential to record the ceiling
condition with a gridded overlay for cross-referencing specific areas during close up visual
inspection via Mobile Elevated Working Platform (MEWP). This condition information,
including crack patterns, deformation and water staining, serves as a baseline upon which all
future condition surveys, assessments and repairs will be based. This may also include
monitoring the influence on ceiling condition of nearby construction works.
4.2. Digital Surveying
As well as photogrammetry, laser scanning of the ceiling undersides enabled collation of a
3D point-cloud database for future use including the formation of 3D Revit models, 2D
reflected ceiling plans and deformation mapping. To enable deformations to be graphically
identified from this baseline scan, coloured, contoured distortion maps of ceiling soffits were
produced that illustrate deviations from the plane of an agreed datum plane. A baseline scan
was established at the start of our appointment in 2016 and repeated quinquennial scans in the
coming years will allow clear and rapid identification of new or ongoing distortions which
may require further hands-on investigation. This approach, combined with monitoring of the
ceiling, will be utilised to minimise re-inspection requirements and so avoid problematic
access into the constrained voids behind the ceilings. The initial data obtained led us to target
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key areas such as those outlined in Figure 03. Local distortion of the Ball Supper Room
ceiling aided discovery of a failed roof truss bearing which had caused the ceiling to distort,
as captured within the scan, and a new stainless steel bracket was subsequently installed to
remedy this. The complicated structural arrangement within the Ball Supper Room and its
challenging access constraints would have otherwise made this process much more lengthy
and challenging.

Figure 03: (Left) Distortion mapping of the soffit of the Ball Supper Room. (Right) Photograph of structural
defect within the void above, located via the underside distortion. Dropped truss connection was resting on the
floorboards and partially supported by a lead drainpipe which has since been repaired.
4.3.

Access and Cleaning

An early difficulty was presented by the asbestos within the void spaces and the large amount
of dust and debris that had accumulated on the ceiling surfaces, the latter sufficient to obscure
the rear surface of the ceiling including the projecting plaster nibs securing the plaster ceiling
to the laths, and also the structural connections. At Buckingham Palace alone, 14 individual
ceilings above the State Apartments were cleared of 15 tonnes of dust, debris and asbestos to
allow safe walkway construction and subsequent structural and plaster inspection and
appraisal. Inspection of the topside of ceilings and their supporting structure was carried out
above 15 rooms with a requirement for dedicated permanent safe access systems within 7 of
these. This process required close collaboration between ourselves, the RHPS, access
consultants and asbestos removal contractors to ensure access walkways were constructed
safely (some areas posed significant risks of falls from height), as well as managing the health
and safety implications of the contaminated environment. Personal air monitoring equipment
was used to ensure exposure to asbestos remained at an acceptable level and once walkways
were constructed asbestos contractors undertook a fully licensed clean. Trial cleans at targeted
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areas were undertaken using a soft head brush to ensure that a licensed clean of the plaster
nibs could be achieved without causing damage or loss of the historic fabric.
4.4. Inspections and Repairs
Structural and plaster inspections and repairs are discussed in detail in sections 5 and 6.
4.5. Certification
Conisbee produced detailed reports and documentation of the construction, condition and
safety of each ceiling and its supporting structure, plus further documentation outlining
material condition, performance, management, access, cleaning requirements and asbestos
status. A key project task and ABTT guidance note 20 requirement involved the production of
certificates outlining the condition and status of both the plasterwork and structure, a
collaborative document produced by Conisbee and the plaster specialist. Each certification
took the form of comprehensive condition reports and one-page summary documents for use
as quick reference guides outlining the current condition and safety of the ceiling,
maintenance requirements and recommended future actions.

Figure 04: (Left) Ball Supper Room ceiling inspections via cherry picker. (Right) Inspection via rope access

4.6. Monitoring and Management
The access constraints were such that it was not practically possible to inspect several
ceilings from above, and whilst it is possible to draw a reasonable degree of confidence from
underside inspections a further programme of remote underside monitoring is currently being
conducted. As part of the early documentation period all ceilings were laser scanned from
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below in 2016 to provide a basis for a programme of ongoing monitoring comprising
comparative overlaying of repeat scans. Control protocols have also been established for the
RHPS which includes regulating access to safe access walkways and other areas above
especially sensitive ceilings in order to reduce vibration related damage.
5

STRUCTURAL INSPECTION AND REPAIR

Following completion of our inspections we undertook the structural assessment of each
ceiling support structure in general accordance with the following procedure:
•
•
•
•

Understanding the structural system (construction, load transfer, integrity, stability).
Condition assessment of structural members and investigation into the causes of any
defects discovered.
Detailed investigation of structure directly supporting defective areas of plaster as
identified in the underside inspections.
Quantitative and qualitative investigation of structure supporting areas where considerable
deviation/deflection of plaster was recorded during underside inspections.

5.1. Undernailed timber connections
Individual vertical undernailed connections between timber members were commonly
encountered, directly supporting the ceilings within both Buckingham Palace and Windsor
Castle. This form of fixing would doubtless have proven quick and effective when installing
the ceiling structure, however their prevalence generates some concerns regarding their
structural integrity, specifically the quantified pull out resistance of historic square cross
section wrought iron nails from the parent timber in which they are embedded and their
ability to effectively withstand tensile loads, especially those applied dynamically.

Figure 05: (Left) Dropped underside nailed connection within Windsor. Similar defects are endemic
throughout both the Windsor and Buckingham Palace estate. (Right) Nail sickness and splitting to timber
elements in the East Drawing Room, likely accelerated by moisture ingress.
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To date our assessment of the adequacy of such connections has been reasonably but
wholly based on their historic performance in satisfactorily supporting the dead and imposed
loads to which they have been subjected, however this may not accurately reflect their true
load capacity. Owing to this, the paucity of relevant codified guidance and the wide variety of
variables at play. Conisbee and the RHPS are currently collaborating with the Centre for
Engineering Materials at the University of Surrey to undertake in-situ site testing of historic
nails. These tests will empirically determine the influence of key variables – embedment, load
magnitude and load type – on pull out resistance using original reclaimed historic nails
recovered from the Palace and Castle void spaces. Preliminary results suggest that the pull out
resistance of such nails is strongly influenced by the timber species, nail embedment
and environmental conditions, and further research is in progress which will quantify these
factors in detail.
5.2. Insect attack and moisture related decay
One of our key challenges in conserving the historic timber structure lay in justifying the
retention of areas affected by insect attack, particularly at Windsor Castle where it was
typically more advanced and severe. Generally only the edible sapwood was lost, suggestive
of furniture and/or powderpost beetles, and presently assessment is being made at the areas of
advanced attack with a view to ensuring the internal condition of the timbers and key
connections is not compromised. This work will serve to produce an overview strategy on
how to manage the insect damage and appraise its severity and longevity. Similarly, often due
to the presence of deep box gutters to the rear of parapet walls decay of timber truss bearings
has been an ongoing historic issue and remains an ever present threat to the macro-integrity of
the roof and ultimately the ceiling structure. Decay detection drilling has been undertaken in
various locations to quantify the extent of section loss, with subsequent calculations to certify
the long term adequacy of the timber structure.
5.3. Calculations and analysis
Analysis was typically undertaken through hand calculations to understand the existing
stress state of the structural elements and gauge the overall response to imposed loading.
Primary timbers are generally of good quality, dense, dry oak and mostly of adequate capacity
to perform as intended. Often however modern prescribed serviceability limit states on
permitted deflection are not met such that restrictions on access have been imposed to reduce
any potential detrimental effect on the ceiling below through bowing, sagging or other similar
movement of the timbers that may crack the plasterwork. Unquantified vertical undernailed
connections remain an outstanding unknown currently under investigation as discussed
previously.
5.4. Structural repairs
In accordance with accepted conservation engineering principles structural repairs
typically comprised reversible and distinct simple bolted stainless steel straps or bespoke
traditional timber repairs where needed, usually to consolidate failing hangers or connections.
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With a view to minimal intervention these have been limited to essential repairs with
monitoring and management preferred in lieu of more invasive interventions.
6

PLASTER INSPECTION AND REPAIR

‘Plaster’ is a generic term describing two entirely different white materials used in building
fabrication: lime (CaCO3) from limestone, and gypsum (CaSO4) [1], also known as plaster of
Paris, from gypsum and alabaster rock. In the UK and Ireland decorative run mouldings,
added to the ceiling flatwork from the early C.16th, were generally executed in lime. By the
mid C.18th gypsum was added to accelerate set, and also used to cast solid enrichment.
The older methods were gradually ousted during the C.19th by faster setting alternatives
including sand and cement based plasters and latterly the invention of ‘fibrous plaster’ (a
gypsum and hessian composite) in 1856. Period and stylistic development are indicators of
fabrication material, but only determinable by hands-on inspection of both faces and chemical
analysis. The presence and ratio of lime and gypsum is key in determining performance and
decay mechanisms. The ceilings at Buckingham Palace and Windsor Castle are mainly of lath
and plaster. Lime plaster is trowelled onto a flexible support, in this case riven hardwood
laths, forming nibs protruding between and behind the laths. Earlier lime-based plaster
ceilings are capable of greater deflection and distortion than later harder setting plasters with
added gypsum characterised by less flexible and thicker ceiling plasterwork.
6.1. Common issues and repair measures
Lime plaster performs equally in externally and internally, though the overhead timber
support is more sensitive. A common source of ceiling failure is poor exterior rainwater
management leading to persistent water penetration causing support failure by fungal and
insect attack. Decorative projections such as the large Ballroom ceiling roses at the
Buckingham Palace include additional internal support using ferrous armatures of nails or
wire and timber - all sensitive to elevated moisture levels which deteriorate in poorly
maintained conditions. Good plaster nib formation depends on correctly sized gaps between
laths. For this reason, plasterers undertake their own lathing. Gaps too wide or narrow prevent
adequate key formation and can lead to failure - especially where a mix weakened by being
too wet compromises material integrity.
For lath and lime plaster ceilings, the much used ‘builders’ method for securing a lath and
plaster ceiling considered to be at risk, typically involves wholesale pouring of plaster of Paris
over wire mesh or hessian reinforcement laid and secured between bays. This is entirely
unsuitable and should have no place in the conservation of sensitive historic decorative lime
plasterwork. Poured plaster of Paris has several potentially disastrous drawbacks as it
introduces large quantities of heavy wet material to sensitive fabric and furthermore once set
the rigidity of the set plaster in turn accentuates any ongoing deflection forces at boundary
edges, destabilising otherwise coherent existing plaster.
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The preferred method utilises stainless steel washers suspended by wire inserted through
small holes drilled through the ceiling plaster and tied off to perforated galvanised band
secured between the joists above[4]. The overall goal is to provide additional support to
delaminating areas of historic plasterwork. A washer diameter of around 25mm provides a
balance between effective support and minimising physical impact to the ceiling plaster.
Restraint sites should form a flat seating to maximise washer contact and should be recessed
no more than allows subsequent filling and covering. Where access from above is not
possible, the use of screws becomes unavoidable. This is less ideal as it is more difficult to
accurately determine the location of reliable supporting timber structure and can easily lead to
the repeated drilling of the ceiling fabric to locate suitable structures for fixing to. Screws
should be of the smallest diameter required with narrow parallel shafts of sufficient length to
make a secure fixing in the selected timber. The technique is intended to be used locally in a
spirit of minimum intervention and not intended for systematic thoughtless wholesale
gridding and is the method being implemented on decorative plaster ceilings and heavy
decorative plaster enrichment in both the Buckingham Palace and Windsor Castle where
our investigations have identified defects and potential risk of loss.

Figure 06: (Right) Ceiling restraint washers tied back to the timber support structure above via perforated
metal band. (Left) Example restraint fixings to plaster ceiling.

7

CONCLUSIONS

We have described in this paper the strategic inspection and assessment of a large number
of historic plaster ceilings and their corresponding supporting structure throughout
Buckingham Palace and Windsor Castle, each Grade I listed buildings of international
significance and importance. Our inspections have implemented the recommendations
contained within the latest ABTT guidance and demonstrate the many practical challenges we
have encountered when attempting to satisfy these certification requirements. To safely access
often restricted, confined, obscured and contaminated spaces located above fragile
plasterwork ceilings suspended over rooms in regular use required considerable planning,
design and execution. Some of these challenges and limitations are site-specific owing to the
special and unique genesis and usage of the buildings, however many are generally and
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usefully applicable to a wide range of common building types from all periods. The observed
defects and their proposed remedial measures are summarised in Table 01 below:
Table 01: Summary of defects observed and proposed remedial actions
Typical type of
defect
Cracked or
distorted
plasterwork

Degree of defect

Action

Mild
Moderate

Waterstained
plasterwork

Mild
Moderate

No immediate action; monitor periodically
Inspect corresponding ceiling area above and relevant supporting
structure; undertake frequent monitoring or repairs as required.
Immediately inspect corresponding ceiling area above and relevant
supporting structure; undertake urgent repairs as required.
No immediate action; monitor periodically
Inspect corresponding ceiling area above and relevant supporting
structure; undertake further investigations or repairs as required.
Inspect corresponding ceiling area above and relevant supporting
structure; undertake further investigations or repairs as required.
No immediate action; monitor periodically
Immediately inspect relevant structure at close hand; undertake
repairs as required.
Immediately inspect relevant structure at close hand; undertake
repairs as required.

Severe

Severe
Distorted or
deformed
structure
Failed structure
Fungal or
infestation
decay of timber
structure
Corrosion of
metallic
structure

Mild
Moderate
Severe
Mild
Moderate
Severe
Mild
Moderate
Severe
Mild
Moderate
Severe

No immediate action; monitor periodically
Inspect relevant structure at close hand; undertake
and monitoring as required.
Immediately inspect relevant structure at close
treatment, repairs and monitoring as required.
No immediate action; monitor periodically
Inspect relevant structure at close hand; undertake
and monitoring as required.
Immediately inspect relevant structure at close
treatment, repairs and monitoring as required.

treatment, repairs
hand; undertake
treatment, repairs
hand; undertake
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Abstract. In the framework of the Strategic Masterplan Cultural Heritage 2014-2018 of the
Italian Ministry of Culture, a specific attention for the strengthening and constitution of
relevant urban cultural centers is sought through the restoration and re-use of structural
complexes of great architectural and historic value such as the case of Forte Marghera
(Marghera Fort) of Venice. The need to build a fortress at the point where the mainland
approached Venice was understood, after the fall of the “Serenissima” Republic (1797), by the
Austrian Empire. The fort was therefore built in a marshy area on the edge of the Venice lagoon,
crossed by a maze of canals. The works started in 1805. On the area there was already the old
village of Malghera, home to warehouses and customs, which was incorporated into the Fort.
However, the return of Napoleon's troops in 1806 surprised the works still in a early stage. The
fortified work was then revised according to the plans of the French architect Marescò and
conducted under the guidance of the general and military engineer François-Joseph
Chaussegros de Léry and later the Chasseloup. The most significant buildings still present in
the fortress – object of the current restoration works - are the two French barracks (18051814), located on the front near the dock. They are two-storey brickwork masonry structures
with a 83x15 m rectangular plan and perimeter walls reaching a 3 m thickness, provided with
decorative elements made of Istria stone. Visible decay is present in both two massive buildings,
due to differential settlements mainly visible the long sides of both buildings, especially
affecting the West one, also partially subjected to local collapse. A wide investigation
campaign, aiming to the adequate characterization of the constituting materials and building
techniques, was carried out in order to properly feed the design of conservative restoration
interventions. Results indicate the use of good quality materials and proper layout also in the
foundation system, indicating in the poor soil mechanical characteristics the main structural
deficiency leading to the visible settlements. To date, the detailed design stage was reached for
just one of the three buildings involved in the restoration, while the two remaining buildings
are still in a preliminary design phase.
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1

FOREWORD

Within the Strategic Masterplan “Grandi Progetti Beni Culturali” (Large Projects Cultural
Heritage) 2017-2018, the MIBACT (Italian Ministry for Cultural Heritage and Tourism)
financed the intervention: “Marghera Fort - museum recovery in the environmental crisis area"
[1]. As the beneficiary of the financing, the Municipality of Venice assigned the development
of the project and the site engineering to the in-house company Insula spa [2].
The military fort, acquired from the state by the Municipality of Venice since 2010, houses
78 buildings on a territorial surface of 24 acres, and it is being progressively restored with public
funding for cultural purposes and recreational activities (museum / exhibition - Venice
Biennale, Civic Museums), and related services. The Municipality of Venice has a strong
interest in this location given the central position between Venice and Mestre, between water
and land (Figure 1, left). The project allocates the overall budget (7M Euro) on the recovery of
three buildings: the two 19th century "Austrian" barracks, heritage buildings of considerable
historical and monumental interest, facing the marina, besides an early twentieth century ruined
building, raised next to the main axis of the Ridotto Island, the heart of the Fort, to be possibly
reused as exhibition spaces.
2 SITE HISTORY, FORTE MARGHERA
Forte Marghera was conceived and built in different stages from 1797 to 1814. Its
construction began in July 1805 on the area of the small village of Marghera, at that time also
called Malghera.
Consisting of a church, refreshment venues and storage of goods and served by a bridge, it
was the nearest embarkation point to Venice in the communication with the mainland, located
between Venice and Mestre. The village and the Marzenego, Osellino and Bottenigo canals
(which connected Venice to Liza Fusina) flowed into Marghera between marshes and
sandbanks. The conformation of the territory, where the fortress was built was far different from
the present one (Figure 1, right).

Mestre (Venice Mainland)

Venice airport

Marghera Fort area

Marghera industrial area
Venice

Figure 1: location of Forte Marghera area (left) and historical map of the settlement of “Marghera” (right)
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Figure 2: general plan of the Fort (left) and of the French barracks (right)

Following the Salso Canal from the mainland to the lagoon, after the village of Marghera,
there was the Anconetta bridge and then the island of San Giuliano. Both in Marghera and San
Giuliano there were watchtowers.
The Republic of Venice made the lagoon the main element of defence from its enemies,
controlling the most important communication canals linked with the hinterland by blocking
them with chains, fences and palisades and a flotilla of armed vessels. Historically, the first line
of defence for Venice was on the coast (towers, fortresses), then on the inner islands of the
lagoon. Forte Marghera was the first “mainland” garrison to defend the harbour of the city and
its very important arsenal was destined to become, in the course of a century, the core of the
Campo Trincerato di Mestre (Entrenched Field of Mestre).
The construction of the entrenched field started by the Austrians in the early nineteenth
century was completed by the French during the Napoleonic occupation. Its origin dates to the
historical period of the fall of the Venetian Republic, when on May 12, 1797, under the force
of the Republican armies led by Bonaparte, a pro-French popular government was formed. The
French were the first to take a census of the fortifications and to design the Fortress of Marghera
above the village. The Austrians, in 1805, began the construction with some requisitions and
the construction of some ramparts, and subsequently the French completed it with the
construction of the most imposing fortification to defend the city and the consequent
disappearance of the ancient village of Marghera.
With the First World War, Forte Marghera, together with the other fortresses of Mestre, was
not part of the strategic line of defence, and the weaponry was dismantled and transferred to the
front. In recent times, it became an ammunition storage and a weapon repair site, as shown by
the buildings used as workshops. Its military function ended on June 30, 1995.
2

STRUCTURAL & GEOTECHNICAL INVESTIGATIONS

A thorough structural investigation campaign was conceived and executed in order to
achieve an adequate knowledge level for the design of the interventions for the recovery and
restoration of the three historic buildings of Forte Marghera object of intervention (Figure 3).
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BLDG 29

BLDG 8

BLDG 9

Figure 3: the three buildings object of the intervention: building nr. 8, 9 and 29

These are the two Napoleonic "barracks" located on the lagoon side, called "Building 8"
(west) and "Building 9" (east), and a building that has not been covered for years following the
collapse of the roof due to deterioration, called "Building 29", located in the center of the islet
of the fortress. Tests aimed at the definition of the structural elements’ composition (walls and
vaults inner arrangement), the geometrical and crack pattern detailed survey (hidden structural
portions, foundations) and material characterization (mechanical characteristics). A relevant
part of the diagnostic effort was directed to the geotechnical characterization of the soil, being
this the obvious suspect of the evident differential settlements pattern resulting in visible
structural distortion and masonry walls cracking, especially in the west barrack.
2.1 The investigation campaign
Building nr. 8 has an extensive cracking and deformation pattern, attributable to foundations’
differential settlements. From the available documentation, it is noted that buildings 8 and 9
have very large masonry foundations, with the presence of wooden poles to intercept the deeper
load-bearing layers (Figure 4, left). The study of historical hydrography has however shown that
part of building 8 appears to have been partially built over a palaeochannel, subsequently filled
with soil for the construction of the fort (Figure 4, left). A series of investigations were therefore
executed to investigate the nature of the foundation soil in a widespread manner, in order to
highlight any difference in the soil capacity or critical issues. A series of electrical piezocone
penetration tests CPTu (n. 4 on the North side and n. 4 on the South side of bldg. nr. 8, plus nr.
4 tests along building nr. 9) were performed with depth variable between 15 and 30 meters,
together with nr. 5 soil boring at a depth of 20 meters with undisturbed sampling for laboratory
tests. Several excavations aimed at highlighting the foundations were also carried out, with
execution of sub-vertical surveys aimed at the interception of wooden poles to a depth of 5
meters.
From a structural point of view, different investigation procedures were considered for the
two older buildings and the newer one. The two barracks, composed by massive walls and
vaults, were subjected to the following structural tests: single and double flat jack tests to obtain
information on the local state of stress and the mechanical characteristics of masonry, carried
out in the head and inner walls; micro-core drillings with video-endoscopic inspection, for the
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evaluation of the internal composition of the walls (head, side and internal walls) and vaults (at
the key and at ¼ of the span of two vaults); sonic tests on walls, to identify the compositional
characteristics of masonry by measuring the velocity of mechanical waves propagating within
the structural elements, especially in the thicker walls; collection of mortar samples for
characterization and mineralogical-petrographic study, performed on samples extracted from
the core drillings; excavation trenches on the roof, after dismantling the existing cover, to check
the exact stratigraphy and state of conservation of the vaults on the extrados; crack pattern
survey of the buildings. The more recent building – nr. 29 – already heavily damaged from
previous collapse of the roof, was object of the following structural tests: collection of
undisturbed samples of single-leaf thick panels for performing nr. 2 diagonal-compression and
nr. 2 simple compression tests in the laboratory; micro-core drillings with video-endoscopic
inspection, for the evaluation of the internal composition of the pillars; collection of mortar
samples for characterization and mineralogical-petrographic study, performed on samples
extracted from the core drillings; crack pattern survey of the building.
2.2 Obtained results
The analysis of the crack and deformation pattern of the structures, together with the material
decay assessment allowed to identify and map the structural deterioration related to the different
pathologies encountered. Besides the identification of the visible cracking of the west barrack,
not only in the façade but also in the transverse walls (Figure 5), it was indeed possible to
appreciate a diffuse material decay (severe degradation of mortars, missing brick units, spalling,
pulverization, erosion, rising phenomena and presence of biological attacks), mostly due to the
environmental conditions (seaside).
From a mechanical and compositional point of view, the brickwork masonry walls result –
notwithstanding the encountered deterioration – sound and properly built, coherently with its
military intended robustness.

Figure 4: layout of the original French blueprint of the foundation of the head and inner transverse walls (left);
map with indication of the palaeochannels in the area of Forte Marghera (right): highlighted in red building nr. 8
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Figure 5: crack pattern in building nr. 8: it is highly visible a well-defined differential settlements trend

The inspection of the inner sections of both walls and vaults indicated a properly arranged
core, without any loose infill, even for the thicker walls (2,80 m).
Stiffness values emerged from the flat jack tests carried out are compared with those reported
in the Italian Standards for the type of masonry observed (brickwork masonry with lime-based
mortar). According to Italian Standards [3], the Elastic modulus E is in the range 1.200 – 1.800
N/mm2 (with reference strength between 2,6 and 4,3 N/mm2). The comparison with the obtained
results shows that the moduli of elasticity obtained onsite match the standard figures. The
compressive tests carried out on the wallets extracted from the single-leaf perimeter walls of
building nr. 29, being a XX c. building, shown a higher stiffness (and resistance) masonry,
equal on average to 7.370 and 5,40 N/mm2 respectively (Table 1).
The sampled mortars composition reflects indeed the constructive periods of the three
buildings. Cementitious binder was only found in the sampled material from building 29, dating
XX c. the two older buildings, nr. 8 and 9, present mortars using non-hydraulic lime as binder.
Sonic tests carried out widely on the two older buildings (a total of 6+6=12 tests) indicated
good to very good values for the sonic velocity through the masonry walls, with relatively
homogeneous figures (avg. max/min equal to 1.852 / 2.820 m/s). Higher values were found in
building nr. 9 (overall average value of 2.440 m/s) than in building nr. 8, (2.150 m/s), possibly
also for the different state of conservation of the two buildings.
The investigations on the foundations and on the soil allowed to confirm the layout as
represented in the historical blueprints, with some minor differences (e.g. the foundation width
for the massive perimeter walls).
Informative results emerged both from the CPTu and the borehole tests. These last depicted
a typical soil stratigraphy of the lagoon of Venice, composed by superficial layers of clayey silt
to a depth of -3,00 m, then an alternance of soft layers of silt clay and sand (and a mix between
the three) down to a depth of approx. -9,00 m, then the so called “caranto” layer (over
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consolidated silty clay) with a thickness of 2 – 2,50 m. below this depth and down to the end of
the perforation (-20 m), alternance of sandy silt and again more or less compact silty clay.
The penetrometric tests explained the differential settlements trend encountered in building
nr. 9, given the visible change in the soil resistance between -2,0 ÷ -4,0 m, where the
foundations / poles find support, between tests nr. 1, 2, 8 (denoting a certain capacity) and 3 to
7, remarkably weaker, approximately located in correspondence of the filled channel.
Table 1: mechanical tests on masonry, on site (flat jack tests) and in laboratory (compressive tests).

3

Test ID

location

DFJ 1/8
DFJ 2/8
DFJ 1/9
DFJ 2/9
PM2
PM4

Head wall, bldg. 8
Internal wall, blgd. 8
Head wall, bldg. 9
Internal wall, blgd. 9
Perimeter wall bldg 29
Perimeter wall bldg 29

Local stress
[N/mm2]
0,19
0,64
0,44
0,41
---

“Elastic” limit stress
[N/mm2]
3,28
3,75
2,78
1,85
---

Max stress
[N/mm2]
4,22
4,22
3,25
3,42
5,56 [strength]
5,25 [strength]

E [N/mm2]
1.941
1.408
1.424
1.072
8.797
5.952

STRUCTURAL MODELING – SAFETY CONDITIONS

The two French barracks nr. 8 and 9 have a rectangular plan, 85x15 m in size, and are made
by transversal thick walls (about 110 cm thickness the internal walls, more than 280 cm the
head walls), which support the barrel vaults (Figure 6). The longitudinal facades, also in brick
masonry about 110 cm thick, are simply juxtaposed to the vaults, and not clamped to the
transverse walls, as highlighted by some cracks visible on site. Walls and vaults are all made in
solid bricks masonry, with lime mortar joints.
The buildings are 7 m tall, and originally, they had a roof terrace with perimetral ramparts;
nowadays there is a pitched roof made with wooden beams and rooftiles, and the space between
the original pavement and the roof is filled with soil.
Building 8 differs from Building 9 for the absence of the central staircase, which is
positioned on the East side, where there are intermediate floors that divide the first two vaulted
rooms. Barrack 8 presents also a lower part in the north-west corner, due to the collapse of a
portion of the barrel vault, currently covered with a wooden roof.

Figure 6: building nr. 9 – plan and cross section
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Figure 7: building nr. 29, plan view

The current situation of both buildings highlights a significant state of decay; the external
facades are damaged by the growth of vegetation, especially on the top cornices, where some
stone pieces are fallen. Vertical walls present cracks in correspondences of the chimneys and
diagonal cracks near the entrance portals. There are also systematic cracks between the vaults
and the facade walls, due to the absence of connections between facades and transversal walls.
Furthermore, the building nr. 8 presents several and evident deformations, with wide cracks on
facades and inner walls, remarkably in the central portion which appears lowered than the northwest corner, as described earlier.
The depot building nr. 29, built in the early twentieth century, has completely different
structural characteristics (Figure 7). This building is made by squared masonry pillars
(0.65x0.65m) spaced 4 meters, with bricks masonry single-leaf spandrel walls. It has an
elongated rectangular shape, 12.5x85 m, one storey, with pillars high 3,30 m; the roof, currently
collapsed, was a wooden pitched roof, with wooden trusses supported by masonry pillars.
3.1 The modelling strategy
Considering the different constructive typologies of the three buildings, different analysis
approaches have been chosen.
The two French barracks have been studied using a finite element model, which has been
created to define the stress distribution on vertical walls and on foundation soil. The model of
each building was processed by the commercial software MIDAS and it is composed by
351’417 tetrahedral 3D elements. The typical size of the tetrahedral 3D element is 0,5m.
Dynamic linear analysis has been used to simulate the seismic behaviour of the massive
buildings, considering different level of connection between longitudinal and transversal walls:
the two barracks are indeed built with the facades simply juxtaposed to the transversal walls
and to the vaults, as often encountered in Venetian historical buildings. Therefore, the facades
have been modelled separated from inner walls and vaults, connected to them only by
unidirectional (horizontal) springs. This detail also allowed an accurate study of the stresses on
foundation soil, avoiding stress distribution on walls that are not directly loaded by the vaults.
The interaction between soil and foundations has been analysed using elastic Winkler
springs, calculated according to the geotechnical investigation results. Differences on soil
characteristics have been considered using different stiffness value on the springs. Limit
analysis was finally used to evaluate the seismic behaviour of vertical walls, in order to check
their vulnerability to out-of-plane collapse, including the high horizontal thrust of vaults.
The depot building (nr. 29) was instead analysed with a non-linear equivalent frame model,
performing a static non-linear (pushover) analysis and considering the seismic contribution of
the longitudinal single-leaf walls between the masonry pillars. Such walls were eventually
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reinforced by design in order to consider them as effective bracing elements. The horizontal
rigid plane -necessary to distribute the seismic actions to the resistant walls- is ensured by the
new steel structures of the roof, with an out-of-context architectural hint. Limit analysis has
been used also in this case in order to check the out-of-plane collapse of the vertical walls and
to calculate the retaining force which has been applied to the roof structures.
3.2 Obtained results
The global FE models of the barrack buildings (nr. 8 and 9) have been used to perform both
static and seismic (dynamic) analysis (Figure 8).
The self-weight analysis – carried out according the current Italian Construction Standard
NTC2018 – has confirmed the soundness of the vertical structures, built to resist to cannon
attacks. The great thickness of vaults and of vertical walls can distribute easily the heavy loads
from the roof, made with large layers of soil and with perimetral ramparts.
Results obtained in terms of σZZ stress (compression) indicate that the average value of
compressive stress at the ground level corresponds to approximately 0,4-0,5 N/mm2 (Figure 9).
Average compression stress on vaults is lower than 0,2-0,45 N/mm2.The seismic behaviour of
the building is characterized by the large thickness of masonry walls, which can easily absorb
the seismic actions. The main vulnerability is due to the construction method of the facades,
which are juxtaposed to the transversal walls and to the barrel vaults and may be subject to
hammering effects. Out-of-plane vulnerability is connected only to non-structural elements,
such as chimneys or stone cornices. Regarding the interaction between soil and foundation,
considering only gravity loads, the inner walls, which are loaded by the vaults, present an
average stress about 0,25 N/mm2, instead in the longitudinal facades, which are loaded only by
their self-weight, the calculated stress at the ground level is about 0,18 N/mm2. This difference
in soil stresses, due to the constructive discontinuity between facades and inner walls that do
not allow any stress distribution, may have caused differential settlements, which may partially
explain the actual crack pattern.

Figure 8: 3D FE model of the barrack buildings

Figure 9: compression stress on masonry walls at the ground level
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The depot building (nr. 29) has very different structural characteristics: low thickness walls,
one principal resistance direction, collapsed roof. The seismic analysis highlighted a good
longitudinal behavior, thanks to very long and regular walls, but a high vulnerability in
transversal direction. The limit analysis approach, implemented to define the stability of the
masonry panels under the seismic actions, indicated a general unsafe situation, mainly for the
very low thickness of the walls that are not retained by the roof structures.
4

THE REHABILITATION AND STRENGTHENING INTERVENTIONS

In agreement with the concerned entities (Municipality of Venice, Ministry of Cultural
Heritage central and local offices) and in consideration of the financial resources, the objectives
and priorities of the interventions to be performed have been defined:
- Full and functional restoration of the east barrack (nr. 9), for expositions and services;
- Structural strengthening of the west barrack (nr. 8);
- Full and functional restoration of the Depot Building (nr. 29), for expositions use.
Considering the great cultural value of all the buildings, all interventions have been oriented
to the maximum conservation of the original characteristics, especially for the two barracks.
The east barrack (nr. 9) intervention will consist in the structural strengthening of the
vertical and horizontal elements with seismic upgrading and the realization of new systems
(HVAC, electrical, hydraulic). Masonry restoration techniques will be also carried out to
achieve a consolidation of the materials in compliance with the historical conservation criteria.
The original configuration of the roof will be sought, restoring the roof terrace with perimetral
ramparts. The terrace will be accessible by external staircase and lift, in a new steel-made
volume separated from the original building. From the structural point-of-view, minimum
intervention criteria have been followed; masonry walls and vaults will be restored by
traditional interventions, such as structural repointing and cracks sewing by grouting, using
natural hydraulic lime mortar. Considered the satisfactory seismic behaviour of the building,
the seismic retrofitting will be obtained solving the main vulnerability emerged from the
structural analysis, that is the disconnection between façades and inner walls. New stainless
steel tie-rods will be inserted in order to connect horizontally the façades, avoiding overturning
and hammering effects in case of earthquake; these tie-rods will anyway allow for any vertical
displacement between facades and transversal walls, in order to maintain the current static
behaviour.
For the west barrack (nr. 8), considered the wide crack pattern and the marked trend of
differential settlements, it is planned a strengthening intervention at the foundations level, in
order to restore the safety conditions without considering the successive architectural
restoration as for building nr. 9. Intervention will consist either on the improvement of the soil
mechanic characteristics (e.g. jet grouting) or the insertion of a series of micropiles through the
existing masonry foundations in order to connect them to the deeper and stiffer soil layer (over
consolidated silty clay) named “caranto”. At the present time, the design outcome is still open:
structural and geotechnical modeling will drive the intervention type.
For the depot building (nr. 29), the complete collapse of the roof allowed to propose a new
steel roof structure which contribute to the seismic retrofitting of the building at the same time
leaving the internal space completely free and unitary so as to promote flexibility of use for
temporary exhibitions. The steel structure is made by welded IPE profiles creating a global
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reticular beam, acting in its plane as bracing system for the roof and for the masonry walls. Ten
new steel columns act as static support for the roof structures and as seismic-resistant elements:
the triangular shape columns are connected to the roof profiles by inclined branches, forming
seismic portals, fixed at their basis, which can absorb both horizontal and seismic actions.

Figure 10: rendered view of the new steel roof structure

As for the original wooden roof, the structural function of the existing masonry pillars is
maintained, using them as vertical support for the steel roof; the connection system is studied
in order to transfer only vertical actions, avoiding horizontal thrust on masonry, using the
original holes of the wooden trusses to center the roof load.
Roof steel elements collaborate with existing masonry walls for the seismic resistance, both
in the transverse direction, through the façade walls which are enlarged and connected to the
roofing structures, and in the longitudinal direction where the panels between pillars will be
reinforced and will become bracing elements. These panels are therefore reinforced by:
- Connections to masonry pillars by the insertion of stainless steel rebars, completely
hidden inside the mortar joints;
- Reconstruction of the upper part of the walls, currently collapsed, with reinforced
masonry (steel rebars inserted inside the mortar joints);
- Application of steel reinforced strips (FRCM) on the internal side of the panels, using
lime mortar, in order to confer tensile resistance to the masonry.
4.1 Future actions
The final design is currently completed for the Building nr. 29 and the approval by
Superintendence and Firefighters is pending. For barracks nr. 8 and 9, considering the historical
value of the buildings and the interactions between structural requirements and cultural
protection needs, a more demanding design phase in terms of restoration is still on-going.
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5

CONCLUSIONS
-

-

-

A very iconic former military area is progressively being reconverted with success to
cultural and leisure use at the doors of Venice and its lagoon;
In this process, in the framework of the Strategic Masterplan Cultural Heritage 20142018 of the Italian Ministry of Culture, relevant funding was given for the structural
and architectural restoration of two massive historical CH buildings corresponding to
Austrian barracks, and a partially collapsed more recent Italian depot building;
A relevant study was carried out to define the structural safety level of the three
buildings, based on thorough structural and geotechnical investigation, in order to
design the requested strengthening interventions;
Structural tests carried out described buildings lacking maintenance with the related
problems, however properly built, whit compositional and mechanical good
characteristics;
Geotechnical tests were able to characterize the soil main parameters, stratigraphy and
mechanical capacity, also explaining the visible differential settlements of the west
barrack, most likely due to unsatisfactory soil compaction in the works of channel
filling;
Interventions were and still are being defined following two different approaches:
substantially conservative (with seismic and structural upgrading) for the two seaside
barracks, more relevant from a cultural heritage point of view, and introducing a new
architectural sign (roof substituting the original one, completely lost) for the more
recent Italian depot building.
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Abstract. The seismic events that occurred in central Italy in 2016 severely damaged the
rich cultural heritage system present in the area hit by the earthquake. Particularly significant
is the situation of the Marche Region, here it is necessary to intervene quickly and effectively
in order to preserve and secure the damaged historical architectural heritage. Following the
agreement signed in 2019 between the administration of the Municipality of San Ginesio and
the Marche Polytechnic University, a collaboration has been established, which is the basis of
the present research work, aimed at studying and deepening the possible actions to be
undertaken to be able to repair, preserve and enhance the medieval walls of the city. The city
walls, dating from the fourteenth century A.D., almost completely surround the historic center
of the city and are characterized by the presence of a large part of the ancient fortifications
such as towers, access doors, defensive walkways, loopholes, etc. Since there is no complete
survey of the planimetric configuration and of the elevations of the medieval walls, updated to
the situation created after the earthquake, the first phase of the research focused on data
acquisition. Combining DJI Spark MMA1 photogrammetric UAV images with cloud point by
Mobile laser SLAM Kaarta Stencil, the 3D-dimensional modelling of the walls was obtained
with the accuracy related to the output scale of 1:200 and with a detail and complexity useful
for the following conservative analysis. Once the data was acquired and processed, it was
possible to carry out a complete analysis of the walls structure, identifying the materials and
construction techniques, the state of preservation of the materials, the damage situation to the
structures, the various construction phases with the consequent relative dating. The analytical
phase was concluded, therefore, with the identification and cataloging of the types of walls
present. Each of these has been characterized both from a typological and a technicalconstruction point of view, defining the wall quality (IQM) and the consequent mechanical
parameters through the calculation process of the Wall Quality Index.
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1

INTRODUCTION

The seismic events that occurred in central Italy in 2016 severely damaged the rich cultural
heritage system present in the area hit by the earthquake. Particularly significant is the situation
of the Marche Region, here it is necessary to intervene quickly and effectively in order to
preserve and secure the damaged historical architectural heritage.
Following the agreement signed in 2019 between the administration of the Municipality of
San Ginesio and the Marche Polytechnic University, a collaboration has been established,
which is the basis of the present research work, aimed at studying and deepening the possible
actions to be undertaken to be able to repair, preserve and enhance the medieval walls of the
city. Specifically, the research program was divided into:
- first phase: acquisition through appropriate geomatical instrumentation of the data necessary
for geolocation and three-dimensional reconstruction of the objects under investigation;
- second phase: documentary research for the reconstruction of the historical / construction
evolution of the objects being studied and for the identification of the restoration interventions
carried out over time;
- third phase: analysis and architectural graphing of the city walls and fortifications being
studied by the creation of appropriate technical drawings; study and representation of the state
of the materials degradation of surfaces and crack patterns by drafting dedicated thematic maps;
definition of the wall quality and the related mechanical parameters of the historical walls
through the process of calculating the Wall Quality Index (IQM).

Figure 1: Planimetric diagram of the city walls with identification of case studies
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Given the significant planimetric development of the city walls (about 4.5 km in length) and
given the presence of vegetation that completely obliterates some portions of the walls, it was
decided to operate at first, also in order to validate the methodology described above, on three
case studies portions, significant in size and type of the walls themselves. The three case studies,
contiguous with each other, are constituted by: "Block 1" that extends from the first tower of
the portion of walls placed at the east of the town up to Porta Picena; "Block 2" which continues
from Porta Picena to the corner tower of the walls placed in the South; "Block 3" which extends
from the latter tower to the Porta Offuna (Fig. 1).
The working group, led by the scientific managers of the research who are Prof. Fabio
Mariano and Prof. Eva Savina Malinverni (Univpm), is composed of: Prof. Mauro Saracco
(UniMC), Leonardo Petetta and Andrea A. Giuliano (PhD, Univpm), Chiara Mariotti
(researcher, Univpm), Stefano Chiappini, Fabio Piccinini, Francesco Di Stefano (PhD Students,
Univpm) and by students of the "Architectural Restoration" course (Degree course "Ingegneria
Edile-Architettura", Univpm)
2

THE MEDIEVAL WALLS OF SAN GINESIO

2.1 Historical background
The urban layout of San Ginesio is typical of a fortified medieval town whose economy has
always been based mainly on trade. The residential buildings, in fact, mainly consist of terraced
houses, often with shops in ground floor, that overlooking on the main streets that connect the
square to the various city gates. Added to this is the location of San Ginesio along an ancient
and important religious pilgrimage route (towards La Santa Casa di Loreto) which led to the
construction of numerous religious buildings (churches, convents, monasteries, etc.) and
hospitals in the town. The city walls, officially dated from the 14th century AD. [1], almost
completely surround the historic center of the city and they are characterized by irregular shapes
that are the adaptation to the rough orography of the land. Still today, along the route of the
walls, there is the presence of a large part of the ancient fortifications such as towers, access
gates, walkways, loopholes, etc. Of particular interest are the shapes and volumes of all
surviving access gates (both the original ones and those destroyed and rebuilt in the nineteenth
century) that date back to the interventions of the second half of the fourteenth century. The
walls, whose official construction date dates back to 1308 as reported by the documents of the
Public Council, seem to exist in reality from much earlier, as it emerges from numerous deeds
of sale and parchments found that the city was already largely fortified at early 1300. It is
supposed, in fact, that the interventions of 1308 did not concern the construction from scratch
of the city walls but rather the completion of the missing parts and the restoration of the
degraded and / or collapsed portions of the same. Always in the 14th century, a large urban
expansion project was also drawn up for the city of San Ginesio, which was to consider the
walls too, but due to the wars with the municipality of Fermo and the plague epidemic that hit
the city, it was never realized. Throughout the fifteenth century, however, attempts were made
to continue at least the project of the walls, so much so that in 1414 the Public Council of the
city decided that each new Podestà would have to donate part of his salary proper for the
construction of the city walls and even the Papal State, although showing the intention not to
invest funds in this part of its territory, authorized the works for the walls and granted tax reliefs
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for this purpose. From the eighteenth century there is no more evidence of restoration or
maintenance work carried out on the city walls. Over time these deteriorated so much that at
the end of the 19th century there was no longer trace of the Porta di Brugiano [2]. We will have
to wait until the unification of Italy to see again interest in bringing to light the majesty of this
important fortified work. In fact, in the 19th century, operations of complete reconstruction
were carried out on entire portions of the walls, such as, for example, for the stretch that goes
from Porta Ascarana to Porta Alvaneto [3].
2.2 The restoration work carried out
A documentary research was carried out aimed at the classification and knowledge of the
restoration interventions that have occurred over time on the city walls. This operation allowed
a correct reading of the state of affairs of the city walls and its fortifications and was
indispensable for identifying correctly and effectively the new conservation and restoration
interventions to be put in place. Documents regarding the proposals for intervention, the metric
calculations and the technical drawings found in the archives of the Soprintendenza Archivistica
e Bibliografica dell'Umbria e delle Marche were analyzed. Below The main interventions
carried out over time are listed briefly and in chronological order.
1887 - Restoration of Porta Picena and Porta Offuna. The ruins of the Porta Picena's pre-gate
were razed to the ground and the crenellated (in Guelph style) crown of Porta Offuna was
rebuilt;
1977/1979 - Repair of damage caused by the earthquake to the castle walls through the
interventions of: excavation for the realization of sub-foundation carried out by hand; at the
points of collapse or landslide, recovery of the masonry with recycled sandstone ashlars and
hydraulic lime mortar; grouting of masonry joints with hydraulic mortar; restoration of the
balustrade; demolition of masonry incongruous with the original;
1981 - Following the seismic events of 1979, the load-bearing structures of the Porta Picena,
especially in the top and roof parts, had lesions in the walls above the openings, in the corner
ones and in the internal cover. A similar situation was present in the adjacent walls with
detachments in the top part. The repairs works involved: execution of perforations carried out
on all walls and positioning of special steel bars blocked with fluid grouts; execution of niches
for housing anchoring steel plates inserted inside the masonry such as not to be visible from the
outside; repair of all lesions by recessed grouting performed with mortars similar to the existing
ones.
1983 - In addition to the interventions of 1981, a technical report was drawn up with which
requests were made to increase the resistance of the walls to both vertical and horizontal forces
(with the execution of injections of cement-based binders and sewing irons placed every 3 m2
of wall) and to anchor the corners of the tower in order to reach the necessary resistance to the
moments created by the horizontal forces. All this because the masonry was generally in a poor
state of conservation with mortars degraded to 80% (if not absent in some sections) and with
ramified cracks over the entire surface.
1984 - Reinforcement operations were carried out in the polygonal tower and in the surrounding
wall sections by means of perforations of fluid grout reinforced with ribbed steel bars.
1988 - In the portion of the wall that goes from the polygonal tower until it almost reaches Porta
Brugiano, restoration and consolidation works were carried out on the structures in relation to
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the severe deterioration they were experiencing due to the 1979 earthquake. In particular, the
Porta Offuna and the church tower were treated specifically through: removal of the internal
covering of Porta Offuna; removal of detrital material on the hospital tower; application of a
tarred reinforced sheath; formation of an internal roof covering in Porta Offuna with ancient
tiles of which 50% are recovered; formation of waterproof surface grouting with specific
mortars; new floorings made by with ancient terracotta tiles in the towers; restoration of water
collection and drainage terminals with terracotta pipes; grouting the joints of the existing
masonry with hydraulic mortar.
1997 - General consolidation works were carried out following the earthquake of the same year.
2003 - Cleaning and consolidation works were carried out on Porta Offuna, Porta Alvaneto and
on some sections of the walls. These works consisted in: hydro-washing of the entire exposed
internal and external walls; plastering of the exposed internal and external masonry walls;
recovery of the damaged masonry.
2005 - Consolidation works were carried out following the collapse of an entire portion of the
walls between Porta Picena and Porta Offuna.
2018 - Following the 2016 seismic events, on Porta Picena and on the portions of neighboring
walls, pending the implementation of the definitive repairs, temporary safety measures were
carried out. On the top of the walls, the stones not tied to the masonry at risk of collapse were
dismantled, with the aim of guarding them and repositioning them with the restoration works.
In addition, a containment net fixed to the masonry with mechanical anchors was placed on
these points to reduce the risk of falling of the unremoved stone segments. Two towers were,
however, surrounded on four sides with harmonic steel strands housed on a frame of vertical
wooden beams adjacent to the masonry and with the addition of a wooden paneling to contain
the most critical points.
3

FIRST PHASE: DATA ACQUISITION

Since there is no complete survey of the planimetric configuration and of the elevations of
the medieval walls, updated to the situation created after the recent earthquake, the first phase
of the research focused on data acquisition aimed at obtaining a three-dimensional modelling
of the walls. In order to create a complete texturized 3D model of the walls, we decided to
combine different techniques of acquisition. They include the aerial photogrammetry with UAV
(Unmanned Aerial Vehicle) and the mobile laser scanner with a SLAM (Simultaneous
Localization and Mapping) technology. This phase began with the definition of a reference
system through a topographic survey, useful for the combination of the acquired images and
the point clouds in the next data processing step. The photogrammetric survey of the walls was
performed using a DJI Spark MMA1 drone and its integrated camera (Fig. 2a) [4]. For each
section of the walls different flights were planned. Photos has been shot with the camera at
different grades: nadir direction, 30° and 45° from the horizon, and frontal, covering a global
field of view of approximatively 180° and guaranteeing a high number of tie points (Fig. 2b).
The survey was carried out maintaining the UAV camera at a constant distance of about 30 m
from the wall, evaluating carefully both the flight time and the overlapping of the shots (Fig.
2c) required to cover all the wall surface, obtaining an average Ground Sample Distance (GSD)
of 4 cm.
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a)

b)

c)

Figure 2: a) DJI Spark MMA1 drone; b) UAV survey positions related to the vertical section of the walls;
c) the method of photo overlapping

A survey campaign with the mobile laser scanner KAARTA Stencil 2 [5] was also planned to
obtain 3D point clouds of the walls [6]. KAARTA Stencil 2 (Fig. 3a) is a light weight SLAM
instrument, with an integrated system of mapping and real-time position estimation: it depends
on LiDAR (Light Detection and Ranging) and IMU (Inertial Measurement Unit). The system
uses Velodyne VLP-16 that consists on a band of 16 scan lines, with a 360° field of view and a
30° azimuthal opening. A tracker camera is integrated into the device to estimate the trajectory
carried out during the acquisition operations. To realize this type of survey characterized by
long close-loop paths, the laser scanner was mounted on a small pole held by hand. The progress
of the scanning can be monitored in real time via an external monitor attached with a HDMI
cable.

a)

b)

Figure 3: a) KAARTA Stencil 2; b) the 3D point cloud and the estimated trajectory (red line) made by the
mobile laser scanner (right)

The processing phase of the acquired data was conducted in laboratory using specific software.
For the image processing, an Agisoft product [7] was used, justified by its good performance
on image alignment from different points of view. During the image orientation step, the photos
were set in the topographic network using control points for the bundle adjustment and so
minimizing the orientation errors. After the images alignment, the resulting dense cloud was
obtained through Structure from Motion (SfM) workflow, which allowed the creation of mesh
surfaces and textured model. In case of 3D point cloud acquired by mobile laser scanner, the
device have automatically processed data during the acquisition phase. Following,
CloudCompare [8] is the software for the point cloud analysis that allows the post processing
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of the 3D data: registration and alignment of point cloud, manual or automatic cleaning,
adoption of some filters to resample the point cloud that becomes lighter and clearly visible.
KAARTA Stencil 2 has a strong potentiality to generate a higher number of points composing
the 3D point clouds, but does not produce any visible colour information of the 3D points and
so the UAV survey is able to compensate for this lack. It is clear that these technologies may
be complementary to each other in creating complete high-quality 3D representations (Fig. 4).
It is finally important to remark that the 3D model of the walls was realized with the accuracy
related to the output scale of 1:200 and with a detail and complexity useful for the analysis and
restoration activities.

Figure 4: The combination of 3D point clouds obtained by the SLAM and the UAV devices

4

ANALYSIS AND STUDIES

The analysis and studies carried out on walls structure surveyed, have had the objective to
identify the types of masonry in work, and then define their characteristics, from a structural
point of view, using the method of calculating the Masonry Quality Index (IQM) [9]. On base
of this calculation, it was possible to identify and delimit homogeneous portions of walls, which
have uniform masonry quality indices and therefore presumed homogeneous structural
behaviors. These delimitations allowed to attribute, to the different types of masonry identified,
the main mechanical parameters, through the correlations identified by Borri and De Maria [11]
between IQM and the classification of the masonry types, defined by the Instructions to the
Italian Technical Code (Reference values of the mechanical parameters of the masonry: NTC
2008, tab. C8A.2 - NTC 2018, tab. C8.5.I). The results obtained, will allow to limit the number
of invasive tests (double flat jacks) for the instrumental determination of the mechanical
parameters, being able to relate the values thus recorded, with those derived from the analysis
of the IQM.
4.1 Identification and classification of materials and construction techniques
Once the geometrical survey data was acquired and processed, it was possible to carry out a
complete analysis of the walls structure. The first phase of analysis has been focused on the
recognition and classification of the types of masonry present; this identification began with a
visual survey of a series of parameters, aimed to describe the surface of the masonry, identifying
the materials used, the processing of the surface of the blocks, the construction technique and
the wall texture. This reconnaissance allowed a first generic subdivision of the walls present,

1439

M. Saracco, F. Mariano, A. A. Giuliano, L. Petetta and F. Piccinini

(macro-type) followed by an in-depth analysis of the parameters deemed useful for their
classification; in each macro-type, therefore, were chosen three significant samples, of one
square meter, (for a total of 86 samples) and in each, were analyzed the size of the blocks and
mortar joints, the presence and quality of the mortar, the methods of laying in works and wall
texture (texture in façade and in cross section, existence of transversal connections). As a result,
it was possible to classify 35 different types of masonry, in the three sections of walls analyzed.
The presence of these numerous types of masonry, is due to different factors often integrated:
different construction periods of the parts of the walls, repair works and/or reconstruction of
some portions of these as a result of seismic events, overlapping walls of civil buildings or other
structures.

Figure 5: Datasheet for the classification of masonry types. In columns from left to right: type of wall texture,
photographic survey of the sample, geometric survey of the sample, description of significant parameters,
(constitutive elements, type of mortar, type of laying in work, cross connections) average block size,
identification code. On the right, the block size survey and the average size estimate.

The types of masonry identified have been filed in summary tables, assigning each of them an
identification code and a color so that they can be easily identified in the survey maps (Fig. 5).
The datasheets contain images and the geometric survey of the samples used for classification,
annotations relating to the constituent elements, mortars used, laying in the works and the
texture of the wall, the possible presence of recent repair and/or restoration work; for this last
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aspect, the historical data collected with observations and the relevant data were compared.
4.2 Materials decay and damage situation to the structures
Since the degradation of the materials present in a structure, represents a process of
pathological alteration, capable of compromising the chemical and physical-mechanical
characteristics of the same, determining the state of preservation of the elements in work, it was
essential to assess the strength characteristics of the masonry. It is also important to remember
that the IQM calculation method uses qualitative assessment parameters of the conservation
status of the mortar and building blocks of the masonry, therefore related to the possible
presence of pathological alterations. The analysis of the degradation was carried out, at this
stage, through a logical deductive path that, starting from the macroscopic alteration phenomena
of the analyzed elements, derived the causes and mechanisms of degradation. The observations
made, as indicated, were of a macroscopic type and therefore aimed at identifying forms of
pathological alteration that obviously compromise the physical and mechanical characteristics
of stone elements and mortar. In this analysis process, the Lexicon of macroscopic alterations
of natural and artificial stone materials was used, collected in the UNI standard 11182:2006.
The classification of the identified degrades, was transferred to the survey papers through a
symbolism consisting of alphanumeric codes and colors. The recording of the forms of
degradation was completed with the survey of the cracking framework and its interpretation,
indicating static failures and the main mechanisms of damage related to dynamic stresses. The
main forms of degradation identified, were: the erosion and hurling of the sandstone that
constitutes the blocks of masonry and the pulverization of the mortars. These phenomena have
been detected in numerous portions of the wall curtain and with particular severity in the base
areas and ridges of the masonry. The cracking framework detected, has highlighted portions of
masonry affected by rotations out of plane and structural injuries attributable to efforts in the
plan, derived from the seismic stresses of 2016.

Figure 6: inside front, Block 2. A false-color representation of the main forms of degradation and their extent

4.3 Wall Quality Index (IQM)
The analytical phase was concluded, therefore, with the identification and cataloging of the
types of walls present. Each of these has been characterized both from a typological and a
technical-construction point of view, defining the wall quality (IQM) and the consequent
mechanical parameters through the calculation process of the Wall Quality Index [9]. The
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procedure for the assessment of a Masonry Quality Index (IQM) is based on the identification
of the masonry buildings typical features, evaluated with respect to the “rules of art” as reported
in ancient and modern handbooks; from the visual inspection of masonry texture in façade and
in cross section, a numerical evaluation is given to different parameters and a quality index can
be obtained [10]. Among the innovations introduced, it is worth highlighting that the evaluation
of the IQM is performed by defining the masonry quality as a function of the load type
examined: 1) vertical loads; 2) horizontal in-plane loads; 3) horizontal out-of-plane loads [9].
Moreover, a correlation between the masonry quality index and the values of the mechanical
parameters proposed in the tab. C8A.2 of the Instructions to the Italian Technical Code 2008
(updated in the tab. C8.5.I, of the Italian Technical Code 2018) has been proposed [11-12]; in
particular a relationship aimed to provide values of mechanical parameters “coherent” to those
proposed in the two tables mentioned, a function of the IQM has been obtained.

Figure 7: The IQM is divided according to the direction of the soliciting action into 3 indices: IQM for
vertical actions, for horizontal actions out of plane and for horizontal actions in the plane. Based on compliance
with the parameters of the "rule of the art", are assigned judgments of partial respect, respect and disrespect, to
which some scores are connected. These scores are inserted in formulas that allow to obtain a global value for
the three IQM, taking account the corrective parameters linked to the quality of mortar. The last table shows, on
the basis of the obtained values, the masonry categories: A, B and C, of which A is the best and C the worst.

The calculation of IQM was carried out on all masonry samples surveyed, (so in three samples
for each type of masonry) to obtain representative average values. The results showed low and
medium, masonry quality indices in block 1, both for vertical loads, both for those horizontal
in-plane and out of plane, while the situation in blocks 2 and 3 was appeared better, since only
a single section has obtained a low masonry quality index for all expected loads (vertical,
horizontal out of the plane, horizontal in the plane).
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Figure 8: IQM analysis sheet, made for each sample of masonry detected. On the right, the correlation curves
with the mechanical values, taken from Italian Technical Code 2008, tab. C8.A.2.

Figure 9: IQM identification of masonry categories
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5

CONCLUSIONS

The study allowed to identify the portions of the masonry that have a low quality and
therefore a high vulnerability to seismic stresses, since under the effect of dynamic actions,
would probably be disintegrated.
This assumption determines the need for a hierarchy of analyses and subsequent interventions,
one preparatory to the other. In other words, before carrying out a numerical modeling of the
structure, it will be necessary to guarantee a good quality of the masonry structures in order to
be able, then, to analyze any local mechanisms or global behaviors. Moreover, the identification
of uniform portions of masonry, will be able to limit the number of invasive analyses for the
mechanical characterization of the structures. (double flat jacks)
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Abstract.
There are 1,463 buildings in Barcelona, from different times from the first century to the
present day, that have changed their functions once or more times throughout their life.
This paper analyses those cases in which changes in use relate to housing and it does it
in two opposite ways: In one way, examining houses –mostly with building structures of
bearing walls– that have endured functional modifications without losing its main
attributes. In the opposite way around, studying buildings with other uses than housing –
many of them built with isotropic structures or large structural spans– that have been
converted into dwellings. On the other hand, and in both cases, the analysis addresses how
the urban situation of the building conditions the use to which it will tend to be transformed.

1445

Magda Mària, Xavier Monteys

INTRODUCTION
In a recent study, made by our research group on the reuse of buildings in Barcelona, we
have identified 1,463 cases of buildings that, from the 1st century to the present [1], have
changed their use once or more times. Of all the existing uses – housing, residential,
commercial, offices, industrial, sanitary, religious, cultural, recreational, educational, sports and
institutional – housing has contributed the most to accommodate new uses: A 55.52%, of the
reused buildings in Barcelona were originally homes. It is a high figure compared to a 5.89%
of other buildings that, having other original functions, have been converted into housing.
Quantitatively this data has its logic since housing makes up much of the urban fabric of a
city; in fact, in Barcelona it entails a 98% of it. However, it is a paradox that structures that
respond to domestic requirements have had the capacity to host uses and programs that
intrinsically seem to require very different conditions.
Much of the houses in Barcelona are built with wearing walls. Their structural spans delimit
stairs, patios and rooms of small or large size, that fit into this structural system. They have
constructive and spatial qualities that differ markedly from, for example, those of industrial
buildings, composed of large naves and open structures that seem more in line with versatility
and, therefore, to house a wide range of functions.
This leads us to believe that the apparent rigidity of the structural system of Barcelona's
dwellings does not impede their predisposition to changing use. Furthermore, it induces us to
analyze how houses, with their various typologies, have endured functional alterations without
losing their main constructive, morphological and spatial attributes.
HOUSING TYPES AND CHANGES OF USE
The Article 272 of the Urban Guidelines of the Metropolitan General Plan of Barcelona
distinguishes several kinds of housing: townhouses, masías, palaces, torres-villas and apartment
houses [2]. Within them, we establish two large groups: the first includes houses between
partition walls, whether they are single-family or multifamily houses: those are townhouses and
apartment buildings; the second, includes freestanding houses: masías, palaces and torrevillas.
The townhouses are built between partition walls ranging from modest constructions in
municipalities added to Barcelona, such as Sant Andreu, Sarrià-Sant Gervasi or Sants, to unique
houses in the Eixample or Ciutat Vella. They usually have a back yard and they generally
belonged to one family that occupied the entire property. They constitute a 31.1% of the houses
that have changed their use and, in their transformation, some of the most outstanding ones
have hosted cultural functions, as in the case of the Elizalde house, or the Ametller house; while
commercial programs have colonized many others.
The apartment buildings are composed of several units, initially for renting and usually with
two apartments per floor that occupy the entire depth of the plot. They are mostly built with
brick-bearing walls that also support the interior courtyards and stairwells. The rooms are
usually very regular, especially in the buildings of the Eixample layout by Cerda. They make
up to a 34.0% of the homes that have changed their use and their foreseeable transformation
has led them to become residential buildings such as hotels, residences, youth hostels or tourist
apartments. An example of this would be the Fuster House, converted into Hotel Casa Fuster.
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The masías are freestanding constructions, with a three naves structure, that consist of
ground floor, main floor and garret. Some have large side galleries added. They were originally
destined for housing and, together with the surrounding land, formed productive units linked to
agriculture and livestock. Due to the expansion of the city, smaller plots than the original ones
currently surround them. They are scattered in the urban fabric, mostly in the strip parallel to
the Sierra de Collserola. They make up to the 5.7% of homes that have changed their use,
covering very diverse functions: cultural, educational or commercial. An example is Can
Cortada, a farmhouse converted into a restaurant.
The palaces are buildings intended for housing, built both between partition walls and
freestanding. One of their distinctive features is the presence of a central courtyard with a noble
staircase of access to the first floor, visually linked to the entrance. They constitute a 6% of the
homes that have changed their use, and many of them are concentrated in Ciutat Vella, as the
Palacio de la Virreina, converted into a cultural center.
The torre-villas are houses built exclusively as freestanding constructions, usually
surrounded by a garden. They represent a similar case to that of the palace, but with a more
clearly domestic program. They make up to a 23.2% of the houses that have changed their use
and their construction is mainly concentrated in the district of Sarrià-Sant Gervasi, in the upper
part of Gracia or in Horta-Guinardó. As in the case of the masías, their new functions are very
heterogeneous, but they gather similar uses in certain streets or sectors of a district, such as the
educational use nearby the Paseo de Sant Gervasi or the Paseo Bonanova.

Figure 1a: Scheme of the different types of housing and its urban location
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Figure 1b: Scheme of the different types of housing and its urban location

FROM HOUSING TO OTHER USES
This work considers the affinities between the different types of housing and the uses they
have embraced throughout their useful life. But also, comparatively, values buildings that,
having other programs in their origin, have become homes. We call this the 'double way of
housing use': from housing to other uses and from other uses to housing (Figure 2).
The first “one way of transformation” analyses the 810 dwellings that have changed use in
Barcelona. As shown in Figure 3, they have been adapted to all the uses listed in the
Metropolitan Master Plan Regulations. However, depending on the type of house/apartment,
some final uses predominate over others. This gives us the opportunity to understand the logics
that bring the original use to the current one, from the perspective of its typology, its structure
and its location in the city.
One of the most frequent affinities between uses is the one between 'housing use' and
'residential use', thus: of the 331 buildings that have been turn into 'residential use', 270 were
dwellings (an 81.8%). On the other hand, if we consider that, of the 810 dwellings, 270 have
changed its use into a residential one; we find that this is the prevailing program, with a 33.0%,
followed by the 'educational use' with a 19% and the 'commercial use' with a 14.3%.
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Figure 2: Doble way of housing use

Figure 3: From housing to other uses
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We also observe that the apartment building typology would represent the greater
typological correlation between the established five types of housing and the 'residential use'.
A 75.3% of transformed apartment buildings have been converted into hotels, touristic
apartments, youth hostels and, to a lesser extent, into geriatric or student residences.
Concerning the location, a 44.8%, that is, almost half of the buildings converted into
'residential use' are in Ciutat Vella and a quarter, a 25.6%, are in the Eixample. Another
alarming significant statistical figure is, due mostly to the boost of the hotel business in
Barcelona, that an 88.3% of the buildings that have moved to 'residential use' - mainly hotels in Ciutat Vella, come from the 'housing use', and that explains the depopulation of the historic
center of the city.
There are many examples of these transformations. Among them, we may highlight the
Casa Joan Serra, located in Ciutat Vella, designed in 1867 by Francisco de Paula Villar and
converted into the Hotel Montecarlo in 2000, after having been the headquarters of Las
Noticias and El Correo Catalán newspapers. Another example is Casa Enric Batlló, located in
the Eixample and designed in the late nineteenth century by Josep Vilaseca, with a new hotel
use since the mid-1990s, according to Jordi Romeu’s design project.
Another significant concordance is that between 'housing use' and 'educational use'. Of the
242 buildings currently hosting educational programs, including schools, academies and
universities, 154 have been dwellings before: that is a 63.3%. Among them, the types that
have tended the most to adapt their spaces to schools have been the freestanding buildings, the
torre-villas being the majority type, with a 60.1% over the masías.
Concerning their location in the City, of these 154 dwellings transformed into educational
buildings, 63 of them (a 40.9%) are in the district of Sarrià-Sant Gervasi. If we compare this
data with the maps of the other types of housing locations, we confirm that the 'educational
uses' that settle in existing buildings, choose the torre-villas first. This is due to the correlation
between the interior organization, the size of the pieces, the uniqueness of the building and the
presence of a garden, with the spatial needs of a wide range of educational programs.
Some examples that illustrate these changes in use would include the Casa Galvany-Castelló,
built in 1890 and converted into the Augusta School; the torre at Muntaner Street, from 1923,
transformed into the Nausica School in 1969; or the masía can Fargas, originally from 1300,
recently transformed into the Municipal School of Music.
Another remarkable case is that of the palaces. They have been destined firstly for 'cultural
use', up to a 38.8%, secondly for 'institutional use'. This may have an explanation in the role
they play as part of the city memory, but it is also because of their spatial access features: with
a direct link through a patio between the entrance and the noble first floor.
The other type of housing, the urban houses, has tended to transform into 'commercial use',
specifically a 37.7% of them. This use includes small shops or restaurants that take advantage
of the uniqueness of the property and, in some cases, of the backyard, to adapt its new functions
properly.
A notable example of palace that has been turned into 'cultural use' could be the Palace of
La Virreina, built on Las Ramblas in 1772, which has been hosting several museum programs
since 1935 and that, currently, functions as an Art Center. The Palau Robert as well, built on
Paseo de Gracia in 1898, became the Consejería de Cultura of the Generalitat in 1939, and it
has ended up being a Cultural Center since 1997.
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Figure 4: Housing types that have changed their use
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FROM OTHER USES TO HOUSING
The second way of the housing change of use, and in opposite direction, analyses those
properties that, in origin, had other uses (either residential, commercial, offices, industrial,
sanitary, religious, cultural, recreational, educational, sports or institutional) and that, over time,
have become housing. The affinities found between the housing building and another functional
programs implemented in them are very different from those found in the opposite direction of
change of use, that is, the 89 buildings that had other uses and have change to a domestic new
program.
In this case, the first thing that is seen is a change that has occurred in the dwelling culture
over the last decades: the new ways of life and their link to the decrease in the average
occupation of the houses have involved a reduction of the required domestic dimensions.
Moreover, the popularization, since the 1990s, of the loft typology in Barcelona, has led to
interior organizations in which different degrees of intimacy coexist in the same space.
These changes in dwelling culture have led to an easier adaptation of domestic functions to
space structures that in the first place related very little to them, such as office buildings,
warehouses, or industrial buildings. In fact, a 46% of the buildings that have switched into
'housing use' originally had an 'industrial use'. Most of this 46%, up to a 92.6% of them have
done so specifically into apartment buildings and the remaining 7.4%, into urban houses.

Figure 5: Other types that have become housing
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This typological correlation between industrial buildings and housing buildings is very common
in the district of Sant Martí, mainly due to the conversion of many factories and warehouses
into loft-type dwellings. An example of it would be the Industrias Agrícolas Company, a factory
from 1911, converted into Passatge del Sucre lofts by Jordi Garcés in 2010. In addition, we also
find other cases in districts such as Ciutat Vella or Gracia, where small industries or workshops
have been transformed into domestic spaces.
FIVE LESSONS ON THE “TWO WAYS” OF THE HOUSING USE
The reprogramming potential of these architectures – many of them with equivalent rooms
and bearing walls – to suit other functional programs is, at least, equivalent to the definition of
'flexibility' and therefore of 'freedom', as canonized by the Modern Movement. That is why we
develop next an intentional analogy through Five Lessons on the “two ways”, testing them in
parallel with the well-known Le Corbusier’s Five Points of a New Architecture' of [4].
The first lesson shows that, in the formal structure of housing, the regularity, repetition or
series of some elements must be considered. As the main organizational and structural elements
of buildings –such as courtyards or stairs– are crucial for a different use to be coupled in the
least traumatic way; the regularity that concerns both the rooms or the parts, as well as the
facade or roof elements, plays a decisive role in the preservation of its structural and
constructive characteristics.
In most examples of home transformations, the size and repetition of some parts, usually the
rooms, have been crucial to the natural adaptation to the new use. This happens in an exemplary
way with educational uses. In the antipodes of a 'free plan' organization, these buildings formed
by equivalent rooms and some piece of a larger seize demonstrate their suitability to reconcile
their various spaces with the activities of classrooms and playtime whatever the pedagogic
program or the students’ age is.
This also occurs in a similar way in office programs, whether from companies or official
organizations, and in sanitary uses, such as medical cabinets, laboratories or small clinics, or
in commercials, such as retail sales or catering establishments. All these functions have been
coupled to the structure of the house, arranging offices, doctor’s cabinets, dining rooms,
waiting rooms or meeting rooms inside existing bearing walls’ structures.
Qualities as regularity, repetition or series concern not only to the pieces of the dwellings
but also to other elements such as windows. In this sense, it is revealing that some of the
buildings that have gone from ' offices use ' to ' housing use ' successfully, are built with bearing
facades with windows, and not with curtain walls. The window, in these cases, becomes the
module that is equivalent to a lounge and that can easily become a room.
The paradox is that, both the regular pieces built by bearing walls, as well as the bearing
facades with windows, are the opposite of the diaphanous floors and curtain facades. The latter
have an obvious relationship with two of the slogans coined by Le Corbusier in their 'Five points
of a new architecture': the free plan and the free facade [4]. Qualities that, without discussion,
have been considered for decades as key elements for the versatility of buildings and, obviously,
guarantors of their flexibility.
However, the lounges and rooms of a house, prove that they can become classrooms of a
school, dining rooms of a restaurant, showrooms of a museum, offices of a company or doctor
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offices. If they are not flexible according to the terminology of the modern movement, they are
at least, ambiguous and therefore suitable for the requirements of a new use.
The second lesson leads us to recognize that the spatial organization of the house is presented
as the most genuine pattern of architecture. We check how the house allows practically all uses,
perhaps because we always carry its built-in scheme, especially in terms of the physical
relationship with the built space.
In some functional programs, such as schools, this domestic organizational scheme is even
beneficial. Pedagogical systems of active education, for example, aim to help children learn to
reason for themselves about everyday events. At the same time, attention to their emotional
needs requires that the areas where they carry out activities be like domestic ones. These
requirements, in terms of space, fit perfectly into a house's functional program, and this explains
why many schools have been installed in torres-villa or townhouses. In this sense, we could say
that 'the house educates'. Likewise, these learning systems encourage contact with the outdoors
and with nature, which also brings students health benefits. The garden of these urban houses
thus becomes a very suitable and appreciated place.
In the third lesson we recognize that the torre-villas, houses and palaces have a special
component, sometimes accentuated by their isolated status and because, in many cases, they
have become part of the city's history. We can say that all of them are 'singular', and this quality
has undoubtedly been one of the requirements for attracting new uses. In relation to this, we
realize that the location and the conditions of the urban environment of these unique buildings
determine the nature of the new uses to implement in them. The affinities that some functions
have in relation to certain parts of the city demonstrates it: Sarrià-Sant Gervasi seems to have
specialized in reconverting torre-villas and houses into schools, and Ciutat Vella presents itself
as the district of choice to transform the palaces into cultural and institutional uses.
The fourth lesson tells us that the structural, morphological and spatial changes that, to a
greater or lesser extent, these houses undergo in their functional re-organization are important
factors to consider. In general, when reused, dwellings are stripped off the domestic life’s most
useful elements and units that hardly fit into other programs: like bathrooms, kitchens, pantries,
laundry rooms, etc. This obvious 'cleaning' operation adds up other interventions as well, such
as the placement of facilities devices, lifts, or complementary volumes. In many cases, this has
distorted the meaning of the original layout, disfiguring the domestic component and
eliminating the decoration. However, on the other hand, we must recognize that, without these
operations linked to the change of use, many of these buildings would have completely
disappeared. In a sense they have not been 'museized', which would equal to 'freezing' their
spaces, denying them the ability to remain in use. It would be fair to acknowledge that we can
compare these changes to those undertaken by a new homeowner to fit their lifestyle.
Finally, the fifth lesson concerns the second way of 'housing use': The one in which buildings
of different programs have become dwellings, and we observe in them, that serial regularity –
as in the rooms of a house – is also an important factor. Most strategies for re-use of factories,
warehouses, offices, sports facilities or religious institutions are often based on the adaptation
of living units – whether rooms, or apartments – to patterns of Repeat. These are often the result
of the structural pattern, whether of bearing walls or pillars, of the host building. In addition,
the rhythm in the arrangement of the windows in the facades of the host buildings facilitates
the coupling of the housing program.
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The difference between office or industrial buildings with curtain wall, such as the SEAT
car depot in The Plaza Cerda, and the buildings with windows, such as the Caja de Ahorros
Provincial at 257 Rosselló Street, or the one at 245 Diputació street, is that in these last two the
windows seem to digest better the change to housing. In these cases, the windows are
synonymous with opening and their dimensions match those of the rooms, prefiguring the
distribution in domestic-sized spaces.
CONCLUSIONS
By reviewing all the cases of the two ways of the 'housing use change’ we find that not only
the shape and building structure of the properties with various programs – that are transformed
into houses – are flexible, but that also the houses themselves are of a great flexibility.
In the first way, it is the 'housing use' that, simply, allows the compartmentalized spaces to
be over time other things and host other activities, after all, human. The 'housing use', with its
formal patterns of entry, hierarchy of pieces but also the equivalence of rooms, with its activities
differentiated by plants, with the central vocation of certain spaces, or with the unquestionable
practical idea that they contain services, storage and grooming units predispose a functioning
that invites reconciliation with many other uses.
We could say that the house 'educates use'. The house is, making an analogy like the clothes
we wear: most of the day are the same, both for work and to carry out social or family activities.
This is especially evident in the case of the torre-villas, much of them located in the districts of
Sarrià-Sant Gervasi, in the upper part of Gracia or in Horta-Guinardó.
In the other way around, although the number of cases is much lower, it is again the 'housing
use', especially considered from a contemporary perspective, which allows to be coupled to
very heterogeneous spaces. Today, when profound changes are affecting the house – due to the
current social structure, economy or lifestyles – the 'housing use' has been simplified and
detached from several prejudices. Due to the reduction of dimensions and the tendency to
informality, activities such as cooking, eating, working or even sleeping come together in the
same space.
On the other hand, in Barcelona, the number of people living alone, as well as those who
spend most of their time away from home, has increased. In addition, the city offers a series of
services that directly affect the functions we associate with the house. All this makes it possible
that, unlike a few decades ago, a series of spaces, that due to their environmental and structural
conditions would not have offered the conditions of 'habitability' and the degrees of 'privacy'
required, can have a 'housing use' today.
The 'housing use' has quietly carried out a pedagogy that establishes behavioral patterns that
can be reproduced anywhere; and a spatial disinhibition that makes it possible to reproduce
them in different places, until they become dwellings even temporarily. It is for all this, that we
can say that 'the house educates'.
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Abstract. This work presents an application of a Building Information Model (BIM) to the
National Palace of Sintra, Portugal, a large and complex building composed of different
unreinforced masonry buildings that is included in the Cultural Landscape of Sintra,
classified under the UNESCO World Heritage list in 1995. The developed H-BIM (Heritage
Building Information Modelling) model has the ability to provide the geometric information
of the structure of the building, together with its descriptive attributes, such as the mechanical
characterization of the building materials, as inputs to the seismic structural analysis. The
results of such analyses are also stored as attributes within the H-BIM model, providing an
integrated platform usable by the building management. Geometric data was acquired using
a Faro FocusS 70, together with a Topcon Falcon 8+ UAV. The methodology applied in the
construction of the H-BIM model was implemented with Autodesk Revit® software. Since the
Palace is very complex, its seismic behaviour was studied for the different building units,
considering the effect of the adjacent ones, and performing nonlinear static analyses through
3Muri software.
1

INTRODUCTION

Built Cultural Heritage (CH) sites represent a high value in the definition of cultural
identity and it is therefore of the utmost importance to have resources and tools to efficiently
support their maintenance and safety. The conservation of buildings' architectural heritage and
its maintenance and management are complex tasks since they are the result of historical
events, different architectural influences, changes in ownership, and transformations over time
[1]. In order to document the important aspects related to the maintenance and conservation of
CH buildings or sites, the existence of a complete and coherent database, preserving data of
complex systems and capable of answering requests for information demand, is strategic.
The BIM process is well established for new constructions, but not for existing ones, in
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particular for CH buildings. For the latter, its implementation faces several problems or
challenges such as: the predominance of incomplete or fragmented building information; the
complex geometry of most buildings: the need to set up a geometric model that adapts to the
parametric representation used by most BIM tools; and the need to represent historical
changes in the buildings [2]. In addition, any BIM implementation in the built CH context is
strongly related with the purpose for which it has been developed, thus including specificities
and capabilities related with the normal maintenance, historical assets, or support for specific
studies, for which a multidisciplinary approach is mandatory.
In this paper, a methodology for a BIM-based system implementation for the National
Palace of Sintra (Figure 1), in Portugal, is described. The National Palace of Sintra is the most
important building in the town centre and one of the most visited palaces in Portugal. It was
the royal dwelling of the Portuguese royalty and its value is immeasurable. Given its cultural
and social importance, there is undoubtedly the need for its preservation and documentation.
The acquisition of the material properties employed several in situ experimental tests –
ground-penetration radar (GPR), masonry samples collection, flat-jack tests, ambient
vibration tests – as the palace was built using different materials along with its construction
from the 11th to early 20th centuries. The experimental results were used to evaluate the
structural condition of the palace and to assess its structural safety level, allowing for fine
tuning of the strengthening and rehabilitation interventions.
The completed operational model constitutes a useful tool to spatially reference the various
tests and essays that are being conducted in the palace, allowing to support the production of
adequate structural models and to integrate the results of the structural analyses into the HBIM database.
The Chapel (Figure 1), on the north side of the palace, is chosen to describe and illustrate
the procedures followed in this work.

N

Figure 1: A top view of the National Palace of Sintra (left); The north view of the palace with the chapel on the
right side of the chimneys (right)

2

H-BIM OF NATIONAL PALACE OF SINTRA – METHODOLOGY

2.1 General Description
For the development of the H-BIM model [3], three main steps are highlighted, as
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schematically represented in Figure 2. Firstly, the geometry of the palace was acquired with a
combination of terrestrial laser scanning (TLS) and unmanned aerial vehicle (UAV)
techniques, covering the 11 levels of the palace, which correspond to 244 spaces (e.g. rooms,
outdoor gardens, patios) and surrounding environment locations. The two-point clouds
datasets were combined into a single coherent H-BIM model and modelled using the
Autodesk Revit® software, enabling its conversion to individual surfaces and objects. This
model served later as a basis for the construction of the numerical model used in the seismic
assessment.
In the H-BIM model, it is possible to include a miscellany of attributes, graphic and nongraphic, with capabilities to represent descriptive characteristics, updated whenever
necessary. Some of the attributes may even come from the seismic assessment, such as the
identification of the walls vulnerable to the seismic action, and others from the experimental
tests. The detailed description of the different steps is provided in the following sections for
the Chapel case study.

Figure 2: Main steps of H-BIM development process applied to the Chapel

The palace is composed of several connected buildings that were built along the centuries.
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Due to the large scale of the monument, the H-BIM model is divided into the main bodies of
the palace, thus keeping a reasonable model size. One of the challenges in such complex and
culturally important structures is to define the equilibrium between the maximum quality level
required versus the time spent and the data size. This problem can appear either while
collecting scans or setting up the Revit model.
2.2 National Palace of Sintra
The National Palace of Sintra is a complex structure composed of several masonry
buildings, and one of the oldest existing palaces in Portugal, based on Arab foundations. The
palace has a special presence in the cultural landscape of the village of Sintra, classified as a
World Heritage Site by UNESCO in 1995, mainly due to its two iconic chimneys. In a
mixture of Arab and Christian cultures, the construction of the palace has evolved over
several ages, becoming one of the rare medieval palaces that have reached our times
practically intact, preserving its authenticity. It survived the 1755 earthquake, although small
parts were required to be rebuilt at the time, and the 1969 earthquake, which caused some
visible damage and floors’ settlements in the Bonet building (belonging to the oldest part of
the palace).
The Chapel, on the north side of the palace, is chosen to describe and illustrate the
procedures that were followed. This chapel still survives today and is one of the oldest parts
of the palace (13th-14th centuries). The palace chapel has a tiled floor, walls painted in
patterned squares (imitating tiles) and a wooden ceiling decorated in geometrical patterns
(Figure 3).

Figure 3: Interior of the Chapel: tiled floor, painted walls and the wooden ceiling

2.3 Data Acquisition
The main aim of this work was to develop an H-BIM model that facilitates spatial reading
and a database that is able to include a variety of attributes with capabilities to represent a
different type of characteristics, with a large application within heritage management and
conservation activities. Requisites were defined to include, beyond the geometry, attribute
data to assign to each model element. Attributes that can be assigned are of various types, e.g.
historical documentation, the description of materials, construction stages, structural analysis,
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other technological aspects, and other information from other inspections, such as
experimental in situ tests. Thus, two main types of data can be stored or linked to the H-BIM
model: geometrical and attribute data.
Geometrical Data
The geometrical survey of the entire palace was performed using a Faro FocusS 70 and a
Topcon Falcon 8+ UAV (Figure 4).

Figure 4: Equipment used for the geometric survey of the PNS: Faro Focus S70 laser (left); Falcon 8+ UAV
(middle); generated point cloud (right)

A total of 1397 scans and 13 flights were carried out for the total survey of the palace,
indoors and outdoors, as well as the surrounding environment, including 6772 photographs
collected, of which 1478 with the UAV.
To scan the entire building and its facades, it was necessary to program the different
locations of the scan stations, taking into account the field of view from each one and the
necessary overlap with previous and following stations, in order to enable the 3D geometry
reconstruction. In the following stage of the process, named co-registration, the point clouds
of successive scans are combined into a coherent coordinate reference system through the
identification of homologous features (e.g. corner points of architectural objects, plans, marks
or checkerboard registration marks) between scans. From the imported point clouds, all the
walls, floor, ceiling, columns, doors, windows and other significant elements of architecture
were built as BIM elements using plane fitting, or, in the case of the more complex
geometries, using parametric modelling where an adequate level of simplification was
established.
For the acquisition of outdoor data, namely roofs, terraces, the highest areas of the facades
and gardens, the UAV was used (Figure 5) to provide a point cloud produced using
photogrammetric processing techniques.
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Figure 5: Aerial photograph of the parts of the palace (including the Chapel) collected by the UAV.

Attributes
Historical attributes were filled with information describing the history of each space (such
as the rooms, staircases, halls and passageways) or each individual constitutive element (e.g.
wall), and its original and current uses. Management attributes record information related to
interventions in the building, such as the type of facility or the chronology of the works.
Images, text documents and spreadsheet files were the most common data formats in both
cases.
To evaluate the seismic safety of the palace and to identify possible structural anomalies
and vulnerability factors, an interdisciplinary methodology was developed [4] including an in
situ experimental campaign. In the framework of the approach described in [5], allowing for
an adequate characterization of the structural properties, different types of tests have been
conducted, considering Semi-Destructive and Non-Destructive Tests (SDT and NDT,
respectively): removal of masonry samples (SDT), flat-jack tests (SDT), ambient vibration
tests (NDT) and Ground-Penetrating Radar (GPR) tests (NDT). From the experimental tests,
very useful data have been obtained to define and calibrate the structural numerical models
developed, thus becoming possible to estimate the actual safety level of the palace and to
allow, in the future, the eventual design of the restoration interventions required for the safety
of the historical construction.
The locations of the removal of masonry samples, flat-jack tests, ambient vibration tests and
GPR tests were defined and represented in the BIM model (Figure 6 and Figure 7). All the
main results obtained with experimental in situ are linked to the model or added to it as
attributes.
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Figure 6: Flat-jack tests, removal of masonry samples and ambient vibration in situ tests performed in the
Chapel: Survey placement (left) and attributes (right)

In the palace, the locations for the collection of samples and flat-jack tests were chosen on
the main structural walls that characterize the main periods of construction, taking into
consideration the various limitations, such as the existence of tiles or paintings. Both tests
were carried out, whenever possible, on the same wall, or on adjacent walls. Nevertheless, for
the case of the chapel, the masonry sample (S, Figure 6) was collected on the north wall,
while the flat-jack test was performed on the west wall (F, Figure 6). In fact, the time slice
obtained in the north wall from GPR02 test, as shown on the bottom picture of Figure 7,
presents a former window that was later filled with a different type of masonry. This result
prevented the flat-jack test from being carried out on the same wall as the sample collected, as
initially planned.
A campaign of ambient vibration tests was performed in some of the palace’s bodies
chosen for their structural importance, existent damages and history. The determination of the
dynamic behaviour of the structures (frequencies and the modes of vibration) is crucial to
calibrate the numerical models. To measure the dynamic response of buildings, force-balance
accelerometers of high sensitivity (80V/g) were used: six uniaxial EpiSensor ES-U2 and one
triaxial EpiSensor ES-T, from Kinemetrics Inc. To illustrate the type of results reached, in
Figure 6 it is possible to observe the fundamental mode of vibration of the chapel (right,
bottom), along with the sensors’ positions (the circles in red in the BIM model and the red
arrows on the right bottom image correspond to the position and the direction of the sensors).
The first mode corresponds, as expected, to the vibration of a beam with two ends
constrained.
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Figure 7: GPR in-situ tests performed in the Chapel: Survey placement (left) and attributes (right)

With the GPR survey it was possible to identify in one of the walls of the chapel two
leaves of stone with infilling in between, presenting a thickness of approximately 0.3 m for
the exterior leaf. On the horizontal profile shown in Figure 7, corresponding to the GPR1 test
(west wall), the limit of the first leaf is shown in green and the total thickness of this wall is
presented in red. The results of the north wall, corresponding to the GPR2 test, did not allow
to obtain reliable data on the internal structure of the wall. It was only identified a total
thickness of approximately 0.95 m and an ancient window, as mentioned before, outlined by
stones of 0.3-0.4 m width that was later infilled with a material that is different from the rest
of the wall.
3

RESULTS

The final point cloud dataset of the chapel is presented in Figure 8 (left), after cleaning the
noise data from features both outside of the palace (e.g. surrounding buildings) and the
interior non-structural and non-architectural elements (e.g. furniture). The complete H-BIM
model is presented in Figure 8 (right), and in it is possible to access different type of data for
individual elements or sections of the building, including horizontal or vertical sections
(Figure 9). The detailed geometric representation obtained allows to develop adequate
structural models for the seismic assessment, for the identification of vulnerabilities and to
recommend eventual future mitigation strategies.
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Figure 8: Point cloud dataset (left) and north view of H-BIM model (right)

Figure 9: Horizontal sections (top) and vertical sections (bottom) and of the BIM model of the chapel

The H-BIM was used to develop the building's 3D numerical model in the 3Muri [6]
software. Lately, the results of the structural analyses performed in 3Muri were introduced in
the H-BIM model. The results of ambient vibration tests and flat-jack tests together with the
performance of modal analysis and using as reference the values given in Italian Standard [7]
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allowed the correct mechanical characterization of the materials, which was after linked to the
H-BIM model. Figure 10 illustrates the calibrated mechanical properties of the masonry walls
of the chapel.

Figure 10: Mechanical properties of the masonry walls

For the seismic assessment of the palace, the in-plane and out-of-plane responses have
been carried out by developing nonlinear analyses [4]. However, only the results for the inplane response are herein represented. 3Muri performs structural and seismic analysis of
masonry buildings, is based on the equivalent frame modelling (EFM) approach and allows
performing nonlinear analyses of entire 3D building models. In Figure 11, the distribution of
the damage of different masonry walls is represented for the near-collapse limit state, as
required for monuments according to Part 3 of Eurocode 8 [8]; this extreme situation allows
an easy and clear identification of the most vulnerable structural masonry walls and the type
of behaviour (shear or bending) which will control their performance. The results shown in
Figure 11 were obtained having performed nonlinear static analyses in the two main
directions of the chapel [4] and present a combination of the worst outcome of each analysis.
The representation of the distribution of damage in masonry walls through the H-BIM
model facilitates spatial reading and enables easy identification of the most vulnerable
structural elements and thus the type future interventions to be implemented in the seismic
retrofit stage.
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Figure 11: Distribution of damage in masonry walls at a near collapse limit state: north view (left) and south
view (right)

4

FINAL COMMENTS

The usage of BIM solutions represents a step forward into the management of CH
construction, leading to a high level of integration of the information processes that facilitates
the flow of data and its continuous revising. This way, a unique platform integrates all
geometric and attribute data, and makes it accessible to technicians, architects, historians and
public authorities, which is of the utmost importance to coherently manage such spaces.
In this study, a detailed BIM of the National Palace of Sintra, Portugal, has been
implemented starting from the points cloud obtained with a laser scanner survey. This work is
herein described, and the results obtained for one of the buildings of the palace, the chapel,
are presented as illustrative of the model established. The developed system constitutes the
central resource for the historical documentation, the description of materials, construction
stages, structural analysis, additional technological aspects, and other information from
further inspections such as experimental in-situ tests. The latter was obtained for the
characterization of the structural elements to then perform the seismic assessment of the
palace. The BIM model defined incorporates all this information either in embedded attributes
or as external links. Also, the highly detailed geometric representation based on the laser
scanning survey allows producing adequate structural models that have been used in the
seismic vulnerability assessment procedures and integrates the results of these structural
analyses into the BIM database. As such, the main contribution of this work is the
presentation of the applicability of the combined use of the attribute storage and geometry
database capabilities of heritage BIM through two-way information exchange with structural
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analysis software, feeding a circular and continuous dataflow. The information structure that
was implemented in the developed solution is prepared to support planning, cost assessment,
sustainability evaluation, structural retrofit interventions and building management activities.
The detailed geometric survey of the palace is a valuable resource for management, as it
enables future analyses of the building that require comparisons with the current state, e.g., in
the result of man-made actions or natural hazardous events.
Additional research will focus on the automatic transformation of the BIM model into an
accurate 3D equivalent frame model (EFM), and on the assessment of the usability of the
developed system as a keystone for the management of the palace. Currently, the link between
the autonomous BIM and EFM system elements follows a loose coupling approach, where
data structures are not shared, and information processing is done via external files.
According to the process followed, there is no automation in the data sharing and information
processing between the two software components. Thus, developments on this particular topic
deserve future attention.
A survey on the capacities of the system to cover the needs of data access, update and
exchange are also considered for the near future.
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Abstract. The Dominican vernacular architecture, based on the indigenous bohio with Spanish
influence, is built with natural materials, such as the royal palm (Roystonea Hispaniolana) and
the cana palm (Sabal Dominguensis). This model of housing has remained practically
unchanged for five centuries, responding adequately to the Caribbean tropical climate. In the
twentieth century, start to replace the traditional palm leaf roof by a corrugated sheet zinc,
significantly affecting the temperature inside these houses and altering the conditions of living
comfort. For this reason, the aim of this research is to evaluate the thermal behavior of two
roof types of vernacular housing. One type is a cana palm leaf roof and the other is a corrugated
sheet zinc roof. The houses are in the towns of Villa Sombrero and Sabana Buey, Peravia
Province, in the southwest of the Dominican Republic, a region with a Tropical savanna climate
(Aw) according to the Köppen-Geiger climate classification. The climate is characterized by
temperatures from 20°C to 38°C, with rainfall below 500 mm per year. The technique and tools
used for this research are: Infrared Thermography (IRT) and digital thermometer for measure
of thermal properties of roof materials, a thermometer and hygrometer to measure the relative
humidity and temperature inside and outside of the houses, and carbon monoxide (CO) and
carbon dioxide (CO2) meter. Passive IRT is used to measures the temperature differences of a
structure that are generated under normal conditions. The results indicate that there is a
difference in temperature between one type of roofing material and the other. Finding that
houses with palm leaf roofs have lower temperature than corrugated sheet zinc roof and present
a temperature difference between the interior and exterior.
1

INTRODUCTION

The use of thatch roof is as ancient as the construction of the first houses. Thatch roofing is
a traditional roofing method that involves using dry vegetation. Since the industrial revolution,
many thatched roofs have been replaced by metal sheets. From the industrial revolution
onwards, many thatched roofs were replaced by metal sheets, which was a new material that
promised many advantages over the other. However, when using it, no changes were made in
the design and one material was simply replaced for another, affecting the thermal comfort
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inside the buildings1. For this reason, the aim of this research is to evaluate the thermal
behaviour of two roof types of vernacular housing. One type is a cana palm leaf roof and the
other is a corrugated sheet zinc roof.
In 2012, Pedro T. Navarro González carried out his doctoral thesis “Study of the roof frames
of rural and vernacular construction in Gran Canaria. Structural and constructive analysis”2,
were refers to structural and constructive elements, such as roofs. In 2013, Molina and
Fernández carried out a comparative analysis of the thermal envelope and energy demand
between two types of housing, the palloza and the traditional house, in the mountain area of Os
Ancares, in the northwest of Spain, by studying the energy use of straw on roofs3.
In Peru, the thermal behaviour of the mojinete roof was analysed from the particularity of
its shape, use of materials and location of openings and its response and adaptation to the local
climate at the region of Moquegua that is hot and low rainfall 4. In Brazil, a thermal study
evaluate the thermal efficiency of three roofing materials (fibre cement tile, recycled tile, and
thatched roofs) used in shelters for girolando calves and show that the recycled tiles and
thatched roofs provided reductions of 18.7 and 14.6% in radiant thermal load 5.
While in 2016, Chandel, Sharma and Marwah, carried out a review of energy efficient
features in vernacular architecture for improving indoor thermal comfort conditions, where the
main features studied were: built mass design, orientation with respect to sun, space planning,
openings, sun space provision, construction techniques, and building and roof materials [6]. In
2018, a doctoral thesis analysed and compared the thermal behaviour of two roofs, one metallic
and the other made of concrete, through measurements and simulations, being able to measure
their behaviour7.
2 CASE STUDIES.
Four houses were assessed for this research all located in the Baní Valley, province of
Peravia, in the south of Hispaniola Island. Two of them with roofs of cana palm leaves (B-1
and B-2) and two with roofs of corrugated zinc sheets (B-3 and B-4), The B-1 is located in Villa
Sombrero and B-2, B-3, B-4 in Sabana Buey (Fig. 1).

Figure 1. The four houses assessed.
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Both towns are located on the old Camino Real, which connected the city of Santo Domingo
with the west of the island. All the bohios were built in the second half of the 19th century,
which can be verified by the data offered by the owners and by the presence of cast-iron nails,
used before the XX century were began the commercialization of the industrialized nails. The
floors of the four houses are made of polished cement. A concrete sidewalk has been placed
around all the houses.
2.1. Description.
The bohios B-1 and B-2 with a Cana palm leaf roof is a type of vernacular housing
commonly used in the Valle de Baní, consisting of a simple volume with a rectangular floor
plan, with a gabled roof and small eaves that protect the four facades. Its supporting structure
is based on wooden forks, buried in the ground, joined at the top by the sill, on which rests the
lock that supports the thick cover of cane palm leaves (Sabal dominguensis). The walls of the
house and the internal divisions are made of planks of royal palm (Roystonea hispaniolana)
placed horizontally, overlapping and nailed to the horcones or posts, which in this region are
usually made of mahogany (Swietenia mahagoni) or creole oak (Catalpa longissima). For the
structure of the roof, we used uncarved sticks or poles from various local timber trees (Fig.2).

Figure 2. Bohios (B-1 and B-2) with a cana palm leaf roof.
Both bohios have a door in the middle of their main facade and four windows, two on each
side of the door. On the back façade facing the patio, they also have a door placed in the center
and four windows, two on each side of the door. The spatial distribution of the interior consists
of a central area divided by two low walls, called handrails or balaustres, which define the
living and dining areas. On both sides are the four rooms, one on the right and two on the left
side of the bohio. The kitchens and latrines are located outside the bohios, where there is also
usually an enramada or covered terrace.
The B-3 and B-4 huts, located in Sabana Buey, have a supporting structure, materials and
construction methods similar to those of the B-1 and B-2 huts, but with the difference that the
roofs made of cana palm leaves were replaced years ago by corrugated zinc sheets, which are
nailed to a structure made of already industrialized wooden rods and belts, usually made of
pine. The roofs are gabled with short eaves, with the main facade being somewhat more
pronounced (Fig.3). In these houses the zinc roofs are broken to achieve a greater speed in the
fall of the water and move them away from the facades. Both cases have an annex at the back,
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to integrate the kitchens into the house and add another bedroom. The interior walls, as in B-1
and B-2, remain at the height of the sills, allowing air to flow over them. The B-3 also has fans
over the doors, which contribute to the good ventilation of the interior of the hut.

Figure 3. Bohios (B-3 and B-4) with corrugated zinc sheets on roofs.
2.2 Dominican climate and the environment condition
Dominican Republic is in the Caribbean, in the tropical zone of the northern hemisphere, at
latitude 18°44.142' N and longitude 70°9.759' W. It classified subtropical climate that varies
according to the place, due to the topography and the trade winds of the northeast. In general,
the geography of the country has created two types of climate: tropical rainforest climate (Af)
and tropical savanna climate (Aw), according to the Köppen-Geiger climate classification8.
The climatic variations are marked, ranging from arid to very humid.
Peravia Province is in the southern region of the country, approximately 60 km west of the
city of Santo Domingo, belongs to the coastal plains of the Caribbean. On average, the warmest
month is August with a maximum 38.2°C. The lowest months is January with a minimum
20.5°C. The average relative humidity is 65.7% with average precipitation 77.64 mm, and
average wind speed 4.375 m/s. (Fig.4). Average monthly hours of sunshine are 9 hours9.
These climatic conditions (hot and humid) and the properties of the material affect the thermal
comfort of buildings, causing a significant increase in the indoor temperature of the building.

Figure 4. Environmental conditions of Peravia, Dominican Republic.
3. MATERIALS AND METHODS
Non-destructive techniques (NDT) were used to evaluate the houses. The equipment used
was hygrometer, Tpi 1010ª Outdoor/Indoor Air Quality Meter (AQM), Infrared Thermography
(IRT) and Surface Temperature. Also, an official weather stations in the vicinity were consulted
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and the National Meteorological Office (ONAMET). The measurements were taken during the
warmest period, from June 08th to September 28th, 2019. Some additional measurements were
taken on June 08th and July 9th, 2019, between 9:30h to 15:40h in a sunny day.
3.1 Environmental condition
The temperature and humidity were measured with an Extech RHT20 Datalogger
hygrometer. Four hygrometers were installed in the houses: two inside and two outside the
houses. The sampling rate was every 1800 seconds (30 minutes), from 0:21h am to 23:51h. The
additional measurements taken on June 08th and July 9th and were done with a Tpi 1010ª
Outdoor/Indoor Air Quality Meter (AQM) that measure carbon dioxide (CO2), carbon
monoxide (CO), air temperature and relative humidity [10].
3.2 Surface Temperature
Digital Laser Thermometer was used, MASTERGRIP model CM558N. It has a temperature
range between -28°C to 482°C and has accuracy +/-2°C or +/-2% (0°C to 482°C) whichever is
greater +/-4 degrees C (-28°C to 0°C), with emissivity of 0.95, response time (90%): <0.5
seconds and with a Class II laser pointer. Several measurements were carried out in each roof,
one inside and one outside to check the thermal jump effect.
3.3 Infrared Thermography
The study is based on passive thermography, which measures the temperature differences of
the roof that are generated under normal conditions [11].Thermography images were used to
analyse upper- and lower-surface thermal characteristics for the two roofing materials. The
measures were taken with an infrared camera FLIR SYSTEMS model T420, FOL 18mm lens
and 240 × 320 pixels IR resolution. The camera has a spectral range 7.5 to 13 micron and a
field of view (FOV) of 25°x19°/0.4 meters and spatial resolution (IFOV) of 1.36 milliradians.
Have an adjustable thermal range from -20°C to 650°C and for this project was set at -20°C to
120°C. The camera used for this survey meets the requirements of UNE-EN 13187:1998. The
emissivity values for cana palm leaves roof are 0,75 and for corrugated zinc sheet are 0,20
(Table 1). For thermal images, an iron colour palette mode was used using reference colours:
blue for coldest temperature range and yellow for warmest temperature range. This way, the
coldest point can be identified on each image.
Table 1. Energy parameters of roofing materials
Material

Thickness
(mm)

Roof
slope

Emissivity
values

Thermal
transmittance
U
(W/m2K)

Thermal
resistance
R
(m2K/W)
11.1
14.3

Thermal
conductivity
λ
(W/mK)

Density
ρ
(kg/m3)

Specific heat
cp
(J/kg·°C)

Cana palm
600
45°
0,75
0.35
0,04 - 0,07
240
180
leaves
Corrugated
60
0,7
20%
0,20
2,20
0,0001
7,18
0.3898
zinc sheet
112,2
National Society of Master Thatchers (NSMT), 2012 [12] / Fluke Corporation, Emissivity values of common materials,
2007 [13]

4

RESULTS AND DISCUSSION

4.1 Environmental Conditions
The recorded outdoor temperatures were maximum 38.2°C @08/18/19 at 12:21:01 in
Sabana Buey; minimum 24.2°C @09/18/19 06:51:01 in Villa Sombrero; with an average of

1474

Prieto-Vicioso. Esteban, Ruiz-Valero. Letzai and Flores-Sasso. Virginia,

30.6°C. The recorded outdoor Relative Humidity (RH) was maximum 88.7%RH @09/10/19 at
01:51:01, minimum 37.7%RH @08/21/19 at 12:51:01, average 65%RH. The recorded indoor
temperatures were maximum 36.8°C @08/21/19 at 13:21:01, minimum 22.5°C @09/18/19
06:51:01, average 28.8°C. The recorded indoor Relative Humidity (RH) was maximum
83.5%RH @08/28/19 at 22:51:01, minimum 41.0%RH @07/09/19 at 13:21:01, and average
62.6% RH (Table 2).
Table 2. Average of environmental conditions indoor/outdoor

B-1
B-2
B-3
B-4

Temp.
Max.
°C
32.8
32.2
36.8
34.8

Indoor
Temp.
Min.
°C
22.5
23.8
26.1
25.5

Temp.
Avg.
°C
27.7
28.1
30.1
29.3
28.8

Temp.
Max.
°C
37.7
38.2
38.2
38.2

Outdoor
Temp. Temp.
Min.
Avg.
°C
°C
24.2
30.3
24.4
30.7
24.4
30.7
24.4
30.7
30.6

RH
Max.
%
82.4
83.5
78.5
74.9

Indoor
RH
Min.
%
53.7
53.1
45.7
41.0

RH
Avg.
%
68.9
67.1
61.4
53.1
62.6

RH
Max.
%
74.8
88.7
88.7
88.7

Outdoor
RH
RH
Min.
Avg.
%
%
39.8
65.7
37.7
64.7
37.7
64.7
37.7
64.7
65.0

Air quality measurements indicate that B-1 has a higher concentration of CO2 indoors than
other samples. It is possible that this is because the house is closed all day, which prevents it
from renewing air. But in general, all the houses have great amount of co2 in comparison with
the outside (Table 3).
Table 3. Outdoor/Indoor Air Quality CO2
Samples
B-1
B-2
B-3
B-4

Indoor
1930 ppm
1918 ppm
1888 ppm
1899 ppm

Outdoor
1612 ppm
1743 ppm
1753 ppm
1748 ppm

Average

1909 ppm

1714 ppm

Range
350-1,000 ppm: typical level found in occupied spaces with good air exchange
1,000-2,000 ppm: level associated with complaints of drowsiness and poor air
2,000-5,000 ppm: level associated with headaches, sleepiness, and stagnant,
stale, stuffy air; poor concentration, loss of attention, increased heart rate and
slight nausea may also be present.

4.2 Surface Temperature
The average outside surface temperature of the cana palm leaf roof was B-1: 38.5°C, B-2:
46.5°C and inside B-1: 30.1°C, B-2: 32.3°C., and the average outside surface temperature of
corrugated zinc sheet was B-3: 47.5°C, B-4: 49.2°C, and inside B-3: 50.5°C, B-4: 48.5°C. We
can observe the differences surfaces temperatures between the cana palm leaf and corrugated
zinc sheet.
4.3 Infrared Thermography
Through thermal images (Fig. 5) we can observe some variations in temperatures of both
upper and lower surfaces. In the case of the cana palm roof in B-1, the maximum outside
temperature is 44.3°C and inside temperature is 31.8°C, with a difference of 12.5°C, while the
minimum outside temperature is 34.8°C and the inside temperature is 27.5°C, with a difference
of 7.3°C. B-2 present the maximum outside temperature in 54.9°C and inside temperature is
33.4°C, with a difference of 21.5°C, while the minimum outside temperature is 36.2°C and the
inside temperature is 30.2°C, with a difference of 6°C.
On the other hand, in the case of corrugated zinc sheet in B-3, the maximum outside
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temperature is 51.6°C and the minimum inside temperature is 50.5°C, with a difference of
1.1°C, while the minimum outside temperature is 42.5°C and the inside temperature is 35.4°C,
with a difference of 7.1°C. B-4 present the maximum outside temperature in 55.5°C and inside
temperature is 54.2°C, with a difference of 1.3°C, while the minimum outside temperature is
41.4°C and the inside temperature is 36.9°C, with a difference of 4.5°C.

Figure 5. Exterior – interior thermal images of the roof
5

CONCLUSIONS

The cana palm leaf showed better thermal efficiency than corrugated zinc sheet, providing
lower values of radiant heat load and surface temperatures, as well as lower temperatures inside
the houses. In the case of cana palm roof the maximum difference temperature between outside
and inside is 12.5°C and 21.5°C, while in the corrugated zinc sheet this difference is 1.1°C and
1.3°C, obtaining in the interior practically the same temperature as in the exterior.
We can observe that the indoor ambient temperature at B-1 and B-2 is similar to the
maximum surface temperature of the roof material. In the case of B-3 and B-4 there is a great
difference between these temperatures, due to the construction system that creates some
openings between the sills and the roof, allowing the inside ventilation.
Using infrared thermography, it was possible to produce heat maps to quantify surface
temperatures and thus observe and evaluate the thermal efficiency of both materials. This
process helped to understand the processes of heat transfer between surfaces, confirming in this
research that the thatch roof is much cooler and transmits less heat to the interior than the metal
roof.
Acknowledgements. The authors would like to thank Oficina de la Obra y Museos de la
Catedral de Santo Domingo.
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Abstract. Ancient Caesarea has founded in the years 25-10 BC and named after Emperor
Augustus. Throughout history, from the early Roman until the Byzantine period, Caesarea was
a major city and one of the largest and most important port cities in the Mediterranean. During
the Byzantine period, the city encompassed an area three times larger than that delimited by
the Herodian wall and became an important center of Christianity. The monumental stairs led
to the Byzantine Octagonal Church built upon giant arch above the remains of the enormous
Roman stairs of Augustus temple. Stairs led a large number of people from the vast harbor, to
the Temple platform. The Byzantine arch located 17 meters from the ancient quay, is 8 meters
width and 4-meter long, built with specific technology from local sandstone named Kurkar. The
arch fall after the Byzantine period and the staircases severely damaged due to the long
exposure of almost 1500 years and environmental conditions such as capillary rise, daily winds
carrying sand, high temperature, moisture, salts, and deliberate destruction, for instance,
stones robber and collapse parts from the wall. The characteristics of the Kurkar with sustained
deterioration and this environmental condition have led to different conservation problems, at
various levels of severity erosion, the disintegration in both bonding materials and stones. The
conservation measures' purpose is to stop the ongoing weathering process and prevent a
deterioration state of the staircases, to restore the arch and stabilize the structure of the stairs
to carry 48 tons of the restore arch. The findings of the project show that a suitable solution to
ensure effective and sustainable protection of complicated staircases structure from destruction
and various weathering condition to carry new massive arch depends on understanding the
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ancient application of building technologies and techniques, the use of original bonding
material, integrated monitoring, and ongoing maintenance.
1

INTRODUCTION

The city of Caesarea was founded adjacent to the Mediterranean Sea between Jaffa and Dor
(Fig. 1), on the site of the abandoned Hellenistic town "Straton's Tower". Herod king of Judea
under Roman aegis made Caesarea the administrative capital and the main harbor of his vast
kingdom. The city was named after Caesar Augustus, Herod's patron, the first Roman emperor.
It continued to develop and prosper even more in the Byzantine period. In this magnificent port
city and its rural hinterland, "prices are low, their abundance obtains" (Jerusalem Talmud,
Kil'ayim 9:4, 32c; Ketubot 12:3, 35d).
In the Byzantine era, the city reached its ultimate expansion and encompassed an area three
times larger than that delimited by the Herodian wall. The archaeologist Patrich (2018) noted
that Until the fifth century, the city developed and spread beyond the course of the Herodian
wall without having an outer defense wall and covered an area of some 275 acres.
The Roman temple has built on a Kurkar hill rising high in the center of the city above the
port. The foundation remains of the rectangular temple were placed in it faced the port. The
architectural elements found dispersed, enable the researchers to reconstruct a Corinthian
temple with six columns on the front (hexastyle) [3]. With the spread of Christianity and the
oppression of paganism, in the middle of the fourth century, the temple was no longer in use,
and his stones slowly looted for other building projects, so all that remained were walls of the
foundation level [2]. In the year 500, an octagonal church enclosed by a square has erected on
the ravaged site. Like the octagonal church on Mount Gerizim, this may also have been the
church of Mary Theotokos [1]. Discernible in the foundations of two octagons, an external one
that bore the walls and an internal that supported the columns.
The Temple and after that, the Octagonal church situated on an elevated platform formed the
sacred precinct (temenos). A wonderful view of the harbor seen from the octagonal church [3].
The eastern retaining wall was curvilinear, the western one ran parallel to the harbor quay, the
south and north retaining walls ran perpendicular to it boundaries a large area. The Temple
platform was expanded and leveled by a network of walls and a longitudinal vault system on
the platform west side [1]. Four large one on the north and south side in dimensions of 25x5 m,
and six smaller massive east-west vaults 20x2.5 m, on the front of the temple, adjacent to the
altar, and part of the construction staircase system on the temple's central axis, proceeding to
the temple above [3]. It was founded on bedrock and built of finely dressed Kurkar ashlars with
draft margins surrounding a high or shallow central boss.
At the edge of the piazza in the Roman era adjacent to the quay and on the temple's
symmetrical axis, was a massive pier, 20-meter width, and 10-meter length, that housed a
staircase leading up to the temple platform [1]. Access to it was from the eastern side of the
pier. Thus, the rise began from east to west and continued higher at 180 (degree) turn from west
to east. This massive pier supported a bridge with two vaults that existed in the interval between
the visible pier and the western (temenos) wall, leading to the temple platform. This massive
Roman pier disassembled in the Byzantine period, and a new staircase pier system built in its
place, the new system included one vault and elongated pier from east to west in dimensions of
10-meter width and 20 meters long [3]. The Byzantine staircase built in the center of the piazza
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and went 8 meters inside the quay climbing the stairs begins from the new extension at the
western side to the east this massive pier supported a bridge of vault leaning against six eastwest vaults from the Roman period and continued higher proceeding to the church above the
platform.

Figure 1: Caesarea antiquities heading north. Mites to Michael Peleg, Israel Antiquities Authority, 2019.

The proximity to the sea with dunes and sandstone ridges covers the area, creates a unique
climatic condition that accelerates deterioration factors. The ongoing exposure to severe
weathering and erosion eventually led to considerable damage. No scientific study has been
done on the durability of conservation intervention influence found in harsh climatic conditions
like Caesarea ruins. The findings in the field show that understanding the ancient application
of building technologies and techniques combined with the use of original bonding material
and traditional building technologies reduces damage to various elements and stabilizes the
structure to carry a new massive arch, in addition to the need for constant maintenance.
The monumental Byzantine stairs Conservation project started in 2017, applying original
bonding materials and traditional building techniques that were implemented with analysis of
the archeological and architectural findings to deal with the deterioration and conservation
intervention. This case study aimed to resuscitate and stabilize the (temenos) wall with the pier
and stop the weathering factors by keeping a complicated structure consisted of Kurkar stone;
each one endures centuries of history.
2 BUILDING TECHNOLOGY
Caesarea city built from local sandstone named Kurkar 2000 years ago, the stone hewn from
the hills around the city. In Israel, the sandstone ridges existing near the Mediterranean Sea and
parallel to it, from the north to the south. The ancient architectures and engineers use the local
stone to build the city and plaster it with white plaster [3].
The monumental staircase led to the Byzantine Octagonal Church built from two different
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structures; an enormous pair on the west side near the quay and six smaller massive east-west
vaults 20x2.5 m in the east side adjacent to the alter on the front of the Church central axis. The
structures connected with a giant arch in dimensions; 8 meters width, 8-meter-high, and 4-meter
long (Fig. 2).

Figure 1: The monumental stairs, arch bridge, and the six small massive vault in the east side. Mites to Danial
Siboni, Israel Antiquities Authority, 2020.

The enormous, elongated pier is 20-meter long and, 10-meter width from east to the west
leading up to the arch bridge, constructed gradually in rows from huge decorative parts of the
Roman dismantled Temple. This massive pier supports a bridge of arch against the western
(temenos) wall of the six east-west vaults.
The six massive vaults from the Roman period continue to be in use without any change in
structure also in the Byzantine period. This vaults system bounded with four big vaults 25x5 m
on both the north and south sides supported the Roman Temple platform (Fig. 2). These vaults
were founded on bedrock and built of finely dressed Kurkar ashlars [1]. The surrounded wall is
2.6 m in thickness and constructs from ashlars stones with draft margins surrounding a high or
shallow central boss on the exterior side and ashlars stone without boss internal. The vaults
built above the wall in width 1.5 m and including passages with two arches in each wall the
arch width of 2.3 m construct from ashlar stones, each one of the vault entrance and windows
to the port at the west side. These walls and vaults built with different construction technology
using ashlar stone integrated with lime, earth, and rubble casting, a similar technique on the
first five vaults the casting incorporated in the carried wall its begins and ends at the height
range of the aisles arch, despite the last vaults casting together with the carried wall (Fig. 2).
The following table illustrate the carried walls number and the different on construction
technology, from top to bottom.
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Table 1: The table demonstrate the six vault construction material order from top to bottom.

Carried wall
Vault
Ashlar stone
Casting
Ashlar stone

1 and 2
Stone
4 lines
80-90 cm
6 lines

3 and 4
Stone
1 line
180-200 cm
6 lines

5
Casting
200 cm
6 lines

2 ASSESSMENT PROCESS
Considering approaches to restore, conserve, or other forms of change, it is vital and
fundamental to the conservation planning process to understand the significance of a historic
building or objects and the values that contribute it, tangible and intangible.
The condition survey should include an investigation work to determine the original
construction and materials, archaeological analysis, causes of decay and deterioration, evaluate
threats, and identify priorities for intervention.
Determining conservation and restoration requirements adopted decisions taken regarding
appropriate types and levels of intervention depend upon sufficient information being gathered
during the assessment process to grant long-term care for the heritage properties.
2.1 Environmental problems
Structures, elements, and ruins face gradual deterioration agents from use and weathering
factors that determine the decay of building materials. The primary influence on a building
typically is very complex and depends on the environmental problems to which it is exposed
since it includes suffering from accidental or deliberate damage as previous inappropriate
repairs. Also, they are in danger of sudden events such as natural disasters.
Try to understand patterns of complex environmental problems, for example, storm damage,
pollution, moisture, salts, flooding, or traffic vibration. The position, construction, and even the
materials of the building should consider into account. As a result, the exterior environment of
any building will always be unique [6].
2.1.1

Moisture

Water is one of the most critical factors in the deterioration of the stone. Like all porous
building materials, the stone is hygroscopic, meaning it has a strong attraction to water and will
absorb moisture from the atmosphere or the ground until it reaches equilibrium with its
environment [2]. Inside a block of stone, water can exist as a liquid, as a vapor, or as ice in cold
condition. While atmospheric humidity increases, porous stones absorb water vapor readily,
which it will release as the humidity drops. If the stone is coldish and the air is damp, water
vapor will condense to form a film of liquid water on the surface or inside the pores.
Groundwater can be drawn into stone by capillary action, and rainwater can penetrate
through building flaws such as open joints, cracks, or soil [4]. In the winter, the source of
moisture is a catastrophic event such as a storm, flood, and sea waves. It is critical to many
deterioration processes, no matter how they penetrate to stone masonry – through the bonding
material or the stone itself. The most common consequences are:
• Transport and crystallization of salts on and within the stone.
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•
•
2.1.2

Swelling of clay minerals that can lead to splitting and cracking.
Growth of plants.

Salts

Contaminants existing in all building stones, and soluble salts are one of the most commons.
Their origin is different, including soils, bonding material, biological matter decayed, sea spray,
waves, and pollution.
Some will be inherent in the stone, having been incorporated during formation or carried in
later by percolation, others may have been absorbed during construction or repair, chiefly from
mortars, but most are carried in after building by rain, groundwater, and waves [2]. Liquid water
can travel rapidly within the pores at the stones and bonding material, or the surface of the
stone. They were dissolving salt and carrying them through the rock fabric and depositing them
wherever the liquid flow stopped. Surface crystallization 'Efflorescence' can be unsightly,
usually made up of very soluble salts. Less-soluble salt may crystallize within the pores
'Cryptoflorescence', breaking apart the stone, crumbling bonding material, causing powdering
and flaking. Cryptoflorescence may also occur where there is rapid drying, such as on the
corners where the wind is faster [6].
Damage to stone is worst where there frequent wetting and drying, resulting in cycles of
crystallization and dissolution. Salt damage will tend to be apparent in the evaporation zone:
the various area between being damp to dissolve the salts and dry enough for them to crystallize
[5]. These salts may dissolve again when the available moisture level rises. The location of such
zones will often give a clue to the source of the moisture.
Salt affected by many factors, including the chemical components of the salt, the physical
characteristics of the pores, the pore moisture content, the humidity and temperature of the
ambient air, the temperature of the stone, and the rate of evaporation. Despite these factors, salt
behavior is still not wholly understood regarding the differences in salt mixtures behavior.
Generally, salt problems will often be active over a wide range of ambient conditions.
2.1.3

Vegetation

It is unquestionably that vegetation in certain circumstances may be masonry protective;
indeed, it is benign in several cases where plant growth does damage to the stone. Plants are
one of the most common problems in the masonry, existing different plants in various sizes
growing on the monuments [6]. Annual and seasonal plants proliferate in cracks but usually die
before reaching a large extent, do not cause them, and will not grow in a way that causes more
damage. Woody and perennials founded on vertical and horizontal surfaces can be vigorous,
producing masses of stems that can dislodge the stone.
Usually, vegetation presence can be indicative of a problem such as open joints, cracks, and
water ingress. Trees and shrubs can damage masonry if they are allowed to establish
themselves. Plants grow in the soil adjacent, and on the top of the masonry, the roots entered
the bonding material between the stones, which is the relatively soft material, disassembled and
pushed the rocks around them and expedited the process of weathering.
2.1.4

Maritime environment

Waves can be devastating since it arrives with no warning. It can introduce soluble salts and

1483

N. Maklada1*, S. Hadid2, D. Abuhatsira3, P. Gendelman4, Y. Oz5, and D. Siboni6

other contaminants into the masonry. The greatest danger arises from the drying-out period
after the stream. The Mediterranean Sea waves caused by coastal storm-surge are a significant
weathering factor. During the winter, waves crash over the masonry causing erosion of mortar
and stones, also bring lots of salts into the ruins [5].
Wind with sand and salt causes rapid and increased erosion of bonding materials and stones.
Fragments of water splashed into the air from waves able to reach considerable distances carried
on the winds. This maritime environment has to be taken into account when trying to understand
a problem related to chlorides.
Temperature plays a significant role in several decay processes, such as salt crystallization
damage caused by quick evaporation in saturated porous stone, differential expansion and
contraction of dense salt-laden crusts on sandstones and limestones.
Deterioration and destruction factors mentioned above, cause erosion and crumbling
bonding material, including stones. There is essential to think from a comprehensive
perspective about these various conservation problems in order to find suitable solutions.
3 CARE AND MAINTENANCE
The successful repair of stone relies on understanding the practical issues relating to the
material and its environment, also considering those within the context of its historical and
cultural significance. The priority of a stone conservation program is to deal with the causes of
any ongoing deterioration; this may well involve work to other parts of the building and require
the input of specialists other than stone conservation or masons. Once the underlying causes of
deterioration are detected, treatment and repair options can consider.

Figure 3: The stairs and the arch bridge heading south. Mites to Danial Siboni, Israel Antiquities Authority,
2020.

3.1 Vegetation Uprooting
Seeds germinate quickly in open joints, wall tops, and any surfaces where soil can
accumulate. Although many smaller and non-invasive climbers are harmless to masonry walls,
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some mature creepers, shrubs, and trees will cause irreversible damage. The most effective
treatment is proper maintenance, but there are many situations where vegetation has already
been established and should remove. The plants should be trim close to the wall face or the
ground so the condition can adequately check, and root systems can then poison. When plant
roots rot away into walls, voids will manufacture, this allows water penetration, and eventually,
masonry becomes loose. In this case, it is essential to perform treatment; it may require some
excavation of joints, grouting, and pointing. Vegetation clearing is a crucial stage for
preservation.
3.2 Pointing
Existing pointing can provide evidence about the materials and techniques used in the
construction and later interventions. Repointing is the most common intervention on masonry
because even the best mortar may tend to erode and need replacement. Although pointing may
amount to as little as 5% of the surface area, it will affect the total appearance and behavior of
the masonry. Repointing should match the original in color, texture, design, and application.
Table 2: Material used in the project inside the structure walls was in ratio of 1 lime to 2.75 aggregates.

Materials
Lime Putty
Chalk Powder
Quarry Sand
Arad Sand
Washed Sea Gravel
Crushed Charcoal

Amount (ratio)
1
0.5
1
0.5
0.5
0.25

Aggregate size [mm]
0-1
0-2
1-2
1-3
2-4
0-2

Light gray mortar with flecks of charcoal and shell pieces served as the bonding element
with the bedrock inside the staircase walls (Table 2) on the façade between the ashlar stones
bonding material is whiter (Beige) and harder to be durable to the environmental factors (Table
3).
3.2.1

Preparing the joints

The existing mortar should remove to a depth of at least 25 mm, or twice the joint width to
provide sufficient space. Notably, for thin joints, this rule may need to be modified, but it is
always essential to have adequate depth to allow the new mortar to function effectively. Loose
dust needs brushing away, and joints flushed out with clean water.
3.2.2

Applying the pointing

The wall should be damp to encourage good bonding between the new mortar and the stone.
The material should be placed carefully and pressed well into the joint until overfilled, keeping
it away from the face of the masonry. Deep and wide joints may need pre-wetted shards of
Kurkar stone or pieces of pottery pushed into the mortar. The weather must be suitable; high
temperatures or high winds will dry the material too quickly, inhibiting carbonation. The wall
should cover with damp canvas and plastic sheeting during the process and for some time
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afterward to slow drying the new pointing.
3.2.3

Surface finishing

When the material is no longer wet, but before it has dried up, it should be pressed back into
the joint using the appropriate pointing tool to ensure a good bond with the masonry. At that
point, when the material is leather-hard, the surface can finish by beating it with a stiff bristle
brush to expose the aggregates and perforate it. This action will give not only visually
appropriate open texture but also helps water evaporation and allows air to ger into the material
to aid carbonation.
3.2.4

The main stage in successful repointing:
•
•
•
•
•
•
•
•

Removal old and precarious pointing.
Cleaning out the joint using a hand-held blower.
Wet the joints thoroughly.
Apply the pointing.
Compress the material with a pointing tool of suitable width.
Allow mortar to take an additional set.
Cut back the material to a slight recess around the stones.
Strike the surface with a churn brush.

Figure 4: Sketch summarizes the intervention in stone.

3.3 Stone replacement
The replacement of stones has always been a fundamental part of historic building repair.
The requirement for authenticity demands that proposals for replacement of stone are carefully
and rigorously justified [4]. Repairing stone elements in situ plays a substantial role in building
conservation. Its design to prolong the survival of stonework by stabilizing faults, filling voids
or cracks, and protecting the building architectural from current and historical decay. For
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example, crack encouraging and accelerating further deterioration when the moisture gets in
and widens as debris accumulates within them. Eventually, these changes may lead to major
structural weaknesses. As a general rule, replacement stone should be the same geological type
and appearance, both in color and texture, as the original [5].
The aesthetic effects of replacing stone can also be significant. It is essential to be accurate
when taking templates and working the stone. Good mason will help the diminishing contrast
between the new part and the original around it (Fig. 3) by ensuring that joint widths around
the new stone match the original and that the surface has an appropriate finish. Stone
intervention in the monumental stairs project divides into three categories [5] (Fig. 4).
A: A lightly weathered stone with 7-12 cm façade cavities.
B: Stone with edge cavities from 12 cm to half stone façade.
C: A severely damaged stone, over a half-face is missing.
The process of replacement starts with removing the old stone minimum amount of decayed
should be removed, with particular care taken to save the adjacent material. Sharp chisels and
stone saws used to cut out small parts, but for larger ones and complete stone, it is necessary to
use a non-percussive drill, an electric hammer, or an angle grinder. Once the stone removes, all
debris in the cavity must be clean. The process of replacement starts with removing the old
stone minimum amount of decayed should be removed, with particular care taken to save the
adjacent material. Sharp chisels and stone saws used to cut out small parts, but for larger ones
and complete stone, it is necessary to use a non-percussive drill, an electric hammer, or an angle
grinder. Once the stone removes, all debris in the cavity must be clean. The next step in the
process is cutting the new replacement stone to the required size ('sawn six sides') from the
appropriate antique stone. Restoration of historic stonework detail requires some hand-cutting
by chisel and hammer.
Eventually, to install the new replacement stone, the cavity should be well damp, and then a
bed of mortar (Table 3) is applied to the back of the hewn space, base, and other side joints.
Previous to being into place, the replacement stone should be quite wetted to stop it sucking
moisture from the material, especially with the Kurkar sandstone, which absorbs large amounts
of water. If necessary, lead, stone fragments, or pottery can be set into the joints to maintain the
position of the new stone and prevent the mortar from slumping. The process of stone
replacement differs from one category to another: (Fig. 4).
A: complete small cavities in the stone façade with paired stone.
B: fill cavities at the edges using a stone with a straight face and sides.
C: removing the front of the damaged stone to a depth of 25-30 cm and complete it with
antique ashlar stone.
Table 3: Material used in replasing stones was in a ration of 1 lime to 2.5 aggregates.

Materials
Lime Putty
Chalk Powder
Quarry Sand
Arad Sand
Sea Gravel

Amount (ratio)
1
0.5
1
0.5
0.5
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3.4 The arch bridge restoration
Casting technique gives the structure flexibility and elasticity an example of this; the carried
vaults wall stands firm 2000 years to these days. The arch bridge was constructed in the interval
between the apparent massive pier and the western (temenos) wall, holding the stairs leading
up to the Church platform. In the Byzantine period, the arch built lower than the Roman one,
the carve into the temenos wall 35-40 cm in-depth, and built the arch bridge with the stairs
above it. The new restorer arch built from new ashlar sandstone made of the same geological
type the architect divided the arch bridge into seven-line of stone from each side and line
number eight as a keystone.
The arch bridge restoration project starts with placing iron mold to hold the stones every one
weighs an average of 400 pounds carried out by a crane while the aggregate weight of the arch
is 45 tones. The construction began on one side and continue the following day on the other
side to make a balance, every day we built one line of stone, each one needed to be adjusted,
occasionally cut, and rubbed [7]. We have to be very precise to construct an arch stone should
be balanced and facing towards the center point of the arc and located at the same radius
distance. Keystone should be placed in one day to lock the arch and start shifting the weights
aside and down to the walls.
Bonding material used to connect the arch stone is a hydraulic mortar based on natural
hydraulic lime (NHL 5) mixed with 2.5 well-graded aggregate, sand, and crushed stone. To aid
workability Lime Putty added up to a maximum of 10 % to the mixture.
4

SUMMARY

The monumental Byzantine stairs are one of the remarkable architectural and archeological
findings in the administrative area of Caesarea ancient city. The cultural and archeological
significance of the project besides revives the place spirit that is the central concern in
Caesarea's historic fabric. Proper planning, monitoring, and ongoing effective maintenance are
vital to the stone building long-term preservation, obviate the need for more disturbing and
costly intervention also sustain the heritage values of the building: a principal aim of
conservation.
The goal of the project presented in this article is dealing with severe damage to the staircase
caused by ongoing exposure to harsh weathering conditions, either stabilize and capability the
stairs structure to restore the massive bright arch. The project involved detailed documentation
of the staircase: assessment of the stones' current condition, detailed treatment program,
investigation on stone deterioration state, also adjusted and detailed restoration program.
The findings of the project show that to deal with restore a new bridge arch, a challenge that
the Roman and Byzantian faced thousand years ago and overcame it with the knowledge and
technology that was available then, it is vital to bring to life and use traditional building
technologies either original bonding materials integration with contemporary technology and
information. Through experience and in-depth observation of things, we can overcome the
challenge we face today.
Since it is not possible to avoid deterioration, a regular inspection and maintenance program
is an essential and suitable solution. The new intervention must adopt the conservation
principles to be durable and stable against environmental conditions, either identified and
reversible.
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We cannot think about existence without history and tradition that have defined roles. We
are responsible for balance history and modern technology in professional ways. With all these
heritage values around us, we have to be curious about discovering new knowledge that will
help us to develop. There is a vast heritage to look after, to carve memory, and to preserve for
the next generation. Thanks to conservation work and restoration of Byzantine period visual
integrity for reviving the spirit of the place, the staircase structure that has disassembled and
was in a coma for 1380 years brought to life.
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Abstract. The problem raised by the steadily increasing number of failures in ancient town
walls has recently attracted much interest. This typology of cultural heritage has always
played a critical role in shaping local identities and still holds great potential as a cultural
resource but poses substantial challenges in management terms. In fact, multi-disciplinary
methodologies for their study and analysis are missing. The MO.M.U. project aims to
safeguard ancient town walls in Tuscany (Italy) by introducing an integrated framework for
their knowledge, diagnostic, assessment, monitoring and management. The proposed
approach employs innovative non-invasive technologies and introduces a multi-hazard risk
prioritisation methodology to address preventive conservation and programme interventions.
1

INTRODUCTION

Nowadays there is a growing awareness of the vulnerabilities and exposure of Italian
cultural heritage to natural hazards and human-induced threats. Approaches to risk analysis
and reduction of immovable cultural heritage are usually based on typological considerations,
thus identifying several architectural classes (e.g. ordinary buildings, churches, towers,
palaces) accounting for their different response to any hazardous event. A peculiar class of
historical constructions involves masonry town walls built as a defence system of the inner
historic centre.
Ancient town walls play a critical role in shaping local identities and still hold great
potential as cultural resources but pose substantial challenges in management terms. Although
national regulations have been issued to improve the structural safety of heritage-listed
monuments and buildings [1], a systematic strategy for Disaster Risk Reduction (DRR) of
town walls is missing and actions for their preservation are still occasional. Recent damage
suffered by historical town walls in the Region of Tuscany, specifically in the historic
settlements of Volterra (2014), Magliano in Toscana (2012 - 2014), Pistoia (2011 - 2020),
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Cana di Roccalbegna (2013 - 2020), Poggio a Caiano (2017) and San Gimignano (2018), have
raised attention on the growing vulnerability of heritage of urban fortifications.
Preventive and planned conservation entails the protection of architectural heritage and is
founded on the attentive identification of situations of risk and the systematic planning of
minimally invasive interventions [2]. The knowledge of materials, technologies, stratifications
and contexts is paramount and is able to favour a systemic approach. These aspects affect the
correctness of risk analysis that requires a critical judgment founded on a reading and
interpretation of the object to be preserved and the phenomena to which it is subjected. In the
architectural heritage domain, simplified multi-hazard approaches represent a significant step
forward in the prioritisation of risk reduction measures [3] [4] [5]. Moreover, qualitative
index-based methodologies can identify situations when detailed assessments are needed [6].
Starting from 2019, the Regional Government of Tuscany is promoting a systemic research
regarding walled historic centres with the objective to develop a fit-for-purpose methodology
to inform risk governance in its territory. The MO.M.U. (MOnitoraggio delle Mura Urbane –
monitoring of town walls) project brings an innovative contribution towards the analysis of
ancient town walls in Italy, focusing on defining methods, technologies and tools for their
multi-hazard risk analysis and monitoring. The project herein presented adopts a systemic
approach to the organization of processes, ranging from the territorial scale to the more
minute scale of individual elements, thus allowing for the multi-level risk prioritisation,
preventive conservation, and maintenance. This paper explores the main failure events
recently occurred in town walls with the objective to identify their root causes and the
parameters affecting the risk assessment. Then, it presents the adopted methodological
framework and the ongoing research activities, ranging from territorial to local level
investigations. The research activities comprise the implementation of a GIS platform that
allows for storing and elaborating diverse types of data. The architecture of the database has
been defined according to the research scope and supports knowledge management for risk
assessment and governance. The proposed procedure allows analysing risk and designing the
layout of a monitoring system, thus allowing for the multi-level risk prioritisation, preventive
conservation, and management of maintenance.
2 MOTIVATION AND AIMS OF THE PROJECT
2.1 Failure of town walls in Tuscany
Since 2011, numerous events regarded the collapse of town walls in Tuscany. The main
events occurred in Pistoia (PT), Magliano in Toscana (GR), Cana di Roccalbegna (GR),
Volterra (PI), Poggio a Caiano (PO) and San Gimignano (SI). In some cases, the collapse
recurred after a few years.
Pistoia is an important city that still shows traces of its Gallic, Ligurian, Etruscan and
Roman past. On September 19, 2011, a portion of about 25 meters of medieval town walls
outwardly collapsed. The curtain wall facing the city centre remained standing and the outer
layer crumbled (Fig. 1). The consequence did not result in deaths or injuries, but debris fell on
some greenhouses, causing economic losses to agricultural activities. The collapse was
triggered by heavy rain in an already critical situation. The main factors influencing the
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collapse were the wall slenderness, its height, the difference between the floor levels on the
two sides of the wall and the poor quality of the masonry. Walls are made of river pebbles and
are weakened by texture irregularity, traces of poorly chosen interventions and lack of
maintenance [7]. In September 2020, the same curtain completely collapsed for a length of 30
m. In this case, no extreme climatic events preceded the disaster.

Figure 1: Collapse of the city walls of Pistoia (September 19, 2011). On the left: the failure seen from the outer
side; on the right: the failure seen from the city centre.

On November 13, 2012, the south-western tower of the medieval town walls of Magliano
in Toscana collapsed. After the middle of the XVII century, they were no longer used for
military purposes and their maintenance was neglected. This situation has favoured the
construction of new masonry buildings adjacent to the curtain that was thus used as a load
bearing wall. The so-called Torrione, about 20 m high and 9 m wide, was made of a stone
masonry curtain covering a rocky outcrop in the lower part and containing the earth in the
upper part. The structure suddenly collapsed following an extreme meteorological event. The
upper part of the tower and the stone masonry debris fell on the road that luckily was not
occupied by vehicles (Fig. 2). Consolidation works had been completed just before the
disaster: the large and numerous full-height cracks had been closed and the joints repointed.
The closure of these natural drainage holes probably caused the collapse during an
exceptional rainfall, when the weep holes at the base were obstructed by a great amount of
soil accumulated in the inner part of the tower.
After just two years, on December 15, 2014, a second collapse affected a portion of the
curtain in the south-western area, following a further rainy event of considerable intensity and
duration. The structure was a retaining stone masonry wall of about 8 m height and 17 m
length. The collapse was caused by the water pressure on the back of the wall, due to the poor
drainage system. The event was preceded by cracks and deformations that appeared on the
wall since the previous July. Nevertheless, it was not possible to avoid the collapse which,
however, took place without consequences, thanks to the preventive countermeasure provided
in proximity of the road.
On October 5, 2013 about 13 meters of town walls collapsed during a heavy rainfall in an
ancient small town, Cana di Roccalbegna (Fig. 3). The system was made of a stone masonry
retaining wall dating back to the XV century, surmounted by a reinforced concrete slab which
formed the base of a panoramic viewpoint square. The masonry was inhomogeneous in terms
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of material and construction techniques. The failure was caused by the erosion due to
incorrect water drainage and increase of hydrostatic pressure behind the wall during the heavy
rainfall event. The rubble reached a building, which fortunately was only hit by minute debris,
and the street below, where a parked car was buried. On 21 August 2020 the reinforced
concrete slab suddenly broke during the execution of the consolidation works. Four houses
have been evacuated and a part of the village has become inaccessible due to debris.

Figure 2: The collapse of city walls of Magliano in Toscana (November 13, 2012). On the left: the
“Torrione” before the consolidation; on the right: the “Torrione” after the failure.

Figure 3: Collapse of the city walls in Cana di Roccalbegna (October 5, 2013). On the left: the collapse seen
from below; on the right: the debris near the building below the wall.

On January 31, 2014 about 35 meters of the town walls in the south-western side of
Volterra suddenly collapsed, after a series of heavy rainfall events. Volterra is a walled hilltop
town in Tuscany, one of the most important Etruscan settlements, successively developed as a
medieval centre. The failure involved a 9.5 m high segment of a stone masonry retaining wall
that embraces the city centre, laying bare the foundations of the historical masonry buildings
above (Fig. 4). Luckily, there were no casualties, but the buildings located at a distance of a
few meters from the wall were slightly damaged. The main causes of the collapse are the
incoherent sandy terrain behind the curtain wall weakened by previous repeated water
infiltrations due to the old sewer system of the historic centre, and the water from the heavy
rains of January, which increased the hydrostatic pressure on the curtain [8]. Added to this is
the intrinsic weakness of the masonry of the collapsed portion, due to the significant and
repeated restorations during time, from the middle age up to now. On March 3, 2014 another
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failure affected the unstable wall corner located about two hundred meters from the abovementioned portion toward the South. The collapse was preceded by some cracks on the
irregular and inhomogeneous masonry wall. In that circumstance, a part of the embankment
slid downwards, despite the remedial works with steel anchors.

Figure 4: The collapse of the city walls of Volterra (January 31, 2014).

As emerges from these emblematic cases, climate change and natural events are seriously
affecting historical town walls, but even local technological ruptures can potentially cause the
collapse of great sections. Two different hazard conditions can be thus identified: the first is
associated to ordinary conditions, such as pollution, wind erosion, capillarity dampness,
ground subsidence, and depends on the continuous and progressing actions of the ravages of
time; and the second is associated with isolated adverse events, among which landslides,
floods, earthquakes, lifelines failures have proven to be more frequent in Tuscany.
2.2 The MO.M.U. project: aims and activities
In the framework of the preservation priorities set by the Region of Tuscany, the two
general aims of the MO.M.U. project are as follows:
− to strengthen the role of Local Governments in the preventive and planned conservation of
ancient town walls and to raise awareness of the importance of disaster risk governance in
the architectural heritage domain.
− to establish a regional multi-hazard risk prioritisation framework for the safeguard of town
walls, applying knowledge from multiple disciplines.
Based on these general objectives, seven specific aims are established:
− to create a digital archive that documents the town walls’ history, building technologies,
construction phases, alterations and modifications, structural materials, past restoration and
maintenance works.
− to define fit-for-purpose forms for data collection and organisation and to identify the most
effective tools and technologies for the documentation of town walls.
− to identify typical deterioration and damage patterns of historical town walls, and to create
a portfolio that accounts for the different materials (mainly stone and brick), architectural
typologies (retaining, isolated and massive walls), territorial topography (coast, valley,
plain, mountain), century-old transformations. The step requires a preliminary definition of
a diagnosis methodology.
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− to develop, calibrate and test a multi-level large-scale methodological model to assess the
risks of ancient town walls based on specifically formulated performance demands.
− to create a GIS-based system for managing and elaborating georeferenced data and
documents from diverse sources, as well as conducting risk assessments of town walls.
− to conduct benchmarking activities on a set of case studies by means of site inspections,
surveys, documentation, risk assessment activities in order to test the overall framework.
− to define monitoring actions and intervention measures for planned and preventive
conservation, using conventional and innovative technologies, such as Geographical
Information Systems (GIS), GPS-based photogrammetry, interferometric Synthetic
Aperture Radar (SAR) techniques.
3 METHODOLOGY
The procedure developed within the MO.M.U. project consists in a simplified approach to
multi-hazard risk analysis and governance that can be used by officials and administrators in
Local or Regional Governments who are not experts in the field(s).
Town walls are deeply integrated into the urban fabric and their accessibility can be
difficult since many constructions, even private housing units, have been progressively
reusing their structural elements. Besides, the application of invasive tests is not feasible due
to the heritage value and the impossibility to alter the physical aspect. Therefore, digital noninvasive technologies have been included into the procedure due to their ability to support the
data acquisition, collection, management and elaboration. The combination of traditional
geometric surveys and more innovative techniques, e.g. GPS-enabled digital cameras, allows
for a complete and extensive photogrammetric documentation of the town walls. Additionally,
mobile applications facilitate the recording and collection of data during field surveys [9].
Emphasis is given to the development of a GIS platform that was specifically designed to
offer a multi-level reading of the walled system, as well as enable risk evaluations [10].
Finally, interferometric synthetic aperture radar (InSAR) techniques, both space-borne and
terrestrial, have shown their effectiveness in providing measurements of ground
displacements [8].
The proposed multi-level methodology consists of four phases (Fig. 5) characterised by an
increasing level of knowledge, detail and investigation effort. Each level is connected to the
previous one and only the progression to the last level allows for establishing monitoring and
intervention activities.
The ‘Level 0 - Inventory and geolocalisation’ phase aims to collect data on the town walls
located into the Tuscany Regional territory and thus to gain large-scale knowledge on the
overall number and main features for their management. Each walled system is analysed as a
whole and documented accounting for previous studies, historical information and archival
material. A specific GIS-based form, the ‘level 0 census form’, is developed for the purpose.
It describes several relevant aspects of the walls, such as the orography, hydrography and
topography of the territory, the construction typology, morphology, technologies and
materials, the construction and transformation phases, and also the previous restoration and
maintenance works. The form is organized in nine sections: (1) localisation and
geomorphological data of the site; (2) general information and legal status of protection; (3)
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general description and photographic archive; (4) current state; (5) accessibility and usability;
(6) history and historical documents; (7) documentation of past interventions; (8) description
of the context; (9) decomposition into homogeneous subsystems.

Figure 5: Multi-level methodology for the risk prioritisation and management.

The ‘Level 1 - Site inspections and documentation’ aims to investigate the town walls as
subsystems corresponding to the morphological elements, namely identifying walls, towers,
gates, bastions, etc. The knowledge of each element is improved by acquiring specific
documents and conducting field surveys (metric, photogrammetric or visual) that can validate,
correct and integrate the data collected for Level 0. Finally, this step allows for identifying
critical safety or degradation conditions of the element. Their mitigation requires a rapid
intervention or the activation of a diagnostic process, thus moving forward directly to Level 3
(Fig. 5). A ‘level 1 documentation form’ is developed entailing a detailed analysis of the
elements, both on-site and off-site. To this end, the form can be filled in either on paper or on
the GIS platform, perhaps using mobile GIS applications. The form comprises seven sections:
(1) localisation; (2) historical, morphological, typological, geometrical and current state
characterisation; (3) accessibility and usability; (4) material archive (masonry materials,
stratigraphy units); (5) documentation of past interventions; (6) description of the context and
hazardous conditions; (7) critical conditions to activate the diagnostic process and the
intervention.
The ‘Level 2 - Risk prioritisation classes’ aims to evaluate risks on town walls by means of
a simplified procedure that depends on six performance demands. The performances have
been identified taking into account the heritage significance and past failures of Tuscan town
walls. Risk is assessed as a function of hazards, vulnerability, and exposure [11], whose
characterisation varies according to the performance demand, as specified in Tab. 1. Hazards
account for progressive and catastrophic actions and can be identified according to hazard
maps and data on past events in the area. Vulnerabilities are associated to ordinary or
extraordinary conditions. The first ones are assessed by means of a fit-for-purpose form
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regarding the surveyed degradation and damage processes that are scored with two
parameters, magnitude and extension. Instead, extraordinary conditions are evaluated by
means of hazard-specific forms that entail a preliminary identification of the elements
exposed to each hazard. Finally, exposure refers to the walled system itself as cultural
heritage, as well as people, objects, buildings, roads or any element that can be potentially
damaged by the failure of the town walls. Six risk classes have been considered, ranging from
R0 to R5 [5]: R0 is assigned to units that are not exposed to any hazard; R1 and R2 are
associated with acceptable levels of risk requiring on-site inspections; R3 is at the limit of
acceptability and therefore requires regular monitoring actions; R4 and R5 are associated to
unacceptable and critically unacceptable levels, respectively. Each element is subdivided into
a number of units on which the evaluation is performed by means of several GIS-based forms.
Performance
demands
Safety and
conservation
Static safety

Seismic safety

Table 1: Performance demands and risk factors of town walls.

Description

Risk factors (H, V, E)

Material
degradation and
local stability
Stability under
static loads and
ordinary actions

Hsc
Vsc
Esc
Hs
Vs

Stability under
seismic actions

Flood safety

Stability under
hydraulic actions

Landslide
safety

Stability under
geomorphological
loadings

Heavy rainfall
safety

Stability under
extreme
meteorological
loadings
Stability under
actions induced by
technological
failures

Lifelines
rupture safety

Es
Hse
Vse

Ese
Hf
Vf
Ef
Hl
Vl
El
Hr
Vr
Er
Hlr
Vlr
Elr

weathering conditions, pollution, land subsidence
degradation and damage
town walls
weathering conditions, land subsidence
degradation and damage, masonry quality, structural
inhomogeneities, geometry, connections to adjacent
elements, terre-plein, soil type
town walls, people, physical assets
earthquake
masonry quality, structural inhomogeneities,
geometry, connections to adjacent elements, terreplein, soil type, openings, wall slenderness,
reinforcements, adjacent buildings, topography
town walls, people, physical assets
flood hazard
soil type, type and depth of foundations
town walls, people, physical assets
geo-morphological hazards
connections to adjacent elements, type and depth of
foundations, topography
town walls, people, physical assets
precipitations
soil type, drainage and water control systems,
masonry quality, terre-plein
town walls, people, physical assets
lifelines rupture
drainage and water control systems, masonry quality,
terre-plein
town walls, people, physical assets
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At first, the evaluator is asked to fill in the ‘level 2 degradation and damage patterns form’,
which is based on the portfolio of typical damage and degradation patterns of Tuscan town
walls. For each unit of the walled system, this form allows for defining a vulnerability index
as the normalised weighted sum of the products between magnitude and extension scores.
Then, specific vulnerability forms (Vsc, Vs, Vse, Vf, Vl, Vr, Vlr) are introduced to account for
the liability of walls to be damaged under different actions (Hsc, Hs, Hse, Hf, Hl, Hr, Hlr), as
defined by the performance demands (Tab. 1). The overall degradation and damage state is
the basis for the vulnerability evaluation in every performance. Exposure is distinguished
between the safety and conservation case (Esc) regarding only the town walls and the other
cases (Es, Ese, Ef, El, Er, Elr) regarding town walls, people, and physical assets.
The ‘Level 3 - detailed evaluations’ involves detailed investigations and monitoring
activities on town walls subjected to risk levels R3, R4, and R5. The step is mandatory to
conduct safety stabilisation, restoration or consolidation works.
4 RESEARCH ACTIVITIES
4.1 Territorial census of Tuscan town walls (Level 0)
The territorial-level census regards 140 ancient town walls (Fig. 6) in Tuscany that are
under investigation with the cooperation of regional and local authorities who are in charge of
their preservation. The regional GIS-platform collects and georeferences the information
requested by the Level 0 census form, such as archival documents, previous studies, historical
images and recent photographs.

Figure 6: Multi-level methodology for the risk prioritisation and management.

The comparative analysis highlights a quite complex and varied picture, with similarities in
the building techniques within geographical areas that were fortified in the same period by
common governments, often over pre-existing defence systems. The configuration of the
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walls is strongly affected by the territorial topography, particularly in mountain areas where
fortifications were built as retaining walls over slopes and cliffs. Conversely, town walls
located on valleys and plains present more regular shapes. Most walled systems date back to
Medieval times, in some cases incorporating the more ancient defensive systems, particularly
Etruscan in the Southern part of Tuscany.
A lower number of cases present Modern fortifications built approximately from the second
half of the XV century. Medieval walled systems are usually composed of isolated, slender
walls connecting high-rise towers, whereas Modern ones present thicker scarp-shaped
sections and bastions, with terre-pleins behind the walls. Town walls are made of stone
masonry (mainly Medieval walls) and brick masonry (mainly Modern walls) whose
composition, geometry and arrangement depend on local materials and workmanship.
Materials are often varied, and several building techniques can be found along the walled
system, with many local alterations that can be difficult to identify. The current state is the
product of century-old transformations that affect the structural homogeneity and the flow of
internal forces within the structure. The wall texture bears signs of these changes, as well as
past collapses and alterations, and may reveal the quality of the masonry and its attitude to
crumble, especially under seismic actions.
4.2 Local investigations (Level 1 and Level 2): the town walls of Pisa
The town walls of Pisa date back to Medieval times, they were constructed starting from
the XII century, using local materials, techniques and workmanship [12]. The overall length is
approximately 7 km, the average height of the curtain walls is 11 m, and the mean thickness is
2.20 m. The structure is made of multi-leaf masonry, with two brick and stone outer-leaves
and the inner core of rubble masonry. Today, the outer side of the town walls is fully
accessible and unimpeded, except for localised areas where the sight is hindered by trees.
Conversely, the inner side is almost entirely included in private properties and thus
inaccessible.
The walled system comprises different morphological elements, such as curtains (codified
as CUR), towers (TOR), gates (GATE), and bastions (BAS). Each element has been deeply
investigated thanks to the Level 0 and Level 1 forms. Due to the massive dimensions of town
walls, a rapid photogrammetric surveying workflow has been adopted in order to obtain
results of the entire investigated portion in a reasonable time. Photographs were acquired
using an iPhone 11 camera having a resolution of 12 MP and a 1/2.55-inch sensor, with GPS
on. The acquisition was done over several days at different times, to have uniform
illumination, avoiding strong direct lights and hard shadows. Ortho-images have been
processed from 3D photogrammetry models.
The state of conservation and the structural conditions of the town walls of Pisa are quite
varied and tend to be better in touristic areas with public accessibility. Some areas present
critical conditions that may affect the structural performance, such as vertical cracks, out of
plumbs, and corner failure mechanisms mainly caused by ground subsidence. The presence of
differential land subsidence in critical areas is confirmed by InSAR vertical displacement
measures that provide punctual time series of the last 5 years. Common degradation patterns
concern higher plants, vegetation, superficial loss of materials, moisture and efflorescence.
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Partial results are illustrated in Fig. 7, which shows the ortho-image of the portion
including GATE.13 and CUR.27. The element is divided into units (labelled from 21 to 30)
having a length of 2 m that have been evaluated by means of the Level 2 forms. Coloured
stripes identify different risk levels: green squares are characterised by lower risk levels,
while red ones present higher risk levels. Two sample performance levels are considered,
namely ‘safety and conservation’ and ‘static safety’. The first one involves the preliminary
evaluation of degradation and damage patterns, highlighting the worst conditions determined
by the presence of moisture, vegetation (both on the wall surface and the top), cracks among
joints, and block’s erosion. The second performance level entails the assessment of exposure
in the facing area having a minimum width equal to the height of the wall. Significant
parameters are human flows, material assets, road type, parked vehicles.

Figure 7: The town walls of Pisa. Masonry typologies and evaluation of risks (Level 2) in two sample
performance levels. The coloured stripes recall the six risk levels presented in Fig. 5.

6

CONCLUSIONS

This paper introduced the MO.M.U. project and presented a general overview on the
methodology developed for the research scope. Structural safety and risk analysis are rooted
in the acquisition of knowledge about the construction under investigation, specifically the
geometry, building techniques, materials, damage state, century-old evolutions, material
stratifications and territorial context. Starting from the presentation of the main failure events
recently occurred in Tuscan town walls, we presented the root causes and parameters
affecting the risk assessment. Then, a multi-level methodology has been proposed and applied
to the Regional basin. Territorial investigations allowed for characterising the main
typological features in the area. Besides, the multi-hazard risk prioritisation procedure is a
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first attempt to introduce a simplified quantification of physical vulnerability and exposure.
Benchmarking studies concerned the application of the index-based risk prioritisation
procedure on the town walls of Pisa. Once calibrated and validated, this approach to risk
analysis and governance will be used by governmental officials and administrators. The
procedure has potential to be applied to different typologies of historic walls located in
diverse geographical areas. In this way, they can achieve planned and preventive conservation
that entails a periodic knowledge updating to determine the evolution of risk factors.
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Consorzio LaMMA (Laboratorio Monitoraggio e Modellistica Ambientale) for the support.
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Abstract. The work is focused on the structural vulnerability assessment of two historical
constructions, chosen as case-studies representative of a recurrent typology of Italian
rationalist architecture, dating back to the Fascist period, often hosting public offices. Both
examined buildings have similar dimensions and geometry, being characterised by five/six
storeys and by an almost square plan with an inner courtyard, and are located in EmiliaRomagna, in zones of medium seismic hazard. The older building, dating back to the Thirties
and located in Ravenna, has a mixed masonry-reinforced concrete structure, while the other
one, built in the late forties and located in Parma, is characterised by an unreinforced masonry
structure with some limited reinforced concrete elements. For the vulnerability assessment of
the two buildings, a multi-disciplinary approach was followed, including the historical
documents search concerning both the investigated buildings and the surrounding areas, the
detailed geometrical and structural survey, the identification of materials, and in situ and
laboratory tests to evaluate materials mechanical properties. These activities allowed reaching
an adequate level of knowledge about the present conditions of the structures and their critical
deficiencies. This knowledge path is not only necessary for the subsequent numerical analyses,
but is also important as it allows targeting the repairing interventions, possibly reducing their
final costs, in agreement with the “minimum intervention” approach for heritage buildings.
1

INTRODUCTION

In Italy all public buildings older than 70 years are ope legis considered enlisted buildings,
protected by the Ministry of Cultural heritage [1]. This normative prescription is producing
more and more enlisted buildings every year, including lately also the period of post WWII.
The buildings that have been added to the Superintendency lists in the last decades date back
to a period in which the building typologies, the technical solutions, the materials features
evolved very rapidly. International organizations like DOCOMOMO, ICOMOS, Getty

1502

P. Bernardi, R. Cerioni, E. Coïsson and E. Michelini

Foundation and World Monument Fund are devoting attention and specific documents to the
conservation of these newly defined monuments, but in Italy the Rationalist architecture, earlier
subjected to a damnatio memoriae due to its Fascist commissioning, is getting only recently
more attention and value recognition, which is at the base of a restoration-based approach [2].
Moreover, while the experience on analyzing and restoring older typical masonry structures is
large, for these more recent constructions, knowledge is lacking and a correct approach to its
analysis is still to be defined. Often these buildings are a mixture of masonry and
concrete structures, but the details of reinforced concrete elements are different from todays’
ones and – on the other side – bricks and mortars composing the masonry parts are
different from traditional ones. In order to carry out a structural analysis on these modern
structures, as for all existing buildings, surveys, inspections and on site tests are mandatory
and should always take into account also non-structural elements, frequently underestimated
in numerical analyses. Real safety comes from deep knowledge, rather than from
advanced calculations. The empirical/experimental method developed in the end of the 20th
century for historical masonry buildings [3] should also be applied to these more recent
and mixed structures, in order to identify the most probable and dangerous mechanisms. To
this aim, the analysis of two case studies appears to be meaningful for a better definition of
the correct study path.
2 CRITICAL HISTORY ANALYSIS AND DESCRIPTION OF THE BUILDINGS
In case of existing buildings – even if not so old – a thorough knowledge process is
required before starting any assessment of the structural safety or planning possible retrofit
interventions [4]. The first step of this knowledge process usually consists in historical
investigations, which can provide useful information about the building structure, its
construction sequence, and building vicissitudes over the years. This first operation,
which requires the research and consultation of several archival and bibliographical
documents, may sometimes appear expensive and time consuming, but, actually, it is
crucial to optimize the planning of surveys and it may have a direct influence on the safety
assessment of the building, influencing the modeling choices. Even in case of historical
building belonging to an aggregate, the knowledge process is mandatory in order to
identify correctly those structural units having a unitary response against seismic actions,
as also suggested in [5–7].
2.1 The “Ex-Magistrato per il Po e Genio Civile” building in Parma (Italy)
The “Ex-Magistrato per il Po e Genio Civile” building, briefly named in the following as
“MagisPo”, is located in Parma and currently hosts public offices. The draft of the building
dates back to the early second post-war period. Building works started in 1947 and lasted until
1959. The building was erected in an urban area – bombed during WWII – between the
railway station and the main square of the town (Fig. 1a). The structure of the building
and its geometrical configuration underwent some major changes during the construction
works, so they do not correspond completely to the 1947 drawings, as can be seen in
Figures 1b,c and 2a,b. These drawings show indeed the plans for three main separate
buildings, arranged around a common inner courtyard (see Fig. 1b). As can be seen from
Figure 1c, only the front building was instead erected, and its original U-shape was modified
by connecting the two lateral wings with a rear façade (Figs. 1c and 3d), thus forming an
internal closed court.
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(a)
(b)
(c)
Figure 1: (a) Aerial view of Parma at the end of the 19th century, with indication of the analyzed area; (b) plan of
the building taken from the draft of 1947; (c) aerial view of the MagisPo building from a satellite

(a)
(b)
Figure 2: (a) Axonometric view of the MagisPo building taken from the first draft of 1947; (b) general view of
the current main façade of the building

(a)

(b)

(c)
(d)
Figure 3: Historical photos documenting the construction stages of MagisPo: (a) erection of the main façade
(1948); (b) erection of the east wing (1950); (c) view of the building at mid-Fifties (main façade and the two
wings completed); (d) addition of the rear façade (1957)
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The construction of the building took place in four subsequent stages, as proved by the
historical pictures taken during the works (Fig. 3). The plan was divided into three parts, each
one completed before the erection of the next one: the main façade was realized first (Fig.3a),
then the two lateral wings (Figs. 3b,c), and finally the rear façade was added (Fig. 3d). To join
the adjacent parts together, overhanging masonry teeth were inserted along the height, with a
spacing of about 1m (Fig. 4a). The same technique is still visible also in other buildings nearby,
dating back to the same period (Fig. 4b). During the following years, the building was subjected
to important differential soil settlements that were measured by means of a topographic survey
(Fig. 4c). For this reason, in the Eighties the East wing was retrofitted and separated from the
rest of the building through the creation of a static joint (Fig. 5a), formed by two graphite steel
layers in contact with each other (Figs. 5b,c), and designed by Prof. Cestelli-Guidi in order to
allow vertical relative displacements and block horizontal ones.
-35 / -30 cm
-30 / -25 cm
-25 / -20 cm
-20 / -15 cm
-15 / -10 cm
-10 / -5 cm
-5 / 0 cm
0 / +5 cm
+5 / +10 cm
+10 / +15 cm
+15 / +20 cm
+20 / +25 cm
+25 / +30 cm
+30 / +35 cm

(a)
(b)
(c)
Figure 4: (a) Detail of the connection technique adopted in MagisPo building, with overhanging masonry teeth;
(b) application of a similar technique in another coeval building nearby; (c) differential settlements at the third
level of the building, as resulting from in-situ surveys

(b)

(a)
(c)
Figure 5: (a) Static joint separating the East wing from the rest of the building; (b) sketch and (c) realization of
the joint

Nowadays the structure has a rectangular hollow floor plan, about 56m x 40m, with a squared
inner court. In elevation, there is an underground floor, four floors above ground, and an attic
in the rear portion only, reaching 23 m. The load bearing structure is made of masonry walls in
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solid bricks and lime mortar, with a very limited number of concrete elements located near the
two entrances on the main and rear façades. Most of the floors are realized with
reinforced hollow clay blocks (i.e. SAP-like lightweight floors), but some rooms with
larger spans are covered through reinforced concrete joists and interposed hollow clay
blocks. The floor stratigraphy is completed by an unreinforced concrete deck, 35 to 90
mm thick. A limited number of floors is constituted by NP 120 steel beams, with
interposed bricks and an upper concrete deck.
2.2 The “Guilds’ Palace” building in Ravenna (Italy)
The Guilds’ Palace in Ravenna also hosts public offices. It is part of an urban aggregate,
which was partially demolished in the latest Twenties of the last century to allow the realization
of “Piazza del Littorio”: this was intended to be one of the preeminent examples of the Fascist
architecture in Ravenna (Fig. 7). The buildings overlooking the square - i.e. the INA and the
Littorio Palaces (Fig. 7a), the Province Palace, and the Guilds’ Palace (Fig. 7b) -, realized
between 1928 and 1943, were conceived according to the principles of Rationalist architecture,
in an ideal connection to the Roman past: the main façades were designed according to a sort
of “simplified neoclassicism”, with classical architectural details with claddings in marble
slabs, rhythmic arcades, columns, arches. The examined building (Fig. 6b,c), designed by
architect Emanuele Mongiovì, was built between 1939 and 1942.
The dismantlement works of the head portion of the aggregate (within the blue box in
Fig. 6a) are documented in the historical photos reported in Figure 8. As can be seen, the wall
separating the West wing of the Guilds’ Palace from the neighboring building (green box in
Fig. 8c) was completely demolished and rebuilt (Fig. 8a), while that separating the East wing
from the aggregate (red box in fig. 8c) was preserved from dismantlement (Fig. 8b). The project
of the Guilds’ Palace also included the neighboring tower (Fig. 7b), which was separated from
the main building by means of a static joint. In 1947, the Guilds’ Palace was owned by the
State, and in the following 4 years, the building was subjected to several renovation works,
which also included the reconstruction of some floors (mainly at the ground level), as well as
some demolitions and reconstructions of masonry walls. Nowadays the structure has an almost
square floor plan, about 29 m x 26 m, with a small internal court (Fig. 8c), and consists in an
underground floor of limited extension (originally hosting an air-raid shelter, accessible through
a trapdoor) and six floors above ground, reaching a maximum height of about 25 m.

(a)
(b)
(c)
Figure 6: (a) Drawing of G. Savini of the area nearby the Guilds’Palace, dating back to the end of the 19th
century; (b) aerial view of Piazza Caduti della Libertà (ex- Piazza del Littorio) and of the Guilds’ Palace; (c)
main façade of the Guilds’ Palace
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The building has a mixed masonry – Reinforced Concrete (RC) structure. Besides the RC
columns of the arcade running along the building perimeter at the ground floor (Figs. 6c, 7b),
most of the remaining frames are located at the front of the palace at the lower levels, while at
the upper ones they are replaced by masonry columns and walls. Between the 3rd and the 4th
levels, the floorplan of the building becomes narrower, to allow the realization of a
terrace running along the whole perimeter. For this reason, the corresponding floor is
characterized by the presence of a grid of RC beams (Fig. 9a), which support the above
masonry walls. Masonry walls are generally constituted by solid bricks and lime mortar, but
hollow bricks were also found at the upper levels of the building (see Fig. 10c). Most of the
floors are realized with RC joists and interposed hollow clay blocks, with a 50 mm
unreinforced concrete deck. The floor right above the main entrance is instead characterized
by a bidirectional grid of RC joists with two layers of interposed hollow clay blocks (Fig. 9b),
while the two rooms near the corners of the building, between the ground and the 1st floor,
are covered by a lightened slab with radial reinforcement.

(a)
(b)
Figure 7: Historical photos documenting the realization of Piazza del Littorio and of the surrounding palaces: (a)
Palazzo del Littorio; (b) Guilds’ Palace during “threshing of wheat grown in the war gardens” in 1942

(a)
(b)
(c)
Figure 8: Historical photos documenting the dismantlement of the aggregate in the late Twenties: (a) demolition
of the wall in correspondence of Guilds’ Palace West wing (green box in Fig. 8c), (b) wall neighboring with the
East wing of the palace (red box in Fig. 8c); (c) floorplan of the building, taken from the draft of Arch. Mongiovì
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(a)
(b)
Figure 9: Historical photos documenting the construction works of the Guilds’ Palace: (a) grid of reinforced
concrete beams, at the 3rd floor; (b) floor between the ground and the 1st level, with bidirectional concrete joists
and interposed hollow clay blocks

3 IN SITU SURVEYS
In situ survey encompasses all those activities that allow the identification of the load bearing
structure of an existing building, the loads acting on it, and the existence of possible pathologies.
The information collected in this knowledge phase, concerning the geometry of the building,
the type and dimensions of structural elements, the construction details, the crack pattern, the
presence of structural and non-structural vulnerabilities, as well as material properties and
geotechnical aspects, are the basis for subsequent structural analyses and exert a deep influence
on the related modelling choices.
This Section provides a general overview of performed activities, common to both the
investigated structures, while the following subsections deepen the specific choices related to
each single case study. For the two considered buildings, a complete geometric and architectural
survey was first performed. Despite the availability of the historical drawings, several
discrepancies were found indeed between the original drafts and the present appearance of both
palaces. For the MagisPo building, a detailed topographic survey of the differential settlements
at different floors was also carried out (Fig. 4c), in order to compare it with the one carried out
before the retrofit intervention.
Historical documents were a source of valuable information for the identification of the load
bearing structure and of the different materials adopted during the construction of both palaces.
Available data were analyzed and used for the planning of in situ essays, which were carried
out by using both non-destructive and partially destructive techniques. The removal of plaster
portions of about 1 m2 (Fig. 10) allowed to identify masonry typology and texture, its possible
degradation, the quality of the connections between perpendicular walls and between walls and
floors (Fig. 10b,c), as well as the possible presence of concrete joists and lintels above the
openings. These essays were distributed at different locations of the floorplan – according to
the historical evolution – and were repeated at the different levels, in an extensive and
systematic way. The quality of transverse connections within masonry thickness was verified
at predefined locations through the removal of single bricks (Fig. 10a,b), which
were subsequently delivered to the Laboratory of Materials and Structures of the
University of Parma, for the determination of their compressive strength (Fig. 11a,b). During
this operation, it was also possible to examine the quality of the mortar and to take a sample
for subsequent
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mineralogical and petrographic analyses (Fig. 11c). Wall thickness was verified by means of
small drill holes.

(a)
(b)
(c)
Figure 10: Removal of plaster portions at different locations of the Guilds’ Palace: (a) internal masonry wall at
the 1st floor; (b) connection between two perpendicular external walls at the 2nd floor; (c) connection between
perpendicular walls and the ceiling at the 5th floor

(a)
(b)
(c)
Figure 11: (a) Cutting operations to obtain cubic samples from the removed solid brick; (b) execution of
compression test on cubic sample; (c) image of a mortar sample at the optical microscope

(a)
(b)
(c)
Figure 12: In situ survey on floors: (a) thermographic analysis; (b) removal of plaster layer and concrete cover;
(c) core drilling at floor extrados

The direction and typology of floors were checked by means of visual inspections and nondestructive techniques, like thermographic (Fig. 12a) and pacometric analyses, supported by
semi-destructive local essays (Fig. 12b), consisting in the removal of plaster layer and concrete
cover, and in the measurement of rebar diameters and spacing. Floor stratigraphy was deduced
by means of coring at floor extrados (Fig. 12c), while its thickness was measured by performing
small drill cores. Similar techniques were also adopted for RC elements (beams, concrete ring
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beams, columns). The information deduced from original historic documents were first verified
through a simulated design according to the Code Standard in force at the time. Rebars
distribution and diameters were then verified through extensive pacometric investigations,
further integrated by local essays requiring the removal of plaster and concrete cover.
3.1 The “MagisPo” building in Parma
Since building construction took place in three subsequent phases, in situ survey on masonry
was organized so to have a minimum number of essays for each part, and at every level. For
each part, plaster was removed to characterize the main masonry typologies, individuated on
the basis of their position (internal/external wall) and thickness (from 150 to 550 mm). Some
essays were also performed in correspondence of the junctions between the different parts, to
confirm the presence of overhanging masonry teeth (Figs. 4a, 13a). A specific survey was also
planned near the static joint realized in the Eighties, during the retrofitting works. The
availability of several photos documenting the construction phases was also useful to identify
different materials and construction techniques (i.e. flat arches above the openings in the
underground floor and RC lintels at the other levels; presence of lightly reinforced concrete
ring beams, the bearing structure of stairs, etc.), which were verified in situ through
targeted interventions. A total of 19 essays were carried out for the determination of masonry
typology, with the removal of 7 bricks and 11 mortar samples.

(a)
(b)
(c)
(d)
Figure 13: In situ survey: (a) connection between two wall portions realized at different times; presence of flat
arches above the openings at the underground floor from (b) historical photos and (c) direct essays; (d) double
flat jack test on a masonry pier of the underground floor

Compressive tests were carried out on cubes with 50 mm side obtained from bricks
extracted from the building walls (approximately 4 or 5 cubes for each brick, Figs. 11a,b).
These tests provided an average strength value of 23 MPa. Lower compressive strengths
were found for those samples taken from the underground level, where different, lower
quality bricks, characterized by a paler color, were used. From laboratory tests, mortar was
classified as poor. A masonry pier located at the underground floor was chosen to perform a
double flat jack test (Fig. 13d), which provided a masonry compressive strength value of
about 2.4 MPa. This value corresponds to the minimum value suggested in the commentary
document [8] joined to the current Italian Code [9] for the category “solid brick masonry
with lime mortar”. Considering an intermediate level of knowledge [9, 10] achieved through
the in situ survey, and taking into account that the results of the double flat jack test were
referred to the masonry with the poorer
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quality in all the building (concentrated at the underground level), the central values of the
interval reported in [8] for masonry strengths were adopted. These values were further reduced
through the application of the confidence factor, according to the followed Standard Codes
[9,10].
3.2 The Guilds’ Palace
As for the MagisPo building, in situ survey on the Guilds’ Palace were planned to verify the
reliability of the information collected during the historical research, and to deepen the less
clear aspects. In this case, great attention was paid to the investigation of the relations between
the studied building and the adjacent ones belonging to the pre-existing aggregate, as well as to
the neighboring tower, carrying out visual inspections also in these adjacent structures,
to understand better possible interactions, especially during earthquake.
A total of 25 inspections on masonry quality and texture were planned, by examining walls
with different position (external/internal) and thicknesses at different levels, and performing a
higher number of essays on the wall separating the Guilds’ Palace from the aggregate. 14
solid bricks were collected for the determination of material properties through laboratory
tests. Compressive tests on cubic samples with 50 mm side obtained from the bricks
provided an average compressive strength of 24.5 MPa, but were quite dispersed, even for
cubes belonging to the same batch. Lime mortar was characterized by a poor quality.
Considering an intermediate level of knowledge [9, 10] achieved through the in situ survey,
the central values of the interval reported in [8] for the category “solid brick masonry with
lime mortar” were adopted for material strength calculation. These values were further
reduced through the application of the confidence factor, which was in this case
calculated according to the procedure suggested in [11] for heritage buildings, as it is in
the examined case. A value of 1.23, very similar to that suggested in [8] for an intermediate
knowledge level, was found.
For concrete elements, strength values were mainly derived from original documents, Code
Standard prescriptions in force at the time of its construction, and to a limited number of nondestructive tests. Several semi-destructive essays were originally planned, but their execution
was not possible for the negative advice of the Superintendence and of the Property.
4 VULNERABILITY ASSESSMENT OF THE TWO CONSIDERED BUILDINGS
The information collected during the knowledge phase were used as basis for the structural
modelling. The effectiveness of connections between perpendicular walls and between walls
and floors, the presence of concrete ring beams at floor levels, and the lack of important crack
patterns denoting clear out-of-plane mechanisms in both the examined palaces,
made reasonable the choice of analyzing the behavior of the whole building, by
considering a 3D model. In both cases, the underground floor was not included in
numerical simulations (Fig. 14a,b). To achieve a good compromise between accuracy of
the results and computational effort, an equivalent-frame macro-element approach was
adopted [12]. As a first step, linear analyses under gravity load were performed. In this
way, it was possible to easily check the accuracy of the geometric layout and of the
assumed applied loads, through the comparison between numerical stress values and those
deriving from simple manual calculations, as well as from experimental data (i.e. provided by
flat jacks). For the vulnerability assessment of the buildings behavior under seismic loads,
the nonlinear static (pushover) analysis was chosen,
10
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since it is currently considered the best-established method for masonry structures, and it is
frequently used in case of historical constructions [13, 14]. Based on the available information
on the foundation soil, a soil category C according to [9,10] was assumed in both cases without
any topographic amplification.

Y
X
(a)
(b)
(a)
(b)
Figure 14: View of the 3D model adopted for (a) the MagisPo building and (b) the Guilds’ Palace

Different models were considered for both the structures examined. Besides a general model
of the whole building (Fig. 14), other possible scenarios were investigated, based on the relevant
information collected for each case study. For the MagisPo, the behavior of the two portions
separated by the joint (realized during the retrofitting intervention dating back to the ‘80s)
was also investigated. It was generally found that the weaker direction for the building under
seismic action was that parallel to the main façades, for the presence of two RC frames at the
ground floor, interrupting the continuity of shearwalls. Another problem highlighted in the
analyses was represented by masonry spandrels, which were weakened by the presence of
niches hosting the shutters and the heaters. The return period of the maximum seismic action
sustainable by the whole building was found to be slightly lower than 350 years, while it was
almost halved when considering the building split into two independent portions. However,
this latter scenario seems to be less realistic, since documental findings and in situ survey
have proved that the joint between the two parts is more effective with regards to vertical
loads than horizontal ones.
For the Guilds’ Palace, two separate models were analyzed, by including or not a
limited portion of the aggregate behind it. In both cases, it was found that the weaker direction
for the building under seismic action was that parallel to the main façade, due to the limited
number of shearwalls continuous along the building height. As already observed, shearwalls
are lacking in the portion of the ground floor near the main entrance, where RC frames were
preferred. The return period of the maximum seismic action sustainable by the whole building
was found to be approximately equal to 150 years, and this results is only slightly modified
when including an aggregate portion.
5

CONCLUSIONS

The importance of the knowledge path in order to approach correctly the analysis of
an existing structure is a self-evident concept. Less evident is how to carry out this knowledge
path on buildings – like the ones dating back to the mid-twentieth century – that are not made
like
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present-day structures but are neither traditional buildings with a long and well-studied
experience. The two analyzed case studies focus on the methodology for the structural analysis
of this type of buildings, highlighting the need of a strict relation between historical research,
on-site surveys and numerical analyses. In particular, the identification of construction phases,
changes occurred in time, and earlier structural retrofit interventions have proved to be
meaningful information for the definition of the bearing schemes of the buildings and, as a
consequence, of their numerical models. In case of uncertainties, like for connections
effectiveness in aggregate structures, different conditions have been modeled to check their
influence on the global behavior, supplying an idea of the possible variability of the results. The
final aim is increasing not only theoretical sensitiveness but also technical awareness of the
specificities of the structural analysis on modern architecture.
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Abstract. Colonial-era buildings’ conservation is now viewed in a more positive light as
part of the urban fabric, however the conservation state of colonial-era built heritage has
received scant research attention. There are major challenges especially for the preservation
of religious buildings erected in the former European colonial territories in the nonWestern world. This paper is the outcome of ongoing fieldwork-based research, which aims
to identify and locate the mosque and church structures built during the British colonial
era in Yorubaland (South Western Nigeria) and investigates their conservation state. This
research adopts a mixed methods approach, employing physical observations and semistructured interviews with heritage practitioners. The analysis of the fieldwork data initiates
a discussion on the challenges and threats that result from the spatial requirements of a
growing number of congregations which have lead to physical interventions on the original
fabric, ranging from minor to major modifications and demolitions. The deficiencies in
institutional conservation know-how in addressing the emerging spatial requirements in
theoretically and technically appropriate ways are revealed.
1

INTRODUCTION

Protection of the architectural legacies of the modern European colonial era is a multifaceted issue, underpinned by various socio-political, functional, financial, and technological
considerations. However, studies since the beginning of the 21st century have indicated how the
absence of a balanced representation of the architectural heritage of the modern era, especially
of the colonial period, will leave a gap in knowledge about the evolution of architectural and
urban fabrics[1]. One negleced topic is the conservation state of religious buildings of the
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indigenous communities in the European colonial territories. In several parts of colonized subSaharan Africa, church and mosque buildings emerged as monumental structures constituting
a new layer of urban fabric [2, 3, 4, 5]. They are evidence of transcultural knowledge transfer via
the introduction of Western design and construction skills and their adaptation to local
conditions, however the conservation of these structures has not received much academic
attention or governmental priority.
Recent research has indicated how in the absence of heritage management policy and
governmental and institutional reluctance to heritagize both Islamic and Christian religious
structures has accelerated their deterioration and loss [5, 6]. This paper is one of the outcomes of
a fieldwork-based research project that aims to identify, document and analyze the conservation
state of British colonial era built religious heritage in Yorubaland (Figure 1). The fieldwork was
conducted over several trips in a period between June 2017 and December 2019. This paper
widens the discussion by looking into the existing conservation knowledge separately for
mosques and churches, aiming to reveal comparative insights. By employing participant
observation and semi-structured interviews with the members of the Building Committees of
the surveyed mosque and church structures, it specifically investigates the problems underlying
physical modifications on the fabric of buildings and examines the solutions adopted.

Figure 1: Map of Yorubaland showing the towns/cities surveyed for British colonial-era built religious
architecture
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2 CONTEXTUAL BACKGROUND: IDENTIFICATION OF RELIGIOUS
BUILDINGS ERECTED DURING THE BRITISH COLONIAL-ERA IN
YORUBALAND
Islam and Christianity gained a foothold in Yorubaland mainly during the 19th century.
Although there had been small numbers of Muslims in Yorubaland since the 17th-century,
Islam’s presence gained momentum after the Fulani Jihan in 1830s [7, 8]. This was followed by
Christianity in the early 1840s, when the abolition of slavery and Britain’s intensified presence
in West Africa in the heyday of the British Empire introduced led to the introduction of
Christian missionaries and instigated a radical change in religious space [9, 10]. Both Islam and
Christianity increasingly became the major religions in Yorubaland replacing by the beginning
of the 20th century the hitherto prevailing African traditional religions. By then, unlike the
unpretentious religious spaces belonging to African traditional religious sites[11], architectural
aesthetics had gained a significant role in designing both the mosques and churches[12, 13].
2.1 Typology and morphology of Afro-Brazilian mosques in colonial Yorubaland
Until the late-19th-century mosques in Yorubaland were small-scale and unadorned mudand-thatch structures, often without minarets [7, 8]. Contact with the wider world from the second
half of the 19th century led to the building of more impressive mosques in West Africa [4]. This
coincided with the return of freed Africans who were enslaved in Latin America, especially in
Brazil. The design of Afro-Brazilian mosques imitated the 17th to 18th-century Baroque
churches in Bahia in Brazil, with a longitudinal plan layout similar to Catholic churches, a
pedimented central structure and bell towers [3]. To meet the requirements of Islamic worship a
mihrab was installed on the Qibla wall, and the bell-tower became a minaret.
These Afro-Brazilian style mosques introduced the first monumental scale mosques in
Yorubaland. The earliest ones were erected in Lagos, in the late 19th century, and they set the
architectural vocabulary for several chief congregational mosques in Yoruba cities, with most
surviving examples from the 1930s and 1940s in various Yoruba towns. The oldest surviving
mosque structure is the Shitta Bey Mosque in Lagos, built in 1891-94 [5]. This architectural
language included a pedimented central structure, with single or double minaret-towers situated
on the front or rear façade; in both cases having the similar longitudinal plan layout. The details
and ornaments changes drastically depending on the repertoire of the master-builders,
including: pediment crowned with scrolls, round or elliptical oculi and arched openings with
stucco surrounds, stringcourse that extends horizontally on the façades, engaged columns,
pilasters and plinths, and various stucco decorations, emphasized quoins, rectangular windows
topped with decorated blind arches or floral motifs, ornate balustrades surmounting the minarettowers and roof lines, and Baroque style dormers on the roof level of the side facades (Figure
2).
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Figure 2: Shitta Bey Mosque in Lagos (left), and Central Mosque in Abeokuta (right)

2.2 Typology and morphology of missionary churches in colonial Yorubaland
The emergence of church structures in Yorubaland started with the establishment of the first
formal church, St Peter’s Church in Ake, Abeokuta in 1847 [14]. While the early churches in
Yorubaland were erected under the directives of the missionaries, these were mainly mud-andthatch structures which did not survive. Similarly to mosques, churches with durable materials,
mainly brick, stone and metal roofing sheets, started to emerge in the last quarter of the 19th
century. The 20th century witnessed the reconstruction of these structures in larger scales to
accommodate their growing congregations. The oldest surviving church building is the St.
Peter’s Church in Ake, built during 1898-1900. While initially the hall-type dominated, from
the 1910s until the end of the colonial era, churches were designed mostly in Basilica layout.
Neo-Gothic style, both in European versions and in simplified-localised versions, dominated
the morphology and aesthetics of the churches from the late 19th century, including: pointed
arches, lancet windows with Gothic style mullions, oculi, archivolts, stringcourses, nave
arcades with compound piers supporting pointed arches (Figure 3).

Figure 3: Christ Church Cathedral (left), and Holy Cross Church Cathedral (right) in Lagos

3 HERITAGE MANAGEMENT, KEY CONSERVATION PROBLEMATICS AND THE
STATE OF KNOW-HOW
Form early on, construction of mosques and churches has been the responsibility of their
respective communities, erected and maintained through funds, services and with

1517

R. Sabri and O. A. Olagoke

construction/finishing materials endowed by charitable citizens. During our fieldwork, we
observed that both churches and mosques are self-sustained autonomous entities, and hence the
upkeep and maintenance of religious space is under their leaderships’ autonomy. In both
institutions, each individual church parish and mosque community establishes their respective
Building Committee with persons selected from their members to manage the upkeep and
maintenance works. However, semi-structured interviews with members of various committees
revealed that while there are architects/ engineers in building committees, they are not experts
in architectural conservation. It is too simplistic to argue that their selection is intentionally
based solely on their loyalty to the respective institution’s administration. There is also the
reality that the number of heritage management and conservation experts is rather low in
Yorubaland (and in fact in Nigeria) due to the near absence of the discipline both in formal and
vocational education.
Another problem is the absence of religious heritage belonging to Islam and Christianity in
the national heritage legislation, namely the Decree No: 17 of 1979 (Ordinance of 1979) [6].
While there are only three mosque sites listed in the national heritage list, there are no churches
included in it yet. This is a situation which lends the leadership of religious buildings a free
hand in undertaking decisions regarding physical interventions on the buildings’ fabric and
sometimes even to make controversial decisions. Exemplifying this is the case of the Central
Mosque in Lagos: being one of the earliest Afro-Brazilian style mosques, designed in 1897 as
the chief mosque of the country, the Central Mosque in Lagos was inspirational in the design
of others around Yorubaland [5]. Following its demolition in 1980, a colossal post-modern
structure was built in its place, which was surprisingly (and ironically) later declared an ancient
monument in the heritage list of the State of Lagos (Chapter L86), as a ‘modern architectural
masterpiece, built to replace the old mosque’ [15].
Our extensive fieldwork in Yorubaland has revealed several key reasons underlying physical
interventions on the religious structures. These include spatial requirements for growing
congregations, material deterioration, structural decay, cosmetic interventions for aesthetic
reasons, and installing/renewing building services. This paper focuses specifically in the issue
of spatial requirements and examines the solutions adopted.
4 SPATIAL REQUIREMENTS FOR GROWING CONGREGATIONS AND THE
SOLUTIONS ADOPTED
Both in mosques and churches, increased congregation numbers have prompted attempts to
create larger spaces. This is usually achieved in three ways: either by demolishing the old
structure to make space for a new one, expanding the old structure, or building a new structure
on the site and adapting the old one to a new use.
4.1 Demolishing the old mosques and churches to make space for new and larger ones
In several cases, lack of space at the religious site prompts the demolition of the original
structure to create space for a new and larger one. This is especially the case in crowded urban
areas such as Lagos, where plot sizes are relatively small. Sadly, several early mosques and
churches such as the old Central Mosque, the First Baptist Church, and the Ebenezer Church in
Lagos have been demolished for this reason. Colossal post-modern structures now occupy the
sites.
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4.2 Expansion of the old mosque and church structures by the addition of new spaces
The expansion of the old structure by adding to one or both sides is among the most popular
solutions both for mosques and churches. In some cases, such as the Central Mosque in
Abeokuta or Christ Church in Ijebu-Ode, the expansión remains in harmony with the existing
part both morphologically and in terms of its size. There are several cases however where
massive expansions have been built, such as the extension of the southerly façade of the OdeOmu Central Mosque adding two slender minarets, with an external gallery around the old and
new mosque. This extensión from c.1980s, destroyed the original facades, and little of the front
pediment, flanking the minaret-tower and some of the rear pediment, has survived (Figure 4).
On the other hand, the expansion of the Central Mosque in Offa, where it has been extended on
its lateral sides, tripling the total closed área, was more thoughfully carried out. With large
domes on top, surmounted by crenellated parapets with slender minarets, and two new
polygonal towers on the main façade of the original building, provide an eclectic example of
Middle-Eastern mosque architecture. The original building is now constricted by the expansion,
started in c.1980s and eventually finished in c.2010 (Figure 4). In another case, at the Central
Mosque in Ijebu Ode, an extension in the style of the old facade has been continuing since
c.1990s, making it hard to tell the old and new elements apart. Two hemispherical domes were
built in front of the pedimented gable, obliterating it (Figure 4).

Figure 4: Expansions on Central Mosque in Ode-Omu (above), Ijebu Ode (below, left), and Offa (below, right).
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Among the most radical modifications are the addition of towers in addition to congregation
and administrative spaces. For the mosques, a case in point is the Central Mosque of Osogbo,
where two new minaret-towers were added to the existing tower and single hall layout mosque
in ongoing extension work started c.1995. The new square minaret-towers are similar to the
original tower (Figure 5). However, a massive dome was installed as an afterthought to the
expanded section which does not suit the building. The facades of the original mosque have
been obliterated as the building was expanded. Overall, the expansion is too massive and the
morphology of the new additions cause confusion rather than harmonious integration. In a
similar vein, a new hall and a bell-tower was added to the originally two-bell-towered Holy
Trinity Church in Abeokuta, replicating the existing ones, and making it difficult to differentiate
the newly added parts from the originally existing ones (Figure 5).

Figure 5: Modifications on Central Mosque in Osogbo (left), and Holy Trinity Church in Abeokuta (right)

4.3 Constructing a new structure and adapting the old one for new purposes
Adaptive reuse is prevelant on the church sites when a new church is built on the site next
to the old one. There is rarely any attempt to create a harmony of architectural languages
between the old and new. Exemplifying adaptive reuse are the St Peter’s Church in Abeokuta,
St. James’s Church in Ibadan, Aatan Baptist Church in Oyo, Our Saviour’s Church in Ijebu Ode
and St. Philip’s Church in Ile Ife. While the last one has remained unused since 2014, awaiting
final decisións about its future use, in all other cases the old building has been adapted to be for
church related functions. Note that, in all cases, the old buildings show signs of material
deterioration and structural decay due to the lack of upkeep and maintenance.
In a different approach, when more space was needed for congregations at the Our Saviour’s
Church in Lagos and a new structure was built surrounding the old one, the latter remained in
use in its original function (as a suplementary church space). However, while the facades of the
new structures replicate the windows of those at the old church, creating a somehow succesful
harmony, the scale of the new structures are massive, dwarfing the old building (Figure 6).
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Figure 6: Our Savious’ Church (Lagos), cramped in recently constructed new church buildings

5 DISCUSSION AND CONCLUSION
Colonial-era religious built heritage in Yorubaland, which includes Afro-Brazilian mosques
and missionary churches, are significant layers of urban fabric. They bear witness to an era of
transculturation, during when the Western construction technology and design understandings
were imported to the región in part by the Western community and in part by the Africans
themselves. Yet, our investigation has pointed to a rapid erosión and loss of this unique layer
from the urban fabrics.
This paper has shed light on how spatial requirements instigate modifications to the
buildings’ fabric. Both in the case of Afro-Brazilian mosques and missionary churches, a
common key problem is that these buildings are living religious structures and spatial
requirements for providing larger space for the growing number of congregations creates
pressure for irreversible extensive modifications on the religious structures’ fabric. In the denser
urban áreas, like in Lagos, due to the small sizes of the church or mosque sites, the religious
communities favor demolition or massive expansions. In the cases when the old building is
kept, the new structures often do not integrate respectfully with it. Either they dwarf it or create
confusing volumetric expressions. On the other hand, in less populated urban areas the
availability of space on the site allows for new constructions, opening the way for adaptive
reuse for the old church or mosque structure, although these are seldom protected as heritage
structures. In any case, whether the structure is used in its original function or it is adapted for
reuse, the material and structural problems are addressed as normal construction works.
The current lack of institutional heritage management policy and conservation expertise,
coupled with the implicit absence of religious buildings belonging to Islam and Christianity
from the national preservationist legislation, suggests what may lay ahead for these heritage
structures. Protection of the remaining examples depends on actions that need to be taken at
governmental, institutional, and inter-institutional levels. While the de-centralized and
community-based management system of both the church and the mosque institutions is a
strength to build on, it is obvious that these systems need to be embedded with heritage
capacity/mechanism and monitored from the top (the local and federal government). The best
way forward should start with identifying, locating, and listing the remaining colonial-era
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religious buildings and tailoring a heritage management policy to protect them while also
ensuring their continuing use as religious sites under the control of their respective religious
communities.
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Abstract. The aim of this paper is to report on the history and conservation interventions of the
historic architectural complex of Manguinhos, in Rio de Janeiro, one of the most significant and
symbolic architectural ensembles in Brazil. It is the headquarters of the Oswaldo Cruz
Foundation – Fiocruz, under the supervision of the Brazilian Ministry of Health, the most
prominent institution of science and technology on health in Latin America. It was protected by
the National Historic and Artistic Heritage Institute (IPHAN) in 1980. The construction of the
complex started in 1904 on the initiative of the renowned Brazilian scientist Oswaldo Cruz and
was designed by the Portuguese architect Luiz Moraes Júnior. The main monument of the
architectural complex, the Moorish Pavilion, received varied influences of styles and the décor is
a reference to Alhambra. An architectural reading of the complex of Manguinhos will be made,
examining the architectural language adopted on the historical buildings in particular the
Moorish Pavilion; the material and building systems used in its construction; its meaning for the
city and the heritage designation process, the surrounding environment in various periods, and
the physical, functional and visual relationship with the city. Regarding the restoration works
method, the following will be examined: causes of deterioration; diagnosis and state of
conservation; interventions performed over the years; and the project and methodology and the
latest intervention works. The conclusion, will analyze the interventions undertaken in the light
of modern principles of cultural heritage preservation, the importance of the restoration works
of the complex of Manguinhos, and its use as a public cultural and scientific space for the city.
1. INTRODUCTION

The former Federal Serotherapeutic Institute was created in 1900, in the neighborhood named
Manguinhos, in the city of Rio de Janeiro, Brazil. It was composed of a small number of
traditional constructions, with brick walls and ceramic tiles roofs. In the same setting there was
also an old garbage incinerator that belonged to the municipal administration, comprising the
chimney, garbage incinerator and incinerator deposit [1]. By the end of 1902, the scientist and
sanitarian physician Oswaldo Cruz became the director of the Federal Serotherapeutic Institute
and on March 23, 1903 he was appointed by the President of Brazil, Rodrigues Alves, as head of
the Directory-General of Public Health (DGPC), where he remained until November 1909.
His mission was to implement a modernizing model of public health, with the purpose of
breaking through the insalubrious reality originated in the Imperial period of Brasil. The priority
of the sanitarian reform project was to eradicate the three main pestilential diseases of the time:
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smallpox, yellow fever and bubonic plague. In order to respond to the new demands and
modernize the premises of the Federal Serotherapeutic Institute, Oswaldo Cruz started the
construction of Manguinhos Architectural Complex. This conjuncture was decisive for
Manguinhos − whose definition was inspired on the French Pasteur Institute − to become its
tropical version and start the production of medicaments, scientific research, and activities
related to public health [2].
2. A BRIEF HISTORIC AND ARCHITECTURAL ANALYSIS

Figure 1. First sketch of the Moorish Pavilion made by Oswaldo Cruz himself (c. 1905). DAD-COC-Fiocruz
archives. Photograph by J. Pinto.

The arrangement of Manguinhos Architectural Complex followed a layout that provided good
ventilation and insolation of the buildings, and the highest area of the terrain was chosen for the
main building to ensure a good visibility of the complex. The Moorish Pavilion, or Moorish
Castle, with the front garden in the French style, stands out for its privileged setting, like the
Greek temples and Portuguese colonial churches; the front of the building faces the view of the
Guanabara bay. Due to its setting, shape and rich decorative details, the Moorish Pavilion is the
largest building, standing out among the others in the complex, and therefore it represents the
apex of the project. The buildings were arranged as to create a plaza, currently named Pasteur;
on one side there is the Horse Stables; on the other side, the Quinine and the Moorish Pavilion;
the Plague Pavilion closes the plaza on the back side. Behind this building, on a higher level,
there is the Saltwater Aquarium. Separated from this arrangement, on the other hill of the
campus, there are the Oswaldo Cruz Hospital, currently named Evandro Chagas Hospital; a
vivarium for small animals, named Pigeonry; and the Vaccines Pavilion, built in the 1920s.
These two last buildings are placed on the way between the two hills [3].The projects of the
buildings that compose Manguinhos Architectural Complex were commissioned to the
Portuguese architect and engineer Luiz Moraes Júnior [2].
The first building of Manguinhos Architectural Complex was the Plague Pavilion, built in
1904 in a style that resembles the English industrial and railway stations constructions. It was
meant for the preparation of serums and anti-pestilence vaccines, horse inoculation tests, and
research on plague. In that same year, the Horse Stables was built in the Tudor style, meant for
the inoculation of virulent material and other operations performed on horses, with the purpose
of obtaining serum, except for the anti-plague serum; and the Pigeonry was built as a vivarium
for small animals. The Moorish Pavilion started to be built in 1905, when the two first buildings
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were ready. In the following decade, the Saltwater Aquarium and the Quinine were built, this
one meant for the production of official medicaments, and for research and laboratory of
chemistry. The constructive system used in Manguinhos Architectural Complex consisted of a
foundation made from a track filled with stones, cement and sand, over which were laid loadbearing walls of stones and bricks. The roofs were covered with tiles imported from Marseille,
France, that were set on metal structures, in the case of the Horse Stables, and on wooden
structures in the cases of the Plague Pavilion and the Quinine. For the Moorish Pavilion, the
solution adopted was roof terraces paved with ceramics, also imported from Marseille. The
terraces were built from metallic structural profiles, having the hollows filled with perforated
bricks, and are surrounded by crenels and turrets – ornaments molded with cement and sand. On
the two towers, that are crowning elements of the Moorish Pavilion, a metallic structure was
used to sustain the 33 different types of ornaments made of cement and sand, and spherical
shaped cupolas covered with copper. For the construction of the Moorish Pavilion large
excavations were made on Manguinhos hill, into which large granite blocks were placed and set
with cement and sand in the proportion 1:3 originating self-supporting walls of one-meter width.
The materials used in the construction of Manguinhos Architectural Complex, such as soil,
wood, sand, gravel and stone, were extracted from the estate’s terrain. The other materials were
imported: mosaics, tiles, bricks, and floor ceramics from Marseille, France; from Germany,
lamps, steel, windows and doors, and wall tiles England; marble, from Carrara, Italy; and the tile
ceramics (Bordallo Pinheiro), from Portugal [3].The construction works were directed by the
Italian master builder Basílio Silvestre Aor, who commanded Portuguese, Italian and Spanish
craftsmen specialized in joinery, masonry, painting and stucco. Oswaldo Cruz participated
actively in the conception of the projects and followed the construction works development.
The Moorish Pavilion, main edifice of the complex, had its first sketch made by Oswaldo
Cruz himself. It was a set of floor plans and elevations that served as a base for Luiz Moraes’
projects. On the first project, dated 1905, the Moorish Pavilion had only three floors above the
ground floor. On the project dated 1907, also with three floors, the architect added two sidetowers to the building, probably influenced by the Montsouris Observatory in Paris. It was only
in 1908, when the construction works were already ongoing, that Luiz Moraes elaborated the
final project with five floors. All the projects presented a neo-Moorish style.
The buildings designed by Luiz Moraes present an eclectic architectural language, in which
the composition is conceived according to the classical principles of frontality, axiality, and
symmetry, but there is an ornamental treatment in which two or more styles and decoration
tendencies are mixed together. The Plague Pavilion was inspired on the English railway stations,
most likely due to the architect’s background in railway engineering. The English architectural
language used on the main complex - Horse Stables, Quinine, Plague, and Moorish Pavilions – is
present together with the Portuguese and Arabic architectural languages. The English style
appears both in the architecture of the Horse Stables Pavilion and in the iron elements of stairs,
stalls, railings, bars, lamps etc.; also in the equipment, such as scales and elevators, and in the
composition and finishing materials, such as granite and solid bricks.
Portuguese, Moorish and English languages are masterly combined in the Moorish Pavilion,
Manguinho’s headquarters. The English architecture influence in the Moorish Pavilion
conception is found in the adoption of the “H” floor plan, with a large stairway in the richly
decorated central entrance hall. These are some of the characteristics of the Elizabethan
architecture predominant in England in the second half of the 16th century, during the reign of
Elizabeth I (1558-1603). Another explanation for the floor plan used at the Moorish Pavilion
relates to the Portuguese influence, namely in the adoption of the typical floor plan of 17th
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century Portuguese mansions, whose major contribution to the evolution of residences in
Portugal was the introduction of the “U” floor plan, with an open patio at the building’s backside. The distribution of spaces is symmetrical, drawing from a central axis, where there is a
large hall with stairs, either in the interior or the exterior of the building, or an internal enclosed
patio. In the case of the Moorish Pavilion, the distribution of the rooms is made from the central
hall and internal stairs, richly decorated. The symmetry is especially present on the façades,
where the decorative elements follow a rigorous composition. Another significant characteristic
of the Portuguese tradition can be identified on the placement of the lavatories in a tower
virtually isolated from the main body of the building.
The decoration follows yet another aesthetic orientation. The adopted language of Arabic
origin follows the movement of medieval architecture revalorization that occurred in Europe in
the first half of the 19th century as a reaction to the classicist predominance, in an attempt to
retrieve the artistic memory of past eras of notable constructive splendor.
The idea of a ‘Palace of Science’ imagined by Oswaldo Cruz for the Institute’s main building
was achieved, in the interpretation of its architect, with the use of the language influenced by the
architecture of Alhambra, in Spain, thus demonstrating the Iberian cultural heritage of its
designer. The first sketch imagined by Oswaldo Cruz, though, revealed a medieval aesthetics,
with two triangular-shape towers, therefore distant from the final design implemented by Luiz
Moraes.The rich decoration of the main areas of the building, namely the principal stairway hall,
the last floor hall, the library reading room, and the verandas, where rich finishing materials were
used, besides the handcrafted panels in plaster and wood, contrasts with the extremely simple
and functional laboratories, with plain walls with no decoration and covered with white tiles,
with rounded corners at the junction of walls and floor [3].
The Pigeonry was built far away from the other buildings of the complex and perhaps for this
reason it represents a significant contrast. Its composition and ground floor are also symmetrical;
however, it is considered the freest project designed by Luiz Moraes Junior. Small pavilions in
geometrical lines and a central tower form a light, harmonious and unpretentious ensemble; the
few ornaments are decorative details in concrete, like roof ends and stairs banisters imitating tree
trunks as in the gardens of French inspiration [4].
In September 1907, Brazil participated in the 14th International Congress of Hygiene and
Demography, held in Berlin, and presented the architectural projects being implemented in
Manguinhos. The Brazilian section was awarded the Gold Medal, which was handed to Oswaldo
Cruz. In March 19, 1909, the institution was named Oswaldo Cruz Institute, currently Oswaldo
Cruz Foundation – Fiocruz, https://portal.fiocruz.br/.
At the closure of the first decade of the 20th century, the first and second floors of the Moorish
Pavilion were occupied by operating laboratories, while the construction works continued on the
upper floors. The Horse Stables and Plague Pavilion were concluded and operating with
activities to obtain serum from horses inoculation with virulent material. The Plague Pavilion,
currently named the Clock Pavilion, was used exclusively to obtain antiplague serum. The
Pigeonry was already occupied with small-size guinea-pigs. Other buildings concluded in that
period were less sophisticated, such as the pergola that originated the Tea House and its annex.
The program of construction and modernization of the Institute’s premises continued to be
implemented in 1912, including the beginning of the Oswaldo Cruz Hospital, currently Evandro
Chagas Hospital. This pavilion integrated a hospital complex originally designed with six
unities, of which only one was built, being inaugurated in 1918. The purpose of selecting the
other hill to build the Evandro Chagas Hospital was to isolate it from the Institute’s laboratorial
areas. The building has two floors and the spatial arrangement distributes centrally the basic
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services areas and at the extremities the support areas, as kitchen, laundry etc. Interconnecting
these areas there are two wards. Externally, the building has a sober, symmetrical solution, in
which the ornamental elements are restricted to the verandas that surround the wards, providing
internal environmental comfort [5].
The year of 1915 marked the beginning of the construction of the Saltwater Aquarium, which
at that time had direct connection with the sea (Guanabara Bay) and was meant for the study of
the aquatic microorganisms. Its architecture of art nouveau inspiration contrasted with the other
buildings of the complex; it was one of the few attempts of Moraes to adopt a more
contemporaneous architectural language [3].
In February 14, 1917, due to Oswaldo Cruz’s health problems, the direction of Oswaldo Cruz
Institute was assigned to Carlos Chagas, also a physician and scientist, who gave continuity to
the construction of Manguinhos Architectural Complex [6].
From 1910 onwards, the inner walls of the third, fourth and fifth floors of the Moorish
Pavilion were built, and the following years the terraces and towers too. In 1918 the museum and
the library had been installed on the third floor; the ornamentation works of the hall and the
library’s noble room had been concluded, as well as the external ornaments made of cement and
sand. In that same year, the laboratory equipment and electric, thermic, telephone and telegraphic
installations had been implemented. Most of the equipment was supplied by the German firm
Siemens & Halske.
Oswaldo Cruz died prematurely on February 11, 1917, before the conclusion of the entire
architectural complex. The last projects designed by Luiz Moraes for the Institute − the Quinine
and the Vaccine Pavilion − were concluded in the 1920s, under Carlos Chagas’ administration.
The construction works of the Quinine started in 1919; its purpose was to house the Official
Medicaments Service. It was designed to be entirely harmonized with its surrounding, and the
volumetry, proportions, composition and façades treatment are similar to the Horse Stables; but
is the only building with a polygonal floor plan, which creates an inner patio through which the
circulation is made.

Figure 2. Manguinhos Historical Architectural Ensemble. From left to right: Saltwater Aquarium, Horse Stables
Pavilion, old stables, and above the Moorish Pavilion (c. 1918). The Plague Pavilion is behind the Horse Stables
Pavilion. DAD-COC-Fiocruz archives. Photograph by J. Pinto.
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When concluded in 1922, the Quinine, with two floors, together with the Horse Stables and
the Plague Pavilion, these with one floor each, formed a harmonious group of buildings around
the Pasteur Plaza, with the Moorish Pavilion, with five floors, presenting the greatest
monumentality. This ensemble has always been the highlight of Manguinhos campus due to the
architectural styles, the materials used and the constructive systems adopted [3].
No other facilities were built in the complex that could equal these buildings in terms of the
construction quality, which was the result of the craftsmanship, techniques, and materials used.
This can be verified in the design, also by Luiz Moraes, of the Vaccine Pavilion, built in 1922,
which did not present the same monumentality as the previous ones. The building originally had
a floor plan in a “U” shape, with an open patio; conventional constructive systems were adopted,
with regular brick walls set with mortar made of lime, sand and cement, and roofs made of a
wooden structure covered with French ceramic tiles. Less noble materials were used and the
façades, covered with roughcast, are composed of a sequence of large wooden windows, marked
by projecting elements.
The premises of Manguinhos Architectural Complex, especially the Moorish Pavilion, were
built with the latest technological sophistication available in the country in the early 20th century
[3].
3. TRANSFORMATION THROUGH TIME

From the 1930s onwards, major changes occurred within the limits of Manguinhos campus. In
1939−1940 there was the demolition of the old chimney of the garbage incineration furnaces of
the Municipality of Rio de Janeiro; it had been the last construction contemporaneous to the
Federal Serotherapeutic Institute. Several pavilions were built, notably the Pavilion of Courses
and the Central Restaurant, with the application of the ‘Five Points for a New Architecture’
conceived by the Swiss-born French architect Le Corbusier: pilotis, roof-gardens, glass curtain
walls on the façade, free floor plans. The construction materials and the structural constructive
system characteristic of the modern movement featured reinforced concrete, ceramic tiles walls,
glass curtain walls on the façade, roof-terraces with ceramic pavement, and roofs covered with
amianthus tiles.
Designed by the Brazilian architect Jorge Ferreira, with decorative tiles panels by Paulo Osir
Rossi, the project of the Central Restaurant was awarded the Special Mention of the jury of the
1st International Architecture Biennale held in São Paulo in 1951. Even more creative, the
project of the Pavilion of Courses, by the same architect, had the collaboration of Roberto Burle
Marx - author of the landscape architecture and the wall tiles panel, with aquatic microorganisms
motif. Jorge Ferreira’s architecture is among the most remarkable works produced in Brazil from
the 1930s onwards, which gained international repercussion due to the creative reinterpretation
of modern architecture principles. However, as will be exposed further in the text, not all the
modern buildings constructed in Manguinhos campus have a good architectural quality nor were
they all adequately implemented [3].
It was in the 1940s, marked by the consolidation of Manguinhos campus limits and the
introduction of modern architecture at Fiocruz, that occurred the first mischaracterizations of the
architectural ensemble conceived by Oswaldo Cruz and Luiz Moraes Junior. In 1936, more space
for laboratories was evidently need in the Quinine; besides, the possibility of installing an
elevator and constructing one more pavement was under study. In 1943, a project by Nabor
Forster was approved by Luiz Moraes and two more pavements were constructed at the Quinine,
therefore altering the harmonious relation that existed between the buildings around Pasteur
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Plaza. As the project was supervised by Luiz Moraes himself, the final outcome was still well
composed in its ensemble, though there was a loss in the relation between the previously existing
scale and volume. A thorough observation of the currently existing façades and some internal
construction details reveals the differences between the original floors and those that were added.
This construction works also made changes on the staircase column and the placement of toilets.
This would be one of the last participations of Luiz Moraes Junior at Fiocruz [3].
The construction of the old refectory and the Adolfo Lutz Pavilion (1949-1953) also altered
the ambience of Manguinhos Historical Architectural Ensemble, due to the styles and
construction materials used, and moreover due to the proximity with it. The construction of
Carlos Chagas Pavilion (1944−1950), Bio-Manguinhos (1956−1965) and Leônidas Deane (from
1956 onwards), despite not being direct interventions in this historical ensemble, did in fact alter
its relation with the surroundings. The Carlos Chagas Pavilion disputes the silhouette and
partially blocks some of the main lines of sight of the architectural ensemble, namely the sight
from the bordering Avenida Brasil (Brazil Avenue, a main highway in the city of Rio de Janeiro)
direction south, and the sight from the road from Ilha do Fundão (Fundão Island) in Manguinhos
direction. The Bio-Manguinhos building disputes the silhouette and partially blocks the line of
site of the architectural ensemble of those who drive on Brazil Avenue direction north [4]. The
Leônidas Deane Pavilion was designed with modern and ample installations to substitute the
current Evandro Chagas Hospital, which since the 1930s had shown signs of being too small for
the scientific researches in the experimental medicine. The new building was conceived with
volumes in not much elaborate proportions, non-harmonious, and it was incorrectly placed. Its
large dimensions are incompatible with its setting on the hilltop and there is an excessive
proximity to Evandro Chagas Hospital, since its ground floor is too near from the old building.
The Seawater Aquarium lost its function with the construction of Brazil Avenue (1939-1946)
when the connection with the sea through an earthenware pipe was interrupted; since then it
turned into ruins and was demolished probably in 1958. In 1962, the Gomes de Farias Pavilion
was constructed over the ruins of the aquarium, with no concern about its adequacy to the built
environment. On the contrary, with its architectural characteristics and placement, it altered the
ambience of Manguinhos Historical Architectural Ensemble. Another incorrect intervention
carried out in the 1960s was the construction of an energy substation next to the Clock Pavilion.

Figure 3. Manguinhos Historical Architectural Ensemble. From left to right: Saltwater Aquarium, Horse Stables
Pavilion, Tea House annex, above Quinine and Moorish Pavilion (n.d.). DAD-COC-Fiocruz. Photograph by J. Pinto.
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The institutional crisis during the military dictatorship (1964-1985) that in the 1960s
culminated in the abrogation of ten scientists also affected Manguinhos campus’ buildings,
which became totally disregarded, some of them in ruins, remaining virtually only deteriorated
service networks and obsolete equipment [7]. In December 1977, several pavilions were
retrieved and re-inaugurated, among which the Quinine and the Vaccine Pavilion, this one
adapted to become the Residential Village, currently known as the Yellow House. In this period,
the Didactic Historical Museum was created; it was placed on the first floor of the Moorish
Pavilion and was not conceived and implemented according to modern museology criteria.
PROTECTION MEASURES
INTERVENTIONS

AND

RESTAURATION

AND

CONSERVATION

In January 1981 the Ministry of Culture homologated the process of heritage listing of
Manguinhos Historical Architectural Ensemble through the Institute of Historical and Artistic
National Heritage (IPHAN), at that time Secretary of Historical and Artistic National Heritage
(SPHAN) [4]. This listed ensemble comprises the Moorish, Plague, Horse Stables Pavilions; the
Pigeonry; and Evandro Chagas Hospital. In 1986, there was the demarcation of an extensive
green and environment preservation area in the surroundings of this architectural ensemble.
In 1985, with the re-democratization occurring in the country, the institute started a process of
revitalization and democratization through the creation of new scientific-technological unities
and the introduction of a new management model, since then characterized as democratic and
participative. The unity named Oswaldo Cruz House (COC) was created in 1985 with the
purpose of retrieving and preserving the memory of biomedical and health science in Brazil, the
development of historical research and museology activities, and the restauration and
conservation of the historical architectural heritage of Fiocruz [3].

Figure 4. Interventions on the Manguinhos Historical Architectural Ensemble. From left to right: metallic structure,
ornaments made of cement and sand, drawings of the façades, and ornaments of the towers of the Moorish Pavilion
(1990s). DPH-COC-Fiocruz archives. Photograph by Benedito Tadeu de Oliveira
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With the creation of Oswaldo Cruz House (COC) http://www.coc.fiocruz.br/index.php/pt/, the
Clock Pavilion was renovated in order to become the seat of the unity; the Didactic Museum was
transferred from the first floor of the Moorish Pavilion to the Horse Stables. In 1989, due to the
increasing restoration works after the institution was listed as National Heritage, the Department
of Historical Heritage (DPH) of COC was created and became responsible for the conservation,
restoration and valorization of the historical architectural heritage of Fiocruz, in conformity with
the modern principles of cultural goods safeguarding. The DPH also became responsible for
researches on the relationship between heritage, architecture, urbanism, and health considering
the historical and technological dimensions. Following a global planning, the stages of this work
have been carried out according to financial resources availability and priorities established
under criteria regarding safety and integrity of the materials [3].
The DPH is responsible for the implementation of preservation projects that are based on the
outcomes of historical, stylistic, techniques and materials researches; mapping of damages,
diagnoses and intervention methodology; supervision of conservation works, coordination of the
systematics of preventive and corrective conservation, adaptation of spaces for new functions;
development of a program of education and capacitation of skilled workers in the traditional arts
and crafts in the area of cultural heritage conservation.
The different degradation degrees of Manguinhos Historical Architectural Ensemble occurred
due to the following factors: wear and degradation of construction materials, lack of preventive
maintenance, and wrong interventions suffered along the years. There was no major use
incompatibility in these buildings; therefore, this was not an important factor for the degradation
[8]. In general lines, the restoration interventions performed on the buildings of Manguinhos
Historical Architectural Ensemble were as follows: impermeabilization and restoration of roofterraces; treatment and reinforcement of metallic structures; restoration of ornaments made of
cement and sand, restoration of wall tiles; wall painting restoration; restoration and gaps filling
on original coverings; restoration of metallic and wooden windows and doors; substitution of
hydro-sanitary, telephone, and electrical installations, and installation of central air-conditioning
system, all in compliance with listed buildings[8].
The development of COC, with activities in the areas of research, archive and scientific
museum, led DPH’s architects to design new premises, always with the concern of keeping to an
architectural language in harmony with the historical buildings.
In the last decade of the 20th century several new buildings were inaugurated at Fiocruz, such
as Manguinhos Library, the Factory of Vaccines, the Reception Center, and the Museum of Life
Pavilions. http://www.museudavida.fiocruz.br/
The Museum of Life was created by Oswaldo Cruz House in 1993 with the objective of
bringing science nearer to the population and broadening science and health education to the
public, by stimulating the understanding and participation in scientific and sanitarian issues.
There is a peculiarity in the fact that the museum is inside Fiocruz campus, which is a scientific
structure par excellence. This insertion enables the reflection on historical, territorial and cultural
references of the institution’s community of scientists and technicians, counting on the vast
knowledge produced in its laboratories and scientific collections.
The inauguration of the Museum of Life was in May 1999, opening the celebrations of the
Centenary of Fiocruz; since then it has been attracting hundreds of visitors monthly. The first
circuit is made on the ‘Train of Science’, circulating through the following spaces: Reception
Center, Science Park, Pyramid, Epidaurus, Butterflies Vivarium, Science on Scene Tent,
Temporary Exhibitions Room, Horse Stables Pavilion, Clock Pavilion and Moorish Pavilion.
The construction of the new buildings within the listed perimeter raised the concern about
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their adequacy to Manguinhos architectural universe; several constructive techniques were
adopted, with the use of steel structural profiles, ceramic bricks on walls as finishing material,
ceramic tiles on roof coverages, and the option of designing semi-underground constructions as
not to interfere with the visibility of the listed buildings.
At the Reception Center of the Museum of Life there was an attempt to refer to Luiz de
Moraes Junior’s architecture, adopting a contemporary architectural language but using
construction materials as granite and Portuguese stonework on pedestrian pavements,
architectural elements as a clock tower, solutions as the wall panel mosaic by the Brazilian artist
Glauco Rodrigues portraying historic moments of Fiocruz, besides constructive systems similar
to those used on the early 20th century buildings [9]. The final outcome has a good insertion in
the surrounding environment and dialogs with Manguinhos Historical Architectural Ensemble.
The building is inspired on the railway stations architecture of the 19th century, there is a
predominance of empty over full wall-surfaces, and the project’s strength is on the steel structure
with simple and functional design. The adoption of the architectural language of railway stations
is due to the fact that visitors are transported to the other Museum of Life pavilions on a stylized
train on wheels. Another intervention made with the same concern is the Annex of the Horse
Stables, which is part of the Space of Biodiscovery. The Annex’s façades have similarities with
the Horse Stables Pavilion in the shape of the openings, treatment of surfaces and construction
materials. The new construction was built below the level of the Horse Stables with the purpose
of not interfering with its architectural sight, and vegetation was planted on the roof-terrace to
integrate it with the environment.
In parallel with the construction works of the facilities needed to meet the new demands for
space, Fiocruz continued to carry out the program of restoration and conservation of the
Manguinhos Historical Architectural Ensemble, with the support of all the presidencies of the
institution from 1987 onwards. Restoration works included the verandas of Evandro Chagas
Hospital, façades of the Quinine, and the entirety of the Pigeonry, the Horse Stables and the
Clock Pavilion [10]. In 1995, on the centenary of death of the French scientist Louis Pasteur, the
monumental illumination of Manguinhos Historical Architectural Ensemble was inaugurated, as
well as the restoration works of Pasteur Plaza.
Due to the dimensions and architectural characteristics, the Moorish Pavilion requires
complex interventions, which were initiated in 1987 and continue to be carried out in the present;
the works have considered the availability of free spaces and the degree of urgency of
interventions [11]. The restoration of the Moorish Pavilion, which is occupied by of Presidency
of Fiocruz, has always been carried out by parts, equivalent to the half floor area, which are
released and occupied successively shortly after completion of the works. The most complex
interventions were those of the restoration of crenels and turrets, and of the north and south bow
windows, which required the removal of the ornaments for the treatment of the metallic
structures. The restoration works of the Moorish Pavilion, which is occupied by the Presidency
of Fiocruz, have been carried out in parts and will be the object of future specific publication.
There are reports of all the interventions, illustrated with photographs, historical documentation,
and are registered on U-matic with statements of technicians and crafts workers involved in the
works. The full restoration project comprises architectural survey, mapping of damages, analysis
of construction materials, study of deterioration causes, diagnosis, and intervention project [12].
In 1998 the actions of cultural heritage preservation of Fiocruz were extended to the
modernist pavilions. In that year, the Central Refectory and the Pavilion of Courses, designed by
architect Jorge Ferreira, were listed by the Institute of Cultural Heritage of the State of Rio de
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Figure 5. Interventions on the Manguinhos Historical Architectural Ensemble.From left to right: Clock Pavilion,
Quinine, Moorish Pavilion and Horse Stables Pavilion (1990s). DPH-COC-Fiocruz archives. Photograph by
Benedito Tadeu de Oliveira.

Janeiro (INEPAC/RJ). The restoration of the wall tiles panel created by Burle Marx at the
Pavilion of Courses was the first intervention, carried out from 2016 onwards.
Despite the accelerated process of constructions in Fiocruz in the 1990s, the area delimitated
in 1986 was virtually preserved. The few interventions carried out respected the surrounding
environment and the historical heritage.
4. CONCLUSIONS

The Oswaldo Cruz Foundation, linked to the Ministry of Health, is the largest biomedical
research institution in Latin America and it is internationally recognized. It is a public and
strategic health institution, with the following missions: to produce, disseminate and share
knowledge and technology directed to the strengthening and consolidation of the Brazilian
Unified Health System (SUS). The defense of the right to health and to ample citizenship is a
central value of Fiocruz.
The campus of Oswaldo Cruz Foundation, comprising approximately 850,000 m2, is a large
green area which presently has circa 160 buildings, with significant architectural examples of
various periods. But it is the Manguinhos Historical Architectural Ensemble, especially the
Moorish Pavilion, the institution’s highest symbol, which remains as the highlight in the Cultural
Landscape of Fiocruz. Several factors have contributed to the preservation of the architectural
ensemble, such as the solidity of the constructions ensured by the construction systems and
materials used; the symbolism of the buildings that was consolidated during almost 120 years of
existence of Fiocruz; and the care of the institution with its cultural heritage.
The creation of Oswaldo Cruz House, dedicated to the activities of research, education,
documentation and diffusion of the history of public health and biomedical sciences in Brazil,
was fundamental to the preservation of Fiocruz’s memory. Other Brazilian institutions initiated
and implemented some cultural preservation actions, but for different reasons they were not as
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successful as Fiocruz, which is currently a reference in its purpose and original areas of
activities, but also in the preservation of Brazilian cultural heritage.
The creation of the Department of Historical Heritage (DPH) within Oswaldo Cruz House
(COC) has been of utmost importance for the preservation of Manguinhos Architectural
Complex, which gathers historical, cultural, and scientific values to apply as a candidate as
UNESCO World Cultural Heritage.

Figure 6. Aerial view of Fiocruz campus (c. 2000). CCS-Fiocruz archives.
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Abstract. The protection of the built and archaeological heritage is an increasingly debated
topic in recent years. In order to protect these valuable historic structures and preserve them
for the future, holistic approaches are necessary. These generally involves a wide range of
specialists and collaborators, multidisciplinary way of developing conservation strategies,
while maintaining their original features.
However, recent studies highlight the fact that the management of heritage sites and buildings
is far more than the simple aesthetic and structural repair. It means acknowledging the role of
societies and communities in maintaining the importance of these structures and the risk of
environmental factors (climate change challenges or earthquake risk) on their state of
conservation and the effect of unauthorized interventions over time.
Therefore, based on the case study of Orastioara, a commune in Hunedoara County, Romania,
where 3 UNESCO heritage sites (from a total of 6 UNESCO sites in the area) can be found and
numerous monuments of national and local importance, the study is presenting the challenges
encountered during the development of the general urban plan of the commune, in relation with
all the establishments that conserve Dacian fortresses – sites UNESCO; and also a proposal
for the future management plan of the protected sites. Since the heritage structures have been
neglected over the years, the paper comprises a general overview of the complexity of the
developed conservation strategy, in order to be able to manage the heritage structures while
taking the particularities of their context into consideration.
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1

INTRODUCTION

UNESCO has established, since 1972, a framework for the protection and conservation
of cultural and natural heritage and the world heritage list. To these treaties over the years, some
particularly important documents, such as Nara Document of Authenticity, were added. To
these, 193 states joined including Romania. What was emphasized by this, was that the cultural
heritage exceeds the borders of an area or country, standing out in certain cases by exceptional
values. These sites are part of everyone's heritage.
1.1 UNESCO sites in Romania
According to the latest statistics from the UNESCO site, there are 1221 cultural and natural
heritage sites, with an unequal distribution across continents. Associated with them are many
debates because even if they are under extraordinary protection, their threat continues to be
imminent. The concepts always taken into consideration are: protection, preservation of
authenticity, integration of heritage in context, management and promotion.
Romania joined the World Heritage Convention in 1990, but the actual implementation
began to take place only in 2000, when a legislative document was issued regarding the
establishment of measures for the protection of historical monuments belonging to the World
Heritage List. In the last years, Romania has elaborated various laws and rules of management
of the UNESCO heritage, but surely any procedure can be improved.
By 2017, Romania has registered eight sites: (1) Danube Delta (1991, natural site), (2) Beech
and virgin forests in the Carpathians and other regions of Europe (2017, natural site), (3)
Moldova’s Churches (1993), (4) Horezu Monastery (1993), (5) The villages with fortified
churches in Transylvania (1993), (6) The Dacian Fortresses from the Orastie Mountains (1999),
(7) The historical centre of Sighisoara (1999) and (8) The wooden churches from Maramureș
(1999). Regarding Romania, there is also an indicative list, completed in 2017 by the National
Institute of Heritage, which includes 18 cultural sites and a natural one [1]. UNESCO sites in
Romania are monitored periodically and are decisive territorial factors when developing new
General Urban Plans.
1.2 The Orăștioara commune
In such a situation is the Orăștioara commune, situated in the east of the Hunedoara county.
The commune is formed by eight villages: Bucium, Costești, Costești – Deal, Grădiștea de
Munte, Ludeștii de Jos, Ludeștii de Sus, Ocolișu Mic și Orăștioara de Sus (being the main
component village). It has 2079 inhabitants. Within the administrative territory of the
commune, there are three UNESCO sites (from a total of 6 Dacian Fortresses from the Orastie
Mountains) – that must be integrated and highlighted in the next general urban plan. Their
integration implies a proactive management, plan not easy to do in a small commune with a
low financial income. In this situation are all the establishments included in this UNESCO
Dacian archaeological site.
From this point of view, the realization of the plan should take into account all the six
UNESCO sites – Dacian fortresses existing in the area (commune Orăștioara de Sus –
Sarmizegetusa Regia site, Costești – Cetățuie site, Costești – Blidaru site; commune Săsciori –
Căpâlna site; commune Bănița – Bănița site; commune Boșorod – Luncani site). This UNESCO
landscape covers two counties: Hunedoara and Alba.
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The establishments and their archaeological sites are situated in the cultural landscape
geographically determined by the Șureanu Mountains and the Orăștie river, therefore in a very
powerful context from a historical, architectural, archaeological and natural point of view.
1.3 Cultural framing and significance of the Dacian Fortresses from the Orastiei
Mountains
Of all the Romanian UNESCO sites, the Dacian Fortresses from the Orăștie Mountains are
the only ones that best preserve and highlight the roots and formative evolution of the Romanian
people. The name Dacia was mentioned for the first time during the reign of Emperor Augustus,
in the writings of M. Vipsanius Agrippa (De mensuratio provinciarum). All ancient authors
(Pliny the Eider and Tacitus) considered Dacia to be in the north - Danubian territories (Figure
1a). The Hercynian Forest was considered the northern boundary of the territory inhabited by
the Dacians (Julius Caesar, De bello Gall.), an opinion sustained as well by Strabon's writings.
Throughout the former Dacian territory, there are indications of a high-level civilization.
Between 100 in. - 106 AD, during the classic period of the Geto-Dacian civilization, the Dacian
state formed in the Orăștie Mountains, with the capital at Sarmizegetusa Regia (the city from
Grădiștea Muncelului). Oltenia, Banat and central Transylvania were part of the Dacian state.
In 82 BC - Burebista's era. The most important leader of the Dacians was Burebista, which
was made king of a large territory and “(…) the first and the greatest of the Thracian kings,
ruler of all the lands and thither the Danube (IGB, I2 13). in 44 B.C. In his time fortresses were
built with squared stone walls in the area of the Șureanu Mountains, approx. 70 fortifications
in Dacia (among which: Blidaru, Piatra Roșie, Costești, etc.).
After 44 BC - the kingdom is breaking down. The settlement from Sarmizegetusa becomes
more important, and the population's residence move here.
Towards the end of the 1st century, in this region at least four important settlements are
mentioned: Costesti, Ceata, Fețele Albe, Sarmizegetusa Regia, numerous scattered households
and seasonal settlements from Rudele, Tâmpu and Meleia.
In 88 the Dacians are defeated at Tapea, and in 98 the emperor Traian denounces peace.
101 - 102 is the period of the first Dacian war. This first war resulted in the conquest of the
Costești - Cetățuie fortresses, the siege of Blidaru fortress and Fețele Albe.
105 - 106 is the period of the second Dacian war. This second war ends with the burning of
the fortresses Piatra Roșie, Blidaru, Cetățuie, Hulpe peak and the settlements in Costești, Ceata,
Fețele Albe. The king Decebal commits suicide at Ranisstorum.
106 - 271 is the period of the Roman conquest when the infrastructure of the territory was
strengthened, the capital of the new provinces was founded (Colonia Ulpia Traiana Augusta
Dacica), Trajan's column was inaugurated in Rome.
At the time of the Roman conquest, a whole series of cities, temples, urban settlements and
fortifications were destroyed. The population was mostly relocated to what is now called the
Hateg Depression, where a new city - Sarmizegetusa (Ulpia Traiana) was built. Mostly on the
territory occupied by the Dacians, the Roman army left a population of shepherds and
subsistence farmers. Roman garrisons were installed at the most important points. After the
withdrawal of the Roman administration, this area was characterized by a rather rural
population.

1537

Gabriela Pașcu, Alexandra Keller and Catalina Bocan

a)

b)
Figure 1: a) Map of Dacia, under king Burebista; b) Murus Dacicus (after [2])

Following this short historical thread, it was observed that the fortresses from Orăștie
Mountains were built to defend the territory against the Romans. Based on existing documents
and existing research (which is an ongoing process), the following conclusions can be drawn
about the character and role of each fortress.
• Costești – Cetățuie and its civil settlement. It’s the oldest fortress discovered in Orăștie
Mountains, dated by the researchers between 2nd century B.C. and the beginning of the
following century.
• Sarmizegetusa Regia. It became the capital of the Dacian territory, but there is also a
hypothesis, according to which, in the same place, before the development of Sarmizegetusa,
in the first half of the I century B.C, a cult centre existed, named The Holy Mountain of the
Dacians (Kogaionon).
• Costești – Blidaru and Luncani – Piatra Roșie were considered to be residences of high
military leaders, built in a Hellenistic style (like Costești – Cetățuie).
• Bănița and Capâlna – “(…) were annexed to the fortress ensemble from Orăștie
Mountains, as an outpost of the defensive system of the Dacian capital.” [2].
These fortresses with stone enclosure walls, represented at the end and of the first Christian
era, one of the greatest and most important achievements of the military architecture, outside
the Roman Empire.
2 THE CONTEXT OF THE ORAȘTIEI MOUNTAINS AND THE LOCATION
ARGUMENTS OF THE FORTRESS IN THIS AREA
This densification of the fortresses and settlements in this area is due to the peculiarities of
the Șureanu Mountains, more specific the Orăștie Mountains. They are in the southern part of
the Mureș Pass and are formed of medium mountains, forested, with narrow valleys, branched
and twisted (Figure 2). This whole framework made the region difficult to reach, and therefore
provided the cities and settlements an additional defence. At the same time, the Șureanu
Mountains have a depressing border with valleys and peaks favourable for living and the best
agricultural lands and communication channels. The villages from the valleys, lived in close
collaboration with the mountain settlements, between them being a permanent exchange and
valorisation of resources.
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b)

a)

c)
Figure 2: a) Present urbanistic context and UNESCO site position [3]; b) The Orăștie Mountains – the
landscape context of Dacian fortresses (© Gabriela Pașcu); c) Orăștioara de Sus village (© Gabriela Pașcu).

Apart from the geographical features of the area, the main argument for the development of
Dacian settlements is the presence of iron deposits, the only place of this type known to the
Dacians. Other arguments would be the temperatures, which are 1 - 3 degrees higher, compared
to the other points of the mountains, easy connections through the hydrographic network with
the other areas and the arrangement of the valleys, which allowed simultaneous access to the
northern lanes and communication paths [4].
These fortresses were well organized. The main access in the region was dominated and
controlled by the main habitat, Sarmizegetusa, located on the top of Grădiștea Hill (part of the
Godeanu massif) at 1200 m altitude. From these, a series of fortresses and defence towers
continued upstream Apa Grădiștei river. Of these, the most important were the Costești Cetățuie
and Costești – Blidaru fortresses. The northeast access was defended by Cugir and Grădiștea
de Munte (Vârful lui Hulpe fortification). The fortress Capâlna was also a part of the group
being situated in Sebeș Valley. From the south-west, a possible attack was stoped and spot out
from the Cioclovina – Ponorici fortification; and from the south-east by Luncani – Piatra Roșie
fortress. Another pass was possible through the Vâlcan and Merișor, but these routes were
monitored by the Bănița fortress.
The only way left without enough defence to Sarmizegetusa – Grădiștea de Munte was a
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very difficult one (downstream the valley of Jiu river) and for this reason, it has been used by
the Roman army in the 101 – 102 war. The connection between the fortresses was assured by a
very complex network of surveillance towers and residence points. All this system of
approximately 150 km2, was built to protect the Dacian Kingdom centre of power –
Sarmizegetusa Regia.
2.1 The historical – urban, architectural and structural features of the sites
The site Grădiștea Muncelului – Sarmizegestusa Regia (village Grădiștea de Munte) is
today a site is the property of the Romanian state, through the national management of forests
and is part of the administrative territory of Oraștioara de Sus settlement (Figure 3).
The first information about the ruins from Grădiştea de Munte date from the beginning of
the 19th century, when the Austrian administration sent representatives to investigate the
phenomenon of the emergence of precious metal treasures in the area. The imperial envoys
recorded in their official reports the existence of the fortification and of several stone
constructions, besides the numerous pieces discovered. During the 19th century, Grădiştea de
Munte came to the attention of scholars and antique collectors. Some of them also dug at
different points of the ancient settlement. The first systematic excavations began after World
War I, in 1922-1924, when the professor D. M. Teodorescu investigated the fortification and
the large circular temple. In 1950 he started the archaeological research project of the site, under
the leadership of Professor Constantin Daicoviciu. Since then, fortification elements, cult
buildings, metallurgical workshops, water collection and distribution facilities, houses and their
annexes have been brought to light [5].
The site can be recognized as an ancient city due to its important religious and defensive
character. At the beginning, it had a symbolic and religious value, but in time it grew to have
an important economic and defensive role. It is approximated by researchers to have had about
5000 inhabitants. Concerning the urban and architectural characteristics “[…] terraces
flourishing workshops, imposing and monumental sanctuaries, strong and domineering walls
rising out of the rock of the mountains, all that looked very imposing at the moment of Roman
conquest” [2]. The urban structure was coherent and developed for emphasizing the important
constructions of the settlement, without conflicting with the natural characteristics of the site.
All the edifices were constructed on artificial terraces (approximately 100) on almost 6 km
distance. The defensive walls were hundreds of meters long and 10-12 m high and were built
in murus Dacicus technique – “double regularly-shaped blocks walls with emplecton” [2].
In the present the site is composed of 1. the Dacian fortress, 2. the sacred area, 3. circular
sanctuaries with a central alter-chamber; 4. the cult altar; 5. circular sanctuaries; 6. rectangular
sanctuaries of the alignment type with limestone plinths and andesite plinths; 7. the civil
settlements; the ancient road system and water adductions.
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a)
b)
Figure 3: a) Archaeological site Grădiștea Muncelului; b) Aerial image of the site Grădiștea Muncelului (after
[2])

The Costești Cetățuie fortress is situated in the Orastioara de Sus settlement, in the Costesti
village, on the left bank of the Apa Orasului river. It had the role of controlling the direct route
to the capital of the Dacian Kingdom, Sarmizegetusa Regia (Figure 4a).
This fortress illustrates the evolution of fortifications made by earthen walls, palisades and
ditches, to the fortifications with double stone walls faced enclosures of Hellenistic inspiration.
The superior plateau was protected by an earth wall and was dominated by two massive
dwelling towers (palatial towers). The access to the dwelling towers was done through a
monumental stairway (3.20 m wide). The site also includes four sanctuaries.
The Costesti Blidaru fortress is situated on a hill with a 705 m altitude with a large view to
the valley of the Mureș river and Sarmizegetusa Regia. From an archaeological point of view,
it has a geometrical composition organised around a central element – the dwelling tower
(Figure 4b).
The Luncani – Piatra Roșie fortress is situated in the Luncani village, Bosorod commune,
on the top of the hill bearing the same name. The structure of the defensive elements is of the
Hellenistic model and it has inside dimensions of 4.52x5 m and 3.12x3.12 m. The site is
composed by the fortifications, five towers, three gates and several edifices (Figure 5a).
The Bănița fortress is situated in the Hunedoara county, in the commune having the same
name. The fortress was built on a raised land called “Dealul Bolii” or “Piatra Cetatii” with a
height of 904 m. The fortress is almost inaccessible. This fortification is composed of a series
of military construction: enclosure walls, towers, battle platforms, defence banks, etc., built
with stone, wood or earth. The first fortification is the 115 m long wall, 2 m thick, using the
murus Dacicus technique. The research on this fortress demonstrates its long existence, even
without a dominant civilian character (Figure 5b).
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a)
b)
Figure 4: a) Plan of the archeological site Costești Cetățuie; b) Plan of the archeological site Costești Blidaru
(after [2])

a)
b)
Figure 5: a) Plan of archeological site Luncani – Piatra Roșie; b) Plan of archeological site Bănița (after [2])

The Căpâlna fortress is situated in the valley of the Sebeș River (Căpâlna village) – Săsciori
commune, department Alba. It has an isolated position, far from the other Dacian fortresses.
The archaeological studies began in the inter-war period. For a good functioning of the fortress,
she was placed on the top of Dealul Cetății. For this, terracing works were done on the cliff.
This fortress had the role of blocking any access from the east towards Sarmizegetusa Regia.
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The plan of the fortification is composed of a ditch, two banks, a dwelling tower and an
enclosure (Figure 6).

a)

b)
Figure 6: a) Plan of archaeological site Căpâlna.; b) Photographic restitution of Căpâlna site (after [2])

2.2. Current context and site problems
Studies and fieldwork concerning the heritage sites in the Orastie mountains, highlight that
there are a series of factors which currently affect the integrity of the sites, but are not brought
forward in the various reports concerning the state of conservation of the sites. Besides
meteorological factors which are leading to the erosion of the soil around the sites, there are a
series of factors related to the general management which ultimately lead to the degradation of
the archaeological heritage. Animal grazing and hay growing in the site area (Figure 7a), illegal
archaeological diggings, theft, and unsupervised tourism leading to the vandalization of the
sites (Figure 7b) and have the most important impact on their state of conservation [1]. Vitalie
Barca is also highlighting the fact that these sites are in a bad state of conservation mainly due
to the lack of any short or long-term management plan and that it is important to find solutions
soon in order to be able to preserve their value for the future [6].
Studies in recent years concerning the management of heritage structures highlight that
heritage management must be approached from a multi and interdisciplinary point of view, thus
highlighting its holistic nature [7]. Still, they also bring forward that heritage management is
not only connected to the preservation of the tangible and intangible value of the site but should
also involve local communities [8]. The involvement of local communities and various
stakeholders is also highly recommended by the UNESCO Operational Guidelines for the
Implementation of the World Heritage Convention [9].
Therefore, it is of utmost importance to develop a comprehensive management plan for the
heritage sites from the Orastie mountains sites which could bring forward the significant
historical and cultural value of the area and highlight the importance of the sites in the history
of Dacian architecture. In the same time, they should ensure the protection of the sites on the
short, medium and long-term and be able to evolve and adapt according to continuous studies
and investigations of the state of conservation of the sites and current and future threats.
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a)
b)
Figure 7: Signs of poor management of the heritage sites (a) Haystacks near the archaeological structures; b)
vandalization of the heritage site)

3

MANAGEMENT PROPOSAL

The management plan imagined for these UNESCO sites aims to safeguard the outstanding
universal value of the archaeological sites, their authenticity and integrity (Table 1). It must be
planned both for short term (2 – 5 years) and long term (5 – 30 years). The management plan
should be an agreement between all the specialists implicated in the general urban plan of
Orăștioara de Sus, Boșorod, Bănița and Săsciori; and in the management plan of the UNESCO
sites. Among them are: Romanian Ministry of Culture, local administrations (Orăștioara de Sus,
Boșgorod, Bănița and Săsciori), Faculty of Architecture and Urban Planning Timișoara, County
Council Hunedoara and Alba, National Heritage Institute, the administration of Natural Park
Grădiștea Muncelului – Cioclovina, Museum of Dacian and Roman Civilisation Deva).
The purpose of this management plan for the Dacian Fortresses from the Orăștie Mountains
has the purpose of enhancement and integrity conservation. The objectives proposed for the
achievement of the purpose must be clearly formulated, so that they can be checked. For every
objective, measures must be specified, and their implementation monitored.
Therefore, the following objectives are considered:
1. Management and identification.
(The local communities are supporting the safeguarding and further development of the
world heritage, but need to be informed about the urban and architectural actions
accepted in these parameters)
2. Protection and conservation of sites and landscapes integrity.
(The Dacian fortresses are preserved as an integral historical complex located in the
cultural landscape of Orăștie Mountains – that must be preserved as well)
3. Sustainable use.
(All sites have problems of accessibility, maintenance, minimal weather protection and
accessible information’s about their extraordinary value. Solving them could mean that
the UNESCO site can become an engine for development and improved quality of life)
The basically principals applied are preventive protection, best use of existing laws and
responsibilities, participation of the population, sustainable use of the sites, raising awareness
and acceptance with respect [10].
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Table 1: Overview of the management plan

OBJECTIVES
Actors

1.MANAGEMENT
AND
IDENTIFICATION

Monuments 2.PROTECTION
, sites and
AND
landscapes CONSERVATION
OF SITES AND
LANDSCAPE
INTEGRITY

Function
and use

5

3.SUSTAINABLE
USE

MEASURES
2 – 5 years
1.1 Establishment
of a management
structure.
1.2 Establishment
of effective
communication.
1.3 Establishment
of a monitoring
team.
1.4 Providing
information,
representing and
communicating.
2.1 Coordinating
and updating.
2.2 Restauration
and maintenance.
2.3. Establishment
of protection zones
and protected
context.
2.4. Establishment
of a regulation for
architectural and
landscape
intervention in the
protected context.
3.1 Assurance of a
better accessibility.
3.2 Tourism
organisation.

TASKS

MEASURES
5–30 years
Overall
• Overall
responsibility and
responsibility
and coordination. coordination.
Financing.
• Financing.
Monitoring and
• Monitoring and
updating.
updating.
Periodic inform of
• Periodic inform
all the actors.
of all the actors.
Activation of
• Activation of
volunteers for
volunteers for
monitoring.
monitoring.
• Creation of a
site.
Coordinating and
• Monitoring of
updating.
restauration and
Maintenance.
action
maintenance.
• Preparation of a
written
regulation.
• Monitoring of
the regulation
implementation.
• Witness photos
• Inspection
• Infrastructure
improvement.
• Marked touristic
routes and
information
panels.
• Day tourism.
• Overnight stays.
• Guided tours.

Day tourism.
Overnight stays.
Guided tours.

CONCLUSIONS

The purpose of this article is to point out the history and the importance of Dacian fortresses
– UNESCO sites from Orăștie Mountains. To achieve this purpose the importance of these sites
at national and international level, their historical evolution and urban, architectural and
structural characteristics were highlighted. Based on this information and research, a
management scheme was proposed with three major pillars (management and identification;
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protection and conservation; use) with clear tasks to monitor for goals achievements. This plan
was designed to fully respect the current UNESCO principles and guidelines concerning the
protection of valuable heritage structures while also taking current and future threads to these
structures into consideration.
The research and the work for the urban general plan and management plan are on-going,
but in the future their will follow and maintain the scheme presented above. This management
scheme aims to transform these sites of extraordinary value into engines for community
development in which they are located, through a sustainable tourism and not aggressive one,
because in the present, their enhancement is minimal compared to their importance.
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Abstract. Many examples of archaeological shelters can be found over sites and a wide
range of literature illustrates their features. However, it seems that only a few have passed
through a proper assessment phase of their effectiveness and compatibility to the
archaeological remains. which is mainly due to proper detailing of the building solution in
respect of general conservation criteria. Furthermore, in some cases, shelters have proven to
worsen environmental conditions that they are supposed to protect. In this paper design criteria
for archaeological shelters are proposed, in respect of the three main themes recognized as
crucial: general architectural quality, conservation effectiveness, structural and functional
detailing. To deal with the wide range of cases where such criteria must be applied, an
innovative tool providing the desired flexibility in the design procedure is taken into
consideration. Algorithmic modelling in Grasshopper environment, a plugin for Rhinoceros 3D
software, offers the required features thanks to a linear workflow, where the general
characteristics of the structure as far as its structural details can be implemented. Every
element is represented by a set of parameters in the plugin rather than a single object in the
‘parent’ modelling tool, thus allowing easy change to the design. Other plugins provide
additional tools for specific tasks, such as finite element analysis, safety verifications and
structural optimization. The paper presents the methodology for the implementation of the
entire workflow and the preliminary assessment of its results, from the structural and
architectural point of view, showing good adaptability to several possible design choices
(position of pillars, truss number, roof pitch, etc.). Structural optimization is also executed. The
future implementation of environmental parameters (e.g. daylight, ventilation, temperature), as
an additional set of restraints, will complete the framework on which a final assessment will
take place.
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1

INTRODUCTION

The sheltering of archaeological sites has recently been considered more a consolidated
practice than the correct response to a clearly stated problem [1]. In fact, shelters, open on the
sides, are perceived as less demanding in terms of design and visually less intrusive in
archaeological contexts than enclosures. Conversely, enclosures, which are ‘permanent’
structures completely confined by the means of a roof and walls, are completely designed and,
as they encapsulate the vestiges, they substantially alter the perception of the ruins (Fig. 1).
Shelters are specifically used for extensive archaeological sites where they cover limited
portions of them, like a single house or a few rooms with fragile finishings such as mosaics or
paintings. Enclosures are of their most effective with punctual and isolated remains [2].

a.
Figure 1: archaeological shelter (a, Civita Atripalda, Avellino, Italy) and archaeological enclosure (b,
Vesunna Museum by Jean Nouvel, Periguex, France)

As the following paragraphs will show, the design of those structures is delicate and
complex. Two reasons may me stated for that: i) the contradictory nature of the many rules
governing shelters’ design; ii) the number of rules which must be satisfied: using a traditional
‘trial and error’ procedure, the ‘mechanical’ part of the work would be so great that it would
impracticable to manage by a single designer/modeller. As a consequence, those rules or
‘criteria’ should enter a procedure where someone else, say a computer, creates the shape by
combining the values that the rules may assume. To that end, the designer should transform the
modelling procedure, that is the steps he makes into a modelling software to obtain a specific
form, and even the engineering part of the process, that is the structural calculations and
verifications, into an algorithm which the computer may follow. The rules become the input
variables of the algorithm, but, since many vary within a range, they are better defined as
‘parameters’. The computer may then repeat again and again the algorithm in order to find the
best solution, the optimum; which is a compromise between the most important criteria.
The paper presents a brief insight (§2) on the reasons of in situ archaeological conservations,
the problems that this choice creates, and the criteria that may be used for shelters’ design, from
an architectural and a structural point of view.
Those criteria are transformed into the input parameters of an algorithm (§ 3), which, for the
sake of simplicity, defines a simple structure made of a flat grid of trusses supported by four
pillars. Notwithstanding, many other architectural shapes may be defined, such as bidirectional
frames, space frames and gridshells (Fig. 2; [3]). On the resulting prototype an optimization
analysis, in order to find the combination between the structural shapes and the number of
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structural elements is executed (§ 4.2). Finally, each optimized prototype has been calculated
and verified for gravity and progressively imposed loads (§ 4.3).

Figure 2: Examples of architectural shapes which may be defined through algorithmic modelling [3].

2

ON SITE CONSERVATION AND DISPLAY OF ARCHAEOLOGICAL SITES

The sheltering or enclosing of archaeological sites has become a common practice since the
late 1980s, when the act of moving artefacts and decorative materials into museums from the
places where they were found was considered as alteration of the perception of both, the objects
and the architectural fragments left on site [4, 5]. In fact, the former lost the environment which
they were designed for, the latter were stripped of its characteristic elements. In situ
conservation is therefore a powerful means to convey and thus preserve the memories of a
place. The visitors’ experience of the findings in the actual context of their discovery and of the
architecture in its surrounding is an added value which no museum display technique could
substitute [4, 5, 6, 7].
However, preserving in situ archaeological materials, may be they either the vestiges of a
building or objects or tools, imply a much greater effort than that which may be required for a
more traditional museum conservation. In fact, most values in cultural heritage objects deploy
on their surface, that which is also the most exposed to variations in temperature and humidity
that may be attenuated only through conservation in controlled climatic conditions [8, 9].
The commonest causes of decay of archaeological materials left on site come from different
sources [10, 11, 12]: the intrinsic nature of the remains (e.g. stone, wood, masonry, organic
materials, etc.); anthropogenic (e.g. unwise handling of objects; vandalism; war conflict etc.);
biological (e.g. small animals; vegetation); environmental (e.g. precipitations, temperature,
humidity, light and invisible energetic radiation such as ultraviolet and infrared); chemical (e.g.
pollution).
In addition, too often shelters and also enclosures have proved responsible for a negative
impact on the ancient materials from several points of view. Such situations stem from
unfavourable microclimatic conditions determined by the shelter or a premature deterioration
of a shelter’s structure and/or equipment [1, 13, 14]. The inadequacy of management and
development plans on/for the site is another critical factor, which may depend either on the lack
of economic resources needed to run them or on the overexposure of the site to contemporary
human activities (generally tourism) [15, 16].
Notwithstanding, shelters and enclosures are potentially the best option for preserving
archaeological materials since they belong to the field of preventive and corrective measures of
conservation, that is they do not touch the fabric of the vestiges directly but work on their
‘boundary conditions’ [2, 4, 10, 17] while keeping the materials in their original place. In
practice however, it seems that these interventions respond more often to either an immediate
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psychological need to ‘see a roof over the ruins’ or to the taste and interpretation of the designer
[2, 12]. Therefore, they are either the result of an almost non-existent design procedure or a
biased one, where typically more importance is given to formal aspects than conservation. The
abundant literature on the whole subject is of little help, since each scholar suggests different
criteria or puts emphasis on certain aspects according to his/her own sensibility [18].
In the following, an excerpt of the main criteria will be enough to show the complexity of
the subject.
2.1 Decision making in shelter construction
First of all, one has to decide whether a certain archaeological site will be left exposed after
its excavation and documentation. The minimum criteria to support this decision are [19]: a)
the importance of the archaeological materials; b) the potentiality to communicate the meaning
and inform the public about the site; c) the diversity and the attractiveness of the site; d) the
accuracy of the available archaeological documentation; e) the associative potential with similar
monuments; f) a correct assessment of the site’s values. Anyway, the reduction to a ‘standard’
procedure is impossible; for this reason, the choices relating to the archaeological sites are
considered primarily ethical, rather than scientific [20].
Some help may come from looking at the extent of the remains, whether they are ruins and
vestiges, where the former have lost their original unity and are now reduced to some walls
and/or a pavement, while the latter preserve an echo of the original building. As a result, the
former would best be in archaeological documentation, the latter may be recomposed and
reconfigured by a shelter [2]. Also, sheltering, and thus altering, decomposed structures which
have acquired a proper dignity, structural integrity, and a role in the cultural landscape of a
place, would be unjustified [21]. The sheltering may be allowed only if the vestiges are too
fragile to be left exposed and at the same time the informative content, which is already enough
by itself, may be completed by the shelter [22]. In time, the aim of the shelter has changed, from
the museum [23] to the conservation of the fabric [12] and the transmission of values [5]. The
ideal situation may be described as the ‘living building site’, where the information is given to
the public as it is extracted from the ground or it is preserved and the public returns the
archaeologists with moral and economic support. That is, the archaeological site must play an
active role in contemporary society [5, 6, 15, 16].
2.2 Design criteria: general aspects
Since the physical survival of archaeological materials is the main aim of every action taken
on any archaeological site, the shelter should reduce and prevent in the long run its degradation,
since arresting it would be impossible and conceptually wrong [12].
To this end, some authors express criteria and rules for design [24] while others [12] give
indications for assessing the effectiveness of archaeological sheltering which may be translated
in rules for design. Since a summary ‘manual’ many are the sources: i) theoretical approaches
to restoration; ii) practical prescriptions for the conservation of objects and artefacts (see e.g
[11, 25]); iii) indications for in situ conservation of mosaics or adobe structures, which are the
most fragile.
Three main themes may be recognized: general architectural quality, conservation
effectiveness, quality and nature of structural and functional detailing. Researches in
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conservation [7, 10, 12, 26] detail the following criteria:
General restoration: respect for authenticity; recognisability of interventions taken;
reversibility; minimum intervention; the visitor’s ability to understand the ruins;
Conservation: modification of microclimatic conditions; protection from external
climatic agents; flexibility and expandability; natural illumination and ventilation;
control of the vegetation (shadows, added humidity, leaves obstructing drainage
system, roots); efficient drainage system; control of the greenhouse effect; control of
direct illumination of archaeological materials; lateral confinement; lateral overhang;
Formal and architectural: intrusiveness in the archaeological context; distinguishability
from the remains; flexibility and expandability; natural illumination; height; lateral
confinement; transparency; number and placement of bearing structure; quality of
architectural details;
Structural: easy conception and easier installation; simpler structural solutions make it
easier to find spare parts and to execute maintenance; flexibility and expandability;
foundations and footings; type;
Economic and management: the cost of the structural system and of its installation
since they determine reversibility as the willingness to substitute the shelter if it proves
inefficacious; the costs of maintenance; ease of maintenance; the cost for a/c and other
equipment to keep the indoor climate constant; the long-term availability of financial
and human resources to maintain the shelter and to nurture the archaeological site;
Usability: safety of use; safety from intrusions; protection of the visitor from dangerous
parts; protection of the vulnerable parts of the site from the visitors;
2.3 Design criteria: structural aspects
Shelters can be built of a wide range of materials: metal (aluminium or steel) and timber are
the most frequently used for structural purposes. The former may be expensive, especially
aluminium, and both steel and timber have a limited resistance to corrosion and degradation if
left exposed outside with little or no maintenance [27, 28]. For such reasons, the material used
in the present proposal are the glass fiber reinforced polymers (GFPR) in the shape of pultruded
structural sections [27]. Even though more expensive and rather complicated to be calculated,
GFRP is i) almost an 80% lighter than steel; ii) corrosion resistant; iii) designable according to
the needs [28].
Since long spans and minimum vertical supports are required, the commonest structural
solutions for the covering structures are trusses, space frames, cable-supported structures and,
more recently, long-span glued laminated timber beams; however, something that requires a
limited number of vertical supports in the middle. The roof sheathing materials may be
corrugated steel sheets, clay tiles, polycarbonate or glass panes; lateral confinement is generally
provided by timber louvers, masonry walls, expanded metal sheets. As a general rule
foundations are supposed to be outside the perimeter of the site but they may also be internal,
provided that they do not interfere with the ancient structures, that is they fall along the ancient
walls or in places that lack archaeological records [12]. Lightweight and small structures require
small foundations and therefore they are more appreciated.
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3

ALGORITHMIC MODELLING TOOLS

In a normal 3D modelling process in a computer aided programme, the user has a limited
access to the tree of modifiers which he/she adds to the primary objects in the modelling canvas
of the software. In contrast, in parametric modelling the user translates the entire sequence of
direct manipulations on the primary objects into encoded operations on the parameters and the
variables which described the objects [29]. The story of modifications is collected by a Direct
Acyclic Graph (DAG) which is a ‘code’ expressed graphically by the means of boxes
(‘components’), corresponding to the objects or their modifiers, and cables, which express the
relation between the boxes [30]. DAGs allow a linear workflow but not loops. The algorithm
works as an ‘assembly instruction’ which allows the user to focus on the process rather than the
product, where inputs streams from the left of the input to the right of the output. Each minimal
change in the parameters on the left corresponds to a different output on the right.

a.

b.

Figure 3: Elements of a DAG: a) type of components 1. slider; 2. Data input; 3. Standard component; b)
structure of a component [28]

DAGs are composed by (Fig. 3):
- Input component: they give information within a user’s defined list and therefore the
basic data for calculation;
- Box component: they allow to memorize certain type of data which may be important to
monitor at a certain point of the algorithm
- Standard component: the allow to perform operations on data obtained from the input,
representing the minimum step of the overall procedure. They yield a single output as a
result of multiple input.
Complex operations may be obtained by combining and clustering single components; the
starting value may be a) assigned manually, selecting the value from a drop-down menu; b)
obtained by selecting it from and object in the canvas; c) assigned by a cabled connection. Input
and output may have different formats (e.g. enter points and then exit segments).
Variations on the parameters may be applied by the user, acting on the input components, or
may automatically explored by the computer once an optimization analysis is run. To do so the
designer must define an ‘objective function’ on which one or more variables may have at least
a partial impact on it and then the computer performs the combinations in search for the one
that best satisfies the function. The rules used to perform the combinations follow the schemes
which govern the generation among populations and therefore are known as genetic algorithms
[29]. Single or multi parameter optimization analysis is possible according to the piece of
software used [31, 32, 33].
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4

DESIGN OF THE SHELTER

The parameters are defined as a model’s components, with precise features and function
within a shelter’s structure but whose specification may vary according to the site’s
characteristics and therefore they are not fixed once for all but may vary to the user’s needs. As
a result, they are input data - and that is the reason why they appear at the beginning of the
algorithm - but they depend on the reasoning already presented.
4.1 Parametric components
The structural parts of the roof and the corresponding logical parts of the algorithm are [3]:
Pillars: segments obtained by the vertical extrusion (each one independent from the
others) of four base points selected by the user. Then those segments are divided in
two by a middle point where side panels hang (Fig. 1a);
Roof: the quadrilateral shape (however sloped) defined by the four base points is
subdivided into the local u and v directions creating the trusses’ grid at the lower chord.
The points obtained at the intersections are then projected on a plane which may be not
parallel to the one already defined, since the top chords may have an inclination
different from the bottom ones. Then the base lines in the two directions and in the two
planes are subdivided and then linked by segments to define the trusses; their number
depends on a slider which grades the spacing between the elements (Fig. 1b);
Overhangs: they are defined by two points which are projected for the desired distance
from the upper extremity of the pillars in the two main direction of the roof. After that
the length between two points on the same side is subdivided according with the same
spacing used in the quadrilateral of the roof (Fig. 1c);
Side panels: their extremal nodes are extracted from the points already defined on the
pillars and the overhang. Then, the resulting rectangle is once again subdivided
according to the roof’s grid and the resulting points connected by a polyline obtaining
a truss. Each frame is then completed by a stiffening panel (Fig. 1d);
Secondary elements (roof’s corners and bracings): these parts complete the definition
of the overhangs at its corners and the introduction of additional bracing elements to
stiffen the edges of the roof (Fig. 1e, f).
Since a minimal shelter is made of four pillars, one roof, four overhangs and the
corresponding corners and four side panels, similar elements have been grouped together to
assign properties (e.g. structural shapes) which are shared within the group. However, this
solution is also a matter of commodity when it comes to visualization or if a part/group is not
needed (e.g. the side panels).
Each part is not fixed once for all but it has some dynamic features (or parameters) such as
its dimensions or the number of elements it includes on in which it is subdivided which are
determined by the user simply trough the mean of a slider in the algorithm’s routine (Table 1).
A change in any parameter affects the whole structure.
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Table 1: A shelter’s logical-structural parts and corresponding parametric factors

Part (input)
Pillars
Roof

Overhang
Side panels
Secondary elements

Parameters
Height
Position in plan
Material
External slope
Internal slope
Subdivision in u, v directions
Material
Dimension
Material
Height
Distance from the pillars
Material
Dimension
Number of bracing elements
Material

Figure 4: Structural parts of the shelter: a) pillars; b) roof (grid of trusses); c) overhang; d) side panels (only the
frame is shown); e) corners; f) bracing stiffening elements [3].
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4.2 Finite element analysis and optimization
Structural analysis is possible thanks to a plugin for Grasshopper, Karamba 3D [34], whose
potential stays in the real-time structural calculation of t the elements in the parametric model.
To that end, however, the geometric model has to be converted into an analytical model, which
bears the minimal characteristics to be calculated, through special components. Extremal nodes
are then constrained according to the needs; like other FEA tools, in Karamba, internal nodes
are considered continuous otherwise specified. Other components of the DAG allow to label
each element, in order to distinguish groups and assign the structural shapes (extracted from
libraries or used-defined) and the materials (default materials are steel, concrete, timber and
aluminium but user-defined properties are also allowed). Finally, one must define the loads:
gravity for the self-weight, and the different types of imposed ones. The solution consists
mainly of the maximum nodal displacement and the system’s deformation energy, but thanks
to other components one can manage the model and obtain the forces acting on structural
elements, the nodal reactions, nodal displacements etc. (Fig. 2).

Figure 5: Examples of structural analysis made possible on a model thanks to Karamba plugin: a) bending
moment diagram; b) strains (red=maximum, green=minimum) [3].

The search of the best combination of parameters, say the number of trusses in the two
directions of the grid, the number of bays within each truss and the structural shapes to be used
have been committed to the software. In this case a function relating the mass and the
deformation has been defined as suggested by [32, 33] adding a multiplier to scale the effects.
Since more than one parameters are involved in the optimization procedure, Octopus plugin has
been used.
4.3 Prototypes: structural analysis and structural verifications
For the structural analysis six prototypes have been defined, three of them squared and the
other three rectangular with an aspect ratio 1:2, from a minimum of 3x3 m to a maximum of
5x10 m. Other common features are: 3 m intrados height, 0,7 m trusses structural depth, 1,5 m
overhang, flat roof (Fig. 3). The structural elements are made of GFRP pultruded shapes, whose
orthotropic properties [27, 28] have firstly converted into an equivalent homogenous material
[28] and then applied to the model. Previously to structural analysis, each structure has been
optimized in Octopus. The applied loads, apart from gravity, which is kept constant, are
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incremented at steps of 0,5 kN/m2 until the structural limits at the serviceability limit state
(SLS) are reached. calculated according to the formulations proposed in consensual laws [35].

Figure 6: Deformed shape of the prototypes at SLS [3]

5

CONCLUSIONS

The paper presents a first application of algorithmic and parametric modelling to the design
of archaeological shelters, and therefore its main results may be described as an evaluation of
the possibilities and the potential opened by this approach.
In an ordinary design process, the validation of a proposal in respect to the structural and
architectural criteria is done at the end, but, in the case of multiple-constrained tasks, such as
the design of an archaeological shelter, this approach is ineffective. As a result, the criteria must
become the input variables and the constraints of a process which may respond automatically
to their variations, allowing the required flexibility. In Rhinoceros 3D modelling environment,
the plugin Grasshopper for algorithmic design offers the needed tools thanks to the visual
programming, which is a simplified code writing through the means of objects in a canvas.
In Grasshopper any engineering design process may be translated into an algorithm: the
paper presents the logical structure of the procedure to obtain a flat grid of trusses supported by
four pillars. The elements (pillars, trusses, overhang, side panels) are chosen and defined
according to the criteria while their precise features are parametrically variable and not set once
for all. As a result, other sub-plugins (Octopus, Galapagos), which exploit genetic algorithms,
can be used to execute an optimization analysis, that is to explore the combinations and
permutations of the input parameters in order to find the best solution. In this paper, the
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parameters are the number of subdivisions in horizontal structural elements (trusses, overhang)
and the structural sections, once the structural heights and the position of the supports are fixed.
The optimization tools work on numerical data, which, in this case, are the internal forces
and the deformations of the structure. These data are given by another plugin, Karamba 3D,
which executes the structural analysis. The algorithmic modelling has shown its potential also
in this case, since, basing on the result of Karamba, a piece of software purposely written
assesses the safety of the structure according to the codes.
Thanks to these tools, six real-scale prototypes have been created, optimized and then
calculated and assessed within the Grasshopper workflow. Their structural behaviour ath
serviceability and ultimate limit states resulted satisfactory for a normal use in an archaeological
context even though many improvements are possible both in the details and in the overall
functioning.
Further research is also required to add the climatic and energetic criteria to the structuralarchitectural ones, to control their impact on the design process and one the optimized shape.
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Abstract. This work aims at presenting the experimental results obtained by the application
of one of the digital protocols developed during the European project HeritageCare:
Monitoring and preventive conservation of historical and cultural heritage. These protocols
are devoted to the preventive conservation of heritage constructions and its assets. More
specifically, the application of the second level of services of the HeritageCare system is
presented through two complementary case studies: a large Neo-Manueline church situated
nearby Guimarães, Portugal, and a small Romanesque church located in Palencia, Spain. In
each case study a different set of digital technologies was employed with the aim of evaluating
the flexibility of the developed protocols. This set of technologies comprises the use of in-house
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apps for enhancing the visual inspection together with geomatic techniques based on static and
wearable laser scanners as well as digital single-lens reflex and as-built 360º cameras. The
results obtained by the application of these digital tools have allowed the creation of a WebGIS platform for ensuring the proper documentation of cultural heritage and streamlining the
management of their conservation process according to a proactive approach.
1

INTRODUCTION

Built heritage is the most important physical evidence of the cultural development and
diversity of the humankind. It reflects the historical layers of our society, encompassing various
construction systems and materials as well as a wide range of structural typologies, such as
cathedrals, palaces, castles, and dwellings, among others. Although representing a significant
part of our built environment, following the second world war the maintenance of heritage
structures has been set aside in favor of the exponential growth of new constructions, thus
increasing their potential for structural damage. Last disasters have demonstrated that there is
a clear mismatch between budget spent on constructions or large reactive restorations and
budget invested on maintenance. The key to prevent damages and minimize deterioration
processes is to adopt a proactive conservation strategy, which means replacing belated and
overpriced interventions with timely and affordable condition-based maintenance actions. To
be effective and sustainable in the long-term, such an approach must be rooted in systematic
documentation and monitoring routines and must be supported by optimized digital workflows
that can guarantee the integration, tracking, management and longevity of a huge amount of
heterogeneous information [1]. Given the absence of a structured policy and uniform criteria,
the European project “HeritageCare - Monitoring and preventive conservation of historic and
cultural heritage” (SOE1/P5/P0258) has developed and validated over 60 case studies a multilevel system of services to document and assess the conservation status of the built cultural
heritage in Southwestern Europe. By leveraging the latest advances in digitization and smart
technologies, this system employs standardized yet flexible data collection protocols
(StandardCare, PlusCare and TotalCare) to progressively track the condition of existing
heritage and store baseline information for future comparative analysis [2]. In line with the
European standards relevant to this field [3], [4], [5], the HeritageCare methodology aims to
streamline the conservation process of historical buildings, whether listed or not, by helping the
respective owners and managers minimize or prevent damages in their properties with the
scheduling of priority-based maintenance actions [6], [7].
The focus of this paper is to present one of the protocols (PlusCare) developed during the
HeritageCare project and related Web-GIS tool in order to show the potentialities offered by
the combination of Virtual Reality (VR), Internet of Things (IoT) and Geographic Information
Systems (GIS) in the field of preventive conservation of cultural heritage and highlight the
advantages brought by the digital revolution in capturing, managing and processing “big-data”
within a tolerable time from virtually anywhere in the world. To this end, after a brief
description of the HeritageCare system and related documentation protocols, the paper
discusses the application of the PlusCare tool to two representative case studies selected among
the great variety of heritage structures located in South-West Europe: a large Neo-Manueline
church situated nearby Guimarães, Portugal, and a small Romanesque church located in
Palencia, Spain.
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2

A DIGITAL-BASED SYSTEM FOR HERITAGE DOCUMENTATION

2.1 HeritageCare integrated protocols
The HeritageCare system is organized in three complementary service levels (SL), hereafter
referred as StandardCare, PlusCare and TotalCare, whose main pillar is the systematic
inspection and monitoring of the existing built heritage and related indoor assets. The quantity
and complexity of the information collected about the conservation state of the inspected items
increase along with the sophistication of the tools employed in each level, being progressively
stored into a capable database accessible through a web platform.
Particularly, the StandardCare protocol (SL1) aims at providing a low-cost and rapid
condition assessment of the inspected heritage building by identifying its main damages and
delivering, in the form of an inspection report, essential information about its primary
conservation needs. This protocol relies on the use of a mobile inspection app for uploading
and retrieving information directly to/from the HeritageCare database, allowing a real-time
digitization of the entire inspection process.
On the other hand, the PlusCare protocol (SL2) provides a more extended knowledge of the
heritage ensemble by complementing and integrating the information collected during SL1 with
an in-depth documentation of the building state, including detailed inspections of indoor assets,
high-resolution surveys, monitoring of relevant parameters and recording of any supplementary
data that can contribute to increase the level of knowledge about the actual condition of the
buildings/assets (Figure 1). As better described in the next section, the implementation of this
protocol relies on a dual Web-GIS tool that allows the integration and georeferentiation of
different data sources, while providing an intuitive environment from which the non-expert
users (owners and managers) can access the most significant information for the preventive
conservation of their buildings.
Finally, the TotalCare protocol (SL3) integrates and manages all data gathered from SL1
and SL2 through the development of interoperable 3D digital models, representative of the
inspected buildings. The protocol resorts to the BIM (Building Information Modelling)
environment to populate these models with meaningful data and attributes concerning the
conservation state of the inspected building, allowing to support informed decision-making and
to rationalize the management of the heritage conservation process as information can be easily
visualized, controlled, shared and updated.

Figure 1: PlusCare protocol of the HeritageCare preventive conservation system.
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2.2 The PlusCare tool
The efficient implementation of the PlusCare protocol required the development of a tool
able to blend together the latest advances in Virtual Reality (VR), Internet of Things (IoT) and
Geographic Information Systems (GIS) in order to integrate and georeference multiple and
heterogeneous information coming from different inspection & diagnosis techniques as well as
guarantee protocols interoperability. This resulted into a unique Web-GIS tool called PlusCare
system, integral part of the HeritageCare platform. This system converges into a dual webenvironment, namely one for expert users (inspectors) and one accessible by nonexpert users
(owners, stakeholders, etc.) upon successful authentication and authorization.
The main functionality of the expert-user environment is to store into specific tabs all the
technical information progressively gathered through the application of the PlusCare protocol,
namely: assets condition, panorama photos, monitoring data, point clouds, data records and
damages. To facilitate the information transfer between technicians and end-users, the nonexpert user environment features a friendly and intuitive interface composed of comprehensive
360° photos of the inspected building across which the owner/manager can virtually navigate
and access all the aforementioned information uploaded by the inspectors and enclosed in the
virtual tour in the form of georeferenced hotspots. This graphical interface is complemented by
a bottom navigation bar that allows to consult high-resolution geometric data via the 3D point
cloud as well as the StandardCare condition report. Additionally, if a monitoring network is
installed in the building, the PlusCare system is provided with a communication protocol that
allows to retrieve real-time information about the monitored parameters and automatically rate
their acceptability/degree of risk according to a 3-colour grading scale. All significant
information about the conservation state of the inspected constructions and related assets are
digitized, integrated, stored and ultimately condensed into this visual output which acts both as
a supporting tool to address cost-efficient preventive actions as well as a valuable reference
source to facilitate screening activities over time.
3

VALIDATION THROUGH CASE STUDIES

During the project, the HeritageCare protocols and related tools were successfully tested
across a notable number of heritage buildings among Portugal, Spain, and Southwestern France.
As an example, this section summarizes the application of the PlusCare protocol to two
complementary case studies (Figure 2): a large Neo-Manueline church situated nearby
Guimarães, Portugal, and a small Romanesque church located in Becerril del Carpio, Palencia,
Spain.
3.1 Church of São Torcato, Portugal
São Torcato church is a Neo-Manueline style construction located in the homonymous
village in Northern Portugal. The architectural form of the church follows the plan of a Latin
cross, with a central nave and a transept, each covered with a barrel vault. The North end of the
nave ends with an apse, while at the South end is a gallery entrance with a high choir above.
Gabled roofs with wooden trusses protect the vaults beneath. A dome laying on an octagonal
tambour sits above the main altar, at the crossing between nave and transept (Figure 2). Side
chapels extend along the main nave from the transept to the towers that symmetrically frame
the façade. The construction of the church began in 1825 to house the body of São Torcato,
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Christian martyr, and stretched over nearly two centuries, involving several building phases.
Hence, different materials can be distinguished in the fabric: the walls of towers, nave and
transept are made of three-leaf granite masonry with thin mortar joints and inner rubble core,
whereas the recently reconstructed dome and apse are made of reinforced concrete (the latter
covered with granite veneer).

Figure 2: Location and exterior view of the study cases: in red the church of São Torcato and in blue the church
of San Pedro.

Extensive visual inspections, monitoring campaigns, as well as topographic and geotechnical
surveys were carried out in the church since the 1970s to understand the origin of the deep
structural cracks affecting the façade and their possible correlation with the tilting of the towers
[8], [9], [10]. It was found that the poor mechanical characteristics of the soil originated
differential settlements that progressively led the towers to lean and the façade to crack due to
the increasing tensile stresses induced by the towers’ movement. As the damage was worsening,
the church underwent an in-depth intervention (04/2014–07/2015) that involved the installation
of micro-piles to eliminate the differential settlements, the placement of post-stressed tie rods
to restrain the towers, and the injection of cracks to restore the material continuity. Before,
during and after the intervention, the system’s response was tracked by means of a monitoring
system, which allowed to supervise the progress of the structural consolidation and assess the
effectiveness of the strengthening measures [8].
After a documentary research to collect all existent data about the church, including past
diagnostic investigations, a systematic inspection was carried out by the HeritageCare team in
order to digitally document the conservation status of the construction a few years after the
structural intervention previously described. The HeritageCare mobile e-form was exploited to
drive the field work and allow a real-time digitization of the inspection process (Figure 3).
Besides the presence of damages not detrimental to the structural integrity, such as
efflorescence and biological microorganisms, especially in the form of lichens both on top of
the exterior walls and roof tiles, the condition survey revealed problems of bird infestation in
the towers and arcade loggia as well as problems of water infiltration through the roof covering,
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walls and openings. Like most of historical stonemasonry structures, the lack of adequate
drainage and waterproofing systems played a major role in the development of this type of
damages. Surface discolouration processes of diverse nature were also reported on the bottom
part of the outer walls of the church. From a structural standpoint, a permanent deformation
resulting from the settlements and cracks that affected the church prior to the intervention could
be observed in the choir above the entrance. Moreover, new structural cracks were detected on
the triumphal arch and along the lateral walls of the nave up to the roof level, pointing out the
necessity to install some crack monitoring gauges to understand their actual behaviour and
exclude the presence of unstable phenomena. Each damage was accurately documented and
assessed according to the HeritageCare damage rating system [1], [6] allowing to identify the
primary conservation needs of the church and to assist the owner with the prioritization of
remedial measures. To achieve a more detailed knowledge of the building and related indoor
assets, this documentation was then integrated by applying the protocol described in Section 2.
For the sake of brevity, only the workflow followed for the 3D digitization and virtualization
of the church is presented next.

Figure 3: HeritageCare mobile e-form used to document the onsite inspection.

A laser scanner survey was carried out using a Leica ScanStation P20 in order to obtain highresolution 3D data for accurate geometrical representation and geo-referenced damage
mapping. With a maximum capture rate of 1,000,000 points per second, this tool allowed to
collect in one working day millions of points carrying precise volumes of information about
exterior and interior of the church, thus constituting a valuable reference source of the current
conservation state of the heritage (Figure 4). This 3D model required the work of two
technicians during 3 weeks and 174 scan stations, obtaining a 3D point cloud made up by 3
billion of points. Then, this point cloud was reduced by different filters to 17 million of points.
In parallel, the as-built 360º camera Ricoh theta V camera was employed to take 360°
panoramic images both inside and outside. This camera is equipped with two 180º fish-eye
lenses that allow to obtain, in a direct way, a 360º panorama. About 110 minutes were necessary
to capture 42 panoramas for the virtual environment (2-3 minutes per panorama). Both point
cloud and photos were stored into the PlusCare system - along with the rest of information
collected about the church - and used as imagery input to create an enriched virtual tour by
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means of the low-cost software Pano2VR® as well as the in-house plugin
HeritageCare4Pano2VR (Figure 5a). This complement allows to use virtual tours for preventive
conservation, adding some extra features that can be consulted in Sánchez-Aparicio et al. [2].
Through this visual tool, the owner was given the possibility to interactively navigate across
the church and access fundamental information about its current condition (e.g. type and
location of damages, assets condition, geometric details, past monitoring records) through predefined hotspots (Figure 5b). It is worth mentioning that each time new data is uploaded to the
platform and georeferenced, new hotspots are automatically created inside the virtual tour and
linked to the relevant information. Moreover, if a monitoring system is installed, real-time
updates of the monitored parameters can be displayed on screen together with the corresponding
warning levels to assist the owner in undertaking appropriate condition-based maintenance
actions [2].

Figure 4: Point clouds of São Torcato church. Exterior view (left) and longitudinal section (right).

a)
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b)

Figure 5: PlusCare system: (a) virtual tour creation through HeritageCare4Pano2VR; (b) final output of São
Torcato church.

3.2 Church of San Pedro in Becerril del Carpio (Palencia), Spain
The catholic temple of San Pedro is located in the municipality of Becerril del Carpio in
Palencia, Spain (Figure 2). This building was originally erected in Romanesque style with a
single nave solved by means of a barrel vault, while the apse was erected in Late-Gothic style
with a groin vault of eight sides. In the past the church suffered a settlement in the north part of
the nave, suffering visible deformations and cracks along the tower, choir, and main nave.
During 2007 an extensive diagnostic investigation was carried out with the aim of evaluating
the stability of the structure as well as the degradation state of the assets and, during 2011, a
major restoration took place. On the one hand, the structure was retrofitted by enlarging the
foundations placed below the buttresses in order to reduce the stresses on the soil (this solution
was built in reinforced concrete); additionally, the extrados of the vaults covering the main nave
were strengthened with a textile reinforced mortar made of basalt fibers and a lime matrix. On
the other hand, cleaning and restoration actions were performed on the assets with the aim of
enhancing their understanding and avoiding their impairment and loss of value. However, a
preventive conservation protocol that could allow to maintain both the structure and its indoor
assets in good conditions was not designed.
Thus, in 2019, the church was included within the policies of the HeritageCare project. In a
first stage, the StandardCare protocol was applied; to this end, a technician, supported by a
tablet provided with the HeritageCare mobile e-form, performed the inspection of the church
following the precepts of this service level. Several issues, related with the main damages
affecting the church, were highlighted such as: i) presence of detachments and moisture areas
on the south wall of the nave; ii) presence of broken tiles on the roof; and iii) widespread
biological colonies (major plants and algae). The use of both HeritageCare damage atlas and
damage rating system allowed to classify the observed pathologies in accordance with their
nature and relevance. All this information, along with other metadata (e.g. construction period,
history of the building, previous interventions, etc.), was properly uploaded to the HeritageCare
web platform. The detected damages were also rated according to their associated risk, which
were included into an easy-to-read report automatically created by the web platform (Figure 6)
and delivered to the owner to assist him in the prioritization of the preventive conservation
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measures. For instance, it was highlighted the necessity of applying specific short-term actions
in order to mitigate the water infiltrations in the north part of the nave, including the removal
of plants, the change of some windows and ceramic tiles as well as the repair of detachments.

Figure 6: Excerpt from the technical report generated by the HeritageCare platform to support owner’s
preventive conservation actions in the Church: damage with a moderate risk (left); condition overview in
accordance with the risks detected in the inspected building items (right).

Once the first Service Level (SL1) was completed, the HeritageCare team opted for
implementing in the church also the PlusCare protocol. This choice was motivated by the
necessity of having a deeper knowledge of the current condition of the building (including its
assets) and by the necessity of developing a virtual environment that could facilitate the
preventive conservation tasks to carry out by the owner. The assets were inspected by following
the workflow established within the protocol. Several damages were detected and documented,
such as the presence of discolorations or biological colonies. Complementary to this inspection,
which was carried out by a unique operator, a digitalization process of the church, comprising
virtual environment and 3D point cloud, was performed. In this case, two technicians were
required, one for acquiring the 3D point cloud and another one for taking the panoramas to be
used as imagery input for the virtualization. The 3D point cloud was captured by using the
Wearable Mobile Mapping System (WMMS) Zeb-Revo®. This device is based on the SLAM
technology allowing the 3D reconstruction of any environment with a simple walk. A total of
34 mins were required for obtaining the whole 3D point cloud of the church with centimetric
accuracy. For more details about the planification and data processing of the digitization the
reader can refer to [11]. In parallel to the 3D documentation, the team acquired a total of
seventeen 360º panoramas. Each panorama resulted from the stitching of 7 images acquired
with a digital single-lens reflex (DSLR) camera, model Canon 700D, equipped with a Sigma 8
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mm F3.5 EX DG fish-eye lens. More details about the data acquisition are given in [12]. The
stitching process was carried out in the open-source software Hugin®
(http://hugin.sourceforge.net/), investing a total of 9 minutes per panorama (2 min for data
acquisition and 7 min for processing). Finally, the panoramas were used to generate an enriched
virtual tour of the church by employing the same procedure and tools discussed for the case
study of São Torcato. Indeed, all the information gathered during the application of this second
Service Level (SL2) was uploaded to the HeritageCare server, allowing to output a really
intuitive and powerful web-environment based on 360º panoramas linked to a geospatial
database (Figure 7a). This latter was conceived to make advanced consults, enabling to filter
the information concerning the conservation status of the church by different criteria such as
urgency risk, type of damage, location of the assets, monitored parameter, etc. Apart from this,
the platform also allows the consultation of the condition report and a virtual navigation across
the 3D point cloud to visualize in detail geometric information (Figure 7b).
a)

b)

Figure 7: Appearance of the virtual environment created in the PlusCare system: (a) 360º images linked to the
geospatial database; (b) viewer with the metric 3D point cloud of the Church.
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4

DISCUSSION AND CONCLUSIONS

This work has presented a digital-based standardized protocol developed within the
framework of the European project HeritageCare. More specifically, the digital workflow
concerning the second level of services of the HeritageCare preventive conservation system has
been discussed in detail. This protocol, called PlusCare, was applied and validated through
many case studies in Southwestern Europe, two of which have been reported in this paper to
demonstrate the flexibility and scalability of the protocol according to the size and complexity
of the heritage object as well as depending on the level of sophistication of the tools used for
the digitization process. They are the church of São Torcato in Portugal (medium-size heritage
construction) and the church of San Pedro in Spain (small-size heritage construction).
The application of the PlusCare protocol implied the execution of a first level of inspection
which was carried out in the same way for both constructions, namely by using the in-house
HeritageCare mobile application. This app increases the effectiveness of the onsite inspection
work, reducing the time necessary for documenting the observed pathologies and producing a
preliminary diagnosis report. In either case, this solution proved to be time-saving in terms of
field workload, allowing to document in a few hours the conservation state of each building.
With respect to the digitization process featured in the second service level of the HeritageCare
system, the current work has shown the application of four different geomatic sensors that can
be grouped in two categories: i) the sensor for capturing 360º images; and ii) a wearable mobile
sensor for creating the 3D point cloud of the site. Regarding the former, the results obtained
from the validation case studies have highlighted two main advantages of the as-built 360º
cameras that are worth of mentioning: the great efficiency in capturing and processing
panoramas in a short period of time (usually between 2-3 mins) as compared to the DSLR
camera that demands a total of 9 mins; the high portability in terms of size and weight. In
contrast, the DSLR camera offers better radiometric and geometric quality with a deeper control
of the image parameters (i.e. aperture, ISO, etc.), property that results particularly relevant in
indoor areas characterized by the absence of proper light. Regarding the second digital
technology used for capturing the point cloud of the site, the applicative examples have
demonstrated that the WMMS provides an efficient solution for the 3D documentation of built
cultural heritage. Given the portability of the device, the process requires a temporal window
10 times lower than its static counterpart. However, this sensor has shown some limitations in
terms of range, hindering the capturing of high elements such as towers as well as a centimetric
accuracy which could be not enough for monitoring structural movements.
This work was financed by ERDF funds through the V Interreg Sudoe program within the
framework of the HeritageCare project (Ref. SOE1/P5/P0258). The authors would like to
express their gratitude to the Centre for Computer Graphics of the University of Minho for the
web implementation of the platform. Authors also acknowledge the continuous support from
the São Torcato Brotherhood and the Diocese of Palencia.
REFERENCES
[1] Masciotta, M.G., Morais, M.J., Ramos, L.F., Oliveira, D.V., Sánchez-Aparicio, L.J.,

González-Aguilera, D. A digital-based integrated methodology for the preventive
conservation of cultural heritage: the experience of HeritageCare project, International

1569

M.G. Masciotta, L. Sanchez-Aparicio, S. Bishara, D.V. Oliveira, D. Gonzalez-Aguilera and J. Garcia-Alvarez

Journal of Architectural Heritage (2019), DOI: 10.1080/15583058.2019.1668985.

[2] Sánchez-Aparicio L., Masciotta M.G., García-Alvarez J., Ramos L.F., Oliveira D.V.,

Martín-Jiménez J.A., González-Aguilera D.A. Monteiro P. Web-GIS approach to
preventive conservation of heritage buildings, Automation in Construction (2020)
118:103304.
[3] BS EN 15898:2011 Conservation of cultural property – Main general terms and definitions.
[4] UNI EN 16095: 2012 Conservation of cultural property – Condition recording for movable
cultural heritage.
[5] UNI EN 16096: 2012 Conservation of cultural property – Condition survey and report of
built cultural heritage.
[6] Ramos, L.F., Masciotta, M.G., Morais, M.J., Azenha, M., Ferreira, T., Pereira, E.B.,
Lourenço, P.B. HeritageCARE: Preventive conservation of built cultural heritage in the
South-West Europe, in: Innovative Built Heritage Models, Eds. van Balen, K.,
Vandesande, A., pp. 135-142, London: CRC Press (2018), ISBN: 9781138498617.
[7] Morais, M.J., Masciotta, M.G., Ramos, L.F., Oliveira, D.V., Pereira, E.B., Azenha, M.,
Lourenço, P.B., Ferreira, T., Monteiro, P. A proactive approach to the conservation of
historic and cultural heritage: the HeritageCARE methodology, in: International
Association for Bridge and Structural Engineering Symposium: Towards a Resilience
Built Environment – Risk and Asset Management, Guimarães, Portugal. Zurich: IABSE
(2019), pp. 64-71, ISBN: 978-3-85748-163-5.
[8] Masciotta, M.G., Ramos, L.F., Lourenço, P.B. The importance of structural monitoring as
a diagnosis and control tool in the restoration process of heritage structures: a case-study
in Portugal, Journal of Cultural Heritage (2017) 27:36-47.
[9] Sánchez-Aparicio, L.J., Riveiro, B., González-Aguilera, D., Ramos, L.F. The combination
of geomatic approaches and operational modal analysis to improve calibration of finite
element models: a case of study in Saint Torcato church (Guimarães, Portugal), Construct.
Build. Mater (2014) 70:118–129.
[10] Masciotta, M.G., Ramos, L.F., Lourenço, P.B., Matos, J.A.C., Development of key
performance indicators for the structural assessment of heritage buildings, in: E-Journal
of Non-Destructive Testing - Proc. 8th European Workshop on Structural Health
Monitoring (EWSHM 2016), 1 (2016), pp. 606-617, NDT.net.
[11] Sánchez-Aparicio, L.J., Conde, B., Maté-González, M.A., Mora, R., Sánchez-Aparicio,
M., García-Álvarez, J., and González-Aguilera, D. A comparative study between MMS
and TLS for the stability analysis of the San Pedro Church barrel vault by means of the
Finite Element Method, Int. Arch. Photogramm. Remote Sens. Spatial Inf. Sci., XLII2/W15, 1047–1054, https://doi.org/10.5194/isprs-archives-XLII-2-W15-1047-2019,
2019.
[12] HeritageCare. 2017. General methodology for the preventive conservation of cultural
heritage buildings. Unpublished document, HeritageCARE (Report of the Project Activity
1.2).

1570

Fill-in-Glass
L.
Barou, F. Oikonomopoulou,
Restoration: Exploring
T. Bristogianni,
Issues of Compatibility
F.A. Veer andfor
R. the
Nijsse
Case of Schaesberg Castle

12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

FILL-IN-GLASS RESTORATION: EXPLORING ISSUES OF
COMPATIBILITY FOR THE CASE OF SCHAESBERG CASTLE
L. BAROU1*, F. OIKONOMOPOULOU2, T. BRISTOGIANNI1, F.A. VEER2 AND R.
NIJSSE1
1

Faculty of Civil Engineering and Geosciences
Department of Material, Mechanics, Management and Design (3Md)
Delft University of Technology (TU Delft)
Stevinweg 1, 2628 CN, Delft
*e-mail: l.barou@tudelft.nl, http://www.tudelft.nl
Faculty of Architecture and the Built Environment
Department of Architectural engineering and Technology (AE+T)
Delft University of Technology
Julianalaan 134, 2628 BL, Delft
2

Keywords: Restoration, Conservation, Structural Glass, Compatibility, Adhesive connections
Abstract. This paper explores a novel restoration approach for consolidating historic
structures using structural glass to substitute for the missing elements, preserving at the same
time the structural integrity of the structure. A restoration design is proposed for the
hypothetical consolidation of the remaining tower of Schaesberg Castle, in Limburg, The
Netherlands. The masonry walls suffer from a significant loss of material and a temporary steel
structure currently prevents the tower from collapsing. It is proposed to use stacked float glass
to fill the missing parts of the wall. The connection between the old masonry and new glass is
the most challenging aspect given the different physical and mechanical properties of the
materials, which need to work together in a coherent way. Shear tests of various connecting
materials are carried out in order to evaluate the performance of this connection with respect
to aspects of compatibility and feasibility.
1

INTRODUCTION

Materiality appears as one of the most controversial aspects in conservation and restoration
practice and during the last centuries it has been interpreted in different ways aiming to reinstate
the authentic image of our historic structures. On the one hand, our ambition is to intervene as
little as possible to these structures in order to preserve their historical value (preservation) and
on the other hand we aim to restore them efficiently enough to prolong their life and function
in the future (restoration). These ambitions often conflict with each other, stressing the choice
of materials and the degree of intervention as important aspects of the conservation approach.
In practice, the use of traditional materials bears the risk of conjecture between the original and
new elements, while modern materials may appear imposing over the existing ones and impair
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their authentic image, resulting in irreversible and intrusive interventions. The current
conservation and restoration guidelines provide ambiguous recommendations on how to
address the issue of materiality, emphasizing aspects of harmonious integration, compatibility
and reversibility of any intervention [1,2].
Glass is proposed as a solution in this on-going materiality debate. The aesthetic qualities,
durability and mechanical properties of glass are some of the benefits of using it in conservation
practices [3]. In particular, a Fill-in-Glass Restoration approach introduces glass elements in
order not only to complete the missing form of the damaged structure, but also to reinstate its
structural integrity (Figure 1). Both the new and old materials work together in an integral way,
raising attention to compatibility1 issues, as the most critical part. The authors address this topic
on three interdependent levels; aesthetic, structural and material compatibility and demonstrate
that the design of the interface between the different materials is the most challenging and yet
unknown aspect.

Figure 1: Fill-in-Glass Restoration design proposal for the consolidation of Bembo’s bastion in Greece [6].

Towards this direction, this paper aims to explore the structural compatibility of adhesive
connections between glass and historic materials, namely clay brick masonry. To demonstrate
the feasibility and limitations of the concept, the hypothetical case study of Schaesberg Castle
is used for the development of the design. An experimental program is carried out to evaluate
the shear bond between float glass elements in stack configuration and clay bricks testing
different types of connecting materials.
According to [4,5], compatibility expresses the ability of a conservation treatment to avoid any negative
consequences that can damage, have negative effects or hinder future treatments of the historic materials.

1
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2 THE CASE STUDY: SCHAESBERG CASTLE
Schaesberg Castle dates back to the 16th century and was built in two phases (1571 and 1616)
as the residence of one of the most prominent families of the Cologne-Lower Rhine area
(Limburg) in the Netherlands. The castle was made in Mosan Renaissance style, a regional style
characterized by stone-framed windows, decorated architraves and alternating layers of brick
and stone. The masonry walls are 1 meter thick and consist primarily of a homogeneous core
of field fired clay bricks and Kunrade limestone, supplied by a local quarry, for the architectural
details such as corners, window frames and horizontal bands.
Over the last centuries the castle slowly fell into decline mainly due to neglect and lack of
maintenance. Other causes of decay are WWII and vandalism which resulted in extensive loss
of historical materials, such as stones and anchor plates. Previous consolidation attempts,
archaeological and geotechnical works, fluctuations of the underground water level and ground
porosity are assumed to have contributed to settlement of the soil and consequently the
foundations. Today, the remaining tower is temporarily supported by a new steel structure built
on top of a concrete ballast, in order to stabilize the walls (Figure 2). Steel tie anchors connect
the new structure to the masonry walls at different levels to reinstate stability and counteract
the wind loads. The steel structure is accessible through a staircase, which makes the tower
functional as viewpoint.

Figure 2: The remaining tower of Schaesberg castle before (left) and after (right) the latest consolidation.

Despite its temporary nature, such structure is rather incompatible with the restoration and
conservation principles, as well as visually and physically intrusive to the historic materials. In
the context of Fill-in-Glass Restoration approach a proposal is made for the permanent
consolidation of the remaining tower using structural glass components to reproduce the corner
walls of the tower and reinstate their structural integrity. The restoration aims to:
- respect the aesthetic qualities and historic value of the existing structure
- be minimally intrusive to the historic fabric
- ensure compatibility between the old and new materials, minimizing further
degradation and allowing for future maintenance
- ensure structural integrity through the design of the connections, which need to act as
the weakest link and provide a warning mechanism

1573

L. Barou, F. Oikonomopoulou, T. Bristogianni, F.A. Veer and R. Nijsse

3

DESIGN METHODOLOGY

3.1 Materiality
Glass can attain a wide range of aesthetic qualities, which depend on the composition,
manufacture technique and configuration. Float, cast and extruded glass elements are the
available products used today in various architectural and structural applications. All glass types
could potentially be used in restoration and consolidation applications, depending on the
materiality of the historic elements, desired degree of transparency and desired degree of
resemblance to the original structure [3]. The structural glass assembly needs also to be in
harmony with the existing structure and thus satisfy the aesthetic compatibility requirements.
In this context, for the case of Schaesberg Castle a stacked float glass system is explored
(Figure 3). The existing construction system of building is based on masonry composed of field
fired clay bricks, Kunrade limestone and lime based mortar. The tectonics of the historic
construction is defined by this layering of units bonded together with the mortar. Hence, a
stacked configuration of float glass elements is chosen to resemble this layering in an abstract
way, respecting the principles of the original construction method. The appearance of the glass
assembly is more translucent than transparent and depends highly on the glass recipe2, bonding
properties3 and thickness (Figure 3). In general, the advantages of horizontally stacked float
glass configurations are the following:
high load bearing capacity: the vertical loads (self-weight) are introduced in the middle
of the panel and not at the edges, which are weaker [8].
wide range of architectural possibilities: the panels can be cut in any shape with a
waterjet cutting machine
potential for the connection design of glass to the ruined parts of the structure: easily
adjustable to rough, uneven surfaces
the float glass production line is widely available, so the costs are lower than for glass
produced with other production methods

Figure 3: Proposal for the restoration of Schaesberg Castle with horizontally stacked glass elements (left) and
the perception of glass and masonry as an artistic installation on a historic flourmill designed by the artist
C.Varotsos (right) [9].
The addition of metallic oxides in the glass recipe is responsible for the tint that each glass has. For instance, the
most common soda-lime silica glass recipe has a green tint because of the presence of iron oxide [7].
3
A tint can also be achieved by laminating the glass panels using a colored interlayer (PVB, EVA).
2
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3.2 Stacked float glass assembly
Similar to a common masonry wall, a stacked float glass assembly consists of units and
bonding material. Float glass elements with a nominal thickness of 15 mm are horizontally
stacked forming elements of 4 layers. Each of these elements represents one layer of the brick
masonry and has a minimum weight of 10 kg in order to be easily handled during construction.
Along the vertical direction they overlap with each other, similar to a masonry arrangement.
Along the horizontal direction they are connected in a tongue and groove interlocking system.
The laminated glass elements are bonded together with a transparent double-sized adhesive
tape, which works as stabilization mechanism for the entire assembly. The glass assembly
consists of annealed glass despite its lower strength4. This is the preferred type to use in such a
configuration, as it meets the requirements on flatness compared to thermally tempered glass
(heat-strengthened or tempered), in which variations in flatness may result in local stress
concentrations and failure of the glass.
3.3 Interface design
The role of the interface is to connect the old and new structure in a compatible and least
intrusive way. Challenges arise when choosing an effective connecting method for materials
with very different physical and mechanical properties (Table 1). Despite the density of the
historic materials and glass, which is comparable, the different mechanical and physical
properties highlight the importance of a proper interface design in order to achieve not only
aesthetic but also mechanical collaboration between the old and new structure. Aspects of
stiffness, strength, stress distribution and hygrothermal dilatation appear critical for the
connection.
Table 1: Material properties

Properties
Density
Young’s Modulus
Poisson’s ratio
Compressive
strength
Tensile strength
Thermal expansion
coefficient
Porosity
Water absorption

Units
Kg/m3
GPa
MPa

Soda-lime glass
2500a
70a
0.22-0.24a
300-420b

Clay brick
2200-2800c
30-35b
0.21
50-70c

Kunrade limestone d
2320
10-15
0.1-0.27
5-30

MPa
10-6/K

30-35b
9a

5-15 b
5-8 b

-

%
% by wt

0
0

7-36c
4.5-7c

40-50
-

according to EN572-1:2004
according to [10]
c
values are for modern fired clay bricks according to [11]
d
according to [12]
a

b

With the aim of intervening as little as possible to the existing structure, adhesive
connections are designed and developed for this case study, in order to avoid any loss of the
4

6 MPa for permanent loads and 20 MPa for short-term loads (values including safety factors)
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historic material (e.g. by drilling holes). Such connections comply also with the existing
construction system, which uses mortar to bond the masonry bricks together. More importantly,
adhesive connections can achieve a homogeneous load transfer between the old and new
structure and accommodate tolerances due to thermal and hygric expansion. Mechanical
connections, on the other hand, result in local stress concentrations, which are unfavorable for
brittle materials (both masonry and glass) [13]. The requirements for this interface are to:
accommodate thermal/hygric tolerances
transfer loads between the old and new
allow for retreatability in the future
work as the weakest link between the old and new in order to preserve the historic
fabric
The geometry of the interface is highly influenced by this of the historic structure and glass
assembly. 3D-scanning technologies in combination with post-processing treatment of glass
plates (prior to lamination) with a water-jet cutting machine can result in a glass assembly with
the exact imprint of the ruinous surface. Layer by layer, glass follows the geometry of the
existing wall (Figure 4). Due to construction and manufacture tolerances a joint thickness that
varies between 5 and 30 mm appears realistic and defines the characteristics of the connecting
materials. The two main categories of connecting materials that are taken into consideration are
mortars, which are already used in masonry structures, and glues, which are widely used in
glass applications. The requirements for each of these alternatives are as follows:
Mortars
- Paste consistency (suitable for vertical
joints)
- Low shrinkage
- Low pH to avoid alkali-silica reaction to
glass

Adhesives (glues):
- Flexible, semi-rigid to allow for large
thicknesses
- Medium-high viscosity
- Long setting time
- Weather resistant (UV, moisture,
water, salt)

Figure 4: Detail of the interface in plan (left) and section (right).
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4

EXPERIMENTAL PROGRAM

4.1 Test specimens
Shear tests are performed in order to evaluate the bonding strength of the aforementioned
connection alternatives and demonstrate the potential of this system. In total five different
connecting materials are tested: two cement-based materials and three types of glues. The aim
of this first experimental program is to observe the:
failure mode of the joint; specifically whether it results in damage to the brick, which
represents the historic material
effect of the edge geometry of the glass assembly (straight compared to saw-tooth
pattern)
effect of different orientation of the stacked glass assembly (horizontal or vertical
stacking)
Table 2 shows an overview of the main properties of the connecting materials. Remix
Multimortar is a dry multi-purposed cement-based mortar (Class M15), suitable for hollow
glass masonries. Remix Flexible Tile Adhesive is an all-round cement-based tile adhesive with
polymer additives5, suitable for bonding ceramic and stone materials for indoor and outdoor
use. Both of these materials have a consistency suitable for vertical joints. Three different types
of glues are chosen, depending on their properties and base technology. Tec 7 is an MS
Polymer-based, strong and permanently elastic adhesive, suitable for glass. Ottoseal S50 is a
silicone-based sealant and Zwaluw Hybriseal 2PS is a high-quality professional sealant based
on hybrid technology and suitable for bonding glass joints.
Table 2: Properties of the tested connected materials according to suppliers

Material

Base

Shore
Young’s Compressive
Hardness Modulus strength

Multimortar
(Remix)
Flexible tile
adhesive
(Remix)
Tec7
(Tec7)

Cement

-

MPa
-

Cement and
dispersible
powder
MS Polymer

-

Ottoseal S50
Silicone
(Otto-Chemie)
Zwaluw
Hybrid
Hybriseal 2PS
(Den Braven)

Tensile Strength

Flexural
strength

MPa
15.7-17.2

MPa
-

MPa
3.48-4.7

-

20.8-30.4

-

4.63-6.03

A60

1.72

-

A16

0.5

-

2.6 (after 7 days) 2.8 (after 30 days)
3.1 (after 90 days)
1.6
-

A30

0.65

-

1

-

For the preparation of the specimens glass plates of 10 mm thickness are cut in shape and
manually ground around the edges to minimize the presence of sharp areas that could initiate
5

35% cement; 59.9% fine sand; 3.5% dispersible polymer powder; 2% stabilizer for water retention.
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cracks. All glass edges in contact to the connecting materials are machine ground and polished
in flat shape. The glass plates are bonded together using a double-sided adhesive tape in order
to prevent any movement and be easily handled during the assembly of the joint6. The joint
thickness is 10 mm for set-up 1 and 3 and 10-30 mm for set-up 2, while the contact area is 4.275
mm2 on average. A fast drying, solvent-free styroacrylate primer is applied on the glass surface
to increase the adherence of Remix multimortar to the smooth, non-porous surface of glass. The
rest of the materials are applied in direct contact to both glass and brick substrates. All
specimens are prepared 2 weeks prior the testing.
4.2 Test set-up
Three different set-ups are used in order to evaluate the shear bond between stacked glass
assemblies and brick masonry, as shown in Figure 5. Set-up 1 introduces shear forces
perpendicular to the stacking plane, set-up 2 introduces shear forces perpendicular to the
stacking plane with the glass plates arranged in a saw-tooth pattern and set-up 3 introduces
shear forces parallel to the stacking plane. Set-up 2 aims to create a more realistic representation
of the connection compared to set-up 1, with a fluctuation of the thickness joint that is possible
to occur due to the rough, uneven surface of the ruin.

(a)

(b)

(c)

Figure 5: Left: Set-up 1 in testing machine and right: (a) Set-up 1 (glass is stacked horizontally), (b) Set-up 2
(glass is stacked horizontally in a saw-tooth pattern), (c) Set-up 3 (glass is stacked vertically).
6
This bonding system is developed only for the tests and does not correspond to the actual construction method
of the laminated glass elements.
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The shear tests are performed in a Zwick Z100 machine. A specially manufactured steel
frame is used to clamp the glass assembly to the base and restrain any movements. Soft PU
layers, 3 mm thick, are placed in between glass and steel to avoid the hard contact between the
materials and ensure an even load distribution. The vertical load is introduced by the
displacement of the crosshead against an aluminum tube and then on the brick in two different
speeds: 1mm/min, for the first three materials, and 5mm/min for the following two.
4.3 Discussion
All tested connecting materials show consistent results, which are presented in Table 3 and
discussed below according to the aforementioned aims.
Table 3: Overview of the shear tests

Material

Set-up

Fmax

Dl at
Fmax

Nominal shear
stress τmax

Multimortar
(Remix)

#
1
2

N
209.25
1146.66

mm
0.34
1.31

MPa
0.05
0.15

0
490.29
1683.56
1209. 82
1986.43
1377.89
1963.59
527.17
1172
1540.33
1603.34
1026.87
1706.40

0
1.44
3.71
2.56
10.99
7.62
11.0
13
11.11
12.30
15.90
12.90
16.63

0
0.12
0.23
0.27
0.47
0.17
0.47
0.36
0.14
0.37
0.38
0.13
0.39

3a
Flexible tile
1b
adhesive
2c
(Remix)
3
Tec7
1
(Tec7)
2
3
Ottoseal S50
1
(Otto-Chemie) 2
3
Zwaluw
1
Hybriseal 2PS 2
(Den Braven) 3

Prevailing failure mode

Adhesion to glass
Adhesion to brick, adhesion to
glass, cohesion
Adhesion to glass
Adhesion to glass, cohesion
Adhesion to glass
Adhesion to brick
Adhesion to glass, cohesion
Adhesion to brick
Cohesion
Cohesion
Cohesion
Adhesion to brick
Adhesion to glass, cohesion
Adhesion to brick, cohesion

specimens disintegrated during fixture to the machine
results from two specimens; the third is considered unreliable due to rotation of the set-up
c
results from a single specimen; the other two are considered unreliable due to rotation of the set-up
a

b

4.3.1 Failure mode of the connecting materials
All tested materials show favorable failure modes, namely adhesion to glass, adhesion to
brick and cohesion, often in combination. Therefore, the connection works as the weakest link
and no damage occurs to either the brick or the glass. An overview of the characteristic failure
modes and their occurrence is shown in Figure 6. In general and as expected, the mortar and
tile adhesive fail in a brittle way, whereas all adhesives (glues) exhibit significant deformation
capacity and the ductile behavior of the joint. For the mortar and tile adhesive, failure mostly
occurs by delamination of the glass, which indicates the weak adherence bond to the non-porous
glass surface. Most of the adhesives (glues) show the opposite result; failure occurs either by
cohesion or by delamination of the brick.
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34 %

24.5 %

41.5 %

Figure 6: Left: Adhesion to glass, middle: Adhesion to brick, right: Cohesive failure

4.3.2 Influence of glass assembly geometry
The edge geometry of the laminated glass plays a crucial role to the shear bond of the joint.
For the first two cases of mortar and tile adhesive, specimens of set-up 2 (saw-tooth geometry)
show increased load and maximum displacement compared to these of set-up 1 (straight
geometry). The high stiffness of the materials in combination with the interlocking pattern
contribute positively to the shear capacity of the joint. In the case of the adhesives (glues) the
saw-tooth pattern of the glass had the opposite effect, showing decreased values in terms of
force and displacement. This result can be explained by considering the influence of the
thickness joint in the shear performance of the adhesives. In this context, the recessed areas in
the saw-tooth pattern are, in fact, weak areas that reduce the shear capacity of the joint.
4.3.1 Influence of stacked glass orientation
The orientation of the stacked glass elements (set-up 1 compared to set-up 3) plays an
important role for the tile adhesive joints. In set-up 3 both the average maximum vertical force
and displacement are significantly increased, whereas the joint demonstrates some ductility.
This is evident in the force-displacement diagram as shown in Figure 7. Introducing the shear
forces parallel to the stacking plane results in higher deformation capacity of the joint. Set-up
3 shows a consistent increase of the joint stiffness after the first crack occurs, avoiding brittle
failure compared to set-up 1.
2500

Force [N]

2000
1500
1000
500
0

0

0,5

1

1,5

2

2,5

3

3,5

4

Displacement [mm]
TA_3.1

TA_3.2

TA_3.3

TA_1.1

TA_1.2

TA_1.3

Figure 7: Force-Displacement diagram of tile adhesive joints for set-up 1 (1.1-1.3) and set-up 3 (3.1-3.3).
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5

CONCLUSIONS

A novel Fill-in-Glass Restoration proposal using structural glass is presented in this paper
as a possible answer to the current materiality debate. In the context of exploring the
compatibility and feasibility of this concept the case study of Schaesberg Castle is considered.
An assembly composed out of horizontally stacked float glass elements completes the missing
parts of the historic masonry walls and reinstates its structural integrity. The design of the
connection between glass and clay brick masonry is based on materials with adhesive
properties. Two cement-based materials and three types of glues are tested in shear order to
evaluate the performance of this connection. Although the specimens tested are not sufficient
for statistical evaluation and cannot be considered conclusive for establishing mechanical
properties, they serve as a first indication of the performance of such system and can be used
as basis for future work. Based on the results we can conclude the following:
- All connecting materials exhibit acceptable failure modes that do not result in damaging
the historic substructure.
- Specimens bonded with Tec7 demonstrate the highest shear bond between glass and
clay brick, as the most rigid glue. Both mortar and tile adhesive show consistently lower
shear strength compared to all types of glues.
- The orientation of the stacked glass elements can influence the shear capacity and
ductility of joints with brittle connecting materials, showing potential for cases where
shear loading parallel to the stacking plane is dominant (e.g. wind load acting on a
horizontally stacked glass assembly).
- The saw-tooth pattern as edge geometry of the glass component is favorable to mortars
and tile adhesives and has negative effect on glues.
- The joint thickness fluctuations that occur in the interface due to the geometry of the
stacked glass assembly can be better tackled using connecting materials with high
stiffness (mortars, tile adhesives) rather than flexible glues.
- Polymer additives are crucial to the shear performance of mortar joints as they increase
not only their strength, but also their adherence to the glass surface.
Based on these findings, the most promising direction to continue this study is by researching
adhesive connections based on mortar-like materials. Although glued connections demonstrate
higher shear capacity and ductile failure compared to ones made by cement-based materials,
maintenance and future treatment are challenging issues to take into consideration in restoration
applications. After degradation glues are replaced rather than repaired and their life expectancy
is debatable7. On the contrary, mortars can be easily maintained (e.g. by grouting). The
challenge, in this case, is the poor adhesion of mortar to the glass surface. Future work will
focus on the adhesive bond between glass and different types of modified mortars to establish
their mechanical properties. The glass edge treatment is also crucial for the bonding quality.
For this paper, tests of glass elements with flat polished edges were considered, however, edge
treatments with increased surface area (e.g. pencil, beveled or sandblasted instead of polished)
in combination with a saw-tooth geometry could increase the shear capacity of the joint.
Acknowledgements. This research is carried out in collaboration with ABT bv. The shear tests
were carried out at the Faculty of Mechanical, Maritime and Materials Engineering of TU Delft.
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Approximately 20-30 years for sealants according to [14].
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Abstract. In the Netherlands a program for the enhancement of quality in the restoration
of monumental buildings is presently carried out, stimulated by national authorities
and coordinated by the foundation ERM. Guidelines are issued by the branches involved,
from architects to masons, under guidance of an experts’ committee, to perform
interventions on monuments and assess them. The aim of this paper is to discuss the
contributions to the program offered by different actors active in the field of conservation,
the existing synergies and the potential of using a common language and approach.
These are needed to facilitate communication and exchange knowledge. The use of the
terminology of MDCS (Monument Diagnosis and Conservation System) can help create a
community of stakeholders. Sharing the damage terminology and methodology can help
achieving a clear and systematic assessment of damage and its causes. It can further
improve the communication among all stakeholders, including owners and laymen,
stimulating cooperation, and can allow monitoring of damage and interventions.
1

INTRODUCTION

In the Netherlands, a program for ensuring Quality in Restoration, stimulated by national
authorities, is presently carried out. Its focus lies on the development of guidelines by the
various branches, such as contractors, architects and masons, involved in conservation and
restoration of monuments. The use of both terms ‘restoration’ and ‘conservation’ in the
description of the program, are meant to indicate different levels of the interventions. The aim
of this paper is to discuss the contributions to the program of different actors active in the field
and the existing synergies. In particular attention is focussed on the present role of the system
MDCS (Monument Diagnosis and Conservation System) and its potential for facilitating
communication and exchange of knowledge [1]. Having clarified the tasks of important actors
involved in the conservation of Dutch monuments and their aims, an overview of the situation
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in the Netherlands is drawn. Strong points and difficulties are discussed in the strategies for this
far-reaching program for the enhancement of the quality of monument conservation in the
country.
2 QUALITY IN RESTORATION IN THE NETHERLANDS
Already in the 1970’s it became evident that after the restoration of a monumental building,
preventive conservation and maintenance were needed. The Monumentenwacht organisation
was created - at a provincial level - to carry out regularly inspections, to assess the state of
conservation and also to perform minor interventions [2]. The commitment of the organisation
concerns Dutch monumental buildings. In the last decades the assistance of Monumentenwacht
(MW) in deciding on necessary maintenance activities, has become essential for private owners
and for administrators of non-iconic buildings in general. In these cases the decision on the
conservation plan is in fact mainly entrusted to the MW inspectors, whereas, in the case of
iconic buildings, a restoration team is usually formed including an architect, experts from the
Dutch Cultural Heritage Agency (RCE), contractors and often MW inspectors [3]. Subscription
to the Monumentenwacht organisation is not mandatory.
Monumentenwacht plays an important role in assessing the work done by contractors, hence
contributing to achieve the expected quality in the conservation and maintenance interventions
on historic structures. The valuation of the interventions is based on the assessment of the
technical and historical compatibility of the work done, in terms of respect for of the historic
(original) materials and techniques and their preservation.
Both inspectors and contractors are expected to carry out professional work. It should be noticed
that professionalism in conservation is also internationally felt to be an essential goal to reach
as already discussed in the TW2018 international conference in Leuven [4].
Creating or enhancing professionalism has become crucial in the policy of RCE since 2009. At
that time the policy on the Modernisation of the Monument Care [5] was launched, aiming at
the enhancement of the technical quality in restoration and of the ethical approach. These
aspects became the focus of the subsequent program on Quality in restoration in 2010 [6], meant
to achieve a controllable quality level in restoration of heritage buildings and sites. The program
was founded on self-regulation. The Dutch foundation for a recognized restoration standard in
the preservation and restoration of monumental buildings and sites, the foundation ERM [6]
was created, to co-ordinate the actions of the branches involved in conservation, ranging from
the architects and contractors to the masons and the carpenters.
Each of these branches has developed its own guidelines to meet defined quality standards. A
committee of experts, created by the foundation ERM, has been appointed to assist and guide
this bottom-up initiative. The foundation ERM has also the task of disseminating the execution
guidelines, making them accessible online to all interested parties. Further, ERM provides the
means for obtaining a certification for the execution of the work and superintends the controls
on the work done. It is interesting to notice that any actor in conservation - even those not
possessing a certification - can stipulate to perform an intervention in accordance with the
execution guidelines.
The ERM guidelines for carrying out visual inspections of monuments [7] are based i.a. on the
handbook of Monumentenwacht and the NEN standards [8, 9]. Also other provincial quality
regulations refer to the ERM guidelines.
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Concerning the already issued ERM guidelines, it was observed that the used terminology for
indicating the damage found was not always univocal and clear and it was decided that all
guidelines needed to refer to one terminology only, to avoid misunderstandings. The
terminology included in the MDCS system (see further) was selected to be used as a reference
for the guidelines. The system and the atlases can be found on the online platform
MonumentenKennis [1] on Monuments (and) knowledge, created by TNO (the Netherlands
Organization for Applied Scientific Research), RCE and the faculty of Architecture of TU Delft
(Delft University of Technology) [10]. This broad co-operation aims at providing scientific
knowledge concerning monuments to all people involved in conservation. The dissemination
of the knowledge to non-specialists, including monument owners, is entrusted to
Monumentenwacht and other actors in conservation working for owners and laymenadministrators of the monuments [figure 1].

Figure 1: Quality in restoration: synergies between branches/organisations and the potential unifying role the
MDCS-terminology can play

2.1 MDCS: identification of damage types for diagnosis and intervention
Already in the 1990’s the need was felt for methods to achieve a homogenous approach in
conservation. The cooperation of experts from Belgium, the Netherlands, Italy and Germany in
the MDDS (Masonry Damage Diagnostic System) project [11] resulted in the development of
a system able to guide the user in the subsequent phases of the work, from the visual inspection
of historic brick masonry to the diagnosis of the damage found. The part developed for
identifying the masonry materials and the damage assessed, became the starting point for the
further development to other stone-like materials (such as stone, mortars, plasters, concrete)
and even structural damages and proved to be an important means for communication The
stand-alone MDDS was further used in national and international projects and became
ultimately the web-based ‘MDCS’. In a ‘wiki’ section, additional information can be found and
relevant diagnostic and intervention techniques, all presented in a way meant for practical use.
On the basis of a sound diagnosis of the causes of damages a plan can be made for a suitable,
durable and ethically correct intervention.
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The theoretical scientific knowledge made accessible through the MonumentenKennis platform
and the MDCS wiki, can be retrieved by all stakeholders, which is in line with the intention of
the ERM guidelines. Monumentenwacht and other actors in contact with the owners and the
users of building can convey the knowledge to laymen. In order to put the theory into practice,
following a methodology is deemed necessary, to clarify the various phases of the conservation
process, from the visual inspection and the identification of the materials and the damage found,
to the hypotheses on the damage mechanism(s), the control of the hypotheses and the diagnosis
(as basis for the intervention).
2.2 Visual inspections
For the visual inspection, MDCS includes atlases for the identification of the materials used in
monuments and the damage observed. Each term is unique and furnished with illustrations and
a definition. Next to a structural damage atlas with crack patterns and deformations, the atlases
concern different masonry materials (e.g. stone, brick, mortar and plaster) as well as historic
concrete. The module on historic concrete will benefit from the outcomes of the ongoing
international project CONSECH20 [12]. Modules on timber, glass and artificial materials and
the forms of deterioration they may show will be added in the future.
Operating in line with the system is leading to the formation of a community of users, talking
the same language and using the same approach: damage identification  hypotheses on the
causes of damage  control of hypotheses (testing/expert’s opinion)  diagnosis 
intervention. The use of a common terminology is necessary and makes it possible to
understand reports and perform monitoring of the development of the damage. A precise
identification of damage and analysis of its cause further lead to consistent interventions: their
effectiveness can also be monitored and reported within MDCS.
Conservation practice shows that there is often no agreement with respect to the meaning of a
term, or that a damage type is given different names (and interpretations) by different actors.
An example is the difference between salt efflorescence and encrustation. Both are clearly
defined and explained in MDCS and illustrated with photos. Salt efflorescence is the result of
transport of water and soluble salts via the pore system of a material; encrustation is the result
of a process of percolation of water through voids and cracks, in combination with leaching of
mortar constituents such as lime, which is subsequently deposited at the surface [figure 2].
A most important consequence of using a univocal damage terminology, is that this allows a
clear distinction of phases, the first being that of the identification based on visual assessment
and the second being the development of hypotheses on the causes of damage under the given
circumstances. When the causes of damage are unclear, this phase ends with an indication of
the tests/measurements needed to control the hypotheses and explain the damage.
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Figure 2: Salt efflorescence (l) and encrustation due to leaching of mortar constituents (r)

2.3 The potential of Monumentenwacht
The creation of the Monumentenwacht organization in the 1970’s marked the moment when
the conservation of the built heritage in the Netherlands started to be organized in terms of
prevention and to include large numbers of objects. Active at a provincial level, the inspectors
of Monumentenwacht perform regular surveys on the state of conservation of monuments and
support their owners in maintaining them. According to the Dutch Heritage Legislation [13],
the owners are in fact expected to maintain their monumental buildings,
The strong points of the Monumentenwacht concept are the (financially) independent position
of the organisation in so far that involvement with the market is not needed, and the way of
operating based on prompt detection of damage and control on the quality of the (maintenanceconservation-restoration) interventions, which are possible thanks to the frequent (annual or biannual) inspections performed. The inspectors can explain to the owners the value of an
ethically and technically correct intervention for preserving the (original) materials. The value
of the activities of MW in terms of preventive conservation has been discussed elsewhere [2,
3]. The inspectors further advise the owners to hire contractors preferably working in
conformity with the ERM quality guidelines.
2.4 ‘Monumentenwacht moves’
Because of the growing relevance of the inspectors’ advisory task for the owners of a broad
range of non-iconic buildings, the project ‘Monumentenwacht moves’ was started in cooperation with the faculty of Architecture of the TU Delft. This project aims at empowering the
inspectors to achieve better structured and deeper analyses of the damage. This means providing
them with up to date knowledge, derived from scientific research, and with a better
methodology for their investigations. The program involves the Monumentenwacht
organisations of the provinces of Gelderland, North Brabant and Limburg and is intended to be
spread to the other provinces in future.
In workshops TU Delft organizes for Monumentenwacht, MW-inspectors are made acquainted
with the MDCS terminology for visually identifying damage phenomena. Using the MDCS
damage atlas as a basis, hypotheses are made on possible causes of damage, according to the
method included in the MDCS system. It is of crucial importance that the possibilities, but also
the limitations of a visual inspection are clear to the inspectors and consequently to the members
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(owners). In the current Monumentenwacht reports definitive conclusions on the causes of
damage are often presented (diagnosis), which are in fact mere hypotheses based on the visual
inspection and on personal experience.
Instead, the (correct) identification of the visible damage types and the formulation of
hypotheses explaining their occurrence need to be clearly separated. The first step, the
identification of the damage found, referring to a standardized system, will have an objective
character. The formulation of hypotheses needs to be supported by argumentation (e.g.
circumstances, information on history and former interventions). This logical line, developed
in the MDCS methodology, makes it possible to decide if/when the advice of experts or
laboratory and further investigations are needed (based on sampling, measuring,...) to evaluate
the hypotheses and come to a diagnosis.
The use of the common terminology makes scientific communication possible as well as the
comparison between yearly inspection reports. Comparison/monitoring can show the
development of not treated damage, but also the effects of interventions on materials and
structure.
A passage of a MW report made before the adoption of the new terminology has been selected
to show a description of damaged pointing. No reference to the source is given for privacy
reasons. The description of the type of damage rises questions: ‘especially in the higher part (of
the masonry) the pointing is damaged, cracked, has lost adhesion, is detached or washed out’.
It is clear for the reader that the pointing is damaged and gone, but in which way? In one piece
or through e.g. erosion? It is fundamental to identify the phenomenon in order to better
understand the mechanism behind it: for example, in the case of push out, the pointing maintains
its cohesion and is indeed pushed by e.g. the formation of a swelling compound or frost action;
in the case of erosion the pointing loses particles [figures 3].

Figure 3 Examples of push out of pointing(l) and erosion (r)

The passage of a MW report made before the course concerning a certain location in a building
is compared to the passage on the same location based on the MDCS methodology [figures 4,
5].
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Figure 4: Passage of a MW report. The masonry is in a good state (G), with the exception of some moisture
penetration and powdering of the stones. (No reference to the source is given for privacy reasons).

Figure 5: Passage of a MW report concerning the same masonry as in fig. 4, but written on the basis of the
MDCS terminology and methodology. The damage is better identified and the damage mechanism explained.
(No reference to the source is given for privacy reasons).

In the first example the state of conservation of the masonry of a staircase is described as
‘good’, with the exception of some moisture penetration and powdering of the bricks. In the
following report, MDCS terminology and methodology presented in the course
(Monumentenwacht moves) are implemented. The identification of damage and its context is
more complete and clear. Although the general state of conservation is rated as good, locally
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occurring damage is reported at the west side. The damage is identified as powdering, and
moisture penetration is assessed. The mechanism is also explained: due to the moisture
penetrated in the wall (soluble) salt is transported and deposited at the surface of the masonry,
where it crystallizes causing damage to the ‘softer’ bricks in the first place. The specific damage
found at different locations is disintegration  powdering (second picture) or layering and
spalling (third picture). This way of reporting and explaining damage - based on visual
assessment, which is inherent to the way of operating of MW – provides the inspector with a
basis for planning further investigations (e.g. moisture and salt distribution) or else monitoring
the extension and severity of the damage. MW Gelderland is presently developing a tool
facilitating the storage of the information on the damage types and interventions. Such a tool
would be easy to manage and could be used during (MW) inspections; it is deemed important
for recording data, which are presently not always traceable, i.e. data concerning interventions.
2.3 The Quality in Restoration program
The Quality in Restoration program includes theoretical, ethical and technical parts
which should to be referred to for carrying out suitable interventions on monuments. The main
aim is to encourage the actors involved in the conservation of monumental buildings to develop
a correct, professional attitude. The need for a professional recognition was at first felt by the
restoration contractors, who started the process.
ERM guidelines have been by now produced by numerous branches active in conservation: in
the guidelines, since short, links are made to the MDCS (damage) terminology atlases. In the
case of privately-owned buildings, contractors play an important role in deciding on the extent,
technique and materials of the interventions, which shows the relevance of acting in conformity
with the guidelines.
A co-operation TU Delft – ERM on the revision of the guidelines has shown where critical
points lie. Also in the guidelines, like in the reports of MW, the difference should be made clear
between what is the visible damage found and what could be the damaging mechanism having
caused it (hypothesis). An expression like ‘frost damage’ in the visual inspection is a good
example of an incorrect formulation, where the supposed origin of the damage is used to qualify
the type, which is in fact not described. This points at the need of carefully distinguishing the
visual form of deterioration (e.g. crumbling, exfoliation) from its (hypothetical) cause (frost
action).
3

CO-OPERATION ON DIFFERENT LEVELS: COMMON LANGUAGE

The connection that exists between the knowledge platform MonumentenKennis, the ERM
Quality in restoration program and the activities of Monumentenwacht reflects the involvement
of different actors in the development of conservation strategies at a national level and shows
the possibilities of synergies. When this ‘system’ becomes fully operational, the technical
knowledge deriving from the academic world and from scientific research will find its way
towards dissemination and use in practice; the quality guidelines created by the branches and
related to existing (national and international) standards are meant to create the means for
different actors to have the quality of their work recognized.
In order to enhance the use of the common terminology, a damage overview fan deck on
damage to stone-like materials has been developed and will be spread by the ERM foundation.
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Following the fan deck a MDCS app for smartphones will be developed.
3.1 Sharing knowledge
In a recent PhD research on the improvement of the Quality of conservation interventions,
the co-operation among stakeholders based on knowledge sharing is valued as an essential
means [14]. The expertise of various people involved in conservation can be thus used to
construct a sound basis for the interventions: the relevance of this approach has been addressed
as a shared value of the MW organizations of Gelderland, Limburg and North Brabant in a
study on methods of operation in practice [15].
The need for sharing knowledge is felt at various levels. A conference with round table
sessions was recently organized by the Dutch National Monuments Organization for monument
managers of monumental buildings for discussing future ways of co-operating with government
on conservation [16]. It was interesting to notice that owners expressed the need of easily
finding in a shared website the necessary information to orient, in case of occurrence of damage
to the monumental buildings they manage. They pleaded for the creation of a sort of platform
where they could share theoretical and practical information. The problem with such an action,
wanted by laymen and directed to them, is that the possibility of referring to cases of damage
assessment and interventions in a constructive and useful way lies in the completeness of
reports, which is often not clear to non-experts. In order to extract useful information from a
report this needs to include all details, from the type of materials and structures and their
transformation in the course of time, to the damage occurred and the reason and type of
intervention. Only when the all the information is available, an assessment of the quality of the
conservation process and the success of the intervention is possible, and some data can be
extrapolated to help solving problems in other cases. Again, a common terminology and
approach lie at the basis of a successful dissemination. This part is often seen as too complex,
and yet it is essential. The question arises as to whether and how laymen can profit from the
creation of a platform for sharing technical knowledge. It could be interesting to create a
community of monument managers, instructed on the values of historic materials and
techniques and the needs for their preservation in terms of quality. They could be advised on
how to proceed, from the choice of certified inspectors and contractors, to the need of claiming
reports including all the steps taken and allowing the assessment of the intervention. In fact
Monumentenwacht already gives courses to layman owners on specific subjects. Yet these are
their own members, and more (professional) owners should be reached likewise.
3.2 Involvement of owners and users
Owners play a relevant role in the conservation of monumental buildings in the Netherlands
[17]. Owners and users of buildings should be encouraged to participate in maintenance and
conservation activities. A methodology for involving different stakeholders in conservation
practices and maintenance, at different levels, from signalling damage to actually intervening,
has been carried out in Portugal. Positive results were obtained in various case studies on
intangible and tangible levels: from increased awareness of the relevance of the monumental
buildings dealt with, to direct involvement of communities in conservation practices [18, 19].
Empowering laymen stakeholders like owners and users to recognize and signal damage
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could be profitable for different reasons: in the first place it would form the basis for starting
maintenance activities, and further it can stimulate the emotional attachment of owners and
users to their buildings.
4

CONCLUSIONS

In the Netherlands a program on the enhancement of quality in the restoration/conservation
of monumental buildings has been promoted by the RCE and coordinated by the foundation
ERM. The program has resulted in the creation of guidelines by the involved branches both for
obtaining a certification and for performing adequate interventions on monuments. The
program is meant to reach all the stakeholders in conservation, from the architects to the masons
and the owners and users. The theoretical knowledge provided by various experts should be
conveyed to the actors working in practice by MW and other actors. The synergies between the
program and the work of different institutions active in the field of conservation can be made
stronger through the use of the damage terminology and approach of MDCS, which is a strong
tool that can substantially contribute to restoration quality. A clear and univocal identification
of the damage, based on a visual assessment, has shown to be a good basis not only for
communication and monitoring but also for making well-supported hypotheses on the cause(s)
of the damage. Important is the distinction and clarification of the steps leading to the diagnosis.
Employing this systematic procedure is expected to contribute to conservation quality and
facilitate the creation of a community, where theoretical scientific knowledge can be exchanged
and conveyed to practice.
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Abstract. This paper presents the results of a study carried on a baroque style Catholic
Church, in the field of determining its bearing capacity, restored with reversible materials,
technologies and consolidation methods. The Franciscan Monastery is situated in Arad
fortress and is an historical building. The structural resistance of the building suffered severe
degradation because of the poor maintenance over the years. Two nonlinear analyses were
made on the structure that showed that the building may suffer severe structural damage after
an earthquake. Based on the results of these analyses some consolidation methods were
proposed for the structural elements of the building: walls, arches, vaults, pillars, towers and
foundations. Then a third analysis was made using the proposed consolidation methods to
determine their efficiency.
1

INTRODUCTION

Structural consolidation interventions of historical buildings must be reversible and
slightly invasive. Because of this it is very difficult to evaluate the efficiency of this sort of
punctual interventions on a structure. This paper presents the efficiency of modern and
reversible consolidation methods proposed for a baroque style Catholic Church that is an
historical building. The study was carried out within the master section entitled "Restoration
and Patrimonial Regeneration" within the Faculty of Architecture and Urban Planning at the
Polytechnic University of Timisoara.
The historical monument that is the subject of this paper is the Franciscan Monastery from
Arad fortress near the city of Arad. The architectural ensemble of Arad fortress is nominated
in the list of Historical Monuments of national importance. The fortress is a Vauban type
fortification. In the year 1762, the construction of the fortress was ordered by Queen Maria
Theresa of Austria. The Franciscan church already existed before the construction of the
fortress. The two lateral bodies of the Franciscan Monastery which house the cells of the
monks were not built at the same time with the church, but in different stages. During the
First and the Second World War and during the communist regime the monastery changed its
destination several timesto a prison, stables, bedrooms for the military staff, driving school for
soldiers, ammunition deposit. After the year 1989 the Franciscan Monastery was neglected
maintenance and has suffered major degradations.
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A bibliographic study was made which contain studies made within the master’s degree
studies [1, 2]. Important research in the field was done as basis for the consolidation methods.
A. Narita et al. [3] that describes the behavior and damages of historic buildings that are
situated in Banat region in Romania, the same geographic zone as the Franciscan Church. M.
Mosoarca et al. [4] studies about the failure mechanisms of Roman Catholic churches and
Orthodox churches in seismic area of Banat. A comparison between the two types of failure
mechanisms of the churches is also made because the two types of churches have different
shapes in plan. M.R. Valluzzi et al. [5] discuss the potentials and limitations of composite
materials used in strengthening historical buildings. C. Modena et al. [6] that describe criteria
and technologies that can be used for the structural repair and strengthening of architectural
heritage.
To determine the bearing capacity of the Franciscan Monastery several nonlinear analysis
were conducted with the TreMuri program [7, 8]. In the first analysis the seismic behavior of
the individual church was studied. In the second analysis the seismic behavior of the church
was studied with the adjacent building bodies forming an aggregate. In the third analysis the
seismic behavior of the consolidated individual church was studied.
2

DESCRIPTION OF THE STRUCTURE AND DEGRADATIONS

The Franciscan Monastery (Figure 1) is made out of three different buildings (Figure 2):
the Church of the Monastery and two side structures with two floors where the Franciscan
monks had their cells. The bearing structure of the church is made out of masonry walls which
are 1.5m thick. The foundations of the structure are made out of masonry and are continuous
underneath the structure. The thickness of the walls of the towers is also 1.5m. At the entrance
of the church there is a masonry vault that is supported by an RC arch, which was an
unauthorized intervention, and the wall of the main façade. The RC arch is supported by four
30cm thick RC pillars. The entire church is covered with masonry vaults. Over the vaults
there is a wooden bearing structure of the roof and the roof cover. The wooden cover of the
roof is made out of props and templets which have the section dimensions of 20cm x 20cm
and rafters and braces which have the section dimensions of 15cm x 17cm.
The monk cells structure is made out of a thick compartmentalization with bearing
masonry walls which are 30cm thick on the inside and perimeter walls which are 1m thick on
the outside. The slabs of the cells are made out of masonry vaults which are 50cm thick on
both floors. Over the vaults there is the wooden bearing structure of the roof and the cover of
the roof. Underneath parts of the structure of the monk cells there is a basement.

Figure 1: Monastery Façade
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a)

b)
Figure 2: a) Monastery section, b) Monastery plan

The structural strength of the monastery was severely damaged due to lack of maintenance
over time. At the on-site examination of the church observations were made of vertical cracks
in vaults and arches (Figure 3 b) and inclined cracks at the corners of the buildings which
were caused by the subsidence of the foundations. Water infiltration led to the degradation of
the masonry, the degradation and the failure of the vaults (Figure 3 a), the peeling of the
plaster and the corrosion of concrete and steel bars (Figure 3 c). Also because of the bad
maintenance the framing of the roof and the roof covering are almost completely destroyed
allowing water infiltration into the building (Figure 3 d) [7].

b)

a)

c)

d)

Figure 3: Structural degradation of the church: a) Vault failure, b) Cracked arches, c) Corrosion of the RC arch,
d) Roof degradation

Observations were also made of some unauthorized interventions to the structure of the
church: two doorway holes on the side walls (Figure 4 a) and the construction of a masonry
wall with RC frame to separate the churches apse (Figure 4 b) [7].
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a)

b)

Figure 4: Unauthorized interventions: a) Doorway hole, b) Masonry wall with RC frame

3 THE DYNAMIC SPATIAL ANALYSIS OF THE UNCONSOLIDATED
STRUCTURE
The first step was to realize a push-over analysis of the unconsolidated structure of the
church with the help of the TreMuri program to determine the bearing capacity and rigidity of
the church. A 3D model of the church is presented in Figure 5 [7, 8].

Figure 5: 3D model of the church

The analysis was created for peak ground acceleration of 0.20g according to the
Romanian seismic code P100-1/2013. The vibration modes of the structure are shown in
Figure 6. The vibration modes of the structure indicate a predominant solicitation of general
torsion.

a)

b)

c)

Figure 6: The vibration modes of the structure: a) the first mode: torsion, Ts=0.518sec, b) the second mode:
translation, Ts=0.454sec, c) the third mode: torsion, Ts=0.431sec
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On the Ox axis of the church the maximum horizontal displacement of the tower is 2 cm
and the maximum shear force is 6200 KN as shown in Figure 7.

Figure 7: The force-displacement diagram, when the seismic force is applied on the Ox axis

Figure 8 presents the failure mechanisms of the structure on the Ox axis after an
earthquake. On the main façade the earthquake produces diagonal cracks in the pears of the
tower. On the lateral façade of the church we have diagonal cracks only at the top of the wall
and at the tower. Spandrels generally have a ductile yield through bending [7, 8].

b)

a)

Figure 8: Failure mechanisms of the structure on the ox axis: a) main façade b) lateral façade

On the Oy axis of the church the maximum horizontal displacement of the tower is 5.7 cm
and the shear force is approximately 4800 KN as shown in Figure 9.

Figure 9: The force-displacement diagram, when the seismic force is applied on the Oy axis
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In Figure 10 there are presented the failure mechanisms of the church on the Oy axis after
an earthquake. We can see only ductile yielding on the main façade on the spandrels. On the
lateral façade we have brittle yielding on the upper side of the structure.

a)

b)

Figure 10: Failure mechanisms of the structure on the Oy axis: a) main façade, b) lateral façade

The second step was to realize another push-over analysis which contains the church in
aggregate with the two side buildings that contain the cells of the monks. The 3D model is
displayed in Figure 11 [8].

Figure 11: 3D model of the aggregate: church and monk cells

The analysis was made with the same parameters as the analysis where only the church
was modeled.
On the Ox axis of the monastery (Figure 12), the maximum displacement of the tower is
1.30 cm and the shear force is 15000 KN. Comparatively to the model where the church is
modeled alone the maximum displacement decreased from 2 cm to 1.30 cm and the total
shear force raised from 6200 KN to 15000KN.

Figure 12: The force-displacement diagram when the seismic force is applied on the Ox axis
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As we can see from Figure 13, there are a lot less failure mechanisms compared to the
analysis where just the church was modeled. On the main façade we have ductile yielding on
the spandrels, but brittle yielding can only be observed at the towers and two spandrels
instead of the entire façade like in the first analysis. On the lateral façade we have failure
mechanisms only on the towers.

b)

a)

Figure 13: Failure mechanisms on the aggregate structure on Ox axis: a) main façade, b) lateral façade

On the Oy axis of the monastery (Figure 14), the maximum displacement is raised from
5.70 cm to 5.90 cm and the shear force is raised from 4800 KN to 18000 KN.

Figure 14: The force-displacement diagram when the seismic force is applied on the Oy axis

The main façade (Figure 15 a) of the monastery has ductile yielding failure mechanisms
on the spandrels similar to the analysis where the church was modeled alone. On the lateral
façade (Figure 15 b) there is brittle yielding on the tower of the church.

b)

a)

Figure 15: Failure mechanisms of the aggregate structure on Oy axis: a) main façade, b) lateral façade

4

PROPOSED CONSOLIDATION METHODS

After the interpretation of the results from the non-linear analysis, consolidation methods
were proposed for each of the elements of the bearing structure. In order to maintain the
rigidity of the structure and to increase the bearing capacity, minimal interventions were
proposed with composite materials which were produced by Kerakoll Company [7, 9].
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The proposal for the arches (Figure 16 a) was that they would be consolidated on the soffit
with galvanized steel fibers Geosteel G 1200, mortar GeoCalce G Antiseismico and Steel
DryFix 10 connectors.

a)

b)
Figure 16: Proposed consolidation methods: a) Consolidation of the arches, b) consolidation of the vaults

The loads from the transversal vaults of the church will be transferred through vertical
steel bars to a proposed network of steel beams which lean on the perimeter structural walls
(Figure 16 b). This network of beams also transfers the loads from the roof to the structural
walls [7, 9].
The consolidation of the altar walls (Figure 17) and the apse walls will be done punctually
with galvanized steel fibers Geosteel G 1200, mortar GeoCalce G Antiseismico and Steel
DryFix 12 connectors.

Figure 17: Consolidation of altar walls

For the RC arch and RC pillars (Figure 18) at the entrance of the church, the consolidation
with galvanized steel fibers Geosteel G 1200, mortar GeoCalce G Antiseismico and Steel
DryFix 12 connectors were chosen.
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a)

b)
Figure 18: Consolidation of the: a) RC arch, b) RC pillar

The towers of the church (Figure 19 a) will be consolidated on the inside with galvanized
steel fibers Geosteel G 1200, mortar GeoCalce G Antiseismico and Steel DryFix 12
connectors.

b)

a)

Figure 19: Proposed consolidation methods: a) Consolidation of the tower, b) Consolidation of the foundation

For the foundations an underpinning of the foundation (Figure 19 b) was chosen as the
proposed consolidation method that would stop the subsidence of the foundations and the
cracking of the structure.
Regarding the unauthorized interventions, it was chosen to demolish the masonry wall
with RC frame that separates the apse from the rest of the church. The door holes in the lateral
walls will be rebuilt to recreate the structural integrity and the authenticity of the church.
The wood framing and covering of the roof will be remade in its entirety if possible using
wood elements from what is left of the existing roof [7, 9].
5

DETERMINING THE EFFICIENCY OF THE CONSOLIDATION METHODS

For the determination of the efficiency of the consolidation methods a third nonlinear
analysis was made with the TreMuri program that contain the consolidation methods
described above. The analysis was made on the simple model with the church as an
independent building [7, 8].
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The analysis indicates that on the Ox axis (Figure 20), the shear base force grew to 10800
KN, and the horizontal displacement at the top of the tower went down to 1.60 cm.

Figure 20: The force-displacement diagram when the seismic force is applied on the Ox axis

On the main façade (Figure 21 a) observations were made that there is a disappearance of
failure mechanisms which remain only in the spandrels. There are a few failure mechanisms
left on the spandrels. On the lateral façade (Figure 21 b) there are failure mechanisms at the
top of the wall and ductile yielding in the spandrels [7, 8].

a)

b)

Figure 21: Failure mechanisms of the consolidated structure on Ox axis: a) the main façade b) the lateral façade

On the Oy axis the force-displacement diagram indicates (Figure 22) an increase of the
base shear force to 15000 KN and a reduction of the horizontal displacement of the tower to
4.9 cm.

Figure 22: The force-displacement diagram when the seismic force is applied on the Oy axis
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On the main façade of the building (Figure 23 a) there are failure mechanisms only at the
spandrels of the tower and on the lateral façade (Figure 23 b) multiple failure mechanisms
appear along the entire wall.

b)

a)

Figure 23: Failure mechanisms of the consolidated structure on Oy axis: a) the main façade, b) the lateral façade

Table 1 represents a comparative study between the results of the non-consolidated
structure and the results of the consolidated structure, obtained from TreMuri [7].
Table 1: Comparative table between the results of the non-consolidated and consolidated structure
Axis

Base shear
force before
consolidation
[KN]

Base shear
force after
consolidation
[KN]

Transversal x
Longitudinal y

6200
4800

10800
15000

Comparative
growth
between the
base shear
forces
[%]
74
213

Maximum
displacement
before
consolidation
[cm]

Maximum
displacement
after
consolidation
[cm]

2.00
5.70

1.60
4.90

Comparative
reduction
between the
maximum
displacements
[%]
20
14

Table 2: Comparative table between the vibration modes of the structure
Before consolidation
After consolidation

5

First mode
0.518 s
0.518 s

Second mode
0.454 s
0.442 s

Third mode
0.431 s
0.422 s

CONCLUSIONS

The Franciscan Monastery is part of the architectural ensemble of the Fortress of Arad and
is nominated in the list of Historical Monuments of national importance. The structural health
of the buildings from this architectural ensemble, the understanding and the correct
utilization, make possible the social reinsertion in this historically urban site.
This paper represents the first time in Romania that a study of the bearing capacity of a
historic baroque style church was done. The studies will continue with on-site testing to figure
out the exact properties of the materials used in the construction of the church.
The dynamic analysis utilizes to diagnose the Franciscan Church permitted: the
identification of the structural strength before and after the consolidation and the
identification of the proposed consolidation solutions used to restore the historic architectural
surfaces.
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The first nonlinear analysis in the TreMuri program indicated that the structure may suffer
significant structural damage after an earthquake with the ground acceleration of 0.20g and
requires structural consolidation.
The second nonlinear analysis indicated that the building would have a higher structural
resistance if the two adjacent bodies would be taken into consideration in the model.
The structural consolidation was made with modern reversible technologies that do not
affect the historical value of the building. The unauthorized interventions made to the
structure were eliminated to reestablish the structural resistance and the authenticity of the
building.
The third nonlinear analysis indicates that the structural resistance of the consolidated
building significantly increased compared to the unconsolidated structure. Also this analysis
shows us that the number of structural elements in the consolidated area of the towers that
suffer failure modes were reduced.
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Abstract. This paper explores how preventive conservation for built heritage is promoted and
implemented around Europe, compares the different practices, and identifies some of the
necessary conditions for them to be effective and successful. It pulls together a broad range of
initiatives including recently launched and lesser known schemes. Since Monumentenwacht
was introduced in Netherlands, similar inspection service schemes have been launched in
nine European countries. Comparative analysis shows a great diversity in their management,
the spectrum of services, sources of income and other aspects. Other important models
contributing to the improved maintenance of built environment include heritage centres,
databases of contractors, one-off campaigns, conservation manuals, and maintenance
enforcement. Interdependencies observed between them suggest that their co-existence is
essential for preventive conservation system to be truly effective.
1

INTRODUCTION

Preventive conservation of built heritage is recognized as an essential part of sustainable
heritage management. It can expand the life-span of buildings and their historic fabric, ensure
the optimal use of financial, environmental resources and embodied energy, stimulate the
market, contribute to the preservation of traditional craftsmanship, increase public safety and
bring about many other benefits.
Variety of practices were identified that contribute to the improved maintenance of
buildings in Europe. Based on the differences in objectives and methods applied, they were
classified into three categories. Monumentenwacht type of practices take a hands-on approach
and deal with actual historic buildings by providing services such as inspection, monitoring
and minor repairs. Measures of education and information (heritage centres, one-off
campaigns, databases, conservation manuals) are raising awareness and equipping heritage
owners with knowledge of proper repair materials and techniques, qualified specialists in the
area, and other relevant information. The third category (combination of support and
enforcement) represents the view that maintenance of the built stock should be government
and individual responsibility (not a choice) for which supporting legal acts and financial
instruments need to be present.
Such spectrum was chosen not to simply list down the different existing initiatives but to
get a clear overview of the current practices in the field of preventive conservation for built
heritage, to analyse the different approaches and their sustainability. Research methods
include a review of literature, desk-based research into projects and policies of different
countries, face-to-face interviews and correspondence with heritage professionals, a survey of
practical maintenance workshops’ participants. This paper is a condensed version of the
author’s dissertation under the same title.
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2 COMPARATIVE ANALYSIS OF MONUMENTENWACHT TYPE OF PROJECTS
Monumentenwacht (hereinafter – MW) was set up in the Netherlands back in 1973 as an
independent non-profit organisation. The aim was to prevent deterioration of cultural heritage
with the means of annual inspection, temporary repairs and provision of professional advice.
It started with one part-time team that operated in two provinces and gradually expanded to
the whole country [1]. Now the organisation has over 100 employees that inspect more than
13 000 buildings every year [2].
The success of this model inspired a number of other European organisations to implement
it in other countries. Nine similar schemes were identified to have been applied since:
Monumentenwacht Flanders in Belgium (since 1991), the Bath pilot scheme in England
(2002-2003), Monumentendienst in Weser-Ems, Germany (since 2004), Műemlékőr in
Hungary (2012-2014), the Traditional Buildings Health Check scheme in Scotland (since
2013) (hereinafter - TBHC), ProMonumenta in Slovakia (since 2014), the Maintenance Plan
for the Romanesque Route in Portugal (2014-2018), HeritageCARE in Spain, Portugal and
the South of France (since 2016), and FIXUS in Lithuania (since 2019). Some of them have
been successfully running for years, others have just been launched, and there are those that
seized to exist right after pilot projects were over (see Figure 1).

Figure 1: Schemes similar to Monumentenwacht Netherlands found around Europe. Prepared by the author.

Efforts were made to identify and present a full list of such projects in Europe. However,
there were some deliberate exceptions made that should be noted. More than one such scheme
has been found in Germany but only one was selected (Monumentendienst) as a more
prominent example and also for the lack of accessible information about the other ones. Also,
there have been attempts to establish similar schemes in Italy and Austria that fell through due
to political reasons.
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The following subsections are aimed at highlighting these projects’ differences and
similarities, presenting common trends and challenges, rather than describing each of them
individually.
2.1 Services and objects of support
The four main services provided by all 10 organisations analysed are visual inspection,
minor but crucial repairs, the provision of maintenance advice, and the delivery of a condition
report. Usually, the staff (or someone from the team) would also be able to answer owners’
questions related to available funding, legal framework, appropriate energy efficiency
measures and similar topics. In some places (e.g. Slovakia; Stirling), the owner cannot apply
for a grant without being a member of the scheme and having a recent condition report.
Apart from these core services, some organisations also organise informational or training
events; prepare maintenance related manuals; assist in preparing applications for funding;
carry out inspections prior purchase or sale of properties; provide guidance during restoration
or renovation works; provide tips on how to get comparable quotes from contractors, and
provide other services.
Lithuanian project FIXUS stands out among other schemes in that it will carry out
laboratory research of samples taken during inspections. Such a service is possible as
scientific research of heritage objects is one of the main activities of the project promoter
(Centre for Cultural Heritage). Findings (about salts, composition of plasters, types of mould
and other) will inform condition reports and recommendations [3].
In Flanders, a fairly new service is the delivery of a Multi-annual Maintenance Cost
Analysis report (or Long-term Maintenance Plan). Essentially, it expands recommendations
provided in the main report by including the estimation of maintenance costs. Calculations are
based on needed materials and man-hours, quantity and frequency of the required
interventions and other details. The need for such service was observed during subsequent
inspections when some buildings were found in the same or worse condition than before. It
turned out that such situation is caused not necessarily by financial difficulties of owners to
follow the recommendations but the lack of more specific instructions and cost estimates [4].
Survey carried out in Flanders showed that 92% of members are “strongly interested in
further support in maintenance of their valuable heritage, specifically for estimating the costs
of the recommended works of preventive conservation” [5].
All of the organisations service historic buildings, however, some only work with listed
(protected) properties under public or church ownership, while others (e.g. MW Flanders,
Monumentendienst, TBHC, HeritageCARE) also include non-listed and privately owned
objects. Non-listed historic buildings are not included in those schemes that are fully funded
by public money. MW Flanders and some provinces in Netherlands are exceptional in that
they provide services to other objects than buildings as well (movable heritage objects,
interiors, maritime objects, in-situ archaeological heritage, historic gardens, cemeteries). They
were gradually included as organisations grew in size and experience.
2.2 Organisations and geographical scope
There is a surprising diversity in the type of organisations that initiate and implement this
model. In some countries, it is the governmental institutions of state level (in Slovakia,
Lithuania) or municipal level (Hungary, Portugal) that take the initiative and assign their
subordinate organisations to implement it. In other countries, the scheme is run by one or
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several independent non-profit organisations (though financially greatly dependent on public
support). They highlight their impartiality as one of the most important traits of the service.
Some of the organisations were established specifically for the purpose
(e.g. Monumentendienst Weser-Ems), others expanded their activities (e.g. Stirling City
Heritage Trust). Some of the non-profits emerged bottom-up (e.g. MW Netherlands), others
had guaranteed governmental support from the start (e.g. MW Flanders). However, the
continuity of schemes is not assured by the initial support of governmental institutions. For
example, the pilot project in the town of Eger, Hungary (Műemlékőr, en. Monument Guard)
was coordinated by the research centre under the Ministry of Human Resources (The Gyula
Forster National Centre for Cultural Heritage Management). Despite the success of the pilot,
the project was discontinued when the Forster centre was closed due to the changes in
political agenda and the reorganization of public administration.
The model has been found to be applied in areas that are very different in size – of a city, a
region, a country and even several countries. Projects in cities (Bath, Stirling, Eger) were
started as pilot schemes to test this model’s feasibility on a small scale first. Schemes in small
areas are easier to set up and manage quality wise but they are less economical and more
vulnerable to changes in staff. Manager of TBHC explained that it is challenging to balance
limited capacity (1 inspection team) with the right amount of marketing and the changing
demand for services - periods when there are very few or too many bookings. Under the
TBHC scheme, inspection of one building requires around half a day, and then another two
days are needed for the preparation of a report (which is around 30 pages long). Thus, one
team can only take up around 2 objects per week. Among the researched, there are
organisations with less than 5 to over 100 employees.
Schemes in larger areas have the benefits of scale but require effective management
systems to ensure the same quality of services, to address logistical and other issues. In
Netherlands, an independent organisation exists in every province - they work separately but
all of them are affiliated members of an umbrella association. It advocates its members’
interests and ensures that the same standards are applied across organisations. In Slovakia,
each of the three territorial departments of the Monuments Board has an inspection team (one
team consists of 4 persons) to cover different regions.
The project of HeritageCARE is unique in that it covers three bordering countries (South
of France, Spain, Portugal) with similar heritage, climatic conditions and common challenges.
International and intersectoral collaboration of 19 organisations (universities and research
centres, public institutions and private organisations) resulted in the development of
progressive methods of inspection and reporting, comprehensive damage atlas and other tools.
2.3 Sources of income
A characteristic common to all the analysed schemes is dependency on public funding. As
noted by Zoltán Erő (the managing director of architects’ studio Palatium in Hungary), the
market would be full of companies offering such maintenance services if it was a profitable
business [6].
The three longest running of the analysed schemes (MW Netherlands, MW Flanders,
Monumentendienst Weser-Ems) are supported by both local and state level governments with
the biggest share coming from the former. It is worth mentioning that in all three countries
decentralization policies are applied (especially Germany and Belgium that have federal
governments; Netherlands is a decentralized unitary state). That may be one of the reasons
why local authorities are more supportive of such schemes.

1609

Dalia Stabrauskaite

Exceptional case, in terms of funding, is the Bath pilot scheme, which was grant-aided by
three charities. However, the scheme only ran for 12 months and its continuation was
considered not possible “without greater promotion and strategic engagement from the
conservation authorities, better implementation of existing policy and financial & fiscal
stimulus” [7].
All the schemes launched after 2013 (except for TBHC) took advantage of EU/EEA
funding. It was used for whether the preparation of the scheme (research) or for its first years
of implementation (including acquisition of equipment). The grants were provided under the
programmes of Interreg (for HeritageCARE, Muemlekor), EU Structural Funds (MPlan for
Romanesque Route), and the EEA Grants (ProMonumenta, FIXUS projects).
The fact that public funding is essential for this model to work is widely discussed but
often without the supporting numbers. To get a better understanding of the level of support
that is needed, the income generated from the fees was compared with the overall annual
budget. The following two membership-based schemes were taken as case studies:
1). The Traditional Buildings Health Check (TBHC) scheme in Stirling covers one small
town. From its launch in October 2014 until the summer of 2019, it had attracted around 300
members. The annual budget needed to run the scheme is roughly £170,000. It should be
noted that this is the budget of a “normal” year – all the set up costs (purchase of equipment
and other) have been incurred in the previous years. Only around £15,000 of this amount is
generated from membership fees and inspections, while the rest is the support from the
Historic Environment Scotland (public body) [8]. Thus, only 8,8% comes from the direct
users of the service (heritage owners and managers).
2). The MW scheme in Noord-Brabant covers one province in Netherlands. It has been
operational for 44 years (since 1975) and has over 2000 members. The income planned for
2019 was 1,96 million euros, of which inspection and membership fees were foreseen to
constitute 35,5%. The rest was covered by the subsidy from provincial authority (53,6%), the
Government (8,7%) and a few other sources [9].
The two examples show what a small proportion of costs is actually covered with the fees
collected. Even a well-established organization operating for many years in a relatively big
area generates only around a third of its income from members’ contributions. The percentage
is naturally even lower for a relatively new scheme operating in a small territory of one city.
2.4 Pricing
Majority of MW schemes are based on a membership system under which heritage owners
pay an annual member fee and they are also charged for the services provided. However, there
is a great variation in pricing policies.
The analysis of different schemes showed that the average annual membership fee is
around 40 euros. Manager of TBHC shared that, despite the overall increasing interest in the
scheme, 80% of members renew their membership for a second year, only 63% for the third,
and 61% for the fourth. That is linked with the low demand (28%) for annual re-inspections
which are seen as too frequent [8]. As an incentive, in some provinces of Netherlands,
reduced rate is applied when the membership is extended. In Flanders, operators with a large
number of heritage objects can purchase a group membership. For example, every heritage
owner of Riemst community in Limburg (there are 108 protected objects) can become a
member of the scheme for free thanks to the municipal administration that obtained collective
membership (for 1000 euros/year). The municipality also subsidizes inspection costs [5].
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Fees for services are usually based on hourly rates. The lowest hourly rate amongst the
analysed cases was 30 euros/hour (Monumentendienst, Germany). Every provincial
organisation in Netherlands has a custom pricing policy. There, rates vary from 31 to 75
euros/hour which is influenced by the different size of support that comes from local
authorities. Instead of an hourly rate, TBHC charges 150 to 195 pounds a day. Normally,
organisations charge the owners additionally for the materials used on repairs. Some
organisations also include travel expenses (whether a fixed “call rate” or based on a distance).
In Flanders and Netherlands, services started to be provided to non-members as well but for
higher (not subsidized) fees. For example, the usual hourly rate of MW Flanders services is
45 euros but for non-members it’s almost twice the amount (80 euros).
There are big differences regarding the value-added tax (VAT) for repair services. In
Scotland, the full rate applies, in Germany it’s reduced (7%), while in Netherlands such
services are exempt from VAT.
In projects that are currently fully funded by the EEA Grants (FIXUS, ProMonumenta) no
fees for heritage owners apply. Even after 2022 (the end of EEA supported period), the
schemes are planned to be mostly supported by the Government and thus only very small
charges are foreseen [10].
To sum up, the schemes that follow the model of MW Netherlands are similar in that they
offer the same core services but they are definitely not pure ‘copies’ of the Dutch practice.
There are significant differences in their management, sources of income, the size of
geographical area covered and many other aspects.
3

MEASURES OF EDUCATION AND INFORMATION

There are many different educational and informational tools and methods out there aimed
at improved maintenance of historic buildings. Four of them stood out to the author as the
most common: heritage centres, one-off campaigns, databases of contractors, and
conservation manuals. They are distinctly different from each other in terms of form, required
budget and staff, the impact that can be achieved, and other aspects. Each is briefly presented
in the following sections.
3.1

Heritage centres

A heritage centre, in this context, refers to a non-profit organisation which provides
consultations and/or trainings on heritage related topics to heritage owners, specialists and
enthusiasts. Most of them are also carrying out activities of heritage research, documentation
and dissemination, practical conservation, preparation of condition reports or similar. Such
establishments are widespread in the Northern Europe, especially in Norway and Estonia.
However, based on personal communication with heritage professionals from Scotland,
Central and Western European countries, it seems that little is known about them outside
Northern Europe.
Centres that actively provide services to heritage owners and the general public are
indicated in the map (see Figure 2). Different colours are used only to signify more clearly to
which country the centre belongs. This is not an exhaustive list but most of the important
centres in Norway, the Baltics, Scotland and Iceland are believed to have been identified.
Those that were considered as very low in activity or inactive were deliberately excluded.
Situation in Sweden and Finland has not been investigated enough (due to time limitations
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and language barrier). Research done so far has not resulted in the discovery of any prominent
centres but it is likely that some exist there as well.
Those centres that mostly focus on the training or the upskilling of craftsmen were also
excluded as vocational education is another broad research topic. However, such centres
address the issue of skilled workers shortage which directly affects the quality of repairs. In
Norway, such training centres can often be found under cultural history and open-air
museums (e.g. Buskerud, Midt-Troms, Ryfylke, Husasnotra and other museums).

Figure 2: Locations of heritage centres. Prepared by the author.

One of the first centres to appear in the Baltic countries was the Information Centre for
Sustainable Renovations (SRIK) established in 2001 in a wooden architecture neighbourhood
of Kalamaja in Tallinn. It organizes trainings for heritage owners and specialists, provides
consultations, delivers guidance publications and videos, organises various heritage related
events. Importantly, in the same building a little shop “Majatohter” is established so heritage
owners can easily get appropriate materials for maintenance and repair works. The centre has
been supported by the Council (with gradually decreasing funding); it also generates some
income from running the shop, from taking part in various international projects and other.
Many of the Nordic centres focus more on wooden architecture (as it is characteristic to the
region) but there are exceptions. For example, the Murbyen Oslo centre specializes in historic
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brick buildings (that are built around 1850-1930). Its specialists can carry out a free initial
inspection to assess the condition of building’s facades and common areas. Recommendations
on needed works, suitable materials, experienced craftsmen, possible sources of funding are
provided in person and in a brief report/ inspection note. The Centre also organizes courses,
seminars and city walks. It is financed by the Ministry of Climate and Environment.
The Building Preservation Centre in Reykjavik (operational since 2007) is only open for 2
hours per week. During that time heritage professionals provide free advice on the
maintenance and repair of old buildings, there are also samples of suitable products for
repairs, books and magazines on architectural conservation. It is the simplest of the analysed
centres but a relevant example of how a heritage centre can be run even on a small budget.
3.2

One-off campaigns

There are many examples of one-off campaigns or short-term initiatives around the world
for the improved maintenance of heritage. They often emerge as a response to the lack of
public attention to a specific problem. Such initiatives can also help to test ideas and their
feasibility before bigger investments are made. Normally, a small geographical area and/or a
very specific topic is chosen to be tackled.
Events like this are generally considered beneficial but there is not much research
measuring their real impact and effectiveness in the long-run (such as application of skills
acquired after the workshop is finished). To understand the impact of such short-term
initiatives better, one specific case was chosen to be analysed more in depth - a cycle of
practical wooden windows conservation workshops for the public that took place in Lithuania
in 2016. Each workshop lasted for 4 days so that participants would be introduced to every
stage of the process. The size of the group per event was limited to 20-30 persons to ensure
hands-on approach. Workshops were led by experienced craftsmen; the programme was
complemented with lectures and local excursions related to wooden heritage.
This specific case was chosen for the author had the experience of managing these
workshops. That made it possible to get in contact with participants and learn about their
experience. An online survey was created and sent in July of 2019. That was perfect timing to
collect the data as three years that passed after the workshops is a period long enough to apply
such skills and knowledge in practice. 37 out of 70 participants to whom it was sent
completed the survey (53%).
More than half of the respondees (57%) felt capable of applying the knowledge and skills
gained to repair a window on their own, and 43% actually did apply them. 8% felt that they
have applied the knowledge indirectly - in the process of contracting specialists for the repair
works and knowing how they want them to be done. These series of events also worked as a
platform for networking. A high proportion of respondents made relevant contacts with
craftsmen (43%) or used it as an opportunity to get a consultation from craftsmen on topics
other than that of the workshop (41%). Around a third made useful and interesting contacts
with other participants (32%).
In order to have a somewhat broader and longer lasting impact, an informational video was
prepared in which every important stage of the process and recommendations by craftsmen
were captured. That turned out to be a very effective measure. First, participants of the
workshops found it to be a useful resource to refer to when carrying out the works on their
own. Second, the video helped to reach a much broader audience – it has already been viewed
over 7 thousand times [11]. Third, the leading craftsman said that a lot of people seeking for
professional advice have contacted him after seeing the video and continue to do so.
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The survey carried out proved that practical workshops that actively involve participants in
every stage of the process can result in improved maintenance of buildings. It is not known
what are the actual effects of the more commonly organized “taster sessions”, i.e. practical yet
shorter events that provide only a brief introduction or skip certain stages of the process.
3.3 Databases of contractors
A common issue around Europe is the lack of qualified contractors that are capable and
willing to take up repair works. Many heritage owners and managers encounter difficulties
when looking for a good specialist. At the same time, some contractors that are new to the
market find it hard to promote their services effectively and reach their target customers. In
some European countries specialized databases exist that address these issues.
In addition to the registers of qualified specialists that are more common (e.g. Register of
Craftsmen in Norway Håndverksregisteret), new types of databases started to appear that
include additional services. For example, MaintenanceBooker.org.uk (launched in 2017 by
the National Churches Trust) features a competitive tendering system. When the user of the
site submits a quote request, various local and national contractors are invited to bid for the
job. All the bidders are companies contracted for 4 years through an open tender process in
which experience, qualifications and references were taken into consideration.
The Counselling Network for Rural Architecture was created in 2015 to facilitate owners
of traditional buildings in rural areas of Estonia in getting professional advice. Its website
(www.maamaja.eu/) provides a list of heritage professionals (advisors and craftsmen)
classified according to their specialization (e.g. roofs; stone work etc.) and the geographical
area in which they operate. Importantly, all the specialists included in the database can also
provide a defined counselling service. It consists of the visit to the site, provision of an initial
assessment of the building’s technical condition and values, recommendations on needed
works, appropriate materials, suggestions on where to start, and a brief report. The cost of
such subsidized consultation for the owner is set to only 30 euros + VAT + travel expenses,
while the Centre of Rural Architecture pays the counsellor 120 eur + VAT. That ensures that
the model is viable – financially acceptable to both the owner and the specialist. Most of the
Centre’s income is the support from the Ministry of Culture, the rest is generated from the
organization of trainings and seminars, grants received from different foundations [12].
Such databases have not been found in places where MW services are present. However,
members of MW schemes often ask to name specific contractors that could carry out the
works indicated in the inspection report. They get disappointed as most of the MW
organisations feel that the act of providing such recommendations would compromise their
impartiality and reputation. Therefore, the existence of both models would ideally
complement each other.
3.4

Conservation manuals

A lot of the information regarding built heritage and conservation is delivered in a very
technical language which can discourage wider public to take interest in the subject. However,
an increase in publications designed for those without academic and professional background
in heritage has been observed in recent years. Among the examples seen, subjects covered
include the maintenance of different parts of the building, the use of traditional materials,
different types of structures, energy efficiency, guidance on legislative framework.
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Their preparation and/or distribution is often one of the functions of Monumentenwacht
type of organisations and heritage centres. For example, the Engine Shed - building
conservation centre in Stirling (run by Historic Environment Scotland) - has an excellent
collection of short booklets and some longer publications covering almost every possible
topic. Visitors of the centre are welcome to take them free of charge. They are also accessible
online on the centre’s website. Since the opening of the centre in 2017, a huge number of 34,5
thousand guides has been disseminated (not including e-versions downloaded) [13].
There are also quite interactive online versions such as “Under one roof” launched in
Scotland (www.underoneroof.scot) for owners of common properties and their advisers. The
website provides practical information and advice on repairs, helps to understand rights,
responsibilities and steps to be taken.
Written conservation guidance could be considered as the most passive of the educational informational methods of encouraging heritage maintenance. Nonetheless, high numbers of
copies being distributed show that they are of great interest to the public.
4

COMBINATION OF SUPPORT AND ENFORCEMENT

All the previously mentioned practices try to improve the condition of built environment
by raising awareness, informing and educating. However, high percentages of historic
buildings in poor condition suggest that such non-obligatory schemes may not be sufficient.
The Scottish House Condition Survey, carried out in 2016, found that almost half (48%) of
all dwellings and 67% of pre-1919 buildings (which make up 20% of Scotland’s housing
stock) have disrepair to critical elements of the building fabric [14]. In Edinburgh, over 20
incidents of falling masonry are reported every month putting public safety at risk [15]. It is
evident that similar situation would be found across Europe.
Obligatory maintenance of buildings could be compared to the required periodic technical
inspection of vehicles. It is universally agreed that requiring owners to keep their in-use
vehicles in good order has apparent benefits to the environment and the public safety. There
are façade ordinances in some cities of the United States but similar laws can hardly be found
in Europe. Therefore, ongoing discussions and plans to introduce tenement maintenance
legislation in Scotland are of great interest in this context.
Three main interlinked proposals put forward by the Scottish Parliamentary Working
Group on Tenement Maintenance (established on March 2018) are: 1) Compulsory (not
optional) Owners Associations (OA) and their status enhancement to legal entities; 2)
Mandatory quinquennial property inspections; 3) Creation of Building Reserve Funds (BRF).
Regular inspections and reports would inform the planning of necessary repairs and
expenditure. Reports would be made accessible to existing and prospective owners, as well as
tenants, neighbours and policymakers. They would include inspection conclusions, prescribed
works under different categories of urgency, indicative costings and information on any grants
available. BRF would ensure better control, governance and transparency than OA held funds.
It would feature a possibility to invest funds and make loans to owners whose funds are
insufficient; ensure long term maintenance through funds being heritable (transmittable to
future owners). BRFs would be held in a specially established, national or regional level fund
(a form of social investment fund).
Full monitoring of how these laws are being followed could hardly be ensured. However,
there are certain control mechanisms foreseen. For example, it would not be possible to sell a
tenement flat or to get a grant without an inspection report. Also, if inspection reports were to
be connected with Home Reports, the level of maintenance would be visible to potential
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tenants. Such situations would naturally force the owner to invest in maintenance and repairs
even if not on the intervals required by law.
It is expected that it will take around ten years for this system to be fully launched due to
the complexity of legislation to be introduced, the time needed to expand the pool of qualified
people for inspections, to ensure the functionality of tools to be used, and to raise public
awareness. From the viewpoint of Jocelyn Cunliffe (member of the Tenement Action Group),
the assurance of grants' availability is key to the success of the scheme. It would motivate the
owners and increase the demand for repairs, which, in turn, would ensure the vitality of the
market. Ideally, fiscal incentives (such as the possibility to reclaim VAT for repairs) would
also be in place [16].
5

REMARKS ON THE COMMUNICATION OF MAINTENANCE IMPORTANCE

All the discussed schemes are essentially driven by the same motives and the
understanding of far-reaching benefits of regular maintenance. However, a review of
communication messages in the websites of aforementioned organisations showed that an
incomplete picture of preventive conservation impact is presented. Usually, communication
evolves around the preservation of buildings’ cultural or historical values. Other significant
values and benefits (e.g. environmental) are rarely mentioned.
The global focus on climate change brought the attention to the fact that buildings and
construction industry are the major drivers of energy demand and CO2 emissions. According
to the 2018 data from the United Nations Environment Programme, the manufacture of
building materials makes up 11% of total global greenhouse gas emissions [17]. In the
heritage sector, these concerns seem to mainly manifest in increased efforts to 1) improve the
energy efficiency of existing buildings through the means of insulation, and to 2) apply
adaptive reuse on derelict or underused buildings. However, the potential to prolong the lives
of buildings that are still in use through preventive conservation methods is not yet fully
acknowledged. Aspects of embodied energy, long life-span of many original materials, the
carbon footprint of construction could all be used as arguments in favour of regular buildings
maintenance.
Apart from the positive impact on the environment, maintenance should also be discussed
in connection to public safety, the rising value of historic properties, and the negative impact
of many modern materials on human health. Researching and presenting a wider range of
preventive conservation benefits would likely make the topic more engaging and relevant to
the public and authorities.
5

CONCLUSIONS

Maintenance of historic buildings is being promoted by different types of organisations
that apply distinct methods. Monumentenwacht type of organisations provide professional
inspection services resulting in site specific recommendations. Necessary repairs that they
indicate in condition reports require appropriate specialists. Some of the recently launched
databases not only list qualified contractors but offer additional features (such as competitive
tendering system) that effectively connect specialists with heritage owners. Some of the works
can be carried out by the owners themselves but still require some knowledge and skill. They
can be sought from heritage centres, conservation manuals and various events for the public.
Practical workshops on wooden windows’ maintenance were found to not only increase the
appreciation of historic buildings but to actually result in improved heritage maintenance as a
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large proportion of participants apply the skills in practice. In Scotland, the foreseen
legislation is expected to improve generally complicated maintenance of shared properties by
enforcing quinquennial inspections among other requirements.
Therefore, all the different methods should be seen as integral parts of preventive
conservation system rather than alternative methods. Also, all the models require substantial
financial support to be feasible. In order to attract public and private investments, benefits of
preventive conservation should be explored and presented beyond the preservation of historic
or cultural value.
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Abstract. Structural typologies represent a group of buildings with similar geometrical
configuration and seismic performance. These typologies are normally used in the preliminary
stages of structural assessment of building stocks since they provide an overview of quick
results which guide subsequent studies of cases that resemble the types. This article provides a
methodology of structural typification using modern technologies for digitalization and
visualization of information based on the study of a representative sample of 22 churches
located in the South Andean zone of Peru and considered as part of Peru’s Cultural Heritage.
For each church, the information has been acquired and digitally modeled through the
integration of reverse engineering methods and Heritage Building Information Modelling
(HBIM). Furthermore, in order to improve the visualization and interaction experience, a
mobile application using Augmented Reality was developed. The use of these modern
techniques allowed the management of the information, which enhanced the comprehension of
the churches and thus enabled its further structural analyses. As a result, it has been identified
11 structural typologies of Andean churches, based on the material of its load bearing system,
their architectural form and some geometrical particularities of its structural elements.
1

INTRODUCTION

The process of structural typification entails analyzing and classifying building stocks into
types, according to relevant elements and geometrical features which influence their seismic
behavior and structural capacity [2]. Structural typologies possess common attributes of the
group of buildings they represent and their implementation in preliminary seismic assessment
evaluations of a macroscale approach generate rapid results and guide further damage analysis
[1]. Many post-earthquake studies corroborate that buildings belonging to the same structural
typology behave the same manner and, consequently, develop similar collapse mechanisms [3].
To establish representative structural typologies of heritage buildings, it is important to have
an adequate and standardized understanding of their structural system [4]. However, on several
occasions, this information is non-existent or difficult to access due to the scarce and dispersed
documentation recorded of their geometric, architectural and structural characteristics. These
difficulties in understanding are intensified in the study of Andean churches because they are
considered monumental buildings of complex geometry and architectural features built using
multiple materials and no records of construction techniques [5].
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2

MODERN MANAGEMENT AND VISUALIZATION TECHNIQUES FOR
HERITAGE BUILDINGS

In recent years, rapid advances in technology have promoted the implementation of
multidimensional and collaborative techniques in conservation and restoration projects of
Cultural Heritage [6]. The use of these tools benefits structural assessment of ancient buildings
by improving information management and visualization, which enhance their understanding
and facilitates decision-making [7]. In this sense, Heritage Building Information Modelling
(HBIM) and Augmented Reality (AR) are recently used in the study of heritage buildings. A
proposal of the workflow of its combined employment is presented in Figure 1.

Figure 1: Procedure for digitization and representation using Augmented Reality of information from
heritage buildings (adapted from [6])

Heritage Building Information Modelling (HBIM), defined as a process for creating 3D
“smart” objects, is used to digitalize information concerning the buildings’ architecture,
structure and facility systems [7]. These models can also include additional information, such
as its construction materials, conservation state or damage patterns [8], which facilitates and
integrates the management of the construction processes and the maintenance of their facilities.
The combination of HBIM with reverse engineering procedures for geometrical survey in
existent constructions is very attractive. In this aspect, photogrammetry and terrestrial laser
scanning are commonly used, complemented with descriptive information from technical and
historical sources [9], to obtain point clouds from which objects can be modeled using AEC
(Architecture, Engineering, Construction) software [10]. These applications allow a virtual
reconstruction of the buildings by the assemblage of smart objects that represent its structural
elements. In this process, libraries of 3D objects related to databases can be make up in order
to storage relevant information for subsequent analyses.
Augmented Reality (AR) is defined as the overlaying of digital information in the real world
environment, improving the perception of the user and promoting real-time interaction [11].
AR can be displayed in handheld mobile devices’ screen through the recognition of an Image
Target [12]. To develop an AR application, is necessary to import 3D models into display
engines and to carry out two steps. Firstly, 3D objects are assigned pre created materials and
textures for its rendering and are designated to an Image Target. Secondly, the User Interface
is designed by creating the display layout and by programming interactive functions. Software
Development Kits, known as SDKs, facilitate the transition of AR projects from graphic
engines to mobile operating systems (i.e. iOS or Android) where they will be executed [13].
They also allow their rendering and the tracking and the Image’s Target recognition.
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3

STRUCTURAL TYPIFICATION USING HBIM AND AUGMENTED REALITY

Peru is recognized as a center of diffusion and reference of the colonial architecture in
Andean region [14]. The first churches were the result of the combination of forms and styles
imported from the Iberian Peninsula with local contributions, influenced by Peruvian
idiosyncrasy and availability of resources in the area [15]. The present investigation is restricted
to churches located in the region of Cusco for two reasons. First, Cusco, as the civil, political
and ecclesiastical capital of the Spanish viceroyalty, was the main reference and promoter of
the development and diffusion of culture, art and architecture in the region [16]-[18]. Second,
after the earthquake of 1650 an ecclesiastical provision [17] made official the use of formal
architectural and structural models from Cusco as references for the churches to be restored
within the city and new constructions in the Andean region [18]. In the present work, a
methodology of 3 stages was used for the structural typification of churches (see Figure 2).

Figure 2: Methodology of structural typification using HBIM and AR

The first stage consisted on collecting information from a sample of 22 Andean churches
using bibliography research and in-situ inspections. The information was digitized and stored
in databases, which enabled the creation of 3D models of the churches. For each case study, a
standardized data sheet including a wide description and documentation of its structural system
was generated. In the third stage, the churches were analyzed and, according to three structural
criteria, were typified. For each typology, 3D models were created for representing their typical
and variable structural elements, which were presented in technical data sheets along with their
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description. Simultaneously to these stages, AR applications were developed to visualize and
interact with the smart models of both, the churches of the sample and the proposed typologies.
3.1 STAGE 1: SAMPLE SELECTION
A sample of 22 churches located in the region of Cusco was selected due to the existence of
historic precedents of their influence in the construction of religious buildings in all the Andean
region [15–19]. Because of their importance in the region, these buildings possess available
information regarding architecture and structural features, and some of them were object of
study of previous structural assessments [20, 21]. Likewise, these temples have a high tourist
influx, which provides with extensive photographic records from their inside and outside. In all
cases, the missing information was completed with visual inspections which were aimed at
updating the architectural and structural information, revision of historical documents, and
expanding the photographic record. Within this sample, 70% of the temples are located in the
historical city center, while the remaining 30% belong to rural areas.
3.2 STAGE 2: HISTORIC BUILDING INFORMATION MODELLING

The records of architectural drawings obtained were digitalized on CAD and the data
collected from historical and touristic sources was condensed on digital databases and
multimedia inventories. With these tools, the understanding of the churches was enhanced and
thus allowed the creation of standardized data sheets with the descriptions of each case study.
The development of smart 3D models was carried out using Revit interface (Autodesk®). A
sample of the modelling and implementation process of one data sheet and the descriptive
resultant formulary is presented in Figure 3.

(a)

(b)

(c)

(d)

Figure 3: Inventory process of a religious building: the church of the Society of Jesus. (a) Modeling of
parametric objects; (b) General 3D modeling; (c) Documentation; (d) Standardized technical data sheets

First, parametric and manual modeling of objects representing structural elements of the
church were created according to the recurrence and complexity of its shape. For instance, the
most common elements, such as arches or vaults, were modelled parametrically with the aim
of using them on further models; whereas, particular elements, such as altarpieces or
architectural details, were modeled based on the extrusion of profiles or manual creation of
surfaces. The objects were then inserted and assembled in the software, in where they were
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grouped according to their structural functionality and type of material. Finally, descriptive data
sheets were complemented with the documentation and measures obtained from the 3D model.
The 3D models were imported into Unity [22] for the development of an Augmented Reality
experience (AR). They were edited in order to assign colors and textures to its structural
elements, differentiating the type of material, and matched to an Image Target, which in this
case were the descriptive data sheets. Simultaneously, the user interface, where the user
observes and interacts with the structural elements of the 3D model, was developed. For each
element two possible interactive functions were designed: the visualization of a pop-up screen
where qualitative and quantitative information of the church is displayed, and the displacement
in one of the 3D axis. Finally, the engine used Vuforia and Android’s SDKs to build the project
for Android platform, creating the mobile augmented reality application, as shown in Figure 4.

(a)

(b)

Figure 4: Augmented reality application of the church of Saint Peter the Apostle of Andahuaylillas: (a) User
view from a handheld mobile device; (b) Graphic interface of the application

3.3 STAGE 3: STRUCTURAL TYPIFICATION
According to the previous survey, it was found that the churches differ mainly in its
predominant construction material and in their architectural form. These two criteria influence
its seismic performance and thus were selected the structural typification of Andean churches.
Regarding its structural system, these buildings are composed of bearing walls made of three
types of masonry (see Figure 5).

(a)

(b)

(c)

Figure 5: Types of masonry in Andean churches: (a) Stone masonry in Society of Jesus church; (b) Adobe
masonry in St. Peter the Apostle church of Andahuaylillas; (c) Mixed masonry in St. Christopher church
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Stone masonry walls are composed of rough or polished stone blocks joined with lime.
Adobe masonry walls are composed of adobe blocks joined with mortar, supported by a
basement of stone masonry 1-2m high. Finally, mixed masonry is defined as a combination of
the two previous types, with a predominance of over 70% of adobe masonry. Within the sample,
50% of the churches possess adobe masonry walls, 32% possess stone masonry walls and 18%
possess mixed masonry walls.
Secondly, the field investigation identified four categories of the architecture’s distribution
according to the buildings’ cross section and building plan’s shape (see Table 1). Rectangular
shaped churches are conformed by a single nave that possess arches that support the vaults
along with the bearing walls. The cross-shaped type churches are composed by a rectangular
nave crossed perpendicularly by a smaller and rectangular nave called transept. The gallery
where the two main axis of the naves crosses is called crossing and is usually covered by a
dome, higher that the vaults of other galleries. The Basilical and Hall categories possess a main
nave flanked by lateral naves. Basilical shaped churches possess lateral naves almost half of the
height of the main nave, whereas Hall shaped temples possess naves with the same height.
Table 1: Categories of churches according to their architectural distribution
Rectangular

Latin cross

Basilical

Hall

Cross
section

Building
plan’s
shape

Finally, three particularities of the churches’ structural elements were used as final criteria
in the typification: vertical irregularities between the nave and the presbytery, variations in
mixed masonry and presence of side chapels along longitudinal walls. In the group of adobe
rectangular-shaped churches, a subgroup of buildings with the presbytery elevated between 12 m above the nave was identified. In this case, the presence of triumphal arches at the
intersection of the nave and the presbytery is permanent, whereas elongated nave temples are
characterized by occasionally having the triumphal arch. In mixed masonry churches, two
possible wall’s composition were observed: the existence of high foundations, almost half the
height of the wall, and facade walls made entirely of stone masonry. Finally, in stone churches,
it was observed that the presence of side chapels, defined as rooms with spans no greater than
1-2m, modify the continuity of the churches’ longitudinal walls in order to connect them with
the nave. The wall’s variation depends on their architectural distribution. For example,
rectangular-shaped churches possess walls with a gap at the middle of the nave (see typology
SR-2 of Table 2), whereas cross-shaped and hall-shaped churches possess continuous walls
with big openings (see typologies SLC-2 and SH of Table 2). In both cases, the load of the roof
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at the discontinuous sections are concentrated to the internal arches of the nave, which are
normally reinforced in the outside by aligned buttresses.
Based on these criteria, 11 structural typologies were identified within the study sample, as
shown in Figure 6 and Table 2. In the schematic 3D views, stone and adobe masonry and bricks
are differentiated by the usage of colors that resemble these materials. Moreover, the exterior
variable elements of each typology, such as bell towers or adjacent chapels, are set apart from
typical structural elements by being colored by a light gray tone. The typologies SR-2, SLC-2
and SH present their adjacent chapels extruded from their original position to show their effect
on the continuity of longitudinal walls.

Figure 6: Summary of proposed structural typologies

The process of developing the AR application of the structural typologies is similar to the
application made for the 22 sample churches. The differences lie in the interactive functions of
the user interface given that the description of structural typologies is more extend due to typical
and variable characteristics they represent from their group. The application uses the descriptive
standardized sheet as Image Target, as seen in Figure 8a. The general information of the type
and the description of its structural elements can be displayed from the main menu, located next
to the title of the application. Typical and variable elements of the typologies can be displayed
by using it correspond button, as shown in Figure 8b. The names of the structural elements are
shown in labels the user can click in order to see more details: a window with further descriptive
details appears at one side of the screen and the structural element is highlighted from the rest
of the temple (see Figure 8c). In the case of variable structural elements, such as bell towers,
choirs or facades, the emergent window includes information and schemes of their possible
variations (see Figure 8e).
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Table 2: Schematic 3D views of the proposed structural typologies
High presbytery

AR – 1

Elongated nave

Stone masonry
facade

AR - 2

MR - 1
Stone masonry
facade

High
foundations

MR - 2

Lateral
chapels

MB

SR - 2

SLC - 1

SR - 1

Lateral
chapels

Lateral
chapels

SB

SH
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General information
and description of
typical structural
elements

(b)

(c)

(d)

(e)

Description of
variable structural
elements

(a)

Figure 8: AR application of the structural typology of adobe masonry churches with rectangular shape
building plan and high presbytery (AR - 1): (a) Data sheet used as Image Target; (b) General information; (c)
Display of typical structural elements - walls; (d) Labels of variable structural elements; (e) Display of variable
structural elements – Bell Towers

4

CONCLUSIONS

In preliminary seismic assessment of heritage building stocks, structural typologies are used
as classification systems that enable the identification of relevant and frequent building types
in national scales. This investigation provides a methodology of structural typification
implementing HBIM and Augmented Reality to enhance the information management,
description and visualization of heritage buildings. As a result, 11 structural typologies were
established, and its typical and variable structural elements were described and documented in
standard technical sheets. Furthermore, these sheets were assembled in a condensed repository
of data storage interconnected to smart 3D objects’ libraries. This investigation adds value to
subsequent individual studies of these churches by providing relevant information of their
structural system and 3D models that can be used in further numerical evaluations, so manual
and time-consuming modelling does not need to be carried out. The development of the
Augmented Reality (AR) application was crucial for visual representation and interaction of
the digital information modelled. The irregularities and complex morphology of the studied
churches can be easily understood by the dynamism and interactivity that the application
provides through its user interface and functions. The quantification of the impact of the
application on non-specialist users will determine the effectiveness of the method proposed and
shall give a lead on the improvement and refinement of the AR application. Future works should
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also consider the validation of the proposed structural typologies for its implementation in
international scales.
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Abstract. The paper introduces the main concepts and criteria presented in the Guidelines on
the Analysis, Conservation and Structural Restoration elaborated by the ICOMOS/ISCARSAH
committee. The guidelines have been developed with the aim to provide guidance to experts and
practitioners working in the study and conservation of structures or the architectural heritage.
The guidelines are based on the ICOMOS Charter on the Principles for he Analysis,
Conservation and Structural Restoration of Architectural Heritage elaborated by ISCARSAH
and adopted by ICOMOS in 2003. The guidelines are intended to assist the multidisciplinary
teams involved in the management of historical structures across all the stages of the study and
operation, including the investigation and documentation works, the structural verification and
the selection and design of appropriate minimum interventions.
1 THE ICOMOS /ISCARSAH COMMITTEE AND THE GUIDELINES
The International Scientific Committee on the Analysis and Restoration of Structures of
Architectural Heritage (ISCARSAH) was founded by the International Council on Monuments
and Sites (ICOMOS) in 1996 as a forum and scientific network of engineers, architects and
scientists dealing with the structural dimension of monuments and historical constructions. The
committee’s focus is on the study and the conservation of the structures of cultural heritage
buildings. The committee counts at present with more than one hundred international members.
The committee has been responsible for the elaboration of the ICOMOS Charter on the
Principles for he Analysis, Conservation and Structural Restoration of Architectural Heritage
[1] (ISCARSAH Principles) adopted by ICOMOS in October 2003. The ISCARSAH
Principles, largely disseminated at the international level, have been translated to French,
Italian, Spanish, Turkish, Arabic and other languages.
Jointly with the Principles, the ISCARSAH Committee has been working in a set of
guidelines oriented to assist researcher and practitioners in the application of the Principles and,
more generally, in the study of ancient structures across all its stages, including the investigation
and documentation activities, the structural verification and the design of interventions. The
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ISCARSAH guidelines have been written with the aim to provide guidance to the
multidisciplinary teams involved in the study and conservation of historical structures.
The approval in 2010 of Annex I on Heritage Structures of ISO13822 on Assessment of
Existing Structures [2], elaborated with the contribution of ISCARSAH members, constituted
an important step towards the dissemination of advanced concepts and practice on the study
and restoration of historical structures. The ISCARSAH guidelines have been elaborated taking
into account different relevant documents, including the Venice Charter of 1964 [3], the Nara
Document of 1994 [4] and ISO13822 [2] along with the ISCARSAH Principles [1].
Following the ISCARSAH Principles and Annex I of ISO13822, the guidelines recognize
that historical structures have cultural value in themselves and therefore their conservation must
encompass the preservation of all tangible and intangible heritage values that contribute to their
authenticity and cultural dimension. The structure is regarded as an essential part of the
building’s cultural legacy.
The guidelines are based on the premise that a combination of both scientific and cultural
insight and knowledge is indispensable for the study and care of the architectural heritage. The
necessary insight and knowledge are provided by the different experts integrated in the
multidisciplinary team. The guidelines are also based on the understanding that, within such a
multidisciplinary approach, structural engineering can provide the technical support necessary
to safeguard the structure not only as a functional device but also as a cultural asset.
2 HERITAGE VALUES
It is understood that the conception of the studies and the design of interventions must be
based on a previous identification of the heritage values attributable to the historical structure.
Therefore, one of the first sections of the guidelines is devoted to the identification of the
character defining elements that contribute to the cultural and heritage values of historical
structures.
The multidisciplinary team, including architects, engineers, historians, archaeologist and
other specialists should be responsible for the identification of the cultural heritage values. As
for any cultural resource, the authenticity and the heritage values of a historical structure
encompass both tangible and intangible values. Among the tangible character-defining
elements, providing heritage value, are the geometry, the materials, the overall structural
organization, the construction details and connections, the location and setting (the
environment). Imperfections and alterations may be also identified as character-defining
elements, and should be respected provided that they do not compromise the safety
requirements or the structure’s durability. Among the intangible character-defining elements
are the construction traditions and techniques, the structural concepts, the original (and
subsequent) use and function, and the sources of evidence on ancient knowledge and
technology. The spirit and feelings conveyed by the historical construction are also regarded as
an intangible character-defining element.
The identification of the character-defining elements and the assessment of the heritage
values are of upmost importance for the design of minimum interventions. The evaluation of
the impact of the interventions on heritage values is a critical operation in the application of the
scientific and engineering approaches presented in the following sections.
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3 MINIMUM INTERVENTION
A key concept referred to in the guidelines is that of the minimum intervention. A minimum
intervention is the defined as an intervention that optimally combines compliance with
structural requirements with the maximum possible protection and enhancement of heritage
values and respect to the structure’s authenticity. The guidelines provide significant attention
to the concepts and procedures concerning investigation and operation which may lead to an
adequate minimum intervention. In any case, the definition of minimum intervention involves
the need to assess the impact that any intervention will have on the heritage values, which in
turn requires to provide criteria on how such evaluation may be performed.
In addition to preserving the structure’s authenticity and heritage values, minimum
interventions are also desirable for other meaningful reasons. On one hand, excessive
unnecessary alteration (incurred by a non-minimum intervention) is not advisable because the
modified structure may develop a response difficult to predict, especially in the case of
earthquake, with potential undesirable consequences. Furthermore, solutions causing a
significant alteration may be very difficult or impossible to remove, therefore compromising
later improvements or future new interventions, as dictated by the principles of removability or
re-treatability later discussed.
In the guidelines, and based on large previous experience by ISCARSAH members,
structural performance and conservation are regarded as complementary conditions leading to
convergent optimum operations through the concept of minimum intervention. Rather than
being in contradiction, it is understood that, often, the most adequate interventions from a
structural point of view are also the ones better respecting the authenticity of the ancient
structure.
4

PROPOSED APPROACH

It is understood that an acritical application of codes and standards not specifically oriented
to heritage structures may lead to erroneous conclusions on their structural condition and
intervention needs. In specific, the rigid application of seismic and geotechnical codes may lead
to misinterpret the resistant nature and real capacity of the historical structure and to apply
drastic and unnecessary strengthening measures. Similarly, conventional methods for structural
analysis oriented to new construction are often based on hypothesis on the structural behaviour
that may not be applicable to historical structures.
While the overdesign caused by conservative approaches may be acceptable for new
construction, a too conservative approach to structural safety may not be acceptable in the case
of heritage structures due to excessive and unjustifiable cost in terms of loss of authenticity and
cultural value. Actions that are not indispensable for the safeguarding of the building should be
avoided.
In an attempt to overcome the aforementioned difficulties, a different approach is proposed
strongly based on the scientific method. The approach proposed integrates qualitative and
quantitative evidence through the combination of a set of complementary activities. These
activities are:


Historical research, based on the study of the relevant historical facts on the structure
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through the investigation of all kind of documentary sources.
Inspection consisting in the characterization of the current condition and properties of
the materials and structure through surveys and investigations.
Monitoring, based on the observation of the response of the structure over a period of
time.
Structural analysis, consisting in the quantification of the response of the structure by
means of a sufficiently accurate and calibrated structural model. Calibration and
validation of the model is done by comparison with empirical information provided by
historical investigation, inspection and monitoring according to the approach later
described.

These activities are consistently developed across the different phases of the study, which
include
(1) the assessment and investigation works, oriented to identify the causes of damage
(diagnosis) and to conclude on the structure’s conservation condition,
(2) the structural verification, involving the characterization of the structural performance
and the identification of the intervention needs, and
(3) the design of the intervention, including the identification and full definition of optimal
remedial solutions.
5 ASSESMENT. INVESTIGATION AND DOCUMENTATION WORKS
The first phase of the study includes all the necessary investigations to conclude on the
current condition and causes of decay and damage. For this purpose, it is important that the
investigating team incorporates the wide range of skills that may be necessary for a sufficiently
deep understanding of the structure and its problems. The process leading to the necessary
knowledge is based in the integration of the activities mentioned in the previous paragraph (Fig.
1). Historical research may provide precious information on the original features of the structure
and latter historical facts or events having had a sensible impact on it. Inspection involves all
the necessary activities to characterize the current properties and condition of the structure.
Monitoring may provide quantitative information on the evolution of the response of the
structure along the monitored period. Finally, structural analysis can contribute to the
characterization of the response of the structure for a variety of conditions and actions.
Historical research is regarded as an essential activity that may provide valuable information
on the original features of the structure and latter historical events having had impact on it.
Aspects to investigate are the stricture’s historical and cultural significance, the original
construction materials and procedures, the subsequent changes affecting both the structure and
its environment, historical natural actions (such as earthquakes) or anthropogenic ones, and past
restoration works.
The inspection works can be divided into two different stages, corresponding to (1) the
survey of the structure by direct observation and measurements and (2) in situ and laboratory
testing. The main objectives of inspection by direct observation include the characterization of
the construction and structural features, the identification of ongoing environmental effects and
the identification and mapping of damage. The preliminary inspection of the building allows
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also the location of adequate spots for the performance of geophysical surveys, the execution
of Non-Destructive Tests (NDTs) and Minor Destructive Tests (MDTs) and the extraction of
samples to be tested in laboratory. As part of the direct observation stage, decisions should be
taken on immediate risks and the need for urgent stabilization measures. The second inspection
stage (in situ and laboratory testing) involves a detailed characterization of the materials and
structure, including their deterioration processes.

Historical research – Reconstructing the past

Inspection – Charactering the current condition

Inspection – Identifying the current trends

Structural analysis – Simulating past actions

Figure 1: The activities than can be integrated during the investigation and diagnosis phase to draw
conclusions on the causes having induced damage and the present structural condition

The guidelines distinguish between static monitoring, consisting in the recording of
structural parameters (such as displacements, rotations, crack openings, stresses, etc. …) over
a long period of time, and dynamic monitoring, used to record the response of the structure
during the occurrence of seismic events, strong wind episodes or other episodic (normally
dynamic) actions. Some criteria are provided on how to apply both types of monitoring. In
specific, regarding static monitoring, some requirements are mentioned as necessary for an
adequate post-processing and interpretation of the registered data. These requirements are (1)
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the identification of the critical variables (movements, crack widths), (2) the measurement of
not only structural parameters (as crack openings) but also environmental ones (wind speed,
temperature and humidity) and (3) a sufficiently long monitored period. Monitoring may be
oriented to either survey the evolution of a non-intervened structure or to assess the
effectiveness of a possible intervention.
During the diagnosis phase, structural analysis can be utilized to investigate the performance
of the structure under past actions. These actions may include gravity loads, earthquake, wind,
soil settlements, chemical or physical attack, anthropogenic alterations and thermal cycles,
among other. Structural analysis can be utilized to characterize the possible contribution of
different actions to existing damage and possible partial collapses. Structural analysis always
involves the adoption of a model whose hypotheses and assumptions should be carefully chosen
and taken into consideration in the interpretation of the results.
6 ASSESSMENT. STRUCTURAL PERFORMANCE VERIFICATION
The guidelines recognize that the structural verification of a historical structure constitutes
a genuine problem posing significant challenges to the analyst. In any case, it is a problem fully
encased within engineering understanding and equally solvable by means of engineering
approaches, even if the contribution of the multidisciplinary team is of upmost importance.
According to the guidelines, the verification of heritage structures involves a multi-dimensional
problem in which the conventional and ultimate limit states are considered along with the
safeguarding of the possible valuable artistic contents and the preservation of the structure’s
authenticity and cultural value. Therefore, the adequate performance of the structure must be
evaluated taking into account three related targets:
(1) The safety of people at risk
(2) The maximum possible safeguard of valuable immovable cultural and artistic contents
(3) The integrity of the structure as a cultural heritage object
Objectives (1) to (3) will lead to the definition of the acceptable damage levels and the target
reliability levels to be considered in the structural verification.
In the presence of very valuable paintings or frescoes fixed to walls or vaults, or other
immovable cultural contents, and as suggested by the Annex I of ISO13822, condition (2) may
be implemented through the consideration of specific serviceability limit states oriented to
control deformation and damage.
In some cases, and as also indicated by Annex I of ISO13822, the protection of the structure’s
cultural value may lead to the acceptance of reliability levels lower than those implicit in
building design codes. In these cases, parallel measures such as restricted use or provision of
alternate escape routes must be adopted to limit the consequences of a failure on people. The
method presented in section 7.3 provides a certain understanding on the situations that may
require the reconsideration of the acceptable reliability levels.
The structural performance verification is also based on the general approach described in
section 4 and integrates similar activities. Four different approaches can be considered (Fig.2):


Historical approach, based on the investigation of the past performance of the structure.
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Qualitative (or comparative) approach, based on the comparison of the structure being
analysed with a number of similar constructions whose behaviour is already understood.
Experimental approach, consisting in the execution of on-site experiments aimed to
measure the load capacity of structural members.
Analytical approach, based on the use of structural analysis to predict the performance
of the structure under future actions.

Historical approach –
Investigating the past performance

Qualitative approach –
Learning from similar buildings

Experimental approach –
Carrying out experiments on structural members

Analytical approach –
Modelling to investigate the structural response

Figure 2: Different approaches that can be activated and integrated to conclude on structural performance

In the context of the structural performance verification, structural analysis is regarded as a
deductive procedure in which the information on the structure, morphology and actions is
invested (as input data) in constructing a structural model which is then used to predict the
structural performance under future actions.
It is recognized, however, that structural analysis may suffer from significant uncertainty
due to the fact that their reliability depends largely on the representativeness and realism of the
adopted mathematical formulations. It is also recognized that data are always limited and liable
to uncertainty. Often, the amount of data available are largely insufficient for a complete
definition of a model. Due to these uncertainties, models must be always calibrated using the
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available evidence on the performance and condition of the structure. This evidence may be
provided by historical analysis, inspection and monitoring. However, a full validation is not
actually possible and significant uncertainty may remain in spite of the calibration effort.
Engineering judgment is therefore necessary to evaluate the feasibility and reliability of the
predictions and the correct use of the entire procedure leading to model construction, calibration
and prognosis.
The guidelines devote a full section to the approaches and technical possibilities for model
calibration. Among other possibilities, this section refers to calibration by comparison of the
numerical predictions with existing crack patterns, historical past performance, stress states as
measured by means of flat-jack tests (or other procedures), dynamic response or static
monitoring response.
The activation of the above four approaches also requires for a methodology or criteria for
the integration of their possible outcome. Several criteria are provided on how to combine and
integrate the approaches. Such criteria consist on the principles of consistency, completeness
and corroboration. Consistency refers to the need for identifying possible contradictions among
the information provided by the approaches (the “plausibility check”), in which case improved
investigations are needed until the contradictions are explained and solved. Completeness
concerns to the need to obtain the necessary and sufficient information on the relevant variables
of the problem. Corroboration refers to the convenience or need for redundant evidence
provided by the different approaches as a way to confirm the information inferred. When the
evidence obtained through the different approaches does not satisfy the above criteria,
additional effort may be needed to improve the methods applied and the information obtained.
In any case, the process leading to the verdict on the structural performance, based on the
synthesis of the approaches, is not formalized and lies strongly on engineering judgment.
7 INTERVENTION
7.1 Intervention criteria
A set of criteria or principles oriented to better identify and develop adequate minimum
interventions are provided and discussed. Some of these criteria are in fact well known and are
currently adopted in studies or projects on interventions in historical structures. Among them
are the principles of compatibility with the original material and techniques (including
chemical, physical, mechanical, rheological and thermal compatibilities), durability of the
repair or reinforcing materials, non-invasiveness and removability of the devices or
technologies used for strengthening.
According to the removability criterion, it must be possible to remove and replace the
adopted measures. Replacement of the measures may be necessary when the former ones do
not prove sufficiently efficient or to implement a more technologically advanced and respectful
solution. Removability implies that the dismantlement of the intervention will only generate
limited and repairable deterioration on the original construction.
A new criterion, designed as re-treatability, is introduced in the guidelines. According to it,
any intervention should be designed in such a way that it does not compromise future
interventions. This principle is of upmost importance when the technologies utilized do not
comply with the aforementioned principles, and especially with non-invasiveness and
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removability.
According to the criterion of controllability, it must be possible to control the intervention
during its execution. Measures that are impossible to control should not be allowed.
Last but not least, the guidelines refer to the principle of sustainability, according to which
restoration projects should be mostly based on sustainable materials and technologies with low
environmental impact during their life cycle.
It is recognized that applying all the mentioned criteria in a simultaneous and strict way may
be difficult or impossible in practice. Instead, the criteria should be regarded as convenient
guidelines or inspirational principles to be applied to the extent possible in the design of
solutions approaching the concept of minimal intervention. For instance, lime mortar grouting
for the consolidation of masonry walls may be regarded as an acceptable (even very
satisfactory) solution in spite of its invasive character due to its proven durability and
compatibility. In turn, strengthening solutions using a material with limited durability (as steel)
may be acceptable if they are applied in a non-invasive and removable way and can be regularly
inspected and maintained.
7.2 Pro and post natural hazards structural maintainability
The concept of structural maintainability is a novel contribution of the guidelines. The
inspiration of the concept lies on real practices undertaken traditionally in seismic regions. In
such locations, historical structures have been subjected to repeated repair or strengthening
operations during their history. Rather than introducing drastic transformations, the traditional
practice has mostly involved regular operations consisting in repair and maintenance. In a
similar way, it is understood that the modern approach to seismic resistance of historical
structures should base on an extended concept of maintenance allowing the preservation, as far
as possible, of the original construction characteristics. Structural maintainability is defined as
a continuous maintenance programme involving minimal repair or strengthening operations
undertaken after each earthquake. Such interventions should be designed so that they do not
hinder future ones. The concept of structural maintainability is intended to facilitate the
application of the principle of minimum interventions to the case of buildings affected by
earthquake and other natural hazards.
7.3 Proposed engineering approach to the design of the intervention
The proposed approach for the selection and design of interventions is summarized in the
flowchart of Fig. 3. The approach is based on the common engineering procedure consisting of
envisaging and evaluating a set of alternative solutions. It is also based on the evaluation of the
impact of the different alternatives on the heritage values.
After the definition of the reliability levels, a number of alternative solutions may be
envisaged satisfying as far as possible the criteria presented in section 7.1. All these solutions
should attain the targeted structural reliability levels. In addition, all solutions must be evaluated
regarding their impact on the heritage values. Among these solutions, the one causing the
minimum impact to heritage values should be selected. If the impact of this solution is
sufficiently small (in the sense that its benefit largely surpasses its impact on heritage values),
then this solution can be considered as a satisfactory minimum intervention. Otherwise, if the
impact on the heritage values is deemed excessive, the adopted structural requirements may be

1637

Pere Roca

reconsidered and possibility reduced (which, as mentioned, would require the adoption of
complementary measures to avoid inacceptable risk on people). Adopting modified reliability
levels means to reinitiate the process and again envisaging possible alternative solutions from
which to derive a possible minimum intervention.

Figure 3: Engineering approach fort the selection of minimum interventions

7.4 Incremental approach
A different strategy towards minimum intervention can result from applying an incremental
(or step -by-step) approach beginning with a minimum level of intervention and then followed
by possible subsequent supplementary or corrective measures. Observation and monitoring are
used to assess the efficiency of each subsequent measures and to evaluate the need for further
operation. It must be noted that this approach is applicable to problems involving static loads
and cannot be applied to seismic strengthening or interventions against other natural hazards.
7.5 Impact of interventions on heritage values
The engineering approach presented in section 7.3 is based on the evaluation of the impact
that possible interventions have on the structure’s heritage values. This evaluation can be based
on a qualitative classification allowing to categorize the interventions according to their
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foreseeable impact. A quantitative evaluation of the impact, while desirable for the sake of
objectivity and accuracy, may be difficult to perform due to the multidimensional character of
the heritage values and the multiplicity of impacts that interventions may have on them.
As a first approach the guidelines propose a classification in three categories corresponding
to low, moderate or high impact ones. It is also acknowledged that interventions may have, in
some cases, a positive impact and may even contribute to the cultural value to the historical
structure.
The first category includes interventions that have a positive or neutral impact or, if negative,
a very low impact on the heritage values. The guidelines provide different criteria for the
identification and classification of this type of interventions. In short, they include maintenance,
stabilization, repair or strengthening operations that satisfy certain requirements regarding the
criteria introduced in section 7.1. Stabilization operations should be fully non-invasive and
removable. Repair operations should be based on proven compatible and durable materials (as
for instance grouting and injection with adequate mortars or grouts). Strengthening
interventions should satisfy several requirements, including the use of non-invasive and
removable reinforcing devices (such as tie rods in masonry arches and buildings).
The second category refers to interventions with moderate impact. Included in this category
are those based on light, scarcely invasive and mostly removable devices. The damage caused
by the implementation or removal of the intervention should be limited and repairable by means
of appropriate conventional techniques.
Other interventions that do not satisfy the aforementioned conditions may have a very high
impact on the structure’s cultural value and are therefore included in the third category. They
include, for instance, interventions whose implementation causes significant damage (or even
moderate damage if not repairable by means of appropriate conventional techniques),
interventions causing a substantial alteration of the structural scheme and resisting mechanisms,
or invasive and/or non-removable interventions based on not sufficiently durable or compatible
materials.
7.6 Quality assurance
It is recognized that interventions in ancient buildings are generally more complex than in
standard construction, and require all involved agents to implement appropriate methods and
technologies. The success of interventions is seriously compromised if they are not entrusted
to agents with the necessary qualifications in three main areas: (i) studies and design, (ii)
inspection and testing, and (iii) execution. The members of the multidisciplinary team should
possess the necessary qualifications on training and experience in their areas of expertise.
8 EXPLANATORY REPORT
The guidelines propose that any study and intervention on a historical structure should be
completed with an Explanatory Report including a summary with all the findings of the
multidisciplinary team. The purpose of the explanatory report is to explain those aspects that
cannot be reduced to formal calculations. The report must explicitly present and discuss the
reliability of the data, any uncertainties and the hypotheses considered at each stage. Among
other aspects, it should include the following items:
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The conclusions of diagnosis on the causes of decay and damage, along with an
evaluation of the monument’s conservation condition.
A justified statement on the adopted reliability levels (structural requirements). If these
requirements are reduced with respect to the application of current design codes in order
to limit excessive intervention, it will be necessary to clearly justify this decision and to
explain how adequate safety is provided by alternative means.
The conclusions on the structural verification, along with the identification of the
intervention needs.
The criteria and procedure considered in the evaluation of the alternative solutions and
the selection of the optimal one.
A detailed description of the selected intervention.

9 CONCLUSIONS
Based in the ICOMOS/ISCARSAH Principles for the Analysis, Restoration and Structural
Conservation of Architectural Heritage, the guidelines of the ISCASAH committee are intended
to provide insight on the different stages that concern the study and conservation of historical
structures, including the investigation and documentation works, the structural verification and
the design of intervention. Across of these stages, the guidelines propose the application of a
broad and flexible approach strongly based on the scientific method. The proposed approach
includes different activities and approaches (such as the historical research, inspection,
comparative analysis, monitoring and structural analysis) providing both qualitative and
quantitative evidence. The outcome of all the different activities has to be integrated in a
consistent way. Possible contradictions (for instance, between historical research and structural
analysis) should motivate the reconsideration of the conclusions attained and a more accurate
application of approaches and methods.
The proposed engineering approach for the identification of adequate minimum
interventions is based on the evaluation (even if only qualitative) of the impact that the
envisaged operations (of maintenance, stabilization, repair or strengthening) may have on the
heritage values. Criteria are provided to categorize the interventions according to their impact.
A distinction is proposed among null to low, moderate and high impact interventions. It is also
acknowledged that interventions may have a positive impact on the heritage values.
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Abstract. This paper explores the methodology for the production and integration of Heritage
Building Information Modeling (HBIM) into the museum management system of the Emirate of
Sharjah, United Arab Emirates (UAE). The historic Bait Al Naboodah Museum is documented
as a pilot study using terrestrial laser scanning (TLS) technology. The scanning and modelling
processes are explained in a seven-stage workflow: preliminary data acquisition, site surveying
and terrestrial laser scanning, processing of the captured cloud point data, post-processing
and modelling, quality control, final delivery of the digital model, and its validation. The
architectural elements and details of Bait Al Naboodah have been reconstructed in a multilayered 3D digital model, and its accuracy has been tested. This HBIM model has been
conceived as the basis of a shared inter-institutional platform for the Museum's management.
1

INTRODUCTION

Finding innovative tools for the documentation and conservation of increasingly broad
heritage portfolios has dominated heritage conservation research agendas since the beginning
of the 21st century. Recently research has focused on various aspects of the configuration and
utilisation of digital applications in heritage management [1]. Heritage Building Information
modelling (HBIM) has emerged as a significant architectural heritage recording and
conservation management tool [2, 3, 4, 5]. Studies from different geographic contexts have
revealed important insights regarding the documentation, integration and management of
heterogeneous data in digital models [6, 7]. However, this has remained an under-researched
heritage topic in the UAE.
The built heritage of the United Arab Emirates consists of examples of traditional
architecture of residential, defence, commercial and educational functions, roughly dating from
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the early 19th to mid-20th century. The heritage authorities of the Emirate of Sharjah have
restored many heritage structures since the 1990s. Many of them are adaptively reused. Several
such structures have been re-purposed as museum spaces under the management of the Sharjah
Museums Authority (SMA). The conservation management of these structures is the
responsibility of the Sharjah Archaeology Authority (SAA). Interviews with relevant officials
have revealed that managing museums in heritage structures is challenging as there are multiple
tasks and responsibilities. Institutions carry out planning related to conservation management,
facilities management, and exhibition management. As these institutions follow a traditional
management style, each one has unique documentation and planning methodologies.
While de-centralisation in heritage management has many advantages, overlapping interinstitutional planning for different activities is unavoidable. Clashes in exhibition planning,
maintenance works for building services, and conservation works, which disrupts scheduled
activities, are examples. Other practical issues include duplication of data by each stakeholder
for their institutional requirements. Consequently, resources are wasted to reproduce new
architectural drawings or locate existing ones in dispersed archives. It should also be noted that
standard sets of architectural drawings of heritage structures are either manually or digitally
drawn based on manual measurements; they typically include little detail. Therefore, when
architectural data for a part of the building, which is not visible on a standard set of architectural
drawings, is required, the technicians need to go back to the building to take new measurements.
This happens, for instance, when an exhibitor needs accurate scaled drawings of an exhibition
space to plan an exhibition. This research explores the methodology and technical issues for
developing a digital model as an effective management platform, where heritage data will be
conceptualised and categorised in a semantically enriched system. The research uses Bait al
Naboodah Museum in Sharjah as the pilot study. It investigates the methodology of producing
an HBIM to be used as a shared management platform by the stakeholder institutions relating
to museums in heritage structures.
2 A BRIEF HISTORY OF BAIT AL NABOODAH
Bait Al Naboodah is the oldest and largest surviving traditional courtyard house in Sharjah.
This house was originally constructed in c.1845 by Obaid bin Eissa Bin Ali Al Shamsi (aka Al
Naboodah), a prominent pearl merchant with international commercial ties [8]. Alazawi notes
that there are at least two main construction phases for this partially two-storied courtyard-plan
type house: the main entrance and rooms on the East façade as well as the stairs on the North
and South which were built in the first stage [9]. This was followed by adding rooms on the other
sides of the courtyard and the second floor in several phases of the second stage as the Al
Naboodah family grew.
Bait Al Naboodah was subjected to an extensive restoration project from 1990-1995, and it
was opened as an ethnographic museum in 1995. Soon after that, the building required extensive
conservation work due to continuing material deterioration problems caused by a high water
table and termite damage. The building was waterproofed and termite proofed during the
conservation works. The work was finalised in 2016, and the museum subsequently reopened
(Figure 1). The building was also retrofitted with fire detectors, CCTV, air conditioning, and
ramps. Currently, while the SMA manages the museum, the SAA is responsible for its
conservation management. The aim of this research is to create an HBIM to be populated with
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architectural heritage data and shared by the stakeholder institutions to inform the management
of the museum, conservation, and building facilities.

Figure 1: Views from Bait Al Naboodah.

3

DATA ACQUISITION, PROCESSING, AND MODELING

This research utilises terrestrial laser scanning (TLS), also known as terrestrial light
detection and ranging (LiDAR), for the architectural documentation of Bait Al Naboodah. TLS
measures distance remotely by emitting laser pulses at target points. It is ‘regarded as mass data
collection technique capable of rapidly collecting millions of points,’ making it suitable for
generating accurate data [10, 11, 12]. The data collection and processing methodology and
workflow is described in the following.
3.1 HBIM methodology and workflow
The process started with acquiring permission from SMA to laser scan Bait Al Naboodah. It
continued with site visits in coordination with the SMA officials regarding the scanning process,
surveying the heritage structure, and planning for scanning and model making resources. TLS
has been planned following SMA’s health and safety policy. The workflow is presented in
Table 1.
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Table 1: Data gathering, processing, modelling, and validation stages.

Stage
1. Site visit and
preliminary data
acquisition
2. TLS
3. Processing the
captured point cloud
data

4. Post-processing
and modelling

5. Quality Control
(QC)

6. Final delivery

7. Validation

Process
Pre-study site visits for planning the scanning requirements and
coordinating with SMA authorities regarding permission
processes.
Spatial data gathering through TLS.
Capturing high-quality three-dimensional image of the
surroundings in the form of Red Green Blue (RGB) coloured point
cloud data.
Transferring the point cloud data to a computer environment and
initiating the point clouds’ cleaning process.
Modifications and preparing the point cloud data for further
processing.
Transferring point cloud data into Autodesk Revit.
Mapping HBIM objects onto point-cloud.
Converting the point cloud data into mesh objects.
Using Cyclone plugin for Revit to alignment and fitting the image
data on the scan data in Revit.
Creating customised objects as families in Revit.
Investigating and verifying factors affecting the quality of point
cloud data.
Validating and checking HBIM submittals
Production of an accurate and precise HBIM model, ready to
generating:
• 2D & 3D plans and coloured-plans.
• Elevations.
• Sections (2D & 3D).
• Animation, rendering and virtual tours.
• Maintenance schedules (doors, windows, rooms,
columns, etc.).
• Bill of quantity/cost estimates.
Site visit for validating the model through:
• Visual inspection of functions and spaces.
• Random validation of measurements and dimensions.

3.2 Terrestrial laser scanning
We used a single 3D scanner for the TLS, and this means the tripod scanner had to be moved
to several locations to capture the larger site from various angles (Figure 2). Therefore, the
entire project has been captured using a single tripod-mounted scanner, namely the FARO 3D
model X130, which has a scanning range of 130 m. Although using a single scanner slowed
down the scanning process, we finalised the scanning in two working days (27-28 October
2019). The chosen 3D laser scanner captures up to one million measurement points per second
and generates a precise, high-quality three-dimensional image of its surroundings using an
integrated camera. The point cloud data captured by the 3D scanner is a collection of points
converted from a range of angular measurements into a common Cartesian (XYZ) coordinate
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system and precisely defines the surfaces of the scanned object [13, 14]. The scanner’s integrated
camera captures high-quality three-dimensional images of its surroundings. However, it
produces only one three-dimensional image for each scan, despite each scan containing millions
of cloud points. This single image (Figure 2) gives the object the RGB colour, resulting in
colourised point clouds.
3.3 Transferring point cloud data and post-processing
The captured point cloud data is a collection of 3D coordinate systems representing the
building's exterior surface, including its geometry and colour. After the scanning process, this
data has been transferred to a computer environment. However, the captured 3D point clouds
are considered raw data at this stage. During the processing stage, the colour of the object
surfaces has been added by overlaying imagery from the scanner's integrated camera via
Cyclone plugin for Revit (Figure 2).
Usually, further modifications are necessary to prepare for the finished HBIM model. For
instance, the point clouds have to be cleaned if there are scan vibrations or dust particles on the
lens that may scatter the point cloud data. However, in our case, there were no major issues,
except that the surrounding buildings required some cleaning. For our project, the 3D scanner
was equipped with an integrated camera to capture high-quality images to aid in point cloud
interpretation and provide colourised point clouds (Figure 2).

Figure 2: Colorized Point clouds by RGB color.

3.4 Modeling and mapping HBIM objects onto the point-cloud
The modeling/ mapping processes continued with converting the point cloud data into mesh
objects. We built the 3D model of Bait Al Naboodah in Autodesk Revit with the assistance of
‘Cyclone plugin for Revit’. This aided in depicting the existing heritage geometry of the
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architecture of the heritage structure and producing 3D datasets of the heritage asset in a 3D
BIM. However, we had to do some organisations on the point cloud data prior to this stage for
the necessary smoothing and proper integrations within the HBIM.
During the 3D modelling process, some objects such as walls, columns, or beams and some
doors and windows could be imported directly from Revit libraries. Some others were edited to
capture the actual geometric conditions of Bait Al Naboodah. However, due to the complex,
non-parametric geometries typically associated with heritage buildings, the digitalisation
process involved modelling and customising several objects developed explicitly for this
project. Electrical fixture such as lights and lanterns, windows and windows quads, furniture
and decorative elements, as well as profiles from roof and facade details, stairs, handrails, and
columns, are among the custom created elements for this project (Figure 3). Similarly, some
material surfaces had to be created for the project as they were not in the standard Revit libraries
(Figure 4).
The customised objects are generated in the same way that existing Revit library objects, i.e.
as families. As a result, an object in Revit is associated with a specific family that yields subelements, known as classes. For example, all windows have been categorised under one family
that branches to various windows (i.e. double light windows, single windows, and top
windows). The same has been applied to doors, walls, floors, and decorative elements/details.

Figure 3: Examples from customised architectural elements created specifically for Bait Al Naboodah HBIM
model.

Figure 4: Examples from customised material and mats created specifically for Bait Al Naboodah HBIM model.
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3.5 Quality Control (QC)
We investigated and verified the factors that affect the quality of TLS point cloud data at
this stage. We verified the HBIM's credibility by point cloud validation, geometry, clash
detection, and model coordination. In addition, we reviewed the HBIM model to ensure
compliance, accuracy, and a high-quality deliverable to validate the collected data. Revit 2020
allowed for visualisation, walkthroughs, sectioning the model, and the development of plans
and schedules. Additionally, Navisworks Manage 2020 was helpful in further reviewing the
HBIM's integrity and precise visualisation and review. The QC also included a review of the
point cloud data generated by the FARO SCENE LT 2019.2 software. During the QC process,
we detected the absent elements and inconsistencies such as a lack of finish material on some
façades, missing wood from the ceiling, and missing fixtures and furniture.
3.6 Final HBIM delivery and validation
After correcting the missing parts and modifying the inconsistencies, the final 3D model
contained all of the building's architectural components, electrical fixtures, and mechanical
components (AC units and toilet fixtures). At this stage, a complete set of floor plans (2D &
3D, elevation, sections (2D & 3D), as well as doors, windows, rooms and columns schedules
were generated from the model (Figures 5-7).
We continued verifying its accuracy and precision by taking in-situ measurements and
comparing them with the scaled drawings generated from the HBIM model. The validation
process was based on taking random measurements at various locations at the building and
testing horizontal and vertical measurements against the digitally created HBIM model. The
measurements showed accuracy up to +/- 1 mm, indicating that the produced HBIM model is
very consistent and accurate up to 99%.

Figure 5: An elevation generated from Bait Al Naboodah HBIM.
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Figure 6: 3D images of the building, generated from Bait Al Naboodah HBIM.
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Figure 7: Interior of a temporary exhibition space, generated from Bait Al Naboodah HBIM.

5

CONCLUSION

3D laser scanning and digital architectural heritage knowledge modelling are relatively
expensive compared to traditional manual documentation systems. Not only laser scanners are
costly, but the scanning and transferring of captured point could data to a computer
environment, and its conversion into architectural drawings requires specialised knowledge and
expertise. This technology is not widely tested on the heritage structures in the UAE. Our
investigation has revealed that the output is invaluable in generating accurately scaled plans,
sections, and architectural details for any space and in any numbers. The HBIM, produced for
Bait Al Naboodah, using the scan-to-BIM methodology, has proven to be an accurate and
efficient architectural documentation method. Scan-to-BIM technology and expertise are
available in the UAE’s booming construction sector, and this can be efficiently utilised in the
heritage sector. The next step of this project is the population of the HBIM model with data to
convert it into an inter-institutional digital platform to be used for the management of museum,
conservation and building facilities.
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Abstract. The aim of the contribution is to illustrate strengthening design in regard to the
conservation of Palazzo Murena in Perugia, designed in the eighteenth century by the
prominent Architect Luigi Vanvitelli. Starting from an accurate historical analysis and taking
into account experimental campaign and results of numerical analysis, the vulnerable elements
of the construction have been highlighted. A local reinforcement intervention is proposed with
the aim of retain the historical value of the architectural characteristics; this consists of the
application of plaster with Fiber Reinforced Cementitious Matrix, F.R.C.M., to achieve an
adequate strength, without adding supplemental weight to the masonry structure and therefore
avoiding an increase of the seismic vulnerability. The benefits of the application of F.R.C.M.
materials, also with respect to different reinforcement techniques are broaden.
1

INTRODUCTION

Owing to the recent earthquakes that affected central Italy, in particular the Umbria region,
the University of Perugia activated a research program aimed at the seismic vulnerability
assessment of historic buildings under its ownership and management. This activity also
involved the architectural complex of Palazzo Murena that hosts the headquarters of the
University of Perugia, Fig. 1. This aggregate is composed by three adjacent buildings: Palazzo
Murena (former monastic complex), the ex-accountancy office and the church of
Montemorcino Nuovo or church of the University, Fig. 2. With reference to Palazzo Murena,
in a previous contribution [1] the basic correlations among the historical knowledge, the seismic
vulnerability assessment and the widespread experimental tests campaigns have been addressed
in the framework of the safeguard of this iconic building. The seismic analysis [1], by macroelement, proved the good global behaviour of the existing masonry structure anyway
highlighting, according to the Italian Building Code [2, 3], that Palazzo Murena ranks in a state
deserving to be seismic improved in order to enhance its safety. In addition, during the analysis,
the presence of a peculiar structural shape in elevation, influencing the building’s seismic
behaviour, has been observed and addressed as a possible trigger to the activation of local
mechanisms. The present work is aimed to illustrate the proposal of reinforcement with
F.R.C.M. composite materials. The contribution has been organized as follows. In Sec. 2 the
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outcomes of a depth historical investigation of Palazzo Murena, in relation to the design criteria
of Luigi Vanvitelli, are reported. The outcomes of a survey and experimental campaign are
reported in Sec. 3. From these studies and also considering the result of a vulnerability analysis
[1] the interventions conceived in order to increase the safety level regarding the seismic
behaviour of Palazzo Murena are described in Sec.4.

Figure 1: Current view of the architectural complex of Palazzo Murena

Figure 2: Composition of the architectural complex: 1) Palazzo Murena; 2) University Church;
3) Ex-Accountancy

2

HISTORICAL INSIGHTS

Palazzo Murena was once an Olivetan monastic complex, called Monte Morcino Nuovo
following the transfer from its former seat of Monte Morcino Vecchio, outside Santa Susanna,
to the current University’s square. The monastery and the church of the Olivetans have been
designed by Luigi Vanvitelli and completed by his pupil Carlo Murena, from whom the palace
takes its current name. The Vanvitellian contribution to the project of the Monte Morcino
Nuovo is witnessed by various bibliographical and archival historical sources [4-7]; between
these stands out the biography, dedicated to the architect, that was written by the eponymous
nephew in the early years of the nineteenth century [4] in which it is listed, among the works
carried out by Vanvitelli, the façades project of the church and monastery of Perugia. In
addition, it is reported that the Architect was called to Perugia to build the church and monastery
of the Olivetans while he was still working in Ancona and so the palace, whose drawings are
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still preserved in Caserta, was later completed by the aforementioned Carlo Murena. In 1740
the works began and concluded in 1762 a few years before the confiscation of the monastery in
favour of the University of Perugia; the total expenses were around 68.500 scudi (far from what
initially planned). In 1810 the monastery passed to the University and in 1813 also the Drawing
Academy found space within the monastery. With the return of the papal government in 1814,
the University had to defend itself from the charge of usurpation and pleaded the Pope not to
reclaim the building. Later Pius VII confirmed the University’s property entrusting its
management to the professors Luigi Canali and Pietro Vermiglioni in exchange, however, of a
regular annual tribute of 200 scudi to be paid to the Olivetans. With the "Regolamento degli
studi", issued by Leone XII in 1824, the University of Perugia became a State’s University with
Rector Luigi Canali. In 1860 the University passed to the Italian Government and its
neighbourhood was thus evolving into a true "university campus" conditioning also the viability
and the typology of the urban settlements [5], Fig. 3.
A considerable number of earthquakes occurred in the area of Perugia since the construction
of Palazzo Murena; on this issue, considering the last centuries, a complete report has been
drawn [1]. After the seismic event of 1997, the building was interested by reinforcement
interventions primarily aimed at the consolidation of its northwest portion. During time, the
building has been affected by variations, also in its end use, which reshaped its architecturalstructural asset many times. Currently the palace is the “headquarter” of the University of
Perugia and of the administrative offices.
3

SURVEY CAMPAIGNS

The research for symbolic-perceptive values emerges observing the geographical position of
Palazzo Murena: it is located on a slope within the historical centre of Perugia. That sort of
“spur”, on the best exposed side of the neighbourhood, guarantees to the palace an extraordinary
inter-visibility even from the Perugia’s old town. The principal façade of entrance has been
conceived in a single architectural composition with the inherent University’s Church.
Regarding its vertical arrangement, the palace’s façade is marked outwardly by the stringcourses corresponding to the floors, reflecting some of the proportions and locations of the inner
masonry elements (vaults’ position, wall’s heights etc.).

Figure 3: Picture postcard of Perugia’s view in the early of 900th; in the center stands out Palazzo Murena.
Extracted by the private collection of Alterocca (Terni)
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The ground floor is a hollow rectangle with external dimensions about 60 m x 48 m and inner
dimensions, due to the presence of the cloister, about 30 m x 33 m. The heights of the different
levels are: 4.80 m for the third basement, 4.10 m for the second basement, 3.80 m for the first
basement, 4.75 m for the ground floor, 3.10 m for the mezzanine floor and 6.00 m for the first
floor. Therefore, the layout extension of the building varies from level to level, indicating an
accentuated vertical asymmetry especially regarding the composition in elevation of the south
and east wings of the palace. Indeed, the ground floor plus the mezzanine floor encumber a total
height comparable to the lateral corridor’s one. This masonry cluster of vaulted rooms,
combining such different floors’ heights, creates situations, in the mezzanine, marked out by
the presence of some carrying walls resting on the top of the barrel vaults, Fig. 4. This
peculiarity, that once housed the monks’ cells and the relative corridor of distribution, is not the
result of a supplements following the original realization of the building factory but, thanks to
the historical investigations conducted in the state archive of Perugia [7], it has proved to be
perfectly coeval with the design genesis operated by Luigi Vanvitelli. The structure proposed
is an example of the creative flair and of the constructive expertise of the Architect; in that case
study the need to satisfy a design objective has entailed, on Vanvitelli’s path, the design of an
astonishing structural expedient.
Only the main formal relationships and most pertinent ones to the object of the present paper
were reported, but many others could be observed in relation to the architectural distribution of
the internal compartments e.g. in the inner main corridor can be observed that the inception of
the ample string-course in stucco, highlighting the floor of the mezzanine, is proportioned to
the corridor’s rise. Speaking of the architectural hierarchy, it is interesting to note how great
significance is attributed to the serving environments such as the hallways; probably a sign of
how the previous monastic use required the attribution of more relevance to common spaces
rather than the personal ones, Fig. 5a.
Fractures on the masonry vaults of the main corridor of Palazzo Murena are observable. On
this a monitoring system was implemented and permitted to figure out that, to date, the damage
pattern appears to be stabilized and that no arising deformation processes are in place for the
building and its foundations; please refer to [1] for further details.
The palace appears simple and rigorous by its bricks facades, based on rational splitting
norms by means of openings and string-course, but instead lavish on the inside spaces adorned
with frescoes, stuccos and extremely fine marble grit floorings, Fig. 5. In fact, above all, the
PhD’s hall, located on the noble floor of Palazzo Murena (the second one), and its vault have
been completely frescoed by two Perugian painters in the 18th century: Giovanni Bevilacqua
for the decorative parts and Vincenzo Monotti for the figurative features, Fig. 6. About the
floorings, including those of the mezzanine floor, they are made of marble grit, a technique
much appreciated and requested throughout the 19th century for the paving of architectural
esteem buildings. They are characterized, in this case, by high joints (at the same level as the
floor’s surface) and by narrow grout lines combined with sharp edged square tiles in order to
visually hide the mortar joints achieving a final result closer to the classic one entirely in marble
and so without joints). Those choices, however, entails an almost “perfect” installation as any
coplanar defects, even minor ones, could not be accepted either for aesthetic (emerging edges)
or for functional reasons (steps in the flooring) denoting that this valuable flooring has been
made by old craftsmen who were highly qualified, Fig. 5b.
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Figure 4: Cross-section of Palazzo Murena

(a)

(b)

Figure 5: Architectural arrangement of Palazzo Murena: a) detail of vaults and arcades covering the ground
floor; b) view of the marble floorings at the mezzanine floor

4

INTERVENTION OF STRUCTURAL STRENGTHENING

In order to estimate the vulnerability of Palazzo Murena has been recently activated a research
program. In a previous contribution [1] a preliminary seismic global analysis on a F.M.E. model
(frame by macro-element), created using the data gained by means of innovative survey
instrumentations, has allowed to identify in advance the most vulnerable portions of this ancient
masonry building and to consequently finalize (and so reduce) the successive execution of the
onerous and invasive investigation methodologies (like drills, endoscopies, flat jack tests etc.).
An experimental testing campaign has been conducted in order to assess the mechanical
proprieties of the materials; moreover, a monitoring system has been implemented to check the
mechanical behaviour of the building under environmental loading.
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Figure 6: Ceiling of the PhD’s hall of Palazzo Murena

On the basis of the increased level of knowledge deriving from the aforementioned
experimental campaign, the preliminary numerical modelling has been refined in order to tune
up the global seismic evaluation of the masonry building in its actual state. According to the
Italian Standard Codes [2, 3], the subsequent push-over analysis revealed the sufficient safety
from global point of view but, at the same time, the presence of high local vulnerable sub-structures.
This is the case of mezzanine floor that represent a large geometric irregularity and it is the source
of a huge difference in the distribution of the structural masses; moreover, it is vulnerable since it
consists of load bearing masonry walls resting, in turn, on the underlying brick vaults and therefore
not vertically continuous to the foundation. Eventually, by means of a numerical model, based on
the previous outcomes, the application of F.R.C.M. composite materials has been evaluated,
leading to a positive influence on the global seismic response of the masonry structures. Given
the constructive specificities and architectural uniqueness previously described, the structural
strengthening has to assure the building’s survival without penalize the role and the meaning it
stood for during the centuries. In this framework in order to envisage intervention of structural
strengthening the design approach, here proposed, is to not burden the masonry structure with
extended interventions but rather in the localized retrofitting of only the most vulnerable
structural elements. On this, the composite materials, that can be studied by analytical approach,
with classical and non-classical theories [12, 13] or by numerical modelling, allow to fulfil the
strengthening of ancient masonry buildings in compliance with their environmental, cultural
and social value.
In response to such outcomes, a real reinforcement plan, conceiving the design of F.R.C.M.
reinforcements, is proposed without put on the line socio-architectural prestige of the building;
circumstance also linked to the accessibility and to the function of such a strategic edifice. The
intervention consists in a high performance fiber mesh coupled with an inorganic matrix (mortar),
used instead of the traditional epoxy resins, proper of fiber reinforced plastics (F.R.P. systems), in
order to obtain a real reinforced plaster [3, 9, 10].
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On heritage buildings, the importance of the structural strengthening runs no deeper than the
preservation of architectural value of the artefacts; also in the present case the uniqueness of
masonries, especially with respect to arches [11], conditioned and inspired the intervention
strategies. Focusing the attention on the walls of the mezzanine floor, made of bricks and lime
mortar, the application of the composite material allows to avoid the burden of the existing
masonry structures with the additional weight and to avert damages to fine marble flooring and
other valuable elements during the building work. In particular, the localization of F.R.C.M. on
those inner walls guarantees to strength them regarding the bending and the shear actions, Fig.
7. Regarding the design and verification criteria, the technical guidelines provided by the CNR
[8] have been followed; in particular the rules described in the paragraph § 4.1.1 of the same.
In addition the implementation steps and criteria have been thrust toward the innovative design
rules promoted by the scientific and technical literature [14, 15, 16]. For design and verification
purposes the materials of the Kimia S.p.A. [14], and the relative mechanical parameters Tabs.
1-2, were taken as reference including the use of the bi-directional basaltic net KIMITECH BS
ST 400, the matrix in mortar M15/F. In addition, the use of transversal connectors known as
“fiocchi”, one for each 4-5 m2, in order to create artificial through stones within the walls, and
to create a sandwich masonry-reinforced plaster panel was intended, Fig. 8a. With respect to
such element the product Kimisteel FIOCCO GLV has been chosen, the latter is composed by
a “sock” containing unidirectional galvanized steel-zinc filaments. For such element the
designed diameters is ϕ 12 [mm]; entailing for its insertion the creation of wall drills of diameter
of between 16 and 20 [mm] for a minimum depth (La) of 20 [cm]. By reference to the specific
locations of the different walls, in comparison to the external masonry casing, different
implementation modalities have been conceived, Fig. 8b-c-d; the thickness of the intervention
will be inferior to 30 [mm], including the final regularization layer.

Figure 7: Plan of the mezzanine floor with the proposed interventions in F.R.C.M. (characterized in green). 1)
Interventions on the arcades covering the main aisle; 2) Interventions on the inner walls of the mezzanine floor
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As observed during the survey, the main corridor on the ground floor is covered by cross vaults
spaced out by decorated arcades. In addition, a stucco moulding, placed at the height of
springer, runs along the entire length of the building and furthermore the walls are adorned by
half pilasters which also develop on the arches giving rhythm to the inner walls of the building.
During the monitoring, which is always an important item when dealing with historical
structures [17], it was possible to observe how the crack pattern detected on the vaults covering
the quadrangular corridor is not representing a state of danger, however its presence testifies
the memory of the numerous earthquakes that in past and recently times involved the structure
[1]. On this, in a future excerpt of the intervention plan their renewal will be foreseen in the
perspective of a re-garnish of whole Palazzo Murena. Aiming at the reinforcement of the
arcades the application of F.R.C.M. was envisaged according to a specific designed method,
taking into account the architectural value of the mouldings, which refers to the design tips
published by the CNR [8] and to the latest analytical and experimental outcomes available in
the scientific literature [18, 19].
Table 1: Mechanical properties of the bidirectional basaltic fiber net, KIMITECH BS ST 400: ρfib [g/cm3]
density, E [GPa] elastic modulus, σu [MPa] ultimate tensile strength, ε [%] breaking strain, g
[g/mq]grammage,ws [g/mq] weigth of tissue starching, Dm [mm] dimension of the mesh, t [mm] thickness of the
net, tf* [mm] equivalent thickness of the net, Ar [mmq/m] resistant area, Q [kN/m] tensile breaking load of the
warp, bf [mm] single strip width. *Intended for each warp direction

ρfib

E

σu

ε

2,67

89±2

3100

<8

Q
bf
Ar
*
414 61 20x20 1,15 0,065 65 >120 1000
g

ws

Dm

t

tf*

Table 2: Mechanical properties of the matrix M15/F

Element

Material

Mortar Matrix

Lime
inorganic
mortar
M15/F

Particle size
distribution
maximum
1,20 mm

Compression
strength [MPa]
at 7 dd >9
at 14 dd >12
at 28 dd >15

Bending
strength
[MPa]
at 7 dd >3,8
at 14 dd >3,9
at 28 dd >4

Shear
strength
[MPa]
0,15
(with
masonry
- EN
711)

E
[MPa]
9600

Each arch presents a tripartite moulding; the first phase of the proposed design plan consists
of the removal of a small stucco-band from the two most protruding portions of the decoration
in order to reach the resistant part of the arch constituted by the masonry. Then, with the same
superficial treatment described previously, the F.R.C.M. material is applied in the groove using
the aforementioned mortar but employing, this time, a unidirectional stainless steel fiber
reinforcement fabric, Kimisteel INOX 800, located with respect to its frame along the arch’s
profile; its high-strength properties are reported within Tab. 3. Regarding the arcades the
thickness of the reinforcement intervention should be around 6/7 [mm] and requires the use of
the aforementioned typology of connector in order to provide the coupling to the masonry
supports. Finally, for each garnish, the two lateral stucco strips, remainders of the pre-existing
decoration, will be used by restorers as reference in order to restore the mouldings in their
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entirety, guaranteeing an exterior appearance akin to the original result, Fig. 9. It should be
noted that this intervention plan, aimed at the safeguard of this architectural asset, is conceived
with methods and technologies which allow to not penalize the strategic function of this
building during the F.R.C.M. application phases.
In fact, unlike other strategies of structural intervention, the designed strengthening actions
do not lead to the total closure of the University “headquarter” and its offices. In turn some
offices, at the mezzanine floor, or part of the main corridor at the ground floor will be close and
by the time installations are completed the small construction sites will move to the next spaces;
permitting to reopen each time few retrofitted portion of structure in order to accommodate the
public, the students and the employees.

(a)

(b)

(c)

(d)

Figure 8: Improvement intervention with F.R.C.M. a) Application procedure, scale 1:40. Technical details of the
reinforced walls, scale 1:20: b) General section of a reinforced internal wall with transversal connectors;
c) Section of a reinforced internal wall; d) Section of an external wall highlighting the corner joints between
reinforced internal walls and perimetral one
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Table 3: Unidirectional high-strength stainless steel fiber fabric, Kimisteel INOX 800 ST1-0619: ρ [g/cm3]
density, Ew [GPa] elastic modulus of wires, R wire [MPa] wire resistance, ε [%] breaking strain, Ny number of
yelds for each wire, Ds [mm] diameter of strands, As [mmq] strands resistant area, Qw [N] wire minimum
breaking load, bf [mm] single strip width, g [g/mq] grammage, ws [g/mq] weigth of tissue starching, Dm [mm]
dimension of the mesh, tt [mm] steel theoric thickness, tf* [mm] equivalent thickness of the net, Aru [mmq/m]
resistant area for units of length, Ru [N/mm] unitary resistance for units of fabric

ρ
7,85

Ew
210

Rw
ε Ny Ds As Qmin
2000 0,95 16 1 0,483 930

bf
100300

g
Dm
tt
Aru
Ru
800 20x2 0,07 77.33 160
0
7
8

(a)

(b)
Figure 9: Improvement intervention with F.R.C.M. and its application procedure technical detail of the
reinforced plaster with fiber transversal connector, scale 1:40. a) Transversal section of an arch;
b) Longitudinal section of an arch
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5

CONCLUSIONS
-

-

Starting from a historical study and accurate survey and taking into account the results
of vulnerability analysis, in the present paper a strengthening design approach in regard
to the conservation of Palazzo Murena in Perugia has been illustrated;
In order to preserve the constructive specificities and architectural uniqueness of the
building, a local reinforcement intervention is proposed for the walls of the mezzanine
floor and for the arches of the main corridor on the ground floor. This consists of the
application of F.R.C.M. to obtain a reinforced plaster which assure an adequate
strength, without increasing the weight of the masonry structure and therefore without
increase of the seismic vulnerability;
The ongoing research will take into account experimental testing and numerical
analyses to check the effectiveness of the proposed strengthening interventions also
with respect to the implementation modalities.
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Abstract. After the establishment of the Viceroyalty of New Spain in the 16th century,
the interest in precious metals and the mining activities would influence the emerging
economic activities and the communications network of the New Spain. All the
communications were built based on two mutually perpendicular axes. The first axis, East to
West, between Veracruz-Mexico-Acapulco and the other axis, north to South, linked
the northern region of the Viceroyalty with Mexico City and to Oaxaca and Guatemala. As
part of the road infrastructure needed to get a continuous flow of goods, bridges were very
important for crossing rivers, cliffs, and mountains. The fabrication of these structural
elements were mainly made using the roman old school. The geometry, length, and materials
used were varied, depending on the technical improvements of the time, and local labour
expertise. The Vice-regal bridge vestiges are now scattered in the 2 million square km of the
Mexican territory. Most of them are still in use, but others were forgotten in the old Royal
Roads when they went out of use. This investigation deals with the methodology used
(based on information technologies) to create a web-based management system for Viceregal bridges, that is now available to be used in Mexico by the three government levels
(Municipality, State, and Federal) and research institutions.
1 INTRODUCTION
1.1 Royal Roads

Mexican pre-Columbian societies mainly used footpaths for trade and to move to different
places. Since they ignored the usage of the wheel and pack animals, their means
of transportation was by foot. The tamemes were in charge of transporting any items
or merchandise from one place to the other by foot; they could lift around 23 kilograms in
their backs and could reach as far as Guatemala.
When central Mexico was conquered by a small group of Spaniards, an extensive period of
conquest began in the land. The Conquistadors opened bridle paths made of dirt in order
to
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reach the different indigenous populations with their horses and subdue them to the Spanish
crown. In these early stages, they were content with merely broadening the existing preColumbian roads so that the horses, then unknown in the New World, could transit.
During the Viceroyalty (16th-18th centuries), the interest for different products, substantially
modified the network of exchange and drove the conquerors to open new roads to be able to
travel to regions of difficult access. During this period, the most prominent case was the mining
activity and mainly the extraction of silver. New regions were turned into colonies and road
networks were shaped according to the locations of the mining reales or centers, with the
purpose of exporting the products from the mines. As part of this process, other activities
(agriculture, ranching, certain types of manufacture needed for the daily life and trade) surfaced
as they were indispensable for the continued exploitation at the mining sites since they provided
consumption goods for the workers and the raw materials for the mining activities. As new
seams were discovered or as mining centers were consolidated, population centers emerged and
roads with their corresponding branches were opened around them. [1]
From the 16th century, when the conquerors settled in the different regions of the New Spain,
the New Kingdom of Galicia, New Biscay, New Santander and the New Kingdom of León,
new routes for the transport of merchandise were opened. Communications during the Viceregal period were built based upon two perpendicular axes. The first one was outlined from
Orient to Occident, between Veracruz- México- Acapulco/ Navidad and it constituted a colossal
bridge between the Atlantic and Pacific oceans, known back then as the North Sea and the South
Sea, respectively. The other axis, North-South, united the norther regions of the Viceroyalty
with Mexico City as well as with Oaxaca and Guatemala. Once opened, these axes of
communication were called Caminos Reales or Royal Roads; in total, four main channels were
built and they were known as:
Royal Road of México-Veracruz or “Viceroys Royal Road”
Royal Road of México-Acapulco or “Royal Road of the Orient”
Royal Road of México-Santa Fe or “Interior Land Royal Road” and
Royal Road of México-Guatemala or “Royal Road to the Salazones (salted meat)”. [2]
Military campaigns, missionaries, merchants, stockmen and expeditionary forces streamed
from these roads carrying seeds, creeds, customs, culinary traditions, rituals, ideas and
knowledge that came from different places and they established in the New Spain and its
provinces a complex economic and cultural system that resulted in the building of cities,
villages, baserris, haciendas, ranches, presidiums, hospitals, convents, and mining centers from
where the precious metals, that for a long time supported the economy of the old continent,
were extracted.
In the beginning, the means of transportation were the same people that travelled the roads
(tamemes and armies) then, after the arrival of the conquerors, the usage of draught animals
(horses, mules, oxen, etc.) were responsible for the radical modifications that the outline and
the constructive system of the roads underwent. In a similar manner, this modernization in the
field of land communications did not only modify the outline of the roads but also their
outfitting.
The clash between the pre-Columbian and the European cultures, the shifts in economic
activities and the introduction of different means of transportation resulted in changes to the
road network existing prior to the conquest; these changes went beyond the creation of new
roads. The outfitting of the Royal Roads corresponded to the purposes these roads served (e.g.
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transport of minerals, raw materials, foodstuffs, textiles and many other products; transit of
people for cultural and religious purposes).
The Royal Roads are of considerable extension that stretches through an ample variety of
physical settings and weathers (the Royal Road of the Interior Land is the longest of the Royal
Roads with a length of 2 600 km, spread over 11 states); conflicts with the indigenous
population persisted throughout the Viceroyalty in different regions surrounding the roads. In
short, the outfitting of these roads needed to provide safety both for the travelers and their loads,
shelter from the elements and for rest and points were provisions could be found. The lodging
structures so that the travelers could rest, spend the night, change mules, and get provisions
consisted of ventas, mesones, and inns; the outfitting on the road itself consisted of abreuvoirs,
watch posts, post houses, fortifications, check points and bridges. [3]
1.2 Bridges
It is believed that the first bridges used by humans were natural formations, subsequently
imitated by humans in their processes of settlement and movement through the land: rock
formations of fortunate shapes, dimensions and placements, fallen tree trunks and protruding
tree roots. In Mexico, a notable example of such bridges is Puente de Dios (God’s Bridge)
which is a rock formation at 80 m over river Amajac in the state of Hidalgo. [4]
The pre-Columbian footpaths were transited by people and therefore were gradually
flattened and shaped by the passage of the travelers; it didn’t matter if the routes were not
straight or with pronounced slopes and the bridges that existed in these roads were very simple,
made out of the materials at hand to solve immediate obstacles and often consisted in the natural
formations. However, there is evidence of more sophisticated structures, such as the calzadas
or roads found in the city of Tenochtitlan, the center of the Aztec Empire. These calzadas were
outfitted with bridges that allowed the connection between the different urban sectors whilst
maintaining the hierarchic urban order. Some collapsible bridges served as protection of the
city. Bridges played an important role in the conquest of the city and the exploration of
unknown, and often treacherous, territories. Simple bridges were built for expeditions on foot
and by horse. [5]
With the establishment of the Viceroyalty of New Spain and other kingdoms within the
Spanish Empire new ways of life emerged in the territory. These changes covered all aspects
of life: religion, art, cuisine, economic activities, technology and the road networks. The arrival
of horses, pack mules and carts came to substitute the tamemes during the 16th century and both
roads and bridges had to be widened, reinforced and built with subtler slopes so that the pack
animals could go through easily, thus ensuring the safety of the travelers and their loads. [6]
In modern times, transformations in the roads, highways and their outfitting are still ongoing
as an updating process to the network of roads in the country. In these updates, new roads are
frequently outlined, the number of lanes are widened in the existing roads, and materials
initially used for the construction are modified and/or replaced. [7] Communities and
communication infrastructure (such as bridges) emerge into the spotlight and vanish or lose
prominence as the ever-shifting needs of the population demand a constant updating of the
roads. The road infrastructure can be used as an analytical element to trace the social, economic
and technical changes within a society; the bridges are especially significant because they
exhibit the evolution and refinement of constructive systems and the cunning of human beings
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to solve the obstacles present in the physical setting. On top of that, bridges often display the
prevailing aesthetic elements of a society within a specific time frame through the architecture,
craftsmanship, the materials used for construction, and ornamentation. [8]
The Royal Roads are regarded as the communication arteries of the Vice-regal society for
the cultural and economic impact they had on the general society of the New Spain through the
centuries of its existence. The bridges, being part of these road’s infrastructure, played an
important role in the flow of merchandise, people, customs, creeds and knowledge through the
territory of the New Spain.
The information that Vice-regal bridges could provide to diverse fields of knowledge and
disciplines is one of the main reasons for performing a research on them but also in an effort to
preserve this constructions and their legacy, highlighting their cultural and historic value
through research and the dissemination of the results.
2

PROBLEM STATEMENT

In Mexico, property with historical value is regulated by the INAH (National Institute of
Anthropology and History, by its acronym in Spanish), an institution directly dependent on the
federal government of Mexico. This institute owns information regarding all the historical
properties in the country and such information is deposited in an inventory generated by each
INAH office (being 31 offices in total, one for each of the 31 states in Mexico). Bridges built
during the Vice-regal period (16th to 18th) are some of the structures included in the INAH’s
inventory.
This inventory includes fields of information such as location, sketches or architectural
outlines, photos (no more than a dozen) and some historical details; unfortunately, some of the
properties included lack specific geographic coordinates and their historical details are
relegated to an observations field that can be sparse.
The inventories generated by each of the 31 states are kept in each of their INAH’s Regional
Centers as well as in the General Co-ordination of Historical Monuments of the INAH, in
Mexico City. Nowadays, the organizations in charge of harboring the assets of cultural interest,
have diverse typologies and capacities, which leaves them in the position of having to manage
them in an effective way with very limited resources. The information they have is diversified,
decentralized and, fundamentally, in paper support and, rarely, in digital support. In the latter’s
case, it is not always under standardized formats and safeguarded by one entity.
While an investigation regarding the Vice-regal bridges in the Royal Roads could prove very
useful for any potential initiatives of salvaging and/or repurposing these historic bridges as well
as to generate other research projects related, it is difficult to gather and process all the
information for its subsequent analysis, also the data contained in the inventories can be either
incomplete, obsolete, incorrect and sparse in many cases. The changes that the road networks
undergo through the years usually result in leaving communities, stretches of roads and
structures to fall into oblivion with outcomes such as disrepair and, in many cases, complete
loss of the structures and thus no material evidence of their existence.
It is a central necessity to build an updated inventory of these bridges using both the
information provided in the inventories and the usage of digital resources, spatial research and
georeferencing to complete the existing information and generate new, important information
regarding these structures. Information and Communications Technologies will be employed
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with the purpose of divulging the results to the general public, research institutions and
government agencies and thus be able to safeguard and broadcast the heritage that these
historical bridges have to offer.
3

THE RESEARCH PROJECT

The project starts in 2011 as an independent initiative with the objective of creating a catalog/
inventory of the bridges constructed in the Vice-regal period (16th to 18th century) and determine
which bridges are located on the route of the Royal Road of the Interior Land or the Silver
Route. The project started with the reconnaissance of few bridges, most of them in the State of
Querétaro: Bridge of Calesa, Bridge of Juárez, Bridge of Sauz (Pedro Escobedo), Bridge of
History (San Juan del Río), as well as two other bridges outside of this state: Bridge of Atongo
(Tepeji del Río, Hidalgo) and Bridge of Tres Guerras (Celaya, Guanajuato). For this
reconnaissance, trips were conducted over the corresponding stretches in the Royal Road and
information, such as geographic coordinates, construction materials, physical state of the
structure and photographic evidence, was collected.
During these trips, some bridges of which there was no previous knowledge were found as
well as others whose current state was in disrepair and were out of use. For this reason, a request
was issued to the INAH in the matter of obtaining a catalog of the bridges in Mexico to get
acquainted with their condition and location. The provided information includes around 850
fact sheets of registered bridges.
While a transcription of the obtained data was underway, a situation regarding the scarcity
of information or precise details that would allow a correct location of the bridges came to light.
In terms of location, there is basic information such as: state, city and street in which the
structure can be found. Geographic coordinates are not included and a handful of handmade
sketches that provide additional information regarding the spatial location are provided in some
of the work sheets, however, without the coordinates these sketches are insufficient to pinpoint
the structures’ precise location.
The next step was the location of the structures in order to start the creation of the catalog;
it was determined that only structures catalogued under the Vice-regal period (16th to 18th)
would be identified and worked on. Since the project is an independent initiative and the
information collected is of national level there weren’t enough resources to perform a direct
search (fieldwork) and georeferencing of most of the registered bridges.
Another limitation for a direct reconnaissance of some the bridges is the accessibility to the
structures since they may be covered from view by excess of weed; passable roads may not be
available and other blockages such as barbed wire and fences for cattle may be present. There
are cases in which there are no vestiges of the structures to be found or the structure could be
inside private property or restricted government property thus making it inaccessible to the
general public.
For the cases in which direct georeferencing is out of question, a researcher with knowledge
and experience in the use of information technologies such as GIS applications, was tasked with
locating each of the bridges using primarily the satellite maps and information on roads and
highways contained in the Google Earth program. All the considered structures were
individually tracked using the information provided by the INAH regarding all matters of their
location. Information gathered from historical manuscripts, statistical memoirs, books
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specialized in historical and cultural properties in the country, travel journals from the 18 th, 19th
and 20th centuries as well as historical cartography was collected and reviewed to complement
the information in the fact sheets and aid in the location of some of these bridges.
3.1 Remote location and georeferencing of the bridges
A classification system was determined based on a range of accuracy of location present in
the georeferencing of each bridge. First, a starting point is determined using the information
provided in the fact sheets or by using the satellite maps and the tools included in Google Earth.
This classification is based on a range of distance from the starting point, in which the structure
can be found, and it is the following:
In GREEN are the identified bridges that can be found in a 100m radius from the starting
point. These bridges may or may not be visible in the satellite map but using tools such as Street
View it is possible to establish a point where the bridge is or was constructed. Some of these
bridges may be completely hidden from sight because they are surrounded or covered by
modern structures.
In ORANGE are the bridges that could not be identified via satellite maps at first instance
and significant information on them in other sources could not be found, other than the
information provided by the fact sheets. This information was used to establish the starting
point. It was determined that these structures could be located within a 101-500 m radius from
the starting point.
In RED, all the remaining bridges whose location couldn’t be properly established and only
the minimal data could be found such as community, neighborhood, some incorrectly captured
street names and sketches. Since there is not a precise location to place the starting point it was
determined that the point should be placed in the center of the community or neighborhood or
any referenced street.

Figure 1. 16th century bridges. The red lines indicate the Royal Roads and the green lines indicate transversal
roads. The bridges built during the 16th century and that could be identified with varying accuracy are marked in
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squares. The squares employ the color classification system previously mentioned. There is a total of 15
identified bridges built during the 16th century.

It can be noted that many of the bridges marked in green can be found near modern roads
and highways. Some of these bridges are still in use and in other cases, modern bridges and
structures were built near the old bridges for their replacement, making their preservation
possible. A notable case is the Bridge of la Laja or Bridge of Tres Guerras in the entrance of
Celaya, Guanajuato.

Figure 2. 17th century bridges. Red lines indicate the Royal Roads and the green lines indicate transversal
roads. The bridges built during the 17th century and that could be identified with varying accuracy are marked in
squares. The squares employ the color classification system previously mentioned. There is a total of 23
identified bridges built during the 17th century.

One of the objectives of this project is to share with the general public the catalogue of Viceregal bridges that exist or existed in the country. Each registry in the catalogue is meant to
include information regarding their construction and materials used, their present condition,
geographic coordinates, and photographs. For this objective, the use of a digital platform based
in GUI interface with properties for the management of geographic information was considered.
Subsequently, testing began with the commercial software ArcGis, from ESRI Company.
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Figure 3. 18th century bridges. The red lines indicate the Royal Roads and the green lines indicate transversal
roads. The bridges built during the 18th century and that could be identified with varying accuracy are marked in
squares. The squares employ the color classification system previously mentioned. There is a total of 81
identified bridges built during the 18th century.

3.2 Platform generation
Once the graphic interface was developed with the fields to be used, the definitions for each
layer corresponding administrative divisions, terrain, federal highways, etc., the information
collected from the work sheets and through remote location was transferred to the table format
operating in the software (DBF) to subsequently be linked to the section of queries and results.
This information can be consulted by applying filters regarding the century of the bridge’s
construction and location by state. Afterwards the structure of interest can be selected from a
list of results obtained in the search. By selecting the desired structure, a complementary screen
is displayed which includes all the information available on the selected structure, such as:
general observations on the structure, commentaries made by the local population, bridge’s
condition, type of structure, entity to which it belongs (government or private) and any other
detail obtained as well as the photographic archive, if available.
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Figure 4. Bridge of Lagos. Built during the 16th century built in the city of Lagos de Moreno, in the
municipality of Lagos de Moreno in Jalisco. At the top right is the elevation projection of the bridge drawn for
this project and at the bottom right is the isometric projection.

Figure 5. “Puente Grande” or Big Bridge. Built during the 18th century in the city of Acámbaro in the
municipality of Acámbaro in Guanajuato. In the bottom is the elevation projection of the bridge.

During the testing stage, the downsides of this software became evident.
 ArcGis is a commercial software that requires a license per computer for personal use
and a special license for online usage.
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Aside from the high cost that obtaining and using the sofware implies, its usage requires
a certain degree of previous knowledge on the software.
Both situations are incompatible with the contemplated objective of making the results of
this project available to the general public or any person interested in the Vice-regal bridges
leaving this tool to be discarded while alternatives were searched for. The best option came to
be the development of a web based application of free access that can be consulted by means
of any electronic mobile device and in which the information displayed can be supoorted by the
majority of browsers.
Using technology such as Apache Web Server as setting to host all the information gathered,
web pages, images, 3D models and others. MySQL was used as the engine to manage the
information in Database, PHP was used for the dynamic handling and structure of the site;
JQuery and JS were used for the dynamic handling but from the user’s perspective. By using
all of these technologies, it is not necessary to be limited to an specific operating system like
Linux, Windows or Mac.


Figure 6. Main page of the website. The user can select information from the 16th, 17th and 18th centuries.

The web-based application development phase of the project is ongoing in order to provide
the user with the most information possible. However a site has already been set up and it
contains some of the information collected.
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Figure 7. Drop-down list displaying the states available for browsing regarding bridges from the 17 th
century. Also pictured is the result obtained by selecting the state of Querétaro.

It is intended that the platform be an interactive space where the public can share information
in the platform either through a blog or a forum thus enlarging, improving and updating the
information.

Figure 8. Page displaying the information of the Bridge of Fray Sebastián de Aparicio in the municipality of
Tequisquiapan, Querétaro. The panel on the left side provides the browsing options: information (which
includes, when available, oral and documentary data as well as any details of interest noted by the researchers
such as inscriptions and physical state of the structure), geographic location- coordinates, 3D rendering and
photographic gallery.

1673

Andrés A. Torres-Acosta, Joel Bustamante-Altamirano and Alicia Esparza-Carrillo

The site can be accessed and consulted through the following link: http://sgpa.desacomp.com
and any comment or suggestion can be submitted to the address:
joel.bustamante@satelsa.com.mx
4 CONCLUSIONS
Providing the obtained information as well as providing means of interaction with the public
will not only serve to complement the information presented but to link the public to the historic
bridges, considering their artistic, social, and cultural importance. If the public, along with the
government institutions and other organizations involved with historic and cultural heritage,
are aware of the heritage still standing in the country and its value, perhaps an invigorated
interest in the repurpose and preservation of these structures could arise.
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Abstract. Substantial part of heritage structures in Turkey is historic masonry arch bridges.
To explore modeling issues, a numerical work has been initiated to better understand and
preserve/transfer this heritage to the next eras. This paper specifically describes the influence
of tensile fracture energy of stone material in determining their true load carrying capacities.
A case study is presented to explain the modeling issues. With its historical background,
current situation, geometric and material properties, this work focuses on numerical
investigation of the historic multi-span stone masonry arch Justinian’s (or Sangarius) Bridge
located in the city of Sakarya in Turkey over the Sakarya River.
Numerical results show that the value of fracture energy in tension significantly affect the
load carrying capacity and failure mechanism of multi-span masonry arch bridges. A more
realistic nonlinear response has been obtained for an upper value of the tensile fracture
energy of the stone masonry. The bridge model collapses by a-three-hinge mechanism
occuring at the loaded arch in the upper value of the tensile fracture energy. The most critical
loading point of the bridge is determined as the quarter-span.
1

INTRODUCTION

Masonry arch bridges are complex and nonlinear structures which consist of barrel vaults,
spandrel walls, backfill, infill, piers, flood splitters, and wing walls. Finite element method
(FEM) is one of the powerful and most commonly used methods in the investigation of
structural behavior and failure mechanisms of such structures. Even though performing a
nonlinear static analysis (NSA) by FEM requires additional time and effort, the benefits in
understanding the structural behavior of this type of structures are fairly high [1].
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Masonry is a heterogeneous assemblage that consists of stone and/or brick units and the
mortar joints between the units. This complex material displays directional mechanical
differences due to the weakness of mortar joints. Existing modeling approaches focus on
micro-modeling of the individual component (unit such as stone and mortar) or the macro
(composite) modeling of masonry [2]. Based on the desired level of accuracy and allowed
computational time, two dimensional (2D) and/or three-dimensional (3D) FE models of
masonry arch bridges could be developed by both modeling approaches. The micro modeling
should be preferred to understand the collapse mechanism and to observe the hinge formation
in the detailed investigation of the masonry bridges. However, the composite modeling based
on the homogenization technique [3] is often used due to modeling difficulties of the multispan masonry arch bridges.
There is a wide range of references [4~10] on the nonlinear behavior and possible collapse
mechanisms of masonry arch bridges under vertical static loads by using FEM. Each research
has made a considerable contribution to the understanding of failure mechanisms of such
bridges which have different arch geometry and material properties. Elastic and inelastic
mechanical properties of masonry, infill and backfill effect, boundary conditions, modeling
approaches, and imposed loads on bridge significantly affect nonlinear response of such
structures. To predict the actual behavior of masonry arch bridges, it is essential to integrate
nonlinear response of fill material with crushing and cracking behavior of masonry [5~7].
Detailed FE models which consider discontinuities in the joints between voussoirs have
generated the reasonable results about the collapse load and corresponding hinge mechanisms
of masonry arch bridges [8~10].
This paper presents numerical results from an investigation of the multi-span masonry arch
Justinian’s Bridge as a case study. The aim of this work is to search nonlinear structural
behavior of the bridge by the finite element method and to investigate the influence of the
tensile fracture energy of masonry on the collapse mechanism and load carrying capacity of
the bridge.
2 CASE STUDY
2.1 Historical significance
The Justinian’s Bridge (also known as the Historical Beşköprü or Sangarius Bridge) was
erected to connect Constantinople (today’s Istanbul), the capital of the Empire, and the east
provinces. The bridge was built in between the years of 553-562 A.D within the 6th century
by order of Emperor Justinian (A.D 523-567) of the East-Roman Empire [11]. The bridge
takes place over the Sakarya River, in the city of Sakarya in Turkey located on the NorthWest region of Anatolia according to the available registers.
The Justinian’s Bridge is a significant sample of bridge heritage that has reached to the
present day from the Byzantine Era. There was a triumphal arch until the 19th century in the
western entrance of the bridge [11]. This triumphal arch is seen in Jules Lauren’s drawing
dated 1859 in Fig.1a and in Texier’s engraving dated 1838 in Fig.1b. Nowadays, this part has
completely vanished (Fig.1b). Today, the bridge is on a dry valley because the wide Sakarya
River laid to 3 km to the East (Fig.2a) and Çark stream, which flows from the nearby Sapanca
Lake, flows from a bay of the bridge [15]. The bridge is an unprecedented structure in terms
of either its gigantic piers and the apse structures around the bridge (Figs.2a, 2b).
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(a)

(b)

Figure 1: Justinian’s Bridge; (a) painting by Jules Laurens [12], (b) Texier’s the lost triumphal arch [13].

(a)

(b)

Figure 2: Justinian’s Bridge; (a) view of the bridge today [14], (b) apse structure [16].

2.2 Past repair interventions and current damages
The known last restoration of the bridge was conducted in 1995 and carried out by the
Republic of Turkey General Directorate of Highways. Some deteriorated stones belonging to
spandrel walls were replaced with the new ones and the parapets were constructed. However,
the work could not have been completed and the bridge was closed to vehicle traffic.
There is no serious misalignment and obliquity in the horizontal line of the walling. A
major crack occurred through the intrados of the arch numbered as 4 at an unknown time [15].
Site investigations made in 2016 revealed that there have been some material losses on the
components of the bridge such as parapet, slab, and vaults (Fig.3). Besides, a wide shear crack
occurred at the South pier of the apse possibly due to past devastating earthquakes (Fig.3c).
Note that the bridge under consideration is located in a highly active seismic zone.

(a)

(b)

(c)

Figure 3: Current damages [16]; (a) lost parapet part, (b) material loss in vaults, and (c) shear crack in the apse.
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In 2018, the current restoration work was initiated by the Republic of Turkey General
Directorate of Highways and the work has continued to the date. The Justinian’s Bridge has
been inscribed on the United Nations Educational, Scientific and Cultural Organization
(UNESCO) World Heritage Tentative List since 2018 [17].
2.3 Bridge geometry
The Justinian’s Bridge which is a continuous arched masonry bridge has a total length of
429 m in plan (Fig.4). All arch forms of the bridge are semi-circular in Texier’s bridge sketch
dated 1838 (Fig.4). The bridge has 12 spans, labeled as A1 to A12 and has 7 piers labeled as
P1 to P7. The seven arches, which are main load bearing arches and labeled as A4~A10, are
double-layered and the average thicknesses of the first (inner) and second (outer) arches are
1.0 m and 0.40 m, respectively. The arches labeled as A5, A7, and A8 have maximum spans
of L=24.5 m. Spans of the arches A4, A6, A9, and A10 vary from 19.5 m to 24 m. Other
arches possess smaller spans ranging from 3m to 9 m. The main arches were modeled as
spans given in Fig.5b because a small part of the bridge sunk into the existing soil nowadays.

Figure 4: Texier’s bridge sketch dated 1838 [13].

Width of the bridge is B=18 m together with the total pier. However, the clear width of the
bridge and each flood splitter are 10 m and 4m, respectively. Thickness of each one of
spandrel walls is about 2.0 m. The average slab thickness is 0.40 m. The bridge has a
maximum clear height of about 9 m together with its visible piers. Section of the piers has a
pointed shape at the North facade and a semi-circular shaped at the South facade as given in
Fig.5a. The thickness and height of the parapets are 0.50 m and 0.80 m, respectively.

(a)

(b)
Figure 5: (a) Plan of the Justinian’s Bridge after Texier [11], (b) spans adopted in FEM of the bridge.
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3 NUMERICAL MODELING
3.1 Material property
Justinian’s Bridge was constructed with natural limestone units and brick dust mortar.
Rubble stone with mortar was used for backfill (over the arches) and infill (between exterior
spandrel walls). The most possible material properties were sought in the well-known
references especially focusing on mechanical behavior of masonry bridges since no material
tests could have been conducted for the bridge.
Nonlinear behavior of masonry was modeled by adopting the total strain fixed crack model
(TSFCM) simulating both compression and tensile behavior of the material, based on the
results of a comprehensive study carried out on 3D nonlinear modeling and testing [16]. An
exponential softening behavior in tension and parabolic hardening behavior followed by
parabolic/exponential softening in compression were chosen. The fill medium was modeled as
a cohesive–frictional material by the isotropic Mohr-Coulomb plasticity criterion [7, 8].
Young’s modulus (i.e. E modulus) varies from 3000 MPa to 5000 MPa for cut stone
masonry with wide joints or substantial rubble masonry [5]. Additionally, the Poisson’s ratio
(𝜈𝜈) was assumed to be the same (0.20) both for main structural elements, which are piers,
arches, spandrel walls, and for secondary structural elements such as flood splitters, backfill,
infill, slab, and parapet. Table 1 presents the elastic material properties utilized in the
numerical implementation of the bridge.
Table 1: Elastic material properties adopted for the Justinian’s Bridge.

Arch
Spandrel wall
Flood splitter
Pier
Backfill & Infill
Slab

Density, γ
[kg/m3]
2100
2100
2100
2100
1900
1500

Young’s modulus, E
[N/mm2]
3500
3000
2500
3500
500
1000

Poisson’s ratio, 𝜈𝜈
[-]
0.20
0.20
0.20
0.20
0.20
0.20

A recommended value of 8 N/mm2 was considered for the compressive strength of the
masonry material frequently seen in such ancient structures [5]. In the condition that
compressive strength of masonry is lower than 12 N/mm2, the ductility factor for compression
is recommended to be 1.6 mm [18]. The fracture energy in compression was calculated as
12.8 N/mm for the compressive strength of 8 N/mm2 and for the ductility index of 1.6 mm. A
numerical value of 0.20 N/mm2 is adopted for tensile strength of overall masonry [16]. The
ductility index for tension, which is the ratio between tensile fracture energy and tensile
strength, is recommended to be 0.029 mm for stone material [18]. In this study, this value was
calculated to be 0.01 N/mm and was considered as a lower value of tensile fracture energy.
However, an average value of 0.10 N/mm was adopted for the upper bound of this parameter
[1, 7]. The plasticity parameters of the fill material were chosen based on a comparison and
discussion of the information given in the current literature [7, 10, 23]. Inelastic properties of
the masonry and the fill material are presented in Table 2.

1679

Vildan G. Mentese and Oguz C. Celik
Table 2: Inelastic material properties adopted for Justinian’s Bridge.

Masonry material
ft
GfI : Lower value
GfI : Upper value
fc
Gfc
Backfill & Infill
c



0.20
0.01
0.10
8.00
12.8

[N/mm2]
[N/mm]
[N/mm]
[N/mm2]
[N/mm]

Tensile strength
Tensile fracture energy
Tensile fracture energy
Compressive strength
Compressive fracture energy

0.05
20
5

[N/mm2]
[]
[]

Cohesion
Friction angle
Dilatancy angle

3.2 Three-dimensional (3D) finite element modeling (FEM)
A 3D FE model of the bridge was generated in DIANA FEA software [19] using isotropic
solid elements, making the use of homogenization technique [3]. All components of the
bridge, which are the piers, the inner and outer arches, the spandrel walls, the fill material, the
slab and the parapets were individually modeled in the macro-modeling strategy as composite
[2]. The FE model of the bridge is shown in Figs.6, 7. The bridge was modeled with a total
39863 solid mesh elements which are eight-noded brick elements used for each component
and six-noded wedge elements used throughout the arch ring due to the bridge geometry. It
was assumed that the piers of the bridge were fixed to the soil. In order to simulate the sunken
parts of piers and side walls of the bridge, the rotational motion was released whereas the
axial motion was restrained in all directions.

Figure 6: The Justinian’s bridge – finite element model.

Figure 7: Cross-section view of a typical span of the bridge.

1680

Vildan G. Mentese and Oguz C. Celik

3.3 Load cases
In order to assess the failure mechanism and the critical loading position, the bridge was
loaded at three positions of the arch numbered A8 which has the largest span that the
maximum displacements and stresses obtained in the linear elastic analyses [20]. Self-weight
of the bridge was applied as automatically by the software. Subsequently, the live loads were
applied in increments of 200 kN in the vertical direction [21]. The uniformly distributed load
was applied to the road surface throughout the full width between the parapets. The loading
was then carried out at the quarter (1/4L), one third (1/3L), and middle-span (crown, 1/2L) of
the span, respectively as shown in Fig.8.

Figure 8: Load cases.

3.4 Nonlinear analysis procedures
Self-weight of the bridge was applied first, followed by the application of the incremental
live loads up to failure for each load case. In the numerical implementation, the incremental
loading was controlled with force, displacement and residual norms because at least three
norms should be satisfied together in the convergence criterion for softening behavior of
masonry [19]. In each step of the incremental loading, the iterations were performed with the
modified Newton-Raphson method by integrating the line search method in DIANA [19].
4

NONLINEAR STATIC ANALYSIS (NSA) RESULTS

4.1 Influence of tensile fracture energy GfI
A series of analysis was carried out for lower and upper values of fracture energy in tension
to evaluate the collapse mechanism of the bridge for each load case. The vertical loadvertical deflection curves obtained from the nonlinear static analyses (NSAs) of the bridge are
given in Fig.9. Each deflection was monitored after obtaining an equilibrium state in each step
of incremental loading. Additionally, upper limit loads are calculated via RING 3.1 [22] and
depicted in Figure 9 as well, revealing that the maximum vertical load values obtained from
the macro-modeling are close to the ones obtained from the simplified limit analysis.
The numerical results obtained for each load case showed that a lower value of tensile
fracture energy cause a weakly nonlinear failure of the bridge. Note that similar results have
been reported in other related previous works [7, 16, 23]. The most critical loading position
was obtained in the case of middle-span loading for lower value of tensile fracture energy.
The failure mechanism occurred by the formation of one-hinge under the middle-span loading
of the bridge is given Fig.10 with the presentation of maximum principal stresses. The failure
mechanism is relevant around the key stone.
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Load Case 2 - One Third - Span

Load Case 1 - Quarter-Span
GfI=0.01N/mm

Limit Analysis

Vertical Load (kN)

Vertical Load (kN)

GfI=0.1 N/mm

16000
14000
12000
10000
8000
6000
4000
2000
0

0

1

2

3

4

5

6

7

8

9

10

GfI=0.1 N/mm
16000
14000
12000
10000
8000
6000
4000
2000
0
0
1
2

GfI=0.01N/mm

3

Deflection (mm)

Vertical Load (kN)

GfI=0.01N/mm

Gfc=0.10 N/mm - LC1
Gfc=0.10 N/mm - LC3
Gfc=0.01 N/mm - LC2

Limit Analysis

Vertical Load (kN)
0

1

2

3

4

5

6

6

7

8

9

10

(b)

Load Case 3 - Middle -Span
GfI=0.1 N/mm

5

Deflection (mm)

(a)

16000
14000
12000
10000
8000
6000
4000
2000
0

4

Limit Analysis

7

8

9

10

Deflection (mm)

16000
14000
12000
10000
8000
6000
4000
2000
0

Gfc=0.10 N/mm - LC2
Gfc=0.01 N/mm - LC1
Gfc=0.01 N/mm - LC3
1/2 L
1/3 L
1/4 L

*LC: Load Case

0

1

2

3

4

5

6

7

8

9

10

Deflection (mm)

(d)

(c)

Figure 9: Load-deflection curves obtained for (a) quarter-span, b) one third-span, (c) middle-span, (d) all.

Figure 10: Failure mechanism obtained from the ‘middle-span’ loading performed for GfI=0.01 N/mm with the
presentation of maximum principal stresses (Scale: -0.10/+0.22 N/mm2).

For the upper value of tensile fracture energy, the bridge showed a strongly nonlinear
behavior and collapsed resulting in larger vertical deflections at a higher load. Note that this is
an expected failure type for such structures. The failure loads obtained from the nonlinear
static and limit analyses are represented in Table 3. Increasing the value of the fracture energy
by 10 times causes 65, 55, and 83 percent increases in the load carrying capacity of the bridge
for the loading cases of 1/4, 1/3, and1/2 of the span, respectively.
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Table 3: Failure loads obtained for both fracture enegy values in tension.

Load Position
Quarter-span
One third-span
Middle-span

Failure Load (kN)
Gf =0.01 N/mm
GfI=0.10 N/mm
2800
8000
3800
8400
1400
8400
I

Difference (%)

Limit Analysis

65
55
83

11865
11978
15368

4.2 Comparison of NSA results for GfI =0.10 N/mm
Nonlinear responses obtained for the upper value of tensile fracture energy are represented
in Table 4 for the three load cases. In each loading position, the bridge showed linear behavior
up to one third of the ultimate load (Fig.9) and afterwards collapsed by the generation of 3hinge mechanism. Fig.11 illustrates the obtained failure mechanisms and the corresponding
plastic hinge formations under different load cases.
Table 4: Nonlinear responses obtained for GfI=0.10 N/mm.

Load Position
Quarter-span
One third-span
Middle-span

dZ,loaded point
(mm)
8.5
8.7
9.0

Failure Load
(kN)
8000
8400
8400

Hinge Mechanism
3
3
3

It is concluded that the most critical loading position is ‘the quarter-span’ of the bridge
because the lower load carrying capacity was obtained at failure of the bridge. 3D failure
patterns of the bridge for the quarter-span load case are given in Figs.12. It is seen in Fig. 12a
that cracking was initiated and the three plastic hinges are developed where the principal
stresses have reached at the tensile strength of the masonry. Plastic hinges occurred at the
loaded span, the East and West springings of the arch, respectively. The critical vertical
deflection under the load was obtained to be 8.5 mm.

Figure 11: Failure mechanisms for (a) the quarter-span, (b) the one third-span, (c) the middle-span.
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(a)

(b)

(c)

Figure 12: Failure mechanism obtained from the most critical loading position ‘quarter-span’: (a) finite element
model with the presentation of maximum principal stresses for GfI=0.10 N/mm (Scale: -0.50/+0.55 N/mm2), (b)
rigid block limit analysis model, (c) close-up view of hinge mechanism in rigid block limit analysis model.

5

CONCLUSIONS

The existing Justinian’s Bridge, located in the city of Sakarya in Turkey, has been
investigated to assess the possible collapse mechanism and corresponding load capacity. A
3D structural model for the bridge was developed for this purpose. The bridge was loaded at
the quarter, one third, and middle-span of the arch numbered 8 (the largest span). A series of
nonlinear static FE analyses were performed for the selected lower and upper values of tensile
fracture energy of the stone material.
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Numerical results show that the value of tensile fracture energy considered for masonry
material significantly affects the load carrying capacity and collapse mechanism of Justinian’s
Bridge. In an upper value of 0.10 N/mm of tensile fracture energy, the bridge behaves
strongly nonlinear and failed by generating the hinge mechanism occurring in the loaded arch
for all of the assumed three load cases. Note that no visible damage occurred in both arches
adjacent to the collapsed arch. The most critical loading position for the Justinian’s Bridge
under incremental static loads was obtained at the quarter-span of the loaded arch. The results
of rigid block limit analysis carried out for the bridge sufficiently close to the results of
nonlinear static analysis. Limit analysis calculations show that the most critical loading
position again occurred at the quarter span of the bridge. This significant result confirms the
widely accepted testing procedure followed in many research [24, 25].
As a result of the nonlinear finite element analyses, under elastic conditions, the allowable
vertical load for the bridge was obtained to be 2400 kN (30% of the ultimate load) for the
upper value of tensile fracture energy. Ultimate load capacity of the bridge was found to be
8000 kN in which the bridge collapsed by the formation of three plastic hinges. It seems that
the plastic hinges occurred at the quarter-span, the east, and west springings where the
maximum principal stresses have exceeded the existing tensile strength of masonry.
It is concluded that increasing the value of the fracture energy causes an increase in load
carrying capacity of such masonry bridges. Finally, in future works, the influence of greater
values of tensile fracture energy and the relation between the tensile strength and tensile
fracture energy on the load carrying capacity of masonry arch bridges could be investigated
by performing sensitivity analyses.
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Abstract. Masonry vaults are widespread and characteristic structural elements of our
built heritage since many centuries, but for a very long time they were built only based
upon the experience and the proportional analysis of previous positive examples. Since
the Hooke’s observations, in 17th century, about the shape of the catenary, and the first
graphical analyses of 18th century, the tools for their “scientific” calculation have developed
quickly [1], mainly to assess the stability of already existing structures rather than for the
prevision of the future behaviour of new vaults. Despite the great progress in this field,
ordinary programs for the static and seismic assessment of masonry buildings often
disregard the vaults structural role and the professionals sometimes underestimate it, also
due to the lack of attention dedicated to these structures by the technical codes. Therefore it
seems now important to reconnect the elements of this modelling historical evolution, to
compare the different methods and to find an equilibrium between complexity and
reliability, making it accessible also to the common professional use, whose effects on
preservation are important.
To this aim, a pavilion vault was chosen as a reference, with given geometries
and materials features, and the different methods were applied. On one side, traditional
methods were chosen: the graphic Méry method [2] and the static theorem of limit
analysis [3] have been applied to a system of 2D arches composing the vault. On the
other side, a 2D Finite Element Model and the edge cutting ChronoEngine Distinct
Element Model [4] have been also tested, under the same conditions. The influence of the
brick pattern on the structural behaviour have been considered, conveniently defining
the arches decomposition in the traditional methods and the blocks division in the
Distinct Element Method. In all cases, calculations have been made changing both values
and positions of the loads. The results are compared both in terms of stresses inside the
masonry and in terms of deformation of the structural elements, evaluating the types
of information and detail that the different approaches can supply. The results of the
advanced numerical methods allow to assess the validity of the traditional approaches.
On the other side, the possible contribution of the traditional methods to the calibration
of the parameters for the numerical models is also discussed.
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1

INTRODUCTION

Since the introduction of the first known arched masonry structures in Egypt and
Mesopotamia, at least in the 4th millennium b.C. [1], arches, vaults and domes have spread
and characterized our historical built heritage with the adoption of various shapes and
technologies, typical of each area and each historical period. As for all constructions – and for
masonry structures in particular – until very recently also the curved masonry elements were
built only based upon the experience and the proportional analysis of previous positive
examples: the main concern of the builders was to have supports large enough to sustain the
thrusts, rather than defining the thickness and shape of the vault itself. It was only in the 17th
century that Hooke made his observations about the shape of the catenary, concentrating the
attention on the shape of the arch and its relation to the carried loads. Then, the first graphical
analyses were developed in the 18th century and since then the tools for the calculation of
curved masonry structures in a scientific sense have developed quickly [2]. Despite the great
progress in this field, and the advanced computation instruments available to date, most of the
programs ordinarily adopted by the professionals for the static and seismic assessment of
masonry buildings disregard the vaults structural role, involving an underestimation of their
stability and a consequent overestimation of the needed structural interventions, in contrast
with the required minimum intervention principle for historical buildings. Already in 1945 the
architect and engineer Gustavo Giovannoni wrote that “the concept of limiting the
strengthening interventions to the minimum needed entails the exploitation of the resource
schemes developed in the building statics without altering them” [3], but to exploit these
resources, which are intrinsic to the historical structures, we need to know them and also to
quantify them efficiently: to this aim, a comparison among methods for the static analysis of
barrel vaults with different, progressive levels of refinement are here reported to assess their
reliability as instruments for the knowledge and preservation of these irreplaceable
architectural elements.
2 STATE OF THE ART
Because of their geometry, barrel vaults are usually modelled as elemental parallel arches;
of these, they inherit the different methods of analysis ([6], [26]). The methods for the
assessment of arches and vaults can be roughly divided in two categories. To the first
category includes the methods based on the graphical tracing of the thrust-line (i.e. the set of
points corresponding to the position of the resultant of normal stresses in each cross section of
the arch). To this category belong the well-known Mery’s method [5] and Heyman’s method
[6]. The approach has also been extended from 2D to 3D by replacing the thrust-line with a
thrust-network of forces ([19], [20], [21]) but for barrel vaults usually this is not necessary.
The second category includes numerical approaches mainly based on finite element or
discrete element methods. Each of them has pros and cons [2]. Because of the vastness of the
subject matter, we will only describe the methods used in this paper.
2.1 Méry’s method
Mery's method [5], already reported in the 19th century treatises [22], is one of the
simplest methods and perhaps for this reason it is widespread in design practice of small
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vaults. Mery assumes that a barrel vault can be studied as an arch made up of infinite nontensile voussoirs that do not slide between each other. The method is based on the plotting of
the line-of-thrust and the study of its position within the thickness of the arch. Based on
experimental observations, it is assumed that in a round arch the line-of-thrust passes through
the upper middle-third in the key section and at the lower middle-third in cross sections at 30°
and 150° with respect to a horizontal line passing through the center of curvature. The arch is
safe if the line-of-thrust does not cause tensile stresses, i.e. it is comprised in the cross-section
core.
2.2 Line-of-thrust with minimum stress
Mery's method, not allowing the formation of cracks, is quite conservative. Other methods
impose less strict conditions on the position of the line-of-thrust, usually adopting lowerbound theorem of limit analysis ([2],[6]). Among these, the approach implemented in the
freeware software ARCO [10], computes the position of the line-of-thrust that minimizes the
maximum stress in the sections. The stress, which is determined with a no-tension linear
elastic model, is compared with the material strength to avoid compression failure. The
approach has been used in this work because it is very common in Italian design practice and
it adapts well to the stress checks required by the Italian code standard.
2.3 Finite Element Method
Vaults have been extensively studied with non-linear finite element models [2]. For
instance, Creazza et al. [24] modelled a barrel vault in 3D using a nonlinear damage model.
D’Altri et al. [17] modelled a gothic barrel vault using solid finite elements bricks interacting
with contacts. Cavicchi and Gambarotta [25] proposed a two-dimensional finite element
upper bound limit analysis that permits to model also the infill. If the infill is taken into
account with equivalent forces, it is possible to model the arch with 2D nonlinear fiber beam
elements, as proposed by de Felice [23]. This approach has been used in the present work
because, despite its simplicity, it represents well the states of stress and the deformation of the
arch.
2.4 Discrete Element Method
Discrete Element Method (DEM) has been widely used to model masonry vaults. By
means of DEM, portions of vault or single bricks are modelled as blocks interacting each
other by means of springs and dashpots. For a comprehensive review of the method, see [27].
Different authors used the software 3DEC to analyze the behavior of cross vaults [28][29][30]
and barrel vaults [29] subjected to settlements of the imposts. In typical DEM the equations
ruling the problem are solved using time-step explicit integration algorithms which are
computationally intensive because of the small time-steps required. To reduce the
computational effort, a particular type of DEM, called Non Smooth Contact Dynamics
(NSCD), was proposed by Moreau and Jean [31][32]. In this case the equations ruling the
problem are solved using implicit integration algorithms that permit larger time-step. This
method was implemented in the software LMGC90 [33] and was used to study masonry
arches and vaults [34][35][36][37]. An independent implementation of NSCD was proposed
by Tasora et al. with the ProjectChrono open source library [7]. The library, originally
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developed for mechanical engineering, was applied to study masonry arches and domes
[38][39]. The seismic behavior of local mechanisms in a castle were analyzed in [40] while
Ferretti et al. [9] used the library to study masonry barrel vaults considering both the presence
of linear elastic iron ties and filling, which is modelled with spheres.
Because of its features, the library Project Chrono was adopted in the present work.
3

CASE STUDY

In order to analyse and compare the potentialities, the effectiveness and also the limits of
each of the aforementioned methods for the analyses of masonry barrel vaults, a case study
was chosen from a real historical structure: the Pilotta Palace, in Parma (Italy). In particular, a
barrel vault with pavilion heads, covering the atrium of the Farnese Palace, was chosen: the
limited surveys and tests carried out allowed to hypothesize a structure made in brick masonry
with a thickness varying between 12 and 24 cm (more details about the conformation of the
analysed vaults can be found in [8]). Over the vault, a large room (8 m wide and 22 m long) is
located, whose future uses are now under discussion, also in consideration of the structural
capabilities of the vault itself [11]. The structural analyses started with the classical methods:
the graphic statics of Mery’s method and the more recent limit state analysis, conducted
through the ARCO software. Since the deformability of the vault is not taken into account by
these methods, the analysis was repeated using both Finite Elements Method (FEM) and
Discrete Elements Method (DEM) in order to consider the consequences of geometry
variations and the behavior of the tie and the supporting walls.

Figure 1: Analysed vault and overlying room

Figure 2: Structural scheme of the vault.
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3.1 Méry’s graphic method
The first tool used to analyse the vault is based upon the graphic statics: the Mèry’s
Method. Likewise other classical analysis models, it does not take in to account the
deformability of the materials. A 1 m wide arch placed in a representative section of the
considered vault, obtained by a detailed laserscanner architectural survey, was chosen to
represent the whole structure. The specific weight for masonry and infill was assumed of 18
kN/m3 and 14 kN/m3 respectively. The analysis was performed with three load conditions:
dead loads (gk only), dead loads plus variable loads corresponding to reading room use
category (qk = 3 kN/m2) and the same case with the introduction of the partial coefficients for
the action’s effect (γ) imposed by the Italian technical code in the Ultimate Limit States
assessment. In particular, their values correspond to 1.0 for masonry and infill (γG1) and to 1.5
for flooring and variable loads (γG2 and γQ). Moreover, the collapse condition was determined
without partial coefficients, using an iterative procedure. The value of the mean compressive
strength of masonry has been assumed equal to fm = 3.2 MPa and the corresponding design
compressive strength was fd = 2.78 MPa (reduced to 0.93 MPa when taking into account the γ
coefficients), following the Italian Code [4]. According to Mèry’s method hypotheses, the
round arch symmetrically loaded is studied with three plastic hinges located at 30°, 150°
(haunches) and 90° (keystone) from the horizontal line passing through the centre of
curvature. In fact, the only portion that was analyzed was the one comprised between 30° and
150° and it was divided into 12 voussoirs (Figure 2). The polygon of the forces, represented in
Figure 3, is constrained to pass through the upper and lower limit of the cross section core at
the keystone section and at the haunches sections respectively. Horizontal thrust component H
values are shown in Table 1.
3.2 Line-of-thrust with minimum stress
The analysis was repeated using an approach based on the Line-of-thrust with minimum
stress. The chosen tool was the software ARCO [10]: it varies iteratively the eccentricity of
the line of thrust, aiming to achieve the lowest possible value of the stresses in the cross
sections under the given scheme of vertical loads. The geometry was unchanged compared to
the Mèry’s method. Results are reported in Figure 3 and Table 1.

Figure 3: Analysis with Mèry’s method (left) and ARCO software (right).
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3.3 Finite Element Method
The tool used for the FEM analysis was the software Abaqus from Dassault Systèmes; the
same geometry used in the classic methods was modeled with 2D fiber-beam finite elements.
Dead and variable loads were rendered by concentrated forces applied in the centre of gravity
of the elements. The collapse condition of the structure was obtained with the application of
variable loads increased per-step. The mechanical behavior of masonry was modeled using
the nonlinear material model “Concrete Damage Plasticity” (CDP), with Young modulus E =
1500 MPa and Poisson coefficient ν = 0.2. The adopted CDP model parameters are: Dilatancy
angle: 10°; Eccentricity: 0.1; fb0/fc0: 1.16; K: 0.667; Viscosity parameter: 0.002. For the
stress-strain relationship in compression, the relationship proposed in [12] was used. Mortar’s
compressive strength was assumed prudently equal to fm = 1 MPa, while the same value for
the blocks was taken equal to fb = 15 MPa. The obtained stress-strain curve (Figure 4) was
rescaled to include plastic strain only. The tensile constitutive law refers to the experiences
reported in [13] (Figure 5). The first batch of analyses was carried out with the vault
constrained at the spring in order to better match the layout of the classic models. The values
of the maximum compressive stress in the three cases are reported in Table 1, together with
the horizontal thrust component H.
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Figure 4 and 5: Compressive and tensile constitutive laws.

The second batch of analyses brings in the contributions of the supporting walls and of the
metal tie-rods, 60 mm in diameter, both modelled with beam elements. Mechanical properties
were deducted from previous studies regarding historical architectural tie-rods [14].
Considered values were Young modulus Es = 130 GPa and maximum tensile strength Rm =
281 MPa; the corresponding strain is equal to εm = 6.5 %. This layout of the model takes into
account only the situation of actual loads (dead loads), with both fixed anchors of the tie-rod
and anchors penetrating into the masonry; this condition was simulated by a thermal
elongation of the tie-rod calibrated on the value measured in the real case study. In this second
case the horizontal thrust H decreases: this evidence means that due to the higher
deformability of the tie, a portion of the forces at the haunches discharges on the supporting
walls. When anchors penetration is present, plastic deformations develop at about 58° from
the vault’s axis (Figure 6), approximately in the section where the Mèry’s method hypothesis
expects the development of plastic hinges. In both cases, plasticization of the tie-rod was not
observed. Horizontal displacements are concentrated on the left side of the structure (Figure
6), where supporting walls are thinner (Figure 1). Collapse occurs due to compressive failure
of the masonry, with the tie-rod still working in elastic field. The maximum compressive
stresses in the cross sections are 1.49 MPa and 0.42 MPa, depending on the fact that anchors
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penetration into the masonry was considered or not. This evidence highlights the connection
between the deformability of the structure and its stress state under the same loading
conditions.

Figure 6: FEM analysis: vertical displacements, horizontal displacements and stresses.

3.4 Discrete Element Method
The analysis was then repeated with the DEM approach: the voussoirs were represented by
macro-blocks with the same shape adopted in the previous methods, in order to preserve
modelling homogeneity. Infill, flooring and variable loads were considered like concentrated
forces applied in the centre of gravity of the elements, in order to reduce the computational
burden, except for the case of collapse condition, in which infill was modelled with
approximately 780 spheres. Real infill density was increased by a 1.5 factor in order to take
into account the empty space among adjacent spheres. The geometry remains unchanged
compared to previous analyses.
The software chosen for DEM analyses was ChronoEngine[7], an open source C++ library
often used to study masonry architectural structures [9]. Contact forces among blocks and
motion laws for each block are ruled by Coulomb’s friction law, Newton’s Second Law (in
the gravitational field) and spring/dashpots reactions. A model based on springs and dashpots,
if properly calibrated, can render mortar joints deformability and the resulting deformation of
the vault. As a first attempt for calibration, values from [6] were adopted: damping was set at
0.2 kg/s, while compliance was 10-8 N/m. This second parameter was subsequently
recalibrated for each different layout of the model, by iteratively matching displacements in a
reference point obtained with a corresponding FEM model. The software does not directly
provide values of compressive stresses.
Firstly, the 1 m wide arch representing the vault was modelled adopting fixed constrains at
the spring, disregarding the contributions of the tie-rods and of the supporting walls. This
configuration ensures a consistent comparison with the results obtained with classical
methods (Table 1). The collapse condition, obtained using an increasing overload applied
upon the flooring blocks in form of vertical concentrated loads, shows a very high lowering of
the key section before the loss of bearing capacity of the structure.
The model was then improved with the introduction of the tie-rods and of the supporting
walls (Figure 7). Walls were modelled as monolithic blocks, while the tie-rod was
approximated with a linear-elastic spring, whose elastic properties are the same previously
adopted in the FEM approach (the software does not allow an elasto-plastic behavior). The
penetration of the anchors into the masonry was simulated thanks to a two-step analysis: the
first one was conducted with a fictitious spring constant k’, calibrated with a similar FEM
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model, in order to obtain the desired elongation and the deformed configuration of the
structure. In the second step, a tie-rod with the real spring constant k was added to the
deformed vault obtained in the first step. When the infill is used, it produces a horizontal
pressure that modifies the behavior of the model: an overturning mechanism of the upper wall
is triggered (Figure 7), and the structure loses its bearing capacity even without the addition of
increasing overloads. Displacement values computed in the various models configurations are
shown in Table 2.

Figure 7: DEM analysis: vault constrained at the spring and model with tie-rod and supporting walls

4

RESULTS AND DISCUSSION

The results obtained with the four different methods are here discussed both in terms of
forces and in terms of displacements (the latter, obviously, only for the numerical methods).
4.1 Horizontal thrust and compression stresses
Table 1 reports the horizontal thrust H and the compression stress obtained with the four
different methods and with the four different load conditions (dead loads, dead loads plus live
loads for reading room use, Ultimate Limit State, collapse condition). Their comparison allow
to make some observations about the compliance of the different methods and about their
reliability for a static safety assessment of the vaults.
The maximum values of compressive stresses in the first three load cases obtained with the
Mery’s method are 0.486 MPa, 0.445 MPa and 0.546 MPa respectively. The value in collapse
condition is equal to the design compressive strength value. The higher stress value in the
case of dead loads only shows a positive impact of the variable loads on the vault stability.
The results obtained with the ARCO software confirm the same trend observed in the
previous approach; in fact the values for the maximum compressive stresses in the cross
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sections are 0.306 MPa, 0.301 MPa and 0.313 MPa for dead loads, reading room and Ultimate
Limit States assessment respectively. Due to the optimization of the hinges position exploited
by the software in order to minimize eccentricity values, those results are significantly lower
with respect to those obtained from the Mèry’s method. Nevertheless, the horizontal thrusts
computed with ARCO are slightly larger than the ones obtained with Mery’s method. FEM
results in terms of thrust appear to be more similar to the Mery’s ones, while the thrusts
computed with the adopted DEM approach are larger also than the ARCO ones. The
horizontal thrust at collapse are surprisingly close in Mery, FEM and DEM cases, while it is
more than double if computed with ARCO, thus demonstrating that a widespread instrument
adopted by professionals is prone to overestimate largely the thrust and thus possibly induces
heavier interventions than really needed. From a static safety assessment point of view, in the
case of the reading room live loads, the vault is verified with wide margins in the case of null
or limited deformations (classical methods and numerical methods with constraints at the
spring). However, when the deformability of the structure increases with the addition of
supporting walls and tie-rods, this margin become thinner: the maximum overload that the
structure can stand calculated with FEM results in 3.36 kN/m2, only marginally bigger than
the value of 3 kN/m2 imposed by the Italian technical code for this intended use.
Table 1: Comparison of the results in terms of thrust and stress among the four adopted methods.

Method

Dead loads

H
(kN)

Mèry
Safe theorem
FEM
FEM w. Sup.
FEM A. Ret.
DEM
DEM w. Sup.
DEM A. Ret.

27.9
30.4
31.7
29.5
24.5
38.1
67.9
15.7

Max
comp. st.
(MPa)

0.486
0.306
0.385
0.421
1.493
-

Reading room

Limit state assessment

H
(kN)

36.7
40.4
40.7
45.2
-

Max
comp. st.
(MPa)

0.445
0.301
0.391
-

Collapse

H (kN)

max
comp. st. (MPa)

H (kN)

41.3
45.8
45.4
50.1
-

0.546
0.313
0.394
-

109.5
278.4
102.6
35.5
104.3
-

max
comp. st.
(MPa)

2.770
2.780
1.326
1.495
-

4.2 Horizontal and vertical displacements
As already stated, only numerical methods produce results that take into account
displacements and deformations. In Table 2, the horizontal displacements of the springing
points h and the vertical displacements of the keystone are reported for each of the four load
cases and for the two adopted numerical methods (FEM and DEM). Vertical deformations
calculated with both FEM and DEM approaches are generally lower than the maximum
observed value in the case study (estimated in about 90 mm): however, when the whole
structure is taken into account (including anchors penetrating into the masonry) the expected
drops in the keystone section are in the same order of magnitude. With regards to the DEM
approach, occasional anomalies such as the very high keystone drop in collapse conditions
without tie-rods and supporting walls could be explained with the difficulty in the calibration
of the contact springs through the compliance parameter: in fact, it seems to mostly depend on
the layout of the single model than on the overall mechanical properties of the masonry.

1695

Eva Coïsson, Daniele Ferretti and Federico Pagliari

Table 2: Comparison of the results in terms of horizontal and vertical displacements among the 4 adopted
methods.

Method

Dead loads

Δh
(mm)
FEM
FEM w. Sup.
FEM A. Ret.
DEM
DEM w. Sup.
DEM A. Ret.

3.39
58.99
7.02
58.40

key
lowering
(mm)

0.76
6.77
40.05
-1.03
39.20
53.40

Reading room
Δh
(mm)
-

key
lowering
(mm)

2.05
0.62
-

Limit state
assessment
key
Δh

(mm)

-

lowering
(mm)

2.75
1.36
-

Collapse

Δh
(mm)
-

key
lowering
(mm)

3.16
42.86
680.68
-

12 CONCLUSIONS
Trying to reconnect the elements of the historical evolution of arches and vaults structural
modelling, the present paper compares four different methods – two classical graphic ones
and two modern numerical ones – looking for an equilibrium between complexity and
reliability, for the common professional use. The main results can be summarized as follows:
- Good agreement in terms of thrust forces between graphical and numerical methods
demonstrate that classical methods are trustworthy, altogether with a more
straightforward application
- Classical methods do not take into account deformability, which is important when thin
supporting walls or thin vaults are concerned: the results more consistent with the real
observed ones were obtained with the finite elements method
- DEM method does not provide the state of stress in the blocks, therefore comparison
with compressive strength of masonry is cumbersome and must be done in the postprocessing phase.
- Calibration of the DEM is very delicate and case dependent, thus suitable mainly for
edge cutting research case studies.
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Abstract. Starting from a discussion on the experimental results obtained from diagonal
compression tests executed on in-situ masonry panels, the paper presents a constitutive model,
together with a numerical formulation, to describe the cracking phenomena in rubble masonry
structures. A classical finite element discretization is assumed with the hypothesis of a
homogenous continuum material. The adopted constitutive model identifies three different
phases: (i) the elastic phase; (ii) the micro-cracking phase, in which the formation of microcracks, spread in the structural members, is accounted assuming a plastic material with a strain
hardening stable behavior; (iii) the macro-cracks phase, in which the formation of macrocracks, developing along the edges of finite elements, are simulated by means of localized
softening plastic deformation. While the numerical description of spread plasticity in the finite
element framework is a topic that has been widely addressed in the past, the representation of
localized plastic deformation and its implementation in a finite element code is an original
contribution of the authors. From a computational point of view, the value of plastic
deformations (i.e. crack openings) is found by solving a parametric linear complementarity
problem (LCP) using mathematical programming algorithms. The main advantage of using an
LCP method is its ability to deal also with configurations in which instability and a multiplicity
of solutions are possible (e.g. softening behavior). The numerical simulation of a diagonal
compression test and the comparison of the results with the experimental evidence are
presented to validate the model.
1

INTRODUCTION

The performance of masonry structures under seismic actions is strongly influenced by
cracking phenomena that must be considered to obtain a reliable evaluation of the structure’s
capacity. As experimentally observed, masonry shows signs of damage since the early stages
of loading. From a microscopic point of view, when the tensile damage begins, spread and
stable micro-cracks start to develop. Once the cracks growth becomes unstable, strain
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localization occurs, and macro-cracks develop. The initial phase of damage (i.e. microcracking) has an important role in the masonry modelling because affects the analysis results in
terms of stiffness and ductility. At the same time, the detection of macro-cracks is fundamental
to understand potential collapse mechanisms.
In general, there are two main approaches adopted for masonry modelling [1]: (i) the micromodelling approach, which usually involves the separate modelling of units, mortar and unit–
mortar interfaces but can involve also a lumped representation of the mortar and unit–mortar
interface, with potential fracture lines localized at the interfaces; (ii) the macro-modelling
approach, which does not make distinction between blocks and joints, and masonry components
are smeared into an averaged continuum; the presence of cracks is introduced by changing the
mechanical properties of the material. The first approach corresponds to more accurate results
but computationally intensive analyses, the second one requires less computational effort but
does not account for kinematic discontinuities.
In large analyses, the knowledge of the interaction between units and mortar is negligible
for the global behaviour of the structure. Moreover, when the structural problem concerns
rubble masonry, the distinction between blocks and joints is not always simple. All this involve
the tendency to choose a macro-modelling approach in the practice-oriented analyses,
excluding the possibility to realistically describe the formation and propagation of cracks.
Starting from the experimental data obtained from in-situ diagonal compression (DC) tests
performed on rubble masonry walls, this study presents an original constitutive model to
describe the formation and propagation of cracks in masonry, accounting for both micro and
macro fractures. A macro-modelling approach is adopted with a homogeneous and isotropic
material. The hypothesis of isotropy can be acceptable when dealing with rubble masonry. Only
in-plane behavior is analyzed. The model adopts an innovative finite element structural
formulation, enriched with the introduction of mathematical programming algorithms [2, 3].
Both tension and shear cracks are considered. The initial phase of damage, represented by the
formation of micro-cracks, is described as irreversible plastic deformations spread all over the
elements. Macro-cracks are considered instead as inelastic strains localized at the nodes of
potential cracking paths. Softening behavior is considered through a cohesive crack model.
The proposed model is used to simulate a DC test to validate the formulation.
2 EXPERIMENTAL ASPECTS
Non-linear analysis of existing buildings, particularly for seismic loadings, requires the
experimental evaluation of the post-peak degradation curve to obtain reliable analytical models.
Among the available tests, the DC test is usually adopted for the determination of the shear
strength of masonry walls. The in-situ version of the test is usually executed under load control
on specimen cut from the existing wall by means of a circular saw or a diamond wire [4].
A special procedure has been adopted by the LPM Lab of Politecnico di Milano to execute
several DC tests on the San Filippo Neri historical building in L’Aquila (Italy). The walls tested
were made of rubble masonry, very common in the historical buildings of central Italy. The
walls exhibit two external layers which are connected by a central infill, less predictable in
terms of presence of mortar and size and type of aggregates. This implies a non-homogeneous
behavior of the wall section, i.e. it is to be expected that the two external layers move with a
certain independence one from the other.
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Figure 1: Left, Circular saw cutting the masonry specimen. Right, experimental equipment for the DC test.

Figure 2: Cracking paths on CD01 specimens after the DC test, side 1 and 2.

Figure 3: Cracking paths on CD04 specimens after the DC test, side 1 and 2.

Some pictures about the setting of the test are reported in Figure 1. The experimental
equipment was such that the test could be performed by controlling, independently, the two
jack forces acting on each masonry external layer.
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Figures 2 and 3 show the damage observed at the end of the tests in two different specimens
(CD01 and CD04, both sides). The observed damage was generally represented by cracks
parallel to the compressed diagonal and sliding phenomena in the vertical/horizontal direction.
The crack path was mainly influenced by the location of mortar joints, which represent the weak
point of the masonry assemblage.
Figure 4 shows the load vs. displacement curves. The blue and red curves represent the
behavior of the two sides of each wall. Significantly different behavior of the two layers have
been detected for specimen CD01, while CD04 shows a more homogenous behavior.
Two main facts come out from the observation of the curves: (i) the sharp decrease of the
elastic constants in the stable part of the behavior; (ii) the irreversibility of deformations, even
at the first stage of the test. It is evident that the initial phase of damage, manifested through the
formation of spread micro-cracks, has a fundamental role in the masonry modelling in terms of
final maximum displacement and σ-ε plot. At the same time, the analysis of macro-cracks
propagation is necessary to realistically evaluate the mechanical capacity of the structure and
understand the potential collapse mechanisms. The paper will present an original constitutive
model that accounts for both micro and macro-cracks.

Figure 4: Load vs. displacement curves: left, specimen CD0; right, specimen CD04

3

CONSTITUTIVE ASPECTS

In the following formulation, tensile behavior is considered but shear can be treated
analogously. The constitutive model has been subdivided in three phases: (i) undamaged linear
elastic phase (Figure 5a), in which the material is considered elastic until the tension σy is
reached; the value σy is a portion of the limit tension σt, to be calibrated according to the
experimental evidence; (ii) micro-cracking hardening phase (Figure 5b), in which micro-cracks
start to propagate following an isotropic hardening law, with hardening parameter hh, until the
limit tension σt is reached; (iii) macro-cracking softening phase (Figure 5c), in which the
behavior is described by a stress-crack opening displacement constitutive law, with softening
parameter hs and fracture energy Gf. Phases (ii) and (iii) are described in detail in the following.
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(a)

(b)

(c)

Figure 5: Constitutive law phases: (a) undamaged linear elastic phase, (b) micro-cracking hardening phase and
(c) macro-cracking softening phase.

3.1 The micro-cracking hardening phase
The formation of micro-cracks is associated to the “stable” part of the masonry behavior in
which irreversible plastic deformations start to accumulate while the load increases. The
representation of plastic deformation is made according to the classical theory of plasticity, with
the plastic deformation spreading in the finite elements.
Among all the available yield functions proposed in the literature, a Drucker-Prager (DP)
criterion [5] has been adopted together with an associated flow-rule. The DP domain is
characterized by a regular and smooth limit surface, with obvious computational advantages,
and only two parameters to be defined, i.e. the limit stress in uniaxial tension σt and uniaxial
compression σc. It should be remarked that the adopted limit values that active the microcracking phase are not the actual limit stresses in tension and compression, but they are lower
values to be calibrated on the experimental results. Moreover, only the tension-tension stress
regime of the domain will be considered in this specific case.
The governing relations are based on the classical approach developed by Maier [6] and
adopted by several authors [7, 8] where the failure surface is a piecewise linear assemblage of
linear failure surfaces. An “a posteriori” linearization procedure [9] is adopted, in which the
stress points can move on the yield surface along a piecewise linearized path, lying within the
bounds of a given maximum violation of the true yield function and consequently having a
control on the violation of the flow-rule. The “a posteriori” linearization technique is
implemented under the framework of Mathematical Programming (MP) theory and algorithms,
with regard to the Linear Complementary Problem (LCP) as already proposed in [7].
Let us consider the yield surface reported in Figure 6,left. For the sake of simplicity and
without loss of generality, the yield function has been limited to one parameter convex function.
The elastic domain is defined by the stress points which satisfy the relation φ(σ, σ0) < 0, where
σ0 is the given parameter. As soon as the stress point reaches the yield surface φ(σ, σ0) = 0 at
point A (Figure 6, right), an approximate elastic domain is defined by the stress points which
satisfy the following conditions:
(σ, 0 (1 + ))  0
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=
n TA σ A − R A  0
A

(2)

where nA is the outward unit normal to the yield surface at point A, RA is the distance of the
plane with normal nA from the origin and ε is the prescribed tolerance on the violation of the
yield surface. The stress point can now move in the elastic domain or along the plane φA. If the
stress point violates the outer limit surface defined by (1), a back-track procedure is applied that
brings the stress point on the inner curve and compute a new tangent plane.
The evolution of the yield surface is governed by an isotropic hardening law with hardening
parameter hh (Figure 7), which represents the initial damage phase where micro-cracks
develops.

Figure 6: On the left, non-linear failure surface and elastic domain; on the right, stress point reaching the failure
surface at point A and introduction of a new yield plane.

Figure 7: Elastic-plastic strain hardening model to represent the formation of micro-cracks; hh is the hardening
parameter and R the resistance associated to the yield plane.

3.1 The macro-cracking softening phase
When the value of the limit stress in tension is reached, the macro-cracks start to propagate.
At this point, in order to provide a good representation of the material behavior, strain softening
must be considered. After the limit value is reached, the activated inelastic constitutive law is
described as a linear softening branch, according to the cohesive crack model proposed by
Hillerborg [10].
Two main assumptions are considered: (i) the crack begins to develop when the ultimate
strength is achieved at one node; (ii) the material in the cracked zone is still able to transfer a
force dependent on the crack opening displacement. Two parameters must be defined to
properly describe the softening behavior: the limit tension σt at which the crack starts to open
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and the critical crack width wc at which the normal stress becomes zero. The following relations
link the two parameters:
wc =

2G f
σt

σ
=
-h s  w c
t

(3)

(4)

where hs is the softening parameter and Gf is the fracture energy.
While in the micro-cracking phase the damage is spread in the elements and the plasticity
control is made in terms of actual stresses, in the macro-cracking phase the plastic deformations
(i.e. the cracks) are considered as localized at the nodes. The adopted failure surfaces are
defined at each node and involves the nodal forces instead of the actual element stresses.
The limit tension σt of Figure 5c is then replaced by the limit traction force Rn called
resistance (Figure 8, left), calculated at the generic node i as:
R=
σ t  Ai
n

(5)

where Ai is the tributary area of the node i. The tributary area of a node is calculated as the
product of the tributary length Li of the node with respect to a predefined crack direction and
the thickness of the finite elements. When at one node the resistance Rn is reached, the cohesive
crack starts to open. The force at the node begins to decrease following the softening branch.
The behavior on the softening branch is non-holonomic. If an unloading occurs, the force
decreases following a vertical elastic unloading/reloading branch, keeping unchanged the
values of crack width w. When the critical value wc is reached, the behavior becomes holonomic
and the material is considered as elastic perfectly plastic. The crack is fully developed, and it
can open and close freely.
3.1 Traction-shear interaction domain
For a realistic description of the damage phenomena, the proposed approach considers the
formation of both tensile cracks and shear cracks (i.e. sliding phenomena). What already
presented for tension behavior can be easily extended to shear behavior without loss of
generality.
At each potential cracking node belonging to a potential crack direction, two independent
variables are defined: (i) w, i.e. the traction crack width, that is the normal component of the
plastic deformation, and s, i.e. the shear sliding, that is the tangential component of the plastic
deformation. A simple maximum stress criterion is adopted both in cases of tension and shear
behavior.
The traction-shear domain for a node is represented in Figure 9 where Fn and Ft are
respectively the traction and shear component of the nodal force and Rn ad Rt are the limit
traction and the limit shear, calculated as the product of the tributary area of the node and the
limit stress in tension σt and shear τmax, respectively. The parameters σt and τmax are defined
independently the one from the other.
The plastic deformations (i.e. cracks w and s) develop according to the normality rule. For
the sake of simplicity, no interaction between the two variables w and s is considered and they
can be activated simultaneously only in the corner point. To make the model closer to reality,
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a traction-shear interaction may be considered by introducing a different failure domain (e.g.
Mohr Coulomb criterion). This improvement will be treated in future paper.

Figure 8: Left, nodal constitutive nodal law. Right, Traction-shear interaction domain.

4

THE MACRO-CRACK MODEL

From a numerical point of view, the macro-cracking model and its implementation in a finite
element code represent an original contribution of the authors [2, 3, 11].
Let us consider the FE model in Figure 9 (left) in which a potential cracking path L is
identified. If a fracture develops along L, the structure is going to be split into two, identifying
on the bottom side the line L+ and the node I+ and on the top side L- and I-. Focusing the attention
on the node I+ (Fig. 9, middle), an outward unit normal nI+ associated to the crack line L+ can
be defined. The vector force FI+ at node I+ is equilibrated with the stresses of the adjacent
elements Qj, Qk and Qm. The projection of FI+ on nI+ must satisfy the following plasticity
condition at the node I+:
n I+T  FI+T  R +I

(6)

where RI+ is the limit tensile force, calculated as the product of the limit tension σt times the
influence area of the considered node Ai.

Figure 9: Left: FE model of a plane stress problem. The dashed red line L identifies a potential crack path.
Middle: dal force FI+ at I+ equilibrated with Qa, Qb, Qc. Right: Opening of the crack at node I.
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The satisfaction of the yield criteria is ensured by considering suitable imposed localized
strain nI-λI+ that represents the displacement associated to the crack opening and obeys to the
normality flow rule of plasticity. When the plasticity condition is violated, the crack opens by
splitting the node I into two: one belonging to L-, which remains fixed, and one belonging to
L+, which moves in the direction of nI- opening the crack λI+, named plastic/crack multiplier
(Fig. 9, right). The crack opening affects only the bottom half structure (or better, the elements
of the bottom half structure around the node I+). The same procedure can be repeated for any
potential cracking node, along any possible direction.
Let us define a vector λ+ that collects the crack multipliers λI+ associated to the nodes on the
crack line L+, with a number of components equal to the number of potentially activable planes.
A matrix N- is defined which collects, in diagonal form, the outward unit normal vectors nI- of
each node (analogously N+ can be defined for the outward unit normal vectors nI+). The problem
to be solved is to find the elastic-plastic response of the structure under the external load F0 and
the prescribed inelastic crack openings N-λ+.
According to the Colonnetti’s approach [12], the elastic-plastic response of the structure is
obtained as the superposition of: (i) the linear-elastic response of the structure to the given
external actions; (ii) the linear-elastic response of the structure subjected to the unknown
imposed strains N-λ+. For a clear definition of response (ii), a sub-structure has to be defined
made by the elements, around the considered node, lying on one side of the crack (e.g. for the
node I, the dark gray elements in Figure 9, middle). Response (ii) is the superposition of: (a)
the linear-elastic response of the sub-structure, considered with fixed nodes, to the imposed
displacement N-λ+, in which all the nodal displacements are zero except the crack opening; the
nodal reactions are called FR,i; (b) the linear-elastic response of the structure subjected to -FR,i.
Considering the softening behavior and recalling the plasticity condition (6), a plastic
potential vector Φ+ can be defined on the crack line L+, as:
Φ+ =
− N + t F + + R + + Hλ +  0

(7)

where F+ is the vector of nodal surface forces along L+, R+ is the vector that collects the
surface resistances of each node and H is a square matrix with the softening parameter hs < 0
along the main diagonal, that has as many rows and columns as the total number of yield planes.
The introduction of the matrix H describes how the original yield surface changes during the
development of cracks. If a failure plane is activated, the corresponding potential function is
zero. The governing equations of the structural problem can be expressed as a linear
complementary problem (LCP) [11]:
Φ + = ( A + H )λ + - b + R +  0

(8)

together with the so-called complementary conditions:
λ +  0 , Φ+ T λ + =
0

(9)

In case of irreversible inelastic deformations (i.e. non-holonomic problem), in order to
capture some critical events like unloading, the conditions (9) must be expressed in rate form
as follows:
λ +  0 , Φ +T λ + =
0

(10)

Matrix A and vector b describe the behavior of the structure under imposed strains and given
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loads, respectively. The Hessian matrix A, which governs the global behavior of the structure,
is symmetric and semi-definite positive. If softening is considered by the introduction of H, the
problem may become indefinite. Respect to the standard structural stiffness matrix, the matrix
A is endowed with sophisticated mathematical features able to easily perform checks about the
existence and the uniqueness of the solution [13, 14]. Matrix A and vector b can be computed
in full before the procedure is started as a series of elastic calculations which do not require the
expensive computation of the inverse of the stiffness matrix K, difficult to be determined in
case of singular yield functions.
4

COMPUTATIONAL PROCEDURES

The LCP that governs the evolution of the system may exhibit an indefinite Hessian matrix
(i.e. A+H) meaning that a multiplicity of solutions may be admitted on the equilibrium path
due to softening-related bifurcation phenomena or loss of stability. Commercial finite element
codes show serious difficulties in managing indefinite problem; MP algorithms have instead
proved their ability to capture the whole set of possible alternative equilibrium paths and always
find a solution, if it exists [14].
Solving the LCP (8) together with (9) or (10) is equivalent to solve a parametric linear
complementary problem (PLCP) by introducing a scalar parameter α called load factor [15]:
Φ = ( A + H )λ + − b + R +  0

(11)

The solution of the problem is found in incremental steps, by varying the value of α. Each
step and the relative α value are automatically defined when a crack multiplier is scaled to the
next inelastic point or until it reaches a critical value. Since the holonomic solution, represented
by a system of linear equations, is simpler to be found than the non-holonomic one, the adopted
procedure assumes basically holonomic behavior and solves ad-hoc defined LCPs only when
non-holonomic constraints are violated [11].
The sequence of solutions follows the evolution of plastic deformation (i.e. the cracking
evolution) in the structure and the sequence terminates when a “unique” solution is found or an
unbounded solution (i.e. collapse) is found or α decreases down to zero. The solution of each
step is computed using a numerical code specifically developed for this purpose and which
refers to the pivot theory proposed by Lemke [16].
5

NUMERICAL SIMULATIONS

A simulation of the in-situ diagonal compression test of sample CD04 (see paragraph 2) has
been performed using the proposed constitutive model. The specimen dimensions are 1200 x
1200 mm with a thickness of 420 mm as the panel tested in the experimental campaign. The
adopted mechanical parameters are reported in Table 1. Poisson’s ratio ν = 0.2 and fracture
energy GF = 0.035 N/mm are typical values adopted in other numerical works [17]. The other
parameters, i.e. Young’s modulus E = 1500 MPa and tensile strength σt = 0.12 MPa, have been
quantified by calibration of the numerical and experimental results and the obtained values are
consistent with typical values of historical masonry. The compression strength has been
calculated as σc = 10·σt. The adopted FE model is reported in Figure 12.
Figure 13 (left) shows the comparison in terms of load vs. displacement curve. The
displacements of the experimental curve are calculated as the mean of the displacements of the
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two layers of wall, while the load as the sum of the loads.

Figure 10: FE model of the masonry panel under diagonal compression
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Figure 11: Left, Load vs. displacement curves comparison. Right, Load factor vs. step.

Figure 12: Left, Deformed shape at collapse with traction cracks in red and the slidings in green. Right,
Experimental crack pattern.
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In the experimental curve it is possible to observe that the plasticization of the material
happens already at the first steps of the test (there is no evident change of slope before the
unloading/reloading and the values of stiffness are very low). The elastic limit in the numerical
simulation has been set to a very low value (1% of the failure in tension) after which the
hardening branch starts, allowing a stiffness degradation able to approximate the experimental
evidence. The numerical simulation catches the right value of the peak-load and the maximum
displacement. The slope of the curve (PLCP), from the beginning to the peak, represents an
average stiffness between the two points. A way to make the stiffness closer to the experimental
one might be to modify the value of the hardening parameter during the loading history to
reproduce the multi-branch hardening. However, this approach would make more complex the
mathematical model.
As reported in Figure 13 (right), the load factor α changes during the evolutive nonholonomic analysis. The linear elastic behavior is represented by the first step. The flat section
of the curve right after is the non-linear phase in which the spread plastic deformation is
collected in the elements. A significant increment of the load factor is recorded when the limit
tension is reached at the first node and macro-crack starts. The load factor continues to increase
according to the activation of the non-holonomic softening modes at several nodes. When the
critical width is reached at the first node, the problem is indefinite, the slope of the curve
becomes negative and the load factor starts to decrease. Going forward with the analysis, a
positive slope is recorded again meaning that the problem, from indefinite, became positivedefinite again. When the load factor becomes zero, the procedure stops.
The final deformed shape of the structure is reported in Figure 14 (left) where tension cracks
have developed mainly along the compressed diagonal. Also sliding phenomena in the vertical
and horizontal direction are evident. As comparison, a picture of the masonry panel after the
test is reported in Figure 14 (right) and a good agreement in terms of cracks pattern is found.
6

CONCLUSIONS

A constitutive model to describe fracture process in masonry has been proposed. The
formulation takes its cue from the evidence of experimental tests performed on historical
masonry walls. The model describes the cracking phenomenon as the succession of two phases:
the micro-cracking hardening phase, with cracks represented by spread plastic deformations,
and the macro-cracking softening phase, with cracks represented by localized deformations at
the element edges. A non-standard finite element formulation has been adopted to find the
solution of the nonlinear structural problem, taking advantage of the ability of mathematical
programming algorithms to manage the computational instabilities of softening materials.
The simulation of an the in-situ diagonal compression test has been performed with reference
to the results of an experimental campaign conducted on a historical masonry compound in the
city center of L’Aquila (Italy). Some mechanical parameters (i.e. Poisson’s ratio and fracture
energy) has been chosen according to typical values adopted in other scientific works. Some
others (i.e. Young’s modulus, tensile and compressive strength) has been quantified by
calibration of the numerical and experimental results. The numerical simulation was able to
catch the value of peak-load and the maximum displacement. The cracking pattern showed
cracks developing mainly along the diagonal directions, together with sliding phenomena in
vertical and horizontal directions, analogously to what observed after the experimental test.
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The validation test has given encouraging results; however, further research work is needed
in order achieve the same results also for complex and large-scale structures.
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Abstract. Cutting-edge methods in the computational analysis of structures have been
developed over the last decades. Such modern tools are helpful to assess the safety of existing
buildings. Multi-scale techniques have been proposed to combine the accuracy of micromodelling and the computational efficiency of macro-modelling. Machine-learning tools have
been utilized successfully to train specific models by feeding big source data from different
fields, e.g. autonomous driving, face recognition, etc. This research proposes a continuous
nonlinear material law that can reproduce data from micro-scale analysis. The proposed
method is based on a machine-learning tool that links the two scales of the analysis by
training a macro-model smeared damage constitutive law through benchmark data from
numerical tests derived from micro-models.
1

INTRODUCTION

Building with masonry is one of the oldest construction techniques and a majority of the
building stock worldwide is constructed using this component material. Due to its social and
cultural value the construction type and assessment tools for masonry must be preserved.
Nowadays numerical methods are considered as a commodity in structural engineering.
Computer analysis techniques have been proved successful in assessing the complex
behaviour of masonry structures. Two main lines of research can be identified, each with
benefits and drawbacks: macro-modelling and micro-modelling.
Masonry is a heterogeneous material composed of brick units and mortar joints. Each
material has different properties. Micro-scale modelling approaches, which are based on the
idea of distinguishing between the masonry components, have been proved to be very
accurate [1 - 3]. The associated modelling and computation cost is however too high in
application to large structures. Macro-modelling [4 - 7] represents the masonry material as a
homogenized continuum and thus offers wide applicability to real scale structures. The
weakness of macro-modelling approaches is intrinsic to the idea of smearing the behaviours
of the masonry components into a single continuum. The advantage is of course that the small
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computational cost allows the modelling of large scale structures.
Given both the advantages and disadvantages of the modelling techniques, multi-scale
modelling approach has the aim to provide a direct relationship between both scales. This
approach requires a homogenization technique to scale strain and stress states from the micro
to the macro level. Petracca et al. [8] have analysed the classical first order computational
homogenization as an advanced technique applied to the analysis of masonry structures.
This approach consists of three steps, as defined in [8]. Down-scaling transfers the strains
from the macro scale and applies them as boundary conditions to a representative volume
element (RVE) at the micro-scale. Solution of the boundary value problem consists in solving
the RVE analysis at micro-scale. Up-scaling transfers the stresses from micro-scale to macroscale by computing a volume average of the micro-scale stresses. The described procedure
has been carried out successfully and gives accurate results when compared with experimental
tests on masonry structures [8, 9].
However, performing the homogenization at each gauss point of the macro scale model
brings along a huge computational effort. Hence, an appropriate alternative to the classical
computational homogenization that disconnects the above described steps must be found. A
recent investigation presents the concept of smart constitutive laws trained by machinelearning tools [10]. The outcome of such models is a constitutive model that can be applied
for numerical analysis of heterogeneous materials in terms of macro scale analysis.
The motivation of the present investigation is to train a machine-learning model that
transfers the complex micro-structural behaviour of masonry to a macro model approach.
Benchmark data for the machine-learning training procedure are derived from numerical
nonlinear tests on masonry micro-models in a virtual laboratory.
The paper is organized as follows. Section 2 presents the general homogenization
procedure. Section 3 summarizes the constitutive model applied in the virtual laboratory and
for the machine-learning model. Section 4 introduces the machine-learning model, the
optimization procedure and application to the present constitutive law. Section 5 explains the
idea of the virtual laboratory as a data factory for the machine-learning model. In Section 6
the entire procedure is applied to an in plane loaded masonry wall.
2 THE MACHINE-LEARNING COMPUTATIONAL HOMOGENIZATION
TECHNIQUE
“Classical” computational homogenization techniques like first order computational
homogenization allow representing the microscopic behaviour of the heterogeneous masonry
material very accurately. Such techniques are based on utilizing representative volume
elements (RVEs) in order to analyse the material’s micro mechanical behaviour. However,
they still do not disconnect the micro and the macro-scale at the solving stage. When used
together with the Finite Element Method, the procedure transforms strains at the gauss point
of the macro-scale into a boundary value problem of the RVE at the micro scale. Thus, a
boundary value problem of an entire RVE is solved in order to obtain stress results for only
one gauss point at the macro-scale. The computational cost becomes tremendous, the larger
the macro-scale models are.
Researches made in [11] introduce an off-line technique to avoid solving the RVE at each
analysis step. The strains at the macro scales are not sent to a micro model RVE, but to a large
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database. The creation of this database includes the strain and stress results of previously
performed analyses on a RVE. Thus, the strains coming from the macro-scale can “choose”
their corresponding stress state from the database by comparing the incoming strains with the
ones of the database. The works made in [11] contribute substantially to the approach of the
present investigations, since a virtual laboratory is used to construct the database. However,
the method still implies jumping away from the macro-scale at the solving stage.
The idea of the present research is to avoid hopping around at multiple scales. The key issue
is then finding a single homogeneous continuum damage model for the macro scale analysis
of masonry that takes into account the masonry’s heterogeneity. This research focuses on
utilizing a machine-learning model to train the parameters of such a homogeneous continuum
damage model for masonry structures. The following sections give an overview of the novel
homogenization technique that consists of the following main steps. First, the derivation of a
machine-learning model including a homogeneous constitutive law. Second, the construction
of a virtual laboratory as a training data factory by running multiple tests on a representative
volume element. Third, training and evaluation of the machine-learning model parameters.
The fundamental ideas behind and the proper application of each step is presented in the
following three sections.
3

CONSTITUTIVE MODEL

3.1 Constitutive Law
According with the theory of Continuum Damage Mechanics, an effective stress definition
is adopted to distinguish between damaged/undamaged/loading and unloading stages. It is
based on the principle of strain equivalence that assumes the comparison between damaged
and undamaged configurations by strain consideration with reference to the elastic material
behaviour [12].
� = 𝑪𝑪𝑪𝑪 ∶ 𝝐𝝐𝝐𝝐
𝝈𝝈𝝈𝝈

(1)

𝝈𝝈𝝈𝝈 = (1 − 𝑑𝑑𝑑𝑑 + ) �𝝈𝝈𝝈𝝈+ + (1 − 𝑑𝑑𝑑𝑑− ) �𝝈𝝈𝝈𝝈−

(2)

� is the effective stress tensor, 𝝐𝝐𝝐𝝐 the strain tensor and 𝑪𝑪𝑪𝑪 is the fourth order elasticity
Where 𝝈𝝈𝝈𝝈
tensor. The works of [13 - 15] introduce separated internal damage variables to use damage
scalar models for tensile and compressive stress contributions and define the stress tensor 𝝈𝝈𝝈𝝈 as
follows
The internal damage variables 𝑑𝑑𝑑𝑑+ and 𝑑𝑑𝑑𝑑− indicate the grade of damage in tension and
compression, respectively (𝑑𝑑𝑑𝑑 ± ∈ [0,1]). The tensors �𝝈𝝈𝝈𝝈+ and �𝝈𝝈𝝈𝝈− are the positive and negative
parts of the effective stress tensor and account for different nonlinear behaviours in tension
� is performed according
and compression. The decomposition of the effective stress tensor 𝝈𝝈𝝈𝝈
to [15, 16].
3.2 Yield Criteria

Lubliner et al. [17] proposed a proper yield criterion that considers two scalar values that
reflect different material behaviours in tension and compression. The values 𝜏𝜏𝜏𝜏 + (tension) and
𝜏𝜏𝜏𝜏 − (compression) indicate the equivalent uniaxial stress. This research includes a modified
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Lubliner yield criterion [8] in compression and a Rankine yield criterion in tension. The
scalars are then defined as follows
𝜏𝜏𝜏𝜏 + = 〈𝜎𝜎𝜎𝜎�𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 〉 (Rankine)
𝜏𝜏𝜏𝜏 − = 𝐻𝐻𝐻𝐻(−𝜎𝜎𝜎𝜎�𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 ) �

1
�𝛼𝛼𝛼𝛼𝐼𝐼𝐼𝐼1̅ + �3𝐽𝐽𝐽𝐽2̅ + 𝜅𝜅𝜅𝜅𝜅𝜅𝜅𝜅〈𝜎𝜎𝜎𝜎�𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 〉��
1 − 𝛼𝛼𝛼𝛼

(3)

(4)

The constant 𝜅𝜅𝜅𝜅 aims to better control the effect of the compression surface on the shear
strength of the model. It leads from 0 (→ Drucker-Prager surface) to 1 (→ Lubliner surface).
To better understand the meaning of each entity in the equations, the authors advise to read
carefully the explanations made in [3].
3.3 Damage Evolution
A threshold value must be introduced to distinguish between an undamaged and a damaged
state of the material. At the same time, the threshold must indicate if the model undergoes
loading/unloading or reloading, since the damage is an irreversible process. Thus, two
additional scalar values are introduced. The actual threshold 𝑟𝑟𝑟𝑟𝑚𝑚𝑚𝑚± is defined as follows
𝑟𝑟𝑟𝑟𝑚𝑚𝑚𝑚± = max �𝑟𝑟𝑟𝑟0± , max 𝜏𝜏𝜏𝜏𝑚𝑚𝑚𝑚± �
𝑡𝑡𝑡𝑡0 ≤𝑚𝑚𝑚𝑚≤𝑡𝑡𝑡𝑡𝑒𝑒𝑒𝑒

(5)

Further information on the damage criteria can be found in Petracca et al. [3]. This
research also introduces a combination of an exponential softening law in tension and a
quadratic hardening and softening law in compression that fits very well for the numerical
analysis of masonry structures. Figure 1 displays the tensile and compressive constitutive
behaviours of the law described in [3]. Equations (7) and (8) provide the mathematical rules
for damage in tension and compression.

(a)
(b)
Figure 1: Uniaxial damage laws for (a) exponential softening and (b) quadratic hardening and softening

𝑑𝑑𝑑𝑑

+ (𝑟𝑟𝑟𝑟 + )

𝑑𝑑𝑑𝑑

− (𝑟𝑟𝑟𝑟 − )

𝛹𝛹𝛹𝛹(𝜉𝜉𝜉𝜉 − )
=1−
𝑟𝑟𝑟𝑟 −

𝑟𝑟𝑟𝑟0+
𝑟𝑟𝑟𝑟0+ − 𝑟𝑟𝑟𝑟 +
= 1 − + 𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 �2𝐻𝐻𝐻𝐻𝑑𝑑𝑑𝑑𝑚𝑚𝑚𝑚𝑑𝑑𝑑𝑑 �
��
𝑟𝑟𝑟𝑟
𝑟𝑟𝑟𝑟0+

(6)

(7)

Where 𝛹𝛹𝛹𝛹(𝜉𝜉𝜉𝜉 − ) depends on the damaged state (hardening or softening) and on a strain-like
counterpart 𝜉𝜉𝜉𝜉 − . A detailed description of 𝛹𝛹𝛹𝛹(𝜉𝜉𝜉𝜉 − ), and the energy regularization in tension and
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compression can be found in reference [3].
4

THE SUPERVISED MACHINE-LEARNING MODEL

4.1 Fundamentals
Machine-learning tools are very useful to support computations when a certain task is
extremely difficult to program. The general idea is to collect data and utilize them to train a
model to solve a task. This way of learning connects a set of inputs 𝐼𝐼𝐼𝐼𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 and a set of outputs
𝑂𝑂𝑂𝑂𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 by searching a function F so that 𝐹𝐹𝐹𝐹(𝐼𝐼𝐼𝐼𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 ) = 𝑂𝑂𝑂𝑂𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 . The function aims to fit the inputs
to the outputs.
The goal of such a fitting is to adjust the machine-learning model parameters 𝚯𝚯𝚯𝚯 so that the
given inputs 𝐼𝐼𝐼𝐼𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 fit to the given outputs 𝑂𝑂𝑂𝑂𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 as accurately as possible. The given outputs
𝑂𝑂𝑂𝑂𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 are compared with predicted outputs 𝑂𝑂𝑂𝑂𝑝𝑝𝑝𝑝𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 in a loss function ℒ(𝚯𝚯𝚯𝚯). If the loss function
does not fulfill a predefined loss minimum, an adjustment of the models parameters 𝚯𝚯𝚯𝚯 is
carried out to approximate the outputs 𝑂𝑂𝑂𝑂𝑝𝑝𝑝𝑝𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 of the model to the given outputs 𝑂𝑂𝑂𝑂𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 .
The most popular algorithms to perform such optimizations are gradient descent operators.
A detailed overview is given in [18]. The present research applies the Adam optimizer [19].
The loss function counts the machine-learning prediction error. A classical computation of
the loss is the ℒ2 loss function that computes a mean square error. The entire loss function
applied to the gradient descent optimization for a batch of inputs and outputs of size 𝑚𝑚𝑚𝑚 can be
written as follows:
𝑚𝑚𝑚𝑚

2
1
ℒ(𝚯𝚯𝚯𝚯) =
� �𝑂𝑂𝑂𝑂𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 − 𝑂𝑂𝑂𝑂𝑝𝑝𝑝𝑝𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 (𝚯𝚯𝚯𝚯, 𝐼𝐼𝐼𝐼𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 )�
𝑚𝑚𝑚𝑚

4.2 Present Application Procedure

𝑚𝑚𝑚𝑚=1

(8)

This Section presents the construction of the specific machine-learning model applied in
this research. In order to apply the machine-learning approach its procedure must be mapped
to the present scientific issue. Thus the fundamental questions are what are the coupled input
and output items, and which mathematical formulation connects them.
• The function 𝐹𝐹𝐹𝐹(𝐼𝐼𝐼𝐼𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 ): This research aims to find a correlation between strains and
stresses for a homogenized material. For any material, constitutive laws can define such a
correlation. Thus the here considered mathematical formulation for the machine-learning
model is derived from a constitutive law and is defined as function 𝜞𝜞𝜞𝜞(𝐼𝐼𝐼𝐼𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 ).
• The input 𝐼𝐼𝐼𝐼𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 and output 𝑂𝑂𝑂𝑂𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 : The constitutive law presented in Section 3 is based on
strain equivalence. Then the input 𝐼𝐼𝐼𝐼𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 of the function is a set of strain states 𝜺𝜺𝜺𝜺𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 . In
order to perform the supervised learning, the model requires the reference true output
stresses 𝝈𝝈𝝈𝝈𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 .
• The parameters 𝜣𝜣𝜣𝜣: The strains 𝜺𝜺𝜺𝜺𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 run through the model and are adjusted by the
constitutive law material parameters which act as the trainable variables of the machinelearning model.
• The predicted output 𝑂𝑂𝑂𝑂𝑝𝑝𝑝𝑝𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 : The predicted output 𝑂𝑂𝑂𝑂𝑝𝑝𝑝𝑝𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 of the machine-learning model
are the stresses 𝝈𝝈𝝈𝝈𝑝𝑝𝑝𝑝𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 computed by the constitutive law.

1716

P. Kalkbrenner, L. Pelà and R. Rossi

After having introduced the machine-learning model’s participating entities, the general
mathematical formulation of the optimization process can be stated as follows:
𝜞𝜞𝜞𝜞(𝜺𝜺𝜺𝜺𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 , 𝜣𝜣𝜣𝜣) ≈ 𝝈𝝈𝝈𝝈𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡

(9)

𝜞𝜞𝜞𝜞(𝜺𝜺𝜺𝜺�, 𝜣𝜣𝜣𝜣∗ ) = 𝝈𝝈𝝈𝝈𝑝𝑝𝑝𝑝𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡

(10)

The model searches a modification of the parameters 𝜣𝜣𝜣𝜣 of the constitutive model 𝜞𝜞𝜞𝜞, so that
by inputting strain states 𝜺𝜺𝜺𝜺𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 an accurate approximation to the reference stresses 𝝈𝝈𝝈𝝈𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 can
be achieved. A predefined learning criterion checks the error value of the actual optimization
state. If the error value is less or equal to the learning criterion, the optimization finishes and
stores the actual modification of the parameters 𝜣𝜣𝜣𝜣 as the optimized model parameters 𝜣𝜣𝜣𝜣∗ .
Then the model can be utilized to predict stresses 𝝈𝝈𝝈𝝈𝑝𝑝𝑝𝑝𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 by entering any strain state 𝜺𝜺𝜺𝜺�. It
follows:
The implementation of the machine-learning model takes place in the python-based open
source framework TensorFlow [20]. It offers a variety of already implemented optimizers
including the above mentioned. The machine-learning model flow inside TensorFlow is based
on a computation graph consisting of nodes where each node performs a mathematical
operation.
5

VIRTUAL LABORATORY

The here presented technique targets the homogenization of a heterogeneous material.
Thus, the material’s heterogeneity must be represented in a carefully constructed micromodel. Such a model takes into account the constitutive behaviour of the material’s
components. It is called a representative volume element (RVE). RVEs can be exposed to
boundary conditions, in order to analyse the heterogeneous material’s behaviour. Catching
this behaviour is essential for any homogenization technique. The here investigated technique
necessitates a space where boundary conditions can be applied to a properly micro-modelled
RVE in order to determinate its behaviour. This space is called virtual laboratory (VL).
The accuracy of the machine-learning homogenization technique is based on two
operational needs: a) a large amount of data and b) a broad data representation. Need a) is
crucial for any machine-learning model: the more input data in learning, the more accurate its
prediction. Need b) is crucial for the homogenization technique. The data should represent the
nonlinear and heterogeneous behaviour of the RVE in order to be able to consider it in the
homogenization technique. This can be achieved by performing the virtual experiment up to
failure and by carrying out multiple virtual experiments on the same RVE, each taking into
account a different boundary condition. This leads to a variety of deformations of the RVE.
5.1 The Boundary Value Problem of the Representative Volume Element
This Section explains the fundamental part of the VL: the representative volume element
(RVE) and the solution of its boundary value problem. It is illustrated for a two dimensional
RVE but can analogously be applied to a three dimensional one. This work applies the Finite
Element (FE) method as numerical tool. Figure 2 shows the schematic view of a micro model
RVE of a masonry wall.
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Figure 2: Example of a micro-scale modelled representative volume element 𝜴𝜴𝜴𝜴𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹 for the virtual laboratory
with boundary 𝝏𝝏𝝏𝝏𝜴𝜴𝜴𝜴𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹

In order to solve the boundary value problem of the RVE, boundary conditions must be
defined. This can be done by applying a displacement fluctuation field to the RVE. The
research done in [8] summarizes several fluctuation fields that can be implemented to RVE
analyses. In the present monotonically increasing displacements are applied to the RVE’s
boundary 𝜕𝜕𝜕𝜕𝜕𝜕𝜕𝜕𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅 as follows:
𝑑𝑑𝑑𝑑𝑚𝑚𝑚𝑚 = �𝜀𝜀𝜀𝜀𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 ⋅ 𝑒𝑒𝑒𝑒 + 𝜀𝜀𝜀𝜀𝑚𝑚𝑚𝑚𝑥𝑥𝑥𝑥 ⋅ 𝑦𝑦𝑦𝑦� ⋅ 𝑡𝑡𝑡𝑡,

𝑑𝑑𝑑𝑑𝑥𝑥𝑥𝑥 = �𝜀𝜀𝜀𝜀𝑥𝑥𝑥𝑥𝑥𝑥𝑥𝑥 ⋅ 𝑦𝑦𝑦𝑦 + 𝜀𝜀𝜀𝜀𝑚𝑚𝑚𝑚𝑥𝑥𝑥𝑥 ⋅ 𝑒𝑒𝑒𝑒� ⋅ 𝑡𝑡𝑡𝑡

(11)

Where 𝑑𝑑𝑑𝑑𝑚𝑚𝑚𝑚 and 𝑑𝑑𝑑𝑑𝑥𝑥𝑥𝑥 are the displacements applied to the FE nodes of the RVE’s boundary in
x- and y-direction, respectively. The factor 𝑡𝑡𝑡𝑡 ∈ [𝑡𝑡𝑡𝑡0 , 𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 ] describes the time instance of the
actual analysis step and increases monotonically. The constants 𝜀𝜀𝜀𝜀𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 , 𝜀𝜀𝜀𝜀𝑥𝑥𝑥𝑥𝑥𝑥𝑥𝑥 and 𝜀𝜀𝜀𝜀𝑚𝑚𝑚𝑚𝑥𝑥𝑥𝑥 are the
components of a previously defined strain state 𝜺𝜺𝜺𝜺 in Voigt’s notation. Modifying them allows
performing a variety of virtual experiments. Investigations made by Zaghi et al. [11] show
that all possible strain states can be defined as the coordinates of a three dimensional sphere in
a Cartesian coordinate system with each component being an axis:
𝜀𝜀𝜀𝜀𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚
𝜆𝜆𝜆𝜆 ⋅ cos Θ
2 + 𝜀𝜀𝜀𝜀 2 + 𝜀𝜀𝜀𝜀 2
𝜀𝜀𝜀𝜀
(12)
𝜆𝜆𝜆𝜆
⋅
sin
Θ ⋅ cos φ�, 𝑤𝑤𝑤𝑤𝑤𝑤𝑤𝑤𝑡𝑡𝑡𝑡ℎ 𝜆𝜆𝜆𝜆 = ‖𝜺𝜺𝜺𝜺‖ = �𝜀𝜀𝜀𝜀𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚
𝜺𝜺𝜺𝜺 = � 𝑥𝑥𝑥𝑥𝑥𝑥𝑥𝑥 � =�
𝑥𝑥𝑥𝑥𝑥𝑥𝑥𝑥
𝑚𝑚𝑚𝑚𝑥𝑥𝑥𝑥
𝜀𝜀𝜀𝜀𝑚𝑚𝑚𝑚𝑥𝑥𝑥𝑥
𝜆𝜆𝜆𝜆 ⋅ sin Θ ⋅ cos φ
Where 𝜆𝜆𝜆𝜆, Θ and 𝜑𝜑𝜑𝜑 are parameters that define the coordinates of the sphere. By modifying
angles Θ and 𝜑𝜑𝜑𝜑 in interval [– 𝜋𝜋𝜋𝜋, 𝜋𝜋𝜋𝜋], all possible strain configurations can be obtained.
A numerical non-linear finite element analysis solves the boundary value problem for each
virtual experiment. The open source framework KRATOS Multiphysics [21] is utilized. It
enables to program a loop over all the considered cases in the virtual laboratory.
While solving the boundary value problem, a procedure ensures to store the stresses at
each gauss point of the analysis. The transition from micro to macro-scale takes place by
computing an average of the saved RVE stresses at each step. The applied general
� for two-dimensional elements is as follows:
computation of the up-scaled stress 𝝈𝝈𝝈𝝈
1

𝑚𝑚𝑚𝑚

𝑘𝑘𝑘𝑘𝑖𝑖𝑖𝑖

𝑚𝑚𝑚𝑚=1

𝑗𝑗𝑗𝑗=1

𝐴𝐴𝐴𝐴𝑚𝑚𝑚𝑚
�=
𝝈𝝈𝝈𝝈
� � � 𝝈𝝈𝝈𝝈𝑚𝑚𝑚𝑚,𝑗𝑗𝑗𝑗 �
𝐴𝐴𝐴𝐴𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅
𝑘𝑘𝑘𝑘𝑚𝑚𝑚𝑚

(13)

Where 𝑛𝑛𝑛𝑛 is the total number of elements of the RVE, 𝐴𝐴𝐴𝐴𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅 is the area of the total RVE, 𝐴𝐴𝐴𝐴𝑚𝑚𝑚𝑚
is the area of the i-th element, 𝑘𝑘𝑘𝑘𝑚𝑚𝑚𝑚 is the number of gauss points of the i-th element, 𝝈𝝈𝝈𝝈𝑚𝑚𝑚𝑚,𝑗𝑗𝑗𝑗 is the
stress vector of the i-th element at its j-th gauss point. The corresponding up-scaled strain 𝜺𝜺𝜺𝜺�
can be derived by transforming the applied boundary strain 𝜺𝜺𝜺𝜺 to the engineering notation.
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5.2 Isotropic Mapping of Up-scaled States
The introduced homogenization technique includes the training of an isotropic constitutive
� must
law. Thus an isotropic relation between the up-scaled strain 𝜺𝜺𝜺𝜺� and the up-scaled stress 𝝈𝝈𝝈𝝈
be ensured. This is not the case if stresses of a non-isotropic RVE are averaged. In this
research the assumption holds, that the elasticity between both the up-scaled entities from the
RVE follows an orthotropic relation.
Pelà et al. [6] apply a concept of mapped stress tensor to the nonlinear damage analysis of
masonry structures. The idea is that a linear mapping can be found which transforms an
initially anisotropic behaviour into an isotropic one. Provided such mapping is known, one
can map the input strain onto the isotropic space, operate onto it to obtain an isotropic stress
and then inverse map the obtained stress to obtain an equivalent anisotropic behaviour.
This is best explained in symbols, by providing a technique for the construction of the
mapping operator. Let 𝑪𝑪𝑪𝑪 be a generic elasticity tensor and 𝑪𝑪𝑪𝑪∗ the closest isotropic tensor (see
e.g. [22] for a discussion on the determination of 𝑪𝑪𝑪𝑪∗ ). Provided that 𝑪𝑪𝑪𝑪 is Symmetric Positive
Definite (SPD), something that should be guaranteed for any elasticity tensor. A linear
operator T can be found such that C= 𝑻𝑻𝑻𝑻𝒕𝒕𝒕𝒕 𝑪𝑪𝑪𝑪∗ 𝑻𝑻𝑻𝑻. A simple constructive proof of this can be
found in [23]. Since 𝝈𝝈𝝈𝝈 = 𝑪𝑪𝑪𝑪: 𝝐𝝐𝝐𝝐 it follows that 𝝈𝝈𝝈𝝈 = 𝑻𝑻𝑻𝑻𝒕𝒕𝒕𝒕 𝑪𝑪𝑪𝑪∗ 𝑻𝑻𝑻𝑻𝝐𝝐𝝐𝝐. Premultiplying by 𝑻𝑻𝑻𝑻−𝒕𝒕𝒕𝒕 we obtain
𝑻𝑻𝑻𝑻−𝒕𝒕𝒕𝒕 𝝈𝝈𝝈𝝈 = 𝑪𝑪𝑪𝑪∗ (𝑻𝑻𝑻𝑻𝝐𝝐𝝐𝝐 ). If we now define the “mapped” quantities 𝝈𝝈𝝈𝝈∗ = 𝑻𝑻𝑻𝑻−𝒕𝒕𝒕𝒕 𝝈𝝈𝝈𝝈 and 𝝐𝝐𝝐𝝐∗ = 𝑻𝑻𝑻𝑻𝝐𝝐𝝐𝝐 we can
observe that the relation 𝝈𝝈𝝈𝝈∗ = 𝑪𝑪𝑪𝑪∗ 𝝐𝝐𝝐𝝐∗ is isotropic, that is, that the matrix 𝑻𝑻𝑻𝑻 defines the mapping
operator we were looking for. 𝑪𝑪𝑪𝑪 can be approximated by taking into account the results from
the RVE analysis. Values are extracted from the linear range at the first analysis step 𝑡𝑡𝑡𝑡0 of
each virtual experiment. The stress and strain states are then stored in a matrix, respectively.
𝜺𝜺𝜺𝜺�𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 = [ 𝜺𝜺𝜺𝜺�𝟏𝟏𝟏𝟏,𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎

𝜺𝜺𝜺𝜺�𝟐𝟐𝟐𝟐,𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 ⋯ 𝜺𝜺𝜺𝜺�𝒏𝒏𝒏𝒏,𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 ],

�𝟏𝟏𝟏𝟏,𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎
�𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 = [ 𝝈𝝈𝝈𝝈
𝝈𝝈𝝈𝝈

�𝟐𝟐𝟐𝟐,𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 ⋯
𝝈𝝈𝝈𝝈

�𝒏𝒏𝒏𝒏,𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 ]
𝝈𝝈𝝈𝝈

(14)

Where 𝒏𝒏𝒏𝒏 is the number of virtual experiments. The approximated orthotropic elasticity
matrix for the two dimensional case can then be computed by applying
�𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 ∶ 𝜺𝜺𝜺𝜺�𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 +
𝑪𝑪𝑪𝑪 = 𝝈𝝈𝝈𝝈

(15)

Where 𝜺𝜺𝜺𝜺�𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 + is the Moore-Penrose Inverse of 𝜺𝜺𝜺𝜺�𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 . The application of Equation (12) requires
that the number of virtual experiments 𝒏𝒏𝒏𝒏 > 1, by definition the Moore Penrose Inverse is
�𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 = 𝑪𝑪𝑪𝑪 �𝜺𝜺𝜺𝜺𝒕𝒕𝒕𝒕𝟎𝟎𝟎𝟎 .
supporting the least squares solution to the problem 𝝈𝝈𝝈𝝈
∗
In order to define 𝑪𝑪𝑪𝑪 as the isotorpic matrix, the research presented here considers a
optimization procedure that finds the closest isotropic matrix to an orthotropic one by
searching the minimum of the Frobenius norm of both the isotropic and the orthotropic
matrix. This optimization includes the modification of the isotropic elastic constants E and 𝜈𝜈𝜈𝜈.
The machine-learning procedure is then performed according to the following steps: i)
computation of the anisotropic elasticity matrix 𝑪𝑪𝑪𝑪 by Moore Penrose; ii) computation of the
closest isotropic matrix 𝑪𝑪𝑪𝑪∗ ; iii) computation of the transformation matrix 𝑻𝑻𝑻𝑻; iv) mapping of
the training data to the isotropic level; v) train the isotropic constitutive damage model.
Once then isotropic constitutive model is trained, in order to use it, one would follow the
steps: i) given the anisotropic strains 𝝐𝝐𝝐𝝐 compute the isotropic strains 𝝐𝝐𝝐𝝐∗ ; ii) apply the trained
constitutive law to obtain the isotropic stress 𝝈𝝈𝝈𝝈∗ ; iii) map 𝝈𝝈𝝈𝝈∗ onto 𝝈𝝈𝝈𝝈 into the real anisotropic
space.
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6

APPLICATION

This Section presents the application of the machine-learning homogenization technique to
a two dimensional masonry wall. Figure 3a shows the RVE of the virtual laboratory and its
boundary. The wall is build up by bricks of size 0.309 𝑚𝑚𝑚𝑚 × 0.1475 𝑚𝑚𝑚𝑚 × 0.045 𝑚𝑚𝑚𝑚. The
thickness of the vertical and horizontal mortar joints is 0.012 m. These dimensions allow a
spatial allocation of the bricks and mortar equal to the “Flemish Bond”. The RVE’s total
dimensions are 0.53 𝑚𝑚𝑚𝑚 in x- and y-directions, respectively.

a)

b)

Figure 3: Virtual laboratory: a) Micro model of the representative volume element showing the brick units, the
mortar joints and the boundary; b) generated strain database for the boundary displacement application

The FE modelling was carried out by utilizing the program GiD Pre- and Postprocessor
[24]. The average element size counts 0.006 𝑚𝑚𝑚𝑚 so that the mortar layer is modelled by two
elements in its thickness direction. Exceptionally quadrilateral elements with 4 gauss point
integration have been used for the FE mesh. The total number of elements counts 6160.
The FE mesh is passed to the python based FE program KRATOS Multiphysics. Both the
brick units and mortar joints are assigned with the strain driven 𝑑𝑑𝑑𝑑 + /𝑑𝑑𝑑𝑑 − damage constitutive
model introduced in Section 3. Table 1 shows the properties assigned to both the materials.
Table 1: Material data for the brick units and the mortar joints applied to the masonry RVE
𝑹𝑹𝑹𝑹

𝝂𝝂𝝂𝝂

𝒇𝒇𝒇𝒇+
𝒑𝒑𝒑𝒑

𝑮𝑮𝑮𝑮+

𝒇𝒇𝒇𝒇−
𝟎𝟎𝟎𝟎

𝒇𝒇𝒇𝒇−
𝒑𝒑𝒑𝒑

𝒇𝒇𝒇𝒇−
𝒌𝒌𝒌𝒌

𝒇𝒇𝒇𝒇−
𝒓𝒓𝒓𝒓

𝑮𝑮𝑮𝑮−

Brick

[𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]

7.0

[−]

0.2

[𝑀𝑀𝑀𝑀𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]

1.5

�𝑁𝑁𝑁𝑁�𝑚𝑚𝑚𝑚�

48.0

[𝑀𝑀𝑀𝑀𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]

2.

[𝑀𝑀𝑀𝑀𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]

6.0

[𝑀𝑀𝑀𝑀𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]

4.6

[𝑀𝑀𝑀𝑀𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]

�𝑁𝑁𝑁𝑁�𝑚𝑚𝑚𝑚�

2.0

3600.0

Mortar

1.8

0.2

0.15

20.0

2.0

6.0

4.6

2.0

3600.0

𝜺𝜺𝜺𝜺−
𝒑𝒑𝒑𝒑

[10−2 ]

𝒄𝒄𝒄𝒄−
𝟏𝟏𝟏𝟏

𝒄𝒄𝒄𝒄−
𝟐𝟐𝟐𝟐

𝒄𝒄𝒄𝒄𝟑𝟑𝟑𝟑−

𝒌𝒌𝒌𝒌𝒃𝒃𝒃𝒃

𝜿𝜿𝜿𝜿

1.0

[−]

0.65

[−]

0.5

[−]

1.5

[−]

[−]

1.2

0.16

1.0

0.65

0.5

1.5

1.2

0.16

For the generation of boundary conditions 26 cases are considered. Figure 3b displays the
database of strain states 𝜺𝜺𝜺𝜺 for the virtual laboratory (generated from Equation (10)). A single
virtual experiment then consists of a nonlinear analysis of the RVE by monotonically
increasing the displacement configuration.
By applying the mapping procedure of Section 5 the transformation matrices and the
isotropic linear elastic material data for the homogenized material can be derived. The linear
elastic isotropic constants are 𝐸𝐸𝐸𝐸 = 4.46 𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺 and = 0.187 .
After having finalized the entire procedure explained in Section 5, the training of the
machine-learning model starts. In order to simplify the machine-learning procedure the entire
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training set is split into three sets. Then a 3 phased optimization can be performed by only
training selected variables that correlate to the material behaviour represented in each set.
Each set trains selected variables only in its assigned training set. Figure 4 shows the training
progression of each variable during the optimization, furthermore it shows the training loss.
Table 2 shows the optimized results for the parameters of a homogenized material model for
masonry.

Figure 4: Example of a micro-scale modelled representative volume element 𝜴𝜴𝜴𝜴𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹 for the virtual laboratory
with boundary 𝝏𝝏𝝏𝝏𝜴𝜴𝜴𝜴𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹𝑹
Table 2: Values obtained from the machine-learning optimization technique at the isotropic level for a
masonry wall with bricks allocated according to the Flemish bond
Homogenized
Constitutive
Model

7

𝑓𝑓𝑓𝑓𝑝𝑝𝑝𝑝+
[𝑀𝑀𝑀𝑀𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]
0.28

𝐺𝐺𝐺𝐺 +
[𝑁𝑁𝑁𝑁/𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚]
0.30

𝑓𝑓𝑓𝑓0−
[𝑀𝑀𝑀𝑀𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]
1.0

𝑓𝑓𝑓𝑓𝑝𝑝𝑝𝑝−
[𝑀𝑀𝑀𝑀𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]
6.62

𝑓𝑓𝑓𝑓𝑏𝑏𝑏𝑏𝑚𝑚𝑚𝑚−
[𝑀𝑀𝑀𝑀𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]
6.95

𝑓𝑓𝑓𝑓𝑡𝑡𝑡𝑡−
[𝑀𝑀𝑀𝑀𝐺𝐺𝐺𝐺𝐺𝐺𝐺𝐺]
2.45

𝜀𝜀𝜀𝜀𝑝𝑝𝑝𝑝−
[−]
0.0095

𝑐𝑐𝑐𝑐1−
[−]
0.5

𝑐𝑐𝑐𝑐2−
[−]
0.06

𝑐𝑐𝑐𝑐3−
[−]
7.53

CONCLUSIONS

This research has presented a novel homogenization technique for heterogeneous
materials. The method deviates from classical homogenization procedures by utilizing a
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machine-learning model. Machine-learning model can detect the link between coupled inputs
and outputs by searching it in a mathematical formulation. In this work, the mathematical
formulation is constricted to be a strain driven non-linear constitutive law.
This research has introduced a virtual laboratory for training data production. In the virtual
laboratory a representative volume element (RVE) of the considered heterogeneous material
is built up. While running a large amount of different nonlinear numerical analyses on the
RVE, data are stored as coupled strain and stress states in order to train the parameters of a
machine-learning model. The procedure also respects the orthotropic material behaviour by
applying a mapping transformation from an orthotropic to an isotropic state. The presented
procedure is applied to a two dimensional masonry wall. A properly constructed micro model
RVE of the wall was constructed as a finite element model. A large amount of different
boundary conditions were applied to the nonlinear analysis of the RVE in the virtual
laboratory. The machine-learning model of the application case is a properly defined
nonlinear 𝑑𝑑𝑑𝑑 + / 𝑑𝑑𝑑𝑑 − damage constitutive law that has shown to present the brittle behaviour of
masonry structures efficiently. At the optimization stage, the parameters of the constitutive
law were trained in order to be able to predict the stress states as approximately as possible.
The future step of this research is the implementation of the trained constitutive law to a
FE software. This also includes the transformation procedure. Then the applicability and the
accuracy of the trained model can be tested for the analysis at the macro scale.
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Abstract. Masonry arches represent the most important structural components of masonry
arch bridges. Their response is strongly affected by material nonlinearity which is
associated with the masonry texture. For this reason, the use of mesoscale models,
where units and mortar joints are individually represented, enables accurate response
predictions under different loading conditions. However, these detailed models can be
very computationally demanding and unsuitable for practical assessments of large structures.
In this regard, the use of macro-models, based on simplified homogenised continuum
representations for masonry, can be preferable as it leads to a drastic reduction of the
computational burden. On the other hand, the latter modelling approach requires accurate
calibration of the model parameters to correctly allow for masonry bond. In the present
paper, a simplified macro-modelling strategy, particularly suitable for nonlinear analysis
of multi-ring brick-masonry arches, is proposed and validated. A numerical calibration
procedure, based on genetic algorithms, is used to evaluate the macro-model parameters
from the results of meso-scale “virtual” tests. The proposed macroscale description and the
calibration procedure are applied to simulate the nonlinear behaviour up to collapse of two
multi-ring arches previously tested in laboratory and then to predict the response of
masonry arches interacting with backfill material. The numerical results confirm the ability
of the proposed modelling strategy for masonry arches to predict the actual nonlinear
response and complex failure mechanisms, also induced by ring separation, with a reduced
computational cost compared to detailed mesoscale models.
1

INTRODUCTION

Old masonry arch bridges belong to the cultural and architectural heritage and still play a
critical role within railway and roadway networks in Europe and worldwide. These structures
were built following empirical rules and were not designed to resist current traffic loading and
extreme events, such as earthquakes. An accurate assessment of the ultimate performance of
these complex structural systems represents a crucial step to prevent future failures and
preserve such historical masonry structures for the next generations.
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Masonry arch barrels are the key structural components of masonry arch bridges. Their
nonlinear behaviour is strongly influenced by the mechanical properties of the two
constituents, masonry units and mortar joints, and their arrangement to form the brickwork of
the arch (i.e. masonry bond). Two main categories of masonry arch bridges can be identified:
stone masonry and brick masonry bridges. In the first group, the arches are built from large
voussoirs organised in a single arch ring [1] (Figure 1a). Conversely, in the case of brick
masonry bridges, a multi-ring arrangement is usually utilised, where the number of rings
depends on the span length of the arch. The rings are typically bonded together using the
stretcher method [2] (Figure 1b), where the connection between adjoining rings is guaranteed
by continuous mortar joints. Numerous laboratory and in-situ tests were performed to
investigate the failure mechanisms of masonry arches and bridges, considering also the
influence of backfill and spandrel walls under monotonic and cyclic loading conditions [3].
Moreover, specific studies focused on multi-ring arches pointed out the high influence of the
detachment and sliding along the ring joints on the ultimate strength and failure mode of the
arch [4].
In previous research, different numerical strategies have been proposed to simulate the
nonlinear behaviour of masonry arches and bridge [3]. Generally, approaches based upon
limit analysis principles can be effectively used to estimate the ultimate load capacity [5].
However, such strategies do not provide information about the nonlinear response before
collapse, and they are often based upon crude assumptions, e.g. the representation of masonry
as a no-tension material, which may lead to underestimating the ultimate resistance of
masonry arches. Previous studies comprise also simplified 2D finite element (FE) limitanalysis descriptions to simulate the arch-backfill interaction [6][7] and 3D nonlinear FE
strategies with elasto-plastic solid elements [1][8][9], where masonry is assumed as a
homogeneous isotropic material disregarding its anisotropic nature. More recent numerical
models for masonry arched structures and bridges include the micro-model strategy proposed
by Milani et al. [10] using triangular rigid elements and nonlinear links, the Discrete MacroElement method (DMEM) [11][12][13] and the Distinct Element Method (DEM) [14][15].



(b)

(a)

Figure 1: (a) Roman stone-bridge over the Limia river (Portugal) and (b) Brick Rail bridge, Stapleford (UK).

A detailed 3D mesoscale modelling strategy for masonry arch bridges has been previously
developed at Imperial College [16][17], which is considered for the calibration of the
macroscale approach proposed in the current paper. According to this strategy, the masonry
parts of the bridge are simulated by using linear solid elements and 2D nonlinear interface
elements to explicitly allow for the masonry bond [18]. The backfill is modelled by elastoplastic solid elements, and the connection between the masonry components and the backfill
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is modelled through nonlinear interfaces representing the actual frictional interaction. This
approach generally leads to accurate response predictions, including under extreme loading,
but it is associated with significant computational cost which may prevent its use in the
practical assessment of real large structures.
This paper proposes a more efficient macroscale strategy for masonry arches and bridges.
Elasto-plastic 3D continuum elements interacting with 2D nonlinear interfaces are employed
to model a masonry arch but, as opposed to the mesoscale strategy, the mesh characteristics
do not depend on the size of the masonry units as the masonry bond is not explicitly
represented. The damage-plasticity model proposed in [19] and a multi-surface frictional
model [20] are employed for solid and interface elements. The mechanical parameters of the
two models are evaluated by solving a multi-object optimization problem by means of a
genetic algorithm [21], considering mesoscale predictions of virtual numerical experiments on
small masonry components. The model is validated based on the response of two multi-ring
masonry arches also interacting with backfill.
2 PROPOSED MACRO-MODEL
In the proposed FE modelling strategy, the arch is discretised by a regular mesh of nonlinear
20-noded 3D solid continuum elements. In addition, 2D nonlinear zero-thickness interface
elements are arranged along the circumferential mid-thickness surface of the arch to simulate
damage associated with potential ring separation (Figure 2), where each interface lumps the
linear deformability and non-linear behaviour of n-1 ring joints (with n the number of rings
forming the physical arch). Importantly, the characteristics of the FE mesh with solid
elements are not directly linked to the masonry bond. Thus, an arbitrary number of solid
elements can be employed along the length of the arch, according to the desired level of
response detail, but at least two solid elements should be arranged along the thickness of the
arch to accommodate the mid-thickness nonlinear interfaces. In the proposed macroscale
representation implemented in ADAPTIC [23], the isotropic plastic-damage material model
presented in [19] is used for the 20-noded solid elements. A standard decomposition of total
strains (𝜺𝜺ሻ in elastic (𝜺𝜺𝒆𝒆) and plastic (𝜺𝜺𝒑𝒑) components is considered, and the stress tensor (𝝈𝝈ሻ
from the effective stress tensor (𝝈𝝈̅ሻ and a scalar damage variable 𝑑𝑑(𝝈𝝈̅,𝜅𝜅𝑡𝑡,𝜅𝜅𝑐𝑐). The
latter variable depends on the stress state and two historical variables (𝜅𝜅𝑡𝑡, 𝜅𝜅𝑐𝑐) representing the
evolution of plastic strains in tension and in compression.
3D continuum finite element
2D interface element
element

Figure 2: Illustrative FE mesh for proposed macroscale description with solid elements and nonlinear interfaces.
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The material relationship is expressed analytically by: 𝝈𝝈 = (1−𝑑𝑑)𝝈𝝈̅ = (1−𝑑𝑑) 𝑲𝑲𝟎𝟎 (𝜺𝜺−𝜺𝜺𝒑𝒑) where,
𝑲𝑲𝟎𝟎 is the fourth-order isotropic elastic tensor. The local hardening plastic problem is solved at
each integration point to evaluate the effective stress, adopting a non-associated elasto-plastic
constitutive law with Drucker-Prager-like plastic flow potential.
2D 16-noded interface elements [18] are employed for the mid-thickness circumferential
interfaces, using the plasticity-damage constitutive model proposed in [20]. According to this
model, the stress and strain fields are composed of a normal component in the direction
orthogonal to the interface and two tangential components on the plane of the interface. The
effective stresses are evaluated at each Gauss point by solving a linear hardening elastoplastic problem considering three-surface plastic yield domain to simulate the tensile, sliding
and compressive failures. Then, the nominal stresses are obtained by multiplying the effective
stresses with damage matrix D, containing the damage index in traction, shear and
compression ranging from 0 (no-damage) to 1 (complete damage).
2.1 Model calibration
The mechanical calibration of the proposed model requires the determination of several
material parameters defining the linear and nonlinear behaviour of the solid elements and the
2D interfaces, as described in [19] and [20]. For this reason, an objective and robust
calibration procedure represents a fundamental step to guarantee the model accuracy and
applicability. In this study, the unknown model parameters are evaluated by enforcing an
energy equivalence between a detailed mesoscale model of the periodic cell of the arch
(Figure 3a), subjected to specific boundary/loading conditions (also called virtual test), and its
equivalent representation by the proposed macroscale description. An m-objective
optimisation problem (where m is the number of virtual test employed in the calibration),
based on Non-Dominated Sorting Genetic Algorithm [21], is solved by TOSCA-TS software
[22] to minimise the discrepancy between the virtual test and the corresponding macro-model
responses in terms of global strain energy.

Flexural Test

Shear Test

Figure 3: Calibration procedure: (a) elementary cell; (b) mesoscale virtual test; and (c) equivalent macromodel.
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In the following, two virtual tests are considered: i) a flexural test, in which an eccentric axial
force (Fh) is applied with increasing amplitude; ii) a shear test, where an increasing shear
force (Fv) is applied after an initial axial force (Fh0) which is maintained constant during the
analyses. In both tests, two rigid plates are modelled to transfer the loads uniformly to the
masonry specimens. One plate is fully restrained while the other is free in the flexural test and
restrained against rotation in the shear test. The plates are connected to the masonry by elastic
interfaces with high normal and shear stiffness, in the case of the shear test, and with high
normal stiffness and low shear stiffness, in the case of the flexural test. Illustrations of the
mesoscale (virtual test) and the equivalent macromodel descriptions are shown in Figure 3b
and Figure 3c.
3 NUMERICAL APPLICATIONS
In this section, the proposed macromodel and the calibration procedure presented in Section 2
are applied to simulate the response of two brick-masonry arches with stretcher bond tested
by Melbourne et al. [24], namely Arch G and Arch T specimens. Arch G is a two-ring arch
with 3m span, 215mm thickness, 455mm width and strong bricks. Arch T is characterised by
three rings, 5m span, 1250mm rise, 330mm thickness, 675mm width and weak bricks. Two
initial vertical forces, equal to 10kN for Arch G and 22.5kN for Arch T, were applied at the
quarter and three-quarter span and kept constant during the test. Subsequently, a vertical force
at quarter span was increased up to collapse under force control.
(MPa)

(MPa)

(b)
(a)
Figure 4: Final deformed shapes with Von-Mises stress of (a) Arch G, and (b) and Arch T.

The responses at failure of the two arches were different. While Arch G experienced a typical
4-hinge mechanism due to the formation of four large radial cracks, Arch T showed a more
complex ultimate response characterised also by sliding separation between adjacent rings.
The two arches have been simulated using the detailed mesoscale model and the proposed
calibrated macroscale description. As the available experimental material data are not
sufficient to fully characterise the mesoscale model, the unknown mesoscale mechanical
properties have been evaluated according to [16] to fit the experimental results. The complete
set of parameters, adopted in the analyses, are reported in Table 1, where Eb and  are
Young’s modulus and Poisson’s ratio of the bricks; kn and kt are the normal and tangential
stiffness of the interfaces; ft , ft and c are the tensile, compressive strengths and cohesion of the
interfaces; Gt , Gs , Gc are the fracture energies in traction, compression and sliding; tg and
tgb are the factors governing the yield-surface and plastic potential functions. Figure 4 shows
the deformed shapes at failure obtained by the mesoscale models for the two arches with the
Von-Mises stress. The numerical failure modes are in good agreement with those observed
during the experiments [24].
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3.1 Arch G
The material parameters of the 3D continuum model for solid elements (Table 2) used in the
proposed macroscale approach have been calibrated applying the procedure described in
Section 2, adopting for the interface elements the parameters used in the mesoscale
counterpart for the masonry joints (Table 1). The latter assumption is justified by the fact that
in Arch G the interfaces coincide with the actual ring-to-ring mortar joints. The loadingdisplacement curves of the meso- and macromodel are compared in Figures 5a and 5b for the
flexural and shear tests, respectively. The curves are expressed in terms of relative
displacement of the plates versus the applied shear force for the shear test, and in terms of
relative rotation versus the external moment for the flexural test. Figure 6 shows the final
damage patterns in the interface elements of the mesoscale model (e.g. tension damage and
sliding damage for the flexural and shear test, respectively) and in the solid elements of the
macro-model (e.g. global damage). The load-displacement curves for Arch G are provided in
Figure 7, where the results obtained by the detailed mesoscale and the proposed macroscale
models are compared against the experimental data. The curves are expressed in terms of
vertical (Figure 7a) and horizontal (Figure 7b) displacements at the quarter span versus the
applied vertical load (F). A satisfactory agreement can be observed between the macro-model
and the meso-scale response, which is very close to the experimental curve both in terms of
initial stiffness and nonlinear response up to collapse.
Table 1: Mechanical parameters of the meso scale model

Masonry
Arch T
Arch G

6000 0.15
16000 0.15

60.0 - 30.0
90.0 - 40.0

0.05 - 9.1 - 0.082
0.10 - 24.0 - 0.40

0.02 - 0.25 - 5.0
0.12 - 0.12 - 0.5

0.5 - 0.0
0.5 - 0.0

Table 2: Mechanical parameters of the 3D plasticity-damage model adopted in the tanalyses of Arch G

3D plasticity-damage model
[MPa]
3800
[N/mm]
100.0

[-]
[-] [-] [o]
0.15 1.12 0.4 30
[N/mm]
100.0

[MPa]
0.10

[-]
0.1

[-] [MPa] [MPa] [N/mm] [-]
[-] [-] [-]
[-]
0.66 0.12
24.0
0.045 0.2 1.0E-3 1.0 0.2 0.0
2D Interface material

[MPa]
24.0

[MPa] [-]
0.39 0.5

[-]
0.0

[N/mm] [N/mm]
0.042
0.044

5.0

[-]
1E-3

Table 3: Mechanical parameters adopted in the analyses of Arch T

3D plasticity-damage model
[MPa]
2571
[N/mm]
60.0

[-]
[-] [MPa] [MPa] [N/mm] [-]
[-] [-] [-]
[-] [-] [o] [-]
[-]
0.15 1.23 1.0 35 0.13 0.66 0.05
1.25
0.01 0.2 1.5E-3 1.0 0.2 0.0
2D Interface material
[N/mm]
30.0

[MPa]
0.05

[MPa]
9.1

[MPa] [-]
0.085 0.5
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[-]
0.0

[N/mm] [N/mm]
0.02
0.01

5.0

[-]
1E-3
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However, the macro-model overestimates the peak-load by 20 % approximately. The ultimate
deformed shape of the macro-model with the Von-Mises stress and the damage index, are
shown respectively in Figure 8a and Figure 8b. Both the stress and damage patterns predicted
by the macro-model are compatible with the meso-scale prediction (Figure 4a), confirming
the ability of the macromodel to predict the main features of the arch response up to failure.

Mesoscale model

(a)

Macromodel

Mesoscale model

Macromodel (b)

Figure 5: Damage pattern at the last step of the analysis of the flexural (a) and shear (b) virtual test.
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60
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200
Mesoscale model

100

40

20
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0
0.00
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0.03
Rotation [rad]

0.04

Macromodel

0.05

0
0.00

(a)
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Figure 6: Response of the flexural (a) and shear (b) virtual test for Arch G.
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Figure 7: Capacity curves of Arch G: vertical (a) and horizontal (b) displacement at the left patch load.
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(b)

(a)

Figure 8: Failure mechanism of Arch G obtained by the macro-model: (a) Von-Mises stress, and (b) damage.
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3.2 Arch T
This section reports the results of the numerical simulations performed on the three-ring
Arch T, whose collapse behavior is characterized by significant sliding between the rings. The
same procedure followed for the two-ring arch in Section 3.1 is applied to estimate both the
parameters for the triaxial constitutive law of the 3D continuum elements and for the
nonlinear plastic-damage model used for the nonlinear interfaces. The resulting set of
macromodel parameters is reported in Table 3. The deformed shapes and load-displacement
curves for the flexural and shear virtual tests are reported in Figure 9 and Figure 10. It can be
observed that the calibrated macromodel fits well the mesoscale response with a high level of
accuracy, both in terms of nonlinear response and damage pattern. The load displacement
curves for Arch T are shown in Figure 11. As in the previous example, the numerical curves
obtained using the calibrated macromodel are compared against the mesoscale predictions and
the experimental results. In this case, the macroscale model slightly overestimates the elastic
stiffness of the arch, but it provides a good prediction of the ultimate load capacity.

Mesoscale mode

Macromodel

Mesoscale mode

Macromodel

Figure 9: Deformed shapes and distribution of damage: flexural (a) and shear (b) virtual test.
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Figure 10: Response of the flexural (a) and shear (b) virtual test for Arch T.

50

20

Mesoscale model
Macromodel

20

Macromodel
0.01
0.02
Rotation [rad]

60

Experiment
Mesoscale model
Macromodel
FEM
0.50
1.00
1.50
Vertical displacement [mm]

1.00

(b)

30
20

Experiment
Mesoscale model
Macromodel
FEM

10
0
0.00

2.00

0.50

1.00

1.50

2.00

Horizontal displacement [mm]
(a)
(b)
Figure 11: Capacity curves of the Arch T: vertical (a) and horizontal (b) displacement at the left patch load.
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(MPa)

(b)

(a)

Figure 12: Failure mechanism of Arch T obtained by the macro-model: (a) Von-Mises stress, and (b) damage.

The failure mechanism is depicted in Figure 12, correlated with the Von-Mises stress (Figure
12a) and damage (Figure 12b) patterns. The activation of two plastic hinges can be observed,
which are located approximately at the three quarter span and at the right skewback. Large
sliding between the rings is also observed between the section where the load is applied and
the left skewback. The latter results are substantially consistent to what is predicted by the
mesoscale model and observed in the physical tests [24].
To investigate the role played by the nonlinear interfaces within the macromodel, additional
simulations have been conducted using a full 3D continuum model (FEM), which does not
utilise 2D interface elements, with the calibrated material parameters in Table 3, where the
results are shown in Figure 11. It can be observed, that for small displacements (up to
0.05mm vertical and horizontal displacements) the FEM model and the proposed macromodel
show the same response. After this point, the two responses diverge due to the sliding
activation in the mid-thickness interfaces. The FEM model overestimates the ultimate strength
of the arch with an ultimate load prediction 20% higher than the proposed macromodel and
25% higher than the detailed mesoscale model, which provides a very close estimate of the
ultimate load capacity to the value measured in the test.
4 ARCH-BACKINFILL INTERACTION
Further numerical simulations are carried out to explore the ability of the proposed
macroscale modelling strategy to predict the behaviour of masonry arches interacting with
backfill, as in real masonry bridges. The arch specimens, Arch G and Arch T, are analysed
connecting the extrados of the two arches to a backfill domain.
In the models for the two specimens with backfill, the backfill with density 22kN/m3 extends
horizontally 2460mm from the two supports of the arches and 300mm vertically above the
crown. The strip model is 2880mm wide. A uniform vertical line load is applied at the top
surface of the backfill at the three-quarter arch span. Full support is assumed at the base of the
arch and the backfill and on the two vertical sides of the backfill. Moreover, the horizontal
displacements on the two lateral faces of the arch and backfill are restrained to represent a
plane strain condition. The backfill is modelled using a FE discretization with 15-noded
tetrahedral elements. According to [17], an elasto-plastic material model with a modified
Drucker-Prager yield criterion is employed assuming Young’s modulus Eb=500MPa,
cohesion cb=0.001MPa, friction and dilatancy coefficients tgb=0.95 and tgb=0.45. The
interaction between the arch and the backfill is simulated by introducing nonlinear interfaces
at the extrados with tensile strength ffi=0.002MPa, cohesion ci=0.0029MPa, friction
coefficient tgi=0.6 and zero dilatancy.
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The load-displacement curves obtained using mesoscale and macroscale models are shown in
Figure 13. A very good agreement up to collapse can be observed. Similar failure mechanisms
are predicted by the two modelling strategies as shown by the ultimate deformed shapes and
damage contours in Figures 14, 15 and 16. It should be noted that the masonry material
properties for the macroscale models have been calibrated based on the virtual tests for the
two arches (Tables 1,2 and 3). The results obtained confirm the potential of the proposed
modelling strategy with calibrated macroelements in providing accurate predictions of the
response of masonry arches and bridges.
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Figure 13: Capacity curves of the arches with backfill: (a) Arch G, and (b) Arch T.

(a)
(MPa)

(b)
Figure 14: Failure mode and Von-Mises stress of Arch G with backfill: (a) mesoscale model; (b) macromodel.

(a)

(MPa)

(b)
Figure 15: Failure mode and Von-Mises stress of Arch T with backfill: (a) mesoscale model; (b) macromodel.

1733

B. Pantò, C. Chisari, L. Macorini and B.A. Izzuddin

(a)

(b)

Figure 16: Macro-model damage in (a) Arch G, and (b) Arch T.

CONCLUSIONS
In this study a macro-modelling strategy for brick-masonry multi-ring arches is proposed.
This modelling approach benefits from enhanced efficiency compared to detailed mesoscale
descriptions, since the adopted FE mesh is independent of the actual masonry bond. A hybrid
strategy is followed in which the arch is modelled by 3D elasto-plastic continuum solid
elements and 2D zero-thickness nonlinear interfaces arranged along the mid-thickness
circumferential surface to simulate potential ring separation. An effective and robust
procedure based on genetic algorithms is established to calibrate the macromodel mechanical
parameters considering results from mesoscale simulations on virtual experiments. The
accuracy and potential of the proposed approach is demonstrated in two numerical examples,
based on masonry arches tested in previous research, which are characterised by different
failure mechanisms. The results show a very good agreement between the calibrated
macromodels and detailed mesoscale descriptions, including arches interacting with backfill
as in real masonry bridges, thus demonstrating the potential of the proposed calibrated macromodelling approach in the practical assessment of masonry arch bridges.
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Abstract. Extraordinary architectural examples of shell structures have been built using
reinforced masonry and concrete. The current sparse use of this construction type can be
attributed, among other reasons, to a lack of simple design methods, tools and criteria.
Extended Limit Analysis of Reinforced Masonry (ELARM) is a new method for the structural
analysis and design of reinforced concrete, reinforced masonry or reinforced composite
(masonry and concrete) arched structures. It is implemented computationally to create a
flexible design and analysis tool, able to provide immediate graphical and intuitive results. The
method is based on limit analysis but takes into account the material’s limited compressive
strength and the vault’s cross-sectional bending capacity provided by the reinforcement as an
equivalent increase of the thickness. The plastic theorems are then applied considering the new
virtual boundaries of the vault’s intrados and extrados.
ELARM is validated through the comparison of its predictions with the results of load tests
on two full-scale composite barrel vaults. The vaults feature a structural system composed of a
two-layered tile vault as an integrated formwork for a reinforced concrete layer. They were
tested under vertical loading up to failure. Both the vertical and horizontal displacements of
the vaults were monitored during the tests. The characterisation of the materials composing the
vaults was also carried out to introduce the measured material properties and strengths in the
equilibrium equations for the computation of the new virtual thickness.
This paper presents the new structural analysis and design method, its experimental
validation and some practical design examples to show the potential of the tool. It offers an
intuitive process of design in which shape can be adapted and optimised, also having the
material properties and thickness, loads and reinforcement quantity and placement as variable
parameters. The presented examples include reinforcement optimisation and form-finding
procedures and the analysis of a non-compression-dominated structure.
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1

INTRODUCTION

The combination of masonry and/or concrete with reinforcement, on its many variants, has
produced influential and striking shell structures in the history of architecture [1]. These
constructions were particularly in demand from the 1920s to the early 1960s [2]. Nowadays,
they are uncommon due to the lack of straightforward structural analysis and design methods
and the construction costs, specifically the cost of the formwork [3].
Current formworks for concrete shells are either expensive, complex and wasteful or have
formal restrictions. A possible approach to the construction of expressive shells may be
provided by the use of tile vaults as stay-in-place formwork for concrete shells [4], which could
significantly reduce construction costs and material waste. Furthermore, tile vaults provide a
high formal flexibility as they only require formwork at the boundaries, from which the rest of
the vault can be built gradually by completing stable sections [5] [6].
The combination of masonry and reinforced concrete creates a new type of composite
structure that needs new calculation methods and models to deal with the specific features of
the system [7]. This paper presents a method for the structural analysis and design of arched
reinforced masonry and/or concrete structures. The method is called Extended Limit Analysis
of Reinforced Masonry (ELARM) and is an extension of the work by Roca et al. [8]. It is based
on the modern formulation of limit analysis for masonry arches by Jacques Heyman in 1966
[9], but takes into account the finite compressive strength of the masonry and concrete as well
as the tensile capacity of the embedded reinforcement [4].
ELARM is explained in Section 2 of this paper and its experimental validation is described
in Section 3, followed by some examples of different applications of the method in Section 4.
The conclusions are presented in Section 5.
2 EXTENDED LIMIT ANALYSIS OF REINFORCED MASONRY OR CONCRETE
The presented method analyses the composite cross-section to obtain its ultimate positive
and negative moment for the given axial load, which varies along the structure and is
determined by the self-weight and the external loads. The ratio between the ultimate moment
and the axial load is equal to the maximum possible eccentricity (Figure 1). The eccentricity
related to the positive moment defines the upper limit of the new virtual thickness and the
eccentricity related to the negative moment defines the corresponding lower limit. As is done
in the classical theory of limit analysis of masonry arches, the structure is divided in a number
of virtual voussoirs, which allow the construction of the thrust line and sets the specific sections
where axial forces, moments and eccentricities are calculated. ELARM is applicable for
reinforced concrete, reinforced masonry and reinforced composite (masonry and concrete)
arched structures, provided that the failure mode corresponds to that of a ductile mechanism
characterised by the development of a sufficient number of hinges [4].
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Figure 1: Thrust line located outside of the vault’s thickness creating a bending moment; a) reinforced masonry
and/or concrete arch, b) upper virtual thickness, and c) thrust line. Lower right) schematic distribution of forces
for the ultimate positive bending moment.

The stability of the vault is verified when it is possible to find a thrust line, in equilibrium
with the applied loads, that is fully contained within the new virtual thickness of the vault,
meaning that the safe theorem is satisfied. The uniqueness theorem can also be applied to obtain
the collapse load and mechanism of the composite vault [4].
The support conditions of the vault are of great importance for the definition of the thrust
line and the stability of the vault. If the vault is pinned at its supports (Figure 2) with a single
contact point, then the thrust line must pass through that point. In the case of a support consisting
of a contact surface, unable to take bending moments, the thrust line can pass through any point
of the mentioned surface. Finally, in the case of a fixed support (Figure 2a), the limits for the
thrust line at the supports coincide with the virtual thickness [4][8]. This method is applicable
to reinforced concrete, reinforced masonry and reinforced composite (masonry and concrete)
arched structures, provided that the failure mode corresponds to that of a ductile mechanism
characterised by the development of a sufficient number of hinges.

Figure 2: Application of uniqueness theorem with ELARM: a) fixed support, b) applied load, c) tile vault, d)
concrete, e) reinforcement, f) thrust line, g) lower virtual thickness, h) upper virtual thickness, i) real lower
thickness, j) real upper thickness, k) pinned support.
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3

EXPERIMENTAL VALIDATION

The presented method has been experimentally validated by comparing its results with those
provided by the load-testing of full-scale prototypes. For these prototypes, the proposed
technique of a tile vault as integrated formwork for steel-reinforced concrete was used. They
were two composite cylindrical barrel vaults, with a span of 2.78 m, a height of 0.25 m, a width
of 1 m and had pinned supports (Figure 3). A vertical load was applied at quarter span to a
loading pad with a breath of 115 mm and stretching the entire width of the vault. The peak load
for the first prototype was 52.43 kN, while it was 53.15 kN for the second.
The material properties introduced in the model were obtained from compression and tensile
tests on samples of the materials composing the vault. Tiles, fast-setting cement, mortar and
concrete were tested in compression, whereas steel reinforcement was tested in tension. The
compressive strength and unit weight of the tile vault resulted in 13.45 N/mm2 and 2000 kg/m3
respectively. Those of the concrete resulted in 22.20 N/mm2 and 2460 kg/m3. The mean yield
tensile strength of the 6 mm diameter steel reinforcement was 581 N/mm2 and the Young’s
Modulus was equal to 207000 N/mm2. A detailed description of the material characterisation
and the load tests can be found in López López et al. [4].

Figure 3: Photo of one of the full-scale prototypes.
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The geometry of the vaults and the material properties were introduced into the
computational model to apply the uniqueness theorem and obtain the ultimate load carrying
capacity of the vault (Figure 4). The thrust line’s ends were set to the cross-section’s centre line
to represent the pinned support condition. The vault was divided into 100 voussoirs and the
load was applied evenly as point loads onto four voussoirs at quarter span, replicating the 11.5
cm wide loading platform of the experimental tests. The load predicted by the numerical method
is 53.6 kN (Figure 4), which is 1.5 % higher than the average of the two values obtained in the
experimental tests, 52.8 kN.

Figure 4: Application of the uniqueness theorem with ELARM to the tested vaults: a) upper virtual thickness, b)
thrust line, and c) lower virtual thickness.

4

USING ELARM

The ELARM implementation, coded in Python, results in an interactive tool providing quick
structural feedback [4]. As can be expected from any computational implementation, it offers
speed, accuracy and the possibility to extend the analysis to similar structures with different
sizes or properties. The next subsections describe specific features that this method offers for
the design and structural analysis of reinforced masonry/concrete arches. As an example, a 14
m span, arched concrete structure is chosen. Three punctual, asymmetrical and permanent loads
of 25 kN are applied at 1/5, 2/5 and 3/5 of the span. The vault is considered simply supported,
i.e., each support consists of a contact surface, unable to take bending moments. The
compressive strength of the concrete is taken as 40 N/mm2 with a density of 2400 kg/m3, and
the steel’s yield tensile strength for the reinforcement as 500 N/mm2.
4.1 Reinforcement optimisation
A cross-section optimisation can be carried-out by adjusting the thickness of the structural
layers and the amount and positions of the reinforcement, while accounting for different load
combinations.
Among the many possibilities for the mentioned structure, Figure 5 and Figure 6 show the
case of a 2.5 m rise, 1.0 m wide, 10 cm thick, parabolic arch with reinforcement placed at
different levels of the cross-section. This could be the case of an already existing arch that needs
reinforcement due to a new loading situation. The position of the reinforcement affects the
virtual thickness and thus the possible positions of the thrust line, the final amount of
reinforcement and the horizontal thrust. Reinforcement is placed at a distance of 25 mm from
the extrados in the case of Figure 5 and at the same distance, but from the intrados, in Figure 6.

1740

D. López López, P. Roca, A. Liew, T. Van Mele and P. Block

Whereas in the case of Figure 5, an amount of reinforcement equivalent to a steel area of 700
mm2 was sufficient to obtain a solution, in the case of Figure 6, a steel area of 1000 mm 2 is
required. However, the option with less steel is, in this case, the one with a bigger horizontal
thrust (93 kN), due to a shallower thrust line solution (Figure 5).

Figure 5: Structure with reinforcement at a distance of 25 mm from the extrados: a) upper virtual thickness, b)
thrust line, c) lower virtual thickness, and d) reinforcement.

Figure 6: Structure with reinforcement at a distance of 25 mm from the intrados: a) upper virtual thickness, b)
thrust line, c) lower virtual thickness, and d) reinforcement.

4.2 Form-finding
The use of the software Rhinoceros and the plug-in Grasshopper for the visualisation of
graphical results and for the efficient introduction and modification of input parameters, allows
for a fast and user-interactive form-finding process. The starting intrados of the analysed vault
can be drawn as a curve in Rhinoceros, which can be easily modified through its control points.
As the curve is being adjusted, calculations are computed and graphical updates are provided.
The shape and parameters of the vault can be adapted and optimised according to the structural
feedback received in near real-time. The presented tool allows the optimisation of the vault´s
shape regarding a defined loading condition, e.g. the permanent loads acting on the structure,
by modifying the inputs that define the vault’s geometry, and then adapting to the tool´s
structural feedback. A shape optimized for certain given loads would be one that includes within
its virtual thickness boundaries, the thrust line supplied by ELARM with a minimum thickness
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and reinforcement. Therefore, instead of starting from an invariable, predefined shape and
modifying thickness, material strength and/or reinforcement to increase the virtual boundaries
and make the thrust line fit within, a form-finding process consists of modifying the geometrical
inputs of the structure to make geometry and thrust line match as much as other design
constraints would allow.
For the example of the previous section, maintaining the span and rise and taking into
account the permanent and predominant loads, the resulting form-found shape is illustrated in
Figure 7. Once a stable unreinforced masonry vault is found, the thickness of the masonry and
the steel reinforcement position and amount can be updated considering other loading
combinations, including further asymmetric live loads or if a higher safety factor is desired.
Figure 8 shows an additional punctual load of 25 kN at 4/5 of the span. Keeping the thickness
of 10 cm and adding reinforcement at a distance of 25 mm from the intrados, a steel area of 900
mm2 is required.

Figure 7: Form-finding with ELARM: a) thrust line.

Figure 8: Form-finding with ELARM and an additional load: a) upper virtual thickness, b) thrust line, c) lower
virtual thickness, and d) reinforcement.

4.3 Beyond compression-only
The addition of reinforcement to a masonry and/or concrete vault allows for the design of
structures that are not restricted to being compression-only. Continuing with the example of the
previous subsections, the proposal now is a structure made of three straight segments, being
horizontal the middle one (Figure 9, Figure 10 and Figure 11). The advantages of this structure
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would be an easier and more economic construction thanks to the possibility to use straight
formwork and the functionality of the horizontal surface. The thickness of the concrete structure
is increased to 14 cm and reinforcement is placed at a central level of the cross-section.
Figure 9 illustrates the mentioned structure, simply supported and applying the three
permanent, punctual loads. An amount of reinforcement equivalent to a steel area of 1400 mm2
is required to achieve stability. The same structure and conditions are repeated in Figure 10,
except for the boundary conditions, which are now fixed supports, i.e., able to take bending
moments. This new condition allows a higher range of possible thrust lines, as they must not
end at the supports’ contact surface, but can be at any point within the virtual thickness. In this
case, reinforcement is decreased until 1100 mm2 (Figure 10). However, this amount of
reinforcement would not be enough if an additional punctual load of 25 kN at 4/5 of the span
would be included. Figure 11 shows this loading combination, for which a steel area of 1300
mm2 is required.

Figure 9: Structure with simply-supported boundary conditions: a) upper virtual thickness, b) thrust line, c)
lower virtual thickness, and d) reinforcement.

Figure 10: Structure with fixed supports: a) upper virtual thickness, b) thrust line, c) lower virtual thickness, and
d) reinforcement.
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Figure 11: Structure with fixed supports and an additional load: a) upper virtual thickness, b) thrust line, c)
lower virtual thickness, and d) reinforcement.

5

CONCLUSIONS

A method for the design and structural analysis of composite (masonry-concrete), arched
structures has been presented. The method, called Extended Limit Analysis of Reinforced
Masonry (ELARM), is based on traditional limit analysis, but extends it by considering the
tensile capacity of the reinforcement and the compressive strength of the masonry and concrete.
ELARM can also be applied to other structures with a sufficiently ductile response, such as
reinforced masonry or concrete arches and vaults, and similar reinforced composite structures
combining masonry and concrete. The method’s computational implementation allows for an
interactive and user-friendly form-finding process and a straight-forward assessment [4].
The method and the developed computational tool have been validated through experimental
research. The applicability and accuracy of the proposed analysis method has been validated
through its capacity to predict well the results from the load tests on two full-scale prototypes
[4].
Some of the possible applications of ELARM have been shown through an example of a
concrete structure with three punctual, permanent, asymmetrical loads. Different solutions have
been discussed, including reinforcement optimisation, a form-found shape and a noncompression-only design. ELARM allows the exploration of a large range of possible solutions
by modifying the thrust line, the position and amount of reinforcement, the shape of the
structure and the load combinations with immediate, responsive, structurally informed feedback
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Abstract. In the context of historical heritage, curved masonry structures as arches,

vaults and domes represent the most distinctive and charming feature. Since the 17th century,
several approaches have been developed in order to analyze their behavior, achieving
nowadays techniques enable to combine ancient and modern methods. However, as these
elements act as weak points of the structures during seismic events, the necessity of
evaluating their vulnerability and safety level pushed the research to implement new
numerical approaches. Although, the behavior of such structures is still not deeply
investigated in literature as the high number of variables and uncertainty involved.
An innovative discrete homogenized model approach is here proposed. The method
provides the main features needed for proper simulation of masonry curved structures,
including the orthotropy and the typical in-and-out-of-plane coupled behavior exhibited by
masonry vaults. Moreover, homogenization procedures directly implemented in the method
allows reducing by far the number of variables, leading to non-linear analyses
without unpractical computational time.
The model is conceived as an assembly of elastic units joint by non-linear interfaces. These
latter are modeled as bricks elements and Concrete Damage Plasticity is used for
modeling non-linear mechanical properties, coming from homogenization procedures.
The discrete mesh is obtained automatically by means of an ad-hoc script.
With the aim to validate the proposed approach, some non-linear simulations are
carried out on examples of an unreinforced dome, of which experimental and numerical
data are available, showing the reliability of the method and the accuracy of reproducing the
evolution of the damage with a limited computational burden.
1. INTRODUCTION
In the last years increasing efforts have been addressed for evaluating the safety and the
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effective behavior of masonry historical buildings. Such constructions spread all over the
world as monuments, churches, bridges, aqueducts and even as residential buildings. Due to
the fact that such building technology was developed by several countries in different periods
of mankind, the level of complexity and variety from the geometrical and material point of
view is huge. The most evident features are the composite nature of the material called
masonry. Brick or stones are arranged in a different configuration with or without the use of
mortar. Both of these components may have a different geological origin or chemical
composition, making the application of usual engineer simplifications not straightforward.
This complexity is, in a sense, amplified when masonry curved elements are studied. Arches,
vaults and domes may be seen as the most identifying features of masonry buildings.
However, their beauty is at least equal to their vulnerability, above all when subjected to
horizontal seismic loads. In such events, catastrophic human and artistic lost increases the
awareness of all technicians and pushed the researchers to carry out more experimental tests
and implement innovative numerical approaches. It is important to highlight, as done by
Huerta in [1] that, nowadays, vaults and domes are not any more built and the subsequent lack
of knowledge have been filled only thank several researchers (see [2-4]) in the last decades.
These latter identified, by means of a scientific approach, the effective behavior of curved
masonry structures, laying the foundations to more advanced and complex methodologies. In
fact, FE based approaches represent certainly the most valid option for properly exploring the
performance until the collapse of such complex structures. Non-linear simulations might be
carried out by means of micro and macro modeling. The first approach relies on separate
modeling of each component of masonry as stones, joints and interfaces (even of the
reinforcement when strengthening is simulated [5]). Such an approach ensures a detailed and
realistic reproduction of reality. However, the main drawback is obviously the high number of
variables involved and the consequent unpractical computational burden. A macro-modeling
approach may tackle these issues, leading to easier implementation of the geometrical model
and reducing by far the numerical complexity. Some constitutive models were implemented in
order to preserve the orthotropy of masonry, requiring though a previous experimental
campaign [6]. Even isotropic constitutive models may reproduce well the global behavior of
masonry structures [7], but at the same time, they can lead to possible inaccuracy in the
evolution of the damage pattern.
Along with non-linear approaches, the kinematic limit analysis combined with FE or with
NURBS [8-10] provides a speedy and straightforward approach for identifying the ultimate
state at the collapse, allowing fast identification of the safety level. However, no information
about the displacement and crack history can be obtained, precluding its application in some
scenarios.
In order to address the drawbacks of the above-discussed methods, an innovative
methodology for non-linear analysis of curved masonry structures is here proposed. It relies
on a discrete model approach coupled with homogenization procedures. Moreover, the nonlinear mechanical properties are modeled by means of a generic damage-plasticity constitutive
model already available in FE based software as Abaqus. Eventually, experimental and
numerical comparisons are provided for assessing the validity of the method and for
illustrating its capabilities.
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2. FEATURES OF THE PROPOSED METHOD
The method has been implemented with the aim to take into account properly all the
aspects peculiar to masonry, preserving at the same time the computational effort, the
accuracy and an easy implementation. First of all, a non-linear approach is selected in order to
comply with the requirement of international codes that often ask for displacement history of
the structure, such as pushover analysis. Then, above all for vaults and domes, due to the great
heterogeneity of masonry textures, the orthotropy in the elastic and inelastic range should be
reproduced. Moreover, when curved masonry structures are treated, the influence of the
membrane state of stress on the out-of-plane behavior is a key aspect of a reliable and
predictive method. Last but not least, the number of variables involved has to be kept low,
with the way to be easily employed by practitioners. Orthotopy is well reproduced when a
micro-modeling approach is selected. However, as mentioned, its use is limited to small scale
samples.
A successful way to overcome such limitation is represented by homogenization
procedures, often applied to composite materials like masonry. Such procedures are based on
the identification of the global structure as a repetition of a representative volume element
(RVE), enable to represent accurately the macroscopic behavior. In such a way the efforts
required by micro approaches are limited only to a cell level, defining the elastic and inelastic
response. Alternatively, a valid and speedy approach at the cell level is the one implemented
and presented in [11]. A semi-analytical procedure is described, resulting highly effective and
fast through the use of a displacement formulation and a coarse discretization.
At the structural level, following a simplified approach, such homogenized information
can be input as an averaged isotropic model. However, with the view of preserving the
orthotropic mechanical properties coming out from homogenization procedures, a valid
alternative is offered by the so-called discrete methods. In such an approach, elastic or rigid
units are linked by interfaces where the non-linearities are lumped. In one of the most
commonly used method “RBSM” (Rigid Body Spring Approach), such interfaces are
modeled as non-linear springs. Even though such a method proved to be sufficiently accurate,
its application has been limited to walls loaded in-plane and out-of-plane, like the
impossibility to keep coupled the in-and-out-of-plane effects. Moreover, the implementation
of the numerical model may result cumbersome.
The authors believe that a discrete approach along with homogenization procedures may
lead to a predictive and straightforward method for modeling of masonry vaults and domes.
For this reason, a new method based on the different implementation of the interfaces is here
presented. The procedure follows the one described in [12] by the Authors. In this latter, the
interfaces have been modeled as flat 3D bricks elements assigning the homogenized nonlinear material properties by means of the plastic-damage constitutive model CDP (concrete
damage plasticity), already available in Abaqus. The structure is described as a repetition of
elastic units, jointed by the interfaces. The choice to assign the elastic properties directly to
the cells ensures improved stability when the inelastic range is reached.. Such 3D approach
ensures that the influence of the normal stress related to the gravity loads on the non-linear
behavior in flexion is automatically taken into account. The number of variables involved in
the numerical simulations is very low when compared to micro approaches, opening the way
to further application of the method on reinforced structures.
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3. METHODOLOGY
The validation of such discrete method on UR and RE out-of-plane-loaded walls is
available in [12] where numerical and experimentally comparison is provided, and the
interested readers are directed to this research for a point of reference.
The use of Concrete Damage Plasticity for modeling non-linear interfaces leads to easy
implementation of the homogenized mechanical parameters along with robust numerical
stability. CDP is as isotropic, plasticity-based, damage model, originally conceived for
concrete. Successively it has been widely used for modeling masonry structures [13] in the
static and dynamic non-linear analysis. A differential behavior in tension (exponential
softening) and compression (parabolic softening) is assigned. The progressive decrease of
the elastic stiffness is governed by two damage variables dt and dc, which range from 0
(undamaged material) to 1 (completely damaged material).
It is important to highlight that through this approach, despite using a continuum
constitutive model, the orthotropy results preserved as the values of non-linear parameters are
defined according to the orientation of interfaces. Because of that, its application and a proper
simulation of materials like-masonry is possible even in FEM software that does not have in
their library orthotropic damage-based models.

Figure 1: Steps for the automatic implementation of the discrete mesh.

The extension of this method to curved masonry structures is here presented and validated
by experimental and numerical comparison of a brick-dome tested by Foraboschi in 2006.
Moreover, the method has been improved by means of a MATLAB script that interacts
directly with ABAQUS. The script, implemented by the Authors, is able to provide in an

1749

J. Scacco, G. Milani and P.B. Lourenço

automatic way the discretized mesh and to assign automatically the mechanical homogenized
properties to each interface. Such automatic procedure allows the overcoming of some
difficulties during the preparation of the numerical method. In fact, the flat 8-noded brick
elements employed as interfaces have a thickness that, even though negligible, implies the
presence of gaps in the intersections.

Figure 2: Mesh configuration in detail of the homogenized dome.

Average Stress [MPa]

The procedure begins with the definition of a coarse but regular mesh of the inner surface
of the dome. In such a way each 4-noded shell element generates correspondent elastic units
of the final discrete model. In order to accommodate the space needed for interfaces, each
element is scaled by a fixed value, by changing the 3D coordinates of four vertices. Then, the
elements are automatically joined with the surrounding ones, generating additional 4-noded
narrow elements. These latter will be converted to the non-linear interfaces in the final model.
After this stage, each 4-noded elements is further subdivided, creating a new mesh for the
subsequent discrete model (Fig. 1).
The final model is obtained by an extrusion of the discrete shell mesh. A different quantity
can be applied to each node, making possible the modeling of vaults with variable thickness.
In this paper, the dome has been modeled with 96 elastic units, providing two different
discretizations. The first one with a rough mesh of 4 elements on the plane r-s. The second
one, more refined, presents 16 elements on the plane r-s (Fig. 2).
0.09
0.08
0.07
0.06
0.05
0.04
0.03
0.02
0.01
0

Parallel
Homogenized
Stresses
Meridian
Homogenized
Stresses

0

0.0005

0.001

Average Strain ε [-]
Figure 3: Detail of non-linear interfaces (Left) and relative homogenized stress-strain curve of tensile behavior (Right)
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For both models, 4 elements along the thickness of the dome are defined. This choice
results sufficiently accurate, according to the experience of the Authors, for reproducing
properly the flexural behavior of curved masonry structures. As mentioned, the homogenized
mechanical properties are automatically assigned to the interfaces according to their
orientation.
This possibility paves the way to a full and comprehensive homogenization procedure,
taking advantage of a semi-analytical approaches that may be easily integrated within the
script. Such an extension will be a future improvement of the method and the Authors refer to
upcoming research the interested readers.
Here the numerical analysis (non-linear and limit analyses) carried out in [14] are taken as
references. With the aim to be fully consistent, the homogenized parameters carried out at the
cell level of the dome in [14] are re-applied and set by means of a stress-strain input in the
Concrete Damage Plasticity (Fig. 3).
4. RESULTS
The dome used as a reference for the numerical analyses was tested by Foraboschi in 2006.
It was made of typical Italian bricks with dimensions of 120*250*55 (mm), with an overall
dimension of 2.2 m for the inner diameter and a thickness of 120 mm. The dome was tested
under the application of an increasing load along the border of the upper hole. The
comparison is made in terms of load-displacement curves available from the test ad from
previous numerical analyses.

Figure 4: Comparison in terms of load-displacement curves of the proposed method with previous numerical
analysis and with experimental reference; Collapse mechanism obtained by means of SQ non-linear analysis by
Milani, 2011 (Top right)
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Figure 5: Evolution of damage pattern

The global behavior presents a final displacement around 4.5 mm in correspondence of a
peak capacity load nearby to 48 kN (Fig. 4). Concerning the collapse mechanism, the final
damage pattern is then compared with the one provided in [14] by the SQ non-linear analysis.
As mentioned before, two different mesh configurations have been carried out for the
purpose. The coarse one with a number of elements close to 3000 and the more refined one
with almost 9000 elements. From Figure 4 it is noticeable how the homogenized outcome has
an excellent capacity to reproduce the experimental and advanced numerical results, despite
an initial discrepancy in the stiffness.
The damage and its evolution are coherent with what is expected from a symmetric
problem. In fact, the cracks start to spread symmetrically along the meridians at 2/3 of the
height. Along with meridian cracks, the damage occurs even at the above parallels, leading to
the development of a circular flexural hinge (Fig. 5).
5.

CONCLUSION

Numerical validation of a 3D discrete homogenized approach for the analysis of curved
masonry elements has been presented. The advantages and drawbacks of existing numerical
methods have been put in evidence with the aim to justify the implementation of a new
method. The required features are so exposed: non-linear approach, low number of variables
involved, orthotropic model, accuracy in the simulation of the influence of membrane stress
on the flexural behavior. Consequently, a discrete approach coupled with homogenization
procedures is suggested as the right methodology for fulfilling all the requirements.

Figure 6: Comparison in terms of crack pattern between two different mesh configuration.
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The structure is modeled as repetition of elastic units jointed by non-linear interfaces.
These latter are input as flat 8-noded bricks along with plastic, damage based, the constitutive
model already available in Abaqus (concrete damage plasticity). In such a way, differential
homogenized properties are assigned depending on the orientation of interfaces, preserving
the orthotropic behavior. Then, a script for the realization of the geometric discrete model is
presented, focusing on the possibility to obtain automatically the discretized mesh and
opening the way to future extension.
Finally, the method, already validated on UR and RE out-of-plane-loaded walls [12], is
extended to the case of a dome, experimentally tested in 2006 and numerically simulated
several times by different approaches. The results obtained show good accuracy in replicating
the global behavior in terms of the load-displacement curve, and in terms of damage pattern.
For further application, it is worth noting the negligible difference in the accuracy among
the two different mesh configurations (Fig. 5-6). This result ensures the stability and validity
of the method even when few variables are involved in the analysis, leading to speedy and
reliable applications for practical purposes. Moreover, given the low computational burden,
interesting extension to reinforced curved elements may be proposed by the Authors as topic
of future works.
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Abstract. In this work, a simple and effective Rigid Beam Model is proposed for studying the
dynamic behaviour of ancient freestanding stone columns. As well known, monolithic and
multi-drum freestanding columns are historical structural elements typical of ancient temples
that still can be found in the Mediterranean area. These columns are particularly prone to
collapse in case of seismic actions. The dynamic behaviour of freestanding columns has been
studied by many authors in the past [1-3], and it is characterized by a strong nonlinearity due
to sliding and rocking between the drums. The Rigid Beam Model here described assumes each
drum of the column as a rigid beam element and each interface between the drums as a node
of the model able to move horizontally. Similar to Housner [1] approach, this model assumes
small displacements and no sliding between blocks. Furthermore, the material nonlinearity is
considered by means of a moment-rotation constitutive law slightly modified with respect to the
bilinear one introduced by Housner. Numerical simulations were performed on monolithic and
multi-drum columns modelled using the proposed Rigid Beam Model approach. Results are
compared against simulations of the same columns undertaken by means of the Discrete
Element Model, which is able to consider large displacements and the possible sliding between
the drums, and it has already proven its effectiveness in simulating column behaviour [2-4].
1 INTRODUCTION
Monolithic and multi-drum stone columns are structural elements typical of ancient
monuments of the Mediterranean area, built, among the others, by Roman, Greek, and Egyptian
civilizations. In the current days, such columns can be often found in freestanding condition,
given that the original buildings had been fully or partially destroyed by past earthquakes and
other natural or anthropic events. Even if these structural elements survived up to current days,
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they are still subjected to seismic actions and they are prone to collapse.
The analytical and numerical assessment of the dynamic behavior of monolithic and multi-drum
columns was studied by many researchers (see for instance the references collected in [4]). In
particular, the pioneering analytical model proposed by Housner [1] is the first contribution that
studied the behavior and the possible overturning of a single rigid block subjected to different
types of horizontal actions. The subsequent research activities focused on the assessment of the
dynamic behavior of monolithic elements by means of accurate numerical models and with
laboratory experiments. Some other research activities focused on the analytical assessment of
the dynamic behavior of columns made of a limited number of drums, whereas most of the
research activities were dedicated to the use of more or less accurate numerical models for
simulating the dynamic behavior of multi-drum columns and more complex stone structures
(namely buttresses, arches on columns, trilithic structures). Among the different numerical
models adopted for studying monolithic and multi-drum columns, the Discrete Element Method
(DEM), introduced for the analysis of soils and rocks [6], has been extensively used, due to the
possibility of modelling the column drums as distinct elements, with the possibility to apply
dynamic excitations and achieve large displacements.
In this work, a simple and effective numerical Rigid Beam Model, already introduced by
authors [5] for studying the dynamic behavior of both monolithic and multi-drum columns, is
further investigated. The model considers a multi-drum column as an assemblage of vertically
aligned rigid beam elements, with each drum represented by a beam element and each interface
represented by a node. Small displacements are considered, and no sliding is assumed at
interface level. The effectiveness of the Rigid Beam Model is further validated here by
simulating the numerical tests on rigid blocks subjected to harmonic excitations performed by
Spanos and Koh [7], and also by applying a half sine-wave ground excitation for reproducing
one of the solutions proposed by Housner [1]. Furthermore, a comparison between the results
from harmonic analyses on slender monolithic and multi-drum columns obtained from the
Rigid Beam Model and the two-dimensional (2D) Discrete Element (DE) code UDEC [8] are
provided.
2 RIGID BEAM MODEL
As stated in the introduction, the Rigid Beam Model was introduced by authors in a recent
contribution [5] for representing a generic multi-drum column made of n blocks or drums on a
rigid ground, having overall height H, lower base width or diameter B1 and upper width or
diameter Bn (Figure 1a). The rigid beam model is defined by assuming a rigid beam element
for each drum of the column and considering n+1 nodes at beam element ends, representing the
interfaces between the drums (Figure 1b). Sliding between the drums is neglected; hence, the
degrees of freedom of the rigid beam model are given by horizontal nodal translations,
velocities and accelerations ui, uɺi and uɺɺi , respectively (Figure 1b). Small displacements are
also assumed, hence a generic beam element can be subjected to a rigid rotation depending only
on upper and lower nodal displacements and element height: θi = (ui +1 − ui ) / hi . Each beam
element is also characterized by a mass mi and by the corresponding weight Pi.
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Figure 1: Multi-drum column (a), corresponding rigid beam model (b), i-th beam element (c)

The typical internal forces of the beam element, namely a normal force, a shear force, and a
moment Ni, Ti, and Mi, respectively, act at each beam end (Figure 1c). The translational and
rotational equations of motion for a beam element may be written as follows:
mi (uɺɺi +1 + uɺɺi ) / 2 = Ti +1 − Ti
ɺɺ
I Giθi = − M i +1 + M i + (Ti +1 + Ti )hi / 2

(1)

where IGi is the polar inertia of the drum corresponding to the beam element. The static
equilibrium in vertical direction is given by:
Pi = N i +1 − Ni

(2)

If the column is subjected to a horizontal ground acceleration ag(t), equations of motion (1) are
subjected to the following boundary conditions at column base and top nodes:
uɺɺ1 = uɺɺg = ag (t )
Tn +1 = 0

(3)

M n +1 = 0
and the equations of motion (1) for the whole column can be written in matrix form as follows:
ɺɺ − A g
T = Mau
ɺɺ − B g
M = GT + IG u

(4)

where vectors T and M are nodal shear forces and moments from node i to n: T = [T1 T2 …
ɺɺ is horizontal accelerations from node 2 to n+1:
Tn]T, M = [M1 M2 ... Mn]T; vector u
T
ɺɺ = [uɺɺ2 uɺɺ3 ... uɺɺn +1 ] . Ma, G, and IG can be defined, respectively, as mass coefficient matrix,
u
geometric coefficient matrix, and polar inertia coefficient matrix. Ag is a vector characterized
by null values except the first component, representing the acceleration at the base of the
column: Ag = [ag(t)m1/2 0 ... 0 0]T; and, similarly, Bg = [ag(t)IG1/h1 0 ... 0 0]T. Substituting the
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expression of T in the expression of M, a system of differential equations to be solved for
determining the displacements of the multi-drum column is obtained:
ɺɺ − GA g + I G u
ɺɺ − B g
M = GM a u

(5)

where M=M(θ), since each moment Mi is assumed to depend on the rotation θi of the
corresponding i-th drum by means of a bi- or tri-linear moment-rotation constitutive law, which
represents the stabilizing moment for varying block rotation (Figure 2), and it is slightly
modified with respect to Housner law by means of an initial elastic bending stiffness KM,i and
a smoothing parameter ξ ≤ 1 for reducing the stabilizing moment Mu,i at each interface:
n

M u ,i = ( Bi / 2) Pj

(6)

j =i

The system of differential equations in (5) is solved by means of a Runge-Kutta ODE solver.

Mi
Mu,i
ξMu,i
KM,i

αi

θi

Figure 2: Moment-rotation constitutive law

3

NUMERICAL TESTS

Several numerical tests were performed in order to evaluate the effectiveness of the proposed
Rigid Beam Model in simulating the dynamic behavior of freestanding monolithic and multidrum columns, with respect to existing numerical and analytical solutions. For instance, the
numerical tests performed by Spanos and Koh [7] on simple rectangular monolithic blocks
subjected to harmonic excitations were considered. Then, the slender column type already
adopted by authors in past contributions [4-5] was taken into consideration and a simple halfsine wave excitation and a harmonic one were applied to the ground in order to evaluate the
columns’ dynamic behavior modelled with Rigid Beams and compared both with Housner
solution and numerical results obtained from DEM.
3.1 Monolithic blocks and columns subjected to harmonic excitations
The numerical tests performed by Spanos and Koh [7] on monolithic rectangular columns
were considered in this study. A slender and a thick column, having height to width ratio H/B
equal to 4 and 2, were subjected to harmonic excitations with varying input frequency and
acceleration amplitude. Such specimens were reproduced by means of the proposed Rigid Beam
Model and considering a single rigid beam element. Harmonic excitations were applied for 10
seconds. Starting with the slender column case, Figure 3 shows several deformed configurations
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at the end of the numerical tests and Figure 4 collects base and top horizontal displacements
versus time. Both the deformed configurations and the horizontal displacements at the top show
overturning conditions obtained with 0.5g and 0.5Hz and 1Hz. More information about the
possible overturning of the column are collected in Figure 5, which shows the safe-unsafe
domain obtained with the Rigid Beam Model compared with that obtained by Spanos and Koh
[7], who assumed in this case a restitution coefficient close to 1. Probably due to this condition,
the two safe-unsafe-domains are in excellent agreement, both starting with a collapse
acceleration equal to 0.25g, corresponding to the static load multiplier for overturning the
column, and with an increasing collapse acceleration for increasing frequency, up to 1.5g with
2Hz.
1.0 Hz

2.0 Hz

0.5 g

0.2 g

0.5 Hz

Figure 3: Deformed configurations for a slender monolithic rectangular column (H/B = 4) subjected to several
harmonic excitations
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time [s]

d [m]

0.2 g

0.5
0
-0.5
5

10

d [m]

0.5 g

0

time [s]

Figure 2: Base (red continuous line) and top (black dashed line) displacements for a slender monolithic
rectangular column (H/B = 4) subjected to several harmonic excitations

1759

Daniele Baraldi, Gabriele Milani and Vasilis Sarhosis

Figure 3: Safe-unsafe domain for a slender monolithic column (H/B = 4) subjected to harmonic excitations

Focusing then on the thick column case modelled with the proposed Rigid Beam Model, Figure
6 shows the deformed configurations at the end of the harmonic tests with several values of
acceleration and frequency. Also Figure 7 shows the column top and base displacements for the
same frequency and acceleration values as before. Overturning conditions in this case were
obtained with 0.5g and 1Hz and with 1.0g with frequency values less than 1Hz.
1.0 Hz

2.0 Hz

1.0 g

0.5 g

0.2 g

0.5 Hz

Figure 6: Deformed configurations for a thick monolithic rectangular column (H/B = 2) subjected to several
harmonic excitations
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Figure 7: Base (red continuous line) and top (black dashed line) displacements for a thick monolithic rectangular
column (H/B = 2) subjected to several harmonic excitations

Figure 8: Safe-unsafe domain for a thick monolithic column subjected to harmonic excitations

Figure 8 shows the safe-unsafe domain obtained with the Rigid Beam Model, which is
significantly different with respect to that obtained by Spanos and Koh [7], probably due to the
small H/B ratio of the case study considered, and also due to the restitution factor close to 0.5
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adopted in the reference work. In this case, both domains are characterized by a collapse
acceleration equal to 0.5g for small frequency values, which is correctly coincident with the
static collapse multiplier of the thick column. For increasing frequency, the Rigid Beam Model
allows to obtain overturning accelerations increasing to 1g with 2Hz and 1.5g close to 3Hz,
whereas the collapse acceleration values obtained by Spanos and Koh increase rapidly to 1.5g
close to 1Hz.
3.2 Monolithic columns subjected to half-sine wave excitations
The slender monolithic column already considered by authors in the previous research [4-5]
is here adopted for further validating the proposed Rigid Beam Model. The column has an
overall height H=5 m, and lower and upper base width B1=0.96 m, Bn=0.66 m. A simple half
sine wave base excitation is applied to column base by varying the amplitude and the
wavelength of the excitation. Overturning accelerations obtained with the proposed model are
compared with the well-known Housner solution [1]. For this purpose, the smoothing parameter
of the moment-rotation relationship is assumed equal to 1, together with an infinite bending
interface stiffness between the ground and the column.

Figure 9: Safe-unsafe domain for a slender monolithic column subjected to half sine-wave excitations

Numerical results obtained with the Rigid Beam Model are in excellent agreement with
Housner solution, except for a frequency range between 0.3 and 0.7Hz, characterized by smaller
collapse accelerations obtained numerically with respect to the analytic solution. These results
are collected in Figure 9.
3.3 Monolithic columns subjected to harmonic excitations
The numerical tests on the slender monolithic column already considered by authors are here
updated by adding the column configurations at the end of the analyses or close to the end
obtained with the Rigid Beam Model. Collapse mechanisms are evident since they are
characterized by large rigid rotations of the column with respect to its base (Figure 10).
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1.0 Hz

2.0 Hz

0.4 g

0.2 g

0.66 Hz

Figure 10: Deformed configurations for a monolithic column subjected to several harmonic excitations

The safe-unsafe domain obtained with the Rigid Beam Model, compared with that obtained
with a standard DEM which allows both sliding and rocking of interfaces, shows that the
hypothesis of no interface sliding influences the dynamic behavior of a monolithic column,
since it reduces the collapse acceleration values for increasing input frequency (Figure 12a).
3.4 Multi-drum columns subjected to harmonic excitations
Similarly to the previous sub-section, the numerical tests on the slender multi-drum column
equivalent to the monolithic one already considered by authors [4-5] are here updated by adding
the column configurations at the end of the analyses or close to the end obtained with the Rigid
Beam Model. Collapse mechanisms are evident since they are characterized by large rigid
rotations of an upper part of the column or of the entire column with respect to its base (Figure
11). The safe-unsafe domain obtained with the Rigid Beam Model is slightly updated with
further results with respect to the previous proposed results; however, the multi-drum column
modelled by means of the Rigid Beam Model is still characterized by small acceleration
amplitudes with respect to DEM results, and such amplitudes slightly increase for increasing
input frequency (Figure 12b).
1.0 Hz

2.0 Hz

0.4 g

0.2 g

0.66 Hz

Figure 11: Deformed configurations for a multi-drum column subjected to several harmonic excitations
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a

b

Figure 12: Safe-unsafe domain for a slender monolithic column (a) and an equivalent multi-drum column (b)
subjected to harmonic excitations

4

CONCLUSIONS

A simple and effective Rigid Beam Model, recently introduced by authors for studying the
dynamic behavior of freestanding monolithic and multi-drum columns [5], has been further
investigated with several numerical tests. The model assumes each drum of the column as a
rigid beam element and each joint between the drums as a node, in which are lumped the
horizontal degrees of freedom of the model. A bi or tri-linear moment-rotation nonlinear law at
each joint is also assumed, whereas sliding is neglected. The proposed model turned out to be
in excellent agreement with the results of the harmonic analyses performed by Spanos and Koh
[6] with the slender column case (H/B = 4), whereas a not so good agreement has been obtained
with the thick column case (H/B = 2), probably due to the small restitution factor adopted in the
reference work. The simple case of a ground excitation given by a half sine-wave proposed by
Housner [1] has been successfully simulated by the proposed model. Finally, the sufficient
agreement of the Rigid Beam Model with respect to the DEM, already showed by authors [5],
has been further detailed by performing more harmonic tests on the multi-drum column.
Further developments of the proposed Rigid Beam Model will regard the further comparisons
with existing numerical and laboratory results, by considering in some cases real ground
motions on monolithic and multi-drum columns.
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Abstract. Unreinforced Masonry (URM) has been extensively used as a construction material
in mass structures with predominant compression load paths. Despite its reasonably
established performance under gravity actions, it can be quite vulnerable to seismic loading,
predominantly due to its limited tensile strength and associated quasi-brittle failure modes.
Therefore, a reliable seismic assessment of URM structures, including heritage buildings, is
vital to ensure life safety and minimise their risk of collapse. This can assist in implementing
effective remedial measures, if required, to ensure desirable performance level in future events.
Despite significant advancements in masonry research, practical assessment of URM has
always been a challenge for structural engineers due to the complexity of the mechanics and
geometry involved. Different modelling approaches have been trialled so far, which are
typically based on equivalent frame, discrete and continuum elements in 2D/3D domains. In
this paper, a simplified nonlinear model is introduced within the framework of conventional
layered shell elements, which can be easily implemented in commonly used FE packages, e.g.
ETABS and SAP2000. In this model, the URM shell element comprises three layers accounting
for cohesion and axial-frictional behaviour parallel and perpendicular to the bed joints, where
the mechanical properties can be adjusted for various masonry configurations. The
performance of the proposed model is validated against several experimental tests available in
the literature, where a good correlation with test data is achieved across various design
scenarios and loading conditions.
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1

INTRODUCTION

Masonry is one of the oldest construction materials in the world, which has widely been used
in buildings, especially low-rise commercial and residential buildings, in different sizes, shapes,
and materials. Unreinforced Masonry (URM) is the simplest form of masonry construction and
while it is well suited for bearing gravitational loads, it is prone to lateral loads and foundation
differential settlement, mainly due to its limited tensile capacity and ductility.
The analysis of URM buildings is a challenging procedure due to geometrical and
mechanical complexities, uncertainties associated with material properties, and possible
imperfections and cracking in existing buildings. Masonry, by its nature, is a heterogeneous
material, and its overall behaviour is characterised by its three constituent components, namely
blocks, mortar, and the bond between them [1]. The compressive strength of blocks and mortar
is usually higher than their tensile strength. The bond behaviour in shear comprises cohesion
and friction mechanisms, while the tensile behaviour is cohesion-only, and generally, the bond
strength is weaker than block and mortar. These result in an anisotropic material, where elastic
properties, strengths, and post-peak behaviour are directional dependent.
In past studies, significant efforts have been dedicated to the investigation of masonry
behaviour through experimental testing. The mechanical properties and failure mechanisms can
be assessed at the scale of the masonry components (block, mortar and bond) [2] and structural
elements [3]. The experimental tests have been performed on masonry components [4], wallets
[5], masonry walls [6], and full-scale masonry structures [7]. It should be noted that the
complexities associated with masonry structures extend beyond the mechanical properties
alone, and also depend heavily on the structural details and layout, e.g. the connection of walls
to horizontal diaphragms, the diaphragms’ flexibility, and interaction with return walls that can
all significantly affect the behaviour of URM [8].
In conjunction with experimental testing, there has been growing interest among researchers
in developing Finite Element (FE) modelling strategies of URM in the past half-century. D’Altri
et. al. [1] categorised the modelling techniques into four groups, namely, (a) block- (b)
continuum- (c) microelement- and (d) geometry-based models. In the block-based or detailed
discrete models, the brick is modelled by block and the mortar is modelled by either an element
or a contact behaviour. This model can demonstrate clear representation of failure modes,
interaction between simultaneous in-plane and out-of-plane loading, but it requires extensive
computational demand. It is generally used for experimental validations and the calibration of
standard design equations, making it less suitable for engineering design and assessment of fullscale structures [9], [10]. In the smeared continuum approach, the masonry walls are modelled
by a continuum body, in which there is no need to use small mesh discretisation and the mesh
size can be larger than the actual block/mortar size by utilising homogeneous constitutive laws.
In its preliminary versions, it was assumed that the masonry has no tensile capacity, and a linearelastic behaviour was assumed for compression [11], [12]. In advancement of this approach,
some nonlinear constitutive laws have been proposed based on fracture mechanics, damage
mechanics and/or plasticity methods [13], [14]. Several failure criteria have been formulated
and utilised for masonry behaviour such as tension cut-off, Coulomb friction, and a compressive
cap criterion [15]. Each criterion has been employed to capture a specific failure mode of
masonry. The continuum-based methods have been widely used in the modelling of historical
masonry buildings, which usually have complex geometry [1]. Despite the variety of the
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material models developed in the literature, only some have been successfully validated and
implemented in available advanced finite element software, such as DIANA and ABAQUS. In
the microelement (lumped plasticity) models, the focus is mainly on global seismic behaviour
of the structure. In this method, each wall segment may be categorised as either a pier or a
spandrel, whereby piers are akin to columns and carry vertical and lateral loads simultaneously,
and spandrels span between two adjacent piers and act more like beams. In this method, linear
elastic frame elements have been utilised to model the piers and spandrels, then nonlinear
hinges are assigned locally to the member to capture the inelastic behaviour as lumped plasticity
[16], [17]. Although the concept of lumped plasticity is simpler and readily incorporated in the
common commercial analysis software such as ETABS [18] and SAP2000 [19], it has its own
drawbacks. For example, its applications to buildings with arbitrary perforations/openings
forming irregular stacks of wall piers and spandrels may not be a straightforward task. Also, it
requires some initial indication of the loading, such as the level of axial compression in the
member, to properly define the friction properties of the representative shear hinges. Thereby,
the distributed plasticity approach in such cases may have a clear advantage over the lumped
plasticity approach. In geometry-based models, the structure is modelled as a rigid body.
Typically, this kind of modelling is useful to assess equilibrium and collapse mechanics of
URM walls [20], [21], but can fall short in capturing masonry behaviour in a progressive
loading scenario.
The development of a simplified yet reasonably accurate constitutive framework for the
modelling of orthotropic behaviour of masonry structures in commonly used commercial
analysis software (e.g. ETABS, SAP2000, Strand7, etc.) holds significant promise for structural
engineers and the building industry. This is the subject of this study, and it was achieved by
appropriate utilisation of nonlinear layered shell elements for unified modelling of masonry
piers, spandrels and even infills panels. The theory of the model is presented in the next section,
followed by its implementation in analysis software packages. The model is then validated
against several experimental studies available in the literature.
2

MATERIAL MODEL

The structural capacity of historical masonry structures has been generally assessed based
on design equations and prescriptive provisions in the international design standards using
linear elastic analysis in commercial finite element analysis software. With the introduction of
performance-based analysis and design concepts for seismic assessment of existing structures
and their successful incorporation into some international provisions by FEMA[22], ASCE [23]
and NZSEE [24], explicit nonlinear modelling of historical buildings holds significant merit in
the building industry to assess their structural performance under different earthquake records
and hazard levels using nonlinear static (Pushover) or dynamic (Time-history) analysis
methods. This objective has been achieved by either modelling concentrated/lumped plasticity
in potential plastic hinge regions within the members, or by explicit inelastic constitutive
modelling commonly known as distributed plasticity. The available guidelines and provisions
typically cover the former by characterising nominal plastic hinge properties and performance
levels for different actions and members, whereas the latter has been more extensively covered
in academic research.
Bed joint sliding is one of the common modes of shear failure in squat piers of low aspect
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ratio, which is typically expressed in design standards by a Mohr-Coulomb failure criterion as
shown in Figure 1, which is a function of bond and frictional resistance and considered to be a
displacement-controlled mode due to the relatively ductile residual component from the
sustained friction. The conventional Mohr-Coulomb failure criterion is capped with straight
cut-offs limits in tension and/or compression; however, a more realistic criterion would include
curved tension/compression caps to account for the possible interactions at high axial stress
levels such as that between shear friction and axial compression at high compressive stress
states. This results in a reduced frictional component for a combined high axial compression
and interface shear stress levels, which can be alternatively expressed by an idealised linear
compression cap with a representative slope (ψ) when axial compression stress exceeds a
critical limit (σc.lim). In lieu of a refined assessment, the so-called dilatation angle may be
approximated as ψ=(π-2φ)/4 for a lower bound limit state analysis as given in [25], [26]. On
the tension side, a sustained level of cohesion is generally considered for design purposes in
international standards [23],[24], which is typically considered as c/2, and the failure line in
Figure 1 is thus replaced with the dashed line intersecting the horizontal axis at f t=c/(2μ). A
similar shear failure mode may also be observed in short spandrels, but the friction component
arises from internal actions due to end restraints and/or externally applied load or prestress (if
present). However, axial compression can be generated at high chord rotations upon spandrel
cracking and degradation of the cohesion mechanism due to the restraints for geometric
deformations and the confinement provided by the neighbouring piers. An upper bound
estimate for this residual clamping effect is typically obtained by evaluating the axial stress
state associated with the diagonal tension failure of the spandrel [3].
τ

Compression
Cut-off
Tension Cap

Compression Cap

Tension
Cut-off

σ

Figure 1 :An adjusted Mohr-Coulomb failure criterion to represent the shear fraction behaviour

In slender piers with high aspect ratio, flexural behaviour is expected to dominate the overall
response, which manifests as flexural tensile cracking along the bed joint and typically a
rocking mechanism in lightly loaded piers as flexural overturning mode about the toe with an
uplift over the heel. This mode is commonly considered to be ductile due to the inherent
ductility and prevalent signs of distress. For wall piers with high levels of axial compression,
toe crushing may govern the scenario, although it may also be observed at later drift stages of
a rocking pier due to the second-order effects. This failure mode is categorised as a brittle mode,
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associated with the crushing of the material in a biaxial stress state over the compression stress
block zone. The final failure mode under consideration is the diagonal tension cracking in
spandrels and even piers, which can appear either in a stair-stepped cracking pattern through
mortar, and/or a diagonal cracking pattern through fractured bricks when mortar is stronger.
This failure mode is expected to be triggered in piers of intermediate aspect ratio and initiated
at half-height of the wall section. Diagonal tension cracking is also considered to be a forcecontrolled failure mode.
For this study, the commercial FEA software package ETABS was selected for the
implementation of the proposed material model due to its common and globally widespread use
by structural design engineers, and the contribution of this study to engineering practice is due
in part to this fact. The numerical model is implemented using the nonlinear continuum layered
shell elements, which make use of properly calibrated directional behaviours to capture the
anisotropic behaviour of unreinforced masonry with a reasonable level of accuracy. The
proposed framework is equally applicable to SAP2000 or similar FEA software supporting
nonlinear layered shell elements with frictional behaviour.
For the axial-flexural response of the masonry elements, it is expected that the adaptation of
directional shell layers with representative uniaxial stress-strain curves for different orthogonal
material directions, i.e. horizontal and vertical directions for a regular bond pattern, should be
able to reasonably capture the expected behaviour and associated failure modes such as toe
crushing and rocking in piers, and flexural cracking in long spandrels. This acts like a Rankine
(maximum stress) failure criterion for limiting the compressive and tensile capacity in different
material directions and stress quadrants, and it neglects the possible interactions such as the
favourable effect of confinement in a biaxial stress state. These layers for the axial-flexural
response include a shear friction component which accounts for the enhancement in shear
resistance due to clamping from normal compression. In addition, a separate nonlinear shell
layer is included to represent the cohesive shear bond behaviour and its degradation. The
summation of these layers aims to capture the shear response including bond and frictional
components. Lastly, a linear plate element with adjusted stiffness (via thickness and/or stiffness
modifiers) is overlaid to represent the out-of-plane behaviour of masonry elements, and it is not
intended to precisely capture the interactions between in-plane and out-of-plane behaviours if
relied upon.
A nonlinear stress-strain curve is considered as shown in Figure 2 for representing the
uniaxial behaviour in each direction, which is in line with the recommendations in Eurocode 6
[27]. The behaviour in tension is assumed to be linear elastic up to the masonry’s tensile
cracking capacity, followed by linear strain-softening depending on the fracture energy and the
characteristic length of the FE elements where strain localization occurs. If desired, the linear
degradation may be replaced with a bilinear softening that can better resemble an exponential
decay. An elastic perfect plastic (EPP) curve may be assumed as a simplified alternative (also
shown in Figure 2) for both components, to improve the computational cost and convergence,
where the idealised curve is established based on the concept of equivalent strain energy up to
the ultimate strain capacity. As can be seen, the equivalent bilinear curve in compression has
adjusted initial stiffness and peak compression capacity and requires strain limits (e.g.
maximum allowable crushing strain) in place to assess the state of crushing at various structural
performance levels. The bilinear tensile behaviour essentially assumes a sustained level of
tensile capacity as an idealised yield capacity, which is considered to be half of the peak flexural
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tensile capacity in each direction. The vertical tensile capacity (f tv) is generally small due to the
horizontal bed joints, and it can be approximated by ftv≈0.5cbj/μ according to Figure 1, where
cbj is the masonry bed-joint cohesion and μ is the friction coefficient. However, it is generally
neglected for design purposes, especially for a long-term analysis where the formation of cracks
along bed joints is highly probable. In contrast, the nominal horizontal tensile capacity (fth) can
be significantly higher due to the stair-stepped pattern of the masonry bond and tensile cracking,
which in the absence of vertical compression over the bed joint may be approximated as
fth≈0.5chj/μ+αscbj, where cbj is the masonry head-joint cohesion and αs is the bond pattern factor
taken as the ratio of the sum of horizontal crack length to the sum of vertical crack length.

σ

ε
Figure 2 : Schematic illustration of the full and simplified stress-strain curves for uniaxial behaviour in
different directions

For the additional cohesive shear layer, a bi-directional shell layer is considered to represent
the cohesion capacity and its degradation, which is simply expressed by a linear strain softening
here as shown in Figure 3(a) in accordance with NZSEE [24] and ASCE [23]. Similar to tensile
behaviour, this can be enhanced with a bilinear softening if desired. An isotropic material with
a stress-strain curve per Figure 3(b) must be defined in ETABS such that the desired masonry
cohesion capacity (cm) is obtained based on Mohr’s circle for stress as τci=(fci+fti)/4. Therefore,
pseudo tensile and compressive capacities are defined as fci=fti =2cm as per Figure 3(b) to
capture the target capacity, noting that the initial stiffness must also be adjusted accordingly
such that the resultant shear curve yields the expected shear stiffness.
τ

σ

ε

(a) cohesion behaviour
(b) shear layer in ETBAS
Figure 3 : Stress-strain curves for the nonlinear shell layer representing cohesive behaviour

Similar to tensile behaviour, an idealised elastic perfect plastic (EPP) curve with an adjusted
maximum allowable strain may be considered as shown in Figure 3(b) to resolve the highly
probable convergence issues associated with strain softening and the so-called bifurcation
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problem when using conventional nonlinear solvers and conventional local continuum
formulations. When using such a simplified approach, it is essential to assess the strain levels
and ensure the limits associated with different performance levels are not exceeded. This can
be checked either locally or globally by the engineer, where the latter for example can be
assessed in ETABS by the aid of computational strain gauges for piers and spandrels.
The combination of cohesive and frictional layers is expected to capture the overall shear
response as schematically illustrated in Figure 4 and characterised in some international
standards, e.g. [23], [24]. The directional layers represent the axial-flexural behaviour. The
tensile capacity of the directional layers (if defined properly), alongside the frictional demand,
is expected to characterise the orientation of principal stress/strain planes and define the
principal tensile stress and the diagonal tension capacity. The probability for this failure mode
can be visualised by the contour plots for the principal tensile strain (ε11 or εmax), whereas the
corresponding capacity can be inspected by the overall principal tensile stress plot (σ11 or σmax)
which is visualised in ETABS by the contour plot for the resultant principal force Fmax per unit
thickness (σmax=Fmax/tw). Nevertheless, the diagonal tensile capacity (fdt) as a force-controlled
component is separately assessed over the course of the analysis by checking the associated
shear capacity (Vdt) and drift limits for various members (piers/spandrels) in accordance with
the available design equations in ASCE [23] and NZSEE [24].

V

Friction + Cohesion
Simplified model

Friction only
3

δ

Figure 4 : Overall shear capacity of the member combining cohesive and frictional components

3

VALIDATIONS

In this section, the proposed model has been validated against experimental test results
available in the literature including a solid URM wall, a perforated URM a URM wall prototype
subjected to footing settlement, and a two-storey frame building under lateral loading.
3.1 Manzouri Tests
Manzouri et. al. [6] performed lateral loading tests on solid and perforated URM walls,
specimens W3 and W4, which were subjected to 0.59 and 0.48 MPa overburden, respectively.
The mean material properties are provided in Table 1. The aspect ratio of the solid wall was 0.6
and the walls consisted of three wythes of bricks. The walls were modelled in ETABS with the
support and loading conditions consistent with the experimental tests. As can be seen in Figure
5, load-displacement responses of the FE simulation show a good correlation with the
experimental results. Also, the principal tensile strain contours, as indications of crack locations
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and patterns, reasonably agree with the reported crack pattern (See Figure 6 and Figure 7). Due
to the unidirectional nature of the nonlinear static analysis performed, it is noted that the
combination of expected crack patterns for push in positive and negative directions shall be
considered for a better comparison with the experimental pattern from cyclic loading. Toe
crushing and diagonal tension cracking were captured in specimen #3, whereas rocking with
W3
W4
bed joint sliding were identified
in specimen #4.
250

300

Shear Force (kN)

Shear Force (kN)

400

200
Experimental Data

FE

100
0

0

1

2
3
4
Lateral Displacement (mm)

5

200
150

100

Experimental Data
FE

50
0

0

0.5

1
1.5
Lateral Displacement (mm)

2

2.5

(a)
(b)
Figure 5 : Load-displacement of Manzouri tests [6] for W3 and W4 Specimens

(a)
(b)
Figure 6 : Tensile strain contour and crack pattern in experimental tests, specimen W3

(a)
(b)
Figure 7 : Tensile strain contour and crack pattern in experimental tests, specimen W4
Table 1 : mean mechanical properties of tested masonry in Manzouri tests [6]
Mortar
Brick
Brick
Brick
Initial
Shear
Masonry Compressive compressive compressive Modulus of Tensile
strength
strength
Rupture
Strength
strength
Strength (MPa)
(MPa)
(MPa)
(MPa)
(MPa)
(MPa)
#W3 18 #W4 11.7
2.6
21.6
3.9
2.6
0.05
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3.2 Foundation Settlement Test
The effect of soil settlement due to tunnelling excavation on a masonry façade was
investigated using experimental tests and numerical modelling performed in [28], [29]. A scaled
1/10 model of a historic Dutch house, as shown in Figure 8(a), was tested under imposed
support settlement. The deflections and crack patterns were captured during the test.

(a)
(b)
Figure 8 : (a) Scaled specimen test setup and (b) FE model in deformed shape

The mean material properties are listed in
. The deformed shape is demonstrated in Figure 8(b). The contour plot for the maximum
principal strain is provided in Figure 9(a), which shows a reasonably good correlation with the
crack pattern from the test as shown in Figure 9(b). The model was able to reasonably predict
the initiation and propagation of probable cracks as well as different failure modes in the piers
and spandrels over the course of testing.
Compressive
Strength (MPa)
11.4

Table 2 : mean mechanical properties of masonry in the settlement test
Mortar
Brick
Initial
Shear
Mortar flexural
compression
compressive
Friction angle
strength (MPa)
strength (MPa)
strength (MPa) strength (MPa)
0.31
0.62
14
0.03
37

(a)

(b)
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Figure 9 : (a) maximum principal tensile strain from FE analysis and (b) crack pattern observed in the test

3.3 Full-Scaled Building Tests
Magenes et. al. [30] conducted a full-scale test on a two-storey URM building. The building
was tested under quasi-static applied displacement. The overburden loads of 240 kN were
applied on the floors. The mean mechanical properties of the masonry are listed in Table 3.
Table 3 : Mechanical properties of tested masonry in Magenes’ test [30]
Elastic
Compressive
Tensile
Initial
Shear Coefficient of
Modulus (MPa)
strength (MPa)
Strength (MPa) strength (MPa) friction
1491
6.2
0.04
0.23
0.58

Density
(kg/m3)
1652

150

150

125

125

100

100

Base Shear (kN)

Base Shear (kN)

As shown in Figure 10, the inelastic capacity curve from FE analysis in terms of base shear
vs. roof displacement is compared with the experimental results, which indicates good
agreement. The envelope of the cyclic response is used for the sake of comparison. As an
indicative example, the crack patterns at the peak base shear load level are shown in Figure 11
for the case with door walls. The numerical simulations were able to roughly indicate different
failure mechanics observed during the course of testing for both cases including e.g. bed joint
sliding, toe crushing and shear failure of piers and spandrels.

75
50
Exp.

25
0

5

10
15
Roof Displacement (mm)

50
Exp.

25

FE
0

75

20

0

FE
0

5

10
15
Roof Displacement (mm)

20

(a)
(b)
Figure 10 : Base shear versus roof displacement of (a) door wall and (b) window wall

(a)
(b)
Figure 11: Peak load state of door wall: (a) maximum principal tensile strain at from FE analysis and (b)
crack pattern observed in the test
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4

CONCLUSIONS

In this paper, a simplified method has been proposed for the finite element modelling of
unreinforced masonry buildings based on a smeared continuum approach. It was established
upon the framework of fibred shell elements with inelastic directional layers, and it was
successfully implemented in ETABS software for nonlinear static (Pushover) analysis of
buildings; however, it can be potentially applied to any commercial structural analysis software
supporting the proposed framework. This method facilitates the modelling process of masonry
buildings with complex geometries by using conventional shell elements with some rational yet
simple material properties. It can eliminate some of the limitations and difficulties of the
commonly used microelement (lumped plasticity) approaches, e.g. presumptive analysis, priori
wall discretisation, and complicated modelling for irregular wall stacks and openings, while not
significantly affecting the overall computational cost. The proposed approach serves as a
practical solution and an easily accessible tool for the structural engineers worldwide to analyse
full-scale structures, such as heritage buildings, and assess their structural performance under
ultimate loading scenarios including earthquake. The accuracy of the FE model predictions has
been verified against several experimental results and showed to be in good correlation. In
summary, the proposed model not only can capture the overall structural response in terms of
e.g. lateral load-displacement curve, but it can reasonably identify different failure modes in
piers and spandrels and their associated cracking pattern as specified in some of the
international standards and seismic provisions, e.g. ASCE and NZSEE.
5
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Abstract. The present paper discusses seismic behaviour of multi-tier pagoda temple. The
seismic behaviour was examined by different pushover analysis techniques including
adaptive pushover analysis. The case study objective is a five-tier pagoda. The studied
pagoda is built of timber frameworks and masonry walls. Masonry is composed of burnt solid
bricks and earthen mortar. The pushover analyses are conducted, taking into account
frictional behaviour between timber and masonry.
The research challenges two tasks. A first task deals with experiments on interface behaviour
between timber and masonry in earthen mortar. The study of the discussed interface
behaviour is not straightforward since few tests have been conducted on similar subjects. In
the present study, direct shear tests are performed. A second task coves pushover analyses of
the five-tier pagoda by means of FE analysis. The paper provides useful experimental data of
interface behaviour between timber and masonry in earthen mortar and also suggests
efficient strategies of seismic assessment of pagoda-type structures.
1 INTRODUCTION
The paper presents nonlinear static analysis adopted to a multi-tier pagoda structure.
Seismic behaviour of historical slender structures has been examined by researchers and
practitioners. Among various seismic assessment tools, pushover analyses have been one of
frequently used approaches [1]. Initial lateral force distribution patterns significantly
influence the results such as maximum responses and damage mechanisms [2]. Recently
advanced pushover analyses, including adaptive pushover analysis (APA) and multi-mode
pushover analyses, were aimed to be adopted [3,4]. It has been found effective in some cases
and however still the analyses encounter issues [5]. Further investigations are essential to
apply APA more reliably.
The case study objective is a five-tier pagoda, Kumbeshwar temple in Nepal. The structure
was seriously damaged by the 2015 Gorkha earthquake. The studied pagoda structure is
composed of masonry walls and timber frameworks. The masonry is composed of solid
bricks and earthen mortar. Sal timber is used for frameworks. Timber frameworks are
considered to improve the box behaviour. On the other hand, limited experimental
investigations have been conducted on interaction between timber elements and masonry
walls [6,7]. The present research consists of two phases: experimental and numerical phase.
The experimental phase examines interface behaviour between timber and masonry in
earthen mortar by direct shear tests. The mechanical characterisation of the timber and
masonry materials is conducted in advance of the direct shear tests. As for the numerical
phase, taking into account the experimental results, different pushover analyses techniques
are conducted on a pagoda structure. A particular attention is given on adaptive pushover
analyses. The obtained results are compared with the damage patterns and collapse
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mechanisms observed in the real structure. The experiments suggest friction angle and
cohesion of interface between timber and masonry in earthen mortar. The paper also aims to
contribute to efficient and realistic approaches to the seismic assessment of historical slender
structures including multi-tier pagoda type structures.
2 RESEARCH METHODOLOGIES
2.1 Application of different pushover analysis techniques
The present study compares three different seismic analysis methods. They are invariantforce pushover analysis (IPA), adaptive pushover analysis (APA), and nonlinear dynamic
analysis (NDA). Comparison is made between IPA, APA and NDA in terms of horizontal
base acceleration, displacement and damage patterns. As for IPA, two force distribution
patterns were considered. One is proportional to the masses of the structure (m-IPA). The
other is proportional to the shape of the fundamental mode of the structure (Φ-IPA). As for
APA, the method proposed by Antoniou and Pinho [8] is considered. In the method, the
loading pattern at each step is incremented to that of the previous step. The load vector Pt at a
load step t is achieved by adding to the load vector of the previous step Pt-1 (existing loads in
equilibrium). The increment is calculated as the product between the current load factor
increment λt, the current modal scaling vector 𝐹𝐹̅𝑡𝑡 and the nominal load vector P0, as presented
in the equation (1).
𝑃𝑃𝑡𝑡 = 𝑃𝑃𝑡𝑡−1 + ∆𝜆𝜆𝑡𝑡 𝐹𝐹̅𝑡𝑡 𝑃𝑃0

(1)

2.2 Description of the case study objective

Kumbeshwar temple is a five-tier pagoda. The original temple was built around in 1392 as
a two tiered pagoda [9]. Three tiers were added over the two tiers in the 17th century. The
dimensions of the ground tier are 7.93×7.59 m2. The height of the walls of each tier is 7.80,
4.01, 3.38, 2.70, 2.31 m (ground, first, second, third, fourth, respectively). The total height of
the pagoda is 23.11 m including the pinnacle (Figure 1a). The pagoda is built of masonry
walls and timber frameworks. The masonry consists of solid bricks and earthen mortar. For
the frameworks, sal timber is used.
Kumbeshwar temple was severely damaged during the 2015 Gorkha earthquake. The
fourth tier was considerably damaged but still survived. The collapse of the fourth tier
occurred during the aftershock on May 12, 2015 (Figure 1b,c). The upper three tiers (second,
third, fourth) were under reconstruction since they were much more significantly damaged
than the lower tiers (first, second). In-situ visual inspection observed that pegs did not exist or
lost in connections between timber crossbeams and masonry walls. Description and drawings
of the temple are found also in [10,11].
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(a)

(b)

(c)

Figure 1: Kumbeshwar temple: (a) cross section [9], state before the 2015 Gorkha earthquake (b), after the
2015 Gorkha earthquake (c).

3 EXPERIMENTAL STUDIES
3.1 Characterisation tests of masonry materials
Uniaxial compression tests were conducted on bricks in accordance with European
standards [12]. The tested bricks were chosen since they had similar surface texture and close
density as those used for the studied pagoda. The bulk density was 1,750 kg/m3. The
dimensions of the tested prisms were 40×40×80 mm3. A 300-kN autograph testing machine
was used for the loading [13]. The same testing machine was used for all the tests discussed
in the paper. The average compressive strength was 17.8 MPa. The average shape factor of
the prisms was 1.08 [12]. The coefficient of deviation (COV) was 17.6%.
Loam was used for the preparation of earthen mortar. Granulometric analysis was
conducted on the loam by a hydrometer method according to the Japanese Geotechnical
Society [14]. The grain size distribution curve is shown in Figure 2. The observed proportions
(sand, silt, clay) were 26.2%, 52.2%, 21.6% by weight.
Mechanical behaviour of earthen mortar was tested. Flexural tests were conducted, taking
into account the European standard [16]. Water content is a decisive factor for the strength of
earthen mortar [17]. In the tested cases, the water content was set to measure 15.0 cm by a
flow-table test. The dimensions of the prisms were 40×40×160 mm3. The prisms were cured
for 56 days. The volumetric shrinkage was 20.3%. Three-point bending tests were conducted.
The average flexural strength was 1.35 MPa. COV was 15.20%. The maximum flexural
strain was 1.22%. The flexural module at 1/3 of the peak strength was 0.18 GPa in average.
Immediately after the bending tests, uniaxial compression tests were carried out on the same
prisms. In total, 12 prisms were tested. The compressive strength was 3.82 MPa in average.
COV was 13.82%.
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Figure 2: Grain size distribution curve.

3.2 Mechanical characterisation tests of sal timber
Mechanical behaviour of sal timber was conducted, referring to the Japanese standard [18].
Two types of tests were conducted as follows: uniaxial compression tests parallel and
perpendicular to the grain and three-point bending tests. The uniaxial compression tests were
performed on prisms of 30×30×60 mm2. The three-point bending tests were carried out on
prisms of 30×30×420 mm3. The prisms were 836 kg/m3 in bulk density.
The average compressive strength of two types (fc,0, fc,90) were 55.1 MPa and 13.3 MPa.
COV was 8.23% and 5.86%. The maximum strain was (εc,0, εc,90) 2.16% and 9.29%. The
modulus of elasticity at 1/3 of the peak strength (Ec,0, Ec,90) were 58.9 MPa and 7.4 MPa. The
average flexural strength was 125.6 MPa. COV was 5.4%. The maximum strain was 51.5%
in average. The average flexural modulus at 1/3 of the peak strength was 11.6 GPa.
3.3 Direct shear tests
Direct shear tests were performed to examine frictional behaviour between sal timber and
masonry in earthen mortar. The tests were conducted taking into account the European
standard for direct shear tests of masonry [19]. The tests aimed to reproduce a possible
situation of connections between timber crossbeams and masonry walls of multi-tier pagodas.
Thus, it is considered possible that connections between cross beams and walls rely only on
friction between two structural elements as discussed in Section 2.2.
The triplet specimens were prepared. The used bricks and sal timber were those tested as
discussed in Section 3.1, 3.2. In the middle portion of the specimen, a timber block was
placed (Figure 3a). The dimensions of the timber blocks were the same as the bricks. The
dimensions of the bricks were 50×85×185 mm3. The thickness of the joint was 10 mm. Three
different conditions of pre-compressive stress were considered (0.2 MPa, 0.6 MPa, 1.0 MPa).
Three specimens were tested in each condition of the pre-compressive stress. The stress was
provided by the jig composed of two steel plates and four steel bolts (see, Figure 3a). One
plate was placed at the top of the specimen while the other at the bottom. The steel plates
were connected by the four bolts. The value of pre-compressive stress was confirmed by
measuring the torque of the nuts. It is noted that the dilatancy of the specimen was considered
negligible since the sliding of the timber block occurred at a very low value of the loading.
The average observed shear strength was 0.07, 0.2, 0.33 MPa respectively. All the tested
specimens showed shear failure in the mortar bond area on the timber face (Figure 3b).
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Figure 3: Initial shear strength test: (a) failure of a specimen and (b) normal and shear stress relation.

4 PUSHOVER ANALYSES
4.1 Material models
The considered material parameters for the present study are shown in Table 1. The
parameters of the timber were determined, considering the Nepalese building code (NBC)
[20] and characterisation tests discussed in Section 3.2. The parameters of the brick masonry
were chosen in accordance with the previously conducted masonry material characterisation
tests [21] and NBC [15]. Empirical equations were also taken into account [22,23]. To
determine the material parameters, sensitivity analyses were carefully performed. Two types
of masonry were considered, referring to the construction history and damage state discussed
in Section 2.2. They are named type L and R in the present paper. The type L represents
masonry of limited strength. The compressive strength is 1.6 MPa. The tensile strength is 5%
of fc. The modulus of elasticity is 150 times fc. The type R represents masonry of reasonable
strength. The compressive strength is 3.2 MPa. The tensile strength is 5% of fc. The modulus
of elasticity is 250 times fc. The masonry walls of the upper three tiers (second, third, fourth)
have the properties of type-L masonry. Those of the lower two tiers (ground, first) have the
properties of type-R masonry.
As for the failure criteria, the von Mises plasticity model was adopted to the timber in
compression and tension. The smeared crack model was adopted to the brick masonry.
Drucker-Prager criterion was considered in compression while Rankin criterion in tension. A
linear softening curve was considered in tension for uniaxial behaviour. The fracture energy
was set as 25 N/m for the masonry type L (50 N/m for type R) in tension.
Interface behaviour was considered between the timber cross beams and masonry walls.
The considered interface behaviour was determined in accordance with the tests discussed in
Section 3.2. The Mohr Coulomb friction model was adopted. For the normal linear stiffness,
100 N/mm3 was considered and 50 N/mm3 for the shear linear stiffness. The considered
friction angle was 18.9o (tanϕ=0.33). The value of the tensile strength of the masonry was
considered as the value of cohesion. Both geometrical and material nonlinearity were adopted.
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Table 1: Adopted material parameters

Modulus of elasticity (GPa)
Tensile strength (MPa)
Compressive strength (MPa)
Poisson ratio (-)
Unit weight (kg/m3)

brick masonry
(type A)
0.4
0.08
1.6
0.2
1,800

brick masonry
(type B)
0.8
0.16
3.2
0.2
1,800

timber
15
40
40
0.3
900

4.2 Description of the FE models
The FE model was created in the software of TNO DIANA [24]. The model is composed
of 29,563 nodes, 18,579 eight-node brick solid elements, 2,893 two-node beam elements, 253
four-node shell elements, 64 eight-node shell interface elements and 2,883 mass elements
(Figure 4a). The solid elements were used for the masonry walls. The beam elements were
for the timber columns and roof members. The shell elements are for timber cross beams. The
mass elements were positioned on the beam elements representing the roof rafters as the dead
weight of the ceramic tiles, mud and corrugated steel. The timber doors and window panels
were not discretised in the model. As for the roof, the timber rafters, joists and beams were
only discretised. Taking advantage of the symmetry of the structure, a half model is used. The
cross sections of the model were translationally constrained in the Y direction and
rotationally constrained around the X and Z direction. The model is fully constrained along
the bottom of the structure.
The analyses were adopted to two models of different conditions. One has rigid
connections between timber crossbeams and masonry walls of the ground- and first-tier. It is
named the rigid connection model (RiC model). The other has frictional interface connections
between timber crossbeams and masonry walls of the ground- and first-tier. It is named the
frictional interface model (FI model).

(a)

(b)

Figure 4: FE model of Kumbeshwar temple: (a) half model and (b) fundamental mode shape.

4.3 Application of invariant-force pushover analyses
Two types of IPA (m-IPA, Φ-IPA) were adopted to the half model of Kumbeshwar temple.
Figure 3b shows the shape of the fundamental mode considered for the lateral force
distribution patterns of Φ-IPA. As for m-IPA of RiC model, the maximum horizontal base
acceleration was equal to 0.227g. The corresponding displacement was 4.19 mm, 14.05 mm,
33.9 mm at the top of the ground-, first- and fourth tier, in turn (Figure 5a-c). Damage of the
ground tier indicated out-of-plane movement of the transversal walls and in-plane movement
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of the longitudinal walls over the entrance opening (Figure 6a). Damage patterns in the first
tier suggest out-of-plane movement of transversal walls. FI model showed lower values of
horizontal base acceleration and displacement than RiC model. The observed maximum
displacement values were 4.19 mm, 14.0 mm, 34.0 mm at the top of the ground-, first- and
fourth tier. The maximum horizontal base acceleration was 0.228g. Both RiC and FI model
showed similar damage patterns in the ground- and first-tier in spite of the difference of
damage intensity. However, only RiC model presented damage in the third tier (Figure 6b).
As for Φ-IPA of RiC model, the maximum horizontal base acceleration was 0.093g. The
observed maximum displacement values were 1.84 mm, 12.5 mm, 67.1 mm at the top of the
ground-, first- and fourth tier. Figure 6c shows damage patterns along the corner of ground
and first tier due to out-of-plane movement. In-plane damage was also seen in the second and
third tier. Regarding FI model, the maximum horizontal base acceleration was 0.088g. The
observed maximum displacement values were 1.57 mm, 11.3 mm, 45.6 mm at the top of the
ground-, first- and fourth tier. FI model showed damage patterns similar to RiC model
although FI model showed lower damage severity (Figure 6d).
Influences of interface behaviour are discussed by comparing the results between RiC and
FI model. RiC model presented higher horizontal base acceleration and displacement than FI
model by m-IPA and Φ-IPA. Nonetheless, RiC and FI model showed similar damage patterns
although RiC model presented much severe damage than FI model.
The observed damage patterns were slightly different between m-IPA and Φ-IPA. As for
FI model, Φ-IPA showed damage concentrated in the second tier in addition to the damage in
the corner of the ground- and first-tier. On the other hand, m-IPA showed damage only in the
corner of the ground- and first-tier. This damage contract would be derived from difference
of lateral load distribution patterns. The lateral load patterns of Φ-IPA had more
concentration in the upper portion of the structure than those of m-IPA. On the other hand,
the ground tier presented close initial stiffness between m-IPA and Φ-IPA. This comes from
that the lateral force distributions of m-IPA and Φ-IPA are similar in the ground tier.
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Figure 5: Seismic analyses of Kumbeshwar temple: displacement-horizontal base acceleration relations at the
top of the ground tier (a), of the first tier (b), of the fourth tier (c)

(b)

(a)
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(f)

Figure 6: Tensile strain distributions close to the ultimate state: m-IPA of RiC model (a), of FI model (b), of ΦIPA of RiC model (c), of FI model (d), APA of FI model (e) and NDA of FI model (f).
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4.4 Application of adaptive pushover analysis
APA was applied to FI model. The initial lateral load patterns (P0) were the shape of the
fundamental mode of the structure (Figure 4b). The maximum horizontal base acceleration
was 0.086g. The corresponding displacement values were 1.5 mm at the top of the ground tier,
13.5 mm at the top of the first tier and 66.5 mm at the top of the fourth tier (Figure 5a-c). The
model showed vertical damage in the corner of the ground- and first-tier (Figure 6e). In-plane
damage was also observed in the second tier.
APA presented horizontal base acceleration-displacement relations similar to Φ-IPA.
However, the observed damage patterns were noticeably different (see Figure 6d,e). APA
showed slightly lower initial stiffness than Φ-IPA from the beginning of the application of
the lateral forces. It is due to damage caused by dead load. Since the model had limited
strength as presented in Section3.1, certain damage already appeared during the application
of gravity to the model. It ended in a slight change of the initial stiffness between Φ-IPA and
APA.
NDA was adopted to FI model. NDA of Kumbeshwar temple was originally presented in a
previously published conference paper [10]. In the present study, NDA was performed on the
model presented in Section 4.1, 4.2. The maximum horizontal base acceleration was 0.120g.
The observed maximum displacement values were 4.7 mm, 18.5 mm, 69.0 mm. APA and
NDA showed vertical damage along the window opening in the first tier (see Figure 6e,f).
However, the vertical damage was much extensive in NDA than APA. NDA showed
horizontal damage around the base of the second tier. Instead, APA presented diagonal
damage in the second tier. The difference of the damage in the second tier would come from
loading directions. The loadings of APA were monotonic while those of NDA were dynamic.
5 CONCLUSIONS
Direct shear tests were conducted to examine friction angle and cohesion of interface
between timber and masonry in earthen mortar. The tests presented reasonable friction angle
for such interface and nearly zero cohesion as expected. The tests were performed, taking into
account triplet test procedures for masonry materials. The specimens were composed of two
bricks and a timber block in the middle. As further experimental activities, larger-scale
specimens will be tested to examine interface behaviour more closely.
In the present study, pushover analyses were carried out on the models with and without
frictional behaviour between timber cross beams and masonry walls. Adoption of fictional
behaviour avoided overestimation of the capacity of the studied pagoda. However, the
conducted pushover analyses implied interface behaviour had to be carefully included in
models since the results were unignorably influenced by interface behaviour.
The studied pagoda showed damage due to in-plane and out-of-plane movement.
Vulnerabilities to in-plane movement were derived from large openings while vulnerabilities
to out-of-plane movement due to limited tensile strength. In the study, the load patterns of
APA were the shape of the fundamental mode. APA provided results closer to NDA than IPA
in terms of damage distribution patterns. However, it was found that the application of APA
was a time-consuming process. Eigenvalue analysis had to be run and load distribution
patterns were updated manually at each step accordingly. The initial lateral load patterns were
found to be a predominant factor to the analysis results. For the further research of APA,
different initial load patterns and updating methods will be studied. In addition for close
observations of results between pushover analyses and NDA, the application of N2 method
will be considered.
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Abstract. Among all the approaches commonly used to study masonry structures, micromodelling is the most accurate. Masonry can be seen as a composite material made of bricks
and mortar joints. Their different mechanical properties, their geometry and their arrangement
inside the micro-structure, lead to very complex behaviours that are often difficult to represent
using equivalent homogenous constitutive models commonly available in commercial and
research FEM solvers. Micro-modelling can capture the complex non-linear behaviours of
masonry by explicitly modelling the micro-structure inside the computational model. Micromodelling leads to models with a large number of finite elements, thus increasing prohibitively
the computational time. This is also due to the problem of solving complex nonlinear solutions
involving damage and strain localization, leading to very small time-steps required to achieve
convergence. Another issue with micro-modelling is the increased complexity in generating
the finite element mesh with all the details of the micro-structure. This work presents
some advanced tools that can decrease the high computational time required by micromodelling. A 2-parameter tension-compression plastic-damage constitutive model is
presented as an extension of an existing model previously formulated by some of the authors
[1,2,3]. The model is implemented in the open-source FEM code OpenSEES [12] with the
IMPL-EX method [5], a mixed implicit-explicit integration method that renders the response
of this constitutive model step-wise linear, thus removing the convergence issues typically
encountered when dealing with softening responses. This research also presents a tool
implemented in the STKO (Scientific ToolKit for OpenSees) pre- and post-processor [4]
able to automatically convert a homogeneous CAD geometry of a building into a micro-model.
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1

INTRODUCTION

From a structural point of view masonry can be regarded as a composite material made of
bricks and mortar joints. Their constitutive response and their spatial arrangement inside the
micro-structure, lead to very complex nonlinear behaviours characterized by different failure
mechanisms. Many numerical approaches were proposed in the literature to simulate the
structural response of complex masonry buildings, including homogenous continuum models
[6], detailed micro-models [1,7], and computational homogenization multi-scale models
[2,3,8]. Among all those approaches, micro-modelling is the one that delivers best accuracy.
The main advantage of micro-modelling is its good capability of capturing all the complex
failure mechanisms that can arise at the micro-structural scale, such as the damage-induced
anisotropy, even when simple isotropic constitutive models are used to model the constitutive
behaviour of the microscopic components. On the other side, however, micro-modelling has
also some drawbacks that often limit its applicability to the simulation of real-life large-scale
structure. When used to model large-scale structures, micro-modelling clearly leads to a very
large number of finite elements, and consequently to very expensive analyses, both in terms of
time and computational power. Furthermore, the presence of constitutive models exhibiting
damage growth and strain localization poses the extra issue of poor convergence even when
small time steps are used. Last but not least, there is the problem of preparing the geometric
model of an entire structure with all the details of the micro-scale. All the aforementioned
drawbacks can be however mitigated to a good extent using the right tools, such as parallel
computing, special integration algorithms and advanced pre-processing and modelling tools.
Section 2 describes briefly the proposed plastic-damage model as an extension to a continuum
damage model previously proposed by the authors. Section 3 explains the main concepts and
the implementation of the IMPL-EX integration algorithm in the original constitutive model.
Section 4 briefly presents an extension tool implemented in the STKO pre- post-processor for
OpenSEES that allows the end-user to automatically generate a detailed micro-model starting
from a homogeneous surface model of the structure. Finally, Section 5 shows a numerical
application to assess the effectiveness of the proposed tools.
2 TENSION-COMPRESSION PLASTIC-DAMAGE MODEL
This section briefly explains the formulation of the proposed tension-compression plasticdamage model, which is an extension to a tension-compression damage model previously
formulated by the authors. For more details about the original damage model the user can refer
to [1]. In the following, all variables without subscript refer to the current time-step, while those
with the 𝑛𝑛 and 𝑛𝑛 − 1 subscripts refer to the same variables at the two previous (known) time
steps.
The 𝑑𝑑+ ⁄𝑑𝑑− plastic-damage model, is based on the 𝑑𝑑+ ⁄𝑑𝑑− pure damage model described in [1],
with the addition of plasticity. Note however that the main aim of this work is to have a simple
and robust constitutive model that accounts for plasticity just as an overall process involving
irreversible deformations for a better description of the cyclic behaviour of masonry. For this
reason, the typical ingredients of the classical theory of plasticity are not included in the present
formulation. Instead, this model recasts the computation of plastic deformations in the same
framework of classical continuum damage models.
The nominal stress tensor 𝝈𝝈 is defined as
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𝝈𝝈 = (1 − 𝑑𝑑 + )𝝈𝝈
̅+ + (1 − 𝑑𝑑 − )𝝈𝝈
̅−

(1)

𝝈𝝈
̅ = 𝝈𝝈
̅ + + 𝝈𝝈
̅−

(2)

where 𝝈𝝈̅+ and 𝝈𝝈̅− are the positive and negative parts of the effective stress tensor, while 𝑑𝑑 + and
𝑑𝑑 − are the positive and negative cracking damage variables, that account for stress reduction
and stiffness degradation from the effective stress space, due to opening of cracks. The effective
stress tensor 𝝈𝝈̅ is defined as
𝝈𝝈
̅ + = (1 − 𝑑𝑑𝑝𝑝𝑝𝑝 + )𝝈𝝈
̃ + ; 𝝈𝝈
̅ − = (1 − 𝑑𝑑𝑝𝑝𝑝𝑝 − )𝝈𝝈
̃−

(3)

𝝈𝝈
̃ = 𝝈𝝈
̅ 𝒏𝒏 + 𝑪𝑪: (𝜺𝜺 − 𝜺𝜺𝒏𝒏 )

(4)

where 𝝈𝝈̃+ and 𝝈𝝈̃− are the positive and negative parts of the trial effective stress tensor 𝝈𝝈̃, while
𝑑𝑑𝑝𝑝𝑝𝑝 + and 𝑑𝑑𝑝𝑝𝑝𝑝 − are the positive and negative plastic damage variables, that account for stress
reduction of the trial effective stress due to plastic flow. The trial effective stress tensor 𝝈𝝈̃ is
defined as

+

3

𝝈𝝈
̃ = ∑〈𝜎𝜎̃𝑖𝑖 〉𝒑𝒑𝑖𝑖 ⊗ 𝒑𝒑𝑖𝑖
𝑖𝑖=1

𝝈𝝈
̃ − = 𝝈𝝈
̃ − 𝝈𝝈
̃+

(5)
(6)

where 𝝈𝝈̅𝒏𝒏 is the effective stress (i.e. only including plasticity) at the previous time step, 𝑪𝑪: (𝜺𝜺 − 𝜺𝜺𝒏𝒏 )
is the elastic (trial) stress increment, 𝜎𝜎̃𝑖𝑖 is the ith eigenvalue of 𝝈𝝈̃, and 𝒑𝒑𝑖𝑖 is its associated
eigenvector.
The evolutions of plastic and cracking damage variables are linked together, that is if there is
an evolution of the plastic damage, the cracking damage evolves accordingly. The positive and
negative failure criteria, or damage surfaces, are similar to each other and are defined as
1
𝜆𝜆𝑛𝑛 −
𝜏𝜏 − = 𝐻𝐻(−𝜎𝜎̃𝑚𝑚𝑚𝑚𝑚𝑚 ) [
(𝛼𝛼𝐼𝐼̃1 + √3𝑗𝑗̃2 + 𝑘𝑘1 𝛽𝛽〈𝜎𝜎̃𝑚𝑚𝑚𝑚𝑚𝑚 〉)] +
1 − 𝛼𝛼
𝐸𝐸
𝜏𝜏 + = 𝐻𝐻(𝜎𝜎̃𝑚𝑚𝑚𝑚𝑚𝑚 ) [

1
𝑓𝑓𝑡𝑡
𝜆𝜆𝑛𝑛 +
(𝛼𝛼𝐼𝐼̃1 + √3𝑗𝑗̃2 + 𝛽𝛽〈𝜎𝜎̃𝑚𝑚𝑚𝑚𝑚𝑚 〉) ] +
1 − 𝛼𝛼
𝑓𝑓𝑐𝑐𝑐𝑐
𝐸𝐸

(7)
(8)

and 𝜏𝜏 − are the so-called equivalent (scalar) positive and negative stresses. The reader can
refer to [1] for a more detailed description of each variable that appear the two failure criteria.
The Heaviside functions of the minimum and maximum eigenvalues is needed to activate the
compressive surface only if at least one eigenvalue is negative, and, accordingly, the tensile
surface only if at least one eigenvalue is positive. This is required to avoid tensile damage
growth under purely compressive stress states and to avoid compressive damage growth under
purely tensile stress states. In fact, even if the positive and negative damage variables affect
only the associated positive and negative parts of the stress, their failure surfaces are function
of the whole stress tensor.
The last terms in Equations 7 and 8 are functions of the Young’s modulus 𝐸𝐸 and the positive
and negative equivalent plastic strains 𝜆𝜆𝑛𝑛 + and 𝜆𝜆𝑛𝑛 − known from the previous time step. These
two last terms where not present in the original pure damage model in [1]. In fact, here, due to
plasticity, 𝜏𝜏 + and 𝜏𝜏 − are function of 𝝈𝝈̃, which is not the total stress computed from the total

𝜏𝜏 +
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strain. The last two terms in Equations 7 and 8 are included to compute 𝜏𝜏 + and 𝜏𝜏 − as if they
were computed from the total strain. In this way it can be assured that, in loading conditions,
𝜏𝜏 + and 𝜏𝜏 − are always larger than their values at the previous time step.
Figure 1 shows the shape of the two damage surfaces in the principal stress space. The
compressive surface is represented for different values of the 𝑘𝑘1 parameter.

Figure 1: Damage surfaces in the principal stress space (2D plane stress case)

Being the damage and irreversible process, the model introduces the so-called damage
thresholds 𝑟𝑟 + and 𝑟𝑟 − , two scalar variables that denote the largest values ever reached by the
equivalent stresses 𝜏𝜏 + and 𝜏𝜏 − during the entire loading history for each time step 𝑡𝑡.
𝑟𝑟 + (𝑡𝑡) = max ( 𝑚𝑚𝑚𝑚𝑚𝑚 𝜏𝜏 + (𝑠𝑠) ; 𝑓𝑓𝑡𝑡 )
𝑠𝑠 ∈ [0,𝑡𝑡]

𝑟𝑟 − (𝑡𝑡) = max ( 𝑚𝑚𝑚𝑚𝑚𝑚 𝜏𝜏 − (𝑠𝑠) ; 𝑓𝑓𝑐𝑐0 )
𝑠𝑠 ∈ [0,𝑡𝑡]

(9)

(10)

At this point, in view of the last two terms added in Equations 7 and 8, 𝑟𝑟 + and 𝑟𝑟 − are two scalar
measures of the stress tensor as if they were computed from the total strain. In fact, we can
compute their total-strain counterparts, and the associated nominal (including the effect of both
plasticity and damage) hardening variables, as
𝜀𝜀𝑡𝑡𝑡𝑡𝑡𝑡 ∓ =

𝑟𝑟 ∓
𝐸𝐸

𝑞𝑞 ∓ = 𝐻𝐻 ∓ (𝜀𝜀𝑡𝑡𝑡𝑡𝑡𝑡 ∓ )

(11)
(12)

The hardening curves function of 𝜀𝜀𝑡𝑡𝑡𝑡𝑡𝑡 ∓ are reported in Figure 2. For a detailed description the
reader can refer to [1].
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(a)

(b)

Figure 2: Tensile (a) and compressive (b) hardening functions

The positive and negative plastic damage variables can be computed as
𝑑𝑑𝑝𝑝𝑝𝑝 ∓ = 1 −

𝑞𝑞𝑝𝑝𝑝𝑝 ∓
𝑟𝑟̃ ∓

𝑟𝑟̃ ∓ = 𝐸𝐸(𝜀𝜀𝑡𝑡𝑡𝑡𝑡𝑡 ∓ − 𝜆𝜆𝑛𝑛 ∓ )

𝑞𝑞𝑝𝑝𝑝𝑝 ∓ = 𝑞𝑞 ∓ + (1 − 𝜔𝜔∓ )(𝑟𝑟 ∓ − 𝑞𝑞 ∓ )

(13)
(14)
(15)

where 𝑟𝑟̃ ∓ are the positive and negative damage thresholds associated to the trial effective stress
tensor 𝝈𝝈̃, 𝑞𝑞𝑝𝑝𝑝𝑝 ∓ are the effective (plastic part only) hardening variables, and 𝜔𝜔 is a plastic-damage
factor that can be used to modulate the amount of plasticity to be considered, and it ranges from
0 (pure damage) to 1 (pure plasticity). Once the plastic hardening variables are computed, the
cracking damage can be evaluated as
𝑑𝑑 ∓ = 1 −

𝑞𝑞 ∓
𝑞𝑞𝑝𝑝𝑝𝑝 ∓

(16)

When both plastic and cracking damage variables are computed, the plastic effective stress
tensor and the nominal (damaged) stress tensor can be calculated as per Equations (3) and (1)
respectively, and the equivalent plastic strains can be updated as
𝜆𝜆∓ = 𝜀𝜀𝑡𝑡𝑡𝑡𝑡𝑡 ∓ −

𝑞𝑞𝑝𝑝𝑝𝑝 ∓
𝐸𝐸

(17)

3 IMPL-EX ALGORITHM
It is well known that nonlinear constitutive models exhibiting strain softening response lead
to instabilities and the convergence of the iterative procedure may not be achieved at all. To
improve the stability of this kind of analyses, the so called IMPL-EX algorithm originally
formulated in [5] was implemented in the proposed tension-compression plastic-damage model.
The IMPL-EX algorithm is a mixed implicit/explicit procedure to integrate the constitutive

1793

First A. Author, Second B. Author and Third C. Author

response. The main idea is that the computation of the constitutive model is divided in two main
stages:
Explicit integration. During the iterative procedure the damage thresholds 𝑟𝑟 + and 𝑟𝑟 −
at time step 𝑡𝑡𝑛𝑛+1 are extrapolated from the previous values at 𝑡𝑡𝑛𝑛−1 and 𝑡𝑡𝑛𝑛 which are
known from previous time steps as
∓
𝑟𝑟𝑛𝑛+1
= 𝑟𝑟𝑛𝑛∓ +

-

4

Δ𝑡𝑡𝑛𝑛+1 ∓
∓
(𝑟𝑟 − 𝑟𝑟𝑛𝑛−1
)
Δ𝑡𝑡𝑛𝑛 𝑛𝑛

(18)

In this way the solution depends only linearly on the current strain. However, there is
another source of nonlinearity, that is the spectral decomposition used to compute the
positive and negative parts of the trial effective stress tensor. To avoid this source of
nonlinearity, the projection tensors 𝑷𝑷+ and 𝑷𝑷− (as defined in [10]) used to compute the
positive and negative parts of the trial stress tensor are those of the previous time step.
Implicit correction. After the equilibrium is achieved the standard implicit evaluation
of the internal variables is carried out. In this way this second step can be seen as an
implicit correction to the previously described explicit extrapolation.

STKO USER INTERFACE AND AUTOMATIC MICRO-MODEL GENERATION

It is well known that one of the limitations of micro-modelling is the excessively high
computational time, due to the large number of finite elements required to represent the microstructure all over the structural model. However, the computational time required by the finite
element solver is not the only issue. Preparing a CAD model and a FEM mesh for an entire
real-life structure can be challenging. In fact, most of the examples in literature about micromodelling of masonry, focus on simple shear-walls. This challenge can be overcome if a proper
pre-processor is used. This section briefly describes a tool implemented in the STKO pre- postprocessor for OpenSEES [4], that allows the analyst to convert a simple 2D or 3D model made
of homogeneous surfaces of the walls, into a detailed micro-model.
The procedure, represented in Figure 3, can be summarized in the following steps:
User input. The analyst draws all the surfaces, planar or curves, of the walls of the
entire structure, taking care of including holes for the openings. Further, the analyst
draws a sample (a repeating unit) of the micro-structure, already equipped with the
constitutive models for all micro-structural components (bricks and mortar joints).
Reparameterization. Each generic 3D surface of the structure can be arbitrarily
oriented in the space, and does not need to be necessarily planar. Therefore, each
surface will be automatically remapped to a 2D parametric space.
Fill. Each surface in the 2D parametric space is filled with the repeating unit of the
micro-structure.
Cut. All the pieces of the micro-structure falling into the openings are cut and removed
by means of Boolean operation
Details. If necessary, extra details such as arches or lintels on top of the openings are
added based on simple user-defined parameters.
Remapping. Finally, each surface filled with the micro-structure is remapped to the
3D space and assembled with the other surfaces of the model.
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(a)

(b)

(c)

(d)

Figure 3: (a) User input as a homogeneous surface; (b) Reparameterization and micro-sample; (c) Fill, Cut and
Details; (d) Remapping to the 3D domain

5

NUMERICAL APPLICATION

In this section a numerical application of the proposed plastic-damage model is presented.
A two-story masonry building tested at the university of Pavia, and described in detail in [11],
is used and simulated numerically to assess the effectiveness of the proposed plastic-damage
model. The numerical model was created in STKO pre- post-processor [4], which automatically
produced the TCL input files for the OpenSEES MP parallel solver. The results were obtained
from the MPCO Recorder implemented by some of the authors in OpenSEES [12], and
visualized in the STKO post-processor. Figure 4 shows a scheme of the tested prototype. Equal
loads are applied at the floor levels along the two lateral walls (Door Wall and Window Wall).
Since the Door Wall is not connected to the rest of the structure, it was analyzed separately in
a 2D model.

(a)

(b)

Figure 4: (a) Scheme of the tested building, taken from [11], and (b) numerical micro-model of the Door Wall
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Table 1 shows the plastic-damage material parameters used for bricks and mortar joints. Figure
5 shows the obtained load displacement-curve and Figure 6 shows the final crack pattern
compared with the one obtained from the experimental test. The results are quite good in terms
of maximum strength, crack pattern and cyclic hysteresis loop.
Table 1: Constitutive model parameters for bricks and mortar joints

PARAMETER
E
ν
ft
Gt
fcp
εcp
Gc

DESCRIPTION
Young’s modulus
Poisson’s ratio
Tensile strength
Tensile fracture energy
Compressive strength at
peak
Compressive
deformation at peak
Compressive fracture
energy

UNIT
𝑁𝑁⁄𝑚𝑚𝑚𝑚2
𝑁𝑁⁄𝑚𝑚𝑚𝑚2
𝑁𝑁⁄𝑚𝑚𝑚𝑚

MORTAR
400.0
0.18
0.15
0.04

BRICK
2500.0
0.18
1.6
0.03

5.0

26.0

-

0.03

0.02

𝑁𝑁⁄𝑚𝑚𝑚𝑚

80.0

20.0

𝑁𝑁⁄𝑚𝑚𝑚𝑚2

Figure 5: Load-displacement curve for the Door Wall
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Figure 6: Comparison of the crack pattern at the end of the analysis

6

COMPUTATIONAL COSTS

The entire mesh consists of 16417 nodes (2 DOFs for each node) and 49087 quadrilateral
fully-integrated plane-stress elements (4 gauss points for each element). The mesh was
partitioned in 6 sub-domains and analyzed with OpenSEES MP. The model ran on an 8-cores
Intel Core i7-7700K 4.20 GHz CPU. The analysis was subdivided in 4000 time-steps and ran
in less than 25 minutes, thanks to the fact that the IMPL-EX algorithm produces a solution
which is step-wise linear, that is, within each time step, the stress response does not depend on
the trial strain.
7

CONCLUSIONS
-

-

Micro-modelling is indeed an accurate approach for evaluating the complex nonlinear
response of materials such as masonry with a very heterogenous micro-structure where
each constituent exhibit highly nonlinear responses. The explicit modelling of the
micro-structure captures very well the complex geometric interactions and failure
mechanisms that arise at the micro-scale level.
Unfortunately, the computational cost becomes excessively high, and can drastically
increase when standard implicit algorithms are used to solve equilibrium due to the
brittle nature of the masonry constituents.
However, if the right tools are used, the aforementioned drawbacks can be
satisfactorily mitigated. Parallel computing offers the first speed up, partitioning the
entire domain in many smaller sub-domains that can be analyzed in parallel. The
IMPL-EX algorithm removes the strong nonlinearity given by the plastic-damage
model, thus improving the convergence, and consequently reducing the computation
time. Finally, the burden of creating a complex CAD model such as the micro-model
shown in this work, can be overcome using dedicated user interfaces such as STKO.
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Abstract. Practising structural engineers working with historic masonry structures
need access to further developed methods to analyse and assess the structural behaviour of
masonry vaults. The aim of this study is to evaluate methods to analyse vaulted masonry
structures and to develop a methodology for the application of suitable methods to the
work of practising structural engineers. A secondary aim is to use the methods studied to
analyse and assess the structural behaviour of three Swedish church buildings of different
types and with vaulted structures. The churches are Gökhem church, a small parish church
built in the 12th century, and the Lund cathedral, also built in the 12th century; both
originally in the Romanesque style but with later alterations. The third church is St
Johannes church in Stockholm, built in the neogothic style in the late 19th century. The
methods used are parametric graphic statics of thrust line analysis and Thrust Network
Analysis (TNA), both based on funicular analysis. The results show the strength of using such
methods to assess and evaluate the structural behaviour of historic vaulted masonry
structures. They provide a pedagogical description of the structural behaviour of masonry
vaults and the conditions that affect their load-carrying capacity. Another result is the
implementation of a method to perform the analysis in a feasible and effective way. For the
analysed church buildings, the results provide an understanding of their structural
behaviour and clearly show how different variables affect the magnitude and impact of
the thrusting force. Thrust Network Analysis has great potential to become a very effective
method to perform advanced 3d analyses of masonry vaults but needs to be developed in order
to enable “best fit solutions” to map the thrust network to the shape of the existing vaults.
Such methods are under development.
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1

INTRODUCTION

In the work of practising structural engineers, with a focus on historic masonry buildings,
the commissions often relate to structural problems, such as cracking, movement and
weathering of materials, or to restoration and reconstruction. Frequently, there are arches and
vaults in the buildings and questions concerning their structural behaviour and their impact on
the surrounding structures are common. Structural engineers working with historic masonry
structures need to have access to further developed methods to analyse and assess the structural
behaviour of masonry vaults.
The work initiated by Heyman [1], to apply limit analysis to masonry load-bearing
structures, in combination with the rapid development in recent decades of computer-based
methods to analyse vaulted masonry structures, has provided a frame-work that entails new
possibilities for engineers to assess such buildings.
The main aim of this study is to evaluate methods to analyse vaulted masonry structures.
During the work it became evident that there was a need to develop a methodology for the
application of suitable methods to the work of practising structural engineers. This became a
supplementary aim. With further developed methods it is possible to make more efficient and
safer assessments of historic masonry structures. The methods studied are based on funicular
analyses, since they are considered suitable [1,2,3] for this field of work. The methods used are
Thrust Network Analysis [3] and thrust line analysis using parametric graphic statics [4,5]. The
methods are examined by using three Swedish church buildings with vaulted structures as case
studies. A secondary aim is thus to use the studied methods to analyse and assess the structural
behaviour of the objects in the case studies. Two types of research questions have driven the
work; general research questions concerning the applicability of analysis methods and specific
questions concerning the structural behaviour of the historic vaulted masonry structures in the
case studies.
2 METHOD
Since the aim of the study is to investigate methods to analyse historic vaulted masonry
structures in engineering practice, three masonry buildings have been used as cases to test and
develop methods and ways of working. By using real structures with relevant structural
problems that consultant engineers have encountered, it is possible to determine how applicable
and adaptable the methods are, and their potential and the need to develop them further. In
addition, the case studies provide knowledge of how historic masonry structures carry loads as
well as other aspects of decisive importance for their structural behaviour. The objects chosen
for the case studies represent three different types of historic masonry structures with vaults.
2.1 Capture geometry
In order to analyse the structural behaviour of vaulted masonry structures, a precise
description of their geometry is crucial, regardless of the methods used to analyse them. To
achieve accurate measures of the vaulted shapes, laser scanning and photo scanning were used
[6,7], see Figure 1. The scans need to be carried out on both the intradoses and extradoses of
the vaults, and it is also necessary to capture the dimensions of walls, pillars and other relevant
geometric information. In many cases, insulation or other obstructing objects on the extradoses
of the vaulted structures need to be removed or taken into account in some other way.
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Figure 1: Left: laser-scanned point cloud of the Gökhem church; middle: meshed model of vaults and walls,
and right: a section rendered by using the point cloud.

2.2 Thrust Network Analysis
Funicular force networks have been introduced [8] as an extension of the thrust line analysis
to also include three-dimensional structures, and has been further developed into Thrust
Network Analysis, TNA [3,9]. The Block Research Group at ETH Zürich has developed the
RhinoVAULT software to carry out Thrust Network Analyses [10,11]. With RhinoVAULT,
Thrust Network Analysis can be carried out within the graphic interface of Rhinoceros [12].
This is an advantage, as the 3d models of vaulted structures produced from the laser scans can
be managed easily and effectively in Rhinoceros.
The approach developed for the Thrust Network Analysis in this study consists of nine steps:
1. Capture the geometry
The geometry of the vaults is described by a point cloud generated by laser scanning.
The point cloud is used both to create a meshed 3d model to compare with the shape of
the thrust network, but also to calculate the loads and their distribution across the
vaulted shape.
2. Creating a meshed 3d model and exporting it to Rhinoceros
The point cloud is imported into the 3DReshaper [13] software, where it is processed
and divided into different parts in different layers to facilitate the analysis; for example,
walls, extradoses of vaults and intradoses of vaults. A meshed 3d model is created in
3DReshaper, exported and then imported into Rhinoceros.
3. Calculation of loads
The main load usually consists of the weight of the vault, determined by its volume and
density. In some cases, heavy filling at the haunches of the vaults can provide a
considerable load. In cases where the extradoses of the vaults are more or less covered
by insulation or some other material, the volume of the vaults has been calculated on
the basis of the area of the intradoses and the thickness of the vaults. The thickness can
usually be determined by using the point cloud in combinations with an investigation in
situ.
4. Choice of form diagrams for Thrust Network Analysis
The Thrust Network Analysis requires the creation of a form diagram. In this project,
four different diagrams with different densities have been used. The shape of the vault
should guide the choice of the form diagram and it is an advantage if the analyst has an
understanding of how the load is carried by the vault.
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5. Determination of points for support
Before the height of the thrust network can be calculated, the placing of the support of
the thrust network needs to be defined. These points represent locations where the vault
is supported by walls or columns. In many cases, there are massive masonry walls and
it is not at all obvious at what level and how far within the wall the vault is actually
supported. Since the structure is statically indeterminate, it is not possible to know the
exact location of the support and extreme possibilities therefore have to be studied to
find possible solutions. In this study, a framework with five to seven possible vertical
positions in combination with three horizontal positions in a defined grid has been
used, see example in Figure 2.
6. Creation of force and thrust networks in RhinoVAULT
The force and thrust networks are created by RhinoVAULT when the supports and
form diagrams are given.
7. Distribution of loads across the geometry of the vault
In the Thrust Network Analysis, the total load of the vault and other loads are first
given. The load is evenly distributed over the discreet nodes of the thrust network by
tributary areas [14] as default. If loads should be positioned in another way, which may
be the case with vaults of varying thickness or filling at the haunches, the load must be
manually moved to and from the nodes that should carry more or less load.
8. Fitting of thrust networks relative to vault geometry
The lack of an automated “best fit” solution to map possible thrust networks on an
existing geometry means that the shape of the network and its fitting to the shape of the
vaults need to be carried out by manipulating the force diagram and by using a scale
factor for the height of the thrust network. For the fitting of the network, a “target
surface” could be used [15]. Such a target surface must also be created in order to
achieve best fit solutions. In this study the networks have been fitted in relation to the
complete geometry of the vaults and according to the support positions described
above.
9. Results of the Thrust Network Analysis
If it is possible to find a solution to the thrust network within the geometry of the vault,
the conditions of Heyman [1] are fulfilled and the network presents one possible
solution for the structural behaviour of the vault, see example in Figure 2.
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Figure 2: Left: grid for different support positions in the vertical and horizontal direction; right: Possible
shapes and positions of thrust networks in a Thrust Network Analysis.

In the available version of RhinoVAULT it is not possible to use “best fit” or “closest fit”
solutions for thrust networks on predefined geometries. There are several studies that describe
strategies and algorithm to carry out such analyses [15,16,17,18]. Without solutions for best
fit analyses the possibilities to fit the thrust networks to thin complex vault geometries are
limited, and it is also more difficult to generate the most extreme shapes in the networks that
yield minimum and maximum horizontal thrust, respectively. On the other hand, the need to
fit the shape of the thrust networks manually by manipulating the force networks leads to an
improved understanding of how the structural pattern of forces is controlled within a vaulted
structure. In some cases, there have been difficulties in finding the shapes of the networks that
converge into a solution that fits the structural shapes. The reason for this is unknown, except
in cases where it is simply not possible to fit a thrust network within the geometry of the
structure.
2.3 Thrust line analysis using parametric graphic statics
Thrust line analysis using parametric graphic statics has been used and developed previously
by the authors [5,7], and has been further developed within this research project. The Geogebra
[19] software was used to build the models, see example in Figure 3. The models were used to
examine how the thrusting force from the vaults is carried by the building’s walls and columns
to the foundations by studying appropriate sections where the load from the vaults meets the
surrounding structures. Parametric analysis of the vaults using the slicing technique [5] was
also carried out in order to compare with the results from the Thrust Network Analysis.
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Figure 3: Examples of thrust line analysis using parametric graphic statics.

The approach developed for the parametric thrust line analysis in this study consists of five
steps:
1. Preparation of a section of the building for analysis
The section for study is produced from the laser-scanned point cloud using Revit [20]
or corresponding software. The sections are dimensioned at strategic places for scaling
in Geogebra. The sections can be produced from a drawing based on the point cloud or
directly from the point cloud, see example in Figure 1.
2. Definition of the load-carrying structures of the building
In the Geogebra models, the geometry of the different parts of the structure needs to be
defined. The depth of the structure; for example, the dimensions of a pillar or the width
of the part of a wall that contributes to the load-carrying structure, must be defined.
Adjustments to represent different loads from walls with varying thickness or other
loads, such as loads from a roof structure, may also be required.
3. Determination of loads
In the model, loads are generated from the geometry by defining the density of the
material. Loads from vaults are provided by their magnitude, direction and point of
application. Loads from vaults are given by the Thrust Network Analysis or an analysis
using the slicing method.
4. Fitting of thrust line relative to the vault geometry
The location of the thrust line within the geometry is manipulated according to the
objective of the analysis. Many times, it is desirable to try to fit the thrust line within
the middle third of the structure to ensure its safety and minimise the risk of cracking.
5. Comparisons between different load cases
The parametric thrust line analysis enables fast comparisons between different load
cases and their impact on the structural behaviour of the building.
The combination of the results from the Thrust Network Analysis of the vaults (or pseudo3d analysis using the slicing method) and the models for parametric thrust line analysis by
appropriate sections gives a description of the complete flow of forces in the analysed
buildings. The models provide an understanding of the structural behaviour, an assessment of
the safety margins of the load-carrying structure and an understanding of how changes in the
load or in the structure affect the structural behaviour.
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3 CASE STUDIES
The case studies involved three objects: Gökhem church, Lund cathedral and St Johannes
church in Stockholm, see Figure 4. The churches represent three different types of structures
with masonry vaults and pose different questions concerning their structural behaviour.
Many questions regarding the structural behaviour of the case study objects was analysed in
the study. Here, only a few examples of results are presented.

Figure 4: The case study objects: left: Gökhem church; middle: Lund cathedral, and right: St Johannes
church.

3.1 Gökhem church
Gökhem is a small parish church built in the 12th century. The building consists of a nave,
which was extended to the west already during medieval times, and a lower and narrower choir
with an apse to the east. There is a sacristy and a porch at the north of the building. Originally,
the building did not have vaults but an open roof structure. The vaults are of limestone and were
built in the 15th century.
The building has been the main object for testing of the different methods and comparison
of the results. One specific question was how different factors concerning the shape of the vault
and its meeting with the supporting wall affect the structural behaviour, and another how
different loading situations from the roof structure affect the structural behaviour.
2.3 Lund cathedral
Lund cathedral was first built in the 12th century. The church has three naves, with a transept,
a choir and an apse in the Romanesque style. It has been rebuilt and restored several times. The
main nave has a total of six rib vaults that were constructed after a fire in 1234. The side aisles
have eight vaults each. Buttresses were added during the 16th century. They were later removed
during the 19th century and tie rods were installed in the main nave. In the 19th century
restoration, the vaults of the main nave were probably partially rebuilt and changed.
Two questions of interest concerning the Lund cathedral is whether the former buttresses
with flying buttresses were necessary to support the thrusting forces of the vaults and,
consequently, if the current tie rods are equally necessary.
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2.4 St Johannes church
St Johannes church in Stockholm was built between 1884 and1890 in the neo-gothic style.
It has three naves and a transept. The choir is located to the north and the tower and main
entrance to the south. The church is constructed of brick masonry, with details such as tracery,
mouldings and sculptures made of concrete. The church has been restored several times. In the
restoration carried out in 1970-1974, the vaults were found to have severe cracks and extensive
reinforcement of them was required. Measurements were made of the vault geometry and the
cracks and a thrust line analysis was carried out. The results showed two types of damages to
the vaults. Firstly, they lack the capacity to carry loads to the supports by the diagonal ribs;
instead, the load is directly transferred to the adjacent arches. This has led to cracking along the
bricks in the upper part of the vaults. This damage was not considered dangerous and was only
repaired and not reinforced. Secondly, there was an imbalance between the lower parts of the
vaults since the part of the vault adjacent to the walls was much steeper than the ones next to
the crossing arches. This had led to severe cracking of the diagonal ribs and a risk of collapse.
Reinforcements were introduced to counteract the imbalance of the structure.
One question of interest for St Johannes church is whether it is possible to validate the
structural analysis and the described structural behaviour that were presented during the
restoration in the early 1970s. Furthermore, questions concerning the importance of the flying
buttresses were studied as well as the way in which the load is carried through the structure
from the vaults by way of columns, walls and buttresses.
4 RESULTS
4.1 General results
A result of this study is the implementation of a method to carry out analyses of historic
masonry vaults based on the funicular methods, Thrust Network Analysis and thrust line
analysis using parametric graphic statics in a feasible and effective way for practising structural
engineers.
For this study the Thrust Network Analysis has been carried out using the RhinoVAULT
software. The main purpose of RhinoVAULT today is to perform form-finding for intuitive
creation and exploration of compression-only structures. The program is not adapted to analyse
existing structures such as historic masonry vaults. Still, it is possible to carry out analyses of
many vaulted structures in the current configuration of the program and many vaults have a
shape that make it possible to find several valid solutions within their geometry. The results can
also provide information on the structural behaviour, even though it has not been possible to fit
thrust networks completely within their geometry. For cases where thrust networks are
successfully found within the geometry, it is known from Heyman [1] that the shape of the
network represents one possible load path, and this indicate that the vault has a shape that can
carry its load by compression only. The results of the Thrust Network Analysis made within
this project have thus been the same or more conservative than those obtained by parametric
thrust line analysis by means of the slicing method, which was unexpected.
In order to obtain results that are more precise, TNA solutions based on best fit algorithms
need to be applied to get a better fit of the thrust networks to predefined geometries. These
solutions are not implemented in RhinoVAULT today.
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Still, TNA solutions by means of RhinoVAULTS with the methods and the way of working
developed in this project make the analysis of the structural behaviour, thrusting forces and
studies of how different conditions affect the results much faster than previously. Furthermore,
the use of 3d models gives a better understanding of complex vaulted structures.
The models for parametric thrust line analysis make it possible to connect the result of the
analysis of the vaults to an analysis of the behaviour of the complete building.
4.2 Case study: Gökhem church
For the Gökhem church structural type with thick vaults it is easy to find, thrust networks
that fit within the geometry, and consequently, show possible structural behaviours with TNA,
see Figure 5. The parametric thrust line analysis using the slicing method gave solutions with
lower thrust than could be found with TNA. This is possibly due to not finding networks with
a “deep” enough solution, which would probably have been facilitated by a best fit solution.
The analysis of the vaults of Gökhem church gives a range of valid results of thrust networks
that fit within the geometry of the vault. To find possible solutions, the structural behaviour of
the complete building needs to be considered to be able to disregard results that give thrusting
forces of a magnitude and direction that cannot be supported by the walls.
The results show three factors that interact and are decisive to the magnitude of the horizontal
thrusting force: the weight and shape of the vault, the angle of the thrusting force at the location
where the vault meets the supporting structure, and the height of this location, which is the
location of the structural springing of the vault.

Figure 5: Example of results from thrust network analysis of Gökhem church.

4.3 Case study: Lund cathedral
The thin geometry of the vaults in the main nave of Lund cathedral limited the possibilities
to find thrust networks with TNA that fitted the geometry, although it was possible with
parametric thrust line analysis and the slicing method. Despite this, it was possible to draw
conclusions on the magnitude of the thrusting forces that arise from the vault under different
conditions. A comparison between an “almost fit” of a TNA network and parametric thrust line
analysis shows good conformity with respect to supporting forces.
The analysis of a section shows that the former buttresses probably had a significant task to
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support the thrusting forces from the vaults of the main nave. The tie rods that replaced them
in the 19th century are thus important for the structural safety of the building.
4.4 Case study: St Johannes church
Since the vault of the main nave of St Johannes church has an extreme shape and is thin, it
was not possible to find thrust networks with TNA that fitted within the geometry, or to find a
complete solution using parametric thrust line analysis with the slicing method. The failure to
find a TNA-based solution might be attributed to the available methods lacking a best fit
solution, but the results indicate that the analysis made in this study, with TNA and parametric
thrust line analysis, validates the findings from the earlier analysis that it is not possible to find
thrust lines or thrust networks that fit completely within the geometry of the vaults.
The analysis of a section of the church by means of parametric thrust line analysis clearly
showed the efficiency of the buttresses and the flying buttresses to counteract different types of
loading from the vaults and the roof structure to ensure that the forces in the inner columns of
the church are always located at their centre, see Figure 6. The results show the strength of the
methods used to describe and study the global force pattern and the clever structure of the flying
buttresses to support and allocate the thrusting forces from the vaults and roof structures.

Figure 6: An example of the flexible response of the flying buttresses to different loads. The analysis to left
shows the case without wind loading on the roof structure, and the analysis to the right shows the case with wind
loading. The increased thrusting force from the central nave is counteracted by the flying buttresses.

5 CONCLUSIONS
The development of computer-based methods to capture complex geometries and to carry
out modelling and analyses has created entirely new possibilities to study and assess complex
masonry structures. By using the proposed approach to carry out funicular analysis of historic
vaulted masonry structures, it is possible to perform analyses and assessments with a reasonable
work effort and length of normal project and achieve results of the required quality for
practising structural engineers. The methods are efficient for the analysis of complex structures.
The methodology also provides a pedagogical description of the structural behaviour of
masonry vaults and the decisive factors for their load-carrying capacity. 3d models facilitate
the perception and understanding of the analysis and results.
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Thrust Network Analysis (TNA) has the potential to become a very useful and efficient tool
to analyse historic masonry vaults. For this, a solution to fit the thrust networks to existing
geometries is needed. The availability of a best fit solution is also needed to find the most
optimal and valid shapes within the geometry of the vaults, depending on the objective of the
analysis. Thrust Network Analysis is faster than parametric thrust line analysis by means of the
slicing method, and provides the possibility to examine rapidly many different ways that the
vaults can carry loads, as well as different loading situations in a sensitivity analysis.
To carry out a thrust line-based analysis for vaulted structures, a target surface needs to be
defined in some way. With a best fit-based solution in TNA, a target surface to which the thrust
network can be optimised must be defined. The distance from the resulting thrust network and
the target surface gives a measure of how well suited the given shape is to be a load-carrying
structure for compression only. In analyses of historic masonry vaults, the analyst needs to
know which shape is aimed at to describe the structural behaviour of the vaulted structure. The
thrust network needs to be located within the geometry of the vaults but, in theory, there can be
endless valid variations of its shape. The extremes are given by the flattest possible shape, with
the network close to the intrados at the top of the vault and close to the extrados at the support
of the vault, and the “deepest” possible shape, with the network close to the extrados at the top
of the vault and close to the intrados at the support of the vault. The second case gives the least
thrusting force and represents the vault “at rest” and not affected by other forces. Many times,
it is desirable to show that the vault has a safe shape and that it is possible to fit a thrust network
within the middle third of the geometry. The shape of the target surface therefore needs to be
defined according to the questions at hand. The desired shape of a target surface is often far
from obvious for vaults with complex shapes. The shape of different target surfaces needs
further development and definitions for future studies.
The parametric thrust line analysis is a useful tool to study different load cases and to
examine the load paths through the built structure to the foundations. A delimitation of possible
structural solutions is obtained by combining thrust line analysis of sections of the buildings
with analysis of the vaults´ thrusting forces.
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Abstract. The seismic behaviour of unreinforced masonry (URM) structures is generally
governed by a complex interaction between the out-of-plane and in-plane responses of the
walls, depending on the in-plane stiffness of floor/roof diaphragms and the efficiency of wallto-floor/roof connections. The presence of timber diaphragms, which are typically
characterised by low in-plane stiffness and poor connection to the masonry walls, adds
challenges to the numerical modelling and analysis, as well as to the structural assessment of
URM structures under seismic actions. This work aims at investigating the applicability of
refined FE modelling using macro-modelling approach and mass-proportional pushover
analysis for simulating the response of URM structures with flexible diaphragms, comparing
the results with experimental data obtained from incremental dynamic testing.
A full-scale two-storey prototype building with timber diaphragms, which was tested in
shaking table at the European Centre for Training and Research in Earthquake Engineering
(EUCENTRE), in Italy, was considered to perform this study. A refined finite element (FE)
model was developed in DIANA software, considering the wall-to-diaphragm (WTD)
connections. While the strength values of masonry were adopted according to axial and
diagonal compression tests, the modulus of elasticity was calibrated after simulating in-plane
cyclic shear tests of masonry piers, which were part of the same experimental program at
EUCENTRE. Recommendations from international guidelines were used to derive the assumed
material properties for diaphragms and wall-to-diaphragm connections. Mass-proportional
pushover analysis was performed and a comparison between numerical and experimental
results is presented to investigate the assumptions, advantages and limitations of the presented
numerical modelling and analysis approach.
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1

INTRODUCTION

Despite the formidable inventory of unreinforced masonry (URM) buildings with a large
variety in terms of geometry, materials and construction techniques, they present some common
features that make them high vulnerable to earthquakes. Such features include but are not
limited to: (1) low material strength; (2) unfavourable geometrical layout; (3) high mass of the
masonry structural elements when compared to diaphragms; (4) inappropriate stiffness of
diaphragms; (5) poor connection between intersecting walls and between walls and diaphragms.
Due to these characteristics, URM buildings frequently collapse in a quasi-brittle way with outof-plane mechanisms of isolated parts that behave independently from the rest of the structure
(i.e. overturning and flexure failure mechanisms). When the premature activation of these
failure modes is prevented, an integral structural behaviour can develop with an associated
global mechanism of the building which allows to exploit the in-plane capacity of the walls [1].
The timber diaphragms and their connection to masonry walls may have an important role
when assessing the seismic response of URM structures, because of their influence on the
activation and type of out-of-plane mechanisms. For this reason, their consideration is
recommended by several international building codes and guidelines [2–4]. Indeed, when
adequate in-plane diaphragm stiffness and efficient wall-to-diaphragm (WTD) connections are
provided, the sudden out-of-plane overturning of walls can be prevented. Still, the successful
performance of diaphragms and connections does not preclude the possibility of flexural outof-plane mechanisms, which are however associated with higher performance when compared
to wall overturning.
In current practice, the seismic behaviour of URM buildings can be evaluated by performing
global analyses on refined finite element (FE) models. However, there are several critical
questions which arise when assessing the behaviour of URM buildings, and even more when
timber flexible diaphragms are present, such as the choice of modelling strategies and analysis
tools. Timber diaphragms are typically implemented while modelling URM structures at the
building scale by assuming a linear elastic behaviour, with input material properties calculated
according to values and formulas provided by recommendations [3,4] or based on experimental
tests at the component level (e.g. [5]). This assumption is corroborated by the fact that prior to
the failure of the connections between walls and floors, usually there is no scope for diaphragms
to exploit their nonlinear behaviour. As regards WTD connections, very little information is
currently available on their structural characteristics and behaviour, leading to simplified
assumptions to consider their contribution when assessing the structural behaviour of URM
buildings with timber floors. As regards analysis methods, nonlinear static (pushover) analysis
is commonly used, especially for refined FE numerical models which are associated to a
significant computational burden. However, several aspects involved when pushover analysis
is performed (e.g. adequate lateral load pattern) are still open issues for URM structures,
particularly in presence of flexible diaphragms.
This paper presents a numerical study aimed to simulate the behaviour of a full-scale twostorey prototype building, representative of existing double-leaf stone masonry buildings with
wooden floors and roofs, which was subjected to shaking table testing at the European Centre
for Training and Research in Earthquake Engineering (EUCENTRE), in Italy [6,7]. Firstly,
numerical simulations of in-plane shear tests of masonry piers were perfomed to calibrate the
modulus of elasticity for masonry, and then the model of the prototype building was analysed
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by means of mass-proportional pushover analysis. Hence, the modelling strategy and the
analysis tool used in this study are evaluated with respect to experimental data.
2 REFERENCE EXPERIMENTAL PROGRAM
The experimental program carried out by [6–8] at EUCENTRE (Italy) was selected as a
reference for this study. This program was aimed to investigate the seismic response of URM
buildings with timber floors and roofs, and the efficiency of different strengthening
interventions to improve diaphragm stiffness and WTD connections. The experimental program
included an extensive characterisation of the masonry, comprising uniaxial and diagonal
compression tests as well as in-plane shear tests on masonry piers, and shaking table tests on
three full-scale prototype buildings. The main features of the reference unstrengthened
prototype building (Building 1) and the in-plane cyclic shear tests of masonry piers, which were
numerically simulated in this study, are summarised in the following sections.
2.1 Shaking table testing
The prototype building (Building 1) had a rectangular single-room of plan dimensions 5.8
m x 4.4 m, two-storeys and an asymmetrical distribution of openings (Figure 1). The walls were
made of double-leaf stone masonry, with a thickness of 0.32 m. As regards the timber floor and
roof systems, they consisted of 3 cm thick single layer of planks nailed to joists which were
placed every 0.5 m and oriented in the direction of the shortest span, and simply supported on
the inner leaf of the masonry walls. The ridge and spread beams of the pitched roof system were
weakly connected to the masonry walls. It is noted that additional masses were placed at the
floor level, while the roof system was covered with clay tiles.

(a)

(b)

(c)

(d)

(e)

Figure 1: Prototype building (Building 1): (a) masonry wall, (b-c) timber floor, (d-e) timber roof [11]

During shaking table testing, accelerometers were installed at the mid-span and at the corners
of the walls at both floor and roof levels in order to monitor the building response. The ground
motion recorded during the 1979 Montenegro earthquake was applied to the building prototype
in the horizontal direction parallel to the longitudinal walls. The intensity of the ground motion
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was gradually increased in each test run, scaling the reference input until a near collapse
condition was reached. It should be mentioned that during the final run of the incremental
dynamic testing sequence, tie-rods were applied at both diaphragms’ levels in order to prevent
out-of-plane collapse mechanisms [8].
2.2 In-plane cyclic tests
The experimental program included testing of four masonry piers which were subjected to
in-plane reversed horizontal cyclic loading (Figure 2). All specimens were constructed with a
nominal thickness of 0.32 m and were 2.5 m high. Two geometric configurations were tested
under different levels of axial loading, namely 0.2 and 0.5 MPa. The specimens CT01 and CT02
(squat piers) had a slenderness ratio (h/l) equal to 1, while a slenderness ratio of 2 was assumed
for specimens CS01 and CS02 (slender piers). While the vertical axial loading was kept
constant, a cyclic horizontal displacement history was applied, both at the top of each specimen.
Detailed information about the loading protocol can be found in [10]. As regards boundary
conditions, the test setup imposed a double bending configuration by means of a “hybrid”
control of the vertical actuators which were forced to apply a constant total axial load as well
as to maintain the same vertical displacement.
CS01

CS02

CT01

CT02

0.5 MPa

0.2 MPa

0.5 MPa

0.2 MPa

2500

2500

2500

2500
1250

1250

2500

2500

Figure 2: In-plane shear cyclic tests of masonry piers (dimensions in mm)

3

REFERENCE MODEL OF THE BUILDING PROTOTYPE

The FE model of the prototype building was developed in the finite element environment
DIANA 10.3 [11]. The masonry walls were modelled with solid elements, while curved shell
elements were used for the floor and timber diaphragms. As regards WTD connections at floor
level, they were implemented in the model by means of beam elements embedded in the
masonry walls. At the roof level, the ridge and spreader beams were modelled as beam elements
resting on the walls. It should be noted that the shell elements simulating the diaphragms were
connected to the in-plane masonry walls only at nodes corresponding to the location of the
WTD connections (Figure 3a).
In order to simulate the mechanical behaviour of masonry, the Total Strain Rotating Crack
(TSRC) model was used considering specified compressive and tensile softening behaviour
(Figure 3b). The strength values necessary for this model were adopted based on the axial and
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diagonal compression tests performed within the same EUCENTRE experimental program
[12]. As regards the modulus of elasticity, a value of 2550 MPa was derived from the the axial
compression tests. As discussed later in Section 4, this value was subsequently calibrated by
performing model updating based on numerical simulation of in-plane shear tests of masonry
piers. Fracture energy values which control the softening were not measured experimentally
and had to be derived from information available in the literature. A summary of the material
properties adopted for masonry is presented in Table 1.
For the shell elements, an equivalent shear modulus was adopted to simulate the timber floor
and roof diaphragms. Since limited information was available for these structural components,
this value was assumed to be equal to 8.8 MPa, calculated according to recommendations
provided in the New Zealand guidelines for a 3 cm thick single straight sheathing diaphragm
subjected to loading in the perpendicular direction of joists [3].
Regarding the connection elements between masonry walls and floor joists, the input
material properties were evaluated according to EN 338:2016 [13]. An equivalent mass density
was assigned to these elements to lump the diaphragms’ masses in correspondence to the WTD
connections.

(a)

(b)

Figure 3: Modelling of the prototype building: (a) FE model, (b) TSRC model
Table 1: Characterisation of masonry material

Masonry material properties
Modulus of elasticity (MPa)
Poisson ratio (-)
Compressive strength (MPa)
Tensile strength (MPa)
Fracture energy in compression (N/mm)
Fracture energy in tension (N/mm)
Specific weight (kN/m3)
* Calibrated value
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4

NUMERICAL SIMULATION OF IN-PLANE CYCLIC TESTS

Eigenvalue analysis performed on the model of the prototype building adopting the value of
modulus of elasticity derived from the vertical compression tests, i.e. 2550 MPa, resulted in
much higher natural frequencies when compared to the results obtained from dynamic
identification tests performed on the specimen before the shaking table test [14]. To investigate
better this discrepancy, additional numerical simulations of the in-plane cyclic shear tests
presented in Subsection 2.2 were performed. Figure 4a presents the numerical model used to
perform this study.
The material properties for masonry were kept with the same values presented in Table 1,
except the modulus of elasticity. The vertical axial loading applied at the top of the wall
included both the overburden stress load as well as the self-weight of the beam used in the test
setup. Proper boundary conditions were implemented in the model to reproduce the double
bending configuration assumed in the experimental test, and the loading was applied
consistently with the time horizontal displacement history presented in [10]. The results
obtained for specimen CT02 are presented in this paper.
Despite the unloading and reloading are simulated by a secant approach in the TSRC model,
which leads to an underestimation of energy dissipation under cyclic loading condition [15],
the numerical model reasonably simulated the experimental behaviour of the specimen in the
scope of this study. As shown in Figure 4b, the initial stiffness was well captured by the model
when the modulus of elasticity was assumed to be equal to 800 MPa, comparable with the value
obtained from model updating performed on the building model. In terms of strength, the model
fairly predicted the experimental value with no need for further calibration. In terms of damage,
the model exhibited cracking through the wall diagonals, in agreement with the shear failure
observed experimentally. Since consistent results were also obtained for the other specimens,
the value of modulus of elasticity was assumed equal to 800 MPa for the model of the prototype
building.

(a)

(b)

Figure 4: In-plane shear test simulation of specimen CT02: (a) FE model, (b) force-displacement hysteresis
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5

NONLINEAR STATIC ANALYSES

The need for nonlinear analysis when dealing with masonry structures is widely recognized.
Nonlinear dynamic (time-history) analysis is able to follow the full seismic loading process,
considering significant aspects of the structural response; however, it is challenging to perform
due to its intrinsic complexity and large computational effort involved. For this reason,
nonlinear static (pushover) analysis is usually preferred in common practice, especially for
refined FE numerical models which need a significant computational burden.
The reference experimental program involved incremental dynamic testing in which the
building was subjected to a series of accelerations. Experimentally the structure was inherently
subjected to loading spatially distributed as per its mass [16]. Consequently among the various
methods of applying the load that can be employed while performing pushover analyses, massproportional loading was chosen in this study. Hence, the reference model was analysed
performing pushover analyses with loading in the positive (NS) and negative (SN) senses of
the longitudinal direction, i.e. the direction of ground motion in the shaking table tests.
Figure 5 presents the comparison between experimental and numerical predictions in terms
of capacity curves, i.e. the base shear force-displacement response, plotting the base shear force
(Vbase) versus the horizontal displacement values recordered at nodes at the top level. Moreover,
damage obtained in the numerical model is compared to damage documented in the shaking
table test. In particular, Figure 6a shows in red cracks occurred in step 5 of the experimental
test and in black the ones observed in previous phases.
As shown in Figure 5, the numerical response reasonably approximated the linear behaviour
of the building prototype until step 2 of the shaking table test. In particular, when comparing
the curves obtained for the in-plane walls, the East wall is less flexible than the West wall,
which was also observed experimentally [9]. In step 3, a drop in stiffness was observed in the
experimental response, which was not captured by the numerical model. In terms of
experimental damage, no significant cracks occurred when compared to previous phases, except
for cracks due to transportation of the building prototype [9] which were not implemented in
the numerical model. In step 4, extensive damage in the upper part of the North wall as well as
in the in-plane walls was observed. A good agreement between numerical and experimental
predictions was in general obtained for damage in the in-plane walls (Figure 6). As regards the
North wall, the numerical model captured the out-of-plane mechanism above the floor level,
involving also portions of the in-plane walls. However, some differences were observed in
terms of damage pattern. In step 5, the numerical model predicted the vertical crack which
occurred in the mid-length of the South wall at the roof level, but it could not properly predict
the horizontal crack observed at the base of the South gable wall. It should be noted that ‘falsepositive’ cracks were predicted by the numerical model when compared to experimental results.
As shown in Figure 6, vertical cracking occurred at the South-East (SE) and North-East (NE)
corners, which were not observed experimentally. Extensive damage was also predicted close
to the wall-to-diaphragm connections at roof level, which was not reported in the experimental
observations.
In terms of maximum base shear force, the numerical model presents a value which is 35%
higher than the experimental one in both positive and negative senses. It should be noted that
some contribution to these differences can be related with dissimilar methodologies used when
constructing the capacity curves. The numerical responses were defined by considering the base
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shear force recorded at the nodes at the base of the model versus the displacement values in the
longitudinal direction recorded at the location of the accelerometers in the experimental test.
As regards the experimental responses, they represent the envelope of the hysteresis cycles
which were evaluated during each testing phase of the building prototype. In particular, the
hysteresis behaviour was defined by plotting the inertia force (sum of the product of the
measured accelerations by tributary masses assumed as concentrated at each accelerometer
location) versus the roof level displacements where the accelerations were recorded.
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(b)
Figure 5: Capacity curves: (a) positive (NS) direction, (b) negative (SN) direction
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North wall

West wall

(a)
Pushover in positive (NS) direction

Pushover in negative (SN) direction

(b)
Figure 6: Damage at step 5: (a) experimental observation [9], (b) maximum principal strains in the numerical
model

6. CONCLUSIONS
The applicability of refined FE modelling and mass-proportional pushover analysis for
simulating the response of a URM structure with flexible diaphragms subjected to incremental
dynamic testing was investigated in this paper. The reference experimental program was carried
out at EUCENTRE, in Italy, which included extensive characterization testing of the masonry
and incremental shaking table testing of three full-scale two-storey prototype buildings. The
unstrengthened specimen (Building 1), conceived to reproduce existing double-leaf stone
masonry buildings with timber floor and roof systems, weakly connected to walls, was used to
perform this work.
For the adopted modelling strategy, the masonry walls were modelled using solid elements,
while curved shell elements were used for timber floor/roof diaphragms. The connection of
diaphragms to the in-plane walls was modelled by means of beam elements, which were
embedded in masonry at floor level. Pushover analyses were performed by applying massproportional lateral loading in the longitudinal direction of the building, consistently with the
direction of the input ground motion in the incremental shaking table testing.
The results show that the numerical simulations of in-plane cyclic shear tests of masonry
piers can be very useful in this work to calibrate the modulus of elasticity for masonryAs regards
the numerical model of the building, the base shear force obtained numerically is approximately
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35% higher than the experimental one. In terms of damage, the model fairly simulated the main
failure mechanisms observed experimentally. However, while damage in the in-plane walls was
well captured by the model, the numerical and experimental predictions were not so consistent
for the out-of-plane damage. Moreover, when compared to the experimental results the model
predicted ‘false-positive’ cracks at the connection with the transversal walls as well as at WTD
connections. The results obtained from the model of the building confirm the need to enhance
the contribution of in-plane stiffness of diaphragm and their connection to masonry walls in the
building response, which will be pursued in further development of this work.
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Abstract. This paper presents a method to analyses the structural feasibility and
assemblability of the masonry assemblages composed of interlocking blocks. Interlocking
blocks with projections and depressions on their faces have relatively better structural
performance comparing to the conventional blocks with flat faces, during and after the
construction. Therefore, they can represent proper alternatives to the conventional blocks for
the seismic retrofitting of unreinforced masonry structures. Structural soundness and
assemblability of a model are both functions of the interlocking block geometry. The proposed
methods enable the designer to adjust the shape of the interlocking blocks, while meeting the
structural and assembling requirements. The paper first introduces an extension of the limit
analysis to the assemblages with corrugated interlocking interfaces having anisotropic sliding
behavior. Then, the work reformulates the extended limit analysis to develop a method to
measure the structural infeasibility due to the lack of sliding resistance at the interlocking
interfaces. This is called sliding infeasibility and the designer can minimize it during the
shape exploration. Finally, an assemblability method is presented to check if the designed
interlocking blocks can be assembled on the other blocks in contact. This method is added to
the extended limit analysis and the sliding infeasibility measurement method in form of a
geometric constraint that prevents modeling of un-assemblable structures.
1

INTRODUCTION

Recently, an exponential scientific interest can be observed in the investigation of the inplane and out-of-plane behavior of assemblages composed of interlocking blocks. Several
studies demonstrate that the static and dynamic load bearing capacities of such assemblages
increase when interlocking blocks are used instead of conventional blocks. Many works were
carried out to compare the structural performance of different interlocking shapes (corrugated,
cross-shaped, etc.) and to find the geometric parameters by which the structural performances
are maximized. Liu et al. [1] tested the in-plane capacity of the masonry walls composed of
corrugated joints with different cross sections. Totoev [2] and Hossain et al. [3]
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experimentally and numerically investigated the in-plane and out-of-plane behavior of the
walls with corrugated joints. The out-of-plane behavior of masonry walls with osteomorphic
blocks [4,5] and cross-shaped joints [6] were also studied, together with the more
conventional interlocking constraints [7-9]. Fang et al. [10], Sassu et al. [11] and Cipollini et
al. [12] carried out several interesting numerical and experimental analyses on the structural
behavior of wooden joineries with various shapes. Mousavian and Casapulla [13] extended
the limit analysis to the corrugated interfaces and performed the structural feasibility of such
assemblages as a function of the number and orientation of the locks, i.e., the projections and
depressions keeping the blocks together and preventing them from sliding.
Furthermore, interlocking blocks can increase the stability of such assemblages during the
construction phase. This can considerably decrease the needed formwork and improve the
quality of the workmanship. Therefore, interlocking blocks are good candidates for the
retrofitting of masonry structures, provided that the old damaged or missing conventional
blocks can be replaced by them. In fact, the insertion of these blocks may be allowed without
mortar, which can be lost during the time due to the chemical, physical, and mechanical
degradation. In sum, the use of such blocks can strengthen the restored assemblages by
increasing their bending and sliding resistances and improve the constructability during the
restoration process. To maximize the structural performance and constructability, the optimal
shape of each individual interlocking face can be found. The interlocking blocks with the
customized shapes can then be manufactured by advanced machines such as CNC mills. This
is in the same line of the classical stereotomy, which is a technique to cut each individual
block of an assemblage into a particular shape [14]. Finally, interlocking blocks can also
improve the thermal response of the walls, aiming to optimize the resources for interventions
[15].
In this framework, a plug-in has recently been developed to design assemblages of
interlocking blocks with corrugated shape and locks with rectangular cross section [13]. Limit
analysis methods, already developed for infinite [16] or finite isotropic associative [17-19] or
non-associative [20] conventional frictional joints, was extended to interlocking interfaces
with orthotropic sliding behavior [13,21]. This is governed by an associative friction model
along the locks and by the lock shear resistance, normally to the locks.
This extended limit analysis is herein reformulated to develop a method to measure the
sliding infeasibility (i.e. infeasibility due to violation of sliding constraints) by a numerical
value and to introduce assemblability issues. Given the measured sliding infeasibility, the
designer can adjust the number and orientation of the locks to minimize this value and reduce
the infeasibility in the model. Besides, the lock orientation initially chosen by the designer or
adjusted during the shape exploration to reduce the sliding infeasibility, must let the blocks to
be assembled or disassembled. When a block can only translate and not rotate, the block in
contact with the other blocks is immobilized in some directions, and free-to-move in the
others. Choosing the invalid lock orientations, the block can be immobilized (deadlocked) in
all directions. Figure 1 shows an example of the deadlocked situation for the central block,
which is an invalid model since the blocks cannot be assembled or disassembled.
The developed method follows the Assembly Path Planning (APP) [22] using NonDirectional Blocking Graph (NDBG) developed by Wilson [23]. Given a number of objects in
contact, this method describes the directions along which an object cannot move because
those directions are blocked by the other objects in contact. When an object is immobilized in
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all directions, the object is so-called un-assemblable. Assembly Path Planning (APP) is one of
the major fields of the Assembly Planning AP studies in the manufacturing and industrial
engineering, investigating the optimal plans to assemble a whole product composed of smaller
parts. A comprehensive review on APP has been carried out by Ghandi and Masehian [24].

Figure 1: Block A cannot be assembled to Blocks B and C simultaneously.

Given an assembling sequence assigned by the designer, the proposed method finds all the
assembling paths along which the block is free to move to be assembled to the other blocks in
contact, which were assembled earlier. If no path can be found, the chosen lock orientations
for the block faces are detected invalid.
The extended limit analysis and the sliding infeasibility measurement method are briefly
introduced in Section 2, while Section 3 proposes a method to analyze the assemblability of
the model during the shape exploration, when the lock orientations change to reach the
structurally valid model. Some examples are investigated in the same section to demonstrate
the performance of the proposed methods. Finally, the conclusions are provided in Section 4.
2 METHOD OF SLIDING INFEASIBILITY MEASUREMENT
Mousavian and Casapulla [13,21] adopted the concave contact model [17,18] to extend
limit analysis to the interlocking corrugated interfaces having locks with rectangular cross
section (Figure 2a). Such extended limit analysis is herein applied by using the static
approach to find one of the possible stable solutions involving associative friction (equivalent
to the Coulomb’s friction in the static approach) at the contact interfaces. First, at each
interlocking interface, two types of failure planes are determined between the locks of two
interlocked blocks (dry joints) and between the locks and the main body of the interlocking
blocks (fracture planes) (Figure 2b). The locks and the main body of the blocks are considered
rigid enough. Merging the dry joint and fracture plane of a single lock, a number of contact
points can be distributed on the lock centerline. Internal forces on these points must
equilibrate the external forces applied to the block centroids under the following constraints:
a) the normal component r n of each internal force must be in compression, b) the tangential
component r t1 along the locks must satisfy the associative friction model, c) the tangential
component r t2 normal to the lock must be less than the shear resistance at each contact point.
This resistance is a portion p of the total shear resistance T0 of the lock, which is considered to
be T0 = (τk s b), s and b being the lock thickness and length, respectively, and τk the material
shear strength. The two options for the contact point distribution and shear resistance
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definition sketched in Figure 2c are chosen among others [13,21] since they provide the
closest shear-torsion behavior to the actual one obtained by a literature experimental test [25].
Solving the linear equilibrium equations under the compression, frictional and shear
constraints, the internal forces at the contact points, assumed as variables, are found.The
mathematical problem, solved by MATLAB’s lsqlin using least square optimization, is
formulated as follows:
𝐶𝐶𝑒𝑒𝑒𝑒 . 𝑟𝑟⃗ + 𝐸𝐸⃗⃗ = 0

𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 𝑡𝑡𝑡𝑡:
⃗⃗⃗⃗⃗
𝑟𝑟 𝑛𝑛 ≤ 0
𝑡𝑡1 | ≤ 𝜇𝜇|𝑟𝑟
𝑛𝑛 |
⃗⃗⃗⃗⃗
|𝑟𝑟⃗⃗⃗⃗⃗⃗

𝑡𝑡2
⃗⃗⃗⃗⃗⃗
{ |𝑟𝑟 | ≤ 𝑝𝑝⃗ 𝑇𝑇0

𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸 𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒
𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

(1)

𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

𝑠𝑠ℎ𝑒𝑒𝑒𝑒𝑒𝑒 𝑐𝑐𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜

𝑛𝑛 , ⃗⃗⃗⃗⃗⃗
𝑡𝑡2 are the vectors of the normal
where Ceq is the equilibrium coefficient matrix; 𝑟𝑟⃗⃗⃗⃗⃗
𝑟𝑟 𝑡𝑡1 , 𝑟𝑟⃗⃗⃗⃗⃗⃗
and tangential components along the locks, and parallel to them, respectively; 𝑟𝑟⃗ is a vector of
all the components of the internal forces; 𝑝𝑝⃗ is a vector of weights related to the shear
resistance at the contact points; 𝐸𝐸⃗⃗ is a vector of the external forces and moments. When the
solver finds no solution (solver’s exit flag is greater than one) the model is recognized
structurally infeasible.

a)

b)

c)
Figure 2: a) Two interlocking blocks with a shared corrugated interface; b) failure planes at the interlocking
interface; c) two options for the contact point distribution and shear resistance definition.

The designer can adjust the geometric parameters of the model to remove the structural
infeasibility. However, it is usually difficult to guess how to change to parameters to reach a
feasible model. If the detected infeasibility can be measured by a numerical value, the
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designer can easily tune the parameters to reduce the measured infeasibility to eventually
minimize it.
Whiting et al. [25] proposed a method to quantify the structural infeasibility caused by the
tensile forces. Similarly, this work measures the infeasibility due to the tangential forces that
violate the sliding (friction and shear) constraints, namely sliding infeasibility. Given the
measured sliding infeasibility, the designer can adjust the geometric parameters of the
interlocking interfaces to minimize it.
The tangential forces can first get any arbitrary value and then the values that are out of the
sliding valid ranges are adopted in the optimization process to measure the sliding
infeasibility. In this method, however, the internal and external forces are constrained to be in
equilibrium and all the normal forces must be in compression.
The extended limit analysis in Eq. (1) is reformulated to develop this method. To this aim,
each individual tangential force r t in the vector of variables is replaced by two new variables
r ta and r tb so that: r t = (r ta + r tb), i.e., r t1 parallel to the locks is replaced by the sum of rt1a
and r t1b, and similarly r t2 normal to the locks is replaced by the sum of r t2a and r t2b. While r
t1a
and r t2a are respectively constrained to satisfy the friction and shear constraints, r t1b and r
t2b
can take any arbitrary value.
Then, with the objective function that tries to minimize r t1b and r t2b, the optimization
problem is posed as follows:
𝐿𝐿

𝑚𝑚𝑚𝑚𝑚𝑚 ∑[(𝑟𝑟 𝑡𝑡1𝑏𝑏 )2 + (𝑟𝑟 𝑡𝑡2𝑏𝑏 )2 ]
𝑖𝑖=1

𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 𝑡𝑡𝑡𝑡:
𝐶𝐶𝑒𝑒𝑒𝑒 . 𝑟𝑟⃗ + 𝐸𝐸⃗⃗ = 0

⃗⃗⃗⃗⃗
𝑟𝑟 𝑛𝑛 ≤ 0
𝑡𝑡1𝑎𝑎 | ≤ 𝜇𝜇|𝑟𝑟
𝑛𝑛 |
⃗⃗⃗⃗⃗
|𝑟𝑟⃗⃗⃗⃗⃗⃗⃗⃗

𝑡𝑡2𝑎𝑎
⃗⃗⃗⃗⃗⃗⃗⃗
{|𝑟𝑟 | ≤ 𝑝𝑝⃗ 𝑇𝑇0 .

𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂 𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓
𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒

(2)

𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

𝑠𝑠ℎ𝑒𝑒𝑒𝑒𝑒𝑒 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

The result of the objective function is defined as the sliding infeasibility measure.
2.1 Validation
The extended limit analysis and the sliding infeasibility measurement method have been
implemented to develop a plug-in within the grasshopper (GH) editor, using C# language to
model the single layer assemblage with stack bond pattern. The optimization problems are
solved by MATLAB solvers which are used as backend. The linear limit analysis and sliding
infeasibility measurement problems are solved by MATLAB’s lsqlin and fmincon methods,
respectively.
To validate the developed plug-in, a semi-circular arch is modeled with 10 m centerline
radius, 1 m depth, and 40 blocks under their own weight with 1 N/m3 density. Figure 3 shows
the relation between the minimum thickness of an arch with conventional interfaces and the
friction coefficient. It can first be observed that the results obtained by the developed plug-in
are in good agreement with the results reported by Gilbert et al. [20] and Casapulla et al. [27].
Then, it is evident that the arch with thickness 1.06 m is structurally infeasible when the
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friction coefficient is less than 0.4. In this case, interlocking blocks with large shear strength
can be used to increase the sliding resistance of the interfaces.
Table 1, row 1, reports the sliding feasibility of the arch with 1.06 m thickness for different
lock orientations, when the friction coefficient µ is 0.33. The results are obtained by the
extended limit analysis of Eq. (2). As expected, when the locks are parallel to the arch plane
(lock orientation π/2), the assemblage is still infeasible. Changing the lock orientation from
π/2 to 0 rad, the sliding resistance of the interfaces increases and eventually the assemblages
with lock orientation less than 0.9 rad are recognized feasible.
The second row of Table 1 displays the measured sliding infeasibility of the arch for the
different lock orientations. As expected, the infeasibility measure is reduced when the lock
orientation changes from π/2 to 0 rad. Considering that the sliding infeasibility measure of a
feasible model must be a number very close to zero, the infeasibility measures less than 0.1
reported in Table 1 may represent the feasible arch.
Table 2 reports the sliding feasibility of the arch with friction coefficient equal to 10, using
the extended limit analysis and also the sliding infeasibility measures for the different lock
orientations. As expected, all the models can be detected structurally feasible and their
measured sliding infeasibility is very close to zero.
2

t (minimum arch thickness) [m]

1.9
1.8
1.7

Proposed method

1.6

Gilbert et al. [20]

1.5

Casapulla et al. [27]

1.4
1.3
1.2
1.1
1

0.3

0.4

0.5

0.6

0.7

µ (friction coefficient)

0.8

0.9

1

Figure 3: The thinnest semi-circular arch for different friction coefficients reported by the proposed method,
Gilbert et al. [20] and Casapulla et al. [27].
Table 1: Measure of sliding infeasibility for µ 0.33; f and i stand for feasibility and infeasibility, respectively.

limit analysis
sliding infeasibility measure

µ\orientation (rad)
0.33
0.33

0
f
0.026

0.3
f
0.044

0.6
0.9
1.2
f
f
i
0.064 0.084 0.11

1.57
i
0.16

Table 2: Measure of sliding infeasibility for µ 10; f and i stand for feasibility and infeasibility, respectively.

limit analysis
sliding infeasibility
measure

µ\orientation (rad)
10
10

0
f
4˟10-4
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0.3
f
9˟10-4

0.6
f
0.001

0.9
f
0.002

1.2
f
0.007

1.57
f
0.01
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3

ASSEMBLABILITY ANALYSIS

This section introduces a method to check the assemblability/disassemblability of a rigid
interlocking block. In this work, a block is only allowed to translate and not to rotate and at
every assembling sequence, only one block is added to the assemblage. The concept is to
investigate if there is at least one translational path through which the block can be assembled
or disassembled. Obviously, when a block can be assembled by translating it along a
direction, it can be disassembled along the opposite direction. Here, the algorithm detects the
disassemblability paths since the demonstration of the directions where an interlocked block
is blocked or free to move is more straight-forward.
When two 2D Objects A and B are placed side by side, as in Figure 4, Object A cannot
move along all the directions whose terminal points make circular arc cAb and Object B is
blocked by Object A in all the directions whose terminal points make circular arc cBb.
Combining these two circular arcs, the Non-Directional Blocking Graph (NDBG) of the
whole assembly is modeled. This graph invented by Wilson [23] has been widely used for the
Assembly Path Planning.

a)

b)

Figure 4: a) Blocking directions for two Objects A and B; b) free to move directions for Objects A.

Alternatively, Non-Directional Free Graph (NDFG) [28] can be used for Assembly Path
Planning as well, which is a combination of the circular arcs c f, representing the directions
where the objects are free to move. Assuming that Object B is fixed, Object A can be
disassembled from Block B only by translating along one of the directions represented by cA f.
When Objects A and B have two edges in contact (Figure 5), the circular arcs cA1b and cA2b
represent the directions along which Object A is blocked by edges E1 and E2, respectively.
Union of cA1b and cA2b makes cAb which represents all the directions along which Object A is
blocked by Object B. And eventually, subtracting cAb from a circle, all the directions where
Object A is free to move is represented by cAf.

Figure 5: Blocking and free directions for Object A, when Objects A and B have two shared edges.
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Similarly, for two 3D Objects A and B with three planar faces in contact (Figure 6),
sections of spheres sA1b, sA2b, and sA3b demonstrate the directions along which Objects A is
blocked by Faces F1, F2, and F3, respectively. Union of sA1b, sA2b, and sA3b makes sAb which
displays all the directions along which Object A is blocked by Object B. Subtracting sAb from
an entire sphere models sAf, which demonstrates the directions along which Object A is free to
move. When Object B is fixed, the semi-circular arc sA f shows all the valid translational paths
through which Object A can be disassembled from Object B. It is worth noting that Objects A
and B in Figure 6 are interlocking blocks having one lock and increasing the number of the
locks, sA f does not change.

Figure 6: Blocking and free directions for Object A, when Objects A and B have three shared faces.

Moreover, when Object A is in contact with two fixed Objects B and C (Figure 7), two
circular arcs sA←Bf and sA←Cf displays the directions where Object A is free to move to be
disassembled from Objects B and C, respectively. To find all the directions through which
Object A can be disassembled from Objects B and C simultaneously, Object A should first be
abstracted to its centroid O and then, the arcs sA←Bf and sA←Cf can be modeled with their
centers passing through O. Intersection of sA←Bf and sA←Cf shows the paths along which Object
A is free to be disassembled from Objects B and C at the same time. It is evident that Object A
can be disassembled from Objects B and C in Figure 7a while it is immobilized in Figure 7b.
This method is extendable to find the directions through which Object i can be separated
from fixed Objects 1 to i – 1, where objects are enumerated according to the disassembling
sequence assigned by the designer. With reference to Figure 8, arcs si←1f to si←i -1 f displaying
the directions where Object i is free to move to be separated from Objects 1 to i - 1,
respectively, are first modeled with their centers passing through the centroid of Object i.
Then, the intersection of these arcs displays the valid disassembling path for Object i. If the
intersection is null (Figure 8a), there is no valid disassembling path, and this shows that the
designed model is not assemblable/disassemblable. Therefore, the assemblability constraint
can be defined as follows:
𝑓𝑓

𝑓𝑓

𝑓𝑓

∀ 𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂 𝑖𝑖 𝑠𝑠𝑖𝑖←1 ∩ 𝑠𝑠𝑖𝑖←2 ∩ … ∩ 𝑠𝑠𝑖𝑖←𝑖𝑖−1 ≠ ∅
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a)

b)
Figure 7: a) Object A is free to move in two directions displayed by two red arrows; b) Object A is immobilized.

a)

b)

Figure 8: a) Object 4 cannot be disassembled from Objects 1, 2, and 3; b) Object 3 can be disassembled from
Objects 1, 2 along the red vector.

Introducing this constraint to both extended limit analysis (Eq. (4)) and sliding infeasibility
analysis method (Eq. (5)) prevents modeling of structure whose blocks cannot be assembled,
and the two formulations can be expressed as:
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𝐶𝐶𝑒𝑒𝑒𝑒 . 𝑟𝑟⃗ + 𝐸𝐸⃗⃗ = 0

𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸𝐸 𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒

𝑠𝑠𝑠𝑠𝑠𝑠𝑗𝑗𝑗𝑗𝑗𝑗𝑗𝑗𝑗𝑗𝑗𝑗 𝑡𝑡𝑡𝑡:
⃗⃗⃗⃗⃗
𝑟𝑟 𝑛𝑛 ≤ 0
𝑡𝑡1 | ≤ 𝜇𝜇|𝑟𝑟
𝑛𝑛 |
⃗⃗⃗⃗⃗
|𝑟𝑟⃗⃗⃗⃗⃗⃗
𝑡𝑡2 | ≤ 𝑝𝑝
⃗ 𝑇𝑇0
|𝑟𝑟⃗⃗⃗⃗⃗⃗

𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

𝑓𝑓

𝑓𝑓

𝑓𝑓

{ ∀ 𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂 𝑖𝑖 𝑠𝑠𝑖𝑖←1 ∩ 𝑠𝑠𝑖𝑖←2 ∩ … ∩ 𝑠𝑠𝑖𝑖←𝑖𝑖−1 ≠ ∅
𝐿𝐿

𝑚𝑚𝑚𝑚𝑚𝑚 ∑(𝑟𝑟 𝑡𝑡1𝑏𝑏 )2 + (𝑟𝑟 𝑡𝑡2𝑏𝑏 )2
𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 𝑡𝑡𝑡𝑡:
𝐶𝐶𝑒𝑒𝑒𝑒 . 𝑟𝑟⃗ + 𝐸𝐸⃗⃗ = 0

{ ∀ 𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂 𝑖𝑖

𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒

⃗⃗⃗⃗⃗
𝑟𝑟 𝑛𝑛 ≤ 0
𝑡𝑡1𝑎𝑎 | ≤ 𝜇𝜇|𝑟𝑟
𝑛𝑛 |
⃗⃗⃗⃗⃗
|𝑟𝑟⃗⃗⃗⃗⃗⃗⃗⃗

𝑓𝑓
𝑠𝑠𝑖𝑖←1

𝑠𝑠ℎ𝑒𝑒𝑒𝑒𝑒𝑒 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜𝑜 𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓

𝑖𝑖=1

𝑡𝑡2𝑎𝑎 | ≤ 𝑝𝑝
⃗ 𝑇𝑇0
|𝑟𝑟⃗⃗⃗⃗⃗⃗⃗⃗

(4)

(5)

𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

∩

𝑓𝑓
𝑠𝑠𝑖𝑖←2

∩ …∩

𝑓𝑓
𝑠𝑠𝑖𝑖←𝑖𝑖−1

𝑠𝑠ℎ𝑒𝑒𝑒𝑒𝑒𝑒 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

≠ ∅ 𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

Apparently, changing the disassembling sequence, the assemblability of an assemblage is
changed. The ideal disassembling sequence allows the widest range of the lock orientations to
model the assemblable assemblage. Finding such ideal sequence will be perused in the future.
4

CONCLUSIONS

This work introduced novel methods to measure the sliding feasibility of an assemblage of
interlocking blocks and to check the assemblability of the blocks. It first introduced an
extension of limit analysis to the interfaces with orthotropic sliding behavior. The extended
limit analysis was then reformulated to develop a method to quantify and measure the sliding
infeasibility of a model. This helps the designer to minimize the sliding infeasibility easier.
Lastly, the assemblability analysis was described as a method to check if the interlocking
blocks can be assembled on the other blocks in contact, when they can only be translated to
their final positions in the assemblage. This method was integrated with the limit analysis and
the sliding infeasibility measurement methods, preventing the blocks of a structurally sound
assemblage to be immobilized, i.e., un-assemblable. In future, the work will be extended to
find the optimal assembling sequence by which the widest range of the structurally feasible
and assemblable lock orientations can be attained.
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Abstract. This paper investigates the capability of advanced numerical modelling techniques
to simulate experimental observations as damage or deformations in complex masonry
structures. The case of the church of St. Bassiano in Pizzighettone, Cremona Italy is chosen.
A multidisciplinary research was set up to collect data as geometric survey with Lidar
technology, measurement of axial force in the iron tie rods of the nave, and a monitoring system
for crack widths. The data was used as an input to develop and validate a finite element model
to study the structural damage and the evolution of the building in time.
The finite element model features a three-dimensional geometry, which is created in part
automatically, taking advantage of a parametric model for ribbed masonry vaults, proposed
recently by the authors. The FE model results in close adherence with the real building
structure, due to the accuracy of the collected data. The simulation model features a continuum
plastic damage model to take into consideration the masonry constitutive behaviour.
The results show how the system response is closely related to the structural evolution in
time, associated with the dismantling of the chapels on the south side and the addition of the
iron tie rods in the nave. The numerical simulations highlight also the important effect of the
soil settlements in the present crack pattern. The information obtained using this approach will
allow to understand the active mechanisms in the building and to optimise the technical
interventions in critical parts of the structure.
1

INTRODUCTION

Changes, transformations and repairs that historical buildings have undergone over the
centuries, leave indelible traces in their structure, often affecting the local or even global
structural behaviour of the buildings. The actual performance is difficult to be understood and
far from that designed at the time of its construction.
The value of architectural heritage is not only related to its aesthetic appearance, but also to
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the integrity of materials and structures, as a single product of a constructive technology of a
specific historical period and place [1]. Preserving the material component is therefore closely
connected with understating the causes of damage and designing compatible repair techniques.
Existing damage in the form of cracks or deformation, may originate from different causes,
including: loads, actions, or construction phases which may not be present today [2]. Advanced
numerical models are widely proposed in the literature to understand and explain observed
damage, understand its evolution in time and design structural strengthening [3]. When
considering the complexity of historical buildings, the accurate recording of their geometry and
state of conservation are essential to build a structural model correctly representing its structural
deficiencies. In this direction, technologies as Lidar scanning have made possible a fast
documentation of buildings, in particular remote elements which are difficult to be surveyed
manually e.g. vaults. Furthermore, Scan to BIM processes [4] or procedural modelling has made
3D solid models more accessible for FE simulations [5-7].
Particular attention has been lately dedicated to considering the structural evolution in time
through the sequential analysis in continuum models. In the Basilica of St. Vitale in Ravenna
the detailed 3D FE model was used to investigate the origin of the surveyed crack pattern and
concluded that among the causes could be the transformations and repairs in time [8]. Among
the first examples of sequential analysis combined with long-term effect analysis was
considered in Mallorca Cathedral, to interpret the present damage and current deformations [9].
In Milan Cathedral a correlation was demonstrated between the construction process,
settlements in time and the tension force in iron ties [10].
In the present paper we will investigate the possibility to correlate the observed damage
through a 3D FE model by considering structural transformation through sequential analysis.
The case study is the parish church of St. Bassiano, located in Pizzighettone, Cremona in Italy
(Fig.1). It features many construction phases and transformations which make it an ideal case
to study the effects of evolution in time in the structural response. The results focus on the
interpretation of the observed damage in relation to the removal of the southern chapels and the
addition of iron tie rods in the central nave which significantly affected the structural response.

a)

Figure 1: Saint Bassiano church: a) external and b) internal view.

b)

2 CASE STUDY
2.1 Overview
The church of St. Bassiano was built in the 12th century in Lombard-Romanesque style (Fig. 1)
It is located in the center of Pizzighettone, a small city in Northern Italy called in Latin language
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Piceleo, along the Adda river. The church of St. Bassiano was closed for celebrations and access
for visitors in 2012, as the damage observed in the structure increased seriously after the
earthquake that hit Emilia Romagna region in 2012.
2.2 Geometric survey
A geometric survey was carried using a high-resolution LiDAR sensor (OS1-64). The
configuration during the acquisition phase was set out to a horizontal resolution of 2048 points
and a vertical resolution of 64 point at a rotation rate of 10Hz (Fig. 2 - 3).

Figure 2: Point cloud measurement of the first 3 bays: a) 3D, b) section.
Area considered for structural modelling

Area with scaffolding
prevents LiDAR survey

Figure 3: Point cloud measurement of the interior of the church of St. Bassiano.
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The survey was focused on the first 3 spans of the church, starting from the facade. It
considered a continuous path along the central nave, from which only 12 scans out of 150 where
extracted and used to create the final point cloud. The initial alignment was based on the data
provided by the Inertial Measurement Unit. A second alignment step was carried out by using
the Iterative Closed Point algorithm (ICP) [11]. The final point cloud includes 1 million points
and an alignment error of 0.02m (Fig. 2 - 3). The southern part (comprising a part of the nave
and aisle) could not be surveyed due to a scaffold present for cleaning paintings.
2.3 Historical notes on the structural evolution
The structural evolution of the church of St. Bassiano is closely connected with historic
events between the 15th and 19th centuries, when it was object of many interventions [12]. In
the 14th century, Pizzighettone become part of the Milanese domain under the Visconti first and
then the Sforza family, who built the masonry town walls [13]. In the beginning of the 16th
century, the walled town was invaded by the French and then by the Spanish. In the 18th and
19th centuries the town was gained by the Austrians, and in between by Napoleon’s troops, until
the unification of Italy in 1861. The following phases can be determined (Fig. 4):
1) The reconstruction of a pre-existing church starting from 1158 and dedicated to Saint
Bassiano. The building probably already had three naves and two towers at the place of the two
lateral apses.
2) In medieval time cross masonry vaults were added over the three naves and the façade
was elevated to cover the increased height of the central nave.
3) In 1456 the Milanese Sforza family radically transformed the architectonical aspect of the
church: the façade was elevated, and a rose window was inserted cutting a pre-existing window.
Two rows of chapels were added on both external sides of the aisles. A new roof covered
Northward the nave and the chapels with only one single roof pitch.

a)

Figure 4: Historical evolution of the St. Bassiano church: a) plan and b) West facade view [12].
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4) In late Renaissance time, between 1525 and 1580, additional changes occurred: a) in
1525 the present sacristy was added North-West of the church; in 1533 the bell tower was
moved from the South to the North side of the apse and the first part of the present tower was
built (Fig. 4); In 1578 the first elevation of the bellfry took place to add a clock.
5) In the 18th century the elevation of the old bellfry on the South side was demolished and
the entrance portal probably was added at that time.
6) In the 19th century the facing South chapels were demolished, probably due to the need to
widen the adjacent roadway. At this time, iron tie rods were added to the masonry vaults. In
1820 the bellfry on the North side was further elevated and in 1835 the internal church was
fully decorated with the present visible style.
7) In the early 20th century the last elevation of the bellfry with octagonal shape was added.
In 1963 a restoration made by the architect A. Edallo, changed the roof, partially also with
modern reinforced concrete beams and the long single pitch Northward was demolished. Two
chapels on the North side were rebuilt in modern style.
2.3 Description of the structural conditions
The crack pattern survey highlighted the serious damage both in the vertical and horizontal
structures, weakened by the continuous transformations over the centuries. Almost continuous
lines of cracks can be observed in the longitudinal direction along the nave and aisles starting
close to the façade and reaching the apse (Fig. 5). Past interventions, supporting directly the
roof over the vault, burdened the nave vaults, subsequently increasing their thrust on the aisles
and causing many structural cracks on the arches of the central nave. Discontinuities are present
also along the chapels and soil settlement effects are recognizable on an internal pillar of the
main nave in South-East direction.
The belfry has a poor foundation (in the 1st construction phase it was probably a portico)
which caused a relevant out of plumb of about 12 cm towards the North-East side, with resultant
crushing on one side and dragging on the other side, with consequences on the sacristy (Fig. 5).

Figure 5: Crack pattern survey of the vaults of St. Bassiano church as of today, and bellfry out of plumb.
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The severe structural damage and the needs to replace the damaged roof led then in 2013 to
a new general structural strengthening intervention [12] that required the closing of the town
church for many years.
The intervention was divided in different phases: the first phase included the complete
substitution of the main nave roof from the façade to the apse, with a new timber structure not
loading the vaults anymore and with timber trusses, removing the horizontal thrust on the
bearing walls. Such intervention stopped the main damage cause affecting the apse, the cross
vaults and the main masonry arches of the nave, which were consolidated with FRCM (Fiber
Reinforced Cementitious Matrix) composite system, made with a bidirectional mesh of
Polybenzoxazole (PBO) fibers [12].
The first phase was considered urgent, allowing the temporary reopening of the church at
the end of this step; a second and a third phases (dealing with the aisles, the towers and
foundations) were postponed to find the necessary funds and to conclude the works; these at
present still need to be executed.
3 STRUCTURAL MODEL
3.1 FE model geometry and meshing
The geometry of the FE model is based on LiDAR scanning of the church interior (see section
2.2). Although, the geometry is based on the scanning of the 2nd bay, the model can be
considered as representative of the typical bay.
The FE model includes approximately 300’000 nodes, and a discretization with 122’000
linear tetrahedral elements.

Figure 6: View of St. Bassiano discretized FE model, including also the removed southern chapels

1839

Grigor Angjeliu, Giuliana Cardani and Dario Coronelli

The model considers a parametric geometric modelling procedure, for the vault in the central
nave which is the most complex parts of the system[5]. It considers the tas-de-charge, ribs,
arches, and the vault surcharge [14]. The rest of the structural members (the piers, the buttresses,
the walls, and iron tie rods) are modelled manually in Abaqus CAE environment ([15]). The
important details of the geometry such as the curvature of the arches, ribs, vault web and
characteristics of the geometric rules adopted during the construction are identified.
Finally, the numerical model considers also the southern chapels, removed in the 19th
century. This component of the structural system is necessary as an input for the sequential
analysis. The geometry of the southern chapel is assumed to be like the one of the northern
sides, since no data are available in the moment.
3.2 Constitutive model and material properties
The masonry is modelled with a non-linear plastic damage constitutive model according to the
description of Lee and Fenves [16]. The damage variables in tension dt and in compression dc
are taken into consideration by eq. 1 and eq. 2:
(1)

σt = (1 - dt) E0 (εt - εtpl) ; σc = (1 - dc) E0 (εc – εcpl)
where: σt (, σc ) is the mono-axial tensile (compressive) stress,
E0 is the initial elastic modulus,
εt (εc) is the total strain in tension (compression),
εpl is the equivalent plastic strain in tension (compression).

Based on similar application in the literature [10] the following choices have been made on the
other mechanical parameters necessary in the constitutive model: Dilation angle ψ, 36o ;
eccentricity 0.1 ; the ratio of biaxial to uniaxial compression yield strength ݂ Τ݂ , 1.16 ; the
ratio between the magnitude of the deviatoric stress in uniaxial tension and compression ܭ ൌ
ͲǤ and viscosity parameter is kept at a low level, 0.0002. The data regarding the stressstrain curve are reported in table 1. In the present analysis only one masonry typology is
considered. The selected mechanical parameters are chosen based on similar masonry
typologies (see table C8A.2.1.in [17]). Although, it is possible to consider more typologies, this
could be misleading considering the current level of knowledge. A different choice is clearly
made for the rubble fill in the masonry vaults, where the mechanical properties are clearly lower
compared to the rest of the structure (Table 1).
Table 1: Mechanical material properties adopted for the numerical analysis.
Properties
Type
Brick masonry
Rubble fill masonry
Steel
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3.3 Staged construction analysis
The structural analysis considers a sequential analysis focusing on the interventions in the
19th century where the southern chapels were removed, and the central nave was reinforced
with iron ties to contain its horizontal thrust, with average cross section 3,4 x 6 cm. Moreover,
as suggested by Angjeliu, et al. [10] also the construction phase of the central nave has been
included in order to have an improved prediction of the axial force in the iron ties. The
considered stages can be described as follows:
Stage 1: Construction of the aisle and chapels (fig. 7a),
Stage 2: Construction of the central nave (fig. 7b),
Stage 3: Removal of the southern chapel and addition of the iron ties in the nave (fig. 7c).

a)

b)
Figure 7: Phases considered during in the sequential analysis

c)

4 RESULTS
In this section the results focus on the interpretation of the observed damage in relation to
the documented structural evolution in time of the church of St. Bassiano. In particular, the
removal of the southern chapels and the addition of iron tie rods in the central nave changed
significantly the structural response.
4.1 Self-weight analysis
The maximal vertical stresses (S33) due to self-weight in the original configuration is
approximately 0.79 MPa. These are average values but also typical in masonry constructions.
The change of the structural system with the insertion of the steel ties and the removal of the
chapels with a buttress role has a significant effect to self-weight vertical stresses which double
to 1.76 MPa (Fig. 8).
In particular the results show that the removal of the southern chapel gives rise to damage
propagation in the aisle vaults and walls over the arch (Fig. 9). Therefore, the crack in the aisle
vaults documented in the recent crack pattern, can be connected clearly with the removal of the
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southern chapels in the 19th century (Fig. 5). The inserted iron tie, which in this stage is around
47 kN, is not enough to completely replace the buttressing effect of the previous chapels.

Figure 8: Vertical stresses S33 due to self-weight: a) original configuration, b) current configuration.

Figure 9: Damage in the southern aisle due to the removal of the chapel in the current configuration

4.2 Settlement analysis
As widely studied in the literature, the soil settlements have a significant effects on
damage in historic masonry buildings [18]. In the case of St. Bassiano church, beside the
certainty on the presence of soil settlements, there was no information on their specific effects.
A set of analysis, considering vertical settlements of 2cm were used to quantify soil settlements
effects on the crack pattern. A comparison of the results (Fig. 10) with the observed crack
pattern is useful to understand the settlements which actually happened. The preliminary results
show that soil settlements in the 2nd and 4th line of piers give a good match between the
simulations and the survey crack pattern (Fig. 5). Moreover, the settlements of the 4th line of
supports find further confirmation in the values of tension force in the iron ties (see next section
4.3).
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a)

b)

c)

d)
Figure 10: Damage simulation in the current configuration due to settlements a) 1st, b) 2nd, c) 3rd, d) 4th support.
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4.3 Analysis of the tension in the iron tie rods
The tension force in the iron tie rods, measured experimentally during a previous diagnostic
campaign [12] is used here in combination of the numerical model to understand the effects of
the settlements (Fig. 11). The tension force in the iron tie rods from the self-weight is 46.9 kN,
which is far from the experimental values, denoting the possibility of settlement effects (as seen
in the crack pattern).
The settlements effects produce tension force values in the range 22 kN – 97 kN. In particular
the three supports 1 – 3 contribute to lowering the tension tie force. An exception here is only
in the 4th support (southern pier) settlement, which doubles the axial force up to 97 kN. This
value is particularly close to experimental measurements in the 1st and 3rd bay, which indicates
the settlement of the 4th support gives an important contribution in the damage pattern and the
tension value in iron ties. Further analysis of these results should allow to understand a more
detailed view of the actual combination.

1
2
3
4

Figure 11: Measurements of the iron tie axial force and the iron tie rod position in plan.

5 CONCLUSIONS
In the present paper the study of the structural damage in relation to construction phases and
to soil settlements has been presented. The church of St. Bassiano which has been used as case
study features many transformations in the past centuries. This makes it a perfect case to study
these phenomena and observations. The conclusions of present study are:
- the importance of the geometry and the survey with LiDAR scanning in the creation of
realistic FE structural models;
- the clear connection of the observed damage with the removal of the southern chapels;
- the crack pattern is related to a combination of settlements, where the one affecting the
southern pier is particularly important since it produces damage similar to the present
crack pattern; this result is relevant for the strengthening intervention – de facto one of
the future restoration phases will improve the foundations by underpinning.
- the possibility to interpret the measured tie tension as a combination of settlement effects.
Further work could consider: LiDAR scanning of the exterior and updating the FE model
accordingly; extraction of structural deformations from the point cloud, calibration and
refinement of material properties and a detailed study of the soil settlement effect combination.
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Abstract. The technology of the Bourbonic casa Baraccata is one of the earliest earthquake
resisting systems, used since the 18th century across Southern Italy in response to the
disastrous earthquakes that hit the region frequently. The church of Santa Maria Maddalena
in Casamicciola Terme, Ischia Island, Italy, represents one of the very rare examples, with a
unicity lying on the combination of materials adopted. It presents the regular Bourbonic
Baraccato walls in the back portion, and tuff-masonry walls embraced in iron frames in the
main body. The paper aims at presenting the development of a 3D Finite Element Model
(FEM) calibrated taking advantage of ambient vibration tests performed under operational
conditions. Sensitivity analyses allowed to inspect and validate several modeling strategies
and explore the relevance of the data still unknown to define a reliable numerical model to
perform the study on the seismic behavior of the church of Santa Maria Maddalena.
1 INTRODUCTION
Historical masonry churches are one of the most seismically vulnerable building typologies
which need to be preserved considering their value in cultural heritage. Though several in-situ
and numerical investigations have been performed in past studies (for example [1]–[5]), the
structural behavior of these buildings is still not fully understood to date. The seismic safety
assessment of churches is a very complex task due to the numerous irregularities and
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uncertainties (geometry, mechanical material properties, historic evolution of the structure,
etc.). In particular, these buildings can exhibit numerous failures depending on different
parameters such as: mass and stiffness distributions, connection among transversal walls,
thrusting roofs, masonry qualities, etc. The failure modes observed for these buildings
downstream of seismic events can be divided into a limited group of typical failures. For these
reasons, historical masonry structures present a high number of challenges in the safety
assessment.
Different conservation methodologies are present in the literature to analyze and retrofit
historical masonry construction, as evidenced by [6]. The timber-masonry system represents
one of the most used reinforcement strategies in Southern Italy since the catastrophic seismic
events of the 18th century. The structural performance of the so-called Bourbonic Baraccato
system has been studied by [7] and [8], while investigations on similar systems have been
carried out by [9]. This construction system is even more interesting in the case of the church
of Santa Maria Maddalena in the Ischia Island (Italy), where it was combined with a mixed
iron-masonry solution. A first study on this particular church has been carried out by [10],
while open issues on the modeling strategies are still worthy to be addressed.
Non-linear analyses are recommended for the evaluation of the structural behavior of these
buildings, requiring a good level of knowledge of the construction such as the mechanical
properties of the materials. In common practice, destructive and non-destructive tests can be
performed in order to evaluate masonry material properties. In particular, non-destructive tests
are mainly used for the evaluation of the elastic properties of the material, such as Young’s
modulus. Since a calibration of the instruments’ curves through the execution of a minimum
number of destructive tests is necessary for the determination of reliable values of the
mechanical properties, their use in the investigation of the non-linear field of the material is
limited. Destructive tests are more suitable to assess the material strength values but they are
not recommended, and usually not allowed, for historical buildings due to their high
invasiveness. Among non-destructive tests, dynamic identification test is a valuable and
reliable tool for the evaluation of the elastic material properties. In fact, the identification of
the natural modal shapes and frequencies of the structures can be used for the validation and
the calibration of numerical models, in the elastic-field.
This paper presents a methodology for the calibration of a refined numerical model of a
case study, the Santa Maria Maddalena church in Ischia, according to the in-situ dynamic
identification tests presented by [11]. The post-processing results performed in ARTeMIS
environment are presented and compared with the eigenvalue analyses results obtained in the
numerical model. Lastly, the description of the calibration procedures, obtained through the
comparison of the modal shapes and frequencies of the existing structure and the numerical
model, enables the validation of some of the adopted modeling strategies and the updating of
the Young’s moduli of the masonry walls [12]. In addition, the paper presents final remarks
regarding the calibration phase and the experimental campaign.
1.1 Description of the case study
Downstream of the moderate seismic event (Mw = 4.2) that hit the Ischia Island on August
21st, 2017, the church of Santa Maria Maddalena in Casamicciola Terme exhibited a
relatively low post-seismic damage to the structural system, with distributed crack patterns
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mainly detected in the decorative elements, as evidenced by [11].
The building was re-built at the end of the 19th century, after one of the deadliest
earthquakes that stroke the Ischia Island in its history, the Casamicciola Terme earthquake of
1883. The construction was designed with one of the most advanced techniques for the
seismic risk mitigation at the time and in compliance with the post-seismic recommendations
of the municipalities, the adoption of the Bourbonic Baraccato system.
As sketched in Figure 1, the church is composed by the religious spaces arranged with the
typical Latin-cross shaped plan configuration (blue), a two-story back part, which hosts some
spaces for the parish’s activities and the priest’s house (green), and the bell tower located in
the north-western corner (red). The front part consists of an almost rectangular footprint of
dimensions 39.04 m x 20.72 m with five different height levels. The maximum heights of the
church are 16.32 m and 22.30 m for the roof top and the bell tower, respectively. It is
important to underline that 6 rows of columns are located along the central nave up to the
transept. The church covering is supported by a simple system of Palladian timber trusses,
aligned along its longitudinal direction.

a)

b)

c)

Figure 1: a) Volumetric representation, b) external view of the church, c) internal view of the church

a)

b)

Figure 2: a) Iron-Baraccato wall panel, b) timber-Baraccato wall panel

The particularity of this building is the use of a mixed system for the load-bearing walls,
made of Neapolitan yellow tuff blocks and either chestnut timber or iron elements. In the
front part, the church is composed by the mixed iron-masonry technology (Figure 2a), with
masonry enveloped in two layers of iron frames which are connected transversally through the
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walls thickness. This technology was identified as the so-called ‘iron-Baraccato’ system for
the similarity between the layout of the iron frames and the layout of a regular Baraccato
panel ([8], [11]). Some in-situ investigations allowed to identify this layout that is presented
in Figure 3. The frames encaging the walls constitute a rigid skeleton whose principal
advantage to the structural behavior is the connection that they provide between the various
structural units. They primarily assure the connection between orthogonal walls, floors and
columns. The use of the iron also in these structural units, indeed, enables a structural
continuity of the iron frames of the walls and their metallic elements which connection is
easily and effectively resolved. Lastly, the presence of a double layer of iron frames tied with
each other provides to the walls a certain level of confinement, which increases the overall
strength of each wall section.

a)

b)

Figure 3: Layouts of the iron frames of the system: a) front façade, b) central nave

Additionally, the use of the traditional Baraccato system (later addressed as ‘timberBaraccato system’), with timber frames embedded inside the masonry texture, was also
detected in the back part (Figure 2b). As mentioned above, this constructive system is
widespread in Southern Italy as one of the first engineered earthquake resisting systems
developed between the 18th and 20th centuries [13]. The use of the two different constructive
systems together in a religious building defines the peculiarity of the building itself. The
reason for the use of both technologies in the same building is not evident in any reference
known to the authors, both were indeed identified by the building regulations as the
recommended systems to apply in the reconstruction. However, the use of the iron-Baraccato
technology for the main portion of the church and, conversely, the use of the timberBaraccato one for the rear one may be due to economic reasons.
2 DYNAMIC IDENTIFICATION OF THE CHURCH
2.1 In-situ ambient vibration tests
In-situ ambient vibration tests were performed under operational conditions, under
commission of the Campania Regional Directorate for Cultural Heritage (MiBACT), in order
to investigate the dynamic response of the structure [11].
Two different test setups were used, with measurement points located at three different
levels of the church, as shown in Figure 4. The measurements reported in red color are the
ones that were maintained in the same position for the implementation of the two setups, in
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green the ones corresponding to the first setup and in blue to the second setup.
The data were collected using ceramic piezoelectric uniaxial accelerometers with high
sensitivity (10.0 V/g), low noise (0.13 μg/√Hz), resolution of 10-5 g rms and frequency range
of 0.1-200 Hz. They were firmly anchored to the church walls by means of metallic plates
avoiding damaged zones and plaster detachments, in order to assure good quality readings.
The two setups recorded ambient vibrations for a total time of 3600s with a sampling
frequency of 100 Hz. More details can be found in the work of [11].

a)
b)
c)
Figure 4: Location of the accelerometers at a) +7.35 m level, b) +10.00 m level and c) +11.80 m level

2.2 Operational Modal Analysis (OMA)
The results obtained from the ambient vibration tests were post-processed using ARTeMIS
software [14]. The two setups were analyzed both with the Enhanced Frequency Domain
Decomposition method (EFDD) and the Stochastic Subspace Identification - Unweighted
Principal Components Merged Test Setups method (SSI-UPCX). Since more accurate results
were provided by the former method ([10], [11]), only the results obtained by using EFDD are
presented in this paper. Figure 5 presents the natural frequencies, modal shapes and damping
ratios of the first three modes of vibration which were identified for the structure. In
particular, the identified modal shapes can be described as follows:
- Mode I: translational mode in the transversal direction of the church, characterized by
major amplitudes of the transept and in-phase displacements between the central nave and the
apse walls;
- Mode II: translational mode in the longitudinal direction of the church, characterized
by major amplitudes in the central nave and in-phase displacements between the central nave
and the apse walls;
- Mode III: mode characterized by the out-of-phase displacements of the longitudinal
walls in the transversal direction.
It should be noted that the modal shapes are highly influenced by the geometry
implemented in ARTeMIS software, since the representation of the only measured nodes is
not enough to clearly understand the effective modes of vibration of the structure. Therefore,
the geometrical model of the church was iteratively optimized to compromise between a
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sufficiently detailed representation of the building and a sufficiently simplified geometry,
taking advantage of the interpolation functions available in ARTeMIS software that were
applied to the non-measured nodes to supply the missing information.
Mode I

Frequency = 2.54 Hz
Damping ratio = 2.23%

Mode II

Frequency = 3.75 Hz
Damping ratio = 1.43%

Mode III

Frequency = 4.90 Hz
Damping ratio = 1.21%

Figure 5: Results obtained by using EFDD method

3

BRIEF DESCRIPTION OF THE FEM MODEL

For the structural assessment of the church a FEM model was prepared in Midas FX+ and
DIANA 10.3 (DIsplacement ANAlyser) [15], representing the full relevant structural
characteristics of the building.
An initial tentative model was implemented with the following characteristics to be
inspected during the calibration phase. In general, the linear elements of the church, i.e. iron
and timber frames of the load-bearing walls, columns, timber beams of the apse dome, ties,
etc., were represented with 3D beam elements self-standing or embedded in other elements.
The two Baraccato walls typologies were modeled with different strategies: a) 3D solid
elements with imprinted and embedded 3D beams for the iron-Baraccato walls, b) regular
curved shells with imprinted beams for the timber-Baraccato walls. The metallic floor slabs of
the building were represented with regular curved shells, implementing orthotropic behavior
with relevant stiffness along the beam orientation direction. The roofing system, consisting in
a non-thrusting timber system composed of king post trusses, was modeled through the
application of an equivalent mass at the top of the model distributed along the roof perimeter.
Lastly, as first tentative and not to overweigh the complexity of an already size relevant
model, the boundary conditions representing the interaction of the church with the soil were
set to perfectly fixed conditions. Figure 6 presents a view of the mesh of the numerical model.

Figure 6: Representation of the 3D FEM model of the church (roof ties omitted) [12]
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As for the mechanical characteristics of the materials found in the church, elastic properties
were assigned on the base of the literature and code values. The Young’s and shear moduli of
the orthotropic material implemented for the floor slabs were assigned with simple
engineering calculations based on iron properties assumed from the literature and according to
[16]. Lastly, masonry was modeled with non-linear properties assuming parabolic behavior in
compression and exponential behavior in tension [15] (Figure 7), with strength values
estimated as the minimum values recommended by the Italian code [17], reported in Table 1.
Table 1: Elastic material properties of the materials in the model ([10], [12])
WROUGHT IRON [18]
Material property
Symbol
Value
Density
ρ
7.85
Young’s modulus
E
154
Poisson’s ratio
ν
0.3
TIMBER – CHESTNUT [19], [20]
Material property
Symbol
Value
Density
ρ
0.64
Young’s modulus
E
8000
Poisson’s ratio
ν
0.3
CONCRETE [21]
Material property
Symbol
Value
Density
ρ
2.4
Young’s modulus
E
25.3
Poisson’s ratio
ν
0.2
MASONRY [17], [22]
Material property
Symbol
Value
Density
ρ
14
Young’s modulus
E
887*
Poisson’s ratio
ν
0.2
Compr. strength
fc
1400
Tens. strength
ft
140
Compr. fracture energy [23]
Gc
3.72
Tens. fracture energy [23]
GftI
0.012
* Young’s modulus obtained through modal calibration

(a)

Units
[T/m3]
[GPa]
[-]
Units
[T/m3]
[MPa]
[-]
Units
[T/m3]
[GPa]
[-]
Units
[T/m3]
[MPa]
[-]
[kN/m2]
[kN/m2]
[kN/m]
[kN/m]

(b)

Figure 7: Stress-strain diagrams adopted for the behavior of masonry in a) tension and b) compression
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4

CALIBRATION

The described model was implemented with the purpose of including all the complexities
of the existing building in order to inspect its global structural and dynamic behavior. To this
end, the model construction had to face two challenges: 1) the choice of an appropriate
modeling strategy for each structural element, 2) the selection of appropriate mechanical
characteristics of the materials involved. Both were overcome by validating the adopted
modeling strategies with the results of the OMA introduced in Sect. 2, and by calibrating the
relevant elastic mechanical characteristics tuning the natural frequencies of the model with the
ones measured in the church. In particular, the process of validation of the modeling strategies
consisted of an iterative procedure in which each strategy was inspected by eigenvalue
analysis and comparison with the modal parameters obtained with the OMA. On the other
hand, due to the great relevance of masonry elastic properties in the definition of the stiffness
of the system, its elastic Young’s modulus was calibrated to tune the first natural frequency of
the FEM model as equal to the first natural frequency of the real structure. This section
illustrates the processes that allowed the definition of the final model on which perform the
structural analyses ([10], [12]).
4.1 Calibration of the modal shape
The results of the analysis of the first tentative model evidenced a first global modal shape
which mainly involved the transversal deformation of the western section of the transept and a
relatively small deformation of the front and the back parts of the church. Even if not
corresponding to the experimental results, such a response was expected to some extent. In
fact, the difference in the geometrical stiffnesses provided by the western part of the transept,
laying partially on the top of the colonnade, and the eastern part, represented by the two Lshaped walls of the transept and the apse, is evident. Conversely, the absence of mobilization
of the back portion of the church, witnessing higher stiffness with respect to the main body,
needed a more detailed study in order to inspect possible causes. Moreover, the observed
dynamic response could also be due to different modeling strategies chosen a priori, such as
the choice of the boundary conditions to apply to the foundation system and the exclusion of
the mass and stiffness contribution given by the roofing system, suppressed in the first
tentative model.
For the above-mentioned reasons some alternative models were prepared in order to
inspect: a) the influence of the geometrical and mechanical stiffness of the back part, b) the
influence of the modeling strategies to apply to the foundation system, c) the influence of the
modeling strategies to apply to the roofing system.
4.1.1

Geometrical and mechanical stiffness of the back part

In order to inspect the structural relevance of the rear portion of the building, a partial
model was developed by extracting the back portion from the original model (MG_01). This
step allowed to highlight, firstly, the great geometrical stiffness of this portion, witnessed by
the lack of global modes for frequencies of the order of 10 Hz (Figure 8). Secondly, it was
noticed that the modal shape of the church portion is still governed by the L-shaped walls of
the transept which do not allow the development of proper translational modal shapes. Lastly,
as expected, the layout of the timber frames scarcely influences the modal shapes of the sub-
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structures, as evidenced in the analysis of a model with the complete absence of timber
elements (MG_02), while having relevance in the modal frequencies as evidenced in Table 2.

#1
4.07 Hz

#2
5.32 Hz

#3
5.36 Hz

#4
5.99 Hz

#5
7.16 Hz

#6
8.55 Hz

#7
9.93 Hz

#8
10.31 Hz

Figure 8: First eight modal shapes of the MG_01
Table 2: Frequency comparison of the models MG_01 and MG_02
Mode
1
2
3

Frequency [Hz]
MG_01
MG_02
4.071
3.294
5.320
4.926
5.378
5.039

Decrease
[%]
19.1
7.4
6.3

Besides, the structural stiffness of the rear portion was inspected also with a global model
in which the back wall of the canonical house is weakened in various ways: suppression of the
central section of the canonical house (MG_03), suppression of the masonry arch at the top of
the apse (MG_04), and combination of the two scenarios (MG_05). In fact, the contribution
of stiffness of a long wall such as the back wall of the canonical house, along with the apse
dome and arch, is relevant to the definition of the global behavior. Conversely, the analyses
evidenced that the translational response of the structure is governed by the high stiffness of
the western branch of the transept and by the higher deformability of the eastern branch and
the naves, so the back wall and apsidal section stiffness contribution is irrelevant (Figure 9).
For these reasons and for consistency with the geometrical survey, these elements were kept
as original in the final model and further calibration strategies were adopted for the modal
shapes.

#1 (f = 3.01 Hz)
a)

#1 (f = 3.02 Hz)
b)

#1 (f = 3.01 Hz)
c)

Figure 9: First global modal shapes of the models a) MG_03, b) MG_04, c) MG_05

4.1.2

Foundation stiffness influence

As mentioned above, the modeling strategy for the foundations was the adoption of
perfectly rigid boundary conditions. It is well known that in a realistic representation of the
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soil-structure interaction some movements are expected. Some analyses were performed
(MF_01), by modeling the soil-structure interaction through interface elements with assigned
limited stiffness in the vertical direction, according to the Winkler’s theory of the elastic soil.
It is worth highlighting that such a refined model should be supported by an appropriate level
of knowledge about the soil characteristics. In the present case, it was adopted in the scope of
inspecting the sensitivity of the dynamic response to these parameters and the need of
improving their knowledge. For this reason, the elastic modulus of the soil was esteemed with
the literature values (E=120 MPa), considering the edometric modulus equal to 1.15 times the
elastic one.
Moreover, since the eigenvalue analyses described so far never involved the translational
response of the back portion of the church, an attempt of mobilizing it was carried out by
significantly decreasing the mechanical stiffness of the material representing the masonry
walls of the canonical house and the stiffness constant of the interface elements below the
canonical house (MF_02), also considering optimal characteristics of these two parameters in
the main body portion of the church (MF_03). As observed in Figure 10, the influence of
these strategies with respect to the dynamic behavior of the church has more relevance in the
natural frequencies of the structure rather than in the modal shapes. For this reason, and due to
the limited knowledge of the soil characteristics, the interface modeling of the foundations
was discarded, and the same value of Young’s modulus was kept for all the masonries.

#1 (f = 2.34 Hz)
a)

#1 (f = 2.40 Hz)
b)

#1 (f = 3.69 Hz)
c)

Figure 10: First global modal shapes of the models a) MF_01, b) MF_02, c) MF_03

4.1.3

Roof mass and stiffness influence

With the aim of reducing the model complexity and size, it was initially decided not to
include the roofing system in the numerical model, due to the relatively small mass of the
timber roof and the relatively high deformability of the attic floor slab. This approach
included two simplifications which have great impact in the dynamic response of the
structure: a) the suppression of the participating mass of the roof located at the top of the
construction; b) the suppression of the stiffness contribution provided at the attic level by the
attic floor slab and the roof trusses, which, in particular, enable the redistribution of the
horizontal loads at the top of the church walls in case of earthquake.
A further development of an additional model (MR_01), allowed to minimize the error
connected to these simplifications, in which the roof mass was applied at the top of the
structure as a distributed mass and the timber ties of the roof trusses were simulated with
transversal ties over the central nave and the transept. Moreover, more modifications were
inspected by inserting additional ties across the cross-shaft (MR_02). The inclusion of these
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modifications in the final model allowed a better approximation of the numerical model to the
experimental results and to the expected dynamic behavior (Figure 11).

#1 (f = 3.02 Hz)
a)

#1 (f = 2.16 Hz)
b)

#1 (f = 2.54 Hz)
c)

Figure 11: First global modal shapes in a) the first tentative model, b) MR_01, c) MR_02

However, the modal shapes obtained still hardly correspond to the experimental ones. In
fact, the modifications implemented allow a more coherent transversal behavior of the naves,
the transept and the back portion, but a relevant deformation of the longitudinal walls of the
central nave in the transversal out-of-plane direction is also detected. More studies were
performed in order to try to limit the latter behavior by incrementing significantly the stiffness
at the roof level, but no significant improvements were found. Conversely, it can be observed
that the performed test setup was not able to catch this behavior since no accelerometers were
placed at the top-middle location of the second-story walls of the central nave (Figure 4).
Hence, the experimental results can only be compared with a partial numerical model in
which the upper walls of the central nave are removed, which provide a good shape
approximation indeed (Figure 12).

Figure 12: First modal shape of the final model (MR_02) removing the upper walls of the central nave

4.2 Calibration of the modal frequency
Further, the calibration of the elastic properties of the masonry material was carried out,
according to [24], through the adaptation of the first numerical global frequency to the first
experimental one. The iterative minimization procedure of error on the first frequency led to
the estimation of a Young’s modulus of the masonry material of 887 MPa, from a first
tentative value of 920 MPa. Subsequently, the Modal Assurance Criterion (MAC) was
calculated to evaluate the modal shapes of the first three modes, leading to a MAC = 0.74 for
the first mode and irrelevant MAC valued for the sequent. It must be pointed out that
optimum correlations are represented by MAC≥0.9, good correlations by 0.8≤MAC<0.9 and
acceptable correlations by 0.7≤MAC<0.8. MAC values lower than 0.7 are not considered
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acceptable for matched modes [24]. The present case is assessed in an acceptable range of
values, which was expected since many issues were encountered during the OMA and the
calibration of the modal shape.
5

DISCUSSION AND CONCLUSIONS

This paper discusses the methodology applied to an historical building complex in shape,
materials and constructive technologies, in order to identify the dynamic properties of the
structure and implement a numerical model able to catch its seismic behavior. After the
execution of ambient vibration tests on the existing church and the performance of an
Operational Modal Analysis to post-process the results, some eigenvalues analyses were
performed on alternative versions of the FEM model in order to inspect the influence of the
various modeling strategies and mechanical characteristics applied.
In conclusion, it can be observed that the several attempts explored to find a better
agreement between the numerical and experimental models well testify the challenging
complexity of the structural typology of the church. It was highlighted that the level of
knowledge of the structural details and the materials highly influenced the definition of the
modeling strategies adopted for the numerical model in the scope of inspecting their relevance
in the structural behavior of the building. In this sense, it was observed that simplifications
adopted at the beginning of the modeling phase highly influenced the response. Therefore, the
modeling strategy and simplifications in the modeling of a complex structure should be taken
with great care. The results of the performed ambient vibration tests revealed to be in some
cases incomplete in the description of the complex dynamic response of the church, underling
the usefulness of preliminary numerical models for defining measurement setup in dynamic
identification tests for such complex structures as the Santa Maria Maddalena Church.
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Abstract. Masonry structures constructed about one hundred and fifty years ago, in the era
of the opening of Japan, have been recognized as industrial heritages. Many of them are
masonry warehouses made of brick or stone walls framed by wood members. In this research,
a two-story warehouse in Tomioka city, a mortar jointed brick masonry with wooden frame
reinforcements, was studied for strong earthquake ground motion. Several vibration modes
were identified by micro-tremor observations and excitation tests. The three-dimensional FE
overall model was constructed and tuned for the distinctive vibration modes. Two DEM local
models, one for bending at the center bottom of the wall treated by plane strain, and the other
for shear at the upper corner of the wall by plane stress, were constructed to evaluate brick
joint splitting. For both models, dynamic displacement response obtained by the threedimensional FEM were specified at their peripheries via periphery blocks. At the center bottom
of the wall, horizontally developing joint splitting in the section was evaluated. At the upper
corners, obliquely proceeding joint splitting on the wall was evaluated. In these analyses, the
specified displacements were calculated by the FE model for intact brick walls, regardless of
the degrading status of the walls. Although this assumption will have to be justified, the results
of DEM were consistent with the reported summary of past earthquake damages.
1 INTRODUCTION
Masonry structures constructed just after the opening of the modern Japan, about one
hundred and fifty years ago, have been recognized as industrial heritages. Many of them are
masonry warehouses made of brick or stone walls framed by wood members. Though some of
them are renovated for modern use, it is indispensable to preserve their original structures for
their values. Our research can help renovation design of utilizing their original structural
strength. We have been studying collapse mechanisms of masonry structures e.g., a dry
masonry Angkor heritage prototype [1 and 2] and a mortar jointed brick chimney in Tokoname
[3]. Our strategy constitutes measurements of micro tremor, validation of finite element or
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discrete element models, and simulation for unexpected large disturbances.
At this time, a two-story warehouse in Tomioka city shown in Figure 1, a mortar jointed
brick masonry with wooden frame reinforcements, was studied for strong earthquake ground
motion. It has six bays in longitudinal ridge direction of 33.1 m and two bays in transverse span
direction of 7.6 m and the height is 9.7 m. Several vibration modes were identified by microtremor observation and 2nd floor excitation, which were accompanied with remarkable out-ofplane deformation of walls. Taking these three-dimensional vibration characteristics into
account, we decided to couple three-dimensional finite element analyses with our twodimensional discrete element method (DEM) software.
The three-dimensional overall FE model was tuned for the distinctive vibration modes by
closely evaluating stiffness of wooden structures at roof and 2nd floor levels. Analyses for static
horizontal load and dynamic ground motion exhibited that the Von Mises stress was dominated
at the centre bottom and at the upper corners of the longer wall in the excitation along the shorter
edge direction. The former predominance implied the dominating bending stress and the latter
the dominating membrane stress due to the constraining effects of the perpendicular shorter
walls.
Two DEM local models were constructed; one for the centre bottom of the wall treated by
plane strain and the other for the upper corner of the wall by plane stress. For both models,
time-varying dynamic displacement response obtained by the three-dimensional FEM were
specified at their peripheries. At the centre bottom of the wall, DEM revealed that the joint
splitting was developing horizontally in the section; while at the upper corners, joint splitting
was proceeding obliquely on the wall. In these analyses, FEM based overall response with intact
brick walls was used regardless of the degrading status of the walls. Although this assumption
will have to be justified, the results of DEM were consistent with the reported summary of past
earthquake damages.

East view

South elevation

West elevation

1st floor plan

Roof beam plan

Figure 1: Exterior appearance, plan, section, and elevation of the warehouse
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2 MEASUREMENTS AND VIBRATION CHARACTERISTICS
2.1 Measurements and analyses
Micro-tremor observations and excitation tests were carried out to identify natural
frequencies and vibration modes of the structure. Servo-type accelerometers of sensitivity
0.3V/(m/s2) were used with 16-bit data recorder at 1/256 sec sampling and 0.01 V range. The
exciter was a linear motor type with a moving mass of 50 kg. The representative locations of
accelerometers and the exciter are depicted in Figure 2.
Micro-tremor was measured for 20 minutes and divided into twenty samples of 1 minute,
then calculated spectra were ensemble averaged to deduce the transfer functions via FFT. The
exciter was operated by two rounds of ascending and descending logarithmic sweep signals
from 1 Hz to 30 Hz for two minutes in total. Four of 30 seconds of one-way log-sweep samples
were used for the transfer function similar to micro-tremor data. The transfer functions are
calculated by H1 definition, i.e. square norm of cross spectrum divided by products of square
roots of auto spectra.
A’

A

2nd floor beam plan

accelerometer

exciter

A-A’ section

Figure 2: Location of accelerometers and an exciter

2.2 Micro-tremor measurements
Acceleration wave forms and Fourier amplitudes at the center of the 1st floor are shown in
Figure 3 for longitudinal and transverse directions. The predominant frequency of 10 Hz is
attributable to the reverberation of the subsurface ground.
In Figure 4, transfer functions at the roof level and the 2nd floor level are shown in both
directions referring to the 1st floor level. For the transverse direction, the 1st peak at the
fundamental frequency 1.95 Hz is followed by several peaks at 4.43, 5.53, 6.87, and 8.37 Hz.
Around 5.53Hz and 8.37 Hz, phase relations imply that the corresponding peaks are non-local
shear vibration modes. For the longitudinal direction, limited number of peaks are observed.
The fundamental frequency is deduced as 7.47 Hz.
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transverse comp.

longitudinal comp.

transverse comp.

longitudinal comp.

Figure 3: Micro-tremor at the center of the 1st floor
1.95
7.47
4.43

16.88

5.53
6.87
8.37

9.83

transverse comp.

longitudinal comp.

Figure 4: Transfer functions by micro-tremor at the center of the floors

2.3 Excitation by an exciter
The waveform and Fourier amplitude of the log-sweep force are shown in Figure 5. In Figure
6, resonant curves are compared at the roof and the 2nd floor levels. For the transverse direction,
the fundamental frequency is 2.03 Hz and the major peaks with resonated phase are seen at 6.00
Hz and 8.63 Hz. In the longitudinal direction, the 1st peak at 7.43 Hz is not dominated and
followed by peaks at 10.57Hz and 16.50 Hz.
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Waveform of log-sweep force

Fourier amp. of log-sweep force

Figure 5: Excitation force at the center of the 2nd floor

transverse comp.

longitudinal comp.

Figure 6: Resonant curves for excitation at the center of the 2nd floor

2.4 Comparison of peak frequencies
Peak frequencies obtained by micro-tremor observation and excitation tests are compared in
Figure 7. They are mostly corresponding with each other, which implies that this small size
exciter is effective in obtaining resonant curves of this stiff and heavy masonry structure.

transverse comp.

longitudinal comp.

Figure 7: Summary of peak frequencies by measurements and accumulated effective mass ratio by FEM
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3 OVERALL FEM MODEL
3.1 Finite element modeling and validation
The finite element model for the masonry warehouse was constructed by combination of
isotropic solid elements and beam elements; the former for brick walls and the latter for wooden
beams, columns and roof construction. Material constants for beam elements are referred to that
of red pine wood obtained by the material test for this project. Poisson’s ratio and density for
solid elements are typical value for bricks, and Young’s modulus for solid elements are set to
fit the fundamental frequency of 1.95 Hz in the transverse direction. Damping ratio is 2 %.
These material constants are summarized in Table 1. The finite element model is shown in
Figure 8. Variation of wall thickness is modelled according to the actual wall configuration as
shown in the figure.
Effective mass ratios for natural modes are plotted for natural frequencies and compared
with the peak frequencies obtained by micro-tremor observation and excitation tests in Figure7.
Peak frequencies are mostly corresponding to the large effective mass ratio.
Table 1: Material constants for brick solid element and wood beam element

Brick
Wood

Young’s modulus [N/mm2]
2,310
11,830

Mass density [g/cm3]
1.67
0.57

Poisson’s ratio
0.2
0.4

3.2 Simulation analysis (phase in excitation test)

3,100

Transfer functions referred to the 1st floor are calculated by time domain FEM linear analysis
in each direction as shown in Figure 9. Input acceleration is a 128 sec. portion of measured
micro-tremor data on the 1st floor as shown in Figure 3. Similar results for the excitation test
are shown in Figure10 where the measured excitation force is used as an input. Comparing these
transfer functions with the corresponding experimental ones in Figure 4 and Figure 6, the FEM
simulation in the transverse direction is effective up to 5 Hz covering the 1st and 2nd peaks, and
in the longitudinal direction up to 10 Hz including the 1st peak.

exterior

interior

4,088

7,188

Overall model.

115 230 115

Figure 8: Overall FEM model

1864

Brick wall section model

Toshiro Maeda, Hiromu Tanaka, Miki Shirahashi and Bun Higashizawa

10.33

1.93
4.30

7.53

8.30
6.87
18.20
12.63

transverse comp.

longitudinal comp.

Figure 9: Transfer functions for micro-tremor by FEM
8.27

10.33

10.13
4.30

18.27

1.97

12.53
6.87

transverse comp.

longitudinal comp.

Figure 10: Resonant curves for exciter on the 2nd floor by FEM

3.3 Linear static and dynamic stress analyses
Following the shear coefficient design procedure in Japan, static earthquake load
corresponding to the base shear coefficient of 0.2 is applied to the finite element model in each
direction. In Figure 11, the distributions of deformation, von Mises stress, and relevant stress
components are depicted in transverse direction. Deformation is large in the middle of the roof
construction and edges of walls nearby. Normal stress σzz is dominant at the bottom of the
longer brick wall due to the out-of-plane bending at the foot of the wall. Membrane shear stress
σxz near the upper corners of the longer brick wall is remarkable.
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In Figure 12, these distributions are shown for longitudinal direction. Similar trends are seen
in σzz and σyz , but not that remarkable. Then, we will focus on behavior in transverse direction
hereafter. Stress distribution in the longer wall is similar to that of a gravity-loaded plate with
three edges fixed; since base and perpendicular shorter walls play roles of constraints along the
three edges of the longer wall. With the same finite element model, a dynamic analysis was
carried out with Kobe NS component ground motion in 1995 as shown in Figure 13. The
distributions of maximum absolute stress shown in Figure 14 are similar to that of the static
loading.

Von Mises stress

Deformation

z
σzz

y

σxz

x

Figure 11: Distribution of deformation and stress components for static load in transverse direction

Deformation

σzz

Von Mises stress

z
y

x

σyz

Figure 12: Distribution of deformation and stress components for static load in longitudinal direction
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Figure 13: Waveform and Fourier spectrum of input wave, Kobe 1995

Von Mises

Deformation

σzz

z
y

x

σxy

Figure 14: Maximum deformation and stress for Kobe ground motion in transverse direction

4 LOCAL DEM MODELS
4.1 Finite element model and the local discrete element models
Strength of brick wall is governed by the shear strength of its joint. Shear strength and tensile
strength of brick joint is much weaker than compressional strength, usually assumed as 1/10 of
compressional strength. For the loading in transverse direction, tensile stress at the center
bottom and shear stress around upper corners of the longer wall are most significant.
After local crack develops along the joints, brick walls are regarded as discontinuous
structure. DEM is a powerful tool to analyze discontinuous structure; the structure is modeled
by a set of rigid blocks or deformable blocks moving with each other under external forces and
contact conditions. However, it requires long time of computation with large amount of memory
to evaluate contact between tremendous number of DOF’s of blocks in a three-dimensional
discontinuous model. It may be advantageous to incorporate three-dimensional FEM and twodimensional DEM to predict crack expansion in certain parts of the structure during earthquake
ground motion.
We set two DEM local models; one for at the center bottom of the longer wall and the other
at the upper edge near the corner of the longer wall as shown in Figure 15. The former model
is a part of the wall section modeled by plane strain and designated as bending model. The latter
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model is a part of the wall modeled by plane stress and designated as shear model. Both local
models are modeled by a set of rigid blocks with normal and shear contact springs along their
edges. The normal spring is used to prevent penetration and the shear spring to evaluate shear
stress to be used for slip criteria. Contact strengths at interfaces are defined by tensile strength
and slip criteria expressed by cohesion and friction angle shown in Table 2. Mass density of
blocks is 1.66g/cm3.
The input motion for the DEM models are the displacements calculated by FEM dynamic
analysis. The motion is specified at the peripheries of the DEM models, where special blocks
called by the periphery blocks are equipped. The periphery blocks are expressed by double lines
along the edges in Figure 16 and Figure 17. Normal contact spring coefficients are assumed by
Young’s modulus of the brick divided by distance between adjacent block centers as shown in
Table 3. Shear contact spring coefficient is specified as 0.0353 N/mm3, according to the
Young’s modulus of joint material. Shear and normal contact springs for the periphery blocks
are parametrically assumed as 10N/mm3, 1N/mm3, and 0.1N/mm3. In this paper, the result for
10N/mm3 are shown for space limitation.
Table 2: Strength for brick solid elements

Interior interface
Periphery interface

Tensile strength
[N/mm2]
0.45
10,000

Cohesion
[N/mm2]
0.52
10,000

Friction angle
[degree]
33
89

Table 3: Normal contact spring coefficients for horizontal and vertical joints [N/mm3]

Bending model
Shear model

Horizontal joint
34.48
Horizontal joint
34.48

Vertical center joint
10.04
Vertical for long face
20.09

Vertical off-center joint
13.39
Vertical for short face
10.04

2.211m
5.635m

Shear mdel

1.139m
Bending model
Figure 15: Locations of local DEM models

4.2 Plane strain analysis for bending model
In Figure16, development of cracks at joints in the wall section is shown for the case of
10N/mm3 periphery block contact spring. Firstly, horizontal cracks appear at the outer face then
at the inner face; cracks appear alternatively at both faces while proceeding to interior region
and finally several joints penetrating whole thickness of the wall. Cracking pattern depends on
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the periphery block contact spring; crack concentration at the middle of the wall for 1N/mm3
and less cracking for 0.1N/mm3 (not shown here). The cracking pattern for 10N/mm3 suits to
the summary of empirically inferred collapse mechanism for masonry walls [4].
4.3 Plane stress analysis for shear model
In Figure17, development of cracks at joints on the wall is shown for the case of 10N/mm3
periphery block contact spring. Crack patterns comprises vertical and diagonal cracks; the
vertical cracking is proceeding downward from near the corner of the wall, while the diagonal
cracking is proceeding from the lower left corner toward the upper right corner. Similar to the
bending model, cracking is less observable for the smaller periphery block contact spring (not
shown here).

6.73sec

7.05

7.49

7.71

7.97

8.67

9.17

Figure 16: Development of cracks in local bending model for specified motion computed by FEM

7.52sec

7.73

8.70

7.67

7.76

9.46

7.70

8.00

Figure 17: Development of cracks in local shear model for specified motion computed by FEM

5 CONCLUSIONS
Collapse mechanisms of a two-story brick masonry warehouse with wooden frame
reinforcements, which is a typical heritage structure in the opening era of the modern Japan,
was studied for strong earthquake ground motion by coupling three-dimensional finite element
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analysis and two-dimensional discrete element analysis. Three-dimensional vibration
characteristics revealed by micro-tremor observation and an exciter test were simulated by a
three-dimensional overall FE model; where stiffness of wooden roof and wooden 2nd floor
structures were examined for higher vibration modes. The FE analyses for static horizontal load
and dynamic ground motion exhibited dominating bending stress at the centre bottom and
dominating membrane stress at the upper corners of the longer wall for the transverse excitation.
The latter stress distribution is similar to that of a gravity loaded plate with three-edge
constraints, since the perpendicular shorter walls function as constraints for the longer walls.
By two-dimensional DEM local models, the dominating bending stress was analysed by
plane strain and the dominating membrane stress by plane stress. For both models, time-varying
dynamic displacement response obtained by the three-dimensional FE model were specified at
their peripheries with periphery contact springs to control the boundary stiffness. At the centre
bottom of the wall, DEM revealed that the joint splitting was developing horizontally in the
section. At the upper corners, joint splitting was proceeding obliquely on the wall. These
collapse mechanisms are in accordance with the summary of empirically inferred collapse
mechanism for masonry walls.
Acknowledgements. This paper is based on the 2nd author’s Master’s Thesis of Waseda
University in 2018. This paper is a part of the outcome of research performed under a Waseda
University Grant for Special Research Projects (Project number: 2018B-127).
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Abstract. The safety verification of in-plane loaded masonry panels requires the
evaluation of at least three different collapse conditions connected with overturning, shear
sliding, and shear – compression failure at the panels’ toe. In reinforced panels, the resisting
models should even take into consideration the presence of localized or distributed
reinforcement.
In general, the masonry is considered a Mohr-Coulomb type material not resisting tension
and plastic in compression, while reinforcement is a brittle elastic material resisting
tensile forces only [1].
The ultimate limit state is however linked with a given subset of compressed material
inside the panel area. The compressed sections are therefore varying inside the panel as a
function of the applied load. The collapse occurs in shear or overturning when one peculiar
compressed section reduces to its minimum [2].
By equating the capacity in shear and overturning it is possible to derive an explicit
statement of the minimum length of the compressed section which will be activated by a
simultaneous failure in shear and overturning. A simple inequality is detecting the real failure
mode and this allows directly computing the failure load resultant.
The procedure is very fast and can deal even with localized or distributed reinforcement
layers such as fiber strips or mesh reinforced mortars.
Some examples of panels discussed in the literature show the effectiveness of the
proposed verification procedure.
1

INTRODUCTION
As is well-known masonry panels under in-plane loading can exhibit several collapse forms
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according to the combination of geometry, restraint, axial and shear forces acting on it.
In particular, due to the low tensile capacity of masonry materials, small axial compression
forces lead to moderate shear capacities, mainly linked to the cohesion of the material.
If the horizontal displacement demand increases, cracks running on the mortar joints will
appear in the masonry panel, reducing thus the length of the compressed zone along the height
of the panel. In the cracked condition, the shear is carried on by the compressed area only,
producing so a mixed compression-shear state on the masonry. At the shear peak value, the
panel can collapse alternately with rocking failure until overturning, or with sliding failure with
progressive crack opening.
Collapse by overturning is typical of slender panels under low or moderate axial forces,
while shear sliding is typical of very squat walls. When the axial force is very high or the
compressive masonry strength is very low, the probability that the panel will fail with shear
crushing of the compressed toe increases considerably. In this case, inclined diagonal cracks
splitting the bricks arise on the panels.
In this paper, the problem of mixed shear-rocking failure is solved by determining the
compressed zone length that makes the shear producing overturning and sliding the same. A
closed formula allows computing the ending geometry of stable behavior. Namely, after this
point, by decreasing the size of the compressed zone even the shear has to reduce its value in a
softening branch. The limit value that results in a shear-crushing of the toe is even expressed in
terms of the Mohr-Coulomb failure criterion.
In order to validate the analytical formulation, several experimental campaigns presented in
the literature takes as a reference and their findings are discussed in the following.
2 COMBINED SHEAR – FLEXURAL FAILURE OF MASONRY PANELS
Considering a rectangular panel of constant thickness tM acted on by a linear bending
moment distribution it is in any case possible to extract a cantilever part of it which can be
considered the part relevant for the failure. The height of this cantilever is given by the ratio of
the largest bending moment MS to the shear force VS and is equivalent to a shear arm av:
aV 

MS
VS

(1)

As a consequence of the limited tensile resistance of the masonry texture and beyond a
certain shear force, the base section of the cantilever begins to crack, and therefore the
equilibrium is guaranteed by the eccentricity of the stress resultant acting on the contact area.
The verification of this incipient failure situation is in general carried out by using different
formulas for the possible collapse modes: flexural overturning, shear sliding and shearcompression crushing (according to the Mohr-Coulomb criterion, see [1]).
NS L 
NS 
1 

2aV   N P 

(2.a)

V
 N S   tM f MV 0
R , sh

(2.b)


VR , fl
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VR , MC  tM f MV 0 1  0    1  0 
f Mt  
f Mc 


(2.c)

In the given formulas NS is the axial force in the panel, L and t are the length and the thickness
of the panel’ section, fMc and fMt are respectively the compressive and tensile strength of the
masonry material,  is the length of the compressed area in the base section,  and  are the
ductility and friction coefficients. The other variables are as follows:

N P Lt

M f Mc , f MV 0

f Mt  f Mc
NS
.

, 0
f Mt  f Mc
 tM

(3)

It is to note that the shear-compression failure formula derived in agreement with the MohrCoulomb criterion is very similar to the Turnsek-Cacovic formula if the axial stress is not very
high:


 R , MC   R ,TC   1 


0 

f Mc 

(4)

The resisting shear stress is obviously the minimum among the three formulas (2).
Since masonry in compression can be considered an elastic perfectly plastic material [3], the
stress distribution at the panel’s base is a consequence of the linear strain distribution. By
assuming that the ductility D of the material is described by the ratio of the ultimate strain ult
to the limit elastic one e, the resultant of the stress distribution can be expressed in terms of the
compressed area and the ductility ratio D.
If the cantilever is very slender, the failure is occurring by overturning with the minimal
length of the contact area:
NS
2D

2 D  1 tM f Mc


 min

(5)

If the cantilever is sufficiently squat, the failure is occurring by shear with a compressed
zone larger than the minimal one. The value of the compressed length at failure can be computed
by equating the shear force producing sliding with the one producing overturning:
M R , fl
aV



NS  L 
 
aV  2 n

lim 


   N S   tM f MV 0  VR , sh


n N S  L  2 aV 
  min
2 N S  n aV tM f MV 0

(6.a)
(6.b)

The value of the parameter n is defining the adimensional distance of the stress resultant
force from the edge of the panel:
n

1  3D  D  1
3D  2 D  1
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Since the deflection of the cantilever can only increase if the shear is increasing and the
compressed length is decreasing (in order to guarantee the rotational equilibrium), the limit 
defines even the limit stable displacement of the panel. If the shear - displacement curve of the
panel is known, the curve must be cut at VR,lim given by lim.
Many procedures exist that can allow plotting the shear - displacement curve up to panel
overturning (see among the others [4, 5]). One very simple procedure allowing for wellapproximated shear displacement curves is the use of hyperbolic functions. As is usual in
geotechnics, only two parameters are necessary to build up an effective relationship:
 1
 

V ( ) 
 

 K 0 Vlim 

1

(8)

In which K0 is the initial stiffness of the panel and Vlim the maximum resisting shear when
the displacement tends toward infinity.
If masonry panels are concern, the initial stiffness is computed from the geometry and the
material properties of the panel. The limit shear is computed from the largest panel eccentricity
attained at the overturning.

1
12 H 3
H


3
K0 cEM L t GM Lt

(9)

Where EM and GM are the elastic and shear moduli of the masonry, and c is a coefficient
describing the end rotational restraint of the panel, with values in the range {3;12}.
Once VR,sh < Vlim is known, the failure displacement can be computed.
3

SHEAR-FLEXURAL FAILURE OF REINFORCED PANELS

The procedure holding for unreinforced masonry panels can be modified in order to include
the effect of fiber reinforcement nets added to the external surfaces of the panel. In general, the
flexural reinforcement of masonry elements is carried out by adding fiber strips along the
vertical edges of the walls or by using fiber cross braces on the wall faces. The shear
reinforcement of the panel instead, is best suited by using mortar coatings and fiber meshes on
the faces or by using near-surface mounted bars (NSM) resting on the mortar courses.
The flexural reinforcement is based on the introduction of some tensile resisting force that
can carry on a bending moment summing up with the one resisted by the masonry alone. On
the contrary, shear reinforcement is mainly thought for increasing the shear capacity of the
masonry material.
In what follows a reinforced panel is considered, in which the four vertical edges are
equipped with unidirectional strips of fibers externally bonded to the bricks (EBR). Moreover,
the panel is reinforced in shear by means of two external thin layers of high strength mortar
reinforced with glass fiber meshes.
The CNR-UNI documents 200 and 213 [6, 7] contain the basic theoretical formulation for
the strength evaluation of fiber reinforcement systems in which the bonding agent is high
strength mortar. A homogenization strategy is presented in [1] able to deal with mortar coatings
reinforced with fiber meshes.
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Considering the panel presented in figure 1 the aim is the definition of a suitable modification
for the formulas presented in the previous section.

Figure 1: geometry of the considered reinforced panel

By denoting with tM the thickness of the unreinforced masonry panel, tL the total thickness
of the added reinforcing layers, and with tH the total thickness of the wall tH = tM + tL, it is
possible to use the composition rules of series and parallel systems for the calculation of the
homogenized shear and compression strength:

f HV 0

f MV 0tM  f LV 0t L

, f Hc
tM  t L

f MctM  f Lc t L
tM  t L

(10)

Where fLc and fLV0 are the compressive and shear strength of the reinforcing coatings. The
homogenization through the volumetric ratios is possible if the connection between the masonry
panel and the reinforced coatings is sufficiently ductile in leading to the full yielding of both
materials.
If the flexural capacity of the panel is not sufficient for the rotational equilibrium, added
reinforcement strips on the edges can supply the missing resisting moments. By using formulas
for EBR or NSM the axial strength TF of the reinforcement can be computed:

TF  2EF GF AF sw

(11)

In formula (10) EF is the reinforcement elastic modulus, GF is the fracture energy of the
interface, AF is the reinforcement area and sw is the breadth of the bonding surface [6].
Once the strength of the flexural reinforcement is defined, the formulas (5, 6) can be
modified in order to include the effect of the added strength:

1875

Andrea Benedetti, Mirco Tarozzi, Lorenzo Benedetti

min 


2 D ( N S  TF )
2 D  1 t H f Hc

n N S L  2 TF d  2 aV ( N S  TF )
2
N S  TF  n aV t H f HV 0

(12.a)
(12.b)

Where d is the distance of the reinforcement axis to the most compressed fiber.
If  is larger than min the limit shear force is easily computed as:
VH , sh   N S  TF    t H f HV 0

(13)

Alternately, if min is the smallest length, the limit shear force is computed as:

VH , fl 

4

M H , fl
aV



1
aV

  L min
 NS  2  2
 

min  


  TF  d 

2  



(14)

VERIFICATION OF THE PROPOSED FORMULA

The analysis previously defined is applied to a set of eight brick masonry walls tested by
Churilov et Al. [8]. The height of the walls was fixed to 1820 mm, while two different lengths
respectively equal to 1420 mm and 2820 mm were chosen investigating the effect of the aspect
ratio on the lateral capacity of the wall. Since the purpose of the research was the investigation
of the in-plane behavior of both unreinforced and jacketed walls, the whole number of
specimens was split into two groups, each of which was made of two slender and two squat
walls. The walls of only one group were reinforced through the reinforced concrete (RC)
jacketing technique.
The reinforcement was applied to the external faces of the panels by executing transversal
connection ties over which the steel wire meshes were welded. then two layers of high strength
mortar were poured on forms with a thickness of 25 mm approximately.
Table 1 collects the thicknesses t of the masonry components, their elastic modulus E and
their tensile and compressive strength, ft and fc, respectively. Concerning brick units, the
cylindrical compressive strength was computed as 0.83 times the cubic one, while their tensile
strength was evaluated from the flexural tensile strength obtained experimentally.
Elastic moduli of mortar and bricks were estimated starting from their compressive strengths
[3]. All these properties were used in this paper to compute the mechanical properties of the
masonry walls validating the proposed formulas.
The presented experiments considered very squat panels under a very high axial load and
repeated alternated increasing displacement cycles. Therefore they constitute a very sharp
reference for testing the prediction capability of formulas dealing with shear-compression
failure of masonry panels.
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Table 1: Geometrical and mechanical properties of the materials.

Brick
Lime Mortar
Concrete
Steel Wires

t
[mm]
65
10
25
Φ 4.2/10

fc
[MPa]
13.6
0.6
22.7
450

ft
[MPa]
1.8
0.1
3.6
450

E
[MPa]
6800
300
20000
200000

In Figure 2 some pictures of the failed panels are presented. The cracking pattern shown by
the panels highlights a shear sliding failure under high compressive stress with very large
contact zones at the two panel ends.

Figure 2: Failure of the panels considered in the Churilov et Al. [8] experimental tests

In what follows the experimental data are compared with the results of the proposed theory
in terms of the different possible failure mechanisms, reconstruction of the load-displacement
curve and evaluation of the limit displacement at failure. The shear forces Vi are computed
through the equations (2.a, 2.b, 2.c) identified by the flexural, the shear, and the crushing-shear
failure modes, respectively.
Table 2 presents the comparison of the computed shear forces with the peak forces of the
experimental tests of Churilov et Al. [8]. Concerning the displacements, Table 3 collects the
maximum displacements ult and the percentage drift  measured in the experimental
campaign, compared with the displacements associated with the maximum shear force acting
on the wall.
Since the original tests were performed under cyclic loading, two lines described the
behavior of the masonry panel along the two opposite directions. For the sake of completeness,
both the positive and the negative load-displacement branches were plotted and taken under
consideration for the error computation. The maximum analytical displacement V,max provided
by the Eq. (8) is the displacement associated with the maximum shear capacity of the wall,
assumed as the minimum value among the shears V1, V2, V3 collected in Table 2.
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Table 2: Lateral load capacity of URM and SM masonry panels computed for each failure mechanism and
under the application of the axial load N.

Units
[kN]
N
V1
V2
V3
Vmax
Vexp
e,V

URM1

URM2

URM3

URM4

SM1

SM2

SM3

SM4

630.00
310.22
278.72
174.14
174.14
189.14
9%

365.00
168.27
150.02
100.89
100.89
88.54
-12%

315.00
179.23
157.18
139.87
139.87
157.35
12%

182.50
92.12
83.02
80.96
80.96
65.46
-19%

630.00
614.50
578.90
1056.82
578.90
483.79
-16%

365.00
311.65
288.65
612.28
288.65
227.18
-21%

315.00
414.61
395.41
854.32
395.41
365.15
-8%

182.50
229.57
215.27
494.54
215.27
208.62
-3%

Table 3: Experimental [8] and analytical displacements provided for the whole bench of specimens.

Units
[mm]

ult


peak +
peak 
peak]
V,max
e,

URM1

URM2

URM3

URM4

SM1

SM2

SM3

SM4

11.51
0.63
3.87
4.43
4.15
3.10
-25%

16.10
0.88
6.86
7.00
6.93
4.40
-37%

12.86
0.71
8.13
8.35
8.24
5
-39%

11.56
0.64
7.02
8.96
7.99
11.70
46%

12.33
0.68
2.78
3.99
3.39
20
-

15.05
0.83
8.40
8.93
8.67
17.00
96%

20.95
1.15
8.44
11.96
10.20
17.10
68%

21.01
1.15
16.97
15.02
16.00
15.4
-4%

According to what is mentioned before, Figure 3 and Figure 4 illustrate the backbone loaddisplacement curves of each masonry wall in the two loading directions.
In particular, the solid line describes the lateral capacity of the masonry wall (Eq.8), while
red and blue dashed curves are the experimental evolution of the lateral load applied at the top
of the wall against the horizontal displacement corresponding to the positive and the negative
directions respectively. Two more points are presented in the plots, namely, the triangle
identifies the maximum analytical lateral load resisted by the wall, while the circle represents
the theoretical maximum displacement given by the existing standards.
The maximum displacements considered by Italian and European standards value are
defined as 0.4% and 0.8% of the total height of the panel. Specifically, the first value is
associated with the shear-type failure, whereas the other one describes the limit displacement
in case of panel overturning.
By observing previous tables and figures, it is very clear that the proposed formula is able to
appreciate the maximum value of the lateral load at which the panel fails, even if it is barely
accurate only in terms of displacements.
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Figure 3: Load-Displacement curves: (a) URM1, (b) URM2, (c) URM3, (d) URM4.
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Figure 4: Load-Displacement curves: (a) SM1, (b) SM2, (c) SM3, (d) SM4.
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Concerning lateral stiffnesses collected in Table 4, since the hyperbolic curve needs of the
value of initial lateral stiffness K0, its value is computed according to Eq.(9) and it is compared
with the value provided experimentally in Churilov et Al [8].
It is to mention that the value of stiffness computed analytically was roughly the double of
the secant stiffness obtained experimentally, as previously expected. Consequently, it is
extremely important to use the initial stiffness in the load path calculations in order to obtain
smaller bias in the estimation of the maximum displacement, as is pointed out by the
comparison with the experimental data.
Table 4: Tangential and secant lateral stiffnesses of all the specimens, and their ratio.

Units
[kN/mm]
K0
Kexp
K [ - ]

5

URM1

URM2

URM3

URM4

SM1

SM2

SM3

SM4

128.93
185.610
0.69

57.76
44.29
1.30

128.93
74.23
1.74

57.76
40.30
1.43

500.62
460.69
1.09

224.29
102.81
2.18

500.62
236.28
2.12

224.29
66.36
3.38

CONCLUSIONS

In the paper, the theoretical framework of the interaction of the failure modes for masonry
panels has been discussed in detail. The limit compression zone resulting from the combination
of shear and overturning failure has been defined. The shear capacity limitation due to high
compression states has been derived in terms of Mohr-Coulomb limit plasticity.
Then, the theoretical framework has been extended to panels reinforced with external
coatings of thin FRM layers, and panels reinforced with fiber strips bonded along the vertical
edges.
The use of the hyperbolic representation of the load-displacement path allowed the easy
construction of the panel’ pushover curves. The parameters needed to build the curves were
presented and discussed.
By using some experimental results presented in the literature, the effectiveness of the
proposed formulation has been demonstrated. The presented results pointed out the importance
of considering shear-crushing failure when the axial force has significant value.
The presented procedure is an easy and fast way for the verification and strengthening design
of masonry panels subjected to high compression forces, as in monumental buildings.
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Abstract. In recent years, our (academic/theoretical) understanding of the behaviour
of unreinforced masonry (URM) structures has improved significantly, and many
advanced technological solutions for conservation have been developed. However, there is
still a lack of appropriate methods and tools that can be used for the assessment of URM
structures in every day practice. Therefore, since 2018, the Block Research Group has been
working on “Practical Stability Assessment Strategies for Vaulted Unreinforced Masonry
Structures” with support of the Swiss National Science Foundation (SNSF). The goal of this
research project is to create tools suitable for everyday engineering practice and to develop
appropriate analysis strategies for diverse contexts and circumstances related to the
availability of time, budget and available data. The main outcome is COMPAS Masonry: an
open-source, Python-based computational framework for the assessment of URM structures.
It provides a general purpose toolbox for working with assemblies (compas_dem) and three
custom made open-access solvers that can deal with different aspects of the assessment of
masonry structures: compas_tna based on Thrust Network Analysis, compas_prd based on
the Piecewise Rigid Displacement method, and compas_rbe based on the Rigid Block
Equilibrium.
1

INTRODUCTION

Unreinforced masonry (URM) is one of humankind’s longest-lasting construction methods
and forms the structural basis for most of the residential buildings all over the world. The
assessment of URM structures is an atypical mechanical problem: constructions are
comprised of individual discrete elements; large displacements and deformations are
common, and, particularly for historic buildings, material properties and boundary conditions
are unknown or unknowable.
Many of the structural analysis tools/software available today were developed for entirely
different structural systems with very different materials such as steel, concrete and timber, and
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should therefore not be applied to the analysis of masonry structures. Indeed, it is well known
that some well-established engineering methods, such as Finite Element Analysis (FEA), do
not apply to the assessment of masonry because of their numerical inability to deal with the
intrinsic unilateral behaviour of masonry: many of the required mechanical parameters are
unknown or even unknowable, and zero-energy modes (ill-conditioned stiffness matrices)
related to fractures cannot be taken into account. The reader is referred to e.g. [1, 2], where
these aspects have been highlighted. Moreover, even technical regulations are not specifically
conceived for URM structures, leaving practitioners the freedom to utilise any method at their
disposal. If the masonry knowledge of the practitioner is not in-depth and accurate, the risk of
tackling the assessment with non-appropriate tools, and then to wrongly intervene, becomes a
certainty. One of the consequences is that many restorations actually compromise the
mechanical behaviour of structures that had been standing for centuries.
In 1966, Jacques Heyman [3] gave the theoretical basis to apply Limit Analysis to masonry
structures. Still today, his limit analysis theory based on three crude material assumptions, is
recognised as one of the best approaches for the assessment of URM structures. Nevertheless,
even though the Limit Analysis theory is widely accepted, there is still a lack of user-friendly
numerical implementations that can be used by specialists in their everyday activities.
More recently, Discrete Element Modelling (DEM) methods, in particular 3DEC by Itasca
[4], have also been successfully applied to the assessment of 3D masonry structures. Currently,
they represent the unique alternative to the standard engineering tools conceived for other
materials. Unfortunately, since most implementations are only available through (often
expensive) proprietary software their use is mainly restricted to academic research.
Since 2018, with the support of the Swiss National Science Foundation (SNSF), the Block
Research Group has been developing COMPAS Masonry, a computational framework for
“Practical Stability Assessment Strategies for Vaulted Unreinforced Masonry Structures”. The
goal is to develop better approaches and tools for engineering practice as it relates to the analysis
of URM structures.
COMPAS Masonry bundles four Python-based tools: compas_dem, compas_tna,
compas_prd, and compas_rbe. The proposed computational framework allows managing
complex 3D geometries easily, to work with different loading conditions, to take into account
the effects of (large) foundation displacements and, when needed, also mechanical and
geometrical imperfections. Furthermore, by making these tools available, this project provides
a framework for developing a better understanding of the behaviour of masonry structures
which will reflect into more appropriate and less intrusive restoration interventions.
2 COMPUTATIONAL FRAMEWORK
COMPAS Masonry is an open-source, Python-based computational framework for the
assessment of URM structures. COMPAS Masonry bundles specific open-access, Python
packages and provides benchmark data, protocols and procedures for performing analyses on
real-world masonry problems using any combination of the available computational
approaches. COMPAS Masonry includes a general purpose toolbox for working with
assemblies (compas_dem), and three custom solvers that can deal with different aspects of the
assessment of masonry: compas_tna [5], based on the Thrust Network Analysis (TNA) by
Block [6]; compas_prd [7], based on the Piecewise Rigid Displacement (PRD) method by
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Iannuzzo [8]; and compas_rbe which is based on the Rigid Block Equilibrium (RBE) by
Withing [9]. compas_dem [10] can be used in combination with any of the custom solvers as
well as with the commercial DEM solver 3DEC by Itasca [4].
Table 1: Overview of the models, approaches and the numerical procedures adopted in COMPAS Masonry.

Tool

Model

Approach

Solution

3DEC

DEM

Netwton’s laws

Explicit dynamics

compas_tna

Heyman

Equilibrium

Nonlinear optimization

compas_prd

Heyman

Energy

Linear optimization

compas_rbe

Livesley (extended)

Equilibrium

Quadratic optimization

As one can see from Table 1, including 3DEC, these tools are based on different
models/approaches. Specifically, 3DEC uses an explicit dynamics approach, compas_tna and
compas_prd are Limit Analysis-based methods framed within the Heyman’s model [3] and
compas_rbe is based on an extension of Livesley’s equilibrium approach [11]. The diverse
approaches reflect into different numerical procedures adopted to find solutions: three of them
are based on optimisation procedures (linear and nonlinear programming) while 3DEC
integrates Newton's second law of motion using the central finite difference method with
respect to time.
2.1 General purpose toolbox: compas_dem
compas_dem provides tools for the generation of assemblies of discrete elements and
especially for the management of relationships between the individual parts. compas_dem
provides several purposes tools: to generate either parametric or measured 3D geometries; to
model/generate mechanical and geometrical imperfections; to detect interfaces in the assembly;
to visualize interface forces. Moreover, it provides a common interface for different solvers in
the background and tools to post-process and visualise their results.
2.2 Discrete Element Modelling: 3DEC
One of the solvers that can be used in combination with compas_dem is 3DEC by Itasca.
3DEC is commercial/proprietary Discrete Element Modelling software, and it is used in this
project to benchmark and guide the development of the three other COMPAS Masonry tools.
Compared to traditional structural analysis tools DEM software has three main peculiarities:
the analysis model consists of separate blocks that can move and deform independently; large
displacements are possible; blocks can detach from each other, and new contacts can form. In
3DEC, both rigid and deformable blocks can be considered, and unilateral contact conditions
can be defined. In particular, using rigid blocks acting unilaterally and a Mohr-Coulomb
criterion, the only mechanical parameters required are: material density, friction angle, Young’s
and shear moduli (to evaluate the joint stiffnesses). The calibration of these parameters is crucial
and, for this purpose, in this project, tests on physical models are performed to calibrate 3DEC
parameters and to validate its results [12, 13, 14]. Once the calibration of the mechanical
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parameters is done, 3DEC represents a reliable tool for the assessment of URM structures, and
it can be used for many assessment problems: stability in a given configuration, load-bearing
capacity, displacement capacity, dynamic loading conditions, analysis of the settlements. The
downside of the numerical approach (i.e. explicit dynamics, see Table 1) is that the
computational time needed to solve some typical problems can range from minutes for very
simple problems to several hours for problems with more realistic complexity.
2.3 Thrust network analysis (TNA): compas_tna
compas_tna provides a base implementation of Thrust Network Analysis (TNA) by Block
[6, 15]. TNA works by computing an equilibrated, compressive and admissible thrust network
entirely contained within the structural geometry of the masonry. This network is the
representation of a one-dimensional, singular, compressive stress field in which the forces are
concentrated on the edges and the loads and restraints are applied in the nodes. The method is
a direct application of the safe theorem of limit analysis by Heyman [3, 16] since the admissible
thrust network corresponds to a lower-bound solution of the limit state of the structure.
compas_tna sets up and solves a constrained nonlinear optimisation problem [5] searching for
a particular stress state of the structure by tuning the objective function and the constraints.
Several objective functions are implemented to face different structural problems, such as the
search for the minimum and/or maximum thrust and maximum collapse load multiplier. The
main constraints of the optimisation problem enforce the heights of the network nodes to be
contained within the structural geometry represented by its internal and external surfaces.
Additional constraints can also be included to simulate the conditions observed on existing
structures, such as simulation of cracks, limits on the reactions of the vault, and openings. By
searching among different stress states, TNA can also be used to obtain an estimate of the level
of stability of masonry vaults.
2.4 Piecewise rigid displacement (PRD): compas_prd
compas_prd is a new computational tool that stems from the piecewise rigid displacement
(PRD) method [8]. With the PRD method, a masonry structure is modelled as composed of
normal, rigid, no-tension (NRNT) material, which mathematically frames into continuum
mechanics Heyman’s material assumptions. With PRD both mechanisms and internal forces
can be found simultaneously by solving two dual linear programming (LP) problems [17]. The
primal LP problem, representing the minimum of the total potential energy in the space of
piecewise rigid displacements, returns a rigid macro-blocks partition of the structural domain
and thus cracks between adjacent elements, representing singular strain fields. The dual LP
problem, that is the minimum of the complementary energy, returns internal and external forces
in equilibrium with the external loads and compatible with the crack pattern solving the primal
problem. Different mechanical problems can be tackled: stability in the initial configuration,
effects of foundation displacements [18]; assessment of the safety under horizontal actions [19];
and, the effects of large foundation displacements [20].
2.5 Rigid block equilibrium (RBE) method: compas_rbe
compas_rbe provides a base implementation of Rigid block equilibrium (RBE) by Withing,
which is a numerical method for the three-dimensional analysis of equilibrium states of URM
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structures modelled as assemblies of distinct rigid blocks. The research of Livesley [11, 21]
constitutes one of the basic studies to address RBE. Livesley was the first to solve the
equilibrium and mechanism formulations of Limit Analysis using linear programming, and he
was also the first to attempt to introduce the mechanism of sliding at the joints. This issue was
solved by Gilbert and Melbourne [22], who implemented sliding between joints and
incorporated friction into the equilibrium equations. In compas_rbe the blocks are considered
to be infinitely rigid and to have infinite compressive strength. Interfaces between the blocks
are considered to have a finite frictional capacity. compas_rbe provides the necessary contact
forces (i.e. compression, tension and friction forces) for the assembly to be in equilibrium under
given external loads. Furthermore, it extends Livesly’s formulation enlarging the space of stress
solutions by considering tensile forces in penalty formulation.
3 MODELS AND ASSESSMENT TOOLS: INPUT AND OUTPUT
Master builders constructed masonry not just as chaotic union of bricks but rather as a smart
and appropriate assemblage of blocks that prevents sliding failures by ensuring proper
connections in each element and in between adjacent elements (“rules of art”) [3, 23, 24, 25].
When a masonry construction is structurally sound, it behaves as a whole, its stability depends
on its geometry [3, 26, 27, 28, 29] and it can accommodate small external changes with its
nucleation into rigid macro-blocks, visible through the fracture pattern. This peculiar behaviour
allows masonry structures to be flexible, exhibiting a ductile (elastic) response to the external
changes [30].
To understand if the structure to assess responds to this criterium, it is crucial to know some
typical aspects: materials and construction phases of the building, history (seismic events,
collapses, reconstructions, additions, etc.), stereotomy, construction techniques, and a proper
investigation of the geometry. A particular attention needs to be paid to a the exact definition
of the relevant crack pattern and measurements of the leaning of the walls and columns. This
information is central for understanding the global behaviour of the structure, where each
element (e.g. vaults, arches, walls, columns, buttresses, flying buttresses) is a part of a complex
mechanical system. After this evaluation, which demands an in-depth knowledge of the
specialist, appropriate assessment strategies can be defined and specific tools can be adopted.
3.1 Simplified models
If the structure is structurally sound (rules of art [24]), simplified models based on rigidplastic constitutive relations can be properly adopted [31]. Two of the three solvers available in
COMPAS Masonry are based on Heyman’s model: compas_tna and compas_prd. The Heyman
model is very crude (no tensile strength, infinite compressive strength, no-sliding failures) not
requiring any mechanical parameter but, it represents a robust approach to account for the
peculiarities of masonry structures: geometrical stability, unilateral behaviour, fractures,
nucleation of the domain into rigid macro-blocks. compas_rbe, based on Livesley’s
formulation, represents an extension of Heyman’s model and it requires only one mechanical
parameter: the friction angle. Therefore, the solvers of COMPAS Masonry provide a simplified
approach to assessment of URM structures that does not require all information about the
structure to be known. In the next sections, we highlight, the input data required and the output
provided by each COMPAS Masonry tool (see Table 2, Table 3)
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Table 2: Input data required by COMPAS Masonry tools and 3DEC.

Tool

Suitable for

Input

3DEC

3D geometry

Stereotomy

compas_tna

3D vaulted
structures

compas_prd

2.5D geometry

compas_rbe

3D geometry

Imperfections Friction

External and
internal
surfaces
Geometry or
stereotomy

✔

✔

✘

✘

✘

✘

✘

✘

✔

Stereotomy

Other mechanical
parameters
✔

✔

✘

The significant benefit in adopting the simplified models provided in COMPAS Masonry is
that, beyond accounting for the peculiarities of the masonry with a very crude mechanical
characterisation, they provide fast computational solving. In particular, it is well known that for
huge mathematical problems (e.g. thousands of unknowns), the linear programming framework
offers algorithms able to find a solution in a few seconds. Therefore, solvers based on linear
programming (such as compas_prd) are useful when we have to face large problems or to
approach inverse analysis, where a wide spectrum of solutions is required. Quadratic and, in
general, nonlinear optimisation procedures (compas_tna and compas_rbe) require longer
computational time which can range from a few seconds to several minutes. The fast
computational solving of the COMPAS Masonry tools constitutes a big advantage over DEM
analyses (e.g. 3DEC).
Table 3: Output data provided by COMPAS Masonry tools and 3DEC.

Tool

Forces

3DEC

✔

✘

✔

✘

compas_tna
compas_prd
compas_rbe

Min/Max Thrusts Displacements

✔
✔

✔

Cracks/ Mechanisms
✔

✔

✘

✘

✘

✘

✘

✔

✔

3.2 compas_tna: input/output
compas_tna is especially useful to analyse 3D complex vaulted structures (see Table 2). It
needs as an input only the internal and external surfaces describing the geometry of the vault.
Since it searches for admissible stress solutions for the structure, the output is an equilibrated
thrust network of compressive forces entirely contained within the structural geometry.
compas_tna can directly provide the minimum and maximum thrust exerted by the structure.
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3.3 compas_prd: input/output
compas_prd it is a direct kinematic-based approach and stands on two dual energy criteria.
Currently, it is implemented for 2.5D geometries, that is: the analysis is planar but non-uniform,
symmetrical orthogonal depths can be considered. The input required is a discretised geometry
of the structure (see Table 2). In some cases, the discretisation can coincide with the structural
stereotomy while in other cases, the discretisation has to be handled accordingly [32]. Its
solutions consist of displacements (i.e. potential mechanisms and cracks) and corresponding
internal forces. (see Table 3).
3.4 compas_rbe: input/output
compas_rbe solves the equilibrium problem for 3D assemblies of rigid, distinct blocks. As
input, it requires the stereotomy of the structure and the values describing the friction between
the blocks. It can handle geometrical and mechanical imperfections (random distribution of the
friction angle), allowing an in-depth investigation of their role in the global mechanical
behaviour (see Table 2). As solutions, it provides the internal stress states represented by forces
acting on the interface between two adjacent blocks. The solution can also involve tensile forces
in a penalty formulation and friction forces higher than the one permitted by the actual friction
values. This peculiar feature enables the user to understand the main critical regions of the
assembly where sliding or detachments can occur.
4 COMPUTATIONAL ANALYSES SCENARIOS
In this section, we discuss the main problems concerning the assessment of historic masonry
structures and how they can be tackled within COMPAS Masonry. When we have to assess the
safety of masonry buildings, the typical issues are: stability in the reference configuration; loadbearing capacity; effects of settlements; displacement capacity. Horizontal actions (e.g. seismic
actions or wind) deserves a special treatment even if they can be framed as a load-bearing
capacity case. In Table 4, a schematic overview of the assessment problems that can be tackled
by each tool is presented.
Table 4: Overview of the problems tackled by COMPAS Masonry tools.

Tool
3DEC
compas_tna
compas_prd
compas_rbe

Stability in ref.
configuration

Load-bearing
capacity

Horizontal
forces

Effects of
settlements

Displacement
capacity

✔

✔

✔

✘

✘

✔

✘

✘

✔
✔
✔

✔
✔

✔
✔

✔

✔
✔

✔
✔

4.1 Stability in the reference configuration
Assess if a masonry structure is stable in its reference configuration represents one of the
most frequent structural problems. A widely accepted approach consists in applying the Safe
Theorem, that is, to find a compressive stress state lying within the structural geometry and in
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equilibrium with the external loads. All the COMPAS Masonry tools are able to address this
problem and can explore a wide range of admissible stress states either adopting different
objective functions (compas_tna) or by adding some further constraints to the initial
optimisation problem (compas_prd and compas_rbe). Outcome of a stability analysis is the
safety factor. This number can be defined as an appropriate ratio between a critical position of
the flow of forces and an optimal one. All the tools allow the calculation of safety factors in a
given configuration by using different approaches.
Anyway, the scenario can get complex if a non-negligible crack pattern is present. This does
not constitute an issue for the COMPAS Masonry tools. Indeed, the revealed fractures can be
taken into account easily by each tool. In particular, while compas_prd, compas_rbe can take
into account these fractures considering directly a non-perfect initial geometry, compas_tna
offers robust algorithms to constraint the thrust networks to go throughout certain curves
modelling the fracture pattern.
4.2 Load bearing capacity
Every time we are facing the problem of assessing what is the maximum load that a structure
can sustain, we are solving a load-bearing capacity problem. Each tool can address this problem.
In particular, the approach adopted by the three tools (compas_tna, compas_prd, compas_rbe)
is to increment the load until a safe solution can be still found. This procedure gives rise to a
set of sequential optimisation (linear and nonlinear) problems. When the load reaches its
maximum allowable value, no one solution can be found anymore (for compas_rbe, a solution
is still possible, but it involves tensile forces). In this way, we obtain the maximum allowable
load and its corresponding scale factor. In this last case, compas_prd returns also the mechanism
and corresponding crack pattern.
4.3 Load bearing capacity, a special case: horizontal forces
Horizontal forces represent a special load-bearing capacity case. When we have to account
for the effects of the wind and/or of the seismic actions, one way is to model these actions by
considering static, equivalent, horizontal forces All the COMPAS Masonry tools can model
horizontal actions as statical forces and can evaluate the horizontal static multiplier following
the same procedure exposed in Section 4.2.
4.4 Effects of settlements
The effects of settlements represent one of the key issues in the assessment of masonry
structures. Most of the time, the crack pattern observed is due to the settlements rather than to
overloading. Indeed, in most of the cases these small settlements are due to changes in the
boundary conditions (e.g. a change in the thrust's inclination exerted by a pillar can reflect into
small foundation displacements). A masonry structure accepts these new boundary conditions
through the formation of a crack pattern. These cracks define a decomposition of the structural
domain into rigid macro-blocks which allows the structure to displace almost piecewise rigidly.
If the settlements are small and cannot grow up anymore, the structure is still stable.
compas_prd allows for addressing the effects of foundation settlements (see Table 4).
Furthermore, understanding exactly the causes (e.g. find the shape of the foundation
displacements) producing a given crack pattern corresponds to an inverse analysis. Since,
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compas_prd can fastly compute a wide range of solutions, it can also be used for conducting
this inverse analyse as in [32].
4.5 Displacement capacity
In some cases, foundation displacements can increase affecting strongly the (geometrical)
stability of the structure. In some assessment scenarios, it is crucial to know the maximum
allowable displacement value for which the structure is still stable. This demands a model which
can take into account the evolution of the crack pattern/mechanism used by the structure to
accommodate the increasing settlement. In this case, it is important to define a safety factor (in
terms of displacement capacity) measuring how far the current structural geometry is from an
unstable configuration. compas_prd can perform this analysis (see Table 4), also accounting
for the evolution of the mechanism during the motion (see [20], where it was benchmarked with
3DEC).
5 CONCLUSIONS
In this paper we present an overview of the project in development since 2018 at the Block
Research Group entitled “Practical Stability Assessment Strategies for Vaulted Unreinforced
Masonry Structures”, funded by Swiss National Science Foundation (SNSF). The aim of this
project is to provide adequate tools for everyday engineering practice. In particular, one general
purpose package (compas_dem) and three stand-alone tools (compas_tna, compas_prd and
compas_rbe) are provided. The results of this work are shared as COMPAS Masonry, a new
open-source, Python-based, computational framework for the assessment of URM structures.
This work shows the potentialities, peculiarities, limitations and applicability range of each
tool, referring to specific input data (e.g. geometry, stereotomy, mechanical parameters) and to
typical assessment problems (e.g. stability in the reference configuration, load-bearing capacity,
effects of settlements and displacement capacity). The individual tools are designed to be as
flexible as possible and to provide a simple way to manage complex mechanical and
geometrical data.
Beyond benchmark data, protocols and numerical procedures, COMPAS Masonry provides
a framework where these four tools can be integrated and applied in different assessment
scenarios depending on the availability of information, time and budget. It also provides an
easy-to-use mechanical approach, not requiring a detailed mechanical characterisation (zero
mechanical parameters for compas_tna and compas_prd) and offers robust approaches and fast
computational solving to account for the peculiarities of URM structures in different assessment
scenarios.
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Abstract. This study explores the use of macro-modelling techniques based on smeared crack
and damage-plastic constitutive laws for the cyclic in-plane analysis of masonry panels. The
numerical investigation is focused on two material macromechanical models, known as Total
Strain Cracking and Crack and Plasticity models. These show some limitations when analysing
the behaviour of masonry structures subjected to in-plane cyclic loading. A modified version of
the Drucker-Prager model including cohesive softening is introduced to overcome these
shortcomings.
A suite of numerical simulations is performed referring to an experimental campaign on two
masonry (squat and slender) panels. A comparison of distinctive features of flexural and shear
response of masonry panels is addressed. The results derived from the two FE macro-models
are compared with the experimental outcomes, highlighting the effects of geometry, stiffness
degradation, and post-peak energy dissipation. Furthermore, a comparison with another
macromechanical model is performed.
1 INTRODUCTION
Masonry buildings are a relevant part of the existing civil, architectural and cultural heritage.
The preservation of their structural integrity is a very challenging task, requiring the
development of accurate and efficient procedures to assess their safety and stability.
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Unreinforced masonry structures typically show a high seismic vulnerability and require
repairing and strengthening interventions to reduce their collapse risk [1]. An accurate
evaluation of the unreinforced structure response is a fundamental step, given the complexity
and heterogeneity of masonry material, to design possible efficient interventions. The main aim
is to investigate the onset and evolution paths of the damaging mechanisms that can lead to the
structural collapse under seismic actions. Several studies were conducted to characterize the
different damage mechanisms, which can be caused from various external actions, and study
how to provide the safety of these constructions [2]. Analytical and numerical procedures based
on different modelling approaches exist in the literature [3]. The main available strategies for
masonry structures can be broadly classified as follows: limit analysis, where limit plasticity
theorems are applied to evaluate the static response of the structures, macroelement models,
where the constructions are idealized in structural components adopting nonlinear constitutive
laws, finite element modelling (FEM), where the structures are discretized with different detail
scales, and discrete element method, where the buildings are described as an assemblage of
distinct blocks interacting along the boundaries. A comprehensive and more detailed review
can be found in [4].
Limiting the attention to FEM, different approaches can be recognized as micromechanical and
macromechanical formulations. The former approach describes masonry in detail,
differentiating between block, mortar and interfaces [5]–[7]. The information on the geometry,
texture and constituents is accurately described, as well as their constitutive behaviour. In the
latter approach, the real heterogeneous masonry material is substituted by an effective
homogeneous continuum medium, where proper phenomenological constitutive laws have to
be introduced [8]–[12]. Indeed, several nonlinear constitutive laws have been developed with
the aim of reproducing an increasingly realistic description of the structures [13].
Macromechanical finite element models are today the most convenient ones when engineering
large to super large problems. The macro constitutive laws for masonry usually rely on a
damage and/or plasticity model. Damage models are often combined with a plasticity
formulation with the aim of better reproducing the masonry structural response (strongly
characterized by energy dissipation). Different approaches were proposed to describe damage
from a phenomenological point of view. In particular, models based on the classical theory of
Continuum Damage Mechanics [14], in which the material is assumed as a continuum medium,
or formulated according to Fracture Mechanics theory, in which discrete cracks of finite size
are explicitly modelled, can be distinguished.
In 1968, Rashid introduced the smeared crack formulation, that is a counterpart of the discrete
crack concept. This considers the medium, where different cracks are present, as a continuum
material [15]. The simplicity of the approach captured the attention of the scientific community
and most of the FE codes have adopted this approach. In such a context, this paper investigates
the use of macromechanical constitutive models to analyse the nonlinear degrading response of
masonry structures. In particular, the study focuses on two material constitutive laws belonging
to the class of the so-called Smeared Crack Models (SCM), known as Total Strain Cracking
and Crack and Plasticity [15,16]. The results of the experimental campaign conducted by
Anthoine et al. [18] are numerically reproduced and a comparison on distinctive features amid
the flexural and shear responses of masonry panels is addressed. Firstly, monotonic tests are
performed to validate the mechanical parameters deduced from literature and prove the model’s
efficiency to reproduce the real damage mechanisms. Then, the cyclic behaviour of the tested
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masonry panels is investigated under in-plane cyclic loading. Some of the limitations of the
models are highlighted and, to overcome such restrictions, a modified version of the DruckerPrager model including cohesive softening is proposed. The effects of the geometry, stiffness
degradation, and post-peak energy dissipation are investigated. Comparisons between the
adopted macro-models and the experimental outcomes are shown in terms of global in-plane
cyclic response of the masonry panels; meaning the envelope capacity curve and the crack
mechanisms. Furthermore, the results from a continuum damage-plastic model proposed in
Gatta et al. [13] is also addressed.
2 MACROMECHANICAL MODELS FOR MASONRY
This section describes the macromechanical finite element models adopted to numerically
reproduce the structural response of the masonry panels from the selected experimental
campaign. A brief description on the constitutive laws is first stated and the differences between
the models are highlighted after. Finally, a short comment on the employed regularization
technique to overcome the mesh-dependency of the FE solution is also provided.
2.1 Smeared crack and continuum damage constitutive models
Two smeared crack models implemented in the FE code DIANA [19] are first described, the
so-called Total Strain Cracking and Crack and Plasticity models. A modified version of the
latter is also presented to better reproduce some features of the nonlinear response of masonry
structures. At the end, a macromechanical model based on Continuum Damage Mechanics is
introduced [13] with the purpose of comparing the different approaches.
The Total Strain Cracking material models available in DIANA can be categorized into fixed,
rotating and fixed multi-directional smeared crack approach [17]. The Total Strain Rotating
Crack (TSRC) model is used in this study. This computes the stress as a function of the strain
and follows a smeared approach to describe the fracture process. According to the rotating
concept, the crack directions are updated to rotate with the principal directions and to be aligned
with them during loading history. The basic concept of the TSRC model is that the stress vector
is evaluated according to the intrinsic reference system of the crack, given by the axes parallel
and orthogonal to the crack. The smeared fracture process is activated when the maximum
principal stress, evaluated at a Gauss point of the FE, exceeds the tensile strength. The shape of
the tensile softening diagram controls the cracking phenomenon, being governed by the fracture
energy parameter of the material that is given by the area under the stress-strain diagram. Two
values are introduced for the fracture energy parameters, i.e. gt and gc that are associated,
respectively, with the tensile and compression behaviours. In this study, an exponential law
governs the softening branch in tension and a hardening-softening parabolic law the post-peak
response in compression.
The Crack and Plasticity (CP) model is based on the smeared crack approach used to simulate
the tensile post-cracking behaviour, whereas the Drucker-Prager plasticity model is adopted to
simulate the compressive response. The CP model can be categorized as a multi-fixed smeared
crack model with an elastic-plastic constitutive law in compression. According to the multifixed crack formulation, and differently from the fixed smeared crack model where only one
fixed crack can form at each integration point, more than one crack is allowed to form. In the
multi-fixed crack model, the first crack is formed perpendicular to the direction of the maximum
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principal stress. After that, another crack is allowed to form if the tensile strength is again
violated by the major principal stress and if the angle between the existing crack and direction
of the major principal stress exceeds a certain value, i.e. the threshold angle that is usually set
to be 30 degrees. As for the TSRC model, the cracking phenomenon is governed by the shape
of the tensile softening, defined by the fracture energy gt. For this study, post-peak tensile
stresses decrease following a linear law.

(a)

(b)

Figure 1: Masonry stress-strain law: TSRC (a) and CP (b) model.

To overcome some shortcomings of the described CP model by its limiting capability of
reproducing the real response of masonry, a modified version is here proposed. In particular,
with the aim of describing the degrading phenomena also in compression, a cohesive softening
is introduced in the Drucker-Prager model, giving rise to the designated Modified Crack and
Plasticity model (MCP). The compressive softening law is empirically included in the DruckerPrager model with strain hardening, whereas the tensile response still follows a bi-linear branch.
Consequently, the hardening-cohesion function in Figure 2a is implemented in DIANA, thus
modifying the compressive response of the CP model. Figure 2b shows the masonry stressstrain law adopted for the MCP model.

(a)

(b)

Figure 2: Cohesion hardening function (a) and masonry stress-strain law for MCP model (b).
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Finally, a macromechanical model based on the classical theory of Continuum Damage
Mechanics is investigated [13], here denoted as CDP (continuum damage-plastic) model. The
stress–strain constitutive relationship is based on a damage-plastic model, coupling an isotropic
two-variable damage model and the Von Mises plasticity formulation with isotropic and
kinematic hardening. This is based on the introduction of two different damage variables,
distinguished for prevailing tensile and compressive states, to reproduce the unilateral
phenomenon, that is the stiffness recovery due to the cracks re-closure when moving from
tension to compression.
2.2 Mesh-dependency and regularization issues
Different techniques can be adopted to overcome the mesh-dependency of the FE solution,
when constitutive laws with strain-softening are adopted. For the smeared crack models
presented above, TSRC and CP, a fracture energy regularization is used [20] in order to get
mesh independent solutions. This relies on the assumption that dissipation within the single
element has to be independent from the element size. To this end, the constitutive law is
properly modified such that the energy dissipated in the FE is equal to the assigned value Gi
with i = t,c. For each element, a characteristic length he is defined, which depends on the size,
shape and interpolation function of the used finite element. Both the mentioned models, that is
TSRC and CP, make use of the Rots’ element based method [15]. The specific fracture energies
gi, defined as per Eq.(1), is then scaled so that it results gi he = Gi for each element.
𝑔𝑔� = �

���

���

𝜎𝜎 (𝜀𝜀)𝑑𝑑𝑑𝑑 +

1
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Conversely, a regularization technique based on the nonlocal integral approach is adopted for
the damage-plastic model CDP [21]. Following this formulation, a nonlocal integral definition
of the damage associated variables 𝑌𝑌�/� , that is those driving the damage evolution process, is
introduced in the model. Then, the nonlocal quantities 𝑌𝑌��/� , at the Gauss point 𝐱𝐱, are defined as:
𝑌𝑌��/� (𝒙𝒙) =

1
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�

in which 𝑌𝑌�/� is a local variable at the generic point 𝐬𝐬 located in a proper defined neighbourhood
of point 𝐱𝐱. The classical Gaussian distribution is assumed as weighting function, with lc
denoting the nonlocal radius of the neighbourhood related to the material internal characteristic
length.
3

NUMERICAL APPLICATIONS

The experimental campaign conducted by Anthoine et. al [18] is here considered (Figure 3a).
Two solid clay panels, characterized by different height/width ratio and assuming identical
boundary conditions, are investigated. The bottom side of the walls is completely restrained,
while the top side is prevented to rotate. The panels are firstly subjected to a vertical force equal
to 150 kN, kept constant during the test, and then a cyclic horizontal displacement history is
applied on a steel beam rigidly connected to the top of the walls. The lateral displacement is
imposed quasi-statically and characterized by a cyclically increasing amplitude. Two or three
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cycles are performed for each amplitude. The geometry of the panels is shown in Figure 3b and
3c with the thickness equal to 250 mm.

(a)

(b)

(c)

Figure 3: Experimental campaign selected: (a) setup [18], and geometry of the (b) high panel and (c) low panel.

The experimental response of these panels is compared with the numerical prediction of the
macromechanical models described before. A plane stress formulation with a 2D four-point
quadrilateral FEs and within a 2x2 Gauss integration rule is adopted. A mesh made of 10x20
FEs is used for the high panel, while 10x14 FEs are adopted for the low panel. The mechanical
parameters used in the FE models deduced from [22] are contained in Table 1, where E is the
Young’s modulus, ν is the Poisson’s ratio, σt and σc are the tensile and compressive strength
values, respectively, Gt and Gc are the value of tensile and compressive fracture energy terms
chosen according to [23], and γ is the masonry mass density. For the CP model, other
mechanical parameters as the cohesion c (deduced from [19]) need to be defined, see Table 2.
Table 1: Mechanical parametes adopted for the TSRC and CP models.

E[MPa]
1700

σt[MPa]
0.25

ν
0.15

σc[MPa]
6.2

Gt[N/mm]
0.015

Gc[N/mm]
1

γ[T/mm3]
1.652e-9

Table 2: Mechanical parametes adopted for the CP model.

c[MPa]
1.7898

Friction angle [rad]
0.5236

Dilatancy angle [rad]
0

3.1 Monotonic loading
Following the experimental loading history, a vertical force equal to 150 kN is applied and
kept constant during the test. A monotonic horizontal displacement history is imposed on the
top of the walls. The results are monitored in terms of global in-plane response curve, meaning
the envelope capacity curve, by depicting the total base shear versus the horizontal applied
displacement. Figure 4 shows the comparison between the numerically obtained curves (red
dashed curves and blue dashed-point curves) and the envelopes (black star symbols)
corresponding to the cyclic experimental response for the high (Figure 4a) and low (Figure 4b)
panels. Although some differences emerge between the two models, the numerical results are
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in quite good agreement with the experimental ones. The TSRC model (blue dashed-point
curves) gives a smoother nonlinear response, whereas the CP (red dashed curves) shows sudden
drops due to crack’s formation. Moreover, in the case of the squat (low) panel, the TSRC also
shows a sudden brittle strength loss that is not clear for the CP model.

(a)

(b)

Figure 4: Comparisons between experimental and numerical (TSRC and CP) force-displacement response curve
under monotonic loading: (a) high or slender panel, and (b) low or squat panel.

(a)

(b)

(c)

(d)

Figure 5: Crack patterns for the high (slender) wall: (a) TSRC for s=2 mm; (b) TSRC for s=12 mm; (c) CP for
s=2 mm; and (d) CP for s=6 mm.

(a)
(b)
(c)
(d)
Figure 6: Crack patterns for the low (squat) wall: a) TSRC for s=2 mm, b) TSRC for s=7 mm, c) CP for s=2
mm, d) CP for s=4 mm.
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3.2 Cyclic loading
Regarding the cyclic tests performed within the selected experimental campaign (see Figure
3), the cyclic displacement-history shown in Figure 7 is applied to the two panels. The results
obtained with the two FE models, the TSRC (blue dashed-point curves) and CP (red dashed
curves) models, are presented in Figures 8 and Figure 9 and compared with the experimental
outcomes (black star symbols) for high and low panels in terms of force-displacement global
curve.

(a)

(b)

Figure 7: Cyclic displacement history applied to high (a) and low (b) panel.

Figure 8 shows a different trend for the global response curves of both models. It can be
explained by the different damage mechanisms that arise during the evolution of the numerical
and experimental tests. Indeed, the low wall shows a brittle failure response, with the formation
of shear diagonal crack in the middle of the panel. A shear mechanism characterizes the
response of the low panel; in converse the high wall shows a flexural failure with the formation
of large damaged zones located at the top and bottom sides. Although the monotonic numerical
analyses seem to reproduce well the damage mechanisms occurring in the two panels (Figure 5
and 6), the comparison of the numerical and the cyclic experimental results is not very
satisfactory. In particular, the numerical models are unable to describe the hysteretic dissipation
mechanisms, which is the area under the experimental cyclic curves, particularly relevant for
the nonlinear response of the low panel.
To overcome the latter limitation of both models to match the experimental response, the
modified version of the CP formulation, i.e. the MCP model, has been adopted as introduced in
section 2.1. Figure 10 shows the comparison between the results obtained with the MCP model
(magenta dashed curves) and the experimental outcomes (black star symbols) for both the
panels. The numerical results obtained for the high panel correlates now better with the
experimental response. Yet, the advantage of using the MCP model is less evident in the case
of low panel. To be noted is that, in this model, the plasticity evolution is controlled by the
cohesion that is, by itself, ruled by the compressive strength. Therefore, starting from an
experimental compressive strength value, the effect of plasticity is not properly taken into
account during the dissipation process. Instead, starting from an experimental cohesion value,
numerical results are more consistent with the experimental ones, although the compressive
strength threshold seems to be unrealistic. This issue deserves further investigations.
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(a)

(b)

Figure 8: Comparisons between experimental and numerical (TSRC) force-displacement response curve
under cyclic loading: a) high and b) low panel.

Furthermore, a comparison with the macromechanical continuum damage-plastic model
presented in [13] is performed (Figure 11). The mechanical parameters used for this model are
also deduced from [13]. The damage-plastic model reproduces better the experimental
responses, especially for the low wall. Indeed, this satisfactorily describes the effect of the
energy dissipation due to shear mechanisms occurring in the panel. Regarding the crack patterns
(Figure 13), both the latter models are able to describe the distinctive features of flexural and
shear response shown by the high and low masonry panels during the experimental campaign,
although the continuum damage-plastic model gives more spread damaged in respect to the
MCP. This is due to the different way that both models describe the degrading behaviour of
masonry, that is by means of the introduction of a continuum damage variable or adopting a
smeared crack formulation, as well as to the different regularization technique implemented.

(a)

(b)

Figure 9: Comparisons between experimental and numerical (CP) force-displacement response curve under
cyclic loading: a) high and b) low panel.
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(a)

(b)

Figure 10: Comparisons between experimental and numerical (CPM) force-displacement response curve under
cyclic loading: a) high and b) low panel.

(a)

(b)

Figure 11: Comparisons between experimental and numerical (MCP and CDP) force-displacement response
curve under cyclic loading: a) high and b) low panel.

(a)

(b)

Figure 12: Crack patterns: MCP, CDP and experimental outcomes: a) high and b) low panel.

9

CONCLUSIONS

The structural response of two masonry panels (low or squat and high or slender)
experimentally tested by Anthoine et. al [18] has been numerically reproduced through different
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macromechanical FE models: (i) based on smeared crack approach; and (ii) based on a
continuum damage model. In particular, the use of macro-modelling techniques based on
smeared crack and coupled damage-plastic constitutive laws for the cyclic in-plane response
prediction of these masonry panels was explored. A fracture energy regularization technique
was used for the smeared crack models and a nonlocal integral approach for the continuum
damage-plastic model.
Two material constitutive macro-models, known as Total Strain Cracking (TSRC) and Crack
and Plasticity (CP), have been used to simulate the response of the two panels. These have
different geometries and, therefore, different damage paths. Indeed, a shear mechanism
characterized the behavior of the low panel. In converse, a flexural rocking response
distinguished the high wall with the formation of large damaged zones located at the top and
bottom sides. The numerical models have showed some shortcomings, i.e. although the
numerical analyses have showed a good agreement reproducing the damage mechanisms, the
comparisons in terms of force-displacement curves were not completely satisfactory. Regarding
the TSRC model, the numerical results were consistent with the model formulation built just
with a cracking constitutive law. Conversely, although the CP model is based on a coupled
cracking-plastic constitutive law, its formulation presents some limitations when taking into
account the effect of plasticity during the dissipation process. The latter issues were somehow
solved through a modified version of the Drucker-Prager model (MCP) by including a cohesive
softening law in the existing CP model. For the high wall, the numerical results correlate better
with the experimental output with respect to the CP and TSRC models. For the low wall, the
correlation was still not very satisfactory and other modifications are required.
Lastly, a comparison between the MCP model, categorized as a smeared crack model, and a
CDP macromechanical continuum damage-plastic model [13] was performed. This latter
sophisticated model, where damage and plasticity are coupled, proved to be more capable to
reproduce the experimental outcomes in terms of force-displacement global curve. Hence, other
experimental campaigns on masonry panels and/or larger structures, may be considered to
further validate the capabilities of the numerical models to reproduce the masonry response
under cyclic-loading conditions and to better understand its advantages and limitations.
Furthermore, the analyzed constitutive models can be enriched, in particular the CP
formulation, through rigorous mechanically based modifications inspired by continuum
damage-plastic models.
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Abstract. The degree of similarity between damage patterns often correlates with the likelihood
of having similar damage causes. Therefore, deciding whether crack patterns are similar is one of
the key steps in assessing the conditions of masonry structures. To our knowledge, no literature has
been published regarding masonry crack pattern similarity measures that would correlate well
with assessment by structural engineers. Hence, currently, similarity assessments are solely
performed by experts and require considerable time and effort. Moreover, it is expensive, limited by
the availability of experts, and yields only qualitative answers. In this work, we propose an
automated approach that has the potential to overcome the above shortcomings and perform
comparably with experts. At its core is a deep neural network embedding that can be used to
calculate a numerical distance between crack patterns on comparable façades. The embedding is
obtained from fitting a deep neural network to perform a classification task; i.e., to predict the crack
pattern archetype label from a crack pattern image. The network is fitted to synthetic crack patterns
simulated using a statistics-based approach proposed in this work. The simulation process can
account for important crack pattern characteristics such as crack location, orientation, and length.
The embedding transforms a crack pattern (raster image) into a 64-dimensional real-valued
vector space where the closeness between two vectors is calculated as the cosine of their angle.
The proposed approach is tested on 2D façades with and without openings, and with synthetic
crack patterns that consist of a single crack and multiple cracks.
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1

INTRODUCTION

1.1 Motivation and background
Every year in the Netherlands, house owners report hundreds of issues concerning cracks in
their masonry dwellings. Addressing these problems requires identifying the most likely causes
of the observed damage. In these structures, similar causes often manifest through similar crack
patterns; thus, quantification of crack pattern similarities is instrumental in understanding
masonry damage. Currently, the assessment of similarities between masonry crack patterns
relies entirely on experts’ judgment. This implies several limitations:
The quality of the evaluation strongly depends on the experience of the assessor, who
needs to correlate the observed crack pattern with previously analyzed and recorded
ones;
The assessment is affected by the expert’s understanding of global mechanisms and
local conditions;
Currently, it is not clear how the human brain performs the crack pattern comparison
and experts have difficulties in verbalizing and formalizing their decision;
The process is expensive, limited by the availability of experts, and provides only
qualitative assessment.
This leads to a general lack of objectivity in crack analysis as different experts can provide
substantially different interpretations for similar crack patterns.
Recent developments in deep neural network embedding have the potential to overcome
some of these limitations by providing a tool for automated damage classifications and
quantitative measures of crack pattern similarities. While significant effort has been devoted to
crack detection and characterization [1,2,3], a consultation with structural masonry experts
(forensic engineers and computational mechanics experts) identified a lack of automated tools
that could be applied to the practice of damage assessment. Furthermore, only few authors have
investigated automated methods to connect masonry damage patterns to their most likely causes
[4], and the identification of masonry damage through pattern recognition remains a challenge.
1.2 Aim and objectives
This work addresses the need for a systematic approach to damage classification and
quantification of crack pattern similarities in masonry structures by using deep neural network
embedding. We focus on two major challenges (Figure 1):

Figure 1: A visual representation of the two major challenges addressed in this paper: crack pattern
classification (left) and crack pattern similarity quantification (right).
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1. The automated classification of observed crack patterns into damage cause classes (crack
pattern archetypes);
2. The quantification of similarities between crack patterns in terms of structural masonry
damage in a way that correlates strongly with masonry experts’ assessment.
Having an accurate and quantitative similarity measure would enable us to solve both
challenges and perform three tasks with high practical relevance:
Classification of crack patterns into archetypes, such as those proposed by de Vent [5],
by calculating the distances between an observed crack pattern and archetype crack
patterns. This would allow for a quick and simplified assessment.
Identification of damage in not directly observed/measured structural components,
such as wooden piles, by calculating the distance between an observed crack pattern
and simulated (e.g. finite element analysis) crack patterns. This would allow for a more
in-depth assessment and understanding the causes of observed damage.
Automated calibration of finite element models to experts based on matching the
similarity between predicted and observed crack patterns.
This paper contributes to develop a fast, cheap, and automated procedure for the assessment
of the structural integrity of cracked (damaged) masonry structures by generating synthetic
crack patterns using Markov-walks and incorporating expert judgment. The proposed approach
is demonstrated on 2D façades with and without an opening, and with crack patterns that consist
of a single crack and multiple cracks.
2 METHODOLOGY
The core of our proposed approach is a deep neural network embedding that can be used to
calculate a numerical distance between crack patterns on comparable façades. An embedding
is a mathematical function that maps a higher dimensional representation to a lower
dimensional one while retaining selected essential characteristics of the original representation.
In the context of this paper, an embedding maps crack pattern images to a real-valued vector
space (i.e., lower dimensional than that needed to represent the images). The challenge is to
find such an embedding that produces close-by vector representations for those crack pattern
images that are similar by structural engineering standards.
Our working hypothesis is two-fold: first, we assume that crack pattern images and their
damage cause/type labels contain sufficient information to find the above described embedding;
second, we assume that the embedding can be found by using a deep neural network (a flexible
mathematical construct).
The following approach is used to test our hypothesis:
1. Data acquisition: crack pattern images and their damage cause labels.
2. Model definition and fitting: define the mathematical model of the deep neural
network and fit its parameters using the data.
3. Model evaluation: comparing the predictions of the fitted model to the damage cause
labels for data points not used for the fitting.
Because current deep learning networks are data intensive, we would need at least a few
hundreds of crack patterns and corresponding damage causes to test our hypothesis. The highest
quality data are real-world cases but those are expensive and time consuming to collect,
especially as reliable damage cause labels are needed. Moreover, in real-world cases, multiple
damage causes are often present and are difficult to separate even by experts. An alternative
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route is to generate synthetic data. This can be done using computational physics to solve the
mathematical representation of physical systems (labeled as physics-based approach in this
paper), e.g. finite element analysis to solve partial differential equations. Fortunately, our
understanding of masonry structures is sufficient to perform crack analysis of them with good
accuracy. Still, this approach is relatively time consuming due to the large number and large
variety of structures and damage causes needed to be implemented with parameterized models
and to perform the analyses and post-processed. Therefore, a cheaper and simpler synthetic data
generating approach is used first, which is labeled as a statistics-based approach in this paper
and based on Markov-walks guided by rules that encode expert knowledge. Here, a statisticsbased synthetic data generating process is used to find the embedding and evaluate its
performance. If successful, then it would encourage the acquisition of more realistic but more
expensive data sources.
Because the statistics-based approach generates synthetic data and has a random component,
an arbitrary number of crack patterns can be simulated once the algorithm is available.
Compared with the physics-based simulation approach, it is expected to generate synthetic data
an order of magnitude faster; however, the quality of the data is poorer, i.e. less representative
of reality.
An approach is proposed and implemented to generate statistical crack patterns resulting
from a total of twelve damage causes and for five different façades with and without openings
(Section 3). A convolutional neural network (CNN) is fitted to half of the data with the task of
classifying the crack patterns into damage cause classes. The first part of the fitted CNN is used
as a 64-dimensional embedding of the crack pattern images where the closeness between two
vectors is calculated based on the angle between them (Section 4-5). The closeness is
interpreted as the similarity between crack pattern images and compared with our experts’
judgment.
3

GENERATION OF SYNTHETIC CRACK PATTERNS

A statistics-based simulation approach is developed in order to generate synthetic crack
patterns for a wide range of masonry façades and, hence, quickly test the potential of various
crack pattern similarity measures. This approach includes an algorithm that generates lines in a
pre-defined bounding box (i.e. the geometry of a façade) by means of Markov-walks. The
algorithm is generalized so that it can handle a parametric input of the façade and the cracks.
This allows control over the dimensions of the façade, and the number, dimensions and
position(s) of the openings (doors and windows). It also enables control of the number of cracks,
the crack initiation point(s), the crack angle(s), the crack length(s), and how jagged a crack is.
Furthermore, structural engineering considerations are imposed in order to increase the
resemblance to reality. Though the statistics-based simulation approach is not based on first
physical principles, it is able to account for important crack pattern characteristics such as crack
location, orientation, and size.
Subsection 3.1 explains the details of the crack pattern generation in masonry wall panels
without openings and with a single crack. Subsection 3.2 presents a more realistic case, where
crack patterns are generated in longitudinal masonry façades that resemble typical existing
dwellings in the Netherlands. These patterns are based on frequently observed damage.
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3.1 Case 1: masonry wall panels without openings
To support structural damage diagnosis in masonry structures, de Vent [5] introduced 60
types of crack patterns along with their possible damage causes. In case 1, eight of these are
selected as listed in Figure 2. For consistency, the numerical IDs from [5] are used here as well
when referring to crack pattern archetypes. The eight archetypes share the following
characteristics:
a single wall panel is considered with a length over height ratio of 1.5;
a single major crack characterizes the pattern;
no openings are present;
a crack is assumed to have unit and constant width.

Figure 2: Illustrations of the selected eight crack pattern archetypes [5].

Figure 3 shows the crack parametrization in the wall panels for a normalized (unit square)
wall. Each crack is defined by the following parameters: the coordinates of the crack initiation
point (x0, y0), the crack angle (a), the crack length (lcrack), and jaggedness of the crack (scrack).
The first three parameters are randomly and uniformly sampled from an interval that is specified
for each crack pattern archetype. For illustrative purposes, the input values of these parameters
for the crack pattern archetypes 23, 30, and 31 are summarized in Table 1. In the simulation,
the panel is discretized into disjoint rectangles and a crack can propagate only through the cells
of this grid, one cell at a time/step. A crack starts from the cell at (x0, y0), a random step is taken
in either vertical or horizontal direction in a way that the expected global crack angle is a. The
average absolute deviation from the expected direction is controlled by scrack, i.e., 0.5: highest
deviation, 0: no deviation. Illustrative realizations of this simulation are presented in Figure 4,
one for each case 1 pattern archetype. The simulated patterns illustrate that the proposed
statistical approach can simulate realistic-looking and unique (due to the random component)
crack patterns. In principle, the current implementation of the algorithm allows for the
generation of an unlimited number of unique realizations for the eight selected crack pattern
archetypes.
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Figure 3: Crack parametrization in the wall panels for a normalized (unit square) wall.
Table 1: Input values in the unit square for the crack pattern archetypes 23, 30 and 31. For explanation of the
parameters, see Figure 3.

Pattern ID
x0, y0*
lcrack*
a [deg] *
scrack
23
[0.45, 0.55], [0, 0]
[87, 93] [0.4, 0.6] 0.5
30
[0.05, 0.20], [0, 0]
[20, 70] [0.3, 0.5] 0.5
31
[0, 0], [0.60, 0.80]
[20, 70]
2†
0.5
*
the lower and upper bounds of the uniform distribution
†
to ensure that the crack goes through the entire wall

(a) pattern ID: 18

(e) pattern ID: 24

(b) pattern ID: 20

(f) pattern ID: 30

(c) pattern ID: 21

(g) pattern ID: 31

(d) pattern ID: 23

(h) pattern ID: 32

Figure 4: One random crack pattern realization for each damage cause (pattern id) for case 1 (façade with
openings). See Figure 2 for the architectural representation of the matching crack patterns.

3.2 Case 2: masonry façades with openings
Every year in the Netherlands, house owners report hundreds of issues concerning cracks
that appear in their masonry dwellings. In general, there are two main causes for these cracks:
(i) uneven settlements; and (ii) constrained deformation due to temperature effects. The second
cause mainly occurs in older masonry dwellings, where dilatation joints are poor or even not
present, due to the heating of the roof or when the foundation constrains the façade.
In case 2, random crack pattern are generated in the longitudinal masonry façade of typical
Dutch dwellings. Four different geometries are evaluated (Figure 5). One of them is detailed in
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Figure 6, showing one door opening and two window openings in the façade. Four crack pattern
archetypes are considered based on the following damage causes:
1. Cracking due to uneven settlements with large settlements at the left side
(pattern ID: 101);
2. Cracking due to uneven settlements with large settlements at the right side
(pattern ID: 102);
3. Cracking due to uneven settlements with large settlements at the middle
(pattern ID: 103);
4. Cracking due to high temperature of the roof (pattern ID: 201).
Damage causes 1 and 3 typically result in crack pattern archetypes with a single major crack,
whereas damage causes 2 and 4 result in crack pattern archetypes with multiple cracks (we
consider two cracks). As in case 1, the cracks are assumed to have unit and constant widths.
The crack pattern realizations are made in a similar fashion as for case 1. For illustrative
purposes, parametrization of the two cracks in the façade subjected to damage cause 2 is shown
in Figure 7. The parameters of the two cracks are distinguished by the numbers "1" and "2" in
their subscripts. Table 2 provides the input values of the crack parameters. The specified
intervals of the crack initiation points are relative to the red dots that are indicated in the corners
of the right window. The specified intervals of the crack lengths are relative to the length of a
fully developed crack (i.e. a crack that has been propagated to the edge of the façade).

(a) façade ID: 1

(b) façade ID: 2

(c) façade ID: 3

(d) façade ID: 4

Figure 5: Overview of the considered façades for case 2. All façades have the same bounding rectangle
dimensions. See also Figure 6.

Figure 6: The geometry of the longitudinal façade of a typical Dutch masonry dwelling.
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Figure 7: Crack parametrization in the longitudinal façade of a typical Dutch masonry dwelling for damage
cause 2.
Table 2: Input values for crack pattern ID 102. For explanation of the parameters, see Figure 7.

x0;1, y0;1 [cm] *
x0;2, y0;2 [cm] *
a1 [deg] *
a2 [deg] *
lcrack;1*
lcrack;2*

[-80, 0], [-20, 0] from indicated corner in Figure 7
[0, 80], [0, 0] from indicated corner in Figure 7
[0, 70]
[225, 270]
[0.4, 1.0]·lcrack;full†
[0.4, 1.0]·lcrack;full†
0.5
scrack
*
the lower and upper bounds of the uniform distribution
†
to ensure that the crack goes through the entire wall

Figure 8 shows one illustrative realization for each damage cause. The four images
demonstrate that the algorithm is able to generate reasonable crack patterns from a structural
engineering point of view, though no physics is explicitly included.

(a) façade ID: 1, pattern ID: 101

(c) façade ID: 1, pattern ID: 103

(b) façade ID: 1, pattern ID: 102

(d) façade ID: 1, pattern ID: 201

Figure 8: One random crack pattern realization for each damage cause (pattern ID) for façade 1 of case 2
(façades with openings).

4

DEEP NEURAL NETWORK

For the analysis of the crack pattern similarity, we used an artificial neural network (ANN)
[6]. An ANN is a computational model consisting of nodes that are organized into layers. Each
node in a certain layer transmits a weighted signal to the other units in the next layer. A unit in
the next layer sums these signals, applies a non-linear function, and sends the result to the units
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in the next layer. See Figure 9 for a schematic representation of an ANN.
The model weights are free parameters that are optimized for a certain task. Examples of
such tasks are image classification, object detection, or language translation [7]. The
performance of the model on a task and dataset is mathematically expressed in an objective
function. Under a given dataset, optimization of this objective function with respect to the free
parameters is called “fitting” of the model (or “training” in the machine learning community).
In our case, we fit the network to classify simulated crack patterns into known crack pattern
archetypes. The input of our network is a simulated image of a crack pattern and the output of
the model is the class of the crack pattern.
We used a convolutional neural network (CNN) to classify the crack patterns [8]. A CNN
takes an image as its input and applies convolutional filters to this image. The values of these
convolutional filters are also free model parameters. The filter sizes are hyperparameters and
should be set by the user.
The design of the network we used is shown in Figure 10 and consists of eight layers. This
model contains ≈ 3 ·106 free parameters. We constructed the network in such a way that the
input images are embedded into a 64-dimensional space by the first seven layers. The
embedding is used by the last layer to predict the crack class. We used the output of this
embedding to calculate the cosine similarity of the different crack images, which we used as a
proxy for crack pattern similarity. In other words, the closer the images are in the embedding
space, the more similar the crack patterns with respect to their class.

Figure 9: Schematic representation of an ANN. The computational units are represented by the coloured
circles. Each of the N connections has a weight wi and each unit applies a non-linear function to the sum of
its weighted input(s): f(Swixi).

Figure 10: Overview of the neural network used in this work. conv: convolutional layer; maxpool: maxpool
layer; dense: fully connected layer.
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5

CLASSIFICATION RESULTS AND CRACK PATTERN SIMILARITY

As explained in Section 4, the model is fitted to classify crack pattern images into crack
pattern archetypes. We used a randomly chosen subset of the data for fitting and the rest is
reserved for testing. The experiments were performed on two data sets: a single façade without
openings (case 1) and four façades with openings (case 2). The two sections below describe the
results.
5.1 Results for case 1: masonry wall panels without openings
For this case, a total of 4,000 cracks were simulated, with 500 images per class. Here, 2,000
images were used to fit the model and the remaining 2,000 were used for testing. The
classification accuracy on the test set is > 99%, which means that the model can almost perfectly
classify the eight simulated patterns in their corresponding classes.
We visualize the 64-dimensional embedding space in 2D with a method called t-distributed
Stochastic Neighbor Embedding (t-SNE) [9]. This is a widely used method to visualize high
dimensional data on a low dimensional subspace. The t-SNE plot in Figure 11 shows that the
classes are nicely clustered and perfectly separable in the t-SNE embedding and, therefore, are
also separable in the 64-dimensional embedding, which is expected given the high classification
accuracy.
We computed the pairwise similarity between all 2,000 simulated crack patterns in the test
set with the cosine similarity of the 64-dimensional vectors. This similarity is visualized as a
lower-triangular matrix and shown in Figure 12. The rows and columns are sorted on class
labels and, as expected, a high similarity is found in blocks at the diagonal of this matrix. A low
similarity is found outside these blocks, i.e. between crack patterns of different classes.

Figure 11: t-SNE scatter plot of the 64-dimensional
embedding of case 1 test set crack patterns (façade
without openings).

Figure 12: Pairwise cosine similarity of the test set
of case 1 (façade without openings).

5.2 Results for case 2: 2D longitudinal façade of typical Dutch dwellings
For this case, a total of 8,000 cracks were simulated: 2,000 images per class, 500 for each
unique façade-crack pattern archetype pair. Here, 4,000 images where used to fit the model and
4000 for testing.
Similar to the crack patterns of a masonry wall panel without openings, the classification

1914

Á. Rózsás, A. Slobbe, W. Huizinga, M. Kruithof and G. Giardina

accuracy on the crack patterns in the test set of case 2 is >99%. With these data, the model can
also almost perfectly classify the eight simulated patterns in their corresponding classes.
The t-SNE plot in Figure 13 shows that also these classes are perfectly separable. Similar to
the crack patterns of a masonry wall panel without openings, the pairwise similarity is high for
crack patterns of the same class and low for crack patterns from different classes (Figure 14).

Figure 13: t-SNE scatter plot of the 64-dimensional
Figure 14: Pairwise cosine similarity of the test set
embedding of case 2 test set crack patterns (facades with
of case 2 (façades with openings). Note that all
openings).
façades with the same crack pattern ID are assigned
to the same group.

6

CONCLUSIONS

This paper addressed the lack of quantitative procedures for the assessment of masonry
structure conditions by proposing an automated tool to measure the similarity between crack
patterns. We used a deep neural network embedding to calculate a numerical distance between
different crack patterns of similar façades. Through Markov-walks guided by expert
knowledge, we generated synthetic data that were used to find an embedding and evaluate its
performance. We considered twelve damage causes and five façade models, with and without
openings, and with single and multiple cracks. The fitted neural network performs exceptionally
well in classifying crack patterns that were not used for the fitting: >99% classification accuracy
for all considered test cases. The similarity measures calculated using the fitted embedding are
in an almost perfect agreement with the experts for between crack pattern class comparisons. A
worse performance is observed for within crack pattern class comparisons, i.e. the embedding
predicts a very similar low difference for all crack pattern pairs within the same class, while
more diversity in the similarity values was expected based on the generated patterns. This is
likely due to fact that no information regarding within class similarities are used for fitting the
neural network. While the relatively simple simulation process may skew the evaluation of the
neural network performance, these results are an encouraging first step towards the
development of an automated assessment of damaged masonry structures.
Acknowledgements. We are grateful to Huibert Borsje (TNO) for the valuable discussions on
damaged masonry structures and Wessel de Zeeuw (TNO) for his contribution to implementing
the computer code to perform the presented analyses.
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Abstract. The survey of damages after recent earthquakes have shown the fragility of masonry
churches against the out-of-plane overturning of the façade. This failure mechanism is
currently analyzed having recourse to a rigid body model, using either limit analysis with
kinematic approach, or dynamic analysis under rocking motion. However, both the
aforementioned methods neglect the interaction with the lateral walls, leading to an
underestimation of the effective structural capacity under seismic action. The main goal of this
work is therefore to investigate the effect of the interlocking between the façade and the
transversal wall and the influence of the quality of masonry in out-of-plane overturning. For
this purpose, a refined model of masonry through a Discrete Element Method is developed,
based on a detailed recognition of masonry units. The acceleration and displacement capacity
are estimated through quasi-static pushover and pulse-based dynamic analyses and compared
to those calculated for the rigid body model. The proposed methodology is then applied to a
sample of three single-nave masonry churches that suffered damages during the 2009 L’Aquila,
Italy earthquake.
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1

INTRODUCTION

Damages experienced during the last seismic events have shown the high vulnerability of
masonry churches. These structures, characterized by the absence of horizontal diaphragms
connecting the walls, rarely activate a global behavior [1]. Their seismic assessment can be
carried out considering distinct macro-elements, having an almost independent structural
response under horizontal actions. Indeed, one of the most vulnerable macro-elements is
represented by the façade, which may detach from the lateral walls and fail by overturning.
Failure may involve the whole height of the façade or only its upper part, due to either a lower
connection of the upper part of the façade with the rest of the building or as a consequence of
dynamic amplification effects. This mechanism is typical in masonry structures, when the
interlocking with side walls is not sufficient to guarantee a box-like behavior. Accordingly,
masonry quality and connection with transversal walls play a fundamental role in the structural
response under seismic action.
Nowadays, the collapse mechanisms are an effective assessment tool for estimating the
seismic acceleration capacity [2], either through the kinematic approach of Limit Analysis [3],
or by integrating the equation of rocking motion [4], as well as by considering an equivalent
single degree of freedom oscillator. However, all of these models are usually based on the
assumption that the façade is detached from the lateral walls and behaves as a rigid body
overturning around a hinge at its basis.
Aiming at understanding the role of the connections and their influence on the effective
seismic behavior, in the present paper the stabilizing effect of the interaction between the façade
and the lateral walls is investigated through a bi-dimensional Distinct Element Method [5]. The
effectiveness of the DEM to capture the behavior of masonry structures under seismic loading
has already been proved in the Literature [6-16]. In the present case, the model of masonry is
based on the assumption that all the non-linearities take place at the contacts among the stones,
while these latter can be considered simply as rigid bodies. Three masonry churches that
suffered damages from the 2009 L’Aquila (Italy) earthquake are analyzed through both,
dynamic pulse-based, and non-linear static analyses. The former provides a stability domain as
a function of pulse amplitude and duration that is compared with the unilateral rocking domain
of a rigid block [17]. The latter provides the acceleration and displacement capacity under
quasi-static horizontal loading, as compared to those obtained according to the rigid block
schematization [10,18].
2 THE RIGID BODY MODEL
Consider the façade of the church as the rigid body shown in Figure 1, where bf, hf, R, W
correspond, respectively, to the thickness, height, semi-diagonal and weight of the façade, while
α is the slenderness angle. The dynamic behavior can be analyzed through the inverted
pendulum [4], whose configuration is defined by the rotation θ towards the outside. Indeed, the
rotation towards the inside is constrained by the lateral walls. For slender blocks (α < 20°), the
slenderness angle α and the horizontal displacement of the center of gravity u can be
approximated, respectively, as:
𝛼𝛼 =

𝑏𝑏𝑓𝑓
;
ℎ𝑓𝑓
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𝑢𝑢 =

ℎ𝑓𝑓
𝜃𝜃
2

(1)
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Figure 1: Rigid body model during rocking motion

Let us first consider the structure subjected to a quasi-static horizontal base acceleration a.
The motion takes place only when the base acceleration reaches the value 𝑎𝑎∗ = 𝛼𝛼𝑔𝑔, which
activates the mechanism, where 𝑔𝑔 is the acceleration of gravity. The capacity curve is shown in
Figure 2, consisting in an ascending rigid branch corresponding to the absence of motion and a
descending branch that, for slender blocks, can be approximated by a linear curve from a* to
the ultimate displacement du.

Figure 2: Capacity curve of a rigid body

According to Figure 2, the structure under earthquake base-motion starts rocking when the
acceleration reaches the value 𝑎𝑎∗ but does not collapse until the displacement exceeds the
ultimate value du.
Let us now consider the structure subjected to a semi-sinusoidal pulse, given by the
following base acceleration, a(t) acting for a time interval t0:
−𝑎𝑎 𝑠𝑠𝑠𝑠𝑠𝑠(𝜔𝜔0 𝑡𝑡 + 𝜓𝜓) ,
𝑎𝑎(𝑡𝑡) = { 0
0
,

𝑡𝑡 ≤ 𝑡𝑡0
𝑡𝑡 > 𝑡𝑡0

(2)

where t0 = 𝜋𝜋⁄𝜔𝜔0 represents half of the semi-sinusoidal acceleration period.
This schematization of earthquake input has been used in the past, especially in the
description of near-fault events [19] and has the advantage of leading to an analytical expression
for out-of-plane overturning, as shown hereafter. According to Housner, the equation of motion
can be written as:
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𝐼𝐼𝑜𝑜 𝜃𝜃̈ = −𝑊𝑊𝑊𝑊 sin(𝛼𝛼 − 𝜃𝜃) + 𝑊𝑊𝑊𝑊

𝑎𝑎0
sin(𝜔𝜔0 𝑡𝑡 + 𝜓𝜓)
𝑔𝑔

Assuming the hypothesis of slender blocks and settling 𝑝𝑝2 =

becomes:

sin(𝜔𝜔0 𝑡𝑡 + 𝜓𝜓)
𝜃𝜃̈ − 𝑝𝑝2 𝜃𝜃 = 𝛼𝛼𝑝𝑝2 [
− 1]
sin 𝜓𝜓

𝑊𝑊𝑊𝑊
𝐼𝐼𝑜𝑜

(3)

, the equation of motion
(4)

By assigning the initial conditions and imposing the equilibrium in the limit configuration
𝜃𝜃 = 𝛼𝛼, the following expression is obtained:
𝑎𝑎0
𝐼𝐼𝑜𝑜
= √1 +
𝜔𝜔 2
𝑔𝑔𝑔𝑔
𝑊𝑊𝑊𝑊 0

(5)

Equation 5 represents the limit condition in terms of pulse amplitude a0 and duration t0
beyond which the collapse by overturning takes place.
3

THE NUMERICAL DISCRETE ELEMENT MODEL

The Discrete Element Method was originally proposed for the study of rocks mechanics [20]
and then widely applied to the study of the seismic behavior of masonry structures [6-15],
thanks to its capability of modeling the cracks and discontinuities taking place at collapse.
In the present paper, the blocks are considered as rigid bodies, while the contacts are
modelled as two couples of normal and shear springs. The contact stiffness is determined on
the basis of the overall elastic modulus of masonry Em, which depend on masonry typology. In
particular, aiming at lumping in the contact the whole deformability of masonry, the contact
normal stiffness depends on the average blocks height hm simply as the ratio Em/hm. The shear
contact stiffness can be approximated as half of the normal stiffness. The strength of the contact
is controlled by the Coulomb condition |τ| ≤ σ·tan(φ), neglecting cohesion and tensile strength,
and assuming a friction angle φ = 30°.
3.1 Mesh modelling
In order to reduce the computational effort of the analysis, a bi-dimensional model has been
used. The DEM mesh is based on the survey of masonry, aiming at reproducing, as far as
possible, the effective shape of the stones. In order to take into account tridimensional effects,
the blocks density and contacts stiffness are affected by the third dimension, i.e. the length of
the façade, or the thickness of the lateral wall, as shown in Figure 3. The façade and the side
wall heights are respectively denoted as hf and hs, while their thickness as bf and bs. The façade
length is denoted by lf, while ls represents the length of the portion of the side wall adjacent to
the façade that is explicitly modeled, while the rest of the lateral wall is simply considered as
an elastic block. The structure is finally laid on a rigid block, constituting the base to which
seismic motion is applied.
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Figure 3: Interface model and framework of the mesh for a bi-dimensional model.

3.3 Seismic Input definition
Both, pushover and pulse-based dynamic analyses have been carried out, where the former
consider the artificial damping as implemented in UDEC 6.0, while no damping is considered
in the latter.
The algorithm for pushover analysis applies acceleration increments (or decrements) to the
centroids of each block, controlling the unbalanced forces and the capacity of the structure to
transfer the horizontal action into base shear. Both, the ascending and descending branches of
the capacity curve are obtained and, namely, the acceleration which activates the mechanism
a* and the ultimate displacement du.
The algorithm for pulse-based analysis applies a semi-sinusoidal acceleration to the centroid
of each block in a sequence of analyses for increasing pulse amplitude or duration. The
overcoming of the maximum displacement and the consequent collapse of the façade is
automatically recognized, providing ultimate displacement capacity and the corresponding
pulse action. The unilateral equilibrium rocking domain is finally obtained for varying pulse
amplitude a0 and duration t0 through an automatic procedure implemented in Fish language [5].
4

CASE OF STUDIES

Three case studies have been considered for the application of the above described procedure
for seismic assessment, namely the church of Santa Maria degli Angeli, the church of San Paolo
ad Peltuinum and the church of San Sisto, all located in the area surrounding the city of
L’Aquila, as shown in Figure 4.
In the next three sections the churches are briefly described, and their geometrical and
mechanical properties are provided. Referring to Figures 5-7, lf & bf (ls & bs) are the length and
the thickness of the façade (of the lateral wall) hf & hs their height, γf & γs their specific weight,
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KNf & KNs their normal joint stiffness, KSf & KSs their shear joint stiffness, while the friction
angle φ in the contacts is set equal to 30° for all the analyses.

Figure 4: Location of the case studies and the epicenter of the 2009 L'Aquila earthquake.

4.1 Santa Maria degli Angeli
The Church of Santa Maria degli Angeli has an almost rectangular plan, with a front width
of about 10 m and a length of 16 m. The niches along the nave show the signs of subsequent
infill and repeated rearrangements. Two regular rectangular windows can be found on each
side, next to the connection with the facade. Masonry is made of small and poorly worked
stones (Figure 5).

A)

B)

Façade

Side wall

lf & bs [m]

10.00

0.50

ls & bf [m]

0.90

4.30

hf & hs [m]

10.00

8.80

γf & γs [Kg/m3]

2100

2000

KNf & KNs [Pa/m]

2.90e10

4.10e10

KSf & KSs [Pa/m]

8.31e9

1.35e9

30°

30°

φ [deg]

Figure 5: Church of Santa Maria degli Angeli: A) Block masonry recognition; B) Discrete element model; table
of the main geometric and mechanical properties
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4.2 San Paolo ad Peltuinum
The Church of San Paolo ad Peltuinum is located in the municipality of Prata d’Ansidonia
(AQ). The structure was probably built between the VII and VIII century a.c. At least five stages
of evolution and transformation of the building can be identified, related to the Lombard,
Benedictine, Cistercian, Renaissance and eighteenth century influences. The church presents a
cross plan with a single nave and a transept. Two different types of masonry can be noticed.
The lower part is made of parallelepipedal larges blocks and dates back to medieval period,
while the upper part, made of small irregular stones, is the result of a more recent reconstruction
(Figure 6).
Façade
upper
lower

Side wall
upper
lower

lf & bs [m]

8.00

0.80

ls & bf [m]

1.00

5.50

hf & hs [m]

9.60

8.80

γf & γs [Kg/m3]

A)

1900

2200

1900

2200

KNf & KNs [Pa/m]

2.19e10

2.69e10

6.96e9

2.85e9

KSf & KSs [Pa/m]

7.30e9

8.97e9

2.32e9

9.50e8

30°

30°

30°

30°

φ [deg]

B)

Figure 6: Church of San Paolo: A) Block masonry recognition; B) Discrete element model; table of the main
geometric and mechanical properties

4.2 San Sisto
The Church of San Sisto dates back to the VIII century a.C. and is located in the city of
L’Aquila. The building has a single nave. The façade has a rectangular shape spanning about
10 m in length and 13 m in height, with an horizontal crown. The masonry of the façade has
facing in square ashlars, while that of the transversal wall is made of small and poorly worked
stones (Figure 7).
Façade

Side wall

lf & bs [m]

9.95

1.40

ls & bf [m]

0.75

4.70

13.30

10.40

2200

2100

KNf & KNs [Pa/m]

4.05e10

1.64e10

KSf & KSs [Pa/m]

1.35e10

5.45e9

30°

30°

hf & hs [m]
γf & γs [Kg/m ]
3

A)

B)

φ [deg]

Figure 7: Church of San Sisto: A) Block masonry recognition; B) Discrete element model; table of the main
geometric and mechanical properties
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4

RESULTS

In this section, the numerical and analytical results obtained for the three cases of study are
presented. The stability domain under sinusoidal pulses, and the pushover curve obtained
through DEM are compared, respectively, to the analytical rocking domain and to the capacity
curve of the rigid block. The comparison shows to what extent the connection with lateral walls
may be effective in the seismic assessment of the church against the overturning of the façade.

A)

B)

C)

Figure 8: Church of Santa Maria degli Angeli: A) Predicted crack pattern and failure mechanism according to
distinct element analysis, B) rocking domain C) pushover analysis

The numerical analysis of the church of Santa Maria degli Angeli provides an acceleration
a* and a displacement du capacities of about 0.8 m/s2 and 872 mm, respectively, with an
increase of about 20% as compared to the rigid block model (Figure 8c). Even though the failure
mechanism shows a non-negligible part of the lateral wall involved in the collapse mechanism
(Figure 8a), thanks to a good interlocking of the stones, its stabilizing effect is only marginal as
a consequence of the small thickness bs of the lateral wall which is only about 5% of the facade
length.
The analysis of the church of San Paolo exhibits a strong increase (of about 50%) in
acceleration capacity and almost no increment in displacement capacity when compared to the
rigid block. Thanks to the quality of masonry, made of large squared blocks in the basement of
the church, the rotation hinge is located at the middle of the façade height (Figure 9a).
Therefore, the acceleration capacity increases according to the lower slenderness of the part
involved in overturning, while the displacement capacity, which is governed by the façade
thickness, remains almost unchanged.
The analysis of the church of San Sisto (Figure 10), shows an increase in both acceleration
and displacement capacity of about 65%, thanks to the beneficial effect of the connection
between the façade and the transversal wall. Nonetheless, the acceleration capacity a*
determined by the DEM, equal to 0.9 m/s2 is still low, due to the high slenderness of the façade.
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A)

B)

C)

Figure 9: Church of San Paolo: A) Predicted crack pattern and failure mechanism according to distinct element
analysis, B) rocking domain C) pushover analysis.

A)

B)

C)

Figure 10: Church of San Sisto: A) Predicted crack pattern and failure mechanism according to distinct element
analysis, B) rocking domain C) pushover analysis.

The results shown for the three churches under study suggest that the analytical rigid block
model generally constitutes a powerful and effective instrument for the seismic assessment of
masonry churches. Only when the characteristics of masonry are such as to prevent the
complete detachment of the façade, the rigid block only provides a lower bound estimate. In
this case, the lateral walls play a non-negligible effect in terms of both, higher hinge position
(i.e. lower slenderness of the part undergoing overturning) and stabilizing bending moment
against overturning.
5

CONCLUSIONS

In this paper, an approach for modelling the collapse mechanism of historical masonry
building and evaluating the reliability of current models used for seismic assessment is outlined.
The seismic response of three single-nave churches that suffered damages after the 2009
L’Aquila earthquake is investigated through pulse-based dynamic and quasi-static pushover
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analyses, with both analytical and numerical approach. The well-known mechanism of
overturning of the façade is considered and the numerical results are compared with those
derived neglecting the connections and modelling the façade as a rigid block according to the
Housner rocking model.
Through the detailed reconstruction of masonry pattern, the numerical analyses with DEM
take into account the effect of connections due to interlocking of stones, resulting in the increase
of both acceleration and displacement capacities. The proposed approach succeeds in detecting
the expected failure mechanism, which does not change from quasi-static to dynamic loading.
Only for short period pulses, the numerical model provides a widespread crack pattern and a
slight decrease in seismic acceleration capacity.
Beside the differences that may become relevant for high quality masonry, the rigid block
model still represents a powerful and effective tool for the seismic assessment of collapse
mechanisms.
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Abstract. This work presents the results of quasi-static non-linear analyses of two
masonry buildings using, for the discretization of walls, a macro-element that combines the
bending and the in-plane shear responses. The macro-element uses the force-based beamcolumn element equipped with cross sections discretized in fibers, where the behavior of each
fiber is described by uniaxial constitutive models. To describe the shear response of the
structural element, the macro-element embeds a shear hinge at mid-span, with a
phenomenological non-linear constitutive model calibrated on experimental data. The
analyzed buildings are two tangibles examples of un-reinforced and reinforced masonry of
the Italian Heritage. The un-reinforced masonry building is a strategic building monitored
by the O.S.S., partially damaged by the seismic events in Center Italy in 2016. The
reinforced masonry building, a three-storey residential structure, is subject of evaluations
carried out in the ReLuis RINTC project, designed as per D.M. 2018.
1

INTRODUCTION

The seismic events which recently struck the Italian Peninsula have shown the limited
earthquake performance of existing masonry structures.
Their high vulnerability is linked to various sources of weakness such as very disparate
construction typologies, buildings remodeled over time with interventions without criteria,
absence of structural design, architectural modifications, interventions without adequate
structural evaluation: most of the existing buildings in masonry are therefore not designed to
transfer seismic forces from horizontal to vertical elements.
Nonlinear numerical simulations of existing masonry buildings still represent an open
problem in research because it is difficult to develop reliable numerical models of real
buildings.
This study presents the results of non-linear pushover analyzes performed on two
unreinforced and reinforced masonry buildings. The method, called equivalent frame method
(EFM), uses one-dimensional nonlinear macroelements connected through nodal panels
considered to be nondeformable and rigid.
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The macroelement, originally developed for reinforced concrete structures [1], has been
extended in previous works ([2,3,4,5]) to the static and dynamic nonlinear analysis of masonry
structures. The macroelement consists of Force Based Elements (FBE) ([6,7]) combined with
nonlinear lumped hinges.
The equilibrium between moment and shear is guaranteed at the element level; if properly
calibrated, the macroelement is particularly effective in simulating the in plane and out-of-plane
response of wall panels of ordinary and reinforced masonry buildings.
The equivalent frame model is implemented in the open source computational platform
OpenSees 3.0.3 3 ([8]) with which the numerical analyzes will be conducted together with the
pre and post-processor Scientific ToolKit for Opensees, STKO ([9]).
2 EQUIVALENT FRAME METHOD WITH FIBER BASED ELEMENTS AND
PHENOMENOLOGICAL LUMPED HINGES
In the simplified approach with EFM, the masonry structures are modeled by assembling
equivalent vertical and horizontal one-dimensional elements: piers and spandrels are modeled
with appropriate constitutive laws and connected to each other through rigid areas (Figure 1).

Figure 1: EFM discretization

The interaction between axial and flexural behavior is captured by the macroelement using
force based fiber elements (Figure 2). The diagonal and sliding shear behavior is captured with
a phenomenological law. Flexure and shear interaction is ensured with the equilibrium along
the element (Figure 3).
For the unreinforced masonry (URM) building behavior, the uniaxial material "Concrete02"
(OpenSees 3.0.3) is used to simulate the masonry. The tensile strength is assumed to be 1/30 of
the compressive strength.
For the reinforced masonry (RM) buildings, the masonry behavior is modeled with the
uniaxial material "Concrete01" with zero tensile strength an steel bar behavior is modeled with
the uniaxial bilinear steel Material "Steel01".
The uniaxial multilinear material of OpenSees 3.0.3 is used to simulate the shear behavior
of the wall panels.
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Figure 2: Macroelement formulation
(Vn,ϑ n)
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(-Vu,-ϑ u)
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(-Vn,-ϑ n)

Drift [%]
Figure 3: Lumped hinge for shear behavior

The shear strength capacity, 𝑉𝑉𝑉𝑉𝑡𝑡𝑡𝑡 ([10]) of URM panels is calculated as:

where:

𝑉𝑉𝑉𝑉𝑡𝑡𝑡𝑡 = 𝐵𝐵𝐵𝐵 ⋅ 𝑡𝑡𝑡𝑡

𝑓𝑓𝑓𝑓𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡
𝜎𝜎𝜎𝜎
�1 +
𝑏𝑏𝑏𝑏
𝑓𝑓𝑓𝑓𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡

(1)

𝑓𝑓𝑓𝑓𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 is the masonry tensile strength;
𝑏𝑏𝑏𝑏 is equal to 1.5;
𝐵𝐵𝐵𝐵 and 𝑡𝑡𝑡𝑡 t are the length and thickness of the panel, respectively.

The shear strength Vt ([11]) of the RM panels is calculated as the sum of the contributions
of the masonry shear capacity 𝑉𝑉𝑉𝑉𝑡𝑡𝑡𝑡 ,𝑀𝑀𝑀𝑀 and the reinforcement capacity 𝑉𝑉𝑉𝑉𝑡𝑡𝑡𝑡 ,𝑆𝑆𝑆𝑆 , according to the
following relationships:
𝑉𝑉𝑉𝑉𝑡𝑡𝑡𝑡 = 𝑉𝑉𝑉𝑉𝑡𝑡𝑡𝑡 ,𝑀𝑀𝑀𝑀 + 𝑉𝑉𝑉𝑉𝑡𝑡𝑡𝑡 ,𝑆𝑆𝑆𝑆

where:

𝑉𝑉𝑉𝑉𝑡𝑡𝑡𝑡 ,𝑀𝑀𝑀𝑀 = 𝑑𝑑𝑑𝑑 ⋅ 𝑡𝑡𝑡𝑡 ⋅ 𝑓𝑓𝑓𝑓𝑣𝑣𝑣𝑣𝑣𝑣𝑣𝑣
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𝑑𝑑𝑑𝑑 is the distance between the extreme compressed fiber and the center of tensile
reinforcement;
𝑡𝑡𝑡𝑡 is the panel thickness;
𝑓𝑓𝑓𝑓𝑣𝑣𝑣𝑣𝑣𝑣𝑣𝑣 is the shear strength of the masonry under compression.
where:

𝑉𝑉𝑉𝑉𝑡𝑡𝑡𝑡 ,𝑠𝑠𝑠𝑠 = (0.6 ⋅ 𝑑𝑑𝑑𝑑 ⋅ 𝐴𝐴𝐴𝐴𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 ⋅ 𝑓𝑓𝑓𝑓𝑣𝑣𝑣𝑣𝑣𝑣𝑣𝑣 )/𝑠𝑠𝑠𝑠

𝐴𝐴𝐴𝐴𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 shear strengthening area in the direction of the shear forces
𝑓𝑓𝑓𝑓𝑣𝑣𝑣𝑣𝑣𝑣𝑣𝑣 steel design yielding strength;
𝑠𝑠𝑠𝑠 spacing among the transversal reinforcement.

(4)

In deformation terms, the ultimate angular deformation, ϑu of URM panels (URM) at the life
safety limit state is assumed to be equal to 0.4% of the panel height [12]; in the case of RM
panels, the ultimate angular deformation, ϑu is assumed to be 0.6% of the height of the panel
[12].
The shear phenomenological law considered in this study does not depend on the axial load
N; once the parameters have been set, the law remains constant during the analysis.
The ultimate bending moment, 𝑀𝑀𝑀𝑀𝑡𝑡𝑡𝑡 of the masonry spandrels, as indicated in the Italian code
DM 2018 [11] is calculated as:
where:

𝑀𝑀𝑀𝑀𝑡𝑡𝑡𝑡 = 𝐻𝐻𝐻𝐻𝑝𝑝𝑝𝑝 ⋅ ℎ𝑠𝑠𝑠𝑠𝑝𝑝𝑝𝑝 /2 ⋅ [1 − (0,85⋅𝑓𝑓𝑓𝑓

ℎ𝑠𝑠𝑠𝑠𝑝𝑝𝑝𝑝 is equal to the spandrel height;
𝑡𝑡𝑡𝑡𝑠𝑠𝑠𝑠𝑝𝑝𝑝𝑝 is equal to the spandrel thickness,

𝐻𝐻𝐻𝐻𝑝𝑝𝑝𝑝

ℎ𝑑𝑑𝑑𝑑 ⋅ℎ𝑠𝑠𝑠𝑠𝑝𝑝𝑝𝑝 ⋅𝑡𝑡𝑡𝑡𝑠𝑠𝑠𝑠𝑝𝑝𝑝𝑝 )

]

(5)

The spandrel shear capacity, V, is equal to:

V = hsp ⋅ tsp ⋅ τ0
where:

(6)

τ0 masonry shear strength;
hsp masonry spandrel height;
tsp masonry spandrel thickness.

3 PUSH OVER ANALYSES OF TWO LARGE UNREINFORCED AND
REINFORCED MASONRY BUILDINGS
3.1 Description of the building investigated
The first case study presented in this work is a pushover analysis conducted on the "Pietro
Capuzi" kindergarten school in Visso - Marche - MC - Italy; this is an URM building monitored
by the Seismic Observatory on Structures [13] which during the last Italian seismic events
(Central Italy - 2016) suffered serious structural damage ([14,15]).
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The chosen structure is characterized by a regular distribution of the openings and a
predominantly global response with localized damage in the piers and in the masonry spandrels,
which can be modeled well with EFM. The plan building was asymmetrical in the two main
directions (longitudinal X, transversal Y) and consisted of a mezzanine and a first floor (Figure
4).

Figure 4: First and second floor plan

The building, as shown in Figure 5, had several cracks caused by in-plane failure mechanism
of the piers and spandrels, damage to the infills and non-load-bearing structures ([16]).

Figure 5: Observed damage, adapted from [16]

The second case study presented in this paper is an archetypal building in RM called in this
work E8 and calculated according to the Italian design code [17].
The objective of the pushover on the E8 building is to evaluate, through the simplified
macroelement model, the building seismic performance as well as detect the damage in the
panels and in the steel rebars. The building (Figure 6), designed for L'Aquila (Italy) on type C
soil and topography [11] has an axis of symmetry in the direction Y, the height between floors
is 3.10 m and slab depth equal to 0.25 m on all levels. All slabs are unidirectional. The wall
thickness of the external walls is 0.30 m and of the internal ones is 0.25 m.
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Figure 6: Plan of the E8 building

3.2 Numerical models
The 3D-EFM of the two buildings is shown in Figure 7.

Figure 7: Left EFM of the URM building Right EFM of the RM building

The numerical model of the URM building considers the height of the piers and the length
of the panels according to the method proposed by [18].
The mezzanine floor (+4.30 m) and the first floor (+8.70 m) are modeled, while the basement
is not considered in the model. The roof and the attic floor are not explicitly modeled but their
contribution is taken into account in terms of masses and gravity loads. The curbs are modeled
explicitly, while the floors are idealized with kinematic constraints as rigid diaphragms. The
piers and the spandrels have a rectangular cross section and the structure is assumed fixed at
the base.
The numerical model of the RM building considers the height of the piers equal to the height
of the floors. The ground floor (+3.00 m), the first floor (+6.00 m) and the roof (+9.00 m) are
modeled. The RC curbs are assumed to behave linearly elastic. The corner reinforcement bars,
which are in common with two orthogonal piers, have been distributed equally between the
piers considering for each pier a 8 mm diameter bar, the other bars have a diameter of 16 mm.
The weight of the elements in both models is applied as distributed load transmitted from the
floors to the structural elements.
Table 1 and Table 2 show the mechanical properties assigned to the fiber model: masonry
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compressive strength, fm, masonry tensile strength, ftu, masonry shear strength, fvm0, Elastic
Modulus, Em, Shear Modulus, G, masonry specific weight, W, and steel bar yielding strength,
fym.
Table 1: URM material parameters

fm
ftu
Em
G
W
N/mm2 N/mm2 N/mm2 N/mm2 kN/m2
4.8 0.14625 2610
870
21.00
Table 2: RM material parameters

fm
fvm0
Em
G
W
fym
N/mm2 N/mm2 N/mm2 N/mm2 kN/m2 N/mm2
6.436 0.2857 5300
2120 9.00 483.871

For both buildings, pushover analysis are performed using displacement control according
to a distribution of forces proportional to the masses and using as target displacement a node
on the top floor of both buildings. In each step, equilibrium is achieved with a Krylov-Newton
iteration process and convergence is accepted with a residual tolerance of 1×10-5.
3.3 URM results
Figure 8 shows the 4 capacity curves and the bi-linearized curves calculated following the
indications in [18]. The maximum base shear is 10787 kN for the pushover + X|Uniform at a
displacement of 22.30 mm. On the walls aligned in the transversal +Y direction, numerical
diagonal cracking failures are observed.
In the longitudinal direction +X direction, the slender wall panels fail in flexure while the
squat wall panels fail in shear. The analysis is interrupted due to numerical instability related
to the brittle failures of the masonry walls on the mezzanine floor.
11000

V [kN]

8250

+X|Uniform
-X|Uniform
+Y|Uniform
-Y|Uniform
Bilinear +X|uniform
Bilinear -X|uniform
Bilinear +Y|uniform
Bilinear -Y|uniform

5500
2750
0

0

7

14

d [mm]

21

28

Figure 8: URM capacity curves and bilinearizations

Figure 9 compares the bi-linearized curves and the Acceleration-Displacement Response
Spectrum (ADRS), evaluated considering a subsoil Type D category with topography T1 [11].
The seismic risk indicator, ζE, defined as the ratio between the capacity and the demand,
calculated for the four capacity curves is equal to 0.365, 0.416, 0.346 and 0.281 for the
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distribution +X|Uniform, -X|Uniform, +Y|Uniform and -Y|Uniform, respectively. The curves
show that the structure has a very limited capacity and it is prone to damage under cyclic loads
induced by the earthquake.
1

Bilinear +X|uniform
Bilinear -X|uniform
Bilinear +Y|uniform
Bilinear -Y|uniform
ADRS Spectrum

V [kN]

0.75
0.5

0.25
0

0

200

d [mm]

400

600

Figure 9: URM Demand vs Capacity URM

Figure 10 shows the comparison between the actual damage observed on site on wall 4 and
the numerical damage simulated with OpenSees. The panels at the mezzanine level failed in
shear and the wall at the first floor failed because of mixed flexure-shear mechanisms.
Damage is also observed in the spandrels on the mezzanine and first floors. The lumped
hinge behavior, V - δu extrapolated at the base of the piers highlights a shear numerical failure
predicting correctly the actual damage observed. Four piers reached the life-saving limit state
ultimate drift, while the other four piers reached the maximum shear capacity but not the
ultimate drift). The numerical model reproduces correctly the actual damage observed.

V [kN]

240
160
80
0
0.0%

0.4%
δu [%]

0.8%

Figure 10: Comparison between numerical and observed damage – wall n°4
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3.4 RM results
Figure 11 shows the four capacity curves and the relative bi-linearized curves obtained for
the RM building. The maximum base shear capacity is 7415.13 kN for the pushover
+ Y|Uniform at a horizontal displacement equal to 39.68 mm. The comparison shows an overlap
of the curves in the longitudinal direction X due to the perfect symmetry of the building in the
direction orthogonal to it. The building collapse is triggered by the panel shear failures on the
ground floor in both directions of analysis.
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-X|Uniform
+Y|Uniform
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Bilinear +X|uniform
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Bilinear +Y|uniform
Bilinear -Y|uniform
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0

20

d [mm]

40

60

Figure 11: RM capacity curves and bilinearizations

Figure 12 shows a comparison of the bi-linearized curves and the ADRS assuming a type C
soil category T1 topography [11].
The seismic risk indicator, ζE of the four capacity curves is equal to 1.31, 1.31, 1.625 and
1.803 for the distribution +X|Uniform, -X|Uniform, +Y|Uniform and -Y|Uniform, respectively.
Therefore, as expected, the structure capacity complies with the Italian design codes, D.M.
2018.
1
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Bilinear -X|uniform

V [kN]

0.75

Bilinear +Y|uniform
Bilinear -Y|uniform

0.5

ADSR Spectrum

0.25
0

0

100

d [mm]

200

300

Figure 12: Demand vs Capacity RM

Figure 13 shows, the steel fiber behavior of panel X06 and the Gauss point behavior of panel
X14 for the force distribution proportional to the masses in the positive longitudinal direction,
+X|Uniform.
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Figure 13: Numerical damage of panel and bars

The results show that the pier on the corner at the ground floor yields because of bar yielding,
however the building collapses because of shear failure as indicated by the gauss points.
4

CONCLUSIONS

This work presents the results of pushover analyzes performed on two large URM and RM
buildings. The models are developed using the EFM with the open source software OpenSees
and the pre and post-processor Scientific ToolKit for OpenSees, STKO.
FBEs are used to describe the axial-bending behavior, while a phenomenological law is used
to simulate the shear behavior.
The phenomenological law is calibrated with experimental data to capture correctly the pier
and spandrel shear behavior.
In both case studies, URM and RM, the capacity curves are compared with the demands.
The results of the analyses on the URM building show that the model is capable to describe
correctly the damage occurred and that the URM building is highly vulnerable.
The RM building behaves well under seismic load, the seismic risk ζE is higher than 1.31
and therefore the building design complies with the Italian design codes. The EFM proposed in
this work ensures to consider correctly the biaxial-bending interaction and to evaluate in depth
the steel bar behavior and damage. The quality of the results obtained can be further improved
by considering the variation of the axial load to describe the pier shear behavior.
Despite convergence problems that can occur in quasi-brittle materials with softening and
the limitations due to the phenomenological shear law, the EFM proposed in this work is
particularly efficient and accurate for the non-linear analysis of large-scale masonry structures.
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Abstract. This study deals with the numerical (FE) modelling of the pre-stress induced by the
hot riveting process used in old iron and steel bridges. It aims to provide information to
assess old metallic railway bridges. The numerical model presented in this study is developed
with Cast3M software. It is used to study the evolution of the pre-stress as a function of the
riveted thickness. Mechanical and thermal properties, used for the modelling are depending
on temperature. Mechanical and thermal conditions are also taken into account. These
include the three types of thermal transfer: the conductivity transfer between the plates and
the rivet, the convective and radiative transfer between the rivet and the environment and
between the plates and the environment, and the radiative transfer between the rivet and the
plates. In order to take into account the induced clearance between the rivet shank and the
plates, dedicated riveted specimens were manufactured by the repairing of metal bridges
(RPM) team of the SNCF. Clearances were measured for different thicknesses and have been
included in the numerical model. The study shows that the assessment of the pre-stress is
strongly dependent to the thickness to be assembled. It also shows the importance of the
radial clearance of the connection to better estimate this induced pre-stress.
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1

INTRODUCTION

The French railway network includes over 30 000 km of railway tracks and more than
5000 metallic bridges [1]. Some of these bridges were built before the 1900s. At the time, hot
riveting was the preferred joining method. Considering the ageing of these constructions, as
well as the increasing evolution of traffic in the network, the understanding of the behavior of
this type of connection becomes of utmost importance. In particular, the estimation of the
clamping stress due to the hot riveting process is important in order to study the mechanical
strength over time of these assemblies. The literature shows very significant differences in the
estimation of this rivet pre-stress, for instance [2], [3]. But since the riveting process is very
dependent on many parameters (for instance; driving pressure and temperature, material
characteristics, geometrical parameters), the assessment of the pre-stress is inaccurate.
Laboratory tests on riveted connections indeed show scattered mechanical properties, for
instance [4]. In order to take into account the influence of geometrical parameters on the prestress, a 2D-parametric numerical model (Cast3M software) has been developed. In addition,
dedicated assemblies have been manufactured to measure clearances as a function of the
thickness to be assembled. These data were included in the FE model.
2 RIVETED ASSEMBLIES FABRICATION
For this study, three rivets assemblies (18mm diameter) have been manufactured taking
into account dimensions of riveted connections described in historical technical
documentations. Joined plates are 8mm thick and the chosen material is a S235 grade steel.
This material has indeed mechanical characteristics similar to those of puddle irons and steels
used in the construction of old metal bridges.
Four different connection thicknesses have been studied: 3, 5, 7 and 9 plates. The riveting
procedure carried out by the repairing of metal bridges (RMP) team of the SNCF includes
seven different steps:
-

the drilling then reaming the holes,
the holding of the plates with screws before riveting,
the cutting the rivet to the appropriate length, depending on the number of plates to
be assembled,
the heating of the rivet up to 1000°C,
the insertion of the rivet,
the pressure on the rivet and the forming of the second rivet head,
the cooling down of the connection.

The Figure 1 shows the pressure on the heated rivet of the 7-plate assembly (left) , the
furnace used by the RPM team with different length rivets (center) and the longitudinal crosssection of a 7-plate assembly for measuring radial clearances (right). Measurements of radial
clearances were made, for the 3 rivets of for each assembly (for each assembled thickness),
after longitudinal cutting and fine grinding up to grade 2000. Two measurements were made
per plate, so the averages of the measured clearances cover 6 measurements for 3-plate
(24mm thick) assemblies, 10 for 5-plate (40mm thick) assemblies, 14 for 7-plate (56mm
thick) assemblies and 18 for 9-plate (72mm thick) assemblies.
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Figure 1: Hot riveting of a 7-plates assembly (left), the furnace with heated rivets (center) and the cross section
of a connection showing radial clearances (right)

The Figure 2 shows the evolution of the mean and of the median of the measured
clearances for each thickness. It shows that the clearance is variable for a given thickness.
Indeed, in the example of the 7-plate assembly (40mm thick), the average radial clearance is
0.09mm and the maximum radial clearance is close to 0.5mm. Moreover, the mean clearance
increases with the assembled thickness. It is actually more than three times greater in the case
of a 9-plate connection than in the case of a 3-plate assembly.

Figure 2: Radial clearance measurements depending on the number of plates (e.g clamp length)

The variation of the radial clearance as a function of the thickness to be assembled is
therefore a parameter to be taken into account in the numerical modelling of hot riveted
assemblies.
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3

NUMERICAL MODEL DESCRIPTION

3.1 Geometry and boundary conditions
A 2D FE parametric model has been developed in the Cast3M software in order to study
the clamping pre-stress as a function of the geometrical parameters of the assembly. The
following Figure 3 presents the studied geometry, the chosen geometrical parameters for the
FE modem (clearance j, rivet diameter d, thickness H) and the planes of symmetry of the
model. According to the French 19th century technical documentation, the geometrical
characteristics of the rivet heads are dependent on the rivet diameter [5].

Figure 3: Geometric description of the model, example of a 5-plate connection

3.2 Thermo-mechanical properties
Due to the studied process, the mechanical properties of the materials are temperaturedependent. For this paper, we consider two different real materials used in bridge
construction: a material for the plates to be assembled and another for the rivet. This choice
corresponds to the data presented in the old technical documentation which specifies the
mechanical characteristics that the rivets must respect [6]. The stress-strain relations of the
two chosen materials, at room temperature, are shown in the following Figure 4.

Figure 4: Stress–strain relations for the rivet and plate material in the FE model

1943

P-J. Tisserand, S. Sire, M. Ragueneau

During the thermo-mechanical analysis, the hot driven rivet is assumed to be at a uniform
1000°C temperature, then it cools down until it reaches room temperature. At every
calculation step during cooling, the mechanical and thermal characteristics (specific heat,
thermal expansion coefficient and thermal conductivity coefficient) are updated according to
Eurocode 3 part 1-2 for mild steel [7].
3.3 Heat transfer
Three types of heat transfer are considered:
-

conductivity transfer: between the plates and the rivet and between the plates
themselves,
convective transfer: between the rivet and the environment and between the plates
and the environment,
radiative transfer: between the rivet and the plates, between the rivet and the
environment and between the plates and the environment.

Finally, particular attention is paid to the mesh (TRI3 elements): the mesh is indeed refined at
the rivet head / plates contact as high plastic deformations can be generated in this area.
4

RESULTS AND ANALYSIS

4.1 Main results
The following Figure 5 shows the evolution of the clamping stress as a function of
thickness; the rivet has a diameter of 18mm, the thickness ranges up to 100mm. For this
simulation, a constant radial clearance of 0.1mm has been chosen, corresponding to the values
measured and proposed in Figure 2.

Figure 5: Pre-stress depending on the clamp length of the riveted assembly (18mm rivet, 0.1mm clearance)
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Considering that radial clearances can be very different from one rivet to another (see
Figure 2 for the same thickness), we have studied the evolution of pre-stress as a function of
the clearance. Taking into account the values proposed in Figure 2, we have chosen to study
the influence of the clearance up to 0.5 mm. This clearance is assumed to be constant over the
length of the rivet shank, as presented in Figure 3.

Figure 6: Pre-stress depending on the radial clearance

4.2 Analysis
The calculations show firstly an important influence of the thickness in the pre-stress
calculation. The evolution of the results is in line with the literature, for instance [3]. By
taking a constant radial clearance for these calculations, it is shown in this study that this
stress can increase by more than 30% when changing from a small thickness assembly
(24mm) to a larger thickness (72mm). The calculations also show an influence of the radial
clearance and particularly as the thickness to be assembled is large. In the two cases studied
here (the smallest and the largest joint thicknesses), the more the clearance increases, the
more the clamping pre-stress decreases. The selected radial clearances correspond to values
measured on the fabricated connections. In the case of the 72mm connection, for a clearance
between 0.02mm and 0.5mm, the reduction is about 20%.
For thicknesses larger than those studied experimentally, Figure 1 further shows that the
pre-stress can reach magnitudes that could be critical for the mechanical strength of the
riveted joint, particularly if the mechanical properties are weak.
5

CONCLUSIONS

In this study, we numerically studied the influence of two geometrical parameters in the
estimation of the clamping stress in riveted connections. Indeed, the grip length and a mean
radial clearance (depending on this length) were taken into account in a numerical model
developed with the Cast3M software. For this, experimental measurements on dedicated
assemblies have been used to improve the numerical model. In particular, we show that taking
into account a unique clamping stress in a complex multi-rivet assembly can result in an
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inaccurate estimation of its behavior given the complexity of this type of assembly.
Acknowledgements. The authors wish to thank the SNCF for the manufacture of the hotriveted specimens used in the experimental campaign.
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Abstract. The introduction of reinforced concrete as a structural material in American
practice circa 1900 created unique challenges in design and analysis. Engineers and builders
had to simultaneously determine proper constituent materials for the concrete, the relation
between materials proportions and strength, and formulas for sharing load between steel and
concrete. Early on there were only local building codes, which often treated concrete as
masonry. This was followed, starting in 1909, by the reports of the “Joint Committee” which
served as a de facto national code for concrete; the American Concrete Institute code was
first independently published in 1941 and has been updated regularly since.
All of the early codes, specifically including the Joint Committee report and the ACI code,
used allowable-stress design with a linear-elastic model of flexure. Load-and-resistance
factor design using an ultimate-strength model was first introduced in the US as an alternate
method in the 1956 ACI code, was elevated to equal status with the 1963 code, and was made
the standard in the 1971 code with the linear-elastic allowable-stress model as an alternate.
Since the ultimate-strength model is generally accepted to more accurately represent flexure
in reinforced concrete, the allowable-stress alternate was little used after the transition.
Many details have changed minimally since the 1910s, including provisions for T beams
that take advantage of the slab for additional compression flange area. The calculation of
shear capacity in both concrete and web reinforcing changed minimally except for the
transition from allowable-stress to load-and-resistance-factor design.
Re-analysis of extant concrete structures designed before the 1956 code generally shows a
pattern of significant excess capacity in flexure and limited excess capacity in shear. For
members that are generally not controlled by one-way (beam) shear (two-way slabs and oneway slabs) the increase in flexure capacity governs; for members where one-way shear is a
controlling factor, the small increase, no change, or decrease in shear capacity governs.
Much of the current literature on evaluating the capacity of extant concrete structures
focusses on strength degradation from material changes such as rusting rebar and from
overall material changes such as carbonation. The presence of excess capacity should also be
considered, and it is possible based on review of the governing codes and design methods to
determine general patterns as to how much excess capacity may be expected.
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1

INTRODUCTION

Accurate of analysis of existing buildings depends in part on understanding their original
design. In the case of older buildings with reinforced-concrete structure, there are significant
differences between current design and analysis methods and those in use prior to the 1970s.
Concrete as a structural material developed later than steel, almost entirely after 1900, which
means that processes to create formal standards were in place from the beginning.
The details of material use, construction economics, and design standards differ from one
country to another, so this study represent US practice. (The data and formulas used are given
in their original units, with metric conversions following in parentheses.) However, it is likely
that a similar analysis can be made in any country where reinforced-concrete use began in
earnest before 1930.
There is no national building code in the US, as all such laws are enacted at the state level;
the International Building Code (IBC), starting in 2000, was the first base code generally
adopted by states across the entire country. As a result, there were differing standards for
structure and other technical issues until national organizations created specific material
codes. For example, structural steel was standardized with the 1923 release of the first edition
of the Standard Specification for Structural Steel for Buildings by the American Institute of
Steel Construction.
From 1909 to 1941, the most prominent national standard for reinforced-concrete design
was a series of reports by the Joint Committee on Standard Specifications for Concrete and
Reinforced Concrete. The name “Joint Committee” reflects the fact that no one group was
responsible for the specification. The contributors varied over time but generally included the
American Society of Civil Engineers (a professional group founded in 1852), the American
Railway Engineering Association (an end-user professional group founded 1899), the
American Society for Testing Materials (a standards-setting group founded 1898), the
American Concrete Institute (an industry-specific group founded as the National Association
of Cement Users in 1904 and renamed in 1913), and the Portland Cement Association (an
industry-specific group founded 1902). The ages of the organizations are important because
they highlight the greater standardization in the US during the 1900s beginning of reinforcedconcrete use in buildings compared to the 1870s beginning of steel use in buildings.
The ACI developed and updated its requirements after the Joint Committee had reached a
final report in 1921, issuing its “Reinforced Concrete Building Design and Specifications” in
1927 and proposed “Building Regulations for Reinforced Concrete” in 1936. Finally, in 1941,
the ACI issued the first version of its full and permanent specification, “Building Regulations
for Reinforced Concrete.” The current revision of this document is the standard concrete code
referenced by the various state and local building codes (and referenced in the national
standard IBC.) The ACI code is usually called by the author group (ACI Committee 318) and
revision year, so that the current code is ACI 318-19.
One of the most basic questions asked in renovation is the load capacity of an existing
floor. Given the changes in beam design from the early Joint Committee specifications to the
mid-century ACI code, to the modern ACI code, it cannot be assumed that current codes
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accurately reflect the strength of old concrete structures. This paper provides an overall
analysis of the changes in design calculations over the course of the twentieth century in order
to provide a schematic-level baseline for making decisions about current capacity of the
existing concrete building stock.
2

CODE REQUIREMENTS FOR REINFORCED CONCRETE DESIGN

2.1 Before National Standards
Because of the decentralized nature of American building control prior to the 1950s, there
are two critical sources of information about the designs standards in use: local codes that had
statutory control over design and national standards that were sometimes (and with increasing
frequency as time went on) used as references in local codes.
By later standards, the New York City Building Code of 1901 was extremely conservative
about the stresses allowed in concrete.1 Compression was limited to 230 psi (1.6 MPa)
maximum in compression, while steel was allowed up to 16,000 psi (110 MPa) tension. No
guidance was given on design, and concrete was generally treated as an unreinforced form of
mass masonry. While there were various work-arounds for designers, such as applying for a
variance for a specific building, the situation was not properly addressed until the 1916
revision of the code, which included provisions similar to those of the Joint Committee.2
The Chicago code of 1905 was less conservative than the New York code with respect to
concrete itself, allowing flexural compression in concrete of 500 psi (3.4 MPa), and concrete
shear of 75 psi (0.52 MPa), but only allowed tension in the steel of 1/3 of the yield stress, or
11,000 to 13,000 psi (76 to 90 MPa) for the steels commonly in use at the time.3
The national standards were spread via engineering professional journals and then
incorporated into the local and state laws regarding building enforcement. It is not a
coincidence that, for example, the 1912 Detroit Building Code has a calculation method and
allowable stresses that match the 1909 Joint Committee report.4
2.2 The Joint Committee Reports
The preliminary Joint Committee reports of 1909 and 1913 contain essentially the same
requirements for beam design as the “final” report of 1916.5, 6, 7 The important differences are
in materials specifications, column analysis, and less common forms of design, as the basics
of beam design had been worked out earlier. The 1916 Joint Committee report provides a
good summary of the state of reinforced-concrete beam design in the US in the 1910s.7 There
are descriptions of a limited number of possible concrete mixes, as well as a table with a list
of ultimate compressive strengths based on the aggregate type and on the fine-to-coarse
aggregate proportions. The list of allowable stress is quite simple:
¥ Maximum allowable flexural compressive stress is 32.5% of the concrete strength.
¥ Allowable shear stress without shear reinforcing is 2% of the concrete strength.
¥ Allowable stress in steel is 16000 psi (110 MPa).
The elastic modulus for steel (Es) was taken as 29,000,000 psi (200,000 MPa). The elastic
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modulus for concrete was typically expressed in terms of the modular ratio n (equal to Es/Ec).
The 1916 report gave n=15 for concrete with a compressive strength between 800 and 2200
psi (5.5 and 15 MPa), which covered the bulk of structural reinforced concrete at that time. It
also gave n=40 for concrete 800 psi (5.5 MPa) or weaker, n=12 for concrete between 2200
and 2900 psi (15 and 20 MPa), and n=10 for concrete stronger than 2900 psi (20 MPa).
Using the basic design assumptions for a rectangular section beam, (where d is the depth of
the beam from the centroid of the tension reinforcement to the top of the beam, b is the width
of the beam, As is the steel reinforcement area, and p is the steel ratio As/bd) the position of
the neutral axis is represented by kd, where k is less than 1 and calculated as
k = 2 pn + ( pn)2 − pn

(1)

The moment arm between the centroids of the steel and the concrete compression is
represented by jd, where j is calculated as
j = 1−

k
3

(2)

The calculated maximum stresses in steel and concrete are
fs =

M
As jd

fc =

2M
jkbd 2

(3)

The 1916 report represented a plateau for reinforced-concrete design in the US, but not for
research. The basic provisions of that report were in use for roughly 25 years with only minor
changes. The same organizations formed a new Joint Committee in 1919 with the purpose of
addressing a gap in the 1916 report: creating a specification to accompany the report’s design
provisions. The 1921 progress report and the 1924 final report of the Joint Committee on
Standard Specifications for Concrete and Reinforced Concrete repeated the design provisions
of the 1916 report, while adding a great deal of information, in specification form, on the
preparation and construction of concrete.8, 9 The areas of design that were of greatest interest
in research, and therefore the areas where changes were most likely to occur, were column
design and two-way slab design, neither of which affects the topic of this paper. The last Joint
Committee was formed in 1930 to review the 1924 Specification and the 1916 report and
bring them up to date as necessary. The report of this committee was issued in 1940, and
contained the following notation regarding ordinary beam design: “The standard formulas for
rectangular and T-beams and standard notation have become so widely recognized that they
are omitted from the Report.”10
2.3 ACI Standards and Codes
Of the organizations in the Joint Committees, only the American Concrete Institute
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(including its years as the National Association of Cement Users) was dedicated to the issues
of professional designers. As a new group, it benefited from collaborating with the betterestablished ASCE. In 1908 the NACU issued its “Report of the Committee on Laws and
Ordinances.”11 No analysis equations were provided and the statement that the stress-strain of
concrete “may be assumed (a) As a straight line. (b) As a parabola, with its axis vertical and
its vertex on the neutral axis of the beam, girder or slab; or (c) As an empirical curve, with an
area one-quarter greater than if it were a straight line, and with its center of gravity at the
same height as that of the parabolic area assumed in (b)” suggests that the NACU was not
settled on linear-elastic analysis. A safety factor of 4 was used against the steel yield stress,
assumed to be 32,000 psi (220 MPa), and the concrete ultimate stress, assumed to be 2000 psi
(14 MPa). The modular ratio n was taken as 18; the shear stress for unreinforced 2000-psi
concrete was taken as 200 psi (1.4 MPa).
The specification was probably not used very much because it came out only a year before
the Joint Committee’s first report was issued. The Joint Committee had the weight of betterestablished organizations behind it and was significantly more conservative. There is no way
to be certain now to what extent the NACU 1908 code was used, but designs that conform to
its outlier criteria - the high allowable shear stress, for example - do not appear to be common,
and the values given in the report do not typically appear in local codes of the era.
The NACU abandoned the 1908 report in its 1910 “Standard Building Regulations for the
Use of Reinforced Concrete.”12 This is essentially the 1909 Joint Committee report, which is
to be expected since the NACU was participating in the Joint Committee. Linear elastic
behavior was assumed, but no equations given. Materials assumptions included 2000 psi (14
MPa) concrete, allowable tension (after a safety factor was applied against yield) of 16,000
psi (110 MPa) for “medium steel” equivalent to structural steel and 20,000 psi (140 MPa) for
“high elastic steel.” Using those materials, they recommend the use of n=15, maximum
flexural compression of 650 psi (4.5 MPa), and maximum concrete “web stresses” (i.e. shear)
of 40 psi (0.28 MPa). These values are the same as the Joint Committee.
In 1920, the ACI issued Standard Specifications 23, “Standard Building Regulations for
the Use of Reinforced Concrete” which is, in form, a building code for reinforced concrete.13
The general provisions are the same as the 1916 Joint Committee report except as follows:
¥ Mix proportions were provided for concrete strengths up to 3000 psi (21 MPa).
¥ Allowable flexural compression was increased to 37.5% of the compressive strength.
¥ Allowable tensile stress in steel was 16,000 psi (110 MPa), except 18,000 psi (124
MPa) was used when the yield stress was over 50,000 psi (340 MPa).
¥ Allowable concrete shear stress with only longitudinal reinforcing was 2% of the
compressive strength, but could be increased to 3% if the bars were anchored.
The 1920 ACI standard is more detailed and less conservative than the Joint Committee
1916 report, as the ACI was including newer research into the performance of the material. It
should be noted that in dealing with analysis of extant buildings designed under the 1920
standard, anchorage of the reinforcing cannot be assumed and is difficult to check, so the
unanchored shear provisions should be used.
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The ACI’s 1927 “Tentative Building Regulations for the Use of Reinforced Concrete,”
document E-lA-27T, is an update to the 1920 specification.14 The extent to which linearelastic flexural analysis was the standard can be seen in the fact that no equations for analysis
were given, but the document states “The customary formulas or their equivalent shall be
used.” The only change to the specifications for the ordinary beam analysis reviewed here is
that the allowable flexural compression was increased to 40% of the concrete compressive
strength.
The next code version, in 1936, removed “tentative” from the title but kept “T” in the
designation ACI 501-36T.15 (Committee 501 replaced committee E-1.) The statement on
flexural analysis was updated to “The accepted theory of flexure as applied to reinforced
concrete shall be applied to all members resisting bending.” The provisions for beams were
the same except that allowable steel tension was generally increased to 20,000 psi (140 MPa);
and the modular ration was defined by using 30,000,000 psi (210,000 MPa) as the elastic
modulus for steel, and 1000 times the ultimate compressive stress for concrete.
Finally, in 1941, the ACI code, “Building Regulations for Reinforced Concrete (ACI
318-41)” reached its current designation (committee 501 was renamed to 318); all later codes
have been based on this version.16 The only change relative to beam analysis was that the
allowable flexural compression was increased to 45% of the concrete compressive strength.
The 1947 revision of the code had no changes relative to beam analysis.17
The 1951 ACI code revision 318-51 was the same for beam design except that the
allowable concrete shear stress was increased to 3% of the compressive strength and the
provisions regarding the effect of anchoring longitudinal reinforcing were removed.18
The 1956 ACI code had no changes in basic beam provisions but introduced an appendix
“Abstract of Report on Ultimate Strength Design.”19 This served more to spur discussion than
as a usable option, as it lacked the detail of the main code. The analysis included:
¥ Compressive stress distribution could take any geometry “which results in ultimate
strength in reasonable agreement with comprehensive tests.”
¥ The load factors were 1.2 for dead load and 2.4 for live load; there were no resistance
factors stated, so they were effectively 1.0.
¥ The maximum compressive stress (f’c) for analysis was 0.85 times the concrete strength.
¥ The maximum tension (fy) to be used in analysis was 60,000 psi (410 MPa) or the steel
yield stress, whichever was smaller.
¥ The analysis formulas for flexure were
M u = bd 2 f c'q(1− 0.59q)
q= p

fy
f c'

f c'
q ≤ 0.40
fy
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The 1963 ACI code was the pivotal moment in that it gave equal weight to allowable stress
(ASD) and ultimate strength designs (USD), with parallel chapters describing each. Some
new provisions applied to both methods:20
¥ The elastic modulus for steel was changed to 29,000,000 psi (200,000 MPa).
¥ The elastic modulus for concrete was to be calculated using the formula
Ec = w1.5 33 fc′

(5)

where w was the density of the concrete in lbf per cubic foot and f’c is expressed in psi.
(Note that the ACI formulas typically have hidden embedded units, so that for equation 5 to
work, 33 is not simply a numeric constant but carries units of (psi)0.5/(lbf/ft3)1.5.)
The ASD chapters had the same limits on flexural tension and compression as before, but
otherwise the shear provisions, with the allowable concrete shear in slabs as
fv = 2 fc′

(6)

and the allowable concrete shear in beams as
fv = 1.1 fc′

(7)

The USD chapters form the basis of ordinary flexural design per the ACI from this time
forwards. The basics of analysis are that the strain in both concrete and steel is proportional to
the distance from the cracked neutral axis, and that the maximum allowable compression
strain is 0.003. “At ultimate strength, concrete stress is not proportional to strain. The diagram
of compressive concrete stress distribution may be assumed to be a rectangle, trapezoid,
parabola, or any other shape which results in predictions of ultimate strength in reasonable
agreement with the results of comprehensive tests.” The recommended stress distribution is a
rectangular stress block of 0.85f'c intensity, extending from the compression side of the
section to a=k1c away, where c is the depth to the neutral axis, k1=0.85 for concrete up to
4000 psi (28 MPa) strength and is reduced for greater strengths. k1 was later renamed β1.
¥ The load factors ( γ ) were 1.5 for dead load and 1.8 for live load.
¥ The resistance factors ( φ ) were 0.90 for flexure and 0.85 for shear.
¥ The moment formula form 1956 was restated with a simpler form:
⎡
⎛
a⎞ ⎤
M u = φ[bd 2 f c'q(1− 0.59q)] = φ ⎢ As f y ⎜ d − ⎟ ⎥
2⎠ ⎦
⎝
⎣

(8)

0.85k1 f c' 87,000
p ≤ 0.75pb =
87,000 + f y
fy
where pb is the steel ratio that gives the balanced condition of simultaneous steel and
concrete ultimate stress.
¥ This code has the first ACI statement of factored shear:
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p Vd ⎞
⎛
vc = φ ⎜ 1.9 fc′ + 2500 w ⎟
⎝
M ⎠

(9)

where V and M are the unfactored shear and moment, and pw is the shear reinforcing ratio,
so the second term is zero when considering only concrete shear resistance.
The 1971 ACI code is similar, with a few changes:21
¥ The load factors were reduced to 1.4 for dead load and 1.7 for live load.
¥ USD was made the base analysis method, with the ASD analysis was reduced to a single
section of the “Analysis and Design General Considerations” chapter. This marked the
effective end of development of the ASD method by the ACI.
¥ For normal-weight concrete, a simplified formula was provided for the elastic modulus:
Ec = 57,000 fc′

(10)

No changes were made to these provisions in the 1977, 1983, 1989, 1995, and 1999 ACI
code revisions, except that ASD was moved from the main text to an appendix.22, 23, 24, 25, 26
The 2002 ACI code was the most recent with changes to these provisions:27
¥ The load factors were reduced to 1.2 for dead load and 1.6 for live load.
¥ The resistance factor for shear was reduced to 0.75.
¥ The ASD appendix was removed.
No changes have been made to these provisions in the 2005, 2008, 2011, 2014, and 2019
ACI code revisions.28, 29, 30, 31, 32
3

COMPARATIVE ANALYSIS

Since the question at hand is the capacity of ordinary beams, the details of those beams (for
example, span length, the ratio of span to depth, or the presence of a slab for T-beam action)
only matter if the analysis varies with those details. Similarly, the flexural and shear strength
depend on material properties: the compressive strength of the concrete, the tensile strength of
the steel, and the elastic moduli of both. In general, the geometry is not important, although
extreme cases may have differences: for example, there are shear requirements specific to
beams that have an unusually high depth to width ratio. The comparison here uses beams with
common geometry, reinforcing, and materials.
For existing buildings, the strength of the concrete is a simple issue, as it can be field
tested. In a broad sense, the issue of concrete quality can be treated with visual observation of
conditions, although there should be a default assumption that a decades-old building without
reported structural problems has concrete of a minimally-acceptable quality. The strength of
reinforcing bars can be measured using destructive testing on samples.
In order to keep the analysis focussed, only the provisions for ordinary reinforce-concrete
beams and one-way slabs are reviewed, for shear and flexure. The use of T-beams is not
considered because the provisions for allowable flange width have hardly changed, so the use
of T beams has little or no effect on the comparison of one code to another. The effect of shear
reinforcing is not included because (a) slabs almost never include shear reinforcing in
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ordinary practice, and (b) determining the amount of shear reinforcing in extant beams can
require many more probes than determinant the amount of flexural reinforcement because of
the pre-seismic-design practice of eliminating shear stirrups/hoops in the center of beams.
The case studied was a beam 12 inches (0.30m) wide and 28 inches (0.71m) deep,
reinforced with 3 #8 bars, 1 inch (25mm) in diameter, using 2000 psi (14 MPa) concrete and
40,000 psi (280 MPa) steel. (Such a beam could not be designed using T-beam analysis if, for
example, there were slab openings near mid-span.) The beam has a simple span of 20 feet
(6.1m) and supports a total load of 1200 pounds per foot (18kN/m). Three cases were
examined, with dead load to live load ratios of 2.0, 1.0, and 0.5. The load ratio does not
matter in the ASD analyses, where all loads are treated the same, but affects the results when
reviewing older USD designs.
It is not possible to directly compare the analyzed capacity using the different codes
because the use of load factors in USD changes the required strength from that used in ASD.
Therefore the code-to-code comparison is made using the ratio of demand (applied shears and
moments for the example beam using load factors of 1.0 for ASD and those required by code
for USD) to capacity (the calculated allowable shears and moments).
The same beam was analyzed under each successive code, and the demand to capacity
ratio determined for that code. Since the example beam was chosen to meet the codes, the
demand/capacity ratio is less than 1.0 in almost cases, ranging from 0.98 for shear (Joint
Committee) to 0.46 for flexure with the 2.0 dead/live load ratio (current ACI code). The only
exception is moment under the 1908 NACU code, which has a ratio of 1.72 because of the
safety factor of 4 used on the steel. Table 1 shows the demand/capacity ratios, comparing the
required moments and shears (Mreqd and Vreqd) to those provided in design (Mdes and Vdes).
Table 1: Demand/Capacity ratios for the same beam under different codes.
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The demand/capacity ratios for each code were then compared to the current code. The
moment capacity ratio (original demand/capacity ratio divided by the current demand/
capacity ratio) is always over 1.0 because the calculated moment capacity has increased over
time. The ASD moment capacity ratios are quite large, with the smallest (1.28) showing a
28% increase in capacity from re-analyzing under the current code. The USD moment
capacity ratios are smaller, but with increase of at least 8%, with the smallest increase for the
high-live-load case under the 1971-1999 ACI code.
However, the shear capacity ratios vary widely, generally from 0.74 to 1.27. (Again, the
1908 NACU code is an outlier because of its high allowable shear stress.) In short, the 50
percent increase in ASD shear strengths in the 1951 ACI code resulted in unconservative
shear designs for the concrete by current standards. The 2002 reduction of the shear resistance
factor from 0.85 to 0.75 means that the even 1971-1999 bare-concrete shear designs are
slightly unconservative by current standards. Table 2 shows the shear and moment capacity
ratios, comparing original analyses (Morig and Vorig) to current (Mcur and Vcur).
Table 2: Ratio of original to current Demand/Capacity ratios.

4

CONCLUSIONS

In practice, reuse projects will include analysis of the specific extant beams and slabs.
However, an analysis of the type in this paper can be used to give a schematic view of what is
to be expected. Existing structure is typically grandfathered against code changes, but if
alterations are performed they must meet current code. Therefore knowing that shear capacity
is more likely to be a problem in design than moment, the design and investigations can be
appropriately focused. Obviously, the capacity of existing shear reinforcing must be a priority,
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as is looking for changes to the live load and the live-to-dead-load ratio.
There were two significant changes during the evolution in the calculation of moments:
from a linear-elastic model of flexure to an ultimate-strength model, and from allowable stress
to the use of load and resistance factors. Because both took place at the same time, they are
often conflated, but are actually quite different. Load and resistance factors could be used
(rather than a fixed safety factor) to obtaining a safety margin with a linear-elastic model; a
fixed safety factor could be used with an ultimate-strength model. The change in model more
accurately reflects the actual distribution of stress in a reinforced-concrete beam, and also
provides a larger moment capacity, all other factors being equal. On the other hand, the
change from a fixed safety factor to combined load and resistance factors can be outcome
neutral for some dead-load to live-load ratio. This difference can be seen in the results: shear
does not benefit from the model change and therefore has no particular pattern over time,
while moment has a general increase in capacity because of the model change.
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Abstract. One of the crucial issues in the still open problem of seismic analyses of masonry
constructions is the study of the structural capacity for cyclic loadings; the difficulties are
even more pronounced when constructions embedding curved elements like arches, vaults and
domes have to be studied. In order to develop effective nonlinear numerical models, the latter
have to be capable of representing the relevant aspects of the experimental behavior, and the
mechanical parameters of the model have to be carefully calibrated with reference to suitable
experimental test results. In this paper the outcomes of experimental tests on a tuff masonry
arch under cyclic loading are proposed and discussed, along with the results of experimental
tests on the masonry materials (blocks and mortar) aimed at determining the compressive,
flexural and shear behavior.
1

INTRODUCTION

Unreinforced masonry constructions are a large part of the building heritage and are often
characterized by a high cultural and historical value. The catastrophic effects of recent
earthquakes have highlighted the vulnerability of those construction, and the global relevance
of developing suitable approach for the structural analysis under seismic loads.
In this vein, one of the crucial issues in the still open problem of seismic analyses of
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masonry constructions is the study of the structural capacity for cyclic alternate loadings [1].
Indeed, because of the very low tensile strength of mortar joints, the mechanical response of
masonry constructions under dynamic alternate loads is strongly influenced by the activation
of rocking mechanisms between ashlars, and this behavior is very difficult to predict by using
numerical models. On the other hand, rocking mechanisms allow for avoiding the collapse of
the structure and make overall the structure capable of withstanding horizontal accelerations
considerably higher than those predictable by static non-linear analyses [2].
The problem is even more challenging when curved structural elements like arches, vaults
and domes are embedded in the construction. Indeed, in recent years a strong research effort
has been made towards the development of numerical models aimed at representing the
seismic response and or at least the seismic capacity of masonry constructions including
arches, vaults and domes.
The problem is still open, and this is testified by the very different approaches proposed in
the literature [3], ranging from nonlinear finite element modeling, where the description of the
damage plays a crucial role [4,5], to discrete element modeling [6,7]. Other approaches are
focused on the determination of estimates of the seismic capacity of curved masonry
structures by applying the lower bound theorem [8-10] or the upper bound theorem of limit
analysis [11,12].
From the experimental side, whereas recently several very complex full-scale experiments
on masonry arches and vaults appeared in the literature (see, e.g., [13,14]), only a few study
the structural response under seismic or cyclic loading. This is due to the intrinsic difficulties
of performing these tests on large and very heavy structures, and to the problems coming from
the possible dispersion of data related to the dependence of the results from the unavoidable
defects of the constructions.
Among the few papers on cyclic load tests on masonry arches and vaults, [15] reported the
results of dynamic and cyclic load experiments on a brick masonry arch, discussing the
related numerical modeling issues by applying a nonlocal damage-plastic constitutive law
capable of describing the hysteretic features of the structural behavior. In [16] the results of
in-plane cyclic load tests on masonry panels with or without an opening surmounted by a
masonry arch are presented, highlighting the higher ductility of the arched panel and studying
the stiffness, the strength and the energy dissipation under increasing loads. Moreover, in [17]
the results of dynamic tests on unreinforced and FRCM reinforced full-scale masonry arches
are proposed, bringing out the peculiar dynamic behavior that can be described as a four link
“rocking arch” mechanism and discussing the amplification of the base excitation made by the
structure.
In this paper the results of an experiment on a masonry arch under a concentrated eccentric
cyclic load applied in displacement control are discussed in view of characterizing an
innovative cohesive-frictional interface model for describing the non-linear response of
masonry constructions recently proposed in [18] by some of the authors.
In particular, the examined masonry arch is made of voussoirs of Apulian tuff jointed by
hydraulic lime-pozzolan mortar, as it is usual in the construction of the architectural heritage
of Apulia. Masonry materials have been characterized in terms of compressive strength (also
flexural strength for the mortar) and of shear behavior, by means of shear tests on triplets,
aimed at investigating interface behavior of mortar joints.
The overall structural behavior observed shows a number of aspects relevant especially in
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view of seismic analyses, to be considered in order to correctly calibrate the mechanical
parameters numerical of the model. Among them, the progressive damage and the ductility of
the structure.
2 EXPERIMENTAL SETUP
The experimental test here described was performed on a circular arch made of 15
trapezoidal blocks of Apulian tuff. The arch has an internal radius of 800 mm, an external
radius of 1040 mm and a thickness of the blocks orthogonally to the plane of the arch is of
140 mm (see Figure 1a).

(a

(b)
Figure 1: Geometric configuration of the arch (a) and test setup (b).

In particular, twelve voussoirs were cut by means of a saw from blocks of nominal
dimension of 240 mm x 240 mm x 140 mm; two voussoirs were cut with a shape suitable to
use them as the imposts of the arch. The keystone was made once the arch was almost
completed and had dimensions different from those of the other voussoirs to compensate for
the imperfections due to the cut and to the mortar joint thickness. On the second tuff block
starting from the keystone a wedge of mortar was made to compensate the inclination of the
block due to the arch curvature and provide a support for the loading device (see Figure 2b).
The mortar joints have an average thickness of 1 cm.
After about 1 month since the construction, when mortar joints were perfectly hardened,
the steel beam used as the arch basis was moved and placed under a steel frame used for
supporting the loading device (see Figure 1b).
Here, the arch was subjected to a concentrated vertical load applied at about one fourth of
the span, on a steel plate mounted on the top of the mortar wedge showed in Figure 2b. The
test was carried out under load control, by performing n. 11 load-unload cycles with
progressively increasing displacements of the loaded point. At each cycle a visual inspection
was also performed in order to identify eventual cracks in the joints, the formation of eventual
hinges and, in this case, to measure the opening of the hinges. The load was applied very
slowly using a hydraulic jack with a maximum capacity of 500 kN, fixed on a rigid contrast
beam, shown in Figure 1b. A small load cell with a capacity of 5kN has been put between the
ball joint of the hydraulic and the wedge on the arch (see Figure 2b).
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Six LVDT displacement transducers were used to measure vertical and horizontal
displacements. The signal was acquired with a data acquisition system HBM© MGCplus
device.

Figure 2: LDTV position and test set-up.

In particular, as showed in Figure 2, two instruments were installed at one fourth of the
span on both sides of the block n. 10 where the load was applied in order to measure vertical
displacements, 1 and 2 (Figure 2b). Other two displacement transducers were placed on
block n. 6 at a symmetrical position with respect to the load application point; those two
instruments measured both horizontal and vertical displacements, 3 and 4 respectively, of
the application point (Figure 2c). At the base of the arch, next to voussoir 1 and 15, two
displacement transducers were put to monitor eventual vertical rigid displacements of the
support beam, called 5 and 6, respectively (Figure 2d and 2e). In Figure 2a the location of
the LVDT displacement transducers is reported indicating also the angle (±23°) with respect
to the vertical axis of symmetry of the arch.
In order to carry out a displacement control test, the oil pressure in the hydraulic jack was
constantly adjusted by a feedback system managed by a Labview software. This way the load,
measured by the load cell, was promptly adjusted in order to realize the desired target
displacement. The very low speed of the test (about 5·10-3 mm/s) was fundamental in order to
avoid undesired effects related to the use of a hydraulic instrument in applying the load.
3 MECHANICAL CHARACTERIZATION OF THE COMPONENTS
3.1 Compressive and flexural behavior
A mechanical characterization of the masonry components (tuff bricks and mortar) was
performed.
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In particular, the compressive strength and Young modulus of the tuff bricks was
investigated according to UNI EN 772-1:2011 and UNI EN 1926:2007. Six blocks of Apulian
tuff of nominal dimensions of 430x240x150 mm3 and average mass density of 1400 kg/m3
were tested under compression using a Metro Com universal testing machine with a load
capacity of 600 kN. Those tests provided an average value of the compressive strength of 2.25
MPa and average value of the Young modulus of 637.39 MPa.
The hydraulic lime-pozzolan mortar used for the joints was made by Mapei (“MapeAntique Allettamento”) and is characterized by a mass density of 1883.98 kg/m 3. The
compressive and flexural strength were measured according to UNI EN1015-11:2007. The
three-point bending test was performed on four 40x40x160 mm mortar prisms after 28 days of
curing using an INSTRON 5689 universal with load capacity of 50 kN. The average value of
flexural strength was determined equal to 1.91 MPa. Compression strength tests were carried
out on the half prisms, giving an average value of the compressible strength of 8.94 MPa. The
average value of the mortar Young modulus is 6902.27 MPa.
In the main results are reported in Table 1.
Table 1: Mechanical properties of the tuff and mortar.

Tuff
Mortar

Young’s modulus
MPa
637.39
6902.27

Compressive strength
MPa
2.25
8.94

Flexural strength
MPa
1.91

3.1 Shear behavior
According to UNI EN 1052-3:2007, the shear strength of masonry has been determined by
shear test on triplets; in particular, this test aims at measuring also the initial shear strength,
that is the shear strength under zero compressive stress. Six tuff masonry triplets have been
examined by applying shear loads and three different levels of pre-compression load applied
normal to bed joint.
During the tests, for each sample (three triplets samples for each pre-compression load),
the maximum shear strength fv,i was determined as follows:
f v,i =

Fi,max
2A i

,

(1)

where Fi,max is maximum shear load at failure and Ai is the bed joint area of each sample. The
characteristic shear strength fvk was determined as:
f vk = 0.7  f v

(2)

with fv the average shear strength value. Four typical shear failure modes can be observed
[19]:
A. a fracture plane localized at one mortar-brick interface due to the attainment of the
bonding limit value between the brick and the mortar bed;
B. a vertical crack in the mortar;
C. a fracture plane through a brick;
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D. a failure by crushing and/or splitting due to a similar shear strength of both materials,
so that the collapse surface cross both the mortar bed and bricks.
Masonry triplets were made by three hand-cut prismatic bricks with a dimension of 240
mm x 240 mm x 245 mm, jointed by two mortar layers 10 mm thick; the overall dimension of
each triplet was 740 mm x 240 mm x 245 mm. The triplets were tested after curing of 28
days.
The amount of the normal pre-compressive load, applied during the tests by using an
independent horizontal actuator (Figure 3a), was identified as a suitable fraction of the
compressive strength of the tuff bricks. In particular, the shear tests have been performed with
the following levels of the normal pre-compression σp: 0.1 MPa, 0.2 MPa and 0.3 MPa.

(a)

(b)
Figure 3: Shear test on triplets: setup (a) and failure mode of a specimen (b).

Table 2 summarizes the experimental results and the failure mode observed after shear test
for each triplet specimen.
Table 2: Results of shear test on triplets.
ID
1_1
1_2
2_1
2_2
3_1
3_2

σp (MPa)
0.1
0.1
0.2
0.2
0.3
0.3

Fi,max (kN)
29.3
24.2
38.9
42.9
45.3
55.8

fv,i (MPa)
0.249
0.206
0.331
0.365
0.385
0.474

Failure mode
A
A
A
A
A
A

The only shear failure mode occurred was mode A, involving decohesion along the
interface between tuff brick and mortar (Figure 3b).
Starting from the data in Table 2, the characteristic shear strength fvk equal to 0.234 MPa
has been determined.
Moreover, by plotting the experimental results in the σ p-fv plane (see Figure 4), and by
using a linear regression of data, the shear stress with zero normal pre-compression load fv0
and the friction coefficient μ by means of Mohr-Coulomb failure criterion:
f v = f v0 + μσ p
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have been determined. In particular, it results μ = 1.0119 and fv0 = 0.1327 MPa.

Figure 4: Results of shear test on triplets: shear stress vs pre-compression stress.

4 CYCLIC LOAD TESTS ON MASONRY ARCH
In this section the results obtained for the tested arch are described and analyzed. The
experimental test has been conducted until 4 hinges clearly opened, that is, until the arch
formed a mechanism. In particular, the collapse mechanism exhibited by the arch was the
classic one, with the formation of four alternate hinges, two at the intrados and two at the
extrados (see Figure 6).
In Figure 5 the observed experimental behavior is summarized by the superposition of the
load-displacement curves obtained in the 11 load-unload cycles performed, where the
displacement refer to the load application point and it is obtained by averaging the measures
1 and 2 (see Sect. 2). Moreover, Figure 6 contains a scheme of the position of the hinges,
numbered in order of appearance.
As the load cycles progress, the first joint opening has been observed at the intrados under
the application point of the concentrated load, that is, between the voussoirs 9 and 10, during
the sixth cycle (C6); this corresponds to the opening of and hinge having the center at the
extrados in the position H1 indicated in Figure 6. Then, in the same load cycle C6 a second
hinge H2 formed at the intrados in a position almost symmetrical with respect to the first
hinge H1; the formation of this hinge corresponds to the opening at the extrados of the joint
between the voussoirs 4 and 5. When the second hinge H2 appeared, a slightly decrease of the
load was observed as the displacement increases, until the unload process was started.
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Figure 5: Load-displacement curve and hinge sequence.

Figure 6: Hinge sequence.

Figure 7: a) First hinge; b) second hinge; c) fourth hinge.

During the seventh cycle (C7) the opening of the joints between the voussoirs 9-10 and 45, corresponding to the opening of the hinges H1 and H2, was again observed (see Figure 7a
and b respectively); moreover, in correspondence of a load of approximately 1210 N, new
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fractures occurred between the voussoirs 2-3 and 13-14 (see Figure 7c), perfectly symmetrical
one another: thus, also the hinges H3 and H4 indicated in Figure 6 formed.
At the peak load of the eighth cycle (C8), equal to about 1310 N, all the above described 4
hinges opened. Figure 5 reports also the collapse load (995.2 N) determined by the kinematic
theorem of limit analysis according to the classical Heyman hypotheses: as it is expected, this
load is quite similar to the post-peak load in the last cycle, when it is reasonable to assume
that the tensile strength of masonry has been practically cancelled by the damage.
Table 3: Maximum load, displacement corresponding to the maximum load, residual displacement and
stiffness for each cycle.
Cycle
C1
C2
C3
C4
C5
C6
C7
C8
C9
C10
C11

Maximum Load
[N]
202.3
312.3
402.7
600.5
794.4
1002.3
1238.6
1309.6
1260.7
1184.1
1089.9

Displacement at max load
[mm]
0.024
0.035
0.056
0.112
0.183
0.293
0.506
0.945
1.310
2.330
3.330

Residual displacement
[mm]
0.0075
0.0096
0.0133
0.0352
0.0434
0.0950
0.1359
0.2577
0.3024
0.3250
0.3513

Stiffness
[N/mm]
6927
6911
6543
5116
5088
4986
3613
2335
-

The subsequent three load cycles C9 to C11 were characterized by a progressive reduction
of the peak load; moreover, the decrease of the load after the peak as the displacement
increases was even more marked. In addition, also the residual displacement at the complete
unloading also increases even more. Finally, the opening of the hinges in the last three cycles
was even more marked (see Figure 7c).
In the last performed cycle C11, after a peak load of about 1090 N in correspondence of a
displacement of 3.330 mm of the loaded point, the test was pushed up a displacement of about
6.2 mm, and a decrease of the load up to 940 N was observed. At this point, the test was
stopped because it was clear from the progress of the load-displacement curve that for further
increase of the displacement the arch would have collapsed.
In Table 3 a synopsis of the main experimental results obtained from the test is reported,
including maximum loads, the correspondent displacement of the loaded point, the residual
displacements at complete unloading and initial stiffness for each cycle. The latter was
evaluated for each cycle with reference to the loading phase before the peak load, by
evaluating the best fitting linear approximation to the load-displacement curve between about
25% and 75% of the peak load.
Notice that since at the cycle C8 the arch already turned in to a mechanism with the
formation of all the 4 hinges above described, the initial stiffness was not determined for the
last three cycles.
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Figure 8: Initial stiffness-residual displacement curve.

In Figure 8 the stiffness values up to the cycle C8 are plotted versus the residual
displacement at the complete unloading. The stiffness is practically the same for the first two
cycles; correspondingly, the residual displacement is negligible. A sudden decrease of
stiffness is noted at the fourth cycle C4, and this corresponds to a jump of the residual
displacement from 0.013 to 0.035 mm. This behavior can be ascribed to the formation of
some cracks at the joints that involves irreversible deformations and damage with decrease of
the stiffness. It is likely that cracks formed at the joints where the first and the second hinges
occurred, whereas at the stage C4 these hinges are still not visible. In fact, during each loadunload cycle visual inspections were regularly performed, but visible crack openings were
noticed only during the sixth cycle.
From C4 to C6 the residual displacement increases of additional 0.06 mm while the
stiffness remains almost the same. After the sixth cycle the stiffness significantly decreases:
this indicates the progression of the opening of the joints. The residual displacement reaches a
value of 0.2577 mm at the end of cycle C8.
Beyond cycle C8 the load-displacement curves indicate a further decrease of the stiffness
of the arch and an additional accumulation of irreversible deformations, denoted by the
increase of the residual displacement at the complete unloading.
5 DISCUSSION AND CONCLUSION
The results of the performed experimental test show some peculiar feature of the behavior
of masonry arch under cyclic loadings, relevant in view of the modeling of the response of
masonry structures embedding arches under seismic loadings.
First, that the stiffness of the arch is constant only for low loads; indeed, as the load
increases, the compaction of mortar in the bed joints and the opening of cracks at the joints
deteriorate the stiffness, that approaches very low values especially in view of the collapse.
This pronounced damage effect is relevant as for the case of masonry panels [20].
A second important aspect is that a masonry arch can sustain cyclic loading even beyond
the peak load, and that the softening phase is very progressive, without a marked drop of the
load capacity. Moreover, the experimental response highlighted a marked ductility, despite to
the fragility of the material components (tuff bricks and mortar): this is due to the particular
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arrangement of the masonry, and in particular to the role of the joints, even more relevant in
case of masonry curved structures, such as arches and vaults, where the damage localizes
practically only in correspondence of the joints.
Furthermore, it should be noted the relatively low value of permanent displacements after
the complete unloading, even in the proximity of the collapse, and the narrow shape of the
hysteretic loops, indicating the quite low energy dissipation related to the cyclic opening and
closing of the hinges.
All the above aspects are very challenging to be modeled and requires nonlinear numerical
models capable of accurately describing the damage and the peculiar features of the unloading
phase, like the model proposed in [18].
Notice that in the experiment on the arch the shear strength of the interface is never called
into play, but its careful characterization is important for describing other kind of structures,
like, e.g, a masonry wall even if embedding and arch. In addition, notice that whereas no
direct tests have been performed for determining the tensile strength of the masonry, this
mechanical parameter can be calculated starting from the cohesion evaluated in shear tests for
zero pre-compression stress.
In the next future, the latter will be calibrated starting from the experimental outcomes here
described, and then employed for performing non-linear numerical analysis of a masonry wall
including both small rectangular openings representing windows recesses and a large opening
topped by a masonry arch representing the main door entrance. In particular, the influence of
interfacial shear strength of masonry joints on the overall behavior of the masonry structure
will be analyzed by a parametric study. Moreover, also FRCM reinforced arches will be taken
into account, were an accurate description of the shear behavior of the interfaces play an
important role.
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Abstract. An efficient computational tool for the local failures analysis in historical masonry
aggregates is proposed. A NURBS (Non-Uniform Rational B-Spline) representation of
geometry is adopted. NURBS entities, which are common in commercial CAD packages, have
the great advantage to describe complex geometries (such as curved elements and walls with a
high number of holes) with very few elements. An upper bound limit analysis formulation is
implemented, in which the adopted NURBS elements are idealized as rigid bodies with
dissipation allowed only along interfaces. The mesh of NURBS elements is progressively
adjusted through a genetic algorithm in order to minimize the live load multiplier. This
procedure is applied in the evaluation of the horizontal load multiplier associated with the
activation of local mechanisms during a seismic event. Some case studies, referring to masonry
aggregates located in the historical centers of Arsita (Abruzzo region, Italy) and Sora (Lazio
region, Italy), are here presented. A quick evaluation of the seismic vulnerability is performed
through the presented NURBS-based computational tool, showing the high importance of the
local response in the study of the seismic behavior of masonry aggregates.
1

INTRODUCTION

Masonry aggregates constitute the great majority of residential buildings in Italian historical
centers. Several factors affect the response of these constructions to horizontal loads, such as
geometrical irregularities, uncertainties on connections between walls, difficulties on the
identification of masonry mechanical parameters, lack of design details, and pre-existent
damage, resulting in a seismic behavior quite difficult to predict. Despite difficulties, a tool
aimed at studying the structural capacity of masonry aggregates subjected to horizontal load is
of great interest, since their high seismic vulnerability has been underlined during past
earthquakes (L’Aquila 2009, Emilia Romagna 2012, Central Italy 2016) [1–5].
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A lot of different strategies can be found in the technical literature for historical masonry
structures [6] and, more specifically, for masonry aggregates. Generally speaking, the
commonly adopted approaches can be distinguished in index-based methods [7–11], local
failures analyses [12,13], Equivalent Frame-based methods [14–18], and FE static and dynamic
non-linear analyses [19–23]. During recent seismic events, the great majority of failures
observed was local collapses [24]. It has to be noted that the typical characteristics of masonry
aggregates make these structures unable to exibit a global response when subjected to horizontal
actions. Therefore, the vulnerability assessment of masonry aggreates cannot leave local
analyses out of consideration [25,26] (as also recommended by the Italian code in reference to
masonry structures [27,28]).
Local failure analyses are usually performed by using limit analysis techniques. The Heyman
model [29], i.e. the classic no-tension material, is usually adopted in order to easily take into
account the typical characteristics of the masonry material. However in ancient buildings
crushing and shear failures can be frequent, especially in presence of irregular masonry textures.
Therefore, more accurate numerical strategies can be followed. Recently, some limit analysis
prodecures enriched with homogenization techniques have been presented [30–33].
Homogenization allows representing the heterogeneous masonry material as an equivalent
homogeneous material. In this way, fast and efficient methods which take into account
heterogeneous and orthotropy through few equivalent parameters have been proposed.
Moreover, a novel method for the determination of the homogenized failure surface of a certain
masonry texture has been recently proposed [34]. In any case, a refined mesh is always required
in the application of these methods.
More recently, a novel limit analysis approach has been presented by some of the Authors
[35]. In this method, an upper bound formulation is applied on a masonry structures discretized
through few NURBS surfaces (Non-Uniform Rational B-Spline, [36]). The NURBS geometry
is commonly adopted in the typical CAD environment and is particularly suited for the
representation of complex masonry structures, such as vaults or, more in general, masonry
buildings including curved shapes. Each NURBS element is idealized as rigid. Plastic
dissipation occurs at interfaces according to a properly defined three-dimensional failure
surface, which allows taking into account the main properties of a certain masonry texture. A
Genetic Algorithm (GA) mesh adaptation is applied in order to obtain the minimum load
muplitplier and the associated collapse mechanism. Some applications to historical masonry
constructions have been recently published [37–44].
In this work, the adaptive NURBS limit analysis approach is applied as tool for the local
failures analysis of complex historical masonry aggregates. Some case studies taken from the
Italian historical centers Arsita (Abruzzo region) [45] and Sora (Lazio region) [19] are
presented, providing the potentialities of this method for such a complex structural typology.
2 ADAPTIVE NURBS LOCAL FAILURE ANALYSES ON MASONRY
AGGREGATES
This novel limit analysis approach for historical masonry aggregates is based on a
discretization of the whole construction through few NURBS (Non-Uniform Rational B-Spline)
surfaces. Without going too in details on the theory of NURBS geometrical entities (for which
we remand to [36]), the main advantage of NURBS is the possibility to model curved elements,
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such as arches, vaults, and circular openings, in easy way and with low computational cost. A
NURBS model of a complex aggregate can be realized in Rhinoceros and then imported into
the MATLAB environment, where each surface is converted into a 3D macro-element once
thickness and offset properties are assigned. Once the model is available in MATLAB, each
surface can be eventually subdivided into few elements, each one deriving by a trimmed
NURBS surface which is a partition of the initial one.
By assuming the hypotesis of infinitively rigid elements connected by rigid-plastic
interfaces, a kinematic limit analysis can be applied. Interfaces are the only zones in which
relative velocities can occur and represent the possible fracture lines from which the failure
mechanism takes place. In order to properly evaulate the amount of plastic dissipation related
to velocity jumps at interfaces, each one is discretized through points in which a local reference
system (, , ) (Figure 1(a)) is defined, and a three-dimensional failure surfaces (typically a
Mohr-Coulomb domain with tension cut-off and linear cap in compression, Figure 1(b)) is
assigned. A classic associative plastic flow rule is adopted.

(a)

(b)

Figure 1. (a) Discretization of interfaces and local reference system, (b) three-dimensional failure surface.

Given a configuration of dead- and live-load (respectively F0 and Γ ), the live-load
multiplier  is found by applying the Principle of Virtual Powers. The procedure can be written
according to the following linear programming formulation:
 A eq x = b eq


i
min=
  Pint − PF0  such that 
i


 λ0
where:
 Pinti is the total amount of internal dissipated power;
i

PF0 + PΓ is the power dissipated by the external loads;
x is the vector of unknowns, which include the velocity components of each element and

the non-negative plastic multipliers λ ;
A eq , b eq are respectively the overall equality constraints matrix (containing geometric
constraints, plastic compatibility and normalization condition of live loads power) and the
corresponding right-hand side vector.
This is a general procedure for the limit analysis of masonry structures. However, in the
specifical case of local failure analyses in masonry aggregates, dead loads represent selfweights and masses applied on each wall, whereas live loads are constituted by a distribution
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of horizontal loads proportional to masses (as recommended by the Italian code [27,28]).
Therefore, by solving the presented linear programming problem, a horizontal load multiplier
α0 and a mechanism are provided. According to this formulation, the mechanism will depend
on the assumed position of fracture lines and the associated horizontal load multiplier will be a
upper bound of the collapse multiplier, in agreement with the kinematic theorem of limit
analysis. Therefore, the initial mesh has to be adjusted in order to find the real position of
fracture lines. A Genetic Algorithm (GA) is here applied for the mesh adaptation procedure, in
order to provide a good estimation of the horizontal load multiplier and the collapse mechanism.
For more details and applications, the reader is referred to [35,37–44].
This procedure can be applied to evaluate local failure mechanisms in complex historical
masonry aggregates. Starting from a model of the whole constructions, some walls (represented
by the corresponding NURBS surfaces) can be selected and the code provides automatically
the most vulnerable failure mechanism involving these elements. In order to take into account
the typical characteristics of masonry aggregates, such as uncertainties on interlocking and
eventually, presence of damage, different failure domains can be assigned to contacts between
different NURBS surfaces. This assumes a fundamental role in the evaluation of the correct
collapse mechanism (see Figure 2).

(a)

(b)

(c)

Figure 2. Influence of the level of interlocking on the collapse mechanism: examples of (a) low, (b) good,
and (c) intermediate level of interlocking.

3

APPLICATIONS TO SOME HISTORICAL MASONRY AGGREGATES

The adaptive NURBS local failure analysis has been applied to some masonry aggregates
located in historical centers. Some recent results are here presented. For each example, the
parameter values suggested in the Italian code [27,28] have been adopted for each masonry
typology observed in the different structural units. For sake of simplicity, all values assumed
for the ultimate resistance parameters are summarized in Table 1.
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Table 1: Resistance parameters assigned to masonry.

Tensile stress
ft [MPa]

Cohesion
c [MPa]

1-The Ortigia
case

Compressive
strength
fc [MPa]

Friction
angle
Φ [°]

Linear cap in
compression
ρ [-], Φ2 [°], [42]

0

2.6

0.05

22

0.5,45

2-Arsita:
Il Torrione

0

0.01

37

0.5,45

0.05

22

0.5,45

0.035

22

0.5,45

Example

3-Sora
4-Arsita:
Il Corso

0
0.01 walls
0.05 vaults

1.2 North-East side
1.8 West side
2.0 South side
2.6
2.0

The first example is the Ortigia case [46], a simple masonry building constituted by four
walls. This case has been adopted as a trial test for the evaluation of simple local mechanisms.
Results are depicted in Figure 3. A good interlocking has been assumed for this case. In addition
to overturning mechanisms, for which the adaptive NURBS limit analysis has allowed to
determine the exact shape of the participating triangular portions of transversal walls, a
horizontal flexure mechanism and a corner overturning have been found. Given the minimum
load multiplier equal to 0.106, the lateral walls resulted the most vulnerable elements. However,
this example is quite simple and cannot be classified as aggregate of constructions.

(a)

α0 = 0.181
(b)

α0 = 0.112
(c)

α0 = 0.450
(d)

α0 = 0.106
(e)

α0 = 0.371
(f)

Figure 3. Local mechanisms found for the Ortigia case: (a) 3D model, (b) façade overturning, (c-e) failures
in lateral walls, (f) corner mechanism.
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Some constructions located in the historical center of Arsita (Abruzzo region, Italy) have
been recently analyzed through the proposed tool. Arsita is a small village in the center of Italy
which was hit by the 2009 earthquake. Widespread damage has been observed on masonry
constructions [1] as a consequence of the seismic event. After the earthquake, a deep
investigation has been carried out on the historical center by a scientific team set up by ENEA
(Italian National Agency for New Technologies, Energy and Sustainable Economic
Development). A total of 17 aggregates have been inspected. As a final output, the PostEarthquake Reconstruction Plan for the Arsita Municipality has been published [45].
The aggregate number 8, named “Il Torrione”, has been studied through the proposed limit
analysis tool. This is a residential building composed of four structural units. The geometry is
quite irregular both in the horizontal plan and in height, since it is built on a slope. Three storeys
can be observed on the South side, which presents a maximum height equal to about 11.5 m
with reference to the ground level. In the North side two storeys are visible with a height equal
to 6.5 m, whereas in the East and West side walls are partially covered by the slope. All the
different typologies of horizontal floors are characterized by the absence of chains and concrete
edgings (according to [45]). The most critical failure mechanisms obtained are reported in
Figure 4. Failures include overturning mechanisms, corner mechanisms, and both horizontal
and vertical failures. It is worth noting that vertical flexure mechanisms can be obtained once
global overturning failures are properly excluded from the automatic research. This can be
performed by applying kinematic constraints that represent the presence of chains. As
previously mentioned, no chains have been observed on this building. Therefore, these results
show how the code allows taking into account even the most typical retrofitting strategies in an
easy way. However, the study of masonry aggregates retrofitted by means of chains or strips
will be the topic of future papers. As regards walls located in the West side (Figure 4(e, f)),
both the cases of no connection and good connection have been studied, resulting in different
collapse mechanisms. In any case, the most critical failures are given by the global overturning.
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α0 = 0.057

(a)

α0 = 0.091

α0 = 0.145

α0 = 0.055

α0 = 0.101

(c)

α0 = 0.049

(d)

(f)

α0 = 0.289

(b)

(e)

α0 = 0.254

α0 = 0.132

α0 = 0.675

Figure 4. Local mechanism found for the masonry aggregate Il Torrione (Arsita): (a) 3D model, (b, c)
failures in the South side, (d) corner failure in the North side, (e, f) failures in the West side.

The next examples regard masonry aggregates that include vaulted elements. A first test has
been performed on some aggregates located in Sora (Lazio region, Italy). The local analysis
tool has been applied on the perimeter walls of a single structural unit. Some of these walls are
connected to another building through a masonry arch (see Figure 5). The result is depicted in
Figure 5. As it can be noted, the global overturning of the wall is prevented by the arch, which
is not involved into the failure. Therefore, the most vulnerable failure is a partial overturning
taking place above the masonry arch. This very simple example has been adopted as trial test
before the last case study.
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α0 = 0.215
Figure 5. Masonry aggregate in Sora: failure mechanism in presence of a masonry arch.

The last example is the masonry aggregate named “Il Corso”, located in Arsita (the number
1 according to [45]). This construction is the final result of the aggregation of three structural
units, two residential building and a church (the Church of Santa Vittoria). The whole structure
can be inscribed into a rectangle 47 m x 15 m, whereas the maximum height is about 15 m in
correspondence of the bell tower. An average thickness of 70 cm has been observed for walls
in residential units, whereas in the church even 200 cm thickness value can be found (as for the
façade). The presence of several masonry vaults, see for example barrel vaults in the central
nave of the church (Figure 6(a)), makes this aggregate a very meaningful example. Generally,
a good connection between orthogonal walls has been assumed. Analyses have been performed
starting by a 3D model of the whole constructions. It is worth noting that NURBS are
particularly suited to this case, not only for a reliable representation of curved geometries, but
also for an easy analysis of a 3D model that would implicate a very high computational effort
if studied through the traditional FE approaches. The first results on this representative case are
here presented. In Figure 6(b-e), failure mechanisms and corresponding horizontal multiplier
α0 and spectral acceleration a0* (the last one evaluated as suggested in the Italian code [28],
§C8.7.1.2.1.3) values are shown. By observing failures obtained in the church (Figure 6(b, c)),
it is clear that vaults assume a fundamental role in the collapse. The most critical mechanism is
the horizontal response of vaults in the central nave, to which a horizontal load multiplier equal
to 0.108 and a corresponding spectral acceleration of 0.084g are assigned. It is worth noting
that these complex mechanisms cannot be properly evaluated through the C.I.N.E. application
or following standard hand calculations, since the collapse mechanisms are a-priori unknown.
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(a)

α0 = 0.352, a0* = 0.274 g
(b)

α0 = 0.108, a0* = 0.084 g
(c)

α0 = 0.557, a0* = 0.441 g
(d)

α0 = 0.706, a0* = 0.624 g
(e)

Figure 6. Local mechanisms found for the masonry aggregate Il Corso (Arsita): (a) horizontal plan and
section, (b) church façade overturning, (c) failure of vaults in the central nave, (d) façade overturning in the
residential structural units, (e) failures in the perimeter walls.

4

CONCLUSIONS

A novel strategy for evaluations of local mechanisms in historical masonry aggregates has
been proposed. This method adopts a NURBS discretization of masonry aggregates and applies
an upper bound limit analysis with automatic mesh adaptation. Several examples, characterized
by different critical situations and increasing complexity, have been here presented.
The use of NURBS resulted particularly suited for historical masonry aggregates, aiming to
accurately represent complex geometries by maintaing low the number of elements and,
consequently, the computational effort in comparison with the traditional FE approaches. In
particular, the effect of the presence of curved elements (see the last two case studies) on the
shape of the collapse mechanism is automatically taken into account. Moreover, the use of a
mesh adaptation governed by Genetic Algorithm allowed identifying the exact position of
fracture lines, avoiding overestimations of the horizontal load multiplier. Thanks to the
automatic adjustment of the mesh, the NURBS discretization and the implementation of suited
failure domains, the code allowed identifying both classical and non-standard failure
mechanisms, which can derive from the presence of vaulted elements interacting with walls,
cohexistence of different interlocking conditions, and irregular masonry textures (see in
particular the last example).
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Good results in terms of local failures and horizontal load multipliers have been found,
providing the efficiency of the adaptive NURBS limit analysis in vulnerability evaluations of
local failure mechanisms. Therefore, this procedure can be adopted as good alternative to the
well-known CINE applications for the evaluation of local failures in complex historical
masonry aggregates.
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Abstract. Masonry domes are shell-like structures with a no-tension type material behavior
[1]. The dome geometry, material behavior and the type of the loading define how the dome
balances the load. It is known and proved that the dome could balance the load only by forces,
without bending moment but cracks may appear since the material does not resist tension. The
surface where the balancing forces are acting is called the thrust surface. The paper introduces
the idea of the general thrust surface. It is such a balancing surface where the forces are not
acting in the tangent plane of the thrust surface and otherwise it is moment free. A method is
shown how to find the general thrust surface for a cracked spherical masonry dome. Numerical
example illustrates the usefulness and effectiveness of the proposed method to determine the
general thrust surface of a spherical dome when radial stereotomy is considered. By the help
of the proposed model the safety of the more than 350 years old, cracked dome of Gol Gumbaz,
India can be proofed.
1

INTRODUCTION

Masonry domes are shell-like structures with a no-tension type material behaviour [1]. The
dome geometry, material behaviour and the type of the loading define how the dome balances
the load. It is known and proved that the masonry dome could balance the load only by forces,
without bending moment but cracks may/will appear since the material does not resist tension.
The surface where the balancing forces are acting is called the thrust surface. Generally, this is
not coincided by the mid-surface of the dome.
If the balancing forces are acting in the tangent plane of the thrust surface than the thrust
surface is called catenary-type membrane/thrust surface. It is analogous to the envelope of
resultant forces in case of masonry arches. If the membrane/thrust surface coincides with the
mid-surface of the dome, then the dome is a funicular-type shell, i.e. a membrane shell.
Otherwise, the masonry dome is safe if the thrust surface is located within the thickness of the
dome, nevertheless cracks might form.
The thrust surfaces, mentioned above, can be examined and determined by e.g. thrust
network analysis (TNA) [2, 11, 12] or by solving Pucher’s equation for membrane shells, that
provides the corresponding stress function [3, 4]. If the dome cracks, then the thrust surface
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may still be approximated by the series of thrust lines that correspond to the modified model of
the cracked dome, i.e. a series of orange-slice arches [1].
It is possible to find a moment-free surface (i.e. thrust surface) to arbitrary dome geometry
and loads. However, depending on the stereotomy of the dome, it is not necessarily a membrane
surface. This situation is analogous to the general relation between the resultant force vector
and the thrust line in the masonry arch [5]. The term general thrust surface is introduced to
label such a moment-free surface.
The present paper introduces a method to determine the general thrust surface for a spherical
dome geometry for radial stereotomy. The load is defined relative to the mid surface of the
dome.
Despite the rich literature investigating the phenomena’s 2D equivalent (i.e. effect of
stereotomy on the thrust line of masonry arches), to the authors knowledge the presented
method is a novel approach in the analysis of domes. It may be shown, that both the catenarytype and the funicular-type membrane/thrust surfaces are special cases of the general thrust
surface.
No-tension material behavior and cracks in particular could lead to a general thrust surface.
Numerical example illustrates the usefulness and effectiveness of the proposed method to
determine the general thrust surface of a spherical dome.
2 GENERAL DESCRIPTION OF THE PROBLEM
Spherical masonry domes are frequently built in the past and so they are considerable part
of the architectural heritage. While the sphere, as a form, is architecturally pleasing, then from
structural point of view it is not perfect, for the bottom part of it may be cracked in meridional
direction for gravity loads. These crack can be avoided if the sphere has special thickness
variation. However, this special thickness variation is unrealistic in the vicinity of the bottom
of the dome [6].
In case of real domes, it is a general experience that the dome is cracked in meridional
direction like in case of the Pantheon [7] or dome of Gol Gumbaz in India [13]. These cracks
may be caused by the self-weight or other effects like temperature changing. Independently of
the real cause the main question is if the dome is safe in cracked state or not. Obviously the
other important question could be how the cracks are developed due to certain loading
considering the real, discrete nature of the cracks.
Now our purpose is to examine if a meridional cracked dome could be in equilibrium for its
self-weight. We are looking for a thrust surface which provide the possibility to check the safety
of the cracked dome. If the thrust surface is enclosed by the thickness of the dome than the
equilibrium is possible.
The model considers the real state of dome such that the top cap part is not cracked, only the
bottom one, Fig. 1a.
Assumptions:
- The dome has hemispherical mid-surface and it is loaded by its self-weight.
- It is a masonry dome, made of no-tension material i.e. cracks for tension,
- The top, cap part of the dome is not cracked. Its behavior may be described by the
membrane state of a spherical shell.
- The bottom part is cracked in meridional direction. The cracks are through cracks
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-

and it is assumed that they are so dense that no any internal force can develop in the
circumferential direction Fig. 1b. Its behavior may be described by the bending
theory of shells.
The top and bottom parts are jointed along a circumferential circle at the top end of
the cracks. The crack free cap defines the jointing conditions.
The bottom edge support can resist both vertical and horizontal forces even when
they are eccentric i.e. when bending moment is also acting there.

a)
b)
Figure 1: a) Masonry dome with real crack distribution, b) Masonry dome model with dense crack distribution.

3

MASONRY DOME WITH CRACKS

The two parts of the masonry dome, the cap and the cracked bottom part has different model
corresponding to the different states. The cap is assumed to behave as a membrane shell which
is under compression in both, meridional and circumferential, direction too, i.e. it is crack free.
The model of the bottom, cracked part is bending shell model, but the meridional cracks cancel
the internal forces in the circumferential direction.
The solutions for the two parts are jointed at the top end of the crack. The crack length is not
known in advance so it is a free parameter of the problem. Its effect will be discussed in the
chapter 3.4.

Figure 2: Membrane stet of the cap of the dome

3.1 Solution for the cap of the dome
The cap of the dome is in membrane stress state. The problem is rotationally symmetric as
the self-weight as a load is also that kind. There are only two membrane normal forces to
balance the load in each, meridional and circumferential, direction, Fig. 2. The equilibrium
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equations and its solutions for self-weight is well known in the literature, [8, 9, 10].
It is characteristics for the solution that there is circumferential tension below the so called
neutral angle (  51,82°), while the cap part is under compression in both direction, Fig. 3.
So there is a possibility to develop a through, meridional cracks due to circumferential
tension even for self-weight. Corresponding to the no-tension material assumption the cracks
run up to the neutral angle. Obviously for a real masonry dome material the crack should stop
below the neutral angle depending on the tensile strength of the dome material. Otherwise these
self-weight caused cracks may propagate further due to other effects like for example
temperature changing and traffic caused vibration. Consequently, the cracks may end below or
above of the neutral level independently if the self-weight alone could cause it.
That is why it is important to examine and discuss if the cracked dome is in equilibrium in
cracked state for any length of the crack.

Figure 3: Membrane forces of the dome. a = 5 m, w = 6,25 kN/m2, t = 38 cm.

3.2 Solution for the bottom, cracked part of the dome
The bottom, cracked part is considered as a bending shell but the meridional, through cracks
are so dense that no circumferential internal forces are developed, i.e. there is no resistance into
circumferential direction, Fig. 1 and 4. (This is a kind of approximate, “smeared crack” model,
although typically there are only 8 -16 discrete cracks in real domes.) However, the bending is
effective in the meridional direction and the rotational symmetry of the problem is not altered.
The equilibrium equations of the cracked dome according to the rotationally symmetric
bending shell theory are, [8, 10]:




 sin      sin     sin   0,

 sin   








 sin       sin   0,

 sin      sin    0.

(1)
(2)
(3)

The equilibrium equation system can be solved without any need of geometrical and
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constitutive equation, i.e. the cracked dome part as a bending shell is statically determinate.
A closed form solution can be given analytically for self-weight (, kN/m2) which is
determined by the thickness variation ( , cm) and the density of the material of the dome.
For uniform thickness () and so for constant self-weight (), which is the worst case in that
sense that the thickness variation is advantageous, the solution is:


 sin     sin    cos    sin 2,


 sin     sin    cos    cos  ,




 sin      sin     cos      sin 2   .




(4)
(5)
(6)

The  -s are integration constants and can be found from the static or natural boundary
conditions provided by the cap part of the dome at the top end of the meridional cracks.
For other thickness variations the solutions from (1-3) equations can be found in a similar
way.

Figure 4: Bending state of the cracked bottom part of the dome

3.3 Jointing the solutions, the effect of crack length on the internal forces
The solution for the cap at the end of the crack gives the boundary conditions for the cracked
part. For a chosen crack length (   ) the internal forces are determined by the membrane
solution. Namely the internal forces of the cracked part at the end of the crack, where   
are:     ,    0, and    0, where  is the membrane meridional force
at    .
As it was said earlier the length of the crack, characterized by  , is a parameter of the
problem. Keeping in mind that we assumed no tension material behavior the crack end is at the
neutral angle. Considering real material behavior with finite tensile strength the crack ends
below the neutral level. However due to other effects than self-weight the crack may propagate
above the neutral level and the dome must be in equilibrium even in this case too.
Some numerical results can be seen on Fig. 5 considering all these possibilities. Fig. 5c
shows such a case when the crack is longer than what the no-tension case defines. Fig.5b is for
the no-tension solution and the Fig. 5a shows the results for finite tensile strength material.
It is a general characteristic of each that the meridional force is not changed considerably for
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the cracked part. This is due to that the bending shear force is not too large and it is not really
effective to balance the load. The meridional bending moment is not too large and it will
determine the location of the thrust surface. The transition between the cap and cracked part is
“smooth” considering the meridional-, shear force and bending moment. However, the
circumferential force has jump at the jointing circle which is a crude estimation of the real
behavior.
The connection between the two dome parts in reality is not along a circumferential circle
but it is rather a transition zone which is not considered here in the proposed model.

a)

b)

c)
Figure 5: Internal forces of the cracked dome for different crack lengths. a) Crack length is   70°, b) Crack
length is at the neutral angle   51,82°, c) Crack length is   30°. a = 5 m, w = 6,25 kN/m2, t = 38 cm.
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3.4 Thrust surface of the cracked dome
The thrust line is a commonly used idea and object to examine the safety of masonry arches.
The thrust surface is the 3D form of that, and can be understood as such a surface where the
resultants of the balancing forces are acting i.e. it is a moment free surface, where only forces
are acting. The masonry dome, with no-tension material, is in equilibrium if the thrust surface
is inside the thickness of the dome.
Three kind of thrust surface can be distinguished similarly to the thrust lines. If the forces
are acting in the tangent plane of the thrust surface than it is called catenary-type
membrane/thrust surface, Fig. 6a. It is analogous to the envelope of resultant forces in case of
masonry arches. If the thrust surface is coincided by the mid surface of the dome and the forces
are acting in the tangent plane of the mid surface, then the dome is a funicular-type shell, with
funicular-type membrane/thrust surface, Fig. 6b, i.e. a membrane shell. If the thrust surface is
not coincided by the mid surface of the dome and the forces are not acting in its tangent plane,
Fig. 6c, then the thrust surface is called general thrust surface.
The shape, location and the type of the thrust surface is influenced by the stereotomy of the
dome, i.e. the bonding pattern of the dome masonry. Now we consider only one stereotomy,
namely the radial one defined by the polar coordinate system used to give the equilibrium
equations of different part of the dome.

a)

b)
c)
Figure 6: Types of thrust surfaces. a) catenary-type thrust surface, b) funicular-type thrust surface,
c) general thrust surface,

Since the cap of the dome is assumed to behave as a membrane shell its thrust surface is a
catenary-type thrust surface.
For the cracked part, the thrust surface can be constructed as an eccentricity surface defined
by the meridional normal force and bending moment, considering radial cross-sections defined
by the polar coordinate-system, Fig. 7. It is a general thrust surface because the resultant of the
meridional shear- and normal force is not on the tangent plane of the thrust surface, although it
is very close to that.
The Fig. 7 and 8 show the meridional section of the thrust surface for different crack length.
It can be seen that (for the assumed dome thickness) the worst crack length is when the crack
goes up to the neutral angle. In both other cases when the crack is shorter, or enforced to be
longer than the neutral angle is more advantageous in that sense that there is a possibility of the
equilibrium for self-weight in cracked state.
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Figure 7: Meridional section of the general thrust surface of the dome for different crack lengths, the thrust

surface eccentricity. (  5 ,   38 ,   6,25  )


Figure 8: Meridional section of the general thrust surface of the dome for different crack lengths.

(  5 ,   38 ,   6,25  )


Considering the particular numerical example (Fig. 7 and 8) it may be concluded that the
dome is safer than the masonry arch with the same geometry since the development of a
(rotational) collapse mechanism has less probability. This is based on that thought (maybe
speculation) that if the dome material has tensile strength the crack length is under the neutral
level resulting smaller eccentricity at the support. If the eccentricity reaches the extrados i.e. a
“plastic” hinge develops at the support, then the crack must move toward the neutral angle.
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However, this would increase the eccentricity at the support which is not possible. The only
probable possibility that an unstable crack propagation occurs and the crack ends above the
neutral angle. This could result an equilibrium state for the dome but there is a possibility to
develop another circumferential plastic hinge on the intrados. Nevertheless, this is not probable
since only very long cracks make this possibility. Shorter, but ended above neutral level cracks
will even close the circumferential plastic hinge crack at the support. A third circumferential
plastic hinge would be required to the collapse of the dome which cannot be developed in any
case due to self-weight, according to this model.

Figure 9: The building and the dome of Gol Gumbaz, India, Bijapur [13]

4

EXAMINATION OF THE DOME OF GOL GUMBAZ [13]

The dome of Gol Gumbaz, Bijapur, India was built between 1626 and 1656 (Fig.9). The size
of the dome is comparable to the size of the Pantheon. The mid surface radius is 22,1 m and it
has a nearly constant thickness,   3,0 m. It is known that there are several meridional cracks
on the dome. The cracks end at 4 – 10 m above the terrace level, which is around the springing
of the dome. These crack lengths approximately correspond to   70° and   80°
meridional angles, that means the cracks end below the neutral level of the dome according to
the membrane theory. This indicates that the tensile strength of the dome material is effective.
The dome was repaired in 1936, after 280 years of construction, certainly having been in
cracked state.

The self-weight of the dome is considered to be 60  [13]. The examination of the dome
with the given data shows that the experienced cracks result safe equilibrium state for the dome.
Fig. 10. shows the thrust surface eccentricity for the experienced crack lengths. Otherwise
Fig. 11. shows the corresponding thrust surfaces. For the shorter cracks the eccentricity is small
enough that the dome wall is not cracked in hoop direction. It is suspected that for the longer
crack there might be some cracks in hoop direction on the intrados about the springing.
The normal and shear stresses are acceptable and realistic for both crack lengths (see
Table 1.) Although there is no information about the strength of the masonry material of the
dome it is thought that the masonry made with lime mortar mixed with basalt gravels could
easily have at least that strength which is in Table 1.
The calculation clearly proofs the long term experience, that the dome of Gol Gumbaz is
safely standing in equilibrium state with the existing meridional cracks.

1992

István Sajtos, Orsolya Gáspár and András Á. Sipos

Figure 10: Meridional section of the general thrust surface of the dome of Gol Gumbaz for different crack

lengths, the thrust surface eccentricity. (  22,1 ,   300 ,   60  )


FiguTable re 11: Meridional section of the general thrust surface of the dome of Gol Gumbaz for different crack

lengths, the thrust surface eccentricity. (  22,1 ,   300 ,   60  )
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Table 1: Calculated data of the dome of Gol Gumbaz, India for existing crack lengths

5

Elastic stress state

Crack
position
,

e, m

70
80

0,783
0,264

N,
kN/m

Q,
kN/m

1326
1326

317,5
193,2

Plastic stress state

max ,
2

kN/m

,
kN/m2

Crack in
hoop
direction?

fc,req ,
kN/m2

fv,req ,
kN/m2

1233,2
778,5

0
314,6

yes
no

924,9
536,2

147,7
64,4

min

CONCLUSIONS

The paper examined the equilibrium of a masonry dome, loaded by its self-weight, in a
natural, cracked state. The cracks are meridional through cracks. The cap of the dome was
modelled as a membrane shell while the cracked bottom part was considered as a bending shell
with a special internal force system related to the meridional cracks. Both parts are statically
determinate in that sense that the equilibrium equations alone determine the internal force
system. The two solutions were jointed at the end of the meridional cracks.
The internal force system of the cracked dome defines the thrust surface which could be used
to examine the safety of the cracked dome.
Three kind of, stereotomy influenced, thrust surfaces may be distinguished: catenary-type,
funicular-type and general thrust surface. The paper considers only radial type stereotomy.
Based on the numerical example the following conclusion may be drawn:
Masonry dome has safe equilibrium state when it is cracked and it may be checked
using the thrust surface of the dome,
The tensile strength of the masonry dome material and the crack length influences
or determines the possible, safe equilibrium state,
It is suspected, based on the suggested model, that there is a possibility of unstable
crack propagation in order to reach a safe equilibrium state,
It seems, that there is no possibility of collapse of the dome for self-weight if the
possibility of crack propagation is considered.
The examination of the long term cracked dome of Gol Gumbaz, Bijampur, India gave result
corresponding to the more than 300 years of experience. This shows the effectiveness of the
proposed simple model.
Finally, the main conclusion could be that the crack propagation process must be considered
in order to develop a more precise masonry dome model.
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Abstract. Investigation into the geometric configuration of historical masonry domes is
fundamental when studying the structural behaviour of these architectural elements, above all
if they have historical and artistic relevance. Indeed, accurate geometric information is
essential also for the construction of reliable mechanical models, to monitor the condition state
of the building and to plan strengthening and conservation interventions. To this aim, a
multidisciplinary approach is required to collate the highest possible amount of data useful for
the numerical modelling, including historical and archival research.
The "SS. Trinità" church is a 16th century building of great historical, architectural and
structural significance in the historic centre of Turin. It owes its fame primarily to the architect
who built it, Ascanio Vitozzi, and to its large dome, built after the architect’s death. The
availability of a recently undertaken laser scanner survey of the intrados of the dome made it
possible to detect several depressions of the masonry cap. These findings can be either due to
construction defects, or to structural problems that developed over centuries, or to the severe
fire which struck the dome in 1942.
In this multidisciplinary research, different numerical models of the masonry dome of
SS.Trinità church were built. As a first step, a geometric study was based on the point cloud
from the laser scanning. Then, structural analyses were conducted on the two different models
of the dome-tambour system of the building, in order to try to explain the observed deformation
behaviour.
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1

INTRODUCTION

Digital technologies are increasingly used in the field of three-dimensional geometric data
processing because they permit the integration of several kinds of data and numerous
measurements. This is particularly important when dealing with the structural analyses of
ancient buildings belonging to the architectural heritage, which are often characterized by
complex geometric configurations. Indeed, through current laser scanning technologies, it is
possible to design accurate geometric models of buildings and structures, facilitating the design
of numerical models to be used for the structural analyses.
By simulating the structural behaviour of a building, numerical models are a very useful tool
for planning diagnostic surveys, for evaluating the presence of structural damage or seismic
vulnerabilities, and for dimensiong and carrying out conservation and retrofitting interventions.
Unfortunately, the design of an accurate numerical model is a complex issue because it requires
specific information, strictly related to the historical knowledge of the building, which is hard
to be collect and interpret. As far as historical buildings are concerned, uncertainties related to
the real geometric shape, the construction techniques or the material characterization often limit
the accuracy of the models obtained.
This study regards the structural analyses conducted on the SS. Trinità Church in Torino
(Fig. 1) in order to investigate the structural behaviour and the structural health conditions of
the building, in particular its masonry dome-tambour system. Masonry domes represent an
important element of the Italian architectural heritage, but their conservation is a complex issue
due to their geometric and structural complexity. For this reason, the use of accurate numerical
models able to simulate their global structural behaviour is a precious tool [1][2][3][4][5]. To
this aim, a multidisciplinary approach is required to take into account various kinds of data
needed for the most accurate possible design of models. The case study presented is a church
with a large masonry dome built at the end of the 16th century under commission from the
SS.Trinità confraternity. This is located in the historical centre of the city, near the Royal Palace
(ducal palace at that time). The project of the church was requested to the architect Ascanio
Vitozzi (1539-1615), a member of the confraternity, who greatly influenced the architectural
and urban plan of Torino in the early Baroque age. The church was designed using particular
geometric rules based on triangles and hexagons, due to their religious symbolism and referring
to the church being dedicated to the Most Holy Trinity. It has a central circular plan, with a
main altar and two secondary ones. The cylindrical masonry structure is concluded by a massive
cornice which support the dome-tambour system, and the church reaches a height of 50 metres
[6][7][8].
This work aims to investigate the structural behaviour of the SS.Trinità church through
numerical models designed from an accurate initial knowledge of the building and geometric
data acquired by traditional and digital survey technologies. In fact, given the lack of specific
archive literature (burnt during the 1942 bombardments), the recent laser scans of the church
provide accurate geometric data and information on the current state of the structure.
The subsequent structural analyses allow the structural behaviour of the building to be
evaluated and also some preliminary assumptions to be made on the possible causes of the
deformations.
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(a)
(b)
Figure 1: The SS. Trinità church in Torino: (a) outside view; (b) inside view.

2 THE LASER SCANNER SURVEY OF THE DOME
During the recent restoration work conducted on the church of SS. Trinità, a laser scanner
survey of the intrados of the dome was performed. The scanning was conducted using a LEICA
BLK360 instrument and the scans were obtained from six measure points with a final resolution
of one point for every 5 millimetres. Then, the scans were elaborated as a point cloud. Given
access to this point cloud allowed the current shape of the dome to be investigated in this study.
The point cloud was transformed into a mesh, which was the starting point for the design of
an accurate geometric model of the dome. The complex geometry of the building and its dome,
both in plan and in section, have already been the subject of several geometric studies
highlighting the compositional skills of Vitozzi [9]. However, the mesh shows several
irregularities and depressions on the intrados of the dome, which are easily visible (Fig.2a). In
Figures 2b and 2c, elaborated through 3DReshaper® digital software, the deformations are
more evident. They are especially located on the northern side of the dome, to the right of the
main altar. For convenience sake, the dome was subdivided in four dials, starting from the main
altar, in a clockwise direction. In this scheme, the main deformations are located in the first
dial.
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(a)
(b)
(c)
Figure 2: Deformations on the intrados of the dome: (a) the mesh; (b) 3DReshaper elaboration of the
deformations, plan view. Red lines indicate the dials subdivision; (c)3DReshaper elaboration of the
deformations. Right front view. In blue the areas with the most marked depressions.

In order to have the most complete knowledge possible of the geometry, data from the mesh
were compared and integrated with studies conducted on the only one existing archive drawing
of the dome. This drawing is not a project drawing but a traditional geometrical survey
conducted in 1792 and takes into account only one half of the dome. This cannot be intended
as a design drawing but it can be interpreted as a representation of the initial state of the dome.
This comparison was useful in order to quantify the deformations of the dome, by considering
section line in the drawing and measuring the discrepancies. The discrepancies reach values of
19 cm in some areas of the intrados (Fig. 3) such as in the fourth section (I-III dials). In the
same section, the discrepancies on the other side are 10cm.

Figure 3: Measuring of the deformations of the intrados in relation to the section line (dropped line). In the first
section view, the superposition of the archive drawing can be observed.

3. THE FE MODELS OF THE DOME

1999

Giulia De Lucia, Rosario Ceravolo

In order to investigate the structural behaviour of the dome-tambour system and to increase
knowledge about the deformations observed on the first dial the dome, structural analyses on a
numerical model had to be carried out. In this study, two different solid element models were
used, both built with a macro-modelling approach and the DIANA code.
The first model is an elastic linear model representing an idealised configuration of the
dome, without defects or deformations (model-I). The shape of the dome was created with a
simple revolution solid of the profile section obtained from the archive drawing. Then, the
model was completed with the tambour and the lantern (Fig.4a). The second model reproduces
the current configuration of the dome as resulting from the survey (model-R). This model was
created by using directly the geometric information obtained from the scans (Fig.4b). Tambour
and the lantern were also added to model-R. They were modelled from simple revolution solids,
as in the previous case, because the available scans were referred only to the dome area.
It is worth mentioning that, whenever possible, structural analyses of historical domes should
be conducted on models that precisely follow the real configuration of the structures. Indeed,
for an accurate investigation of the structural behaviour, possible deformations should not be
neglected because they can play an important role.
As far as the material characterisation is concerned, historical masonry requires specific
knowledge and investigations on their mechanical characteristic, as well as its production and
construction techniques. The mechanical parameters of historical masonry should be evaluated
through in situ experimental investigations, but such analyses are often too invasive for
buildings that belong to the historical architectural heritage. To this regard, data from the
literature can usually be used when dealing with preliminary investigations.

(a)
(b)
Figure 4: Geometric models of the dome-tambour system of the SS. Trinità Church: (a) model-I; (b) model-R.
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In this study, the parameters of the linear model-I were taken from the study by Pistone and
Roccati [10], who conducted the material characterization of the masonry of a building in
Torino almost contemporary to this case-study. For the non-linear model-R, a standard
elastoplastic model based on the Drucker-Prager (DP) criterion was used, considering the
masonry as a material with isotropic behaviour and plastic deformations [11]. Even in this case,
data about the elastic phase and resistance of the masonry were taken from the literature [12].
Table 1 shows the mechanical parameters used for the two models.
Then, vertical loads and the snow load were applied to the dome, in addition to the punctual
loads related to the two roofs placed on the extrados of the dome. Both models were constrained
at the base of the tambour assuming the rest of the building as very stiff.
E [MPa]
1750

Table 1: Mechanical parameters used for the masonry of the SS.Trinità church

ν[-]
0.25

γ [kN/m3]
18

c [MPa]
0.24

φ [°]
38

δ [°]
15

fc [MPa]
4.36

ft [MPa]
0.24

4. THE STATIC ANALYSES
Static analyses were conducted with the aim of obtaining information about the global
structural behaviour of the dome-tambour system and in order to investigate the possible causes
of the appearance of the deformations and their influence on the structural state of the building.
In fact, the deformations could be due to construction defects and imperfections, to structural
problems which appeared over time, or to the severe fire experienced by the dome in 1942. It
is important to note that investigations in this field is also deemed to contribute to the historical
critical debate. Indeed, some questions about the paternity of the dome, built after Vitozzi's
death, still remain unanswered, while doubts remains that the current shape of the dome is that
designed by Vitozzi, considering the absence of project drawings [9]. This highlights the
importance of a multidisciplinary approach, necessary when dealing with cultural heritage
architecture.
Although the assumption of an elastic behaviour for the masonry does not correspond to its
real behaviour, such a basic model can be useful in a preliminary stage because it sheds some
light on the stress distribution and the displacements affecting the dome. The results of the
linear analyses conducted on model-I, and the non-linear analyses conducted on model-R are
reported in terms of vertical stress and displacements.
According to both models, the stress state due to the constant vertical loads is moderate: the
average compression stress on the extrados of the dome is 1.7 N / mm2 for the non-linear model
and 0.9 N / mm2 for the linear model. These are expected values in domes and confirm that the
structure is able to support the loads to which it is subjected. As far as the representation of the
vertical stress is concerned, a horizontal band distribution is visible in linear model-I (Fig. 5a).
However, of greater interest is the distribution of the stress state on non-linear model-R. In fact,
positive values of stress at the top of the lantern and at the central horizontal band of the dome
can be noted, as well as a gradient in the area if the first dial (Fig. 5b). This behaviour is related
to the non-linearity of the model which takes into account the real geometry of the dome.
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(a)
(b)
Figure 5: Representation of the vertical stress: (a) linear model-I; (b) non-linear model-R.

It is also interesting to observe the results of the analyses in terms of vertical displacements.
For model-I the vertical displacements obviously have a homogeneous distribution along the
parallel of the dome, but for model-R the structural deformations cause an asymmetric
displacement field. In particular, higher displacements can be observed at the base of the lantern
in the third dial, exactly on the opposite side to the area with the main deformations, to which
the eccentricity of the lantern seems to correspond. The effect of this eccentricity is a
compression increment at the base of the dome on the third dial and a decompression increment
on the first dial. The decompression results in greater inflexion values on the first dial area
measured at the same height levels, in particular on the area affected by the largest
deformations. This effect is clearly observed in Figure 6.

(a)

(b)

(c)

Figure 6: (a) representation of the structural deformations on the dome; results of the non-linear analysis in
terms of vertical displacements: (b) front view; (b) axonometric view.
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From the plan view, in Figure 7, it is possible to notice the high level of vertical displacements
at the base of the lantern on the third dial. This configuration is totally in agreement with what
was observed in the scans, where it is easy to note a lateral lowering of the lantern.

(a)

(b)

(c)

Figure 7: Deformations on the intrados of the dome: (a) the mesh; (b) zoom of the lantern area; (c) results of
the non-linear analysis in terms of vertical displacements, top view.

In order to examine in depth the displacement trends by analysing both the internal and
external surfaces of the dome, five reference heights were defined, each of which at a relevant
increment of displacement value. Then, the vertical displacement and stress values on the nodes
located at the intrados and the extrados of the dome were obtained. The detail in Figure 8 shows
that, in the area between a height of 17 and 21 metres (measured from the impost of the
tambour), the displacement values for both intrados and extrados increase with the increasing
height. As far as the vertical stress is concerned, the values measured on the extrados follow
the same trend while in contrast they decrease on the intrados.

(a)
(b)
Figure 7: Values of vertical displacement (a) and vertical stress (b) for the nodes of the both extrados and
intrados in the area of the dome considered between a height of 17 and 21 metres.
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4.1 Viscoelastic behaviour of the dome
Simplified viscoelastic analyses (creep) were conducted in order to investigate whether a
possible cause of the depressions observed around the dome can be related to the viscous longterm behaviour of masonry.
The method used for plotting long-term displacement curves was taken from the literature
[13], assuming the mortar be the viscous phase of the masonry material. The data on the mortar
came from constant compression tests reported in the literature [14]. However, the use of a
single trend of a mortar test was not sufficient to estimate the viscous behaviour of the masonry.
Consequently, a physical model, able to simulate the global behaviour of the material, was
deemed necessary.
By setting the viscous phase vs. elastic phase ratio equal to 1:4, the creep function of masonry
was obtained. Hence the deformation was calculated accordingly, as a function of the stress
history. In order to observe the creep effects on the masonry, the study of the load effect over
time in different temporal steps is required. In Figure 9 the evolution over time of the vertical
displacement values is shown. They start from a value of shortening equal to 7.6 mm for the
first out of 15 steps in a 55-year period, to reach a maximum value of 20.2 mm for the last
temporal step.

Figure 9: (a) the Vertical displacements over time for the extrados (continuous line) and the intrados (dotted
line). The value are measured at five height points (17.2 meters: blue line; 18.7m red line; 19.6 m yellow line;
20.3m green line; 20.7 light blue line).

The model confirms the first dial of the dome to be the more affected by viscous phenomena,
in accordance with the observation. In Figure 10, the vertical displacement values are plotted
as a function of time, extending the creep analysis to a period of 400 years (approximately the
age of the dome). While the deformations measured by the laser scanner survey are in
accordance with the elastic and viscoelastic deformations obtained from the creep analyses,
these results represent a qualitative value awaiting more in-depth investigations, also due the
lack of accurate data on the materials.
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(a)

(b)

(c)

Figure 9: Vertical displacement values as a function of time : (a) 30 days; (b) 55 years; (c) 400 years.

CONCLUSIONS
This study investigated the potentialities of using accurate geometric survey data for the
structural analysis of buildings belonging to historical architectural heritage and characterized
by complex geometric configuration.
The geometry of the large dome of the SS.Trinità church in Torino was the starting point for
creating a realistic mechanical model of the dome-tambour system. Finite element models
confirm that geometric deformations observed on the dome are not alarming for the current
structural health of the building. Moreover, it was observed that the depressions, possibly due
to the construction defects and imperfections can have an important influence on the stress and
deformation state of the dome, importantly affecting the global behaviour of the structure.
Moreover, creep analyses demonstrated that also viscous deformations can play a role in the
static configuration and consequent anomalies. In this specific case, the numerical model
showed that the observed leaning of the lantern system, as evidenced by the digital survey, can
be the cause of a decompression on a side of the dome, and the consequent depressions in the
intrados. Although this research represents only a preliminary study, the results can still support
some qualitative, but useful, structural engineering evaluations. It might as well help historians
finally resolve the controversy on paternity of this dome, which has long been committed the
scientific community. Future studies will address the influence of the fire caused by the World
War II events.
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Abstract. The ‘baraccato’ system is a construction technique with genius earthquake resilient
features, used for the reconstruction of the historical city centres in the South of Italy after the
catastrophic events occurred in the 18th-19th centuries. A very interesting example of such a
building typology is represented by the Church of Santa Maria Maddalena, located in the
municipality of Casamicciola Terme of the Ischia Island and built in 1896, after the
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catastrophic earthquake of 1883. The church is characterized by a mixed ‘baraccato’ system
mainly made of yellow tuff block masonry walls strengthened by iron profiles or wooden
elements. The reduced damage suffered by the church after the seismic event of 21st August
2017 evidenced the good behaviour of such a mixed structural system, especially into avoiding
out-of-plane mechanisms. The presence of the iron-framed system is even more challenging in
the definition of the modelling strategies for the structural analysis of the church. Thus, the
choice of an appropriate numerical strategy to be used for nonlinear simulation should be
properly investigated since the interaction between the frame elements and the elements
representing the masonry walls has to be considered. As a first step of the structural analysis
of the whole church, the in-plane behaviour of the main façade of the Church of Santa Maria
Maddalena is analysed in this paper, with the aim to evaluate the efficacy of different modelling
strategies. In particular, the study considers different models according to Finite and Discrete
Element strategies available within DIANA FEA [1] and 3DMacro [2] software, respectively.
Non-linear static analyses are carried out by means of both software and the obtained results
are compared and discussed with the aim of extending them to the study of the whole church.
1

INTRODUCTION

After the catastrophic seismic events occurred in Southern Italy in the 18th-19th centuries,
the ‘baraccato’ system was the most accredited construction type imposed by the kings of that
time to withstand seismic actions [3]. Other types of mixed timber-masonry buildings can be
found throughout the world, such as the ‘Pombalino’ system in Portugal [4], the ‘Dhajji Dewari’
in Central Asia [5] or the ‘Himis’’ system in Turkey [6]. Even in Greece [7] and in other
European countries there are mixed structural systems made of timber frames infilled by
masonry. The Borbonic “casa baraccata” [8] is certainly an example of the avant-garde
engineering of the 18th century. The engineers of that time understood, indeed, that the presence
of timber frames as reinforcement elements for masonry buildings allows to obtain mixed
systems with greater capacity to resist earthquakes, thanks to an improved global behaviour,
i.e. the so-called ‘box-behaviour’.
Recent studies on the ‘baraccato’ system, concerning both experimental tests and numerical
modelling [9], have shown the effectiveness of the timber frames in terms of increase of
dissipative and resistant capacity in comparison with unreinforced masonry structures.
However, due to the high variability of the geometrical configurations, i.e. single square or
rectangular modules, presence of one or two diagonals, one or more timber frames, etc., it is
not possible to generalize the results for any type of ‘baraccato’ system. Certainly, the structural
behaviour is characterized by an increase in stiffness, strength capacity and ductility. Numerical
modelling of the timber-framed masonry system is, therefore, an important research topic
worthy to be investigated.
Thanks to the in-situ surveys carried out after the Ischia earthquake of 21st August 2017,
several masonry structures made with a ‘baraccato’ system came into the light, revealing the
widespread use of this earthquake-resistant system in the reconstruction of the island after the
catastrophic event of 1883. In particular, in Casamicciola Terme, an extraordinary and atypical
‘baraccato’ system emerged in the church of Santa Maria Maddalena [10, 11]. The church was
rebuilt after 1883 using a mixed timber and iron ‘baraccato’ masonry system, which, thus,
makes it as a ‘unicum’.
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This paper is focused on the study of the in-plane behaviour of the main façade of the Santa
Maria Maddalena church through Finite Element and Discrete Macro-Element analyses using
the software DIANA FEA and 3DMacro, respectively. In particular, pushover analyses are
performed using both software, in order to compare the numerical results and suggest
indications about the best modelling strategy for reliably investigating the structural behaviour
of the whole church.
2 NUMERICAL MODEL OF THE FAÇADE OF THE SANTA MARIA
MADDALENA CHURCH
2.1 The church and the geometry of the façade
The church of Santa Maria Maddalena was built in the Ischia Island (Napoli, Italy) soon after
the catastrophic seismic event of 1883, using a mixed construction typology. As shown in
Figure 1a, it can be divided into two parts: the main part was realized with an innovative iron
‘baraccato’ system where the masonry walls are encaged in slender iron frames, while the rear
part (sacristy, priest's house, library) was made of a timber ‘baraccato’ system. While the timber
‘baraccato’ is more traditional and was diffusely used in the Ischia Island and all over the world,
the other was very rare and innovative for that time, also in consideration of the more recent
diffusion of iron and steel as structural elements.
The main function required to the iron-framed system was to avoid the out-of-plane
mechanisms of the walls and ensure a box-like behaviour of the whole structure. The efficiency
of such a mixed ‘baraccato’ system as earthquake-resistant structure was recently observed after
the seismic event of 2017, since the damage in the church only consisted in cracks related to
the in-plane response and mainly caused by the expulsion of plaster along the iron
reinforcement elements (Figure 1b).
The in-plane behaviour of the iron-framed masonry façade of the church is investigated in
the following, starting from the description of its geometry. The façade presents a vertical
symmetric axis and two openings, one corresponding to the rose window and the other to the
main door of the church (Figure 1c). In elevation, there are two different heights for the central
nave and the side aisles. The height of the façade corresponding to the central nave is 15.9 m
and 13.1 m, with and without the gable, respectively, while the height of the two parts
corresponding to the side aisles is 8.7 m. The width of the central nave is equal to 9.0 m, while
the whole façade has a total length of 16.9 m (Figure 2a).
2.2 Materials
The façade is characterized by a mixed ‘baraccato’ system made of tuff masonry
strengthened by iron profiles (Figure 1d). The tuff blocks are rather regular and have
dimensions of 0.27 m x 0.23 m in the plane of the wall, and thickness of 0.15 m; the stones are
arranged along two faces with an internal core filled with rubble material, following the
traditional technique of “sacco” masonries, with a total thickness of about 0.6 m. The vertical
iron elements are T-shaped profiles with dimensions 100 mm x 70 mm x 10 mm, while all the
other elements (horizontal and diagonal members) have a rectangular cross section with
dimensions 50 mm x 20 mm.
Due to the lack of in-situ experimental tests on the materials used in the church, average
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values, available in the literature, are assumed in the numerical analyses for the assessment of
their mechanical properties. As regards the yellow tuff blocks, a compressive strength of 1.4
MPa [12], a tensile strength of 0.15 MPa, a Young’s modulus of 880 MPa, a Poisson's ratio of
0.2, and a specific weight of 14 kN/m3 are assumed [11]. For the iron elements, a nominal
strength of 235 MPa and a Young’s modulus of 153000 MPa are assumed in agreement with
the range of values reported by [13] for the wrought iron.

a)

b)

c)
d)
Figure 1: a) Plan of the Santa Maria Maddalena Church with the different construction typologies [10]; b) cracks
observed after the seismic event of 2017; c) main façade of the church; d) detail of the iron ‘baraccato’ system

a)
b)
Figure 2: Representation of the geometrical dimensions (in meters) of the: a) façade and b) iron frame
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2.3 Loading conditions
The self-weight of the façade is assumed as applied masses and the roof’s loads are neglected
as they are significantly lower than the self-weight of the façade (the roof trusses are, indeed,
in the direction parallel to the façade). The gable is modelled as well as the remaining part of
the façade without making further simplifications in the geometric model.
In general, the assessment of the seismic behaviour of buildings through non-linear analysis
is based on the use of two force distributions [14]: one is proportional to the masses and the
other proportional to the first vibration mode. In this particular case, the analyses evidenced
that the two force distributions have a greater relevance in the lower or in the upper part of the
façade, if the loads are applied proportional to the masses or to the first vibration mode,
respectively. However, in this paper only the results of the non-linear static analyses carried out
under the distribution of horizontal forces proportional to the masses are presented.
2.4 Modelling strategies
The main issues for the iron ‘baraccato’ system are the modelling of the iron profiles and
their interaction with the masonry walls, which can be simulated with different modelling
strategies. Some non-linear analyses have been performed by [15] on masonry walls
strengthened with iron elements with a layout similar to that observed in the Santa Maria
Maddalena church. The analyses were aimed to understand both the influence of the iron
elements on the overall in-plane behaviour of the masonry walls and the influence of the
adopted modelling strategy.
The same two software, DIANA FEA and 3DMacro, used for modelling the masonry walls
in [15] are herein used for the façade of the Santa Maria Maddalena church. The first is a Finite
Element (FE) software, which allows to perform a refined model based on the detailed
discretization of the elements. The second is a Discrete Macro-Element (DME) software,
which, being based on a macro-modelling approach, adopts a great simplification of the model,
but allows to significantly reduce the computational time effort [16].
The iron elements encaging the masonry walls can be simulated in different ways by both
software. ‘Beam elements’ have both axial and flexural stiffness and they can guarantee or not
the perfect adhesion with the solid elements simulating the masonry along the whole length.
Conversely, ‘truss elements’ have only axial stiffness and have no adhesion with the masonry
along the whole length, since the connection is active only in the end nodes of the elements.
For the façade under study, two cases will be presented in the following, since they can be
considered as the most representative of the real conditions of adherence between the two
materials:
- Case 1: all iron elements schematized as ‘Beam’ elements (BEAM model);
- Case 2: horizontal and vertical iron elements modelled as ‘Beam’ and diagonal elements
modelled as ‘Truss’ (BEAM + TRUSS model).
2.4.1 The model implemented in DIANA software
In the FE model implemented in DIANA, the masonry is modelled by twenty-node
isoparametric brick elements based on quadratic interpolation and Gauss integration, named
CHX60. An optimization analysis of the size mesh was carried out providing a best value of
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0.25 m. The Total Strain Crack Model with an exponential law in tension (Figure 3a) and a
parabolic law in compression (Figure 3b) was assumed for masonry.
For the iron profiles, the ‘Beam’ element, CL18B, is a three-node element, while the ‘truss’
element, L2TRU, is a two-node directly integrated (1-point) element. A uniaxial elastic-plastic
law was assumed in tension for iron, while, in compression, the stress was limited in the elastic
field to the buckling value assuming, thus, a brittle model (Figure 3c).
The values of the mechanical properties used in DIANA for the materials are listed in Table
1. Lacking detailed information, the common value Gt = 0.012 N/mm was used for the fracture
energy in tension, as suggested in [17]. For the fracture energy in compression, the following
formulation valid for fc < 12 MPa [17] was adopted:
(1)

Gc= (2.8 - 0.1 ∙ fc )∙ fc

which has a dimension of N/mm and where fc is the compressive strength of the masonry
expressed in N/mm2.

a)

b)

c)

Figure 3: FE Model implemented in DIANA: a) exponential tensile law for masonry; b) parabolic compressive
law for masonry; c) uniaxial non-linear elasticity law for iron
Table 1: Mechanical properties used in DIANA FEA

Parameter
Young’s modulus
Poisson’s ratio
Compressive strength
Tensile strength
Compressive fracture energy
Tensile fracture energy

E
[MPa]
ν
fc
[MPa]
ft
[MPa]
Gc [N/mm]
Gt [N/mm]

Masonry
Iron
880
153000
0.15
0.3
1.4
15.1
0.15
235
3.724
0.012
-

2.4.2 The model implemented in 3DMacro
The Discrete Macro-Element Model (DMEM), implemented in the software 3DMacro,
considers the masonry structure as an assemblage of macro-elements [18]. According to this
modelling approach, the in-plane behaviour of a masonry panel can be analyzed by means of a
two-dimensional macro-element made of four hinges connecting fours rigid edges and two
diagonal non-linear springs [19]. The activation of the shear-sliding and flexural failures is
controlled by the longitudinal and orthogonal springs at the interface elements, respectively;
conversely, the shear-diagonal failure is governed by the diagonal non-linear springs. The
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model has been upgraded for the simulation of the in-plane and out-of-plane behaviour of mixed
systems in which the masonry interacts with beams elements [18-22].
In this study, the maximum mesh dimension was set on 1 m, while the spacing among the
springs at the interface elements was calibrated equal to 20 mm and 100 mm for the
unreinforced and reinforced façade, respectively.
Since the two models, FEM and DMEM, adopt different constitutive material approaches,
the mechanical parameters in 3DMacro were assessed by means of several parametric analyses.
An elastic-plastic law for masonry tensile/compression (Figure 4a) was used in the DMEM to
define the ductility in compression and in tension as, respectively:
µc=εcr/εce;

µt=εtr/εte

(2)

The shear-diagonal spring was defined by the shear masonry modulus G and the shear
strength fv0 (Figure 4b). The Turnsĕk and Čačovič criterion for the shear-diagonal mechanism
was adopted, while the shear strength was defined dividing by 1.5 the tensile strength. Besides,
parametric analyses were carried out on the ultimate shear drift, u, in order to provide results
consistent with those of the FE model. For the iron elements, the same mechanical properties
implemented in DIANA were adopted (Figure 3c). The values of the mechanical parameters
used for masonry and iron in the DMEM are listed in Table 2.

a)
b)
Figure 4: Constitutive law in: a) tensile/compression and b) diagonal shear
Table 2: Mechanical properties used in 3DMacro DMEM

Parameter
Young’s modulus
Tangential modulus
Compressive strength
Tensile strength
Compressive ductility
Tensile ductility
Shear modulus
Shear strength
Ultimate shear drift

E
G
fc
ft
µc
µt
G
fv0
γu

[MPa]
[MPa]
[MPa]
[MPa]
[MPa]
[MPa]
[%]

2013

Masonry
Iron
887
153000
370
1.4
15.1
0.15
235
6.45
2.34
370
0.10
0.8
-
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3

RESULTS OF NUMERICAL ANALYSES

3.1 Unreinforced masonry façade
The study of the unreinforced façade is crucial for assessing the effects of the iron frame.
One of the most important results of the non-linear static analysis is the ‘capacity curve’,
generally expressed as the relation between the base shear and the displacement of a control
point. In this case, the top point of the gable was chosen as control point.
The first interesting remark is the perfect agreement in terms of initial stiffness between the
numerical curves obtained by the two approaches, as shown in Figure 5. The agreement is still
satisfactory in terms of strength capacity, though a slight difference specifically due to the
different modelling approach (refined and simplified models for DIANA and 3DMacro,
respectively). The capacity can also be expressed in terms of the normalised base shear
coefficient Cb defined as the ratio of the base shear to the weight of the unreinforced façade
(i.e., 1403 kN). In particular, the coefficient Cb corresponding to the displacement of 25 mm is
0.71 and 0.69 for the FE and DME models, respectively.
1200

Base Shear [kN]

1000
800
600
400
200
0

0
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Displacement [mm]

FEM

20

25

DMEM

Figure 5: Comparison between the numerical curves of the two models for the unreinforced masonry façade

Moreover, Figure 6 shows a comparison in terms of deformed shape and crack pattern,
obtained by the two software at the last step of the analysis. It can be observed that similar
failure mechanisms are predicted by the two models. In particular, shear and flexural failures
of the masonry portions are localized above the openings and in the bottom part of the façade,
respectively.
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a)

b)

Figure 6: Crack patterns on the unreinforced masonry façade: a) DIANA model; b) 3DMacro model.

3.2 Iron ‘baraccato’ masonry façade
One of the most relevant issues for the analysis of the iron ‘baraccato’ system is the
modelling of the iron elements and their interaction with the masonry panel. Figure 7 shows the
capacity curves for the unreinforced masonry façade and the iron “baraccato” façade furnished
by the two software, considering the cases 1 (BEAM model) and 2 (BEAM+TRUSS model)
described in section 2.4.
As expected, an increase of both capacity (about 3 times) and stiffness is attained for the
reinforced façade compared to the unreinforced one for all the considered cases. In particular,
the “BEAM+TRUSS model” in the FEM gives the highest increase of capacity with a slight
difference in terms of stiffness with respect to the “BEAM model”. Besides, in the 3DMacro
approach, the differences between “BEAM” and “BEAM+TRUSS” models are negligible, both
in terms of capacity and ductility. Such a results is due to the fact that the ‘BEAM’ elements in
the FEM are actually able to interact with the masonry along the entire length, while in the
DMEM the interaction is only restricted to the nodes of the iron frame reinforcing the structure
and, thus, the interaction along the whole masonry panel is not taken into account.
Comparing the capacity curves of the two approaches, a satisfactory agreement can be
observed, especially when the “BEAM” model is used. However, the maximum base shear
value given by the DMEM is in the range of values provided by the FEM capacity curves.
Specifically, the coefficient Cb related to the DME model is equal to 1.88, which is between
the minimum (BEAM) and maximum (BEAM+TRUSS) values provided by the FE model, i.e.
1.73 and 2.14, respectively. This coefficient is defined with reference to the reinforced façade
weight of 1470 kN and the ultimate displacements of the capacity curves equal to 40 mm and
33 mm for the FE and DME models, respectively (Figure 7). It is worth highlighting that both
FEM and DMEM capacity curves cannot run for greater displacements due to numerical
convergence issues.
Finally, Figure 8 reports the crack patterns predicted by the DMEM and FEM for the
reinforced façade, in perfect agreement as well. In fact, the cracks are mainly localized in the
bottom part of the façade in both approaches.
The numerical analyses have evidenced that different modelling approaches, even if
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characterized by different level of approximation, can lead to similar results both in terms of
capacity curves and damage patterns. Moreover, about the modelling strategies for the iron
“baraccato” system, the numerical results of the whole façade seem to be less influenced by the
element type adopted for modelling the iron profiles and their interaction with the masonry
panels (i.e., TRUSS or BEAM elements) in comparison with what observed in the single
masonry panels investigated in [15].
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Figure 7: Comparison among the numerical curves of the two models for the iron ‘baraccato’ masonry façade

a)

b)

Figure 8: Crack patterns in the façade with ‘baraccato’ system: a) DIANA model; b) 3DMacro model

4

CONCLUSIONS

The paper presents the results of numerical investigations on the in-plane behaviour of the
façade of the Santa Maria Maddalena church, located in the Ischia Island (Italy). As part of the
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main body of the church, the façade is made of an atypical “baraccato” system consisting of a
tuff masonry wall encaged by iron frames. Since few information is present in the literature
regarding the iron “baraccato” system, the study was focused on the identification of the more
appropriate modelling strategy for carrying out reliable numerical analyses. In particular, nonlinear analysis of the façade under horizontal actions was developed by means of a Finite
Element (FE) and Discrete Macro-Element (DME) model, using the DIANA FEA and the
3DMacro software, respectively.
Firstly, the behaviour of the unreinforced masonry façade was investigated by the two
approaches, also in order to calibrate the DME model on the FE one. Successively, the nonlinear analyses were extended to the same façade reinforced by means of the iron “baraccato”
system. The numerical results evidenced a very good agreement between the two approaches
both in terms of capacity curves and crack patterns at failure.
The influence of the modelling strategy for the iron profiles was also investigated, with
reference to the hypothesis of “BEAM” or “TRUSS” element for the diagonal iron profiles. A
slight difference in terms of capacity was observed in the FE model, while, in the DME one,
the curves are practically coincident due to the more simplified assumptions considered for the
contribute of the diagonal elements.
Despite the good agreement observed between the two approaches, a more detailed
investigation on the influence of the mechanical properties on the numerical results will be
developed in the future through wide parametric analyses. Successively, the examined
modelling approaches will be extended to the study of the whole church taking into account
both the in-plane and the out-plane response of the masonry walls.
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Abstract. Since a few decades, the Discrete Element Modelling (DEM) method has been
adopted by many authors as a reliable tool for the structural assessment of unreinforced
masonry (URM) structures. In this paper, through compas_dem and using 3DEC by Itasca as
a solver in the background, we investigate the mechanical behaviour of a three-dimensional
URM structure combining the effects of foundation displacements and geometrical
imperfections. For this purpose, we consider three different models of the above-mentioned
structure. The first one is a perfect digital model, while in the other remaining two models,
random geometrical imperfections are applied to the perfect model in order to investigate their
influence. After post-processing the 3DEC results, the influence of the applied vertical
settlement and geometrical imperfections is explored in terms of crack pattern/mechanism,
internal stress states, and the thrust exerted on the supports. The aim of this paper is not to find
the actual stress state of the highly indeterminate structure, but to investigate the role played
by the combined effects of foundation displacement and geometrical imperfections on the
internal stress state.
1

INTRODUCTION

The structural assessment of unreinforced masonry (URM) structures represents one of the
most common challenges for engineers in everyday practice. This structural typology is
diffused worldwide and includes both historical monuments and residential buildings. In the
last century, the essential knowledge for both designing and restoring these structures has been
forgotten, and methods and tools for the structural design of reinforced concrete, steel and
wooden buildings took over. These methods (e.g. linear or non-linear Finite Element Analysis),
even though able of handling complex three-dimensional geometries, are often based on
stress/strength approaches and, in order to be applicable to URM, require a refined mechanical
characterisation based on parameters that, in most cases, are unknown or unknowable.
Furthermore, since it is well known that the stability of masonry structures depends on their
geometry rather than on the material’s strength [1], these approaches often lead to “unsafe and
deceptive results,” as explained in [2]. In 1966, Heyman introduced a theoretical framework for
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the application of limit analysis to masonry structures through three assumptions that showed
the important role of the geometry in the stability of this structural typology. One of the oldest
methods used for the assessment of masonry structures that perfectly fits inside the limit
analysis framework is the Thrust Line Analysis (TLA). This powerful method is used since
centuries and describes the behaviour of the masonry structure very well [3]. Its downside is
that is primarily a 2D approach. For the analysis of the 3D behaviour, other limit-analysis
methods such as Thrust Network Analysis [4][5], or compressive equilibrium membranes
[6][7][8][9], have been developed. Most of these methods apply the Safe Theorem [1], meaning
that they assess the stability of masonry structures through lower-bound solutions. Additionally,
they have been developed for vaulted geometries, i.e. height fields.
To deal with complex 3D geometries, more generally intricate assemblies, and to account
for their typical unilateral behaviour [10], the Discrete Element Modelling (DEM) method
developed by [11] can be applied. The DEM method aims to represent the structural behaviour
of a system composed of multiple bodies analysed as distinct units in mutual contact at the
joints. Several mechanical assessment problems can be tackled: stability in a given
configuration, load-bearing capacity, dynamic loading conditions, and the effects of large
settlements. Moreover, the possibility offered by the DEM software 3DEC by Itasca
[12][13][14] to work in three dimensions helps in the investigation of collapse mechanisms and
in understanding the global behaviour of complex geometries [15][16][17][18][19]. The
importance to understand the 3D behaviour and the interaction between structural elements of
a masonry building is a critical aspect in practice.

Figure 1. Partial collapse of a building after the demolition of the adjacent building (Oct 2019, Andria, Italy).

In many cases, analysis of the global behaviour of the entire building is necessary. Moreover,
in historical city centres, intervening on a masonry building often involves the study of several
interconnected structures. Sometimes, the negligence in tackling these structural problems can
cause sudden collapses (Fig. 1) and the loss of human lives. This paper aims to investigate the
influence of vertical settlements and geometrical imperfections on the internal stress state of a
buttressed wall structure using the DEM software 3DEC. Even though 3DEC allows
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investigating the behaviour of 3D structures, in this paper, the authors provide an extension to
what was already available in 3DEC, post-processing the results to visualise the flow of forces
within the structure for varying boundary conditions. Finally, the elaboration of the results helps
in the analysis of the magnitude and position of the reaction forces at the supports.
2 METHODOLOGY
In this paper, DEM analysis using the software 3DEC by Itasca is performed. In particular,
the stability in the initial configuration and the effects of a vertical settlement and geometrical
imperfections are investigated. In this section, we provide a short overview of DEM, how we
apply imperfections and how we post-process the results.
2.1 Discrete Element Modelling
DEM software has three main peculiarities: the model consists of finite-size bodies able to
move and deform independently; large displacements are possible; and the blocks can
completely detach from each other, possibly forming new contacts between other blocks. Static
and dynamic behaviour can be simulated. The DEM method is widely accepted for the analysis
of URM and it can, as stated in [20], approximate Heyman’s assumptions [1]. The whole
system’s deformability, considering rigid blocks, is concentrated at the joints, and it is
controlled by two parameters: the normal and shear joint stiffness. Physically, the two values
of the joint stiffnesses influence, respectively, the compenetration and the sliding between
blocks. High values of joint stiffness should be specified to avoid these two phenomena during
the analysis, although this notably increases the computational time. On the other hand, as
described in [16] and [19], the values of the joint stiffness could be reduced, within a certain
range, without influencing the results of the analysis significantly, hence decreasing the
calculation time as well. The two joint stiffness values have been defined as in [18]:
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where Jkn is the normal joint stiffness, E is the Young’s modulus of the material, hblock and lblock
are the average block height and block length, respectively.
For the evaluation of the joint shear stiffness, the Young’s modulus E has been replaced by
the shear modulus G defined as:
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where n is the Poisson’s coefficient considered equal to 0.2. Then, the value of the shear joint
stiffness has been evaluated as:
𝐽𝐽!+ = #

(
(
$$
"#$%&'
#$%&'

%

%

.

(3)

Regarding failure at the joints, the Mohr-Coulomb criterion is adopted:
𝜏𝜏 = 𝜎𝜎 tan(𝜙𝜙) + 𝑐𝑐

,

(4)

where 𝜏𝜏 is the shear strength, 𝜎𝜎 the normal stress, f the friction angle and c the cohesion. In the
Mohr-Coulomb criterion, considering Heyman’s assumptions, the only parameter needed is the
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friction angle, as the value of cohesion is considered equal to zero. Finally, next to the two joint
stiffness values and the friction angle, the fourth and last mechanical parameter needed is the
density of the block’s material. The reduced number of mechanical parameters needed allows
limiting the dependency on input data that is based on uncertainty, especially in the assessment
of historical masonry structures.
2.2 Geometrical imperfections
Real structures contain imperfections due to element geometry deviations or assembly
errors. As shown in [19], imperfections influence the flow of forces within the structure. They
redirect the forces accordingly to the imperfect contact conditions between the blocks and have
an influence on the displacement capacity or the collapse mechanisms. Using the Python-based
package compas_dem, part of the COMPAS Masonry framework [21], geometrical
imperfections have been applied to the perfect digital model. In particular, element (e.g. due to
fabrication) and assembly errors are generated (Fig. 2). For the former, each vertex of the blocks
is randomly moved in space, picking the value of the displacement in a specific predefined
range using a uniform distribution. For the latter, a random uniform distribution of displacement
values, one per block, is generated within a certain range, and each block is moved according
to it.

Figure 2. Geometrical imperfections in [19]: element geometry deviations (a); assembly errors (b).

2.3 Post-processing of the results
In this paper, at each step of the analysis, the contact forces calculated by 3DEC are postprocessed, and their resultants at each contact interface computed. Then, the resultants are
visualised in a CAD software, together with the updated geometry of the digital model. The
visualisation of the internal stress state at each step of the calculation allows following the
variation due to the changing of the boundary conditions.
3 MODELS
In this paper, we look at the geometry depicted in Fig. 3, representing a typical structural
portion of a church in between two buttresses. The structure is 15m tall having openings at
different levels. The lateral wall and the pillars are connected in the upper part by two flying
buttresses and in the lower part by two walls. The two transversal buttresses also have an
opening at the base. Three digital models of the same structure are considered: the first is the
perfect digital model, that is, all the blocks have a regular shape resulting in perfect face-to-face
contact conditions; the other two models are obtained by applying random distributions of
geometrical imperfections of both types.
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Figure 3. Digital three-dimensional model used in this paper: 3D view (a); front view (b); lateral view (c).

3.1 Geometry and discretisation
The geometry is generated using compas_dem, a Python-based package that can manage
data structures and create discrete assemblies. A closed mesh represents each block, and
through compas_dem, geometrical operations can be easily performed. The stereotomy of the
model is made with a variable interlocking between the voussoirs. The average dimensions of
the blocks are 220mm x 400mm x 600mm. The flying buttresses and all arches at the openings
are discretised considering cuts perpendicular to their curvatures. The main structural elements
(pillars-wall, buttresses-base, etc.) are linked together through offset/shifted stones.
3.2 Mechanical data
In the analyses, the blocks are considered rigid interacting with their neighbours through
unilateral contacts. As explained in Section 2.1, the only mechanical parameters needed by
3DEC to define the mechanical behaviour of the contacts are the friction angle and two joint
stiffness values. We consider a material density of 2200Kg/m3, and a friction angle of 50˚. The
two joint stiffnesses (normal and shear) have been evaluated using Equations (1) and (3)
assuming a Young’s modulus of 40GPa, hblock equal to 0.22m and lblock equal to 0.4m. These
two values have then been reduced by a factor of 10 to reduce the calculation time.
3.3 Geometrical imperfections
The two digital, imperfect models are obtained by applying geometrical imperfections to the
perfect model shown in Fig. 3. In the first one, named “imperfections 1”, only element
deviations are applied, that is, each vertex of every single mesh has been moved considering a
reasonable arbitrary displacement range of +/- 3mm. In the second imperfect model, named
“imperfections 2”, both fabrication and assembly errors are considered. The fabrication
imperfections are generated using the same range as before (+/- 3mm), while the assembly
imperfections are generated considering a reasonable range of +/- 2mm.
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4 NUMERICAL ANALYSIS
In this section, the results of the analyses conducted on the three digital models are
presented. For each case, the internal stress state in the initial configuration and during the
applied vertical settlement is described.
4.1 Perfect digital model
In the initial configuration (self-weight), the flow of forces computed from the postprocessed results calculated by 3DEC, showed an internal stress state compatible with the slight
displacements allowed by the geometry, which in turn depend by the two joint stiffnesses
specified. As shown in Fig. 4.a, in the initial configuration, the flow of forces is quite vertical
and deviates around the openings as expected.

Figure 4. Front view: flow of forces in the initial configuration (a); after 1cm of vertical displacement (b); after
5cm of vertical displacement (c); crack pattern after 5cm of vertical displacement (d).

After the first step of the vertical displacement (1cm), the flow of forces starts changing.
Figure 4d shows the crack pattern corresponding to the foundation displacement of 5cm; in
particular, diagonal fractures can be easily recognised. Cracks represent a discontinuity in the
structure, where contact forces cannot go through. For this reason, the flow of forces changes
direction as clearly visible in Figures 4.b-c and 5.b-c. Furthermore, the internal stress state of
pillar D, subjected to the vertical settlement, changes, and the forces deviate towards the right
corner in the front view and to the left corner in the lateral view. This phenomenon is caused
by the combination of the vertical settlement and the thrust exerted by the flying buttress at the
top of pillar D.
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Figure 5. Lateral view: flow of forces in the initial configuration (a); after 1cm of vertical displacement (b); after
5cm of vertical displacement (c); crack pattern after 5cm of vertical displacement (d).

4.2 Digital models with geometrical imperfections
In this section, we present the results of the analyses of the two digital models with
geometrical imperfections applied. In Figures 6.b-c, the flow of forces in the initial
configuration is compared with the flow of forces in the perfect model (Fig. 6.a). In particular,
it is less regular because the geometrical imperfections change the contact conditions between
the blocks, i.e. they are no longer interacting face-to-face. Narrow and non-uniformly
distributed cracks already appear in the initial configuration.

Figure 6. Flow of forces in the initial configuration: perfect digital geometry (a); imperfections 1 (b), and
imperfections 2 (c).
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The resulting internal stress state is slightly different between the two cases with geometrical
imperfections. Arbitrary concentrations of forces are visible, and they have an influence on the
distribution of the resultant forces on the four supports as will be discussed in the Section 5.
In Fig. 7, the results of the two models with applied geometrical imperfections subjected to
the vertical displacement of pillar D are shown. As soon as the vertical displacement of the
pillar occurs, the internal stress state of the structure gets dominated by the effect of the
displacement.

Figure 7. Flow of forces after vertical displacement of 5cm: perfect digital geometry (a); imperfections 1 (b),
and imperfections 2 (c).

Specifically, between the three cases showed in Fig. 7, similar deviations in the flow of
forces can be easily recognised. Qualitatively, the results are similar, even though, we can state
that geometrical imperfections affect the position and the number of the cracks.
5 DISCUSSION
In this section, the results obtained with the perfect and imperfect digital models are
compared in terms of stress state (both in the initial and deformed configuration), crack patterns
and thrusts exerted on the supports.
5.1 Internal stress state in the initial configuration
In the initial configuration, the perfect model shows a regular distribution of the forces, that
flow around the openings in the main wall, compatibly with the boundary conditions.
Conversely, the models with geometrical imperfections show a more chaotic distribution but
still in accordance with the boundary conditions. This chaotic distribution reflects the nonperfect contacts between the blocks. Since every real structure has a certain amount of
imperfections, impossible to reproduce, these results can only give some hints of what could be
a more realistic internal stress state. Furthermore, it shows how geometrical imperfections
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indirectly represent an irregular distribution of stress-states even in perfect (undeformed) initial
configurations. Irregularities can concentrate forces in some areas or create non-homogeneous
loading conditions even in contiguous blocks, as previously shown in [22].
5.2 Crack patterns
In the second step, when pillar D is subjected to a vertical displacement, cracks open and the
internal stress state changes accordingly. In the model with perfect geometry, the cracks are
more visible and localised. Based on the experience and on [23], the crack pattern and its
inclination were compatible with the type of settlement applied. In the model with geometrical
imperfections, smaller cracks open in more locations, shifted to the left or the right compared
to the position of the cracks in the perfect geometry, but, keeping the same average inclination.
These results provide an important insight and warning for engineers in practice since they
show that, due to imperfections, the same settlement can cause different crack patterns.
5.3 Internal stress state after the vertical settlement
For both perfect geometry and the models with geometrical imperfections, the flow of forces
deviated to avoid the cracks, going towards pillars C and B. In the initial steps of the
displacement, in the model with geometric imperfections, the directions of the resultants on the
supports are still influenced by the directions in the initial configuration. With the increasing of
the displacement, i.e. increasing reduction of static indeterminacy, the resultants on the supports
are less dependent on the local imperfections, but defined by the global macro-block partitions
forming. The resulting stress state had the same characteristics observed at step 5cm with
perfect geometry.
5.4 Analysis of the resultants on the supports
In Fig. 8, the resultants on the supports for the perfect digital geometry, imperfections 1 and
imperfections 2 are presented. For the perfect digital model (first row in Fig. 8), in the initial
configuration, because of the symmetry of the model, the self-weight is identically distributed
between the left and right pillars, as shown by the percentages. At the base of the two frontal
pillars, C and D, the arched openings result in thrusting in the plane of the main wall, with thus
resultants directed outwards as well (west and east). Once the vertical displacement starts, after
1cm, a redistribution of the self-weight among the four pillars can be observed. The percentage
of self-weight carried by pillar D decreased while the self-weight carried by pillars C and B
increased. The resultant of pillar D and its point of application rotated and moved in direction
south-east, respectively. The deviation of the flow of forces towards pillars C and B, as
mentioned in Section 4.1, is easily to be recognised by looking at the directions of their resultant
thrusts, west for pillar C and north for pillar B. With the increasing of the displacement (5cm),
the results showed the same trends. Moreover, the application points of the resultants moved
towards the south for pillar C, east for pillar B and south-east for pillar D.
In the cases with geometrical imperfections (second and third rows of Fig. 8), the analysis
of the resultant thrusts on the supports confirms the clear influence of imperfections in the initial
configuration. Their directions and application points are slightly different and the distribution
of the self-weight on each pillar is not anymore symmetrical. This difference leads to a different
position of the resultants on the supports during the settlement. After the first step of the
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displacement, the percentage of self-weight carried by the moving pillar D did not drop by the
same amount as for the perfect model, but a bit less, showing how imperfections can mitigate
the effects due to the variations of the boundary conditions. Consequently, C and B carried less
self-weight than before.

Figure 8. Resultant thrusts at the supports and percentage of self-weight carried by each pillar in the initial
configuration, after vertical displacement of 1cm and 5cm: (1st row) perfect geometry; (2nd row) imperfections 1;
(3rd row) imperfections 2.

As shown in Fig. 9, in the three cases the self-weight carried by pillar D decreases with the
increasing of the displacement, but the magnitude of the decreasing is different in the cases with
imperfections.

Figure 9. Percentage of self-weight carried by pillar D in the three models, in the initial configuration and after
the displacement.

As soon as the displacement increased, at step 5cm, the directions become very similar to the
ones observed in the test with perfect geometry, and the further investigation shown in Fig. 9
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until step 10cm shows this tendency even for the percentage of self-weight carried by pillar D.
This phenomenon showed that at a certain step of the settlement, the global mechanism and
displacement dominates the internal stress state more than geometrical imperfections.
6 CONCLUSIONS
This paper investigates the influence of vertical settlements and geometrical imperfections
on the internal stress state of a 3D digital model of an URM structure. All the models have been
analysed first in their perfect configuration, applying an increasing foundation displacement. In
both cases, the crack pattern and the corresponding flow of forces were used to compare the
three models. In particular, we noticed that geometrical imperfections mainly influence the
initial internal stress state of the structure, and thus, the location and value of the thrusts exerted
on the supports. This perfectly fits one of the key points of Limit Analysis as stated in [24], that
is, finding the actual stress state in masonry structures is impossible. Geometrical imperfections
always belong to real structures and the analyses conducted in this work show that trying to
find the actual stress state is worthless. However, though they affect the perfect configuration,
as soon as the settlement occurs, the flow of forces is dominated more by the foundation
displacement than by geometrical imperfections. Only slight variations locally in the crack
pattern are recognisable in the models with imperfections compared to the perfect one. This
exploration also suggests another strategy that could be relevant for practical problems in which
settlements and specific crack patterns have been observed. In order to calibrate the DEM
model, we propose to generate a sufficiently large set of models with imperfections applied, to
compare the results with the observed state in reality. The model that matches the best can then
be used to do further assessment, as understanding the displacement capacity or the stability
after a seismic event. The two typologies of applied imperfections analysed shown a similar
effect on the internal stress state, but further investigation is required to understand their
respective influence; and, to study the range of stability in the initial configuration due to
imperfections, which modify the application points of the resultant thrusts.
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Abstract. This paper investigates the mechanical behaviour of heritage structures subjected
to seasonal temperature variations. To this end, the constitutive equation of masonry-like
materials, which has been embedded in the finite element code NOSA-ITACA
(www.nosaitaca.it), is used to model the static and dynamic behaviour of simple arched
masonry structures subjected to thermal loads.
1

INTRODUCTION

Unlike linear elastic materials whose mechanical behaviour in the presence of thermal
variations has been investigated in-depth [1], masonry materials under non-isothermal
conditions are scarcely explored. A first contribution in this regard was provided in [2], which
studied the influence of temperature changes on the displacements and stresses of masonry
bridges. More recently, finite element simulations of the static behaviour of the Basilica of
San Vitale in Ravenna have been conducted [3], taking seasonal thermal variations into
account. Several papers report the presence of cracks in masonry monuments and bridges,
which can be ascribed to thermal fluctuations [4, 5]. Moreover, numerous experimental
campaigns[6, 7, 8, 9, 10, 11] have demonstrated that the presence of thermal strains affects
not only the static behaviour of masonry structures, but also their dynamical properties.
Long–term ambient vibration monitoring on masonry towers has proved the influence of
environmental parameters such as temperature and humidity on the measured natural
frequencies, which generally tend to increase with temperature. Such behaviour is often
attributed to the closing of micro–cracks in masonry, due to thermal expansion. Similar
effects were also detected in the Mallorca Cathedral and described in [11],which reports
frequencies variations on the order of 10 - 20%.
2. THE CONSTITUTIVE EQUATION OF NO-TENSION MATERIALS UNDER
NON-ISOTHERMAL CONDITIONS
Masonry is modelled herein as an isotropic nonlinear elastic material with zero tensile
strength and infinite compressive strength [12]. This constitutive equation has been
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generalized in order to take into account the presence of thermal dilatation, the goal being to
model the influence of temperature variations on the stress fields, crack distribution, and
modal properties of the structure. Indeed, there are many engineering problems in which the
presence of thermal dilatation must be taken into account; relevant examples range from daily
and seasonal thermal variations affecting the stress field in masonry constructions, to the
thermo-mechanical behaviour of masonry structures under elevated temperatures, such as the
refractory linings of vessels and ladles used in the iron and steel industry.
Let us denote by 𝜃𝜃𝜃𝜃 ∈ [𝜃𝜃𝜃𝜃1 , 𝜃𝜃𝜃𝜃2 ] the temperature and by 𝜃𝜃𝜃𝜃0 ∈ [𝜃𝜃𝜃𝜃1 , 𝜃𝜃𝜃𝜃2 ] the reference
temperature. We assume that the thermal dilatation due to the temperature variation Δ𝜃𝜃𝜃𝜃 = 𝜃𝜃𝜃𝜃 −
𝜃𝜃𝜃𝜃0 is the spherical tensor 𝛼𝛼𝛼𝛼(𝜃𝜃𝜃𝜃 − 𝜃𝜃𝜃𝜃0 )𝐈𝐈𝐈𝐈, where 𝛼𝛼𝛼𝛼 is the linear coefficient of thermal expansion
and I the identity tensor. It is possible to prove that for every infinitesimal strain tensor E and
𝜃𝜃𝜃𝜃 ∈ [𝜃𝜃𝜃𝜃1 , 𝜃𝜃𝜃𝜃2 ], there exists a unique triplet (𝐓𝐓𝐓𝐓, 𝐄𝐄𝐄𝐄𝑒𝑒𝑒𝑒 , 𝐄𝐄𝐄𝐄 𝑓𝑓𝑓𝑓 ) of symmetric tensors such that 𝐄𝐄𝐄𝐄 −
𝛼𝛼𝛼𝛼(𝜃𝜃𝜃𝜃 − 𝜃𝜃𝜃𝜃0 )𝐈𝐈𝐈𝐈 is the sum of the elastic strain 𝐄𝐄𝐄𝐄𝑒𝑒𝑒𝑒 and the positive semidefinite fracture strain 𝐄𝐄𝐄𝐄 𝑓𝑓𝑓𝑓 ,
and that the Cauchy stress T, negative semi-definite and orthogonal to 𝐄𝐄𝐄𝐄 𝑓𝑓𝑓𝑓 , depends linearly
and isotropically on 𝐄𝐄𝐄𝐄𝑒𝑒𝑒𝑒 , through Young’s modulus E and Poisson’s ratio ν[13]. Here, in view
of the modest amplitude of the temperature range considered in the analysis, the elastic
constants E and ν, which are generally functions of temperature [14], do not depend on 𝜃𝜃𝜃𝜃. T
is the stress corresponding to strain E and temperature 𝜃𝜃𝜃𝜃, and masonry-like materials are then
� given by
characterized by the stress function 𝐓𝐓𝐓𝐓
� (𝐄𝐄𝐄𝐄, 𝜃𝜃𝜃𝜃) = 𝐓𝐓𝐓𝐓, for E symmetric tensor and 𝜃𝜃𝜃𝜃 ∈ [𝜃𝜃𝜃𝜃1 , 𝜃𝜃𝜃𝜃2 ],
𝐓𝐓𝐓𝐓

(1)

�𝐄𝐄𝐄𝐄 (𝐄𝐄𝐄𝐄, 𝜃𝜃𝜃𝜃)with respect to
whose explicit expression is reported in [13], along with its derivative 𝐓𝐓𝐓𝐓
E.
The equilibrium problem of masonry-like solids subjected to both mechanical and thermal
loads is specifically addressed in [13], which describes the procedure implemented in the
finite element code NOSA-ITACA (www.nosaitaca.it) with the aim of determining its
numerical solution. With regard to the influence of thermal loads on the natural frequencies of
masonry constructions, this paper adopts the algorithm presented in [15] and implemented in
NOSA-ITACA, which enables calculating the frequencies and mode shapes of masonry
constructions while taking into account the presence of cracks due to mechanical and thermal
loads. More precisely, given a masonry structure, discretized into finite elements, and given
its materials properties, together with the kinematic constraints and loads (both mechanical
and thermal), the algorithm is based on a linear perturbation about the solution to the
equilibrium problem and calculates the frequencies of the cracked structures by taking into
account the tangent stiffness matrix, which is symmetric and positive definite. The algorithm
has proved to be able to reproduce the changes measured in the frequencies of masonry
structures subjected to reinforcement operations, such as for example, the Mogadouro tower
(Portugal) addressed in [16]. Also, the algorithm has been successfully used in [17, 18]to
model the changes measured in the frequencies of two masonry towers in Lucca, likely related
to seasonal thermal variations. For both the towers considered, frequencies tend to increase
with increasing temperature, a trend which was also recognized in numerous experimental
campaigns regarding ancient masonry towers [6, 8, 10].
In the following section, we present some analyses conducted on two simple masonry arch
models: the first (Model 1) is a round arch with a three-meter span, the second (Model 2) a
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masonry arch bridge spanning about 45 m and with a rise-to-span ratio of about 1/7. The
influence of temperature variations is examined with regard to both the static and the dynamic
behaviour of these structures.
3. MASONRY ARCHES SUBJECTED TO THERMAL LOADS
3.1 Model 1: A round arch
Let us consider the masonry round arch shown in Figure 1, with a span of 3 m and
thickness of about 20 cm. It is discretized into 1200 thick shell elements (element 10 of the
NOSA-ITACA library), for a total number of 7878 degrees of freedom. The masonry
material, which is assumed to have null tensile strength and infinite compressive strength, has
Young's modulus E = 3 109 Pa, Poisson's ratio 𝜐𝜐𝜐𝜐 = 0.2, mass density  = 1800 kg/m3 and a
linear coefficient of thermal expansion 𝛼𝛼𝛼𝛼 = 6 ∙ 10−6 °C−1. The mass density of the infill,
whose thickness over the arch crown is 0.3 m, is  = 1000 kg/m3. The arch, with fixed
springers, is first subjected to permanent loads (masonry and infill weights), and then to
temperature variations Δ𝜃𝜃𝜃𝜃 ranging from -15° C to +15° C. For the sake of comparison, the
results obtained via the NOSA-ITACA code are validated against the commercial code
MARC [19], using the constitutive law of low tensile materials and setting Es= 2.0∙104 N/m2
[16]. Figures 2 and 3 represent the plot of the normal force N and the bending moment M
(assumed positive if the intrados is stretched) per unit width versus the arc length varying
from 0 to πR, with R=1.5 m the mean radius of the arch, for the three load conditions (∆𝜃𝜃𝜃𝜃 =
0°C is for the permanent loads only). The curves are shown for both the masonry-like
(continuous line) and the linear elastic (dashed line) case. Figure 4 instead plots the
eccentricity e = M/N in the arch sections vs. the arc length for the masonry-like (continuous)
and the linear elastic case. It is worth noting that the effects of temperature are substantially
mitigated by the material nonlinearity, which causes a significant reduction in the stiffness of
the arch sections, thus reducing the stresses in the arch with respect to the linear elastic case.
This effect is particularly evident for negative thermal variations (cyan lines) and is in
agreement with similar results from other studies [20].

Figure 1: Model 1. Geometry and finite element mesh of the arch.
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Figure 2: Model 1. Normal force per unit width N [N/m] versus the arc length[m] for ∆𝜃𝜃𝜃𝜃 = 0°C (yellow), ∆𝜃𝜃𝜃𝜃 =
−15°C (cyan) and ∆𝜃𝜃𝜃𝜃 = +15°C (red); linear elastic material (dashed) and masonry-like material (continuous).

Figure 3.Model 1. Bending moment per unit width M [N m/m] versus the arc length [m] for ∆𝜃𝜃𝜃𝜃 = 0°C (yellow),
∆θ = −15°C (cyan) and ∆𝜃𝜃𝜃𝜃 = +15°C (red); linear elastic material (dashed) and masonry-like material
(continuous).
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Figure 4. Model 1: Eccentricity e [m] versus the arc length [m] for ∆𝜃𝜃𝜃𝜃 = 0°C (yellow line), ∆𝜃𝜃𝜃𝜃 = −15°C (cyan)
and ∆𝜃𝜃𝜃𝜃 = +15°C (red); linear elastic material (dashed) and masonry-like material (continuous).

To investigate how temperature variations affect the dynamic properties of the arch, the
procedure described in Section 2 has been followed. Table 1 summarizes the arch frequencies
in the linear elastic (fl) and the nonlinear case (fnl), calculated after application of the
permanent loads. The relative differences � f/fl reported in the table are about8% for the
fundamental frequency and 15% for the second frequency. The MACM value [15] measures
the correlation between the linear elastic mode shape and the corresponding mode shape of
the cracked structure; values close to one indicate that, when transitioning from the linear to
the nonlinear case, the eigenvectors remain substantially parallel.
After application of the permanent loads, the arch is subjected to thermal variations Δ𝜃𝜃𝜃𝜃,
and the first four natural frequencies are calculated, as reported in Table 2. Figure 5 shows a
plot of the four frequencies vs. Δ𝜃𝜃𝜃𝜃. The second, third and fourth frequencies tend to increase
with temperature. The curve of the first frequency, instead, shows a maximum for Δ𝜃𝜃𝜃𝜃 = 0 and
decreases for positive values of Δ𝜃𝜃𝜃𝜃. In this case, as shown by the red curves in Figure 4,
increasing values of temperature tend to diminish the eccentricity in the central portions of the
arch and increase the nonlinearity at the springings. The global result is a decrease inarch
stiffness with respect to the horizontal displacements, which are involved particularly in the
first mode shape (Figure 6). In general, mode shapes appear much less affected by
temperature than frequencies, as proved by the values of the MACM indicator reported in
Figure 6 (evaluated for each mode shape between the linear and the corresponding nonlinear
eigenvector): all these values are close to one.
Finally, Table 3 shows, for different temperature increments, a comparison between the
frequencies calculated by NOSA-ITACA and those calculated using MARC. The small
differences at Δ𝜃𝜃𝜃𝜃 = 0 (on the order of 5%) are attributable to the small tensile strength (not nil
as in NOSA-ITACA) assumed in MARC. As shown in the table, despite the different

2035

M. Girardi, C. Padovani and D. Pellegrini

constitutive equations adopted by the two codes, their results coincide after application of the
thermal loads.
Table 1. Model 1. Comparison between linear (fl) and nonlinear case (fnl); permanent loads (� �= 0).

Mode 1
Mode 2
Mode 3
Mode 4

fl
[Hz]
14.704
31.991
57.138
73.048

fnl
[Hz]
13.545
27.044
51.409
64.401

� f/fl
[%]
7.88
15.46
10.03
11.84

MACM
0.999
0.991
0.993
0.976

Table 2. Model 1. Effects of temperature variations on the first four mode shapes of the arch.
� fi(� �) = (fi(� �) - fi(0))/ fi(0).

��

[°C]
-15
0
+15

f1
[Hz]
12.932
13.545
12.164

� f1
[%]
-4,52
0.00
-10,20

f2
[Hz]
24.347
27.044
28.730

� f2
[%]
-9.97
0.00
6.23

f3
[Hz]
42.235
51.409
53.050

� f3
[%]
-17.85
0.00
3.19

f4
[Hz]
57.033
64.401
72.669

� f4
[%]
-11.44
0.00
12.83

Table 3. Model 1. Comparison of the results obtained via the NOSA-ITACA and the MARC codes for the
first four frequencies. For the i-th frequency, δi,NM = |fi,NOSA– fi,MARC|/ fi,NOSA.

∆θ
[°C]
-15
-10
-5
0
5
10
15

δ1,NM
[%]
3.52
2.00
1.73
3.60
2.67
3.62
0.14

δ2,NM
[%]
1.87
0.12
0.08
7.64
2.55
1.80
0.19
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δ3,NM
[%]
0.57
0.69
0.53
5.76
0.37
0.49
0.81

δ4,NM
[%]
1.02
0.92
1.17
5.17
0.69
0.37
0.52
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Figure 5. Model 1. The first four arch frequencies [Hz] vs. temperature variations ∆𝜃𝜃𝜃𝜃 [°C].

Figure 6. Model 1.The first four mode shapes of the arch.
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3.2 Model 2: A masonry arch bridge
Let us consider the masonry arch bridge shown in Figure 7, with a length of 44 m, rise of
about 6 m and constant thickness of 1.5 m. It is discretized into 2160 thick shell elements, for
a total number of 13650 degrees of freedom. The masonry properties are: Young's modulus E
= 4 109 Pa, Poisson's ratio 𝜐𝜐𝜐𝜐 = 0.2, mass density  = 2000 kg/m3 and linear thermal
expansion coefficient𝛼𝛼𝛼𝛼 = 1 ∙ 10−5 °C−1 . The mass density of the infill, whose thickness over
the arch crown is 0.4 m, is = 2000 kg/m3. The arch, with fixed springers, is first subjected
to permanent loads (masonry and infill weights) and then to temperature
variations Δ𝜃𝜃𝜃𝜃 ranging from -10° to +15°.

Figure 7. Model 2. Geometry of the masonry arch bridge.

Figure 8shows a plot of the eccentricity e vs. the arc length for the masonry-like case. The
arch remains substantially in the linear elastic field, with the exception of the springings,
where the eccentricity exceeds one-sixth of the section’s height. For a positive thermal
variation of 15°, the eccentricity in the mid-section of the arch increases (in absolute value) by
about 40%, passing from -9 cm to -13 cm. Correspondingly, the arch’s mid-section rises by
about 0.5 cm. For Δ𝜃𝜃𝜃𝜃 = −10°, representing winter conditions, the eccentricity in the midsection falls from -9 cm to -6.8 cm (24%), and the arch crown undergoes a lowering of about
2.6 cm. Thus, the total displacement of the arch mid-section produced by the considered
thermal variations is about 3 cm. These data are in agreement with the experimental evidence,
as described in [2], which reports on different cases of masonry arch bridges that present
lowering of the crown during winter and its rising during summer. Comparison between
Figures 4 and 8 also highlights the role of the span-to-rise ratio on the arches’ static
behaviour. In fact, Model 1 and Model 2 exhibit very different behaviours even for permanent
loads, with opposite signs of the eccentricity.
Regarding the influence of thermal variations on the bridge’s modal properties, Table 4
reports the bridge frequencies for different temperature increments. Frequencies at Δ𝜃𝜃𝜃𝜃 = 0 are
calculated for the permanent loads only. The trend evident in the table is similar to that found
for masonry towers: all frequencies tend to increase with increasing temperatures. The
frequency variations range from 11% for the fundamental frequency to 0.16 % for the third
frequency. As a general remark, the frequency values seem to be more influenced by positive
values of Δ𝜃𝜃𝜃𝜃: this trend is clearly shown by Figure 9, where the graphs of the four frequencies
are plotted vs. temperature increments. As shown in Figure 8, positive values of Δ𝜃𝜃𝜃𝜃 tend to
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reduce the eccentricity at the springers, which represent the only portions of the arch in the
nonlinear field, and thus the structure quickly approaches linear elastic behaviour. Finally,
Figure 9 shows the arch’s first four mode shapes. As for Model 1, mode shapes are less
affected by temperature than frequency, and the values of the MACM indicator (evaluated for
each mode shape between the linear and the corresponding nonlinear eigenvector) are all
close to one.

Figure 8. Model 2. Eccentricity e [m] versus the arc length[m] for ∆𝜃𝜃𝜃𝜃 = 0°C (yellow), ∆𝜃𝜃𝜃𝜃 = −10°C (cyan) and
∆𝜃𝜃𝜃𝜃 = +15°C (red), masonry-like material.
Table 4. Model 2. Effects of temperature variations on the arch’s first four frequencies;
� fi(� �) = (fi(� �) - fi(0))/ fi(0).

��

[°C]
-10
-5
0
+5
+10
+15

f1
[Hz]
1.435
1.444
1.455
1.519
1.535
1.619

� f1
[%]
-1.37
-0.76
0.00
4.40
5.50
11.27

f2
[Hz]
2.758
2.788
2.806
2.885
2.900
3.018

� f2
[%]
-1.71
-0.64
0.00
2.82
3.35
7.56
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f3
[Hz]
3.624
3.645
3.646
3.647
3.648
3.652

� f3
[%]
-0.60
-0.03
0.00
0.03
0.05
0.16

f4
[Hz]
4.813
4.869
4.887
4.997
5.016
5.198

� f4
[%]
-1.51
-0.37
0.00
2.25
2.64
6.36
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Figure 9. Model 2. The first four frequencies [Hz] of the arch bridge vs. temperature variations ∆𝜃𝜃𝜃𝜃 [°C].

Figure 10. Model 2. The first four mode shapes of the arch bridge.
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4

CONCLUSIONS

The paper presents some analyses conducted via the NOSA-ITACA code to assess the
influence of temperature variations on the static and dynamic behaviour of masonry
structures. The paper extends previous results obtained by the authors on masonry towers
subjected to thermal loads.
The case studies analysed in the paper are a round arch and an arch bridge, two structural
elements very common in the worldwide architectural heritage. The effects of thermal loads
are discussed in terms of the consequent variations in eccentricities and modal properties,
with particular regard to natural frequencies. In both cases, when the masonry’s scarce
capacity to withstand tensile stresses is taken into account (zero or very small tensile
strength), thermal loads do not seem to significantly affect the static equilibrium of the arches.
In fact, cracking due to the thermal strains causes a reduction in structural stiffness, with
consequent mitigation of the stresses induced by the thermal variations. These changes in
stiffness in turn affect the arches’ modal properties, thus giving rise to significant changes in
their natural frequencies.
The numerical results shown in the paper are in agreement with similar outcomes
presented in the limited literature available on the topic. Comparisons between numerical and
experimental results would be necessary to validate and corroborate the numerical
simulations. Experimental tests aimed at investigating the influence of temperature variations
on the structural behaviour of masonry arches are being planned for the near future.
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Abstract. Brick masonry is a multicomponent composite material, characterized by a marked
inhomogeneity, a highly anisotropic behavior arising from the complex interactions between
joints and bricks, and a considerable spatial variability of material properties, particularly
relevant in the case of historical masonries. The focus of this paper is on the interdependence
between the spatial variability of mechanical properties of joints and the overall homogenized
response of a given volume element of masonry. It is assumed that mechanical properties of
bed joints may vary according to a fixed probability distribution and correlation function and
the mechanical response of the volume element is investigated in terms of the overall elastic
stiffness. As confirmed by preliminary results, the spatial variability of the mechanical
properties may affect the overall response of a masonry wall.
1

INTRODUCTION

Experimental and numerical results [1-3], referred either to single constituents or to fullsized masonry walls, have shown remarkable spatial variations of constitutive variables, i.e.
Young modulus, tensile and compressive strength among others, also in case of new structures,
as well as geometrical variations of the masonry arrangement [4]. In the case of historical
masonries, such variability can cause even more relevant effects, especially due to the role of
ageing processes, that can locally affect the mechanical characteristics of bed and head mortar
joints.
Based on the aforementioned considerations, the focus of this paper is on the
interdependence between the spatial variability of mechanical properties of joints and the
overall response of a given volume element of the masonry. To this aim, a well established
computational homogenization technique is combined with a properly conceived stochastic
procedure. It is assumed that elastic properties of bed joints may vary according to a fixed
probability distribution and correlation function. The mechanical response, in terms of overall
elastic stiffness of the selected volume element, is investigated as a function of mean, variance
and correlation length of the elastic properties of the joints, in a realistic range according to
values experimentally observed.
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2

ELASTIC PROPERTIES OF A VOLUME ELEMENT

Although geometrical and mechanical characteristics of both components of a given volume
element and their related uncertainties may play a relevant role on the overall behavior, the
most pronounced uncertainties on the global elastic behavior of masonry are likely due to
available information about deformability of joints and its spatial variability.
To this aim, for the volume element (Fig. 1, L0=26 cm) of a regular masonry made of bricks
and mortar joints with running bond arrangement, the sensitivity of homogenized elastic
properties is investigated as a function of mechanical characteristics of bed mortar joints,
varying with a given standard deviation E around a mean value E. A constant value =0.2 has
instead been assigned to the Poisson coefficient of joints and elastic parameters of bricks have
also been considered as constant, Eb=6000 MPa and b=0.2.
Each bed joint (with a total length L0, see Fig. 1) is discretized in 10 parts (x=2.6 cm),
assigning to each of them the elastic modulus E in the mean point, as obtained by a random
generation of E(x) (see Sect. 3.2) in the interval 0 ≤ x ≤ L, with L >> L 0 and a sampling step
x=x/100.
In the numerical investigation described below a mean value E=500 MPa was assumed,
with standard deviation varying between E = 0.07 E and E = 0.35 E and six different
correlation lengths (Lc1=0.26 cm, Lc2=0.65 cm, Lc3=1.3 cm, Lc4=2.6 cm, Lc5=5.2 cm, Lc6=13
cm).
Namely, for a given E and correlation length Lc, a random realization of E(x) was obtained
for L= 1300 cm. From each one of these random realizations, 25 pairs of statistically
independent sub-intervals E(x) with the same correlation length were then extracted and
assigned as random E(x) to the bed joints of the volume element, while for head joints a constant
value E=E was assumed.
As an example, the random variables E(x) for correlation lengths Lc1=0.26 cm and Lc6=13
cm are reported in Fig. 2.
The mean and standard deviation of the homogenized elastic parameters (Sect. 3) of the
selected volume element, obtained with 25 independent realizations of E(x) on the bed joints,
are reported in Sect. 3.2 as a function of standard deviation E and correlation length Lc.

Figure 1: selected volume element: L0 = 26 cm
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(a)

(b)
Figure 2: realizations of the random vector E(x) for two different correlation lengths;
a) Lc1=0.26 cm; b) Lc6=13 cm

3

HOMOGENEIZED ELASTIC PROPERTIES OF MASONRY ASSEMBLY

The homogenization of the masonry material is performed resorting to a first order
computational homogenization technique. Consistently with the classical approach [5-6], the
composite material is described at two scales of interest, the microscopic and the macroscopic
scale, as a Cauchy continuum. At the microscopic scale, the actual material is thoroughly
described, in terms of geometric and constitutive parameters characterizing both blocks and
mortar joints, while at the macroscopic one the heterogeneous material is ideally replaced by
an equivalent homogeneous material, able to reproduce the overall elastic response of the
composite material.
The classical first order multiscale scheme is briefly recalled in the framework of a strain
driven approach. FE elastic analyses are exploited to evaluate the effective elastic properties of
the masonry characterized by spatial variability of the elastic constants in the mortar joints.
A one to one correspondence is established between a macroscopic point of the first order
homogenized continuum and the corresponding material portion at the microscopic scale.
At the typical material point 𝐗𝐗 = {𝑋𝑋, 𝑌𝑌}𝑇𝑇 at the macroscopic level, the displacement vector 𝐔𝐔 =
{𝑈𝑈, 𝑉𝑉}𝑇𝑇 is defined and the strain vector results as
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𝐸𝐸𝑋𝑋𝑋𝑋
𝑈𝑈
𝑬𝑬 = { 𝐸𝐸𝑌𝑌𝑌𝑌 }=D { },
𝑉𝑉
𝛤𝛤𝑋𝑋𝑋𝑋

∙,𝑋𝑋
where D=[ 0
∙,𝑌𝑌

0
∙,𝑌𝑌 ],
∙,𝑋𝑋

(1)

with D being the kinematic operator.
The overall linear elastic constitutive equations in the general anisotropic case depends on
the overall elasticity tensor C as
𝛴𝛴𝑋𝑋𝑋𝑋
𝐸𝐸𝑋𝑋𝑋𝑋
𝛴𝛴
𝜮𝜮 = { 𝑌𝑌𝑌𝑌 }=C { 𝐸𝐸𝑌𝑌𝑌𝑌 },
𝛤𝛤𝑋𝑋𝑋𝑋
𝑇𝑇𝑋𝑋𝑋𝑋

𝐶𝐶𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋
where C=[ 𝐶𝐶𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋
𝐶𝐶𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋

𝐶𝐶𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋
𝐶𝐶𝑌𝑌𝑌𝑌𝑌𝑌𝑌𝑌
𝐶𝐶𝑌𝑌𝑌𝑌𝑌𝑌𝑌𝑌

𝐶𝐶𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋
𝐶𝐶𝑌𝑌𝑌𝑌𝑌𝑌𝑌𝑌 ].
𝐶𝐶𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋

(2)

On the other hand, at the microscopic scale the corresponding strain 𝜺𝜺 and stress 𝝈𝝈 measures
are similarly defined together with the local elasticity matrix c.
In the case of a periodic continuum the vector 𝑬𝑬 is used as input quantity for the periodic cell
and a properly defined boundary value problem is solved with periodic boundary conditions at
the microscopic level. By evaluating the local response in terms of stress distributions, it is
possible to detect the associated averaged elastic stress components and consistently deriving
the components of C by exploiting a properly defined macro-homogeneity condition.
Nevertheless, in the case at hand, owing to the random distribution of the Young modulus
along the mortar joints, the running bond masonry material is only characterized by geometric
periodicity, while it is not periodic with respect to constitutive behavior. In this framework the
classical concept of Representative Volume Element (RVE), well established for periodic
heterogeneous media, loses its validity. The RVE cannot be a-priori recognized and becomes
itself an unknown of the problem, together with the estimation of the homogenized elastic
moduli, i.e. the components of C.
The RVE can be approached by using a finite size scaling of the so-called statistical volume
element (SVE) [7-8] through two hierarchies of constitutive bounds, stemming from the
solution of Dirichlet and Neuman boundary value problems at the microscopic level,
respectively. The key idea is considering a trial portion of the heterogeneous material of a given
characteristic size and keep enlarging such portion until the solution of both of Dirichlet and
Neuman boundary value problems have fulfilled a properly defined convergence criterion.
The Dirichlet boundary conditions imposed along the boundary of the SVE can be written
as
𝑢𝑢 = 𝐸𝐸𝑋𝑋𝑋𝑋 𝑥𝑥 + 𝛤𝛤𝑋𝑋𝑋𝑋 𝑦𝑦
,
𝑣𝑣 = 𝛤𝛤𝑋𝑋𝑋𝑋 𝑥𝑥 + 𝐸𝐸𝑌𝑌𝑌𝑌 𝑦𝑦

while the Neumann boundary conditions result as
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𝑡𝑡𝑥𝑥 = 𝛴𝛴𝑋𝑋𝑋𝑋 𝑛𝑛𝑥𝑥 + 𝑇𝑇𝑋𝑋𝑋𝑋 𝑛𝑛𝑦𝑦
,
𝑡𝑡𝑦𝑦 = 𝑇𝑇𝑋𝑋𝑋𝑋 𝑛𝑛𝑥𝑥 + 𝛴𝛴𝑌𝑌𝑌𝑌 𝑛𝑛𝑦𝑦

(4)

with (𝑡𝑡𝑥𝑥 , 𝑡𝑡𝑦𝑦 ) the components of tractions and (𝑛𝑛𝑥𝑥 , 𝑛𝑛𝑦𝑦 ) the components of the outward normal.
The macroscopic stress 𝜮𝜮 and strain 𝑬𝑬 measures are linked to the respective microscopic
ones 𝝈𝝈 and 𝜺𝜺 through the so-called spatial averages, as follows
1

1

𝜮𝜮 = 𝜔𝜔 ∫𝜔𝜔 𝝈𝝈 𝑑𝑑𝑑𝑑, 𝑬𝑬 = 𝜔𝜔 ∫𝜔𝜔 𝜺𝜺 𝑑𝑑𝑑𝑑,

(5)

Finally, the homogenized moduli can be obtained via the macro-homogeneity condition,
accounting for infinitesimal deformation gradients. Such well-known condition establishes a
correspondence between the average internal work over a portion of material at the microscopic
level and the mechanical internal work density at the macroscopic point, as
𝑬𝑬𝑻𝑻 𝜮𝜮 =

1
∫ 𝜺𝜺 𝑻𝑻 𝝈𝝈 𝑑𝑑𝑑𝑑.
𝜔𝜔 𝜔𝜔

(6)

In this preliminary work the focus is on the definition of the procedure to evaluate the
homogenized elastic moduli valid for the masonry characterized by random distribution of
mortar joints elastic moduli, rather than detecting the RVE for such material. This is why we
consider only one portion of the heterogeneous material, the one depicted in Figure 1.
Furthermore, in order to obtain a synthetic description of the degree and direction of
anisotropic behavior [9-10] of the elastic homogenized response, we evaluate 𝐸𝐸ℎ𝑜𝑜𝑜𝑜 (𝜃𝜃) and
𝜈𝜈ℎ𝑜𝑜𝑜𝑜 (𝜃𝜃) as a function of the counterclockwise angle 𝜃𝜃 between the standard basis (𝒆𝒆𝑥𝑥 , 𝒆𝒆𝑦𝑦 ) and
the basis (𝒂𝒂𝑥𝑥 , 𝒂𝒂𝑦𝑦 ) rotated of 𝜃𝜃 about an axis through the origin. More specifically, 𝐸𝐸ℎ𝑜𝑜𝑜𝑜 (𝜃𝜃) and
𝜈𝜈ℎ𝑜𝑜𝑜𝑜 (𝜃𝜃) are obtained for tension applied along the direction identified by the unit vector 𝒂𝒂𝑥𝑥
inclined at an angle 𝜃𝜃 with respect to 𝒆𝒆𝑥𝑥 .
The homogenized elastic compliance tensor 𝑫𝑫 = 𝑪𝑪−1 in the rotated reference system
becomes 𝑫𝑫𝜃𝜃 and the arising angular variation of the Young modulus and of the Poisson’s ratio
are consistently evaluated as
𝐸𝐸ℎ𝑜𝑜𝑜𝑜 (𝜃𝜃) = 𝐷𝐷𝜃𝜃

1

𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋

,

𝐷𝐷𝜃𝜃

𝜈𝜈ℎ𝑜𝑜𝑜𝑜 (𝜃𝜃) = − 𝐷𝐷𝜃𝜃𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋 ,

(7)

𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋

𝜃𝜃
𝜃𝜃
where 𝐷𝐷𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋
and 𝐷𝐷𝑋𝑋𝑋𝑋𝑋𝑋𝑋𝑋
are the components of 𝑫𝑫𝜃𝜃 .
The graphical representation of 𝐸𝐸ℎ𝑜𝑜𝑜𝑜 (𝜃𝜃) and 𝜈𝜈ℎ𝑜𝑜𝑜𝑜 (𝜃𝜃) versus 𝜃𝜃 is very suitable for an
interesting physical interpretation. If the material is isotropic, indeed, the polar plot has the form
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of a unitary circle, while deviations from a perfect circle evince the degree and direction of
anisotropic behavior.
3.1

Reference case: homogeneous elastic properties of bed and head joints

As a reference case, a constant value E(x) = E has been assigned to both head and bed joints.
The variation of Young modulus E0() and Poisson coefficient () as a function of the angle
 are reported in Figure 3(a) and 3(b), respectively.
As shown by such figures, the equivalent stiffness of the selected volume element attains
maximum and minimum values for  = 0 (stress-strain parallel to the bed joints) and  = /2
(stress-strain orthogonal to the bed joints), respectively, while maximum values of Poisson
coefficient are attained in pseudo-diagonal directions.

Figure 3: Reference case E(x)= E : Young modulus and Poisson coefficient as a function of 

3.2

Random elastic properties of bed joints

Stationary Gaussian realizations of the Young modulus
𝐸𝐸(𝑥𝑥) = 𝐸𝐸̅ + 𝑒𝑒(𝑥𝑥)

(8)

have been generated with 𝐸𝐸̅ the mean value and e(x) a stationary zero mean process obtained
as the output of a first order linear scalar stochastic differential equation (Ornstein – Uhlenbeck
process) [11]
𝑑𝑑𝑑𝑑(𝑥𝑥)
= −λ𝑒𝑒(𝑥𝑥) + 𝑊𝑊(𝑥𝑥)
𝑑𝑑𝑑𝑑

(9)

where  >0 and W(x) a zero mean Gaussian stationary white noise input process with constant
spectral density Sw()=S0 and correlation functions Rw(l) =〈𝑊𝑊(𝑥𝑥)𝑊𝑊(𝑥𝑥 + 𝑙𝑙)〉 =2 S0 (l), where
𝛿𝛿 (∙) stands for the Dirac’s delta distribution.
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The spectral density 𝑆𝑆𝑒𝑒 (𝜔𝜔) and the covariance function 𝐶𝐶𝑒𝑒 (𝑙𝑙) of the stationary process e(x)
are as follows
𝑆𝑆𝑒𝑒 (𝜔𝜔) =

2 𝜋𝜋𝑆𝑆0

(10)

2

𝜔𝜔 2 + λ

𝐶𝐶𝑒𝑒 (𝑙𝑙 ) = 〈𝑒𝑒(𝑥𝑥)𝑒𝑒(𝑥𝑥 + 𝑙𝑙 )〉 =


𝜋𝜋𝑆𝑆0

λ

exp (−λ|𝑙𝑙 |)

(11)

For the same input white noise W(x) different correlated random realizations of E(x) have
been obtained for different values of the parameter  and intensity 𝑆𝑆0 .
The correlation length Lc is the inverse of  (𝐶𝐶𝐸𝐸 (𝑥𝑥) = 𝐶𝐶𝑒𝑒 (𝑥𝑥))
𝐿𝐿𝑐𝑐 =

+∞
1
1
∫ 𝐶𝐶𝐸𝐸 (𝑙𝑙 )𝑑𝑑𝑑𝑑 =
𝐶𝐶𝐸𝐸 (0) 0
λ

(12)



while the standard deviation of E(x)
𝜎𝜎𝐸𝐸2 = 𝐶𝐶𝐸𝐸 (0) =


𝜋𝜋𝑆𝑆0

λ

(13)

As described in Sect.2, for each standard deviation E and correlation length Lc 25
independent realizations of the elastic modulus E(x) of the bed joints have been considered for
the volume element in Fig.1.
For each case the elastic tensor of the volume element has been obtained with the
homogenization procedure described in Sect. 3 and boundary conditions of the Dirichlet type.
The mean values of the homogenized elastic modulus Ehom() and Poisson coefficient
hom() in the considered set of 25 independent realizations almost coincide, as expected, with
the values E0() and 0() of the reference case (Sect. 3.1), independently from the correlation
length Lc or the variation coefficient CV = E/E. Therefore they are not reported here.
A significant dependence has instead been found for the standard deviation Ehom() and
hom() of the homogenized elastic modulus Ehom() and Poisson coefficient hom().
Standard deviations of Ehom() and hom(), normalized with respect to the values E0() and
0() of the reference case (constant E(x) = E, Sect. 3.1) are described below for each angle 
as a function of the correlation length Lc (Fig. 4a, 5a) and of the variation coefficient CV = E/E
of the random variable E(x) (Fig. 6a, and 7a).
Due to the almost perfect coincidence of the mean values of Ehom() and hom() with E0()
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and 0(), as already discussed, Fig. 4a, 5a, 6a, 7a also represent for each angle  the ratios
between the standard deviations of Ehom() and hom() and their mean values 𝐸𝐸̅hom (𝜃𝜃) and
̅
hom (𝜃𝜃), respectively.
The same variables Ehom() and hom() are also shown in Fig. 4b, 5b, 6b, 7b without
normalization, with the homogenized elastic modulus Ehom() shown in the non-dimensional
form Ehom() /E, with E = 500 MPa denoting the mean value of E(x).

(a)

(b)

Figure 4: Standard deviation Ehom() of the homogenized Young modulus Ehom() for Dirichlet boundary
conditions, for CV=E/E = 0.14 and different correlation lengths LC [cm]: a) Ehom() normalized with respect to
E0() of the reference case with constant E(x); b) Ehom() normalized with respect to the mean value E of E(x).

It can be observed (Fig. 4a) that for different correlation lengths the standard deviation
Ehom() of the homogenized Young modulus Ehom() is not negligible with respect to its mean
value 𝐸𝐸̅hom (𝜃𝜃), with a maximum of about 5 % for Lc = 13 and  around /2. A similar behavior
is observed (Fig. 5a) for the standard deviation hom() of the homogenized Poisson coefficient
hom().
Figures 6a-7a describe the dependence of the homogenized Young modulus and Poisson
coefficient on CV = E/E, i.e. the variation coefficient of the random elastic modulus E(x) of
the bed joints of the volume element in Figure 1.
As expected, the ratios between the standard deviations Ehom(), hom() of Ehom() and
hom() and their mean values 𝐸𝐸̅hom (𝜃𝜃) and ̅
hom (𝜃𝜃) increase for an increasing CV. Maximum
values around 5 % have been found for CV = E/E = 0.35, corresponding to the limit case of a
random variable E(x) oscillating between values slightly larger than zero and 2E.
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(a)

(b)

Figure 5: Standard deviation hom() of the homogenized Poisson coefficient hom() for Dirichlet boundary
conditions, for E/E = 0.14 and different correlation lengths LC [cm]: a) hom() normalized with respect to 0()
of the reference case with constant E(x); b) hom().

(a)

(b)

Figure 6: Standard deviation Ehom() of the homogenized Young modulus Ehom() for Dirichlet boundary
conditions for Lc=0.26 cm and different ratios CV=E/E: a) Ehom() normalized with respect to E0() of the
reference case with constant E(x); b) Ehom() normalized with respect to the mean value E of E(x).
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(a)

(b)

Figure 7: Standard deviation hom() of the homogenized Poisson coefficient hom() for Dirichlet boundary
conditions for Lc=0.26 cm and different ratios CV=E/E: a) hom() normalized with respect to 0() of the
reference case with constant E(x); b) hom().

4

CONCLUSIONS
-

The paper examines the interdependence between the spatial variability of mechanical
properties of joints and the overall homogenized response of a given volume element
of regular masonry.

-

Mechanical properties of bed joints is assumed to vary according to a fixed probability
distribution and correlation function.

-

A well established computational homogenization technique is applied.

-

The mechanical response, in terms of overall elastic stiffness of the selected volume
element, is investigated as a function of mean, variance and correlation length of the
elastic properties of the joints.

-

As confirmed by preliminary results, the spatial variability of the mechanical properties
may affect the overall response of a masonry wall.

-

Such preliminary results encourage further research on historical masonry with larger
spatial variability of the elastic properties.

Acknowledgements. The financial support of University ‘‘G. D’Annunzio” of Chieti-Pescara
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Abstract. Santa Maria de Azurara church is a XVI century church in Portugal, classified as a
national monument since 1910. The building shows not only the influence of the Manueline
architectural style (Portuguese late Gothic style), but also Baroque and Mannerism styles.
Presently, the church presents some structural and non-structural problems, so an inspection
and diagnosis of the main building pathologies was carried out. This process was assisted by
non-destructive testing (NDT) techniques which included sonic tests, ground penetrating radar
(GPR) and Schmidt hammer for masonry elements and Pilodyn and ultrasonic pulse velocity
for the timber elements. In addition, scanning electron microscope and x-ray diffraction
analysis were used for mortar and stone characterization. Furthermore, dynamic identification
tests were performed. Numerical analysis was performed to assess the nonlinear behaviour of
the structure under different load conditions. In order to create an accurate model, material
properties were estimated from the non-destructive tests and the dynamic properties were used
to calibrate the model. A nonlinear static analysis (pushover) considering both vertical and
horizontal loading was carried out in order to obtain the maximum load factor for the structure.
1

INTRODUCTION

Located in the Azurara parish of northwest Portugal, the church of Santa Maria is a local
landmark. It is a masonry church dating to the XVI century near the town of Vila do Conde
about 25 km north of Porto. Between October 2018 and March 2019, in the scope of the
Advanced Master of Structural Analysis of Historical Constructions (SAHC), a team from the
University of Minho analysed the church with non-destructive testing, monitoring systems and
nonlinear structural analysis using the finite element method. This paper summarizes the work
performed and the results.
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2

BACKGROUND INFORMATION ON THE CHURCH

The construction of this Catholic church began in 1502 but finished with the apse in 1552,
during the reign of King Joao III. For this reason, it could be considered as an example of the
Manueline architectural style, a Portuguese style that occurred during the reign of King D.
Manuel I between the Gothic and Renaissance styles. During the centuries, several structural
changes were made (Figure 1). The church was classified as a national monument in 1910.
Interventions in the XX century were made to reduce moisture problems in the floor [1].
The structure of the church is based in massive granite three-leafed walls forming three naves
with a timber roof. Octagonal columns and Romanesque arches divide the central and lateral
naves. The structural system of the chancel is composed of two stone cross vaults supported in
external walls and buttresses. The XVII century tower structure (blue in Figure 1) is composed
mainly of very thick external walls. Behind the apse is a small chapel thought to be added in
the XVIII century, composed of irregular masonry walls (green in Figure 1).

(a)
(b)
(c)
Figure 1: Southwest isometric view of the church’s structural evolution: (a) XVII century tower
construction; (b) late XIX century/early XX century appearance with chapel, sacristy and pyramid; (c) current
structure with single-story sacristy and no pyramid on tower

3

DAMAGE SURVEY

Inspection of the church led to the creation of damage maps. First, an in situ visual survey
was carried out to identify the damages. This was complemented with a photography survey,
where pictures of the damages were taken as well as photos for the creation of a
photogrammetry model that would provide information about the geometry and the basis for
the creation of the damage maps. The most prevalent types of damage are summarized here,
according to ICOMOS guidelines [2]. An overall cause of much of the damage was water
infiltration.
3.1 Cracks
The most prevalent appearance of cracks is on the bell tower. Major cracks can be seen on
the exterior part of its western facade, under the balcony projection. Also, a major crack is noted
on the internal facade which was measured and marked previously in the year 1985 (Figure 2).
The crack meter placed there has detected movement since that date.
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(a)
(b)
Figure 2: Cracks under the balcony of the tower in (a) external west facade and (b) internal east facade.

3.2

Discoloration and deposit

Staining and soiling were present on the exterior walls. Moist areas could be seen in the
interior. Efflorescence was densely observed on the lower areas of the internal surface of the
walls (Figure 3(a)). It was also observed in areas close to the roof and all the column bases
(Figure 3(b),(c)). Clearly, the existing drainage system is not sufficient. The problems in the
rainwater system in the roof are the cause of this pathology in the upper part of the walls.

(a)
(b)
(c)
Figure 3: Efflorescence damage observed in (a) internal wall, (b) areas close to the roof and (c) column
bases

3.3 Material loss
Two main types of material loss, erosion and loss of mortar, were observed. Erosion was
mainly seen in external decorative elements and extensively on the western facade of the tower.
Loss of mortar was seen on all facades in varying degrees.
3.4 Biological colonization
Plants and lichen were observed on the external facades due to inaccessibility, lack of
cleanliness and maintenance. Widespread growth of algae can be seen in the interior walls and
columns (Figure 4(a),(b)). Algae generally constitute superficial films. However, in the church
interior they seem to be growing within the stone rather than on the surface.
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The timber altars and roof are heavily infested with termites, wood boring beetles and rot
(Figure 4(c),(d)). Termites have infiltrated all of the altars; the small room behind the main altar
is the most infested. Trails can be found throughout the building, including in masonry. Holes
created by wood boring beetles can mostly be seen on decorative parts of the altars.

(a)
(b)
(c)
(d)
Figure 4: Algae observed on (a) interior walls and (b) column base; (c) termite infestation behind altar;
(d) rot in altar

4

MONITORING SYSTEM

Monitoring systems such as crack meters and humidity sensors were installed while
thermographic photographs and moisture sensors were used to check the health of the church.
Humidity sensors were placed in four different locations (behind the east altar, on the altar,
near the interior face of the north (longitudinal) wall, and in the tower). The period of field work
was January to March 2019. During that time, it was found that the tower was the coldest part
of the analysed locations and had the greatest fluctuations in relative humidity. To study crack
activity, four crack meters have been placed in different locations: two in the tower’s interior
wall, one on the tower exterior and one in a column adjoining the choir. Continuous monitoring
will allow the evaluation of humidity’s role in the damage pathologies in the church and the
evolution of the cracks.
Thermographic images were taken in various locations and helped to identify areas of
moisture, voids, and possible insect attack. They are also helpful in determining if the termites
are active or not, but in this case no active termites were found.
A moisture sensor was used to test for moisture at 5, 10, or 30 cm deep in all the columns
and the north and south walls. Upon testing it was observed that the readings from the external
facade were similar to the internal ones, so it can be observed that even though the external
facade appears dry on the surface, it is moist within. It can be inferred that the south wall has
higher moisture content than the north wall, correlating with the higher damage seen
(efflorescence and biological colonization). From the distribution observed it is clear that the
higher moisture concentrations are in the bottom of the walls. The centre of the floor also has
extremely high moisture levels.
5

NON-DESTRUCTIVE TESTING

To understand the properties and the behaviour of the church, many tests were performed such
as sonic impact tests, rebound hammer, ground penetrating radar as well as some laboratory
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tests where some samples were analysed with scanning electron microscopes and X-ray
diffraction.
5.1 Stone
Both direct and indirect sonic impact tests were carried out. The masonry in the main body
of the church had average Poisson ratio 0.18 and elastic modulus 2.9 GPa, which is comparable
to a dressed rectangular stone masonry and higher than the values for a cut stone with good
bonding per the Italian building code commentary [3]. The irregular masonry of the tower
stairwell and the apse saw the lowest values (2.4 and 1.3 GPa, respectively). The results for the
tower walls indicated a very high elastic modulus, over 4 GPa, and Poisson ratio about 0.3.
The rebound hammer test was performed on the face of the stone wall using a Schmidt
hammer. Four or five readings were taken at each of five to nine points on each wall. The mean
was 40.5 for the main body masonry, 36.2 for the tower and 32.1 for the apse. It can be said
that these values are low compared to the literature, possibly due to surficial damages [4].
For ground penetrating radar, the equipment used was the control unit PROEx and an 800
MHz central frequency antenna from Guideline Geo. In walls, horizontal and vertical profiles
were carried out. The scans showed that the main body walls have multi-leaf masonry with a
relatively regular inner leaf that has properties similar to those of the outer leaves. In columns,
only vertical profiles were performed. The stones within a single drum are well-cut and fitted
with a thin joint between them, but between drums the fitting does not seem flat.
To investigate the composition of the efflorescence and mortar, some samples of efflorescent
salts were obtained from the church column and wall and mortar samples in the south wall. The
samples obtained were prepared in the laboratory of the University of Minho for the scanning
electron microscope (SEM) and X-ray diffraction (XRD). The salt of the efflorescence collected
in the south wall, close to the main altar, corresponds with sodium carbonate (NaCo3), while
for the column the salt detected was sodium sulphate (Na2SO4). The samples of original mortar
indicated the use of non-hydraulic lime mortar, while for repointing the analysis indicated the
use of hydraulic mortar.
5.2 Timber
Pilodyn tests found that there was probably little or no decay in the timber roof beams. Direct
ultrasonic tests were also performed on the roof beams. The average velocity measured was
consistently in the mid-1900s. This uniformity supports the Pilodyn conclusion that there is
little or no decay in these timber elements, since decay would not likely be uniform. The tests
were not necessary for the timber altars, in which severe decay was clearly visible.
6

DYNAMIC IDENTIFICATION TEST

A representative part of the church was chosen for analysis; namely, the tower and the north
walls connected to it. Twelve points of measurement were chosen: five in the bell tower, four
in the clerestory wall and three in the external wall (Figure 5). The accelerometers measured
the out-of-plane acceleration at every point and in-plane acceleration at one point of each
structural element.
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Figure 5: Accelerometer locations for OMA campaign

The information obtained in the campaign was analysed with the program ARTeMIS modal.
The software uses two methods of modal identification, and then compares them for validation.
Values including damping ratio or complexity of the mode were taken into account as well as
the Modal Assurance Criterion values and a visual analysis of the modal shapes; the values are
summarised in Table 1. The first four modes were selected for the calibration of the finite
element model.
Table 1: Results of the dynamic identification

7

Mode

EFDD [Hz]

SSI [Hz]

Damping [%]

Complexity [%]

EFDD/SSI freq.

MAC

1

1.733

1.742

1.144

31.947

0.52%

0.652

2

2.678

2.657

0.891

0.103

0.78%

1

3

2.829

2.806

1.058

2.309

0.81%

0.983

4

3.179

3.184

1.227

4.687

0.16%

0.763

5

3.569

3.534

0.14

20.005

0.98%

0.877

6

4.002

4.015

1.039

5.726

0.32%

0.851

7

4.735

4.698

1.185

1.835

0.78%

0.965

FINITE ELEMENT MODEL

Finite element analysis was performed with the software Displacement Analyser Finite
Element Analysis (DIANA-FEA). Two finite element models were created to analyse the
church by importing the AutoCAD models into DIANA-FEA. One was a full shell model
(created with 2D elements) created for quicker analyses and one was a solid model (created
with primarily 3D and a few 2D elements) for improved accuracy.
For the shell model, the surfaces were defined as regular flat shells in DIANA. The columns
were defined as wire elements. For the solid model, objects were defined in DIANA as regular
solid elements. Both models included a curved shell vault in the chancel and timber rafters for
stiffness and behaviour. The vault is considered a thin shell element, so in DIANA it remained
a shell element in both the shell and solid models.
The properties chosen were based on the Italian building code and commentary, the nondestructive testing explained herein, and Model Code 2010 [1,5,6]. Nonlinear properties were
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chosen based on several sources in the literature [7,8,9]. Material properties were later modified
so that the model matched the dynamic analysis.
Using quadratic mesh order, the mid-side node location was located on shape in order to
keep the nodes within the geometry even when the geometry was curved.
Eight-node quadrilateral isoparametric curved shell elements were used for the shell
elements (CQ40F). The wire elements were defined as Class-III 3D beam elements, which are
curved beam elements with three nodes (CL18B). The solid elements were defined as
quadratic/hexagonal mesh elements (primarily the CHX60 twenty-node isoparametric solid
brick element) [10].
The roof was not geometrically defined in the model. Rather, the roof structure was
considered as a 2 kN/m2 dead load on the walls and the arcades. Supports were defined as fixed
translation in all directions at the base of the walls and columns.
7.1 Updating of the model
Once the model was defined, the next step was to use the results from dynamic identification
(OMA) to update the model through the comparison of the frequencies and modal shapes.
It was seen in the mode shapes of the dynamic testing campaign that the arcade and the walls
were moving together. Therefore, connections between these elements were created. Another
facet of the model that was adjusted was the flexibility (elastic modulus) in the connection
between the tower’s external walls and the west and north facades.
The structural role of the choir slab was not known from initial observations. After
modelling, it was determined that to obtain the diagonal mode of the tower, which has a
frequency between the modes of direction x and direction y, it was necessary to include the
connection of the slab with the tower.
The elastic modulus of the masonry was modified in order to match the values of the
frequencies and the modal shapes from the OMA campaign. Then, a MAC comparison was
also used. The final properties are listed in Table 2 and the four selected mode shapes are
provided in Table 3. Poisson ratio was taken as 0.2, tensile strength as 0.15 MPa, and tensile
fracture energy 8 N/m.
Table 2: Material properties assigned in the finite element model
Material type

Masonry

Concrete Timber

Structural components

Walls of the main
nave, arcade,
columns, vault

Tower external
walls, masonry
tower floor

Elastic modulus (GPa)

1.75

1.4

1

30

0.7

Mass density (kg/m3)

2143

2041

1939

2500

700

Compressive strength (MPa)

2.6

1.8

1.0

-

-

Compressive fracture energy
(N/mm)

4.16

2.88

1.60

-

-
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Table 3: Modal shapes and frequencies of the OMA (ARTeMIS) results and updated FEM

8

OMA Mode 1: 1.73 Hz

OMA Mode 2: 2.68 Hz

OMA Mode 3: 2.83 Hz

OMA Mode 4: 3.18 Hz

FEM Mode 1: 1.73 Hz

FEM Mode 2: 2.68 Hz

FEM Mode 3: 2.89 Hz

FEM Mode 4: 3.04 Hz

STRUCTURAL ANALYSIS

Nonlinear analysis was performed with a pushover analysis of the 3D solid model in the
vertical and horizontal directions.
The first analysis was performed in the vertical direction in order to obtain the maximum
load factor for the gravitational load that the structure can support. The capacity curve is shown
in Figure 6. Different models were created with different values for the variables that define the
nonlinear analysis. Three values for the tensile fracture energy were used, 8, 50 and 1000 N/m.
A model without the slab of the choir was also analysed. Model 1 represents the original model
whose material properties are defined in the previous section. For Model 2 the slab was
removed. Model 3 and Model 4 present higher tensile fracture energy, 50 N/m and 1000 N/m
respectively. The results are similar for all the cases, reaching a maximum value for the load
factor of 2.3 for the original model. It can be observed that for the current state of loading, the
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structure is in the linear range what means that no problems should appear in the structure
related to the materials.
Model 1

2.5

Model 2

Model 3

Model 4

LOAD FACTOR

2

1.5

1

0.5

0

0

5

10

DISPLACEMENTS [MM]

15

Figure 6: Capacity curve of the incremental vertical analysis

Figure 7: Displacements of the incremental vertical analysis

For the horizontal pushover both the transversal and longitudinal axes were analyzed in one
direction. In the case of the transversal direction (X) the church presents a load factor around
0.17 and the capacity curve presents hardening. As expected, in the longitudinal direction (Y)
the structure presents higher capacity and the curve reaches a value of 0.3 with an elastic
behavior. The nonlinear branch presents softening in this case.
The strain graphs for the pushover in X shows concentrations in the base of the columns and
in the connection of the arch of the choir with the lateral wall, see Figure 9. To a lesser extent,
strain also appears in the base of the longitudinal walls.
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X

0.35

Y

0.3

LOAD FACTOR

0.25
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0.15
0.1

0.05

0

0

100

200

DISPLACEMENTS [MM]

300

400

Figure 8: Capacity curves for horizontal pushover

Figure 9: Maximum principal strains E1, x-direction

A different pattern is obtained from the pushover analysis in the y-direction. In this case the
strain concentration is located at the base of the tower and the main façade in the shape of
horizontal lines (Figure 10(a)), as well as in the connection of the tower with the church walls
and in the body of the altar, where the strain pattern is diagonal in the lateral walls and vertical
in the wall perpendicular to the force (Figure 10(b)). This diagonal concentration indicates shear
failure may happen in the chancel under high loading in the y-direction. Maximum strain values
are located in the connection of the arches of the choir with the longitudinal walls.

2063

E. Chaves, E. Key, A. Uplekar, O. Pino, J. Ortega, G. Vasconcelos, E. Poletti

Since northern Portugal has low earthquake risk (reference peak ground acceleration 0.08g,
Portuguese National Annex to Eurocode 8 [11]), it can be concluded that the structure is not
likely to surpass the linear range nor sustain much damage in any ground motion events.

(a)
(b)
Figure 10: Maximum principal strains E1, y-direction (a) front view; (b) rear view

9

CONCLUSION AND RECOMMENDATIONS

The overall state of conservation of the church is good. No major structural deficiencies
were observed. Recommendations include repointing in areas of lost mortar, cleaning of
efflorescence and staining, replacing rotted wood, applying a chemical anti-termite barrier in
walls and altars, improving ventilation, installing a stormwater drainage system, and
performing continued monitoring and maintenance.
The non-destructive tests provided essential information about the conservation states of the
materials and the multitude of tests allowed them to be verified against one another. The tests
also supplied values of material properties for defining the finite element model.
Finite element analysis provided valuable information about the capacity of the church, both
for self weight and horizontal load caused by an earthquake. The vertical loading case raised
no concern for the current state of the church. The horizontal loading cases identified areas of
possible weakness in case of earthquake, but it is noted that the church is unlikely to experience
seriously threatening ground motions.
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Abstract. This paper presents an application of Membrane Equilibrium Analysis (MEA) to a historic
masonry arch railway bridge in Leeds, United Kingdom. This case study structure is representative
of the many masonry arch bridges present on UK and European railway transport networks. It has
been chosen because, since 2016, it has been the subject of a detailed Structural Health Monitoring
(SHM) campaign, making it an ideal candidate against which to test analytic models. Typically, asset
engineers will be responsible for maintaining a large stock of these structures and will lack the time
to perform thorough computational analyses. Therefore, simplified approaches, such as MEA, which
can offer insight into structural behaviour, have the potential to be highly valuable. This study
represents the first step in applying MEA to masonry arch railway bridges.
1 INTRODUCTION
Masonry arch bridges are important features of railway and road transport networks, throughout
the UK and other European countries. However, despite their prevalence, their structural behaviour
under working loads is often not understood in detail. As a result, assessments will typically focus on
collapse loads, which can be predicted using limit analysis. Serviceability conditions may not be
considered directly at all, despite being a driver of structural deterioration.
To address this, asset engineers increasingly prescribe structural health monitoring for their
masonry arch structures. One such case is considered here: a masonry railway bridge in Leeds, UK.
This bridge has a working life of 150 years and carries a range of local passenger, cross-country, and
freight trains. It has experienced historic damage, which was addressed in an intervention in 2015 [1].
Since 2016, two spans, which were the focus of the 2015 remedial works, have been monitored using
a range of sensors. These include a network of fibre-optic Fibre Bragg Gratings (FBGs) to measure
the distribution of in-plane strains across the arches, in both longitudinal and transverse directions
[2].
This sensor network provides detailed measurements of the bridge’s response under its working
loads, making this an ideal case study for investigating the effectiveness of simplified modelling
techniques [3]. One such modelling approach is described here, based on Membrane Equilibrium
Analysis (MEA). In this paper, the modelling approach is developed for an arch bridge, based on a
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typical span from the viaduct case study, and observations are made on the model’s behaviour when
typical working loads are applied. Future work will compare this modelling output in detail against
the FBG measurements and will include cracking and deformation analysis. The equilibrium
solutions produced by MEA, besides being sufficient to prove that the structure is safe, may be used
to assess their possible effect on material deterioration, and can be compared with the crack patterns
detected in the structure.
In order to model the equilibrium problem for this special example of a masonry vault structure,
the unilateral No-Tension (NT) model is applied in this paper. The unilateral model for masonry
appears in the literature around the end of the eighteenth century and in the nineteenth century (see
Moseley [4]). In the twentieth century, this model was described rationally by Heyman in [5].
Considering the application of unilateral models to vaults, recent available literature is extensive.
Our main inspiration come from the work of the school of Salerno, originating in their paper on the
Lumped Stress Method [6], and applied to vaults in the papers by Fraternali et al. [7], Angelillo &
Fortunato [8], Fraternali [9], and recently by Angelillo et al. in [10] and Gesualdo et al. in [11], where
the Membrane Equilibrium Analysis is proposed and applied to some simple cases. We also recall
the pioneering work by O'Dwyer [12], and work by Block [13], Block et al. [14], Vouga et al. [15],
De Goes et al. [16], Block and Lachauer [17], and Miki et al. [18].
MEA can be used as a tool for finding statically admissible stress fields in masonry structures
which can be assumed to exhibit membrane behaviour [10]. Heyman’s NT assumption for masonry
is enforced by ensuring that the stress potential is concave in form. Starting from a potential which
satisfies this constraint and depending on a few parameters, a minimum energy solution for the form
is then obtained, through optimization of the parameters, for different load conditions that include the
dead load and the moving train loads. The forms which are obtained are contained within the thickness
of the arch, even in extreme conditions.
2 DEVELOPMENT OF ANALYTICAL MODEL
2.1 Geometry and equilibrium
A vault can be described by its intrados and extrados surfaces, by the geometry of the filling, and
eventually by the form and dimension of the abutments sustaining the vault.
With the present model, it is assumed that the load applied to the vault is transferred and carried
by a membrane structure S, a surface to which we may think to attach some thickness s. The geometry
of the membrane S is not fixed, in the sense that it can be displaced and distorted, provided that it lays
inside the masonry; see Fig.1, to which we refer for notation. For the surface S a Monge representation
is considered, mapping the position x of points belonging to S in Cartesian coordinates in the reference
shown in Fig.1:
𝒙𝒙 = {𝑥𝑥1 , 𝑥𝑥2 , 𝑓𝑓(𝑥𝑥1 , 𝑥𝑥2 )} , {𝑥𝑥1 , 𝑥𝑥2 } ∈ Ω ,

(1)

𝛺𝛺 being a two-dimensional connected domain, called the planform of S, whose boundary 𝜕𝜕Ω, of outer
normal n, is composed of a finite number of closed curves; {𝑥𝑥1 , 𝑥𝑥2 } . By adopting the Monge
description, the curvilinear coordinates on S, are the Cartesian coordinates of points of S in the
planform Ω; 𝑥𝑥3 = 𝑓𝑓(𝑥𝑥1 , 𝑥𝑥2 ) is the rise of the membrane, and we assume: 𝑓𝑓 ∈ 𝐶𝐶 𝑜𝑜 (Ω) – that is to say
that the surface S, which we consider, is continuous but not necessarily smooth.
An efficient way to describe membrane equilibrium of a thin shell under a load 𝑞𝑞 is the formulation
by Pucher [19]. Pucher analysis is based on the introduction of the projected stress components, in
terms of which two of the three balance equations can be made independent of the membrane shape.
The main notation and the Pucher formulation of the equilibrium problem for a membrane, as used
here, have been derived using a Differential Geometry approach. The natural and dual base vectors
follow from this, and covariant and contravariant tensor components can also be considered. This
Differential Geometry approach is especially helpful when converting the projected stress
components into physical generalized stress components on the membrane surface.
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Figure 1: Membrane inside the vault and surface stresses

The projected (Pucher) stress components (see Fig.1) are easily defined in terms of the
contravariant components 𝑇𝑇 𝛼𝛼𝛼𝛼 of the generalized membrane stress: 𝑆𝑆𝛼𝛼𝛼𝛼 = 𝐽𝐽𝑇𝑇 𝛼𝛼𝛼𝛼 , 𝐽𝐽 being the ratio
between the surface area and the projected area. In terms of Pucher stress components, the vector
equilibrium equation, projected into the non-orthonormal base {𝒆𝒆1 , 𝒆𝒆2 , 𝒎𝒎 = 𝒂𝒂3 }, m being the unit
normal to S, becomes:
𝑆𝑆11,1 + 𝑆𝑆12,2 + 𝑝𝑝1 = 0, 𝑆𝑆21,1 + 𝑆𝑆22,2 + 𝑝𝑝2 = 0, 𝑆𝑆𝛼𝛼𝛼𝛼 𝑓𝑓,𝛼𝛼𝛼𝛼 − 𝑝𝑝𝛾𝛾 𝑓𝑓,𝛾𝛾 + 𝑝𝑝3 = 0 ,

(2)

𝑆𝑆11 = 𝐹𝐹,22 , 𝑆𝑆22 = 𝐹𝐹,11 , 𝑆𝑆12 = 𝑆𝑆21 = −𝐹𝐹,12 .

(3)

where 𝒑𝒑 = 𝐽𝐽𝒒𝒒 is the load per unit projected area, and {𝑝𝑝1 , 𝑝𝑝2 , 𝑝𝑝3 } are the Cartesian components of 𝒑𝒑
in the given reference. By using the projected stress, the first two equilibrium equations do not depend
on the membrane shape and are the same as for the plane stress problem. In the case of pure vertical
loading, say 𝒑𝒑 = {0,0, −𝑝𝑝}, the first two equations may be solved introducing an Airy stress potential
𝐹𝐹(𝑥𝑥1 , 𝑥𝑥2 ) – that here we only assume to be continuous – in the form:
The third equation of transverse equilibrium expresses the balance of the vertical component of
the force 𝑝𝑝3 = −𝑝𝑝 with the scalar product of the Pucher stress matrix times the Hessian of the
function f. This Hessian matrix is formed by the covariant components of the curvature tensor of the
surface. On introducing the Airy stress potential into this equation, we have

2.2 Unilateral membranes

𝐹𝐹,22 𝑓𝑓,11 + 𝐹𝐹,11 𝑓𝑓,22 − 2𝐹𝐹,12 𝑓𝑓,12 = 𝑝𝑝.

(4)

A rigid No-Tension (NT) material in the sense of Heyman is assumed, so that the following
material restrictions are imposed: the generalized stress T is negative semi-definite and does no work
for the corresponding strain E, that is positive semi-definite:
𝑻𝑻 ∈ 𝑆𝑆𝑆𝑆𝑚𝑚−

,

𝑬𝑬 ∈ 𝑆𝑆𝑆𝑆𝑚𝑚+

,

𝑻𝑻 ⋅ 𝑬𝑬 = 0.

(5)

The first application of Pucher’s transformation for NT masonry vaults can be found in Angelillo
and Fortunato [8], where it is shown that, due to the NT constraint, both the surface generalized stress
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and the matrix of the projected stresses must be negative semi-definite. In terms of the stress function
F, this condition can be written as:

hence, 𝐹𝐹(𝑥𝑥1 , 𝑥𝑥2 ) is concave.

𝐹𝐹,11 + 𝐹𝐹,22 ≤ 0, 𝐹𝐹,11 𝐹𝐹,22 − 𝐹𝐹,12 2 ≥ 0 ,

(6)

2.3 Singular stress and equilibrium
If F is only continuous, it may present folds. In this case the projected stress is a line Dirac delta
with support along the projection Γ of the fold. The Hessian H of F is singular transversely to Γ,
namely it has a uniaxial singular part parallel to the unit vector h normal to Γ. Correspondingly the
directional derivative of F in the direction of h, called 𝐹𝐹ℎ , presents a jump. Therefore, the singular
part of the Hessian H of F can be written as:
𝑯𝑯𝑠𝑠 = 𝛿𝛿(𝛤𝛤)𝛥𝛥𝐹𝐹ℎ 𝒉𝒉 ⊗ 𝒉𝒉,

(7)

𝑺𝑺𝑠𝑠 = 𝛿𝛿(𝛤𝛤)𝛥𝛥𝐹𝐹ℎ 𝒌𝒌 ⊗ 𝒌𝒌 ,

(8)

𝛿𝛿(𝛤𝛤) being the unit line Dirac delta on Γ and 𝛥𝛥𝐹𝐹ℎ the jump of slope along the direction 𝒉𝒉. Therefore,
the corresponding projected stress (8) has also a singular part, a line Dirac delta on Γ:
where k is the unit vector tangent to Γ. The concavity of 𝐹𝐹 implies the concavity of the fold whose
projection in the planform is Γ. Then 𝛥𝛥𝐹𝐹ℎ is negative and the corresponding projected singular stress
concentrated on Γ is compressive.
In case there is a stress singularity along a line Γ, the equilibrium equation (4),
𝐹𝐹,22 𝑓𝑓,11 + 𝐹𝐹,11 𝑓𝑓,22 − 2𝐹𝐹,12 𝑓𝑓,12 = 𝑝𝑝,

on that line must be reinterpreted in a weak sense. The main conclusion is that if there is a fold in the
stress potential, this gives a concentrated term in the transverse equilibrium equation that, in the
absence of any concentrated load p, must be compensated by another concentrated term. Due to the
structure of the equation, this compensation term can only be given by an analogous concentrated
term, arising from a fold in the surface whose projection must be the same line Γ. Since the stress
potential is concave, the two concentrated terms can cancel each other only if the Hessian of the
surface along the fold is an indefinite matrix (that is the two principal values of it have different
signs).
2.4 Boundary conditions
Assuming that the shape of the membrane is given, the equilibrium problem for the unilateral
membrane S, under pure vertical loading, consists in finding a concave stress function 𝐹𝐹(𝑥𝑥1 , 𝑥𝑥2 )
satisfying equation (9), with the boundary conditions:
𝐹𝐹(𝑥𝑥1 , 𝑥𝑥2 ) = 𝑔𝑔(𝑥𝑥1 , 𝑥𝑥2 )

or

𝑑𝑑𝑑𝑑 ⁄𝑑𝑑𝑑𝑑 = ℎ(𝑥𝑥1 , 𝑥𝑥2 )

on ∂Ω

(9)

being 𝑔𝑔(𝑥𝑥1 , 𝑥𝑥2 ) and ℎ(𝑥𝑥1 , 𝑥𝑥2 ) the contact internal moment and axial force produced by the allied
tractions, on a beam structure having the same shape as 𝜕𝜕𝛺𝛺.
Notice that the second order differential equation (4) can be elliptic, parabolic or hyperbolic,
depending on the sign of the coefficients, that is whether the shape is locally strictly convex (or
concave) or not. If there are regions where the equation is hyperbolic, the characteristics of the
equation are real and formulating the problem as a boundary value problem may become impossible.
Since the equilibrium problem is perfectly symmetrical with respect to the two functions
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𝐹𝐹(𝑥𝑥1 , 𝑥𝑥2 ), 𝑓𝑓(𝑥𝑥1 , 𝑥𝑥2 ), we may switch the roles of unknowns and data, thinking that the stress, or
similarly the stress potential, is given, and that the shape is unknown. The shape can then be found
by solving the second order differential equation (4) with the boundary conditions:
𝑓𝑓(𝑥𝑥1 , 𝑥𝑥2 ) = 𝑓𝑓°(𝑥𝑥1 , 𝑥𝑥2 ) ,

on ∂Ω

(10)

𝑓𝑓°(𝑥𝑥1 , 𝑥𝑥2 ) being the boundary values of the membrane surface. In this case the equation may become
at most parabolic, since, due to the No-Tension constraint, the stress potential must be concave.

3 ANALYSIS OF RAILWAY BRIDGE
3.1 Typical span geometry

(a)

(b)

Figure 2: Schematic section of the bridge (a) and a prospective view of the vault structure (b)

Our case study is a masonry railway viaduct in Leeds, UK. This bridge has a working life of 150
years and carries a range of local passenger, cross-country, and freight trains. It has experienced
historic damage, which was addressed in an intervention in 2015. Since 2016, it has been monitored
using a range of sensors, including a network of fibre-optic Fibre Bragg Gratings (FBGs) to measure
the distribution of in-plane strains across the intrados of arches showing notable damage [2].
A schematic section of the bridge is reported in Fig.2a. In Fig.2b a prospective view of the vault
structure is depicted. The structure of it is a barrel vault made of bricks sustained by two transverse
walls, carrying the dead load of the filling and of the ballast, and the moving load of the trains. The
filling is confined by two spandrel walls made of bricks. The main geometrical parameters introduced
in Fig.1a have the following values:
𝑏𝑏 = 8.00 𝑚𝑚; 𝑙𝑙 = 7.70 𝑚𝑚; 𝑠𝑠𝑎𝑎 = 0.50 𝑚𝑚; 𝑠𝑠𝑏𝑏 = 0.30 𝑚𝑚;
ℎ𝑓𝑓 = 3.05 𝑚𝑚; ℎ𝑏𝑏 = ℎ𝑓𝑓 + 𝑠𝑠𝑏𝑏 ; ℎ𝑖𝑖 = 1.55 𝑚𝑚; ℎ𝑒𝑒 = ℎ𝑖𝑖 + 𝑠𝑠𝑎𝑎 .

3.2 Self-weight and train loads

For the train load we consider, for each train, a total weight 𝑔𝑔𝑡𝑡 = 327.5𝑘𝑘𝑁𝑁, distributed over a
small area by considering an exponential distribution (see Fig.3). For the material densities and the
gravity acceleration we consider:
𝜌𝜌𝑎𝑎 = 1500𝑘𝑘𝑘𝑘/𝑚𝑚3 , 𝜌𝜌𝑓𝑓 = 1800𝑘𝑘𝑘𝑘/𝑚𝑚3 , 𝜌𝜌𝑏𝑏 = 1600𝑘𝑘𝑘𝑘/𝑚𝑚3 , 𝑔𝑔 = 9.81𝑚𝑚/𝑠𝑠 2 .

3.3 Solution (two trains passing on the bridge span)

In this study, we assign a form to the stress potential, which depends on a few parameters, and
look for the equilibrium solution for the shape by parametrically solving equation (4). If we consider
an elementary arch-like solution, recalling that the projected stress is uniaxial and constant in the
direction 𝑥𝑥1 , the surface which solves the differential equation is a catenary of the load depending on
a single parameter: the thrust per unit length. Due to the effect of the intensely localized loads, i.e.
the trains, such a surface is not easily fitted inside the intrados and extrados surfaces of the vault and
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a four cylindrical-hinge mechanism may be created. The idea here is to consider a biaxial stress
regime for the projected stresses which is constant and directed as the Cartesian axes 𝑥𝑥1 , 𝑥𝑥2 and
depends on two parameters: the intensity of the normal stress in the 𝑥𝑥1 direction and the ratio between
the normal stresses in the 𝑥𝑥2 , 𝑥𝑥1 directions.

Fig.3: Load profile representing the effect on the membrane of the dead load and the moving load. The moving load due
to the train is considered here applied at mid span on both the railways.

Since the two sides of the barrel vault parallel to the 𝑥𝑥1 direction are traction free, the 𝑥𝑥2 component
of the projected normal stress cannot go all the way to the boundary. To take this transverse
component and bring it to the abutments we consider that such forces are taken by a 1D structure
forming an arch in the planform (see Fig.4).

Fig.4: Projected stresses in the planform. The stress is constant and biaxial in the directions of the axes. The jump of the
stress across the two curved lines is balanced by a concentrated axial stress acting along them.

To construct this arch and, at the same time, deriving the concentrated axial force along the arch
itself, we cut the Airy stress function associated with these stresses, using two symmetric slanted
planes, as shown in Fig.5. These planes, parallel to the 𝑥𝑥1 direction, are defined by their height H at
the origin.
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(a)

(b)

Fig.5: One of the two symmetric planes intersecting the stress function (a) and intersection of the Airy stress function
with the two planes (b).

The Airy stress function associated with the biaxial stress regime depicted in Fig. 6 is defined as
follows
𝜎𝜎

𝐹𝐹 = ([𝑏𝑏 2 − 4𝑥𝑥22 ] + 𝛼𝛼[𝑙𝑙 2 − 4𝑥𝑥12 ]),
8

(11)

𝜎𝜎 and 𝛼𝛼 are two parameters, the first controlling the intensity of the stress and the second controlling
the ratio between the two normal stress components. By intersecting this stress potential with the two
planes, we obtain two plane curves whose projections on the planform give the two 1D arch structures
on which the axial force is attached. These two arches also define the domain 𝛺𝛺 (see Fig.6) on which
the differential equation is solved.

Fig.6: Domain where the transverse equilibrium equation is solved numerically.

We numerically solve the second order (elliptic) differential equation (4) by employing tools in
the Wolfram Program Mathematica (see [20]), for finite element solution. We define 𝑓𝑓𝑚𝑚 , a convenient
reference surface contained inside the vault, and choose it to be 10% of the thickness (5 cm) above
the intrados surface (see Fig.7). In this way, we can consider the thickness of the thrust surface to be
10 cm.
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Fig.7: Bridge geometry, axial section.

By using the Finite Element tool in Mathematica, the equation is solved parametrically for the
shape 𝑓𝑓 with respect to the parameters 𝜎𝜎, 𝛼𝛼, 𝐻𝐻, by considering the Dirichelet data for 𝑓𝑓:
𝑓𝑓(𝑥𝑥1 , 𝑥𝑥2 ) = 𝑓𝑓𝑚𝑚 (𝑥𝑥1 , 𝑥𝑥2 ), ∀(𝑥𝑥1 , 𝑥𝑥2 ) ∈ 𝜕𝜕Ω .

(12)

𝐼𝐼 = 1/𝑎𝑎𝑎𝑎(𝛺𝛺) ∫Ω (𝑓𝑓(𝜎𝜎, 𝛼𝛼, 𝐻𝐻) − 𝑓𝑓𝑚𝑚 )2 𝑑𝑑𝑥𝑥1 𝑑𝑑𝑥𝑥2 ,

(13)

Finally, the parameters 𝜎𝜎, 𝛼𝛼, 𝐻𝐻 are optimized by minimizing the objective function

that is the Mean Square Deviation of the shape 𝑓𝑓 from the shape 𝑓𝑓𝑚𝑚 .
The optimized solution, obtained under the loads shown in Fig.3, is shown in Fig.8. It is worth
noting that, when considering the axial section at mid-height (𝑥𝑥1 direction, see Fig. 8.b), where the
thrust surface is 10 cm from the extrados, the membrane is actually located within the arch thickness
(highlighted in orange color in Fig. 8).

(a)

(b)

Fig.8: Thrust surface obtained through optimization inside the bridge geometry: perspective view (a) and axial section
at mid-height in 𝑥𝑥1 direction (b).

This solution gives two constant projected stresses in the 𝑥𝑥1 , 𝑥𝑥2 directions: 𝜎𝜎1 = 763 𝑘𝑘𝑘𝑘/𝑚𝑚 and
𝜎𝜎2 = 82 𝑘𝑘𝑘𝑘/𝑚𝑚. Considering a thickness of 10 cm, the acting stress inside the arch is 7.6 MPa, which
is below the allowable compressive strength of the bricks. The thrust at the four corners of the two
arches, 𝑅𝑅 = 649 𝑘𝑘𝑘𝑘, is inclined at the tangent to the arches at those points. The values of these thrust
components in the directions 𝑥𝑥1 , 𝑥𝑥2 are, respectively, 𝑅𝑅1 = 568 𝑘𝑘𝑘𝑘 and 𝑅𝑅2 = 314 𝑘𝑘𝑘𝑘. Note that this
is one feasible solution, but further optimization could reduce these forces.

3.4 Solution (one train passing on the bridge span)

Now we consider, in addition to the dead load, the weight of a single train on one side of the
bridge (see Fig. 9).
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Fig.9: Load profile representing the effect on the membrane of the dead load and the moving load. The moving load
due to the train is considered here applied at mid span on one railway.

The optimized solution under the load shown in Fig.9, is shown in Fig.10.

(a)

(b)

Fig.10: Thrust surface obtained through optimization inside the bridge geometry: perspective view (a) and axial section
at mid-height in 𝑥𝑥1 direction (b).

For the load due to a single train, we obtain a similar shape of the thrust surface at a similar
distance from the extrados. However, now the solution gives two constant projected stresses in the
𝑥𝑥1 , 𝑥𝑥2 directions: 𝜎𝜎1 = 598 𝑘𝑘𝑘𝑘/𝑚𝑚 and 𝜎𝜎2 = 64 𝑘𝑘𝑘𝑘/𝑚𝑚. Considering the same thickness of 10 cm,
the acting stress inside the arch is now 6.0 MPa, and the thrust at the four corners of the two arches,
𝑅𝑅 = 509 𝑘𝑘𝑘𝑘, is inclined at the tangent to the arches at those points. The values of these thrust
components in the directions 𝑥𝑥1 , 𝑥𝑥2 are, respectively, 𝑅𝑅1 = 446 𝑘𝑘𝑘𝑘 and 𝑅𝑅2 = 246 𝑘𝑘𝑘𝑘.

4 FINAL REMARKS

Analyzing these two solutions, which characterize typical working conditions for this bridge, we
observe that, for the same load profile, we can obtain a class of solutions by changing the distance of
the reference surface 𝑓𝑓𝑚𝑚 and, consequently, the thickness of the membrane. By increasing this
distance, we will certainly find greater projected tensions 𝜎𝜎1 and 𝜎𝜎2 but the consequent increase in
thickness will give us lower stresses inside the arch.
Future development might include investigation of the optimum 𝑓𝑓𝑚𝑚 , that gives the true proportion
between the position of 𝑓𝑓𝑚𝑚 , the consequent thickness of the membrane, and the stress inside the arch.
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Abstract.
Historical masonry structures are characterised by a high level of seismic vulnerability, as
demonstrated by recent and past seismic events. Monumental buildings, in particular, represent
a very challenging topic. Their morphological evolution, characterised by transformations,
aggregations and modifications developed over the centuries, have given rise to very complex
structures that should be considered as structural aggregates rather than single buildings. The
present paper briefly summarises the assessment of the structural performance of the
monumental complex of the Certosa di Calci (Italy), by applying an in-depth multi-level and
multi-disciplinary approach. The morphological evolution of the aggregate was studied by
means of critical historical analysis enabling the identification of the structural units
composing it. The complex was, besides, subjected to in-situ survey campaigns allowing an
adequate knowledge level. Reliable FEM models were elaborated, and non-linear static
pushover analyses were performed. The single structural units were initially studied as isolated
buildings and then combined evaluating the influence of the in-aggregate behaviour on the
overall structural response. Pushover analyses were performed for each evolution
configuration, allowing results in terms of capacity curves, load factors and damage
distribution. The methodology presented, although used for a specific case study, can be
extended to other constructions characterised by similar complexity and features.
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1 INTRODUCTION
Masonry structures represent the most widespread existing constructive typology in the
European cultural heritage. Seismic events recently occurred evidenced the high seismic
vulnerability of historical buildings, highlighting the need for detailed research on their structural
response [1, 2]. Among masonry constructions, monumental buildings represent a particularly
challenging issue. These structures are characterised by a complex constructive genesis, where
the transformations occurred over the centuries determine the coexistence of portions belonging
to different ages. Those portions are not always easily recognisable and are often characterised
by different construction techniques and by the lack of adequate connections [3]. Many
monumental buildings should be considered as structural aggregates rather than as single
buildings [4], composed by several Structural Units (SU) not necessarily working together in a
global way [5]. To achieve reliable results from structural assessment, deep and accurate
investigations are needed, based on detailed knowledge of their history and construction features
[6-8]. A sufficient knowledge should be achieved on the base of a well-organised historical
analysis able to reconstruct the actual morphology and accounting for the past transformations
[9]. Besides, the intrinsic nature of the aggregate requires a detailed identification of its SUs in
order to stablish a realistic decomposition into elementary cells mutually interacting [10, 11].
The present paper focuses on the investigation of the structural seismic behaviour of a portion
of the Certosa di Calci monumental complex (Tuscany, Italy). An accurate multidisciplinary
knowledge analysis [12, 13] was carried out to reconstruct the structural evolution of the aggregate.
Criteria to subdivide the complex into SUs were envisaged accounting for the realisation period and
the different morphology of structural components [14-18]. Relevant SUs were then modelled using
the FEM approach to perform non-linear seismic analyses. The pushover analyses allowed a prompt
and relatively easy characterisation of the structural behaviour and seismic capacity. A critical
review of the mutual interaction between SUs is obviously needed since the morphological
evolution and the historical transformations lead to a complex mechanical collaboration among the
different units constituting the aggregate. The numerical model, with all the simplifications and
assumptions required, represents a useful tool to assess the reliability of the adopted subdivision
criteria. The capacity curves and damage predicted by the numerical model allows an accurate
investigation and understanding of the structural behaviour of the aggregates taking into account
their construction complexity. For this purpose, the elementary cells were firstly analysed as single
buildings and then progressively connected with other cells to account for the aggregate
morphology. Pushover analyses were thus performed in different configurations, based on the
information derived from the historical analysis, in order to evaluate the influence of the interaction
between SUs on the overall structural response.
2 HISTORICAL EVOLUTION OF THE MONUMENTAL COMPLEX
The Certosa di Calci monumental complex (Figure 1a) is located in Calci, few kilometres
far from Pisa, in a strategic position in the South-Western foothill of the Monte Pisano. Benefit
from the inheritance of a rich merchant of Pisa and of other private donations, the building
process of the monastic complex officially started in 1366. At the beginning, the construction
works proceeded fast, allowing the settlement of the first religious family only two years after
the foundation. Despite that, the conclusion of the original nucleus, provided with all the spaces
essential for the monks’ life, could be attested only in the last decade of 14th century.

2077

Silvia Caprili, Irene Puncello, Pere Roca

a)

b)

Figure 1: a) View of the Certosa di Calci. Photo by courtesy of Guglielmo Giambartolomei; b) plan of the 1st
level of the complex with identification of the macro-constructive phases according to the legend.

The building process slowly continued in the 15th and 16th centuries, mostly through local
interventions (e.g. addition of porticoes and stairways) and restorations aimed to give a more
‘monumental’ appearance to the complex. Between the end of the 16th century and the second half
of the 17th century, more impactful works were performed including a one-floor addition over
most of the first nucleus, important transformations in the main cloister, in the cells and in the
cloister on the right of the church, and some additional modifications in the front building (Figure
1b). Nevertheless, the biggest transformations involving Certosa di Calci took place at the end of
the 18th century, when the structure was considerably enlarged on the northern side, the façade on
the courtyard was completed with the addition of the block on the southern corner and several
other modifications were realised [19, 20] bringing the building to the current appearance.
3 CERTOSA DI CALCI: STATE OF THE ART
3.1 General description of the building complex
Nowadays, the monumental complex of Certosa di Calci shows an irregular shape, the result
of the non-homogeneous genesis and of the gradual additions of units to the original nucleus
previously mentioned. The different SUs composing the aggregate generally develop on two or
three floors, according not only to the importance of the housed function, but also to their
position, since the ground level is uphill towards the main cloister.
The different portions are distributed around seven courts (Figure 2), including the main
courtyard facing the Church, two little cloisters on its right (i.e. ‘chiostro del capitolo’ and
‘chiostro della foresteria’), three gardens/courts on its left and the main cloister. All the cloisters
are surrounded by vaulted porticoes, while continuous façades mainly frame gardens and courts.
On the front of the complex, limiting the main courtyard on the East side, the building known

2078

Silvia Caprili, Irene Puncello, Pere Roca

as ‘Case Basse’ is located. It developed through subsequent additions to the original surrounding
wall and is characterised by a large longitudinal extension with significant structural complexity
mainly at the ground floor. The North side of the main court is closed by a two-level block which
continues towards the garden and slightly changes its orientation following the sloping ground.
Next to the above-mentioned courtyard there is another small court, delimited on the northern
side by a quite regular building once housing the barn. The central wing of the monumental
complex is composed of several blocks, mainly developed on three levels and organised around
four open spaces with the church as central fulcrum. The main cloister shows six cells on the
northern and southern side and three cells on the western ones; each cell has its own garden and
presents a main squared two-level body and a rectangular one-level body added in the back. The
Prior’s cell is the only showing higher dimensions and more refined architectural elements.

Figure 2: Plan of the first level of the monumental complex with identification of representative areas.

Different functional activities are housed inside the Certosa: offices of employees of the Pisa
University are spread in different areas, mostly on the 2nd and 3rd floor, while the first two levels on
the left of the church host museum spaces. Part of the block on the front of the main courtyard is
managed by the Superintendence of Cultural Heritage, as well as part of the 1st floor on the right of
the church that is devoted to tourist visits; the cells in the main cloister are mostly used as storages
or unused. Due to the large dimensions and to the high heterogeneity of the complex, the in-situ
surveys and the following numerical analyses focused on the southern portion marked in Figure 2.
This area is one of the most ancient and most articulated due to its highly stratified genesis.
3.2 Geometrical and structural survey
With the cooperation of other research groups of Pisa University, the geometry of the
selected area was investigated by means of direct and indirect measurements. The latter ones
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were performed through Terrestrial Laser Scanner, able in measuring the position of a great
amount of points (the so-called ‘point cloud model’), later elaborated in CAD environment to
produce plans and sections of all the floors with a high level of accuracy.
An extensive in-situ survey campaign was performed to deeply analyse the current structural
condition. Investigations were planned to determine the geometry of structural elements, to
define the consistency of walls, vaults and horizontal storeys as well as the connections among
different bearing components. Different typologies of vaulted surfaces (e.g. groin, barrel and
mirror vaults, some of them with lunettes), with average height between 5 and 6 m, were
surveyed in the first two floors. On the contrary, the last level mostly presented wooden storeys
with interstorey height equal to about 3-4 m.
The in-situ investigations were spread homogenously around the analysed area achieving a
consistent knowledge level, focusing where evident critical points or possible discontinuities
were highlighted by the historical analysis (Figure 3). Concerning vertical bearing structures,
the textures were analysed by the removal of 50x50 cm plaster portions, with attention to the
eventual presence of paintings to be protected. Afterwards, endoscopic investigations aiming
to check the inner morphology (e.g. presence of cavities, different adjacent walls, etc.) were
performed. Six typologies of masonry pattern were classified. In turn, a general lack of suitable
connections between perpendicular walls was observed. No relevant correspondence among the
masonry typologies and the historical construction periods was found.

a)

b)

Figure 3: Plans of the first level of the selected area representing: a) the identification of the
morphological evolution b) the survey of the masonry typologies.
Plaster removals and endoscopic investigations were also used for the analysis of vaulted
surfaces, determining the material composing the load-bearing part, its thickness, the size and
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typology of the filling layers. Concerning horizontal storeys, the direct survey was used to
determine the size of structural bearing elements and the upper stratigraphy needed to evaluate
the resulting permanent loads and masses. In the case of the roof structure, consisting in timber
trusses with joists directly supporting the roof covering, inspections were performed only in the
accessible areas; consequently, the level of maintenance of the material was assessed thanks to
specialised technologists. The survey of the cracking scenario and of the deformation pattern
was besides completed both on vertical and horizontal structures; visual inspections and, where
needed, removal of plaster portions were performed with the aim of identifying possible local
mechanisms, settlement movement or structural deficiency to be in-depth analysed.
3.3 Material properties
For the masonry mechanical properties, values suggested by the current scientific literature
were adopted due to the lack of experimental tests results. The masonry textures identified
through the in-situ surveys were divided into two macro-categories, correspondent to the
‘Muratura in pietrame disordinata’ and ‘Muratura in mattoni pieni e malta di calce’ of the
table C8.5.I of the Italian Design Code ‘Circolare applicativa’ [21]. The latter one was adopted
also for the vaults, while for the material of the columns, identified as serena stone, the values
proposed in [22, 23] were accounted for. Table 1 summarises the adopted material properties.
A specific investigation of the state of maintenance of the iron tie-rods was performed
including experimental tests to assess the effective value of tensile strains characterising each
element. Concerning timber structures, and as suggested by the results of the in-situ survey, fir
wood was considered with an elastic modulus equal to 9500 N/mm2. Due to the observed
maintenance problems and to the lack of specific experimental tests, the most unfavourable fir
wood class (S3) according to CNR-DT 206/2007 [24] has been adopted.
Table 1: Mechanical properties of the masonry materials

Masonry typology
Uneven masonry
Masonry composed
of solid brick and
lime mortar
Serena stone

General properties
E
Poisson
w

Tensile properties
ft
Gf
ft res

N/mm2

-

kN/m3

N/mm2

690

0.2

19

0.05

1200

0.2

18

0.13

1581000

0.2

26.5

5

N/mm

N/mm2

Compressive properties
fc
Gf
fc res
N/mm2

N/mm

N/mm2

0.0050 0.005

1

1.60

0.1

0.0097 0.013

2.6

4.16

0.26

0.1253

100

160.00

10

0.5

4 NUMERICAL MODELLING AND STRUCTURAL ANALYSIS
4.1 General approach adopted for modelling
To assess its structural performance, the selected portion of the Certosa di Calci was firstly
disaggregated into its SUs, analysed separately and later re-assembled aiming to understand the
effects of mutual interaction of the SUs due to the ‘in-aggregate’ behaviour. At the moment, only
the two limit conditions have been considered, consisting of lack of connection and full connection.
The real connection condition may be in fact an intermediate case between these two extremes.
The determination of the SUs took into account several parameters, including the historical
constructive period, the variation of the interstorey height and corresponding alignments among
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portions, the vertical disposition of bearing masonry walls and thickness’ changes, the typology
of roof structures, the technological system adopted and, finally, the masonry typology
determined through in-situ surveys [12, 17, 18].

a)

b)

Figure 4: a) tag adopted for the different structural units identified inside the aggregate and indication of the
reference system; b) 3D model showing the structural units so far analysed.

Due to the heterogeneity and complexity of the buildings investigated, it was almost
impossible to achieve - even within each single SU - a perfect categorization according the listed
parameters without reaching an excessive subdivision that would be not really representative of
the effective structural behaviour. The pursuing of an ‘overall’ homogeneity was then preferred,
based on the knowledge of the building reached thanks to in-situ surveys. This choice led to the
identification of at least seven different SUs in the considered area, as represented in Figure 4a.
So far, only the three SUs represented in Figure 4b were analysed. Considering the
differences among them, the two units SU_A and SU_B should belong to the same historical
period, even if the construction may not be exactly contemporary as suggested by a structural
discontinuity identified in the ground floor. Moreover, SU_B is characterised by the presence of
a double volume and its separation from SU_A is marked by a partial wall discontinuity. In turn,
SU_D is characterised by lesser homogeneity in the structural features, compared to SU_A, and
by a strongly different spatial orientation. The separation between the two SUs is also marked
by a different global height and by distinct roof structures.
4.2 Numerical model
A Finite Element Model (FEM) was built by means of the non-linear analysis software
DIANA FEA [25]. For all the considered SUs, the same approaches were adopted.
Vaulted surfaces and horizontal floors were modelled as equivalent two-dimensional plane
elements [26, 27] by using hexi-quadratic shell elements with eight (CQ40S) and six nodes
(CT30S). The same typologies of elements were used to model also masonry walls, while threenode three-dimensional class-III beam elements (CL18B) were adopted for arches. Two-node
enhanced-truss element (L6TRU) were used for ties and one-node point masses (PT3T) were
employed to simulate the load distribution acting on walls in the case of beam-framed floors.
The mesh size varied in proportion with the smallest dimension of each element, with a medium
size of 50 cm. Since no specific investigations were performed concerning the foundation
system and the soil typology, vertical elements were fully restrained at the base.
For the constitutive model of masonry, the Total Strain Rotating Crack Model [25] was used,
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able to describe the nonlinear properties of the materials by assuming exponential softening in
tension and parabolic hardening followed by softening in compression. The value of the tensile
strength, where not directly provided by experimental tests or literature, was evaluated
according to suggestions provided by [26, 27], starting from the compressive strength value.
The compressive and tensile fracture energy, needed as input parameter in the numerical model,
were determined according to [27, 28]. For wooden floors and vaulted structures, a linear elastic
orthotropic material model was assumed. The mechanical characteristics were determined
according to the principles of equivalence in axial stiffness [29, 30]. For steel components, a
linear elastic material model was adopted.

a)

b)

c)

d)

Figure 5: FEM model of Structural Unit SU_A, SU_B, SU_D, SU_A+B+D, respectively in a, b, c and d.

4.3 Non-linear static analysis: methods and first results
The seismic performance of the structural aggregate was analysed by means of nonlinear static
analysis. While keeping constant the gravity loads, monotonically increasing horizontal forces,
proportional to the mass of the structure, were applied.
Each of the modelled ‘single’ SUs was analysed separately by investigating the failure
modalities and the maximum capacity achieved in terms of acceleration (or base shear force)
and displacement. The single-unit analysis allowed an understanding of the individual
performance of each portion, including phenomena that would not have been detected if only
a global analysis of the entire aggregate had been performed (i.e. local failures, cracking and
activation of out-of-plane phenomena of single walls).

a)

b)

Figure 6: Pushover results for the +x direction: a) tensile strain distribution and b) capacity curve.

As an example, Figure 6a shows the damage distribution due to an out-of-plane local
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mechanism for pushover analysis in +x direction on the structural unit SU_B (Figure 4) composed
by a double volume. Figure 6b shows the corresponding capacity curve. The same procedure was
repeated for all the considered SUs.

Figure 7: Pushover results in terms of capacity curve for the +x direction (a) and for the +y direction (b), and
selected control points.

After analysing the units as isolated buildings, the different portions were progressively
connected to each other with the aim of investigating the resulting behaviour due to the “inaggregate” performance. So far, the adopted procedure has allowed to investigate, for the Certosa
monumental complex, the following situations: the connection of two units with very different
size and the connection of two units with very different shape. In the former case - SU_A and
SU_B - the units were characterised by different capacity related primarily to their dimensions
but also to some local phenomena influencing on their performance. In the aggregate
configuration, the capacity in +y and -y direction was approximately the same as for the larger
unit. Less predictable was the result in +x and -x since the aggregate showed a rather higher
capacity than the bigger unit. The smaller unit in fact, despite its limited dimension, was able to
mitigate a short pillar effect which was affecting the capacity of the other unit in the isolated
configuration. This local phenomenon took place near the connection among the two structures,
in a wall of the larger unit which continues in the other one. Consequently, due to the particular
location of the local phenomenon, including the smaller unit had a beneficial effect and increased
the global capacity.
In the second analysed case - SU_A+B and SU_D - the two units considered as isolated were
characterised by higher structural performance in opposite directions due to the very different
shape with subsequent different stiffness and resistance. The aggregate configuration revealed, in
all the directions, an intermediate capacity among those units analysed as single buildings. Due
to their similar dimension, none of the two units was thus able in determining the structural
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performance of the aggregate. However, they mutually improved their capacity along the
respective weakest directions. This result has been useful also to prove that in these two units the
behaviour is not determined by local failures, as otherwise any increment of the global
performance would have been hindered by them.
Figure 8 shows the comparison among damage distribution in different SU configurations
for comparable accelerations. Cracks development in the connection between the two units can
be noticed. Generally, differences in the damage distribution in proximity with the connection
area were detected only when the pushover direction was parallel to the connecting surface.

a)

b)

Figure 8: Difference in tensile strain distribution among the structural aggregate composed by SU_A+B (a) and
the ones composed by SU_A+B+D (b)

5 CONCLUSIONS AND FUTURE WORKS
The structural assessment of a portion of the monumental historical building Certosa di Calci
was performed by means of numerical nonlinear static analyses. Due to the high complexity
and heterogeneity of the aggregate which included various structural units characterised by
different floors and roofs, masonry typologies, material properties and construction periods, the
resulting performance of the complex is strongly dependent on the behaviour of the SUs
constituting it. The interaction phenomena arising from the combination of the SUs were
investigated through the analysis of different historical configurations with increasing
complexity. The structural assessment was preceded by a deep multidisciplinary investigation
allowing an adequate level of knowledge of the aggregate.
Different SUs were identified and ‘extracted’ from the monumental complex and their
individual seismic response was investigated by means of FEM analyses. In a second phase, the
units were progressively connected and pushover analyses were performed for each aggregation
in order to study the failure modalities, the interaction phenomena and the modification of the
seismic capacity due to the in-aggregate behaviour. It has been noticed that these kinds of
analyses, even if oriented to understand the aggregate effect, should consider possible local
mechanisms and the reciprocal influence of connected units in the overall behaviour. This
phenomena in fact, could partially affect the result even when the structure is characterised by a
global behaviour.
Further research is ongoing with the aim of considering a higher number of structurally
connected units and also different connection levels among them.
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Abstract. A computational method is proposed for the lower-bound limit analysis of masonry
arches with multiple failure sections. Main motivation is the observation that, not only the
position, but also the orientation of the failure sections in an arch might not be known in
advance in practical applications. The lower-bound limit analysis problem is formulated as a
straightforward linear programming problem. Numerical simulations highlight the predicting
capabilities of the proposed approach, enabling an accurate and safe prediction of the
loading capacity of masonry arches.
1

INTRODUCTION

The structural analysis of masonry structures plays a critical role in the effort to preserve
and restore architectural heritage and historical buildings. Many computational approaches
have been developed for addressing such a task, at different scales and levels of complexity,
including micromechanical approaches (e.g., see [1,2]), multiscale/homogenization
approaches (e.g., see [3-6]) and macromechanical/phenomenological approaches (e.g., see [711]), to be used in finite element formulations for inelastic structures (e.g., see [12-18]). As an
alternative strategy, whose roots trace back to the first discovery by Robert Hook of the
analogy between the structural behavior of a masonry arch and that of a catenary, the
structural capacity can be computed by a limit analysis approach (e.g., see [19,20]).
In last decades, modern computers and advanced numerical methods have made possible to
translate the limit analysis into a powerful tool for the analysis of masonry structures (e.g., see
[21,22]. Restricting the attention to masonry arches, a successful approach is the rigid block
computational method, originally conceived by Livesley [23], which regards the structure as a
discrete system of rigid blocks exchanging unknown forces through their contact interfaces.
The method has also been extended to three-dimensional structures (e.g, see [24,25]), nonassociative frictional behavior (e.g, see [26-29]) and large displacement regime (e.g, see
[30,31]). In a different line of research, several computational approaches resort to the
concept of thrust line for performing the lower-bound limit analysis of masonry arches (e.g.,
see [32-35]) Alternatively, in [36], it has been proposed to numerically integrate
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Figure 1: Collapse of masonry arches involving inclined failure sections with respect to the courses of the
masonry units, hence calling for a generalization of the classical notion of arch with prescribed stereotomy.

Milankovitch's equilibrium equations [37,38], to characterize the equilibrated stress states of
the arch, and then to proceed with the stress state optimization.
Interestingly, the methods mentioned above require, even if in disguise, that a stereotomy
of the arch is clearly recognized for a spatial discretization of the problem. Indeed, as already
pointed out by Milankovitch [37], the arch stereotomy does not simply allow for a reduction
of the problem, but it rather affects its solution, because it implicitly defines the stereotomy
sections as the potential failure sections, i.e. the sections where the opening of hinges can take
place. Actually, no problem arises in the case of masonry arches constituted by individual
voussoirs, as the stereotomy is naturally identified with the physical joints between them.
Conversely, when the arch is monolithic or made by small units arranged in a regular or
irregular texture, the selection of a stereotomy becomes contrived, and, for each possible
selection, a different solution of the lower-bound limit analysis problem is found. Basing on
such observation, in [39,40], the non-uniqueness of the thrust line for a monolithic arch is
concluded, and a variational formulation is proposed, which is claimed to be “liberated from
the concept of the thrust line” [39]. Differently, in [41] it has been suggested to overcome the
concept of stereotomy for monolithic masonry arches, and to account for failure sections with
arbitrary position and orientation.
Aim of the present work is to propose a computational approach for the lower-bound limit
analysis of masonry arches with multiple failure sections. Main motivation is the observation
that not only the position, but also the orientation of the failure sections in an arch might not
be known in advance in practical applications (Figure 1). Hence, provided a suitable discrete
number of potential failure sections is accounted for, the lower-bound limit analysis of a
masonry arch is addressed by a straightforward LP problem. It is remarked that, considering
multiple potential failure sections allows for an accurate description of the class of its
equilibrated and statically admissible stress. Consequently, the resulting solution of the lowerbound limit analysis problem corresponds to the most dangerous stress state that might be
induced by the external loads, or, from the dual kinematical standpoint, corresponds to the
most dangerous collapse mechanism that might be induced in the structure by the opening of
linear cracks. A safer prediction of the structural loading capacity is obtained compared to
usual analysis, because taking into account a broader class of potential collapse states.
Numerical simulations are presented for investigating the potentialities of the proposed
computational approach.
The present paper is organized as follows. In Section 2 the lower-bound limit analysis of
masonry arches with multiple failure sections is formulated. Numerical simulations are
reported in Section 3 and conclusions are outlined in Section 4.
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Figure 2: Masonry arch: geometric model, typical potential failure section and positive internal stress
resultants are shown.

2 FORMULATION
Let Ω ⊂ ! 2 be the domain occupied by a masonry arch, as depicted in Figure 2. A
Cartesian reference frame {O; x, y} is introduced, with i and j respectively denoting the unit
vectors parallel to the x- and y- coordinate axes, and k = i × j . A reference curve γ is
introduced, parameterized by a map x ∈C 1 ([ a,b ]) , with the points x ( a ) and x ( b ) belonging to
the two bases of the arch, respectively denoted by Sa and Sb . The intrados [resp., extrados] of
the arch is denoted by γ + [resp., γ − ]. It is assumed that the arch is clamped at its bases Sa and
Sb , that a distribution of body forces b is applied in Ω , and that a distribution of surface
forces q+ [resp., q− ] acts over γ + [resp., γ − ]. In particular, those forces are expressed as
2

b = b d + λ b l and q ± = ( q ± ) + λ ( q ± ) , i.e. split into the sum of dead and live contributions, the
d

l

latter obtained by amplification of a basic distribution through the load multiplier λ .
Furthermore, the arch is assumed to be comprised by a rigid no-tension material (e.g., see
[19,20]).
A potential failure section of the arch S(t ,ϑ ) is an oriented line segment, which contains the

point x ( t ) , has orientation defined by the polar angle ϑ , and whose initial [resp., final]
endpoint is located on the extrados [resp., intrados] curve. The unit vectors h (ϑ ) and e (ϑ ) ,
respectively parallel and normal to S(t ,ϑ ) are introduced. In addition, the signed distance of the
endpoint of the section S(t ,ϑ ) on γ + [resp., γ − ], measured from x ( t ) along h ( t ) , is denoted by

h(+t ,ϑ ) [resp., h(−t ,ϑ ) ]. It is noticed that the section S(t ,ϑ ) cuts the arch into two portions, namely
Ω(at ,ϑ ) and Ω(bt ,ϑ ) . Let (γ ± )(t ,ϑ ) and (γ ± )(t ,ϑ ) denote the portion of γ ± bounding Ω(at ,ϑ ) and Ω(bt ,ϑ ) ,
a

b

respectively.

2090

Nicola A. Nodargi and Paolo Bisegna

The (internal) stress resultants R ( t,ϑ ) and M x ( t,ϑ ) at the potential failure section S(t ,ϑ ) are
defined by:
R ( t, ϑ ) = R a − ∫

Ω(at ,ϑ )

b ( p ) da ( p ) − ∫

(γ )(

± a

t ,ϑ )

(1)

q ± ( p ) dℓ ( p ) ,

M x ( t, ϑ ) = M xa + ⎡⎣ x ( a ) − x ( t ) ⎤⎦ × R a − ∫

Ω(at ,ϑ )

⎡⎣ p − x ( t ) ⎤⎦ × b ( p ) da ( p ) − ∫ ± a ⎡⎣ p − x ( t ) ⎤⎦ × q ± ( p ) dℓ ( p ),
(γ )
(t ,ϑ )

where R a and M xa respectively denote the opposite of the clamp constraint force and moment
reactions at the basis Sa , henceforth intended as the static indeterminate reactions of the
problem.
The following component-wise representation of the stress resultants is introduced:
N ( t, ϑ ) = R ( t, ϑ ) ⋅ e (ϑ ) , T ( t, ϑ ) = R ( t, ϑ ) ⋅ h (ϑ ) , M x ( t, ϑ ) = M x ( t, ϑ ) ⋅ k,

(2)

where N ( t,ϑ ) , T ( t,ϑ ) and M x ( t,ϑ ) can be respectively interpreted as normal force, shear force
and bending moment at the potential failure section S(t ,ϑ ) .

Following the model of no-tension material, the stress resultants R ( t,ϑ ) and M x ( t,ϑ ) acting
over the potential failure section S(t ,ϑ ) have to obey suitable static admissibility conditions.
Specifically, unilateral conditions are enforced:
N ( t, ϑ ) ≤ 0, − M x ( t, ϑ ) + N ( t, ϑ ) h(+t ,ϑ ) ≤ 0, M x ( t, ϑ ) − N ( t, ϑ ) h(−t ,ϑ ) ≤ 0,

(3)

implying the normal force to be compressive, and the center of pressure to lie inside the
section, coherently with the infinite compressive strength and vanishing tensile strenght of the
material. As customary in the analysis of masonry arches, it is assumed that a sufficiently
large friction angle is available, such that a no-sliding requirement is tacitly satisfied.
The static theorem of limit analysis requires to maximize the multiplier λ of the basic live
loads over the space of equilibrated and statically admissible stress resultants. Indeed,
equations (1) supply an explicit characterization of the equilibrated stress resultants acting
over the section S(t ,ϑ ) in terms of the statically indeterminate reactions R a and M xa . The latter
are component-wise collected in the following vector:
X = { H a ,Va , M xa } ,

(4)

where H a = R a ⋅ i , Va = R a ⋅ j , M xa = M xa ⋅ k , and the semicolon denotes column stacking. On the
other hand, by exploiting positions (2), the equilibrated stress resultants (1) can be substituted
in the static admissibility conditions (3), which boil down to linear inequalities in the
unknowns X and λ . Hence, the lower-bound limit analysis problem for a masonry arch with
multiple failure sections reduces to:
max λ ,X λ ,

s.t.

(5)

inequalities (3) hold for any t, ϑ .

Indeed, for developing a computational solution strategy of problem (5), a suitable
discretization is undertaken with respect to the parameters t and ϑ . That amounts at checking
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the static admissibility conditions only for a discrete number, say C , of potential failure
sections, referred to as control sections. Hence, problem (5) can be finally written in the form:
max λ ,X λ ,

s.t.

(6)

AX − b λ − b ≤ 0,
l

d

where A is a 3C × 3 matrix, and b d and b l are 3C × 1 vectors (for details on the assembling
procedure, see [41]). Problem (6) is a Linear Programming (LP) problem, whose solution can
be addressed by standard optimization tools.
3

NUMERICAL SIMULATIONS

A pointed arch is considered, as depicted in Figure 3(a). Its geometry is characterized by
the radius R , the eccentricity e , the embrace angle β and the thickness h . The intrados and
extrados curves of the arch are the union of two arcs of circle, having radius R ± h / 2 , center at
point of coordinates ( ±e, − R cos ( β / 2 )) and central angle β / 2 , measured from the vertical
direction. In order to mimic a pseudo-static earthquake loading, it is assumed that the arch is
subjected to the self-weight (dead load) and to a distribution of horizontal forces proportional
to the self-weight (live load). It is also assumed that the arch is clamped at its springing
sections.
The reference curve of the arch is defined as its mid-curve. For investigating how the
selection of potential failure sections affects the problem solution, the following choices are
considered (Figure 3(b)):
the solution labeled as “normal” refers to an arch with prescribed normal stereotomy,
i.e. with potential failure sections that are normal to the mid-curve of the arch;
the solution labeled as “multiple, η = 1: n ” refers to an arch made of units with heightto-width ratio η , arranged along the normal direction. Two different case studies are
here considered, respectively with n = 2 and n = 4 .
For a discretization, equally spaced control points, at a distance Rβ / 500 from each other, are
first considered along the reference curve of the arch. For the solution with normal
stereotomy, normal control sections are selected passing through the control points. For the
solution with multiple potential failure sections, a discrete set of orientation angles,
geometrically compatible with the texture of the masonry, is preferred to generate potential
failure sections. Accordingly, in addition to control sections parallel to the normal direction,
also control sections with inclination angles ϑ k = ± arctan (1 / ( n / 2 + kn )) , k = {0,1} , with respect to
the normal direction, are considered [41] (Figure 3(b)).
As a preliminary step, a minimum thrust analysis has been conducted to compute the
minimum thickness-to-radius ratio hmin / R of the pointed arch for the two values of the
eccentricity-to-radius ratio e / R = {0.4, 0.6} at varying of the embrace angle β . Relevant results
are respectively reported in Tables 1 and 2. Values corresponding to solutions with normal
stereotomy are in agreement with the ones reported in [42]. It is noticed that slightly larger
values of the minimum thickness-to-radius ratio hmin / R are required when multiple potential
failure sections are taken into account.
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Figure 3: Pointed arch: (a) geometry, with highlighted reference curve, and (b) schematic illustration of the
relationship between masonry texture and preferred (i.e. geometrically compatible) orientations of potential
failure sections in the solution labeled as “multiple” (units with height-to-width ratio η = 1: 2 are considered).
Table 1: Pointed arch: minimum thickness-to-radius ratio hmin / R for pointed arches with eccentricity-to-

radius radio e / R = 0.4 and embrace angle β , assuming normal stereotomy or multiple potential failure sections.

Embrace angle β [°] Normalized minimum thickness hmin / R
Normal
Multiple
180
160
140
120
100
80
60

0.0468
0.0371
0.0371
0.0364
0.0316
0.0226
0.0099

η = 1: 4

η = 1: 2

0.0474
0.0376
0.0376
0.0369
0.0320
0.0228
0.0095

0.0479
0.0384
0.0384
0.0377
0.0326
0.0232
0.0099

Table 2: Pointed arch: minimum thickness-to-radius ratio hmin / R for pointed arches with eccentricity-to-

radius radio e / R = 0.6 and embrace angle β , assuming normal stereotomy or multiple potential failure sections.

Embrace angle β [°] Normalized minimum thickness hmin / R
Normal
Multiple
180
160
140
120
100
80

0.0391
0.0390
0.0388
0.0337
0.0226
0.0054
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η = 1: 4

η = 1: 2

0.0401
0.0401
0.0398
0.0346
0.0231
0.0054

0.0417
0.0417
0.0414
0.0360
0.0240
0.0051
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Stereotomy
Normal
Multiple, = 1:4
Multiple, = 1:2
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Figure 4: Pointed arch: horizontal forces collapse multiplier λ versus thickness-to-radius radio h / R for
pointed arches with eccentricity-to-radius ratio e / R = 0.4 and embrace angle β , assuming normal stereotomy or
multiple potential failure sections.
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Figure 5: Pointed arch: horizontal forces collapse multiplier λ versus thickness-to-radius radio h / R for
pointed arches with eccentricity-to-radius ratio e / R = 0.6 and embrace angle β , assuming normal stereotomy or
multiple potential failure sections.

A parametric analysis on the collapse multiplier λ of the horizontal forces, as a function of
the thickness-to-radius ratio h / R , has been carried out for the values of the eccentricity-toradius ratio e / R = {0.4, 0.6} , at varying of the embrace angle β . The results are shown in
Figures 4 and 5.
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(a1)

(b1)

(c1)

(a2)

(b2)

(c2)

λ=0

λ = 0.2010

λ = 0.4093

Figure 6: Pointed arch: (a) actual failure sections (first row) and collapse mechanism (second row) under
horizontal forces proportional to self-weight, assuming normal stereotomy. Eccentricity-to-radius ratio
e / R = 0.6 , embrace angle β = 180 ° , and thickness-to-radius radio (a) h / R = hmin / R = 0.0391 , (b) h / R = 0.10
and (c) h / R = 0.20 are considered.
(a1)

(b1)

(c1)

(a2)

(b2)

(c2)

λ=0

λ = 0.1731

λ = 0.3433

Figure 7: Pointed arch: (a) actual failure sections (first row) and collapse mechanism (second row) under
horizontal forces proportional to self-weight, assuming multiple potential failure sections (units with height-towidth ratio η = 1: 2 ). Eccentricity-to-radius ratio e / R = 0.6 , embrace angle β = 180 ° , and thickness-to-radius
radio (a) h / R = hmin / R = 0.0417 , (b) h / R = 0.10 and (c) h / R = 0.20 are considered.

As already noted in [42] in regards to the solution with normal stereotomy, for given
values of e / R and β , a two-branches curve describes the collapse multiplier λ as a function
of the thickness-to-radius ratio h / R . In particular, the first branch, corresponding to small
thickness-to-radius ratios h / R , is associated to a four-hinge collapse mechanism in which no
right-springing hinge is involved, Figure 6(a). Conversely, a right-springing hinge
characterizes the second branch of the curve, corresponding to moderately large or large
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thickness-to-radius ratios h / R . In that case, for increasing thickness-to-radius ratios h / R , the
most-left hinge smoothly migrates towards the left springing of the arch, with the collapse
mechanism shifting from one as in Figure 6(b) to one as in Figure 6(c). Indeed, for small
embrace angles β , the second branch of the curve is not developed at all.
Concerning the solution with multiple failure sections, the curves of λ versus h / R have
the same general trend as the ones pertaining to the solution labeled as “normal”. In fact,
collapse mechanisms that are qualitatively similar take place, i.e. four-hinge collapse
mechanisms with right-hinge springing or not depending on h / R , as depicted in Figure 7.
However, the fact that the actual failure sections may have different orientations with respect
to the normal direction implies that the solution with multiple potential failure sections is
associated to a reduced loading capacity of the arch with respect to the solution with normal
stereotomy. The reduction of the loading capacity of the arch predicted in the case of multiple
potential failure sections results to be more pronounced for larger values of the height-towidth ratio η of the units (i.e., for less elongated units), and may be in the order of 15%. As
an increase in η is related to an increase in the maximum inclination angle of the potential
failure sections with respect to the normal direction, that suggests the maximum inclination
angle of the potential failure sections to be a decisive parameter in the determination of the
loading capacity of the arch.
In closing, it is remarked that the selection of potential failure sections in the arch has a
significant influence in the prediction of its collapse states. Except for arches that are made of
individual voussoirs, which can be treated by resorting to the classical notion of element with
prescribed stereotomy, a crucial step for a safe assessment of the loading capacity of the arch
is to take into consideration at least the preferred potential failure sections (i.e., those that are
geometrically compatible with the masonry material under investigation). As a consequence,
collapse states that are usually unaccounted for come into light, and more conservative
requirements need to be fulfilled by the arch.
4

CONCLUSIONS

A computational method has been proposed for addressing the lower-bound limit analysis
of masonry arches with multiple potential failure sections. That model is conceived to
generalize the classical notion of masonry arch with prescribed stereotomy, which results
insufficient in applications where the orientation of the failure sections, in addition to their
position, is not a priori known. In fact considering multiple potential failure sections amounts
at taking into account a broader class of potential collapse mechanisms induced by the
opening of linear cracks with multiple potential positions and orientations. Provided a finite
number of control sections is considered in the arch, the lower-bound limit analysis problem
has been formulated as a straightforward linear programming problem. Numerical
simulations, also dealing with benchmark problems, have been presented for highlighting the
predicting capabilities of the proposed methodology.
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Abstract. The present paper aims at assessing the shape irregularities influence on the
collapse conditions of masonry arches subjected to vertical point force. Surveys campaigns on
cultural Heritage buildings often reveal masonry elements with irregular shapes. In order to
accurately predict their actual behavior the presence of such features cannot be neglected.
The reasons for these non-canonical shapes are manifold e.g. the evolution of degradation
processes and the constructive laws. As a first analysis attempt, the geometrical uncertainties
tied to the building work criteria are taken into account. A random parametric model is
proposed to generate two-dimensional geometry of irregular polycentric arches. Monte
Carlo simulations allows estimating the probabilistic density function of the collapse load
multiplier evaluated by means of the implemented limit analysis method. The outcomes
referred to the masonry arch with nominal geometry are compared to those obtained for the
random polycentric arch, highlighting the extent of the load-bearing capacity reduction due
to presence of such shape irregularities.
1

INTRODUCTION

It is well known that the level of knowledge and the in-depth investigations of ancient
masonry buildings are the mandatory conditions on which reliable structural safety
assessments must be based. Those evaluations derive from an articulated and rather
complex process including, in general, historical investigations gathered by direct surveys of
the building, also by means of experimental-test campaigns [[1], [2], [3], [4]]. In order to
produce vulnerability evaluations on the safe side, the challenge to represent a correct
interpretation of the seismic behaviour of historical constructions and in particular masonry
bridges (e.g. see Figure 1), in their current state, becomes an essential prerequisite especially
in presence of peculiarities, as material degradation and structural damages. In these sense,
masonry arches and vaults play a significant role due to their extensive use not only in
historical bridges, but also in civil and monumental structures in general. For this reasons,
the research activities were continuously devoted to increase the knowledge of their
structural behaviour until today [[5], [6], [7], [8], [9], [10], [11], [12], [13]].
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Figure 1: Ponte della Mola. Roman aqueduct, sited near Rome, between Tivoli and Palestrina, built from 272 and
262 B.C.

Possible interventions of structural strengthening derive from the knowledge of the
constructive specificities and uniqueness of the structure [[14], [15], [16]]. The conceiving of
such design actions, that as we know are never predictable or predefined regarding the masonry
arched structures the plurality of monuments and infrastructures in terms of construction
techniques, size and state of preservation highlights the need to deal with an extraordinarily
diversified reality for which it is required to pay the utmost attention not only to the architectural
appearance but also to the shape of the basic construction elements e.g. the correspondence
between stone blocks and identification of non-original parts [[17], [18]]. Likewise, the
phenomena of material degradation, biological patinas, detachment of walls, surface
weathering, leaks and erosion must be ascribed as sources of geometrical uncertainties and need
to be documented by introducing correlations between causes and effects. In this perspective,
in addition, the scientific literature proved to be lacking except from specific papers where the
masonry arches have been characterized according to their geometric features [[19], [20]], or
where the damage pattern have been analyzed with deterministic or parametric variables [[21],
[22]].
In previous contributions proposed by the Authors, the influence of geometrical uncertainties
on the structural behaviour of masonry elements has been studied engaging the arches with
horizontal actions through static and dynamic approaches [[23], [24], [25]]. Contextually the
uncertainties at the voussoirs scale have been introduced, taking into account the randomness
of the parameters describing the masonry texture. Those first results proved that for a certain
level of irregularities the drop of strength cannot be neglected, as just asserted by several authors
in the interpretation of experimental tests. Differently in this paper, the item of the shape
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irregularities is treated at a macro scale, defining them as the geometrical variance from the
nominal arch, and ascribed to the aprioristic inaccuracies connected to the ancient constructive
criteria [26]. This choice founds argumentative roots in the observation of rather articulated
historical buildings often composed by masonry clusters combining different floor heights,
where some load bearing walls or vaults rest on the underlying arches.
2 DEFINITION OF A MASONRY ARCH WITH IRREGULAR SHAPE
Over architectural and infrastructural heritage of Europe and more, the masonry arch
represents the most used constructive system. Its building work requires the installation of
temporary scaffoldings and frameworks in order to prop up the structure until it turns into a
self-supporting system. The design of such wooden frames, known as centrings, envisages the
union of a series of different arc sectors with a view to outline the intrados corresponding with
the designed arch. Is thought that this criterion may lead to constructive imprecisions and, for
this, within the present contribution this topic is highlighted as a possible source of irregularities
in the final shape of the arches. In addition it should be noted that, when composed by several
parts for the construction of large structures, the centrings were always built up in situ, resulting
in unavoidable geometrical distortions from the nominal geometry, provided by wooden
imperfections and manpower activities. The structural influence of such aspect has been
addressed within previous contributions [[27], [28]]. The number of the arc sectors which
constitute a centring are related to the vernacular building work traditions, the historical period
and, above all, of the geometry and dimension supposed for the masonry arch.
In this study, an arch composed by five arc sectors is analyzed, resulting a recurring set up
for moderately sized structures. In order to consider the geometrical irregularities affecting the
final shape of the arch, a generative model is proposed to obtain geometrical samples of arc
sectors affected by uncertainties through a probabilistic approach. The final assembly is
therefore composed by the union of five arc sectors as shown in Figure 2(a), assuring the
continuity of the tangent function along the development of the arch. The result is a procedure
allowing to generate asymmetric polycentric arches derived by predefined random variables of
specific geometrical parameters  S and rS , identifying the angle of embrace and the radius of
each arc sector. The obtained line of axis of the polycentric arch is finally scaled in order to
have a span l equal to the nominal span value (Figure 2(b)).

Figure 2: (a) Graphical construction of the arch irregular shape constituted by five random arc sectors.
(b) Superimposition between the nominal and irregular arch.
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The nominal deterministic geometry analyzed in this work refers to a circular arch defined
by the following parameters


 157.5

 r 1

(1)

being α the angle of embrace and r the radius of the arch; the thickness t is considered
constant along all the development of the arch. Given the nominal geometry, the random
variables  S and rS are defined by the following relations

S 
E [ S ]    / N S  p 
 / N S    / N S  p
S

S

rS E [rS ]   r  prS r   r  prS

(2)

where N S represents the number of arc sectors (in this case N S  5 will be considered),  and
 are defined as geometrical uncertainty coefficients which independently scale the uniform
probability density functions p S and prS respectively (Figure 3). Finally, no variability is
considered for the thickness t.

Figure 3: Uniform probability density functions used for the description of the angle of embrace (a) and radius (b)
random parameters.

3

MINIMUM THICKNESS OF THE IRREGULAR MASONRY ARCH

3.1 Collapse condition
In the analysis of the minimum thickness of a masonry arch, the collapse condition, generally
expressed in terms of collapse load and related mechanism, is strongly dependent on the
structural shape and the distribution of the loads applied. It is well known that under its own
weight, the collapse condition of a masonry arch is characterized by a symmetric five-hinges
mechanism, with two extrados hinges at the imposts, one extrados hinge at the crown and two
intrados hinges placed between the imposts and the crown, which position is function of the
angle of embrace [29].
On the other hand, an irregular shape significantly affects the position of the hinges, which
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lead to the collapse. The introduction of irregularities causes the loss of symmetry both in
geometry and in the distribution of the vertical loads. This condition determines an asymmetric
collapse mechanism of four-hinges type, characterized by the occurrence of only one hinge at
the imposts, alternatively at left or right on the basis of the thrust line shape.
3.2 Work hypothesis and iterative procedure
In this paper, the analysis of the minimum thickness of an arch with irregular shape is carried
out through a limit analysis based procedure, aimed at evaluating the collapse load multiplier
applied to an auxiliary loads distribution, which leads the structure to the collapse through a
four-hinges mechanism. By progressively reducing the thickness of the arch, the collapse load
multiplier goes to zero and the contribution of the auxiliary loads vanishes. The thickness
associated to a null value of the load multiplier is taken as the minimum thickness of the
masonry arch. In this study a distribution of inertial loads was considered as auxiliary load.

Figure 4: Reference structural model used for the definition of the limit equilibrium procedure.

Let us consider a masonry arch consisting of n voussoirs, on which is acting the self-weight
Fi and the horizontal load FSi  kFi proportional to the weight by means of the load multiplier
k. In the numerical procedure, the horizontal load is assumed directed from left to right, leading
the structure to the collapse with a four-hinges mechanism as indicated in Figure 4. The collapse
condition, identified by the horizontal load multiplier k and the corresponding hinges position
associated to an admissible kinematic mechanism, is evaluated through an iterative procedure.
A first attempt position for the collapse hinges A, B, C, D is assigned, i.e. a collapse mechanism
is assumed. Then, the equilibrium of moments around the three hinges A, B and C is imposed
nAD
nAD

H
(
y
y
)
V
(
z
z
)
F
(
z
z
)
k
Fi ( y A  yGi ) 0









D A
D
i
A
Gi
 D A D
i
i

1

1

nBD
nBD

H
(
y
y
)
V
(
z
z
)
F
(
z
z
)
k







 D B D
 i B Gi  Fi ( yB  yGi ) 0
D B
D
i 1 i 1

nCD
nCD

 H D ( yC  yD )  VD ( zC  zD )   Fi ( zC  zGi )  k   Fi ( yC  yGi ) 0

i 1 i 1

2104

(3)

Nicola Cavalagli, Vittorio Gusella and Riccardo Liberotti

Figure 5: Population of the irregular arches (grey continuous line), generated through uncertainty parameters equal
to 0.01 (a), 0.03 (b) and 0.05 (c), compared with the nominal arch (black dashed line).

where nAD nBD , nCD , refer respectively to the number of voussoirs between the hinges A, B, C
and D. The system of Equations (e) is solved on the three unknowns H D , VD and k. Finally, the
thrust line is determined through the calculation of the joint-by-joint eccentricity e j of the
normal force and assuring the satisfaction of the yielding criterion


tj
2

 ej  

tj
2

(3)

If the thrust line is not contained everywhere inside the boundaries of the arch geometry,
Equation (3) is not somewhere verified. In this case a new trial configuration of hinges has to
be considered and the equilibrium imposed again. The interested reader can see [23] for more
details.
As already discussed in the previous Section, the irregular shape of the structure requires to
define in advance the weakest mechanism, i.e. if the hinge at the impost occurs at the left or
right side. In the application of the proposed procedure, the auxiliary load was previously
applied independently from left to right and right to left, achieving two different collapse load
multipliers, kl and k r respectively. The lower value between them is associated to the weakest
mechanism to which corresponds, after the progressive reduction of the thickness, a higher
value of the minimum thickness. This value has to be considered the unique admissible as
minimum thickness of the irregular arch, due to the occurrence of the collapse.
3.3 Analysis of the results
In this section, the results regarding the estimation of a probabilistic measure of the minimum
thickness and the related collapse mechanism of masonry arches affected by three different
levels of geometrical irregularities are shown. The analysis was carried out considering a
nominal geometry defined by the properties indicated in Equations (1). A population of 1000
samples of random arches was generated according to the roles introduced in Section 2, for
each value of the uncertainty coefficients  and  . In particular, uncertainty parameters equal
to 0.01, 0.03 and 0.05 were considered.
In Figure 5 the line of axis of the generated irregular arches (grey continuous lines) is
superimposed to the line of axis of the nominal arch (black dashed line), in order to give an idea
of how the uncertainty parameters can affect the structural geometry. A distance measure
between the nominal and the generic irregular arch is proposed by introducing the random
parameter    as follows
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rn    r
r

(4)

where  is the curvilinear abscissa of the of the nominal arch normalized with respect to its total

length, rn   is the radial distance between the irregular arch and the center of the nominal

arch and r is the nominal radius. Figure 6 illustrates the plots of the obtained    functions
at different levels of the uncertainty parameters.

Figure 6: Plots of the radial distances between the irregular and the nominal arches with reference to uncertainty
parameters equal to 0.01 (a), 0.03 (b) and 0.05 (c).
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Figure 7: Estimation of the probability density functions of the minimum thickness evaluated on the population
of irregular arches characterized by values of uncertainty parameters equal to 0.01 (a), 0.03 (b) and 0.05 (c). (d)
Comparison between the probability density functions obtained on the irregular arches and the value of the
minimum thickness related to the nominal geometry.

By analyzing the path of the    functions, it should be noted that in some cases the
irregular shape is characterized by values of the radial distance wherever positive or,
alternatively, negative, resulting in an arch having a quasi-symmetric shape with a rise higher
or lower with reference to the nominal rise. This aspect must be taken into account in the
interpretation of the results expressed in terms of the minimum thickness. The presence of
quasi-symmetric arches with a rise value lower than the nominal value determines the presence
of minimum thicknesses lower than the minimum thickness related to the nominal arch,
t N  0.0646 . Figure 7 shows the results obtained in terms of the random values of the minimum
thickness tmin at different values of the uncertainty parameters. In particular, an estimation of
the probability density function was obtained for  and  equal to 0.01, 0.03 and 0.05 (Figure
7(a)-(c)). The mean  and standard deviation  values reflect a slight increase of the minimum
thickness, up to about 3%, with the increase of the uncertainties and, at the same time, an
increase of the values dispersion around the mean value. Figure 7(d) summarizes the
comparison between the obtained results highlighting the different probabilistic properties of
the irregular arches, with reference to the arch having nominal geometry.
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Table 1: Mean (  ) and standard deviation (  ) values of the hinges (  i ) probabilistic distributions identifying
the collapse mechanism.

 ,   0.01
 ,   0.03
 ,   0.05


0.7045
0.7017
0.6990

1


0.0068
0.0107
0.0162


1.5705
1.5709
1.5706

2


0.0068
0.0076
0.0088


2.4374
2.4398
2.4428

3


0.0068
0.0106
0.0163

The irregular shape determines a variability of the results also in the collapse mechanism. As
already stated in the previous Section, the symmetric five-hinges kinematic mechanism never
occurs due to the asymmetry of the line of axis shape. The mechanism is now characterized by
four hinges, among them only one occurs at the impost, either the left or the right with the same
probability, i.e. 50%. Regarding the probability distributions of the hinges position along the
development of the arch expressed in terms of the angle  i , in Table 1 the first statistical
moments are reported for the different cases of uncertainty parameters considered. It should be
noted that more spread results were obtained for the lateral hinges, 1 and  3 , with respect to
the crown hinge  2 . In particular, with the increase of the uncertainties, the mean values of 1
and  3 show a slight movement toward the left and right imposts, respectively, and an increase
of the standard deviation. The hinge at the crown presents more stable values in terms of both
mean and standard deviation. In Figure 8 the histograms of the random variables  i are
illustrated for each values of the uncertainty parameters and their range of variability are
highlighted with grey fills (  ,   0.01 dark grey,  ,   0.03 grey,  ,   0.05 light grey).
4 CONCLUSIONS
In this paper, the results of an investigation regarding the effect of the geometrical irregularities
on the minimum thickness and the collapse mechanism of a masonry arch subject to its own
weight have been presented.
For the definition of the irregular shape, a probabilistic generative procedure has been
proposed by considering a polycentric arch constituted by five arc sectors described by two
random parameters, the angle of embrace and the radius. For each type of random parameters,
a unique uniform probability function has been considered. Three levels of uncertainties have
been investigated: 1%, 3% and 5% of the nominal value of the considered parameter.
As a reference of nominal geometry, a circular arch of unit radius and angle of embrace of
157.5° has been taken into account. All the samples of random arches generated by the
procedure have been scaled in order to have the same span of the arch with nominal geometry.
The minimum thickness has been studied as a random variable, obtained through a numerical
procedure based on the limit equilibrium analysis.
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Figure 8: Probabilistic distributions of the hinges  i , other than the fourth hinge occurring at one of the impost,
identifying the collapse mechanism.

The results have highlighted that, as expected, with the increase of the geometrical
irregularities the mean values of the probability density functions estimated by a Monte Carlo
approach increase, up to about 3%. The analysis of the collapse mechanisms have induced to
highlight that also the hinges position can be considered as random variables, allowing to
identify the portion of the arch which have a more high probability to host a collapse hinge.
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Abstract. At the end of the 19th century, an architectural style called Neomudéjar became
quite popular in some areas of Spain. Very much like other historicist European styles in the
same years, the Neomudéjar sought to recreate the local medieval architecture. The use of
faced brick façades with complicated bonds -formed by stretchers and headers in and out the
main wall plane- lead in term to a wide variety of results that resembled Arabic architecture.
The brick façades of the Neomudéjar buildings are ideal case studies for the analysis of the
local behaviour of masonry structures, especially regarding problems of stress concentration.
There are several methods for studying the global behaviour of masonry structures – from the
classic thrust line to the limit analysis tools – but, as the average stresses taken over by
structural masonry elements are usually well below the compression strength of the
constituent material, the classical methods of analysis are designed to verify only the global
stability. Local behaviour, on the other hand, is quite elusive, especially when the properties
of the material are uncertain. In such cases stress concentrations might appear, resulting on
stress currents and low stress islets. A particular case of these phenomena occurs in the
bonding of Neomudéjar façades. Local concentration of stresses is especially likely in these
bonds, given the peculiar relative position of some bricks with respect to others. The paper
proposed will use one of these buildings, the Aguirre Schools (Rodríguez Ayuso, Madrid,
1886), as a case study to evaluate local behaviour. Starting from a geometrical hypothesis of
the internal distribution of the material based on recent photogrammetric surveys, and using
conventional software of parametric design, the paper will describe a numerical model based
on a non-deterministic random algorithm, although limited in its number of solutions, to
discuss later the validity and scope of them. The limitations of the standard hardware in
which these design tools are usually handled will also be considered in the discussion.
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1

INTRODUCTION

The geometric complexity of the bonds used in the masonry walls of neomudejar buildings
makes them interesting case studies for the analysis of one of the least studied particularities
of the mechanical behaviour of masonry structures: local phenomena. Several methods allow
the analysis of the global behaviour of this type of structures (thrust line, limit analysis, etc.) –
being one or the other more or less adequate depending on the characteristics of the material,
the available data and the phenomenon studied. However, the analysis of local behaviour is
elusive, especially when the properties and even the existence of the joint material is in doubt
and the strength of the bond depends on friction.
The fundamental premise of most methods of global analysis is that the average working
stresses are always well below the characteristic strengths of the material. This premise is true
for most masonry structures; however, local problems arise, especially on irregular elements
such as those in the façades of the neomudejar buildings (whose specificity lies in the
complexity and the variety of the indented brick bonds). These local problems are not related
to the average compression values, but to the possible concentrations of stresses in the
contacts between blocks. The patterns that characterize the distributions of the blocks of this
architecture normally seek to achieve aesthetic effects (rhythms, regularity or irregularity of
the surface, etc) or to improve a certain property of the constructive element (ventilation or
shading, for example, when it comes to facades), but they are not intended to respond to
specific structural problems.
A mathematical model for the analysis of these stress concentrations, designed specifically
for geometries of high complexity built in dry-stack masonry, is proposed in this paper. For
this purpose, a constructive and geometric description of a case study (the facade of the Las
Aguirre School building, in Madrid) is first performed; then the theoretical framework of the
proposal (within the studies on percolation in discontinuous media, understood as branching
and regrouping of stress currents) is presented; and, finally, a general description of the model
(which, from a strictly mathematical point of view, can be considered a stochastic Markovian
process in discrete time) and its implementation (carried out by means of graphical-analytical
computer tools) are introduced.
2. BACKGROUND AND CASE STUDY
2.1. Case study: the Escuelas Aguirre building
In order to carry out the following analysis, the facade of a building located in Madrid, the
Escuelas Aguirre building (Fig. 1a) will be taken as a case study. The building was built
between 1881 and 1887 by the architect Emilio Rodríguez Ayuso at the confluence of the
streets of Alcalá and O'Donnell. Rodríguez Ayuso, a historicist architect who had already
rehearsed the neomudejar style in different buildings (such as the disappeared Plaza de Toros
de Madrid, 1874) designed for Lucas Aguirre, promoter of the schools, a two-storey building
in a rectangular and symmetrical plan, organized around two large covered interior courtyards
(initially an open U-floor at the back) and a central core of stairs, which is topped with a
tower located in the central part. The masonry façade was built with brick load-bearing walls
adorned with abundant recesses and protrusions.
The numerous extensions that the building underwent in the following years, and the
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reforms carried out throughout the 20th century, were generally respectful of the neomudejar
style, to the point of being currently difficult to distinguish from the original construction. A
recent study [1] has documented, in addition to the construction in 1896 of the attached
pavilions of warehouse and counselling (which were erected following designs by Rodríguez
Ayuso), actions of various kinds in 1908-28, 1933, 1999 and 2008. The following analysis is
carried out exclusively on the 19th century part of the construction.

Figure 1a. The Escuelas Aguirre building in the 1920s. (Lacoste, circa 1925). Figures 1b and 1c. Some views
of the brick bonds in different areas of the façade. [1]

The brick of the main building, brown in colour and 27x13x4.5 cm in measures, is a
product of the Jarama riverbank (fig. 1b). It is a piece of regular faces, double frogged, with a
special depression on both beds for the placement of the mortar (although it may seem a drystack system, this type of masonry rarely is so) that allows the visible joint to be reduced.
References to the manufacturer company, SABO [1], appear in the recesses. The bricks of the
pavilions, of intense red colour, are mould manufactured and their measures are slightly
different, 25.5x12.5x4.8 cm. but the geometry is very similar. The manufacturer's record can
also be tracked: in this case it was Eloy Silió’s, a factory located in Valladolid [2].
The constructive configuration of the facade is the most common in neomudejar buildings.
Over the typical headers bond (also called spanish in the area) different recesses are made to
create diverse figures, mostly rectangular or rhomboid, or to form imposts and cornices (fig.
1c). Jambs and lintels are formed by revoked lintels imitating stone, a mortar line that can also
be seen in several impost lines, as well as in the formation of a small decorative bib. The
thickness of the wall is variable, decreasing from two and a half bricks (69 cm) on the ground
floor, to two (55 cm) on the first floor and lower body of the tower, and to one a half (41 cm)
on the Second body of the tower.
The geometric complexity of the bonds used can be noted in figures 2a and 2b. The
recesses of the pieces are always proportional to the fourth part of the main dimension of the
same. Thus, most common recesses or protrusions are ¼, ½ or ¾ of the main stretcher
dimension –that is, the 27 cm. aforementioned. Only occasionally recesses of 1/3 or 1/8, or
multiples of these numbers, appear.
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2.1. Theoretical framework
This paper attempts to extend the use of methods that have already been used, first in the
study of granular media [3] and later in dry-stack masonry, for the analysis of the local
behaviour of structures with other types of discontinuities and geometric irregularities caused
by the elimination of parts or parts of them and/or by deterioration of the joint material. It is
convenient to briefly review some examples of these methods.

Figures 2a and 2b. Brick disposition of the façades of the Escuelas Aguirre. [1]

A large majority of these studies consist of an experimental part, very often carried out by
photoelastic tests [4], and some kind of theoretical approach: analytical, or more often
numerical, consisting of a simulation of the behaviour of the studied media [5]. Photoelastic
tests allow visualizing a locally random behaviour with the appearance of force chains or,
more properly, force networks.
The application of these methods to ordered (orthotropic) granular media was carried out,
according to Bigoni, first by Rajchenbach [6]. Bigoni’s studies on dry masonry walls [7]
included not only a photoelastic analysis but also, in a second article, a numerical simulation
model compatible with the photoelastic results obtained. In this model, and in order to comply
with the equilibrium conditions in each node, a branching occurs, which can be regrouped
into subsequent nodes: “The result of the procedure is a form of random cascade admitting
random coalescence, in addition to random branching”. The photoelastic tests have been
partially repeated later by Baig [8] and Magdalena [9], with different objectives and scope,
obtaining coincident results.
Although the branching and regrouping model proposed by Bigoni comes to qualitatively
similar solutions to the results of photoelastic tests, a later article [10] using a Monte Carlo
Simulation through Linear Programming with random contact points, shows, based on the
experimental results from a previous load test published by Magdalena [11] that the branching
scheme can be improved. However, attempts to transfer this last method to truly threedimensional cases have so far resulted in high rates of rejection that are excessively expensive
from a computational point of view.
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This article proposes assuming a model based on percolation, such as that cited by Bigoni
or Shahriar's [12]. The concept of percolation corresponds in geology to phenomena such as
the slow passage of fluids through a porous medium. The use of the concept of percolation
has been extended to a large number of physics topics, as well as other fields: complex
networks, epidemiology, etc.
A combinatorial approach is often used to study percolation. This has sometimes
materialized as a Random Walk on Graph [13], which implies starting at some vertex and
traversing the graph according to a random algorithm. The random walk, a concept introduced
by Pearson in a very brief annotation in Nature [14], is a mathematical formalization of the
result obtained from taking a series of random steps and has been used in many fields [15].
The concept refers in essence to a unique walk that advances through a series of steps in time.
The formulation proposed below retains the concept of randomness and is based on the
resolution of a sequence of equilibrium equations in which the actions are obtained from the
results of the previous stage and the reactions are established in a series of points of random
application. To meet the equilibrium conditions in each node, a branch can be produced, so
the path is not unique but branched in most of them. The procedure refers to an oriented
sequence in which the randomness in each stage is conditioned by the results of the previous
stage, thus giving a much lower rejection rate than that resulting from the random fixation of
the application points independently. In the case of the proposed study, and returning to the
percolation image, it is a matter of random diffusion but subjected to the action of the gravity
of a system of charges through an orthotropic medium. The name of Directed Stress
Percolation [again 13] is applicable, as it has been used, in the field of granular media, to
study the transmission of stresses between –grains.
3. MODEL DESCRIPTION
3.1. The constituent element
The constituent element of the model (fig. 3a) is a solid of parallelepiped geometry with
sides A, B and C –the relationship between sides being A=2B=4C. In the model described
below, each element will be superimposed on another of identical geometry, resting on the
larger faces AB, at as many heights as necessary, although the basic tool is designed to work
in a number of up to 6 to limit the computational cost. The distribution of the element’s
overlays may vary, of course, depending on the bond of the masonry.
The contact between solids can occur through a limited number of points n, located
exclusively at the base AB of each element. One of the premises of the model is that there is
no contact on the AC or BC side faces. These n points are distributed homogeneously on the
contact surfaces. To determine n, the generator algorithm establishes a grid on the surface AB
and allows the values of na and nb to be adjusted –both being positive integers. Obviously, the
value of n is nax nb. Typically, na will be of the order of double nb, (being, as stated, A=2B)
but it should not necessarily be so. The distance d between the outer plane of the masonry and
the recessed plane cannot be any: it will be determined by the relationship between A and na,
in the form
𝑑𝑑𝑑𝑑 = 𝑝𝑝𝑝𝑝

𝐴𝐴𝐴𝐴
𝑛𝑛𝑛𝑛𝑎𝑎𝑎𝑎
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p being a number to represent the indentations of the recessed plane, an integer that meets:
0 < 𝑝𝑝𝑝𝑝 ≤ 𝑛𝑛𝑛𝑛𝑎𝑎𝑎𝑎 − 2

The figures attached (figs. 3a and 3b) are intended to facilitate the physical understanding
of the constituent element by representing the possible points of contact as diamond tips. The
numerical model does not need to replicate this type of geometry to offer verifiable results. In
a physical model, the contact surface at those points would depend on the resistance of the
material; in the numerical model, as no limitations for compression stresses are established,
this consideration is unnecessary.

Figures 3a y 3b: Description of the constituent element. Contacts points are represented as diamond tips in the
lower surfaces of the blocks.

On a finite set of elements such as those described above, stacked vertically and connected
through a specific and identical number of points under each block, the proposed model will
draw, through a computer algorithm, a tree of paths, a particular case of stochastic process in
discrete time in which the time factor is replaced by vertical advance. From a generic point of
view, this is a non-deterministic model, although limited in its number of solutions, and
subject to various boundary conditions –the fundamental being the one referring to the action
and reaction points in the constituent element, since the algorithm forces a certain degree of
discretization to always be in one or more of the n positions described in the previous section,
both on the upper face and in the bottom of the block. This will affect not only the initial
punctual action but the entire chain of reactions described below.
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Figures 4a y4b: Application to one of the walls in the Escuelas Aguirre building.

The algorithm will start from a value of the initial action Qy and its position A (which can
be entered by the user or self-generated) to randomly search for a triad of points B, C and D
(among the n possible contact points described above under the first block) such that the
reactions in B, C and D make possible the static equilibrium of the piece without introducing
additional compatibility equations. As is evident, only a limited number of BCD triads can
offer static equilibrium possibilities against the action exerted on A. Once the triad of contacts
has been determined, the algorithm automatically assigns the RB, RC, and RD, reactions, that
must compensate QA so that
𝑄𝑄𝑄𝑄𝐴𝐴𝐴𝐴 = 𝑅𝑅𝑅𝑅𝐵𝐵𝐵𝐵 + 𝑅𝑅𝑅𝑅𝐶𝐶𝐶𝐶 + 𝑅𝑅𝑅𝑅𝐷𝐷𝐷𝐷

A conventional isostatic system would require not only the obvious equilibrium of actions and
reactions but also that of the moments resulting from them, ∑ M𝐴𝐴𝐴𝐴 = 0. However, this premise
cannot be fulfilled for any random point: the position of A with respect to B, C and D should
be such that A is contained, in plan, in the triangle BCD (in the understanding that the
reactions RB, RC, and RD must always be of opposite sign to the action; in dry-stack masonry
constructions the tensile strength should be considered zero). It is obvious that if A is found in
one of the corners of the element, the only possible reaction would be at a single point B,
being QA = RB and C and D redundant, given that necessarily RC=RD=0. In the event that A
was found on one of the faces of the element, a similar situation would occur, although in this
case there could be two reactions, so that
𝑄𝑄𝑄𝑄𝐴𝐴𝐴𝐴 = 𝑅𝑅𝑅𝑅𝐵𝐵𝐵𝐵 + 𝑅𝑅𝑅𝑅𝐶𝐶𝐶𝐶

Only one position, D, would be redundant in this case, logically being RD = 0. Thus, the
probability of an event occurring is conditioned by the probability of the immediately
preceding event. This possibility must be taken into account in bonds such as the one
discussed here, given the special arrangement of the blocks (figs. 4a and 4b).
With regard to mechanical analysis, the final model can therefore be considered a set of
rigid solids in unilateral, dry and direct contact, with finite friction and following a non-
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associative friction-slip law. This model tries to represent a material with compressive
strength far superior to that needed to assume the stresses to which it is subjected and reduced
tensile strength, although not zero. This last consideration significantly increases the set of
statically permissible solutions within the possible combinations.
3.2 Geometric model
The model corresponds to the outer elements of one of facades of the Aguirre Schools, at
the height of the second floor (Fig. 5). Six layers have been modelled using computer aided
design software Rhinoceros [16]. Each of the bricks is made up of a Brep Box type entity,
which is arranged by separating the space corresponding to the joint. The base piece has
dimensions of 20 x 10 x 5 cm, with vertical joints 0.5 cm thick and horizontal joints 1 cm
thick.
The studied surface has a total dimension of 66 x 23 x 35 cm, composed of both complete
pieces and half pieces at the ends (Fig. 5). In the upper part there is a centred piece that will
be the one that receives the load in the first place before it is distributed to the rest of the wall.

Figure 5: Rhinoceros model of studied piece of wall.

4. IMPLEMENTATION OF THE ALGORITHM
Since the geometric model was made using Rhinoceros, the algorithm implementation to
determine the stochastic load path has been programmed using Python language within the
Grasshopper parametric design plugin [17] (Fig. 6)
It starts from a piece placed on top of the wall, which receives a vertical load of unit value.
This load is distributed among the possible supports that correspond to each of the
indentations described in the previous section. The grid of the contact points is parameterized
in a number m x n, being 2 ≤ n ≤ 8 and 2 ≤ m ≤ 8 as well. The number of possible
combinations increases very significantly to a greater number of supports –and so does the
computing time necessary for processing.
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Figure 6: Grasshopper programming scheme.

After establishing these contact points the algorithm evaluates whether it is possible to
transmit the load, since some of the blocks can be found in a cantilever and have no support
(fig. 7). Once the valid supports under the piece have been determined, one of the
combinations that meets the conditions of isostatic equilibrium is randomly assigned (figs. 8a
and 8b) These conditions are established based on the equilibrium equations in space, with the
additional hypothesis that it is possible to transmit tensile stresses with a maximum value of
10% of the elastic compression limit – a condition that is usual in the regulations and
standards for the design of masonry walls.

Figure 7: Support possibilities in the Rhinoceros model.
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This process is iterated successively in each of the pieces that make up the set studied. In
all cases, the load with which the iteration begins is the result of those transmitted on each
block in each course, so it is necessary to determine, as the process progresses, the waypoint
and the value of the resultant action in each of the pieces.
4. DISCUSSION
From a strictly mathematical point of view, the described model can be considered a
stochastic Markov process in discrete time. There are two fundamental reasons for this
ascription. On the one hand, the fact that it is not possible to consider each individual itinerary
–that is, each line of action– as a strictly random walk: the direction that each line takes will
be conditioned by the position and intensity of the rest. On the other hand, a fundamental
factor must be taken into account, and it is the possibility of a rejection, which will then force
the process to be rearmed at least from the previous level.

Figures 8a y 8b: Scheme of one of the solutions integrated in the wall (left) and isolated (right)

Pearson's classic formulation for a random path does not fit this problem. The Markovian
process, however, is more open and contemplates the two singularities mentioned above. The
fact that some itineraries have an influence on others falls within the usual considerations of
stochastic systems in discrete time, though in the case of the proposed model, of course, there
is no time factor in a literal sense, but rather the advance in the vertical load. On the other
hand, the possibility of rejection is contemplated in one of the classic continuous time
processes, known as the Markov process –as is its implementation from the probabilistic point
of view.
With regard to the programming used, the implementation of these systems through
graphic tools, as in the one presented in this paper, might limit the range of responses. For the
designer it is ideal that the digital tools for the analysis of the local behaviour of this type of
structures can be implemented in the same tools that make parametric design possible, as this
would allow to contrast the local problems of the structure directly during the design process,
and thus anticipate possible stress concentrations in the model prior to its construction,
without the need to export the geometry to another tool for its treatment. However, the
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performance of the standard hardware with which these design tools are usually handled is
limited, and that determines the scope of the analysis.
5

CONCLUSIONS

Masonry structures, and in particular those of buildings such as the neomudéjar façades
studied here, are constructive elements of high complexity, whose indented brick bonds are
interesting examples of the possibilities offered of combinatorial theory applied to
architecture. The façade of the Aguirre Schools has a bond full of these recessions, which
produce discontinuities in the volume of the masonry that is capable of conveying the loads
paths. It is not, as detailed, a structure consisting of strictly dry-stack blocks, but its
complexity makes it an ideal case study to implement the method described above.
These structures often present with local problems, which cannot be studied with the tools
commonly used for surveying masonry structures –as its objective is the analysis of global
behaviour. The proposed method allows evaluating at least one of the possible load paths
compatible with the boundary conditions and the material requirements, also taking into
account the geometric discontinuities of this type of masonry elements. The development of
this method, and its application in a number of iterations that enable its statistical analysis,
can allow detecting the areas where stress concentrations are most likely to occur. This
numerical model needs to be complemented by physical tests –which are currently in
progress– and statistically contrasted to establish its validity.
The implementation of this model through graphic programming languages –the same ones
that make parametric design possible– entails limitations for large-scale statistical analysis.
To achieve a sufficient number of iterations it is necessary, of course, to use analytical tools.
However, and although these analytical tools are necessary for a general study at the
theoretical level, graphic tools can also be useful in the practical one, since problems of local
behaviour are frequently due to irregularities, be they geometric or material, in the nearby
area.
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Abstract. This work develops new strategies to robustly apply Thrust Network Analysis (TNA)
for the assessment of unreinforced masonry (URM) structures studied within the frame of limit
analysis. It formulates and solves a nonlinear optimisation problem on thrust networks
considering relevant constraints for the assessment of URM structures. Geometrical and force
constraints are include such as the consideration of the structural envelope and bounds on the
reaction forces. The objective functions studied correspond to the minimum and maximum
horizontal thrusts of the vaults. To evaluate the level of stability of an existing structure, this
work develops a methodology to estimate the geometric safety factor (GSF) and the minimum
thickness of masonry vaults by solving sequential optimisation problems for increasingly
tightened geometrical bounds. This procedure is implemented in a Python-based, open-access
tool within the COMPAS framework and illustrated here on two- and three-dimensional
applications that are relevant for the structural analysis of historical constructions.
1

INTRODUCTION

Complex unreinforced masonry vaults present a challenge to engineers and scientists aiming
to assess their stability and safety. Historically, since Hooke [1] and Poleni [2], the static
approach has been used to assess the stability of masonry construction. Its modern formulation
was proposed by Heyman [3] with the establishment of limit analysis of masonry structures.
According to the safe theorem of limit analysis, if a path of compressive and equilibrated forces
is found within the structural geometry, the structure is safe under the applied loads and this set
of compressive, internal forces corresponds to a lower-bound equilibrium solution.
For two-dimensional structures, as classically applied to arches, this internal path reduces to
a thrust line [4, 5]. O'Dwyer [6] first extended this concept to the assessment of arcuate masonry
vaults by modelling the internal stress states as a discrete network constrained to lie inside the
envelope defined by the intrados and extrados of the vault.
Block and Ochsendorf [7] introduced Thrust Network Analysis (TNA), in which the force
network is described by its vertical projection in plan, named form diagram, and the equilibrium
of the horizontal forces is visualised by a reciprocal graph, named force diagram. As elaborated
in [8], TNA is an application of the Force Density Method (FDM) as formulated by Linkwitz

2124

R. Maia Avelino, A. Iannuzzo, T. Van Mele and P. Block

and Schek [9,10]; specifically, in TNA, as applied in this paper, the form diagram is considered
fixed. More recent publications extend the optimisation procedure with applications to masonry
and analysis of the indeterminacy of the networks [11, 12, 13].
Recently, the methodology was revisited by Marmo and Rosati [14] focusing on the form
diagram with the introduction of proportional horizontal loads on the network and by
Cercadillo-Garcia and Fernández-Cabo [15] also formulating the problem based on the FDM.
Alternatives to thrust networks are presented in Fraternali [16] and Angelillo et al. [17] with
polyhedral stress functions and in Fraddosio et al. [18] considering membrane solutions.
Even within the state-of-the art of the different approaches briefly mentioned here, there are
still a series of limitations that prevent these methods to be largely adopted in practice. These
include the lack of a straightforward methodology to compute the level of stability and/or the
(geometric) safety factor for a given vaulted structure, the difficulty to deal with nonproportional horizontal loads, and the lack of flexibility to restrain solutions to geometrical
features, such as cracks, hinge lines or openings, and force constraints, such as bounds on the
reactions and allowance for horizontal reactions along the perimeter of the vault (open edges).
This paper proposes a computation pipeline to robustly apply TNA for the assessment of
unreinforced masonry (URM) vaulted structures by efficiently searching for admissible thrust
networks for a given structure. The mathematical formulation is taken from [11, 12], and the
search is executed by solving a nonlinear constrained optimisation. In particular, as objective
functions, the minimum and the maximum of the horizontal thrust for a given form diagram are
considered. The constraints of the optimisation problem are enforced on the geometry (heights
of the nodes), on the internal forces (compressive) and on the reactions (limited magnitude and
inclination). This paper also provides a direct way to verify the level of stability by computing
a lower bound of the geometric safety factor (GSF) of the structure. This is done by iteratively
tightening the geometrical envelope of the vault while computing minimum and maximum
thrust until the structure reaches its minimum thickness and, at this point, these solutions
coincide representing the only possible stress state of the structure, i.e. its limit state.
All analyses are performed with a Python-based, open-access tool. This tool implements
TNA [8] and is provided through the COMPAS Masonry framework [19], which is a part of a
larger research project that aims to develop appropriate and practical analysis strategies and
tools for tackling the assessment of URM structures [19].
The organisation of the paper is as follows. In Section 2, the theoretical background is
presented. In Section 3, the computational implementation is described. In Section 4, the new
solving algorithm is illustrated with two- and three-dimensional examples. Finally, in Section
5, the findings are summarised, pointing to future research.
2 THEORETICAL BACKGROUND
The safe theorem of limit analysis of masonry structures, proved by Heyman [3], states that
if any admissible stress field is found for a given structure, then, the structure is safe under the
applied loads. A stress field is admissible if it is equilibrated, compressive and fits entirely
within the structural geometry of the masonry. In Angelillo et al. [17], the set of statically
admissible stress fields H is described. Thus, according to the safe theorem, if H is not void,
any solution found in this set can be accepted as a lower-bound solution for the assessment
problem. If H includes only one admissible stress field, the structure is in the so-called limit
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state. In existing structures, the concern is how far the current state of the structure, considering
the self-weight of the structure and the applied loads, is from the limit state condition. In this
paper, we are interested stress fields represented by thrust networks that correspond to singular,
one-dimensional stress fields having the forces concentrated on the edges of a network.
2.1 Force Densities in thrust networks
As in the mathematical formulation of [8,11], thrust networks are defined by n=ni+nb nodes
as the sum of ni internal nodes and nb restrained nodes. These nodes are connected by m edges
according to a connectivity matrix C. The forces are applied on the internal nodes in any
direction as the vectors px, py, pz. Linkwitz and Schek [9,10] introduce the force-densities q for
an edge, corresponding to the ratio between the force f and the length l of the edge. With Ci and
Cb the columns sliced from C corresponding to the internal and restrained nodes of the network.
The nodal coordinates are x, y, z and we consider the relations: U=diag(Cx) and V=diag(Cy).
The horizontal equilibrium of the thrust network becomes:
𝐩𝐩𝐱𝐱
𝐂𝐂" 𝐔𝐔
" !" & 𝐪𝐪 = )𝐩𝐩 +.
$
𝐂𝐂! 𝐕𝐕

(1)

Positive qs represent compression. As in [8, 11], the left-hand side of Eq. (1) is considered
in the matrix E of size (2ni x m) and the vectors px and py of the applied loads on the internal
nodes are stacked in the vector ph of size 2ni, resulting in the horizontal equilibrium as:
𝐄𝐄𝐄𝐄 = 𝐩𝐩% .

(2)

𝐳𝐳! = (𝐂𝐂!" 𝐐𝐐𝐂𝐂! )&' 1𝐩𝐩( − (𝐂𝐂!" 𝐐𝐐𝐂𝐂) 3𝐳𝐳) ),

(3)

For a fixed form diagram, the matrix E does not change as it depends only on its connectivity
and geometry. Therefore, any set of non-negative q satisfying Eq. (2) will satisfy horizontal
equilibrium for the given/chosen fixed form diagram. For such a q and given the heights of the
restrained nodes zb, one can compute the heights of free-nodes zi as:
with Q=diag(q) and the vertical loads pz, often coming from the self-weight of the masonry.
3 COMPUTATIONAL IMPLEMENTATION
The methodology described in Section 2 allows for the computation of thrust networks. This
section describes the computational implementation to automate the search for obtaining thrust
networks that are solutions to the problem of assessment of URM structures.
3.1 Force indeterminacy of thrust networks
Computing a non-negative vector q from Eq. (2) is not an easy task since the equilibrium
matrix E, for common topologies, is usually ill-conditioned. For that reason, and also to reduce
the number of parameters in the system, the problem can be treated in terms of the independent
edges [11,20]. The independent edges are the degrees of freedom of the equilibrium system.
Therefore, one can take the force densities assigned to the independent edges qind as variables
to find the force densities for the rest of the dependent edges qdep with:
&'
𝐪𝐪*+, = 𝐄𝐄*+,
(𝐩𝐩% − 𝐄𝐄! 𝐪𝐪!-* ).
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A possible set of independent edges has its indices related to the columns of the matrix E
that form a base of linearly independent vectors. Finding a set of columns spanning the rank of
the matrix E can be done by finding a reduced row-echelon form (RREF) of E as in [20].
3.2 Minimum and maximum thrust networks
Following the identification of the degrees of freedom of the network, the general
optimisation problem is described in terms of the independent edges (qind) and the heights of the
restrained nodes (zb) as follows:
minimise
subject to

.

𝑓𝑓(𝐪𝐪!-* )

𝑐𝑐. (𝐪𝐪!-* , 𝐳𝐳) ) ≥ 𝟎𝟎

,

(5)

ℎ/ (𝐪𝐪!-* , 𝐳𝐳) ) = 𝟎𝟎

in which the equality constraint Eq. (5.3) is Eq. (4), ensuring horizontal equilibrium of the
fixed form diagram. The inequality constraints Eq. (5.2) will be discussed in Section 3.3. The
objective function can be chosen among a great variety of functions relevant to assessment with
thrust networks. This paper will discuss the following ones:
minimise

"

𝑓𝑓(𝐪𝐪!"# ) = ± ∑! ! )R2x,i + R2y,i ,

(6)

where 𝐑𝐑0 = 𝐂𝐂)" 𝐐𝐐𝐐𝐐𝐱𝐱) and 𝐑𝐑$ = 𝐂𝐂)" 𝐐𝐐𝐐𝐐𝐲𝐲) are the vectors containing the reactions in the x- and ydirection, respectively, for the nb restrained nodes.
This equation, in its positive form, minimises the horizontal components of the thrust,
providing the minimum (or passive) thrust state for the vault, for a given form diagram. Eq. (6)
is linear and function of the force densities q computed from qind by Eq. (4).
If as objective function we consider the negative form of Eq. (6), we maximise the thrust on
the structure, rendering the maximum (or active) thrust state, again for the given form diagram.
In both cases we have to solve a nonlinear constrained optimisation, that is dependent on the
starting point. For large problems, it has been found that starting from a compression-only
solution improves the convergence of the optimisation even if that initial solution does not fit
within the geometry of the masonry. To this end, a minimisation of loadpath as in [21] was used
as starting point for the examples in Sections 4.2 and 4.3.
3.3 Geometric and force constraints on thrust networks
The first applied force constraint ensures that the force densities are non-negative. The
independent edges (qind) have their domain directly restrained to [qmin,qmax], where qmin is 0.0
and qmax is a virtual bound sufficiently high to restrain the search space without being activated.
The remaining qdep, calculated from Eq. (4), are constrained from below to be non-negative.
To guarantee that the thrust network is entirely contained within the masonry, all nodes of
the thrust network have upper and lower bounds constraints assigned to their z coordinate.
These bounds can also be modified to model specific observed failures or cracks on the existing
structure, forcing the height of specific nodes of the network to lie in a predefined position.
These applications are not studied in this paper but will be treated in a forthcoming paper.
Since the projection of the network remains fixed in plan and the heights of the restrained
nodes (zb) are variables of the optimisation, the computed thrust networks can be completely
detached from a given reference datum. This can become an issue for studying a self-standing

2127

R. Maia Avelino, A. Iannuzzo, T. Van Mele and P. Block

semi-circular arch (i.e. with no buttressing or fill). This is addressed by constraining the
inclination of the reaction forces such as, when extended, the reaction vector still remains inside
the masonry geometry. Such a constraint is illustrated in Sections 4.1 and 4.2.
3.4 Optimisation solvers
The examples presented in this paper were solved with an implementation of the sequential
linear-quadratic programming available in the open-source Python package PyOpt [22].
3.5 Limit state for lower-bound solution
The main contribution of this paper is to present a methodology for estimating the limit state
(or closeness to collapse) of a given structure by computing its geometric safety factor (GSF).
The GSF is defined as the proportion of the total depth (t) of the structure’s cross-section to the
minimum depth (t’) of the offset, tightened cross-section required to contain a thrust line [23],
or in our case, a thrust network. The procedure developed to obtain the GSF sequentially solves
the optimisation for maximum and minimum thrust for a decreasing thickness until the
respective results coincide. This condition represents the limit state of the structure, since only
one stress state is possible, that is, only one thrust line or network (for a given form diagram)
fits in the geometry. At this point, the minimum thickness t', and the GSF = t/t' are computed.
4 NUMERICAL APPLICATIONS
Three applications to URM structures are investigated. First, a semi-circular arch (Section
4.1) is analysed, followed by a dome (Section 4.2) and a rectangular cross vault (Section 4.3).
4.1 Semi-circular arch
The first application looks at a semi-circular arch with base geometry described by a central
radius R=1.00m and thickness t=0.20m, i.e. t/R=0.20. The linear form diagram is discretised in
20 nodes equally spaced with regards to the projection onto the circular geometry. The out-ofplane dimension of the arch is 1.00m and the density of the masonry ρ=20kN/m3. The selfweight is lumped at the nodes. The total vertical loading is W=12.6kN. This problem has three
variables: one independent (qind) and the height of the two restrained nodes (zb). Eq. (6) is used
to find the minimum and maximum thrust on the arch depicted on Figure 1a and b, respectively.

Figure 1: Solutions of minimum (a) and maximum (b) thrust for the semi-circular arch with t/R=0.20 and thrust
for the minimum thickness (c) calculated as t'/R=0.1079 after incremental reduction of the thickness.

For the initial configuration t/R=0.20, the ratios of the minimum and maximum thrusts over
the self-weight are (T/W)min=31.6% and (T/W)max=51.2%. The points where the thrust line
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touches the intrados and extrados are highlighted in blue and green and the boundary nodes are
shown in grey. The segments of the thrust line are depicted in red and the reaction vector is
displayed in black when the restrained node is above the reference surface of height z=0.0m. In
the solution for the minimum thrust, the restrained nodes go below the reference surface and
for the maximum, the restrained nodes go above it and the resultant of the forces touch exactly
the extrados of the semi-circular arch (Figure 1b).
Figure 2 visualises the sequential GSF procedure for this example. The optimisation for
maximum and minimum is performed reducing t by increments of -0.005m until t=0.110m, and
-0.001m afterwards. For each new thickness, minimum and maximum thrust are plotted in
Figure 2 until they coincide, representing the limit state where only one thrust line is possible.

Figure 2. Methodology for deriving the minimum thickness and computing the geometric safety
factor (GSF) for the semi-circular arch with t/R=0.20, resulting in t'/R=0.1079 and GSF=1.85.

The minimum thickness t' (or its adimensional t'/R) of the semi-circular arch can be derived
as the intersection of the two lines of Figure 2, where we find t'/R=0.1079 and (T/W)limit=39.7%.
It is known from [5] that the analytical solution for this problem is (t/R)theory=0.1075. The error
of the proposed methodology is 0.4%, for the discretisation adopted (20 nodes). From this, the
GSF can be approximated as the ratio between t and t’, resulting in GSF=1.85 (Figure 2).
4.2 Hemispherical dome
For three-dimensional analysis, the assumptions on the force pattern for the masonry vaults
become critical. Since the form diagram remains fixed, it should include a logic related to the
way that the compressive forces flow to the supports, as in [12]. Therefore, we study two form
diagrams to assess a circular dome with a central radius of R=5.0m and thickness t=0.50m, i.e.
t/R=0.10 (Figure 3a) under self-weight. The first diagram presents a radial arrangement of the
forces to the support; it is composed of 20 meridians and seven circular hoops. As in Section
4.1, the hoops are equally spaced with regards to the base surface and not with the planar
projection (Figure 3b). The second form diagram assumes a spiralling force flow (Figure 3c).
Both diagrams are composed of 320 edges, have 25 and 18 independent edges respectively that
are highlighted in Figure 3. Supports are assigned on the perimeter. The self-weight is assigned
according to the 3D tributary area with regards to its projection on the base surface, its thickness
t and density ρ=20kN/m3. The total weight is W=1570kN.
The result for both patterns regarding minimum, maximum thrust and limit thickness are
depicted in Figures 4 and 5. Branches with null compressive force are not shown and the
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compressive branches have their thickness proportional to the force carried. The points touching
the intrados and extrados are marked with blue and green spheres. The same incremental
analysis for reduced values of thickness is conducted and the results are plotted in Figure 6.

(b)

(c)

Figure 3. (a) Geometry of the dome with t/R=0.10, showing base surface (orange), intrados and extrados (cut to
enhance visualisation); (b) radial form diagram and; (c) spiral form diagram showing independent edges.

Figure 4. Minimum (a) and maximum (b) thrust solutions for the dome with the radial diagram with t/R=0.10
and with limit thickness (c) achieved (t’/R=0.041). Maximum forces in the plots are 70; 1000; and 72kN.

In the radial diagram, minimum and maximum thrust-over-total-weight ratios for t/R=0.10
are (T/W)min=19.8% and (T/W)max=430% (Figures 4a-b). The minimum thickness calculated
with the radial diagram is t’/R=0.041 where the thrust achieved is (T/W)limit=24.4% (Figure
4c). With this result, the safety factor for the dome is estimated as GSF1=2.42 (Figure 6).
The minimum thrust solution (Figure 4a) shows a bi-axial compressive cap in the upper
portion of the dome and an uni-axial stress state towards the supports, where null hoop forces
are observed. Looking at a section, the thrust touches the extrados in points M (extrados) and
N (intrados) (Figure 4a). Such a stress field is compatible with Heyman’s 'orange-slice'
mechanism proposed in [23] for an outward (passive) radial displacement of the supports. In
this mechanism, cracks form along the meridians where the hoop forces are null and a top cap
is preserved uncracked. One can see that while in two dimensions (Section 4.1), the points
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touching the intrados and extrados are the only information about cracks (or mechanisms), in
the dome, null-forces give additional information about kinematics on the structure.
For the maximum thrust solution (Figure 4b), a compressive ring with high forces is
activated in the base of the dome while the magnitude of the forces in the rest of the dome is
inferior (see thicknesses of edges). The touchpoints remain in M and N. This suggests that under
inward (active) displacement of the supports, a global mechanism for the dome is not activated
and the stability is ensured by the compressive ring in the base. This ring creates a discontinuity
on the thrust as depicted in the section (Figure 4b), that redirects the reaction force to become
almost horizontal. The high difference between maximum and minimum thrust values (22 times
greater) gives an idea of the magnitude of the radial pressure supported by the dome.
For the dome in limit thickness condition (Figure 4c) the section and force flow are similar
to the minimum thrust with a larger bi-axial cap and section touching in points P (extrados) and
Q (intrados). The minimum thickness calculated for the radial diagram is similar to the
theoretical (t/R)theory=0.042, from [23], with error of 1.4%.

Figure 5. Minimum (a) and maximum (b) thrust solutions for the dome with the spiral diagram with t/R=0.10
and with limit thickness (c) achieved (t/’R=0.073). Maximum forces in the plots are 33; 35; and 34kN.

In the spiral diagram, the minimum and maximum thrust-over-total-weight ratios for
t/R=0.10 calculated are (T/W)min=31.3% and (T/W)max=37.9% (Figure 5a-b). The minimum
thickness calculated for this diagram is t’/R=0.073 , with (T/W)limit=33.7% (Figure 5c). Such
results allow the computation of the safety factor GSF2=1.37 (Figure 6).
In the spiral diagram, due to its topology, null-force hoops cannot happen; as a consequence,
the form diagram will always represent an uncracked solution that does not allow for the
'orange-sliced' mechanism. The GSF2 found for this pattern is lower, and thus more/over
conservative, than for the radial diagram GSF1. This difference shows the importance of the
choice of the form diagram for the assessment with thrust networks. One can also observe that
the diagram better aligned with the known pathologies of a dome (radial diagram) resulted in a
higher factor of safety and in a further limit state (Figure 6). As expected, refining the diagrams
would reduce the errors in the analysis with networks resulting in a slightly higher minimum
thickness. However, a sensitivity study on the number of edges is out of the scope of this paper.
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Figure 6. Methodology for deriving the minimum thickness and computing the GSF for the dome (t/R=0.10),
the radial diagram resulted in t'/R=0.036 and GSF1=2.42 and the spiral diagram in t'/R=0.073 and GSF2=1.37.
(Values of T/W higher than 50% not shown for clarity).

4.3 Rectangular cross-vault
We replicate the same analysis for a rectangular rounded cross vault with dimensions
10.0x7.5m and a thickness of t=0.50m. The adimensional parameter is taken with regards to the
larger span as t/R=0.10. The geometry is defined by the intersection of two cylinders, the
smaller becoming an ellipse. This base geometry is depicted in orange (Figure 7a), with the
intrados and extrados for t. Two patterns are proposed referred to as cross- and fan-diagram
(Figures 7b-c). The first presents an orthogonal path to the diagonals and then via the groins to
the supports, while the second, connects the mid-span to the supports in a straight fashion. The
cross diagram has 884 edges, 19 independent edges and the fan has 1024 edges, 36 of which
are independent. The self-weight is lumped in the nodes according to the 3D tributary area
regarding the projection of the diagrams in the base surface resulting in a total W=902kN for
ρ=20kN/m3. We consider only the four corners of the form diagram to be supported. The results
for both patterns regarding minimum, maximum thrust and limit thickness are depicted in
Figures 8 and 9. The same incremental analysis is conducted as depicted in Figure 10.

(a)

(b)

(c)

Figure 7. (a) Geometry considered for the rectangular cross-vault (t/R=0.10) , showing base surface (orange),
intrados and extrados; (b) cross form diagram and; (c) fan form diagram showing the independent edges.

The adimensional minimum and maximum thrust for the cross diagram are (T/W)min=67.5%
and (T/W)max=96.7% for the initial case t/R=0.10. The minimum thickness calculated in the
cross diagram is found to be t'/R=0.061, for a thrust of (T/W)limit=76.9%. For the fan diagram,
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the difference between the minimum and maximum thrust for t/R=0.10 is smaller, as the
optimisation resulted in (T/W)min=75.4% and (T/W)max=90.9%. The limit state is found for
t’/R=0.084, corresponding to a thrust of (T/W)limit=80.7%. Based on these values, one can find
an estimate to the GSF of the rectangular cross vault studied as GSF1=1.64 for the cross diagram
and GSF2=1.20 for the fan diagram (Figure 10). This again significant difference, as in the
dome example, reaffirms the importance of the form diagram to the present methodology.

Figure 8. Cross form diagram: minimum (a) and maximum (b) thrust result for t/R=0.10 and thrust for minimum
thickness (c) achieved with grid diagram with t’/R=0.061. Maximum forces in plots are 203; 226; and 213kN.

Figure 9. Cross form diagram: minimum (a) and maximum (b) thrust result for t/R=0.10 and thrust for minimum
thickness (c) achieved with fan diagram with t’/R=0.084. Maximum forces in plots are 68; 84; and 72kN.

For both diagrams, the minimum thrust touches the extrados in the central portion of the
nave, along both spans (Figure 8a and 9a). For the cross diagram, this is more evident in the
direction of maximum span (Figure 8a). In the maximum thrust solution, the shallowest thrust
is found, which is evident since the network touches the intrados in several points (Figure 8b).
For the fan diagram, however, it is observed that the same problem of maximisation did not
present such a high number of touching points. Another important difference between the
patterns is the fact that for the cross diagram, the forces accumulate along the diagonals, while
in the fan diagram, the forces are distributed and the compression force accumulate along the
ridges towards the central portion of the vault (Figures 8 and 9).
Regarding the limit analysis, the cross diagram achieved a higher safety factor GSF1=1.64
against GSF2=1.20. Similarly to the dome example, the best performing (or less conservative)
pattern (i.e. the one with higher GSF) can be seen as a better approximation of the common
crack pattern found on cross vaults, known as Sabouret cracks [23] that run parallel to the
perimeter of the structure (open edges).
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Figure 10. Methodology for deriving the minimum thickness and computing the GSF for the cross vault, cross
diagram resulted in t'/R=0.061 and GSF1=1.64 and the fan diagram in t'/R=0.084 and GSF2=1.20.

5 CONCLUSION
In the present paper, a methodology to assess masonry structures under vertical loading with
thrust networks is developed and implemented in a Python-based tool. A network is described
by its fixed projection in plan, the values of its independent force densities qind and the heights
of the restrained boundary nodes zb. A nonlinear constrained optimization, with variables qind
and zb, is performed yielding the minimum and maximum thrust states for a given masonry
vault and form diagram. By sequentially solving for the minimum and maximum thrust
networks for decreasing thickness, a methodology for computing the geometric safety factor
(GSF) is developed allowing to estimate the closeness to collapse of a given structure. Three
applications have been shown: a semi-circular arch, a dome and a cross vault.
A key advantage of the present formulation lies in the fact that it can assess the structure
taking as input only the geometry of the intrados and extrados of the vault. On the other hand,
the method is built on the formulation of the independent edges, so the solution will be
dependent on the given form diagram that cannot change during iterations. This form diagram
should be chosen carefully based on assumptions of the flow of forces of the structure to assess.
Indeed, it was observed that patterns representing a better approximation of the common crack
patterns observed in masonry vaults resulted in higher values of GSF.
Even if not explicitly shown in the examples, the methodology can be extended to estimate
the load-bearing capacity under application of additional vertical and horizontal loads. Further
development will focus on identifying adapted form diagrams to each problem as even in the
presence of an initial, non-perfect (cracked) configuration.
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Abstract. Engineers work hard to convert the highly uncertain and nonlinear behavior of
historic masonry structures into something that can be understood with mathematical
certainty. Therefore, practical and also accurate structural analysis techniques are still
needed for the preserve the historical monuments as a huge cultural heritage. In this context,
determining the mechanical properties of historical walls under in-plane and out-of-plane
lateral loadings is one of the most important aim. This study aims to investigate the three
dimensional (3D) nonlinear behaviour of stone walls subjected to a combination of lateral
and vertical loads using approprate constitutive numerical modeling. For this purpose, a
simplified micro modeling approach has been proposed for the 3D nonlinear finite element
analysis (NLFEA) of stone wall. The dry-stone masonry wall from the literature has been
used in the verification step for the proposed model. After that, the new two-whyte stone wall
has been constructed in accordance with the original material characteristics derived from
the experimental studies and tested under shear compression. Finally, numerical results of
NLFEA and experimental results of walls have been compared. It was observed that the
numerical analysis results are well matched with the experimental ones.
1

INTRODUCTION

Masonry historic structures represent architectural cultural heritage of great historical
importance in Turkey. They have been used for public and residential buildings in the past
several thousand years. A great number of well-preserved old masonry structures still exist
proving that this form of construction can successfully resist loads and environmental impact
[1]. Conventionally, most major buildings were solid walled structures with the walls bearing
directly on the ground. Historical masonry structures are exposed to horizontal and vertical
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loads and atmospheric influences throughout their entire life. These structures are composed
of many layers and due to the weak connections between the weak materials and gaps, the
masonry walls in these structures tend to leave the building. For this reason, damages, cracks,
gaps may occur as a result of environmental impacts in historical masonry structures and even
dangerous situations can occur [2]. Since these damages are directly related to the loads
affecting the structure, it is very important to investigate the complex and nonlinear behavior
of the structures by numerical analysis [1,3–5].
The primary aim of this study is to present an effective modeling procedure for the stone
masonry walls under shear and compression. For this purpose, in the first part of this study,
the mechanical properties of stone and mortar samples provided from a historical masonry
structure in Turkey have been determined at laboratory conditions. Then, the two-whyte stone
wall which have nominal dimensions 1010x1005x280 mm (lenght x height x width) have
been constructed in the laboratory of Yildiz Technical University in accordance with the
original material characteristics derived from the experimental studies. In order to evaluate the
nonlinear behaviour of two-wyhte stone wall, these wall have been tested under shearcompression. Then this experimental study has been modelled in ABAQUS-6.14 package [6].
An experimental study conducted by Lorenco et. al., which involved dry stone masonry walls
under a combination of vertical preloading, and in-plane horizontal shear loading has been
selected for the verification of the numerical modeling technique. After that, experimental and
numerical results of constructed in laboratory were compared.
2 NUMERICAL AND CONSTITUTIVE MODELING
A number of experimental and analytical studies have been conducted on the behavior of
masonry shear walls to reach a comprehensive understanding of complex masonry behavior
[[1,3,7–12]]. Proposed theoretical models for implementation to finite element analysis of
masonry generally require a large number of material parameters that are difficult to measure
easily and reliably. For this reason, several attempts have been made to express the stressstrain relationships of the masonry and its constituents using different modeling techniques
such as micro-modeling, homogenization approach and macro-modeling. The common
approach is to treat masonry as a continuous medium with the exception of micro-modeling.
Micro-modeling should describe the masonry, mortar and the interaction behavior between
them. It has been revealed in literature that micro models are more suitable for modeling
small structures and the studies in which the interaction between mortar-stone and/or failure
modes are important. On the other hand, in macro models, the structural elements are modeled
as homogeneous (brick/stone and mortar are modeled together) and the stress-strain relations
and fracture surfaces of these elements are described first. Macro models are more useful for
larger structures and when the behavior of the entire structure is investigated. In this study,
micro modeling technique is addopted for nonlinear analysis of masonry stone walls.
Multi-axial stress states defines the constitutive behavior of the structures such as masonry
walls, RC panels, confined columns or elements beyond the elastic range. The basic
elastoplastic constitutive models, i.e Mohr-Coulomb (MC) and Drucker-Prager (DP) are
widely adopted in constitutive modeling materials, like concretes, soils and rocks [4,13].
Drucker-Prager (DP) yield/break criterion is the most practical mathematical form of the vonMises criterion used for concrete, metal and stone type materials, and takes into account both
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hydrostatic pressure and deviator stress effects at the highest strength (Figure 1)[9].
According to the DP yield criteria, the yield surface can be expressed as follows [6]:
𝑓𝑓(𝐼𝐼1 , 𝐽𝐽2 ) = 𝛼𝛼. 𝐼𝐼1 + √𝐽𝐽2 − 𝑘𝑘 = 0

(1)

where 𝛼𝛼 and k values are material constants and these values depend on the internal friction
angle (ϕ) and cohesion (c) values in the MC criterion. Internal friction angle (ϕ) and cohesion
(c) values can be expressed as [6]:
⍺=

2 sin 𝜙𝜙

√3(3 − sin 𝜙𝜙)

,

𝑘𝑘 =

6𝑐𝑐 cos 𝜙𝜙

(2)

√3(3 − sin 𝜙𝜙)

Figure 1: DP criterion:(a) yield surface in the principal stress space;(b) π plane [9]

The MC criterion takes into account the effect of hydrostatic pressure. The MC yield
surface is in the form of a hexagonal cone in the deviatoric stress plane. Figure 2 shows yield
surface in the principal stress space and π plane [9]:

Figure 2: MC criterion:(a) yield surface in the principal stress space;(b) π plane [9]

The MC criterion shows the linear envelope curve obtained from the shear strength of the
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material against the applied normal strength [9]. This relationship is expressed as follows [6]:
𝜏𝜏 = 𝑐𝑐 − 𝜎𝜎 tan(𝜙𝜙)

(3)

where τ is shear strenght, 𝜎𝜎 corresponds to normal stress which is negative in compression,
c is cohession and ϕ is the internal friction angle. From Mohr's circle [6]:
𝜏𝜏 = 𝑠𝑠 cos 𝜙𝜙

𝜎𝜎 = 𝜎𝜎𝑚𝑚 + 𝑠𝑠 sin 𝜙𝜙

(4)

Substituting for 𝜏𝜏 and 𝜎𝜎, multiplying both sides by cos 𝜙𝜙, and reducing, the MohrCoulomb model can be written as [6]:
s = 𝜎𝜎𝑚𝑚 sin 𝜙𝜙 − 𝑐𝑐 cos 𝜙𝜙 = 0

(5)

where s is half of the difference between the maximum principal stress, 𝜎𝜎1 , and the
minimum principal stress, 𝜎𝜎3 (and is, therefore, the maximum shear stress),
1

s = (𝜎𝜎1 − 𝜎𝜎3 )
2

(6)

and 𝜎𝜎𝑚𝑚 is the average of the maximum and minimum principal stresses, and 𝜙𝜙 is the
frictional angel [6]:
1

𝜎𝜎𝑚𝑚 = (𝜎𝜎1 + 𝜎𝜎3 )
2

(7)

3 SOFTWARE IMPLEMENTATION OF PROPOSED CONSTITUTIVE MODEL
Three dimensional (3D) finite element models have been used for stone masonry walls.
Masonry constituents, e.g. stone and mortar, are assumed to be isotropic elasto-plastic
obeying DP criterion and modeled separately with eight-node brick element (C3D8) [6].
Besides, the mortar thickness and the brick–mortar interface are lumped into a surface to
surface interaction while the dimensions of the brick unit are expanded to keep the geometry
of a masonry structure unchanged (Figure 3) [6]. In this modeling tecnique, a surface
interaction consist of normal behaviour and tangential behaviour [6]. Constitutive model
mentioned above has been used for the numerical simulations of sample stone masonry walls.

Figure 3: Simplified micro-modeling technique and surface to surface contact [6]

Lourenco et. al. [3], tested 1000x1000x200 mm dry stone masonry walls under a
combination of vertical preloading, and in-plane horizontal shear loading (Figure 4). Brick
dimensions were used as 200x200x100 mm and 100x100x100 mm in this tests. Two
connected hydraulic jacks (N) were placed on the wall while the shear load was applied to the
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wall by a horizontal hydraulic jack (P). In this study, the vertical load levels adopted for the
tests were 30, 100, 200, and 250 kN. These load values lead to compressive normal stresses of
0.15, 0.50, 1.00, and 1.25 MPa, respectively. A numerical simulation of the tested stone walls
was carried out with the Abaqus software [6]. Mechanical properties for test wall and values
adopted for FE analyses are given in Table 1, respectively. Both simulation model and
laboratory test results agreed very well (Figure 5). Also deformed shape of the experimental
and numerical model of the wall was given in Figure 6 [3].
Table 1. Comparison of Experimental and Numerical Parameters
Parameters

Experimental [3]

Numerical

25
1202
0.2
32
0
0.39
250

25
2000
0.2
32
0
0.8
9000
0.39
250

Weight (kN/m3)
Young's Modulus (MPa)
Poisson's ratio
Friction angles
Dilatancy angles
Flow stress ratio
Yield stress (kPa)
Friction coefficient
Vertical load (kN)

Figure 4: Experimental setup of dry stone masonry wall [3]
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Lateral displacement (mm)
Figure 5: Comparison of experimental and numerical analysis results

Figure 6: Experimental and numerical comparison of failure mechanism [3]

In the experimental part of this study, the two-whyte stone masonry wall with dimensions
of 1010x1005x280 mm were produced in accordance with the orginal material characteristic
(Figure 7). The constituents and mix proportions of produced mortar were selected to be
compatible with historical lime based mortar specimens. Mechanical parameters of two-whyte
stone masonry wall are given in Table 2. The specimen sizes used in mechanical experiments
for stone (cylindrical) are different from stone which used in the two-whyte masonry stone
model wall. Assuming that the increase in size increases defects (cracks, gaps, etc.) in the
specimen, Young’s modulus and uniaxial compressive strength values have been decreased in
numerical analysis (Table 2).
At the 28th day after the construction, the wall was subjected to increasing lateral load
under a constant, uniformly distributed vertical load. The loading apparatus consisted of a
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2000 kN and 500 kN capacities hydraulic rams for vertical and horizontal loading,
respectively. Instrumentation included two load cells and four displacement transducers
(Figure 8). Vertical pre-compression distributed loading of 1.06 MPa was applied to the top
surface of a steel plate with a thickness of 3.5 cm located on the center of wall. Lateral
loading was then applied at a rate of 0.6±0.1 kN/s. For repairing and strengthening issues, the
stone test wall was not loaded to failure (total destruction was not proposed). As shown in
Figure 8, when a stair step crack appeared and extended diagonally across the wall, the test
was stopped. Finally, experimental and numerical analysis results of two-wyhte masonry wall
were compared (Figure 9). Also deformed shape of the numerical model of the two-wyhte
masonry wall was given in Figure 10.
Table 2. Experimental and Numerical Parameters of two-whyte stone masonry wall
Parameters

Experimental
(stone brick)

Numerical
(stone brick+mortar)

25
13000
0.28
52
49000
-

25
5000
0.28
52
10
0.8
10000
0.5

1005 mm

Weight (kN/m3)
Young's Modulus (MPa)
Poisson's ratio
Friction angles
Dilatancy angles
Flow stress ratio
Yield stress (kPa)
Friction coefficient

Figure 7: Geometry for the two-whyte stone masonry wall

2142

Burcu Dinç-Şengönül, Yasin Murat Hothot, Bilge Doran, Nabi Yüzer, Serhan Ulukaya and Didem Oktay

Lateral displacement (mm)

Figure 8: Experimental set-up

Lateral displacement (mm)
Figure 9: Comparison of experimental and numerical analysis result for two-whyte masonry wall
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Figure 10: Deformed shape of two-whyte stone wall numerical analysis result

4

CONCLUSIONS

In the present paper, Drucker-Prager (DP) type plasticity is proposed to model the in-plane
non-linear structural behavior of stone walls. In order to evaluate the accuracy of proposed
simplified micro modeling technique, numerical results of a nonlinear finite element analysis
(NLFEA) are compared with the test results of two walls. The following conclusions are
drawn from the results:
1. The material parameters of DP criterion for both masonry units and mortar that are
considered separately as isotropic and homogeneous materials is expressed in terms of
the cohesion and the internal friction angle of Mohr-Coulomb (MC) criterion in this
study. Therefore, the surfaces of both DP and MC yield criteria are made to coincide
along the compression meridian.
2. For dry stone and two-whyte stone masonry walls, cracks mostly follow along
cement mortar joints in a stair step manner.
3. Comparison of the wall responses subjected to vertical and lateral loads between
analytical and experimental results, especially for dry stone masonry wall, indicates
reasonable agreement except the shape of the load-displacement curves for both mortar
joint and dry joint masonry after peak point. The reason for this is that there exists no
gradually developing damage defined in the elasto-plastic model.
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Abstract. One of the main fields of shape memory alloy application in civil engineering is
oriented on mitigation of earthquake effects on structures. Vibration isolators that incorporate
elements made of SMA take advantage of its characteristic phenomenon of nonlinear hysteretic
response, also known as superelasticity. In this work, authors presents an approach to
phenomenological modelling of SMA by using rheological schemes. One of the advantages of
this approach is a possibility of formulation of constitutive relationships as a set of explicit
differential equations. As an illustration of validity of the formulation, authors present the
response of single degree of freedom oscillator that incorporates SMA elements modelled by
different existing SMA models. The response obtained based on the model that uses rheological
schemes is compared with Lagoudas thermodynamic constitutive SMA model and simplified
material model. All of the compered models are found to match well and show important
reduction in displacement transmissibility.
1

INTRODUCTION

Shape memory alloys (SMA) belongs to the family of smart materials being
comprehensively studied in recent decades. One of the main fields of its application in civil
engineering is oriented on mitigation of earthquake effects on structures. Vibration control
devices that incorporate elements made of SMA take advantage of its characteristic
phenomenon of nonlinear hysteretic response, also known as superelasticity [1]. Such devices
are especially promising for retrofitting and protection of architectural heritage what was
verified in several application for strengthening of cultural heritage structures.
In this work, authors present a novel approach to modelling of SMA by using rheological
schemes. As an illustration of validity of the formulation, authors present the response of a
single degree of freedom oscillator that incorporates SMA elements modeled by different
existing SMA models. The response obtained based on the model that uses rheological schemes
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is compared with thermodynamic constitutive SMA model developed by Lagoudas et al. [2, 3]
and simplified material model also presented by Lagoudas et al. [4].
2

CHARACTERISTICS OF SMA

The first observations of shape memory specific characteristic behaviour were done during
the first half of 20th century. First in 1932, Ölander observed “rubber like effect”, later named
as superelasticity, in an alloy of gold and cadmium [5]. Further studies of this alloy led to
observation of “shape recovery”, later named as shape memory effect, by Chang and Read in
1951 [6]. The breakthrough event for SMA studies was the discovery of Nitinol, an alloy of
nickel and titanium, in 1963 by Buehler and co-workers from U.S. Naval Ordnance Laboratory
[7]. Since then it has been discovered that alloys such as copper-zinc-aluminium alloy [8],
copper-aluminium-nickel alloy, iron-platinum alloy, iron-palladium or iron-manganese-silicon
alloy [9] presents similar unique properties. However, the Nitinol is considered as the alloy that
shows the best shape memory properties [10]. SMAs find applications in various fields of
engineering such as aeronautics [11], biomedical engineering [12] (especially cardiovascular
applications [13]) and structural engineering [14, 15].
The main characteristic of SMAs that benefits for the application in the structural
engineering field is superelasticity. This phenomenon can be described based on the graph of
the response for the uniaxial tension test of the SMA specimen (Figure 1). After the initial,
close to linear, response the superelastic plateau occurs. This kind of response is similar to the
one observed during yielding but in this case it is related to stress-induced phase transformation
from austenite to martensite (arrow 1 in Figure 1). When the phase transformation completes
the further elastic transformation follows the rise of tensile stresses. Upon the stress removal,
the reverse phase transformation, from martensite to austenite (arrow 2 in Figure 1) is induced.
It results in almost complete strain recovery.

Figure 1: Shape of hysteresis loop of SMA and its numerical simplification
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3

SMA IN RETROFITTING OF HISTORICAL STRUCTURES

Applications of SMA in strengthening of cultural heritage structures base on the traditional
tying techniques increasing the box-type behaviour of the building. The performance of ties
that incorporate SMA elements is enhanced due to the phenomenon of the superelasticity. In
case of ground motions with low intensity or other horizontal loads the SMA elements work in
the first, elastic branch (Figure 1) what results in behaviour similar to classic (e.g., steel) ties.
In case of strong ground motion, SMA elements undergo phase transformation what effects in
reduction of stiffness and allowance for controlled displacement of tied members. This
phenomenon permits the structure to dissipate part of the energy through a microcracking
instead of a dangerous macrocracking. The displacement is later recovered upon the load
removal. The noticeable fact is a lower force transmitted to the historical material. Finally, in
case of severe ground motion or other extraordinary horizontal load the stiffness of SMA
elements increase what helps preventing from excessive displacements [16].
The reinforcement technique for historical structures that incorporates SMA was studied and
developed within the ISTECH Project [17]. It based on a device, equipped with wires made of
SMA, that reduce the risk of collapse of masonry buildings in case of strong earthquake actions.
The trial intervention was implemented in 1999 during restoration of bell tower of San Giorgio
church in Trignano after the earthquake in October 1996 which struck the Reggio Emilia and
Modena Districts (Italy) [18]. SMA devices were installed as a parts of vertical post-tensioned
ties that improve bending and shear resistance (Figure 2a). Despite the numerical and
experimental campaign, the application was also verified by another earthquake in June 2000,
after which the structure showed no damage of any type. That proved the effectiveness of such
a technique.

Figure 2: Schemes of the SMA devise arrangements for retrofitting of historical structures – (a) vertical ties
in slender structures [18] and (b) horizontal ties for facades [16]

The successful results of the research and exploitation of ISTECH project led to the further
application of SMA in restoration of the Basilic of San Francisco in Assisi and the Cathedral of
San Feliciano in Foligno [16]. In those cases the strengthening was intended to improve the
connection between perpendicular elements (Figure 2b), such as the transept tympanum (in the
Basilic of San Francisco) and the façade (in the Cathedral of San Feliciano). Such an
intervention aim at the prevention of a out-of-plane collapse of tied elements.
Another investigation was performed by Cardone et al. [19] who examined a behavior of
SMA implemented in ties of timber roof trusses. The experimental campaign, that included
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thermal behavior and shaking table tests, led to the installation of prototype device in the San
Paolo Eremita church in Brindisi.
Presented applications of SMA in historical structures show their several advantages. The
improvement of box-type behaviour of buildings, originated from traditional ties, is followed
by possibility of controlled displacement that leads to energy dissipation. Moreover, the
features of SMA, allow to control the forces in ties not only related to the seismic event but also
to changes of temperature, corrosion, and relaxation due to deformation of masonry (creep)
[18–20].
4

NUMERICAL MODELLING OF SMA

According to Cisse et al. [21] the constitutive models of SMA could be divided in terms of
modelling scale and mathematical structure in the following groups:
− microscopic thermodynamic models,
− micro-macro models and
− macroscopic models.
The models from the first category describe microstructural features in SMA behaviour
(e.g., phase nucleation, interface motion, martensite twin growth) at the lattice or grain-crystal
levels. The models from the following category rely on micromechanics to describe the material
behaviour at the micro or meso scales and then based on a scale transition macroscopic
constitutive equations are derived. The last group consists of the models that describe the
behaviour of polycrystalline SMAs based on phenomenological considerations, simplified
micro-macro thermodynamics or direct experimental data fitting [21].
In case of the analysis of the applications in the field of structural engineering the main goal
is to study the influence of SMA elements incorporated in the structure to its response for the
excitation. In such a case the most efficient models are the phenomenological macroscopic one.
4.1 SMA vibration control devices modelling with rheological schemes
The concept of modelling SMA as a certain set of rheological elements was earlier discussed
by authors in [22–26]. This approach belongs to the group of macroscopic models of SMA and
allows to analyse behaviour of structural members without a detailed analysis of the phenomena
at the microcrystal level.
The model of a vibration control device can be represented as a single degree of freedom
system (Figure 3a) where the mass displacement is given by X ( t ) and base displacement by
Y ( t ) . In this configuration the SMA element is given as a “black box” that expresses the

particular set of rheological elements. By the proper configuration of linear elastic springs
(characterized by the stiffnesses k1 and k 2 in Figure 3b), perfectly plastic body (characterized
by the force T0 in Figure 3b) and perfectly elastic body (characterized by the force P0 in Figure
3b) the hysteretic loop given in Figure 3c can be obtained. In such a configuration the perfectly
plastic body is responsible for energy dissipation of the structure, while the perfectly elastic
body, along with linear elastic springs, are responsible for energy accumulation. A detailed
explanation as well as one-dimensional characteristics of elements are wider discussed in [26].
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Figure 3: Schematic representation of SMA vibration control device, SMA rheological scheme and the graph
of the hysteretic loop

The resultant hysteretic loop (Figure 3c) is characterized by the modified values of forces
P and T0* . The correction is a result of kinematic strengthening which is associated with the
*
0

presence of the k1 spring in the model. This implicates the increase of the initial value of the
internal force at the beginning of the martensitic phase transformation. The correction is given
by the equations
=
P0*

k1 + k2
k1 + k2
=
P0 , T0*
T0
k2
k2

(1)

In the structural analysis of buildings subjected to the earthquakes the typical excitation
applied to the structure is a ground acceleration related to ground motion. The following
equations will be presented following such a kind of excitation. Taking it into consideration the
equation of motion of the system shown in Figure 3a is given by the following differential
equation
mX ( t ) + S ( t ) =
−mY (t )

(2)

where S ( t ) is a force response of SMA rheological model given by the equation
S=
( t ) S1 ( t ) + S2 (t )

(3)

S1 ( t ) = k1 X ( t )

S2 ( t ) = k2 ( X ( t ) − X tr ( t ) )

The rate of deformation of the phase transformation X tr is given by
X tr = f SMA ( X , X , X tr )

(4)

where
 X if S2 =
P0 + T0 and S2 X  0

=
f SMA =
X if S2 P0 − T0 and S2 X  0 and S2 X tr  0
0 otherwise


(5)

The above presented set of explicit non-linear differential equations enable to model a
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behaviour of SMAs in isothermal conditions in a certain temperature. In different temperatures
values of P0 and T0 will vary. The generalization of the model for different thermal conditions
is possible by determination of the relation between forces P0 and T0 and temperature. However
this generalization does not influence the character of the presented equations.
5

RESULTS COMPARISON

In order to compare results of the discussed approach to constitutive modelling let consider
a SDOF system presented earlier in Figure 3a. The damping of the mass displacements takes
place due to stress induced phase transformation of SMA and its hysteretic response.
The considered excitation is a harmonic acceleration applied to the mass. Details of the
excitation and material characteristics are given in Table 1. In order to make a comparison those
values are based on the numerical example from the work of Lagoudas et al. [4].
Table 1 Design and material parameters

Design parameters
500 kg
Amplitude of
153,4 m/s2
base excitation
Mass

Frequency of
base excitation

Material model parameters
k1
527 N/mm

50 Hz

k2

14620 N/mm

P0

6519 N

T0

5761 N

The discussed equations (2) - (5) were implemented in Wolfram Mathematica software. The
set of differential equations was numerically solved applying NDSolve function by
incorporation of forward Euler (ExplicitEuler) method. The results are presented below as a set
of graphs showing the time history of the mass displacement (Figure 4) as well as the hysteretic
loop (Figure 5).

Figure 4 Time history of the mass displacement

2151

Kacper Wasilewski and Artur Zbiciak

Figure 5 Hysteretic loop of the analyzed SMA device

The graph of the mass displacement history presents noticeable reduction of the amplitudes
in the following cycles. The hysteretic loop has a shape characteristic for a superelasticity
behaviour of SMA.
Results obtained from basic polynomial model [2] and simplified model [4] obtained by
Lagoudas et al. [4] are presented for comparison in Figure 6 and Figure 7. Despite the
dissimilarities of maximal and minimal values compared results the character of all of the
graphs is coherent. This implicates that the presented formulation stays in agreement with
compared models and the differences may result from assumed material parameters.
a)

b)

Figure 6 Maps of the displacements for different models of SMA [4] – a) simplified model and b) basic
polynomial model
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a)

b)

Figure 7 Hysteretic loops for different models of SMA [4] – a) simplified model and b) basic polynomial
model

6

CONCLUSIONS

Results of the presented comparison of numerical example show the validity of the
formulation. The important fact is that the proposed methodology of the formulation of SMA
constitutive equations is based on original rheological schemes. It results in explicit form of
differential equations of the presented model. Such a system of equations can be easily
implemented in mathematical software. The equations could be directly implemented in the
commercial FEM codes as a user’s subroutines (e.g. UMAT and VUMAT subroutines in
Abaqus [22–24]). Such an implementation may facilitate the analysis of complex structures,
such as historical masonry, retrofitted with SMA devices.
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Abstract. This article is focused on the numerical analysis of the historical structure of the
reinforced concrete shell. Shells form the roof of the tram depot. It was built in the 50s of the
20th century. The shells are conoid shaped with a control curve in the form of a catenary. The
construction of the depot began to show excessive deformation and lose its stability. At present,
the depot is out of service and the shells are temporarily supported. This prompted the
commissioning of a diagnostic survey and numerical analysis of the structure. The diagnostic
research revealed the quality and strength of the concrete, the reinforcement of the structure,
the actual thickness of the shells, the structure of the roof cladding and defects in the structure
(cracks, etc.) At the same time, the bottom surface of the whole structure was scanned with a
3D scanner and selected points of the structure were measured by geodetic methods. Numerical
analysis focused on one shell at the edge of the depot structure. The model was created in Atena
3D software. The main aim of the analysis was to determine the behavior of the structure under
load and to predict the ways of its deformation for different loading methods to determine the
possible reason for the current deformed shape. Consequently, compare these predicted
behaviors with the real deformed structure, whether its deformation corresponds to normal
behavior.
1

INTRODUCTION

The main object of the tram depot Hloubětín consists of a hall with 5 bays. There are 5
parallel tram tracks in each bay, the total number of tracks is 25. On these tracks tram cars were
shut down and their maintenance and repairs were carried out.
The load bearing structure of the hall, roofing and construction of rail supports were built in
the 1950s. The reinforced concrete monolithic structure of the hall is formed in the longitudinal
direction by associated frames - columns and longitudinal girders. In the longitudinal direction,
the structure is divided into 3 expansion units of 4, 5 and 4 frames, ie a total of 13 frame
constructions = 13 fields. The hall of the depot consists of 6 rows of these frames - 2 outer and
4 inside, which create just 5 bays of tram depot. In the transverse direction, the longitudinal
frames are connected by transverse arched girders with a curved rod. It is a sawtooth
arrangement of roofing with vertical girders. The areas between longitudinal and transverse
girders are covered with reinforced concrete monolithic shells 18.8 m wide and 8.75 m long,
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typically 50 mm thick – according to project. These are the shells used to roof the depot instead
of the originally designed steel roof structure due to lack of steel at the time of construction.
The shells have the shape of a conoid with a control curve in the form of a catenary. In total,
the hall is covered with 65 (5x13) shells with total floor plan dimensions ~ 114.25 x 94.0 m (L
x W)
Operation of the tram depot Hloubětín was launched on March 10, 1951, all original bays
were put into operation at the beginning of 1952.
During the operation of the depot, the insulation of the roof cladding was reconstructed. The
original composition of the roof cladding (Heraklit wood fiber insulation + foam concrete with
a total thickness of 100 mm) was removed. It was replaced by mechanically anchored thermal
insulation thickness ~ 60 mm (polystyrene or mineral fibers) covered with asphalt insulating
strips.
The structure was supported by temporary supports and was in disrepair due to excessive
deformation of the shells - locally deviating from the ideal shape up to 150 mm, indicating a
loss of stability and a change in the behavior of the structure.

Figure 1: Longitudinal and transverse section and front view of tram depot

The structure was evaluated several times to determine the load-bearing capacity of the
structure, but nobody looked in detail at the possible cause of the failure. It has been concluded
that the structure does not meet the requirements according to European standards and there is
no possibility to improve this situation by possible reinforcement of the structure.
2 CONCLUSION OF DIAGNOSTIC SURVEY
A diagnostic survey was carried out on the construction of the depot. It was focused on
finding the material properties of the elements of the load bearing structure – girders, columns
and shells. Another important part of the survey was to determine the real reinforcement of
shells using destructive and non-destructive methods. Part of the survey was also localization
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of detected failures - cracks in concrete, reinforcement corrosion, excessive deformations, etc.
The survey was completed with a 3D scan of the bottom surface of all 65 shells.
The diagnostics showed:
• In most cases, the shells exhibit a visually apparent typical deformation manifested by
symmetrically placed two 'bent down'.
• Cracks signaling tensile stress were diagnosed at the point of additional support of the
shells.
The shells show obvious deformations (Figure 2, 3) and their center line deviates
significantly from the ideal shape of the shells from the project. This shape fundamentally
affects the unsatisfactory static behavior.
The following facts were recommended for nonlinear calculations:
• Strength of concrete C25/30.
• The reinforcement of the shells is in good agreement with the original project and
consists of smooth rods with a diameter of 5.5 mm.
• The recommended design yield strength of the reinforcement is 180 MPa.
• The coverage of the reinforcement when measured from the lower face is very variable
and oscillates over a wide range of 5-25 mm.
• The thickness of the shells is also highly variable and oscillates in the range of 35-65
mm.
• The roof cladding consists of 20 mm thick waterproofing, 60 mm thick thermal
insulation, which is made of mineral fiber mats at the point of large curvature and in other cases
made of EPS (expanded polystyrene), 5 mm vapor barrier.

Measured shape of shell
Designed shape of shell

Figure 2: Longitudinal section of the shell at the point of greatest deformation, added shape according to the
design
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Figure 3: Contour line after scanning the bottom surface of shell shell 7 in field 5 - plan view. Areas with
pronounced bulges marked.

3

NUMERICAL ANALYSIS - MODELS

The numerical analysis was carried out on the model of the structure with the ideal shape
and also on the model, whose shape was based on the performed 3D scanning. In both cases, a
shell lying in the center of the outer bay of the hall was modeled.
3.1 Numerical model of ideal shell shape
Based on the preserved fragments of the original documentation, a 3D model of the structure
has been worked out, on the basis of which the computational model of the structure was created
in the program Atena 3D.
The model captures one shell, located in the center of the outer bay of the hall. Thus, the
calculated structure is prevented in three directions from shifting by the "rest" of the structure
and one side may deform. This arrangement is a simplification of the complex relationships that
influence the individual elements of the roofing - ideally, it would be possible to have a model
of the entire expansion unit, which, given the dimensions of the structure, could not be managed
with commonly available computer equipment. The individual shells and the supporting
elements interact with each other - bringing additional loads and forced displacements for the
part of the structure considered by us that are not taken into account.
The shell is modeled with the thickness by the project - it is 50 mm, which is measured
vertically. The shell is double curved, so it is divided into a series of smaller elements to make
the mesh element generator able to work with these elements. As a result, the model with the
ideal shell shape consists of 320 macroelements (Figure 4).
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Figure 4: Model of ideal shell shape

The model is reinforced according to the drawings of the preserved historical documentation.
All members are inserted into the model as discrete models (= each member is physically
modeled and can show stress). The shell is reinforced with 8Ø5.5 per meter in both directions,
and the upper reinforcement is added at the point of attachment. Reinforcing profiles of
diameters 14, 16 and 20 mm for longitudinal reinforcement (including bends) and diameters of
5 and 7 mm for stirrups are inserted into the beam members. Typical stirrup spacing is 200 mm.
The model contains 2033 bar reinforcements (Figure 5).
The model consists of a finite element mesh with a global mesh edge size of 100 mm. Most
of the macroelements are meshed by tetra elements. The model consists of 307 623 finite
elements in total (Figure 6).

Figure 5: Model with reinforcement
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Figure 6: Model with generated finite element mesh

The support of the model is realized as a fixed support on the lower surfaces of the columns,
supplemented by the conditions of continuity on the parts of the structure, which are connected
to the surrounding parts of the roof – supports, which prevent rotation and horizontal
displacement in direction of supported face. (Figure 7).

Figure 7: Model with applied supports

2161

Petr Kněž, Petr Tej and Jiří Kolísko

The structure is loaded by its own weight, load from the roof cladding, snow (even and
windblown) and temperature (±20°C).
3.2 Numerical model of actual shell shape
Based on the measurement of the actual shell shape using a 3D scanner, the shell model was
created in Atena 3D. It is a shell placed in the same part of the depot as a model of ideal shell
shape. The support elements of the shell are again modeled on the basis of preserved
documentation.
Since the already deformed structure is modeled, it is not possible to re-load it with dead
loads (self-weight and other dead loads) as they would generate additional deformations that
are already part of the model. However, these loads on the structure create some unknown stress
state, which has a major impact on results. We tried to take this into account by reducing some
of the material properties based on the results on an ideal shape model. Cracks on the actual
structure were also detected by diagnostics, which is another parameter that is very difficult to
take into account when modeling the structure. However, these cracks affect the rigidity of the
structure. Due to the orientation of the cracks, their cause is not most likely to be caused by
force loads, but cracks caused by non-force effects (temperature, drop in supports).
The shell is modeled with an average thickness according to the survey - it is 48 mm, which
is measured vertically. Shell elements were divided according to the needs of the program into
smaller partial parts (shell on parts approx. 0.4x0.4 m - for the possibility of capturing
deformations), some elements were divided into triangles (elements of the shell). The model
consists of a total of 2116 macroelements (Figure 8).

Figure 8: Model of actual shell shape

The reinforcement of the model is almost the same as the model with the ideal shape. The
difference is due only to the unsymetry of the structure. The reinforcement bars of the shell
follow the deformed shape. Reinforcement of beams is simplified - instead of bent
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reinforcement, straight profiles are used to match the number of reinforcement bars in critical
sections. The model contains 974 bar reinforcements (Figure 9).
The finite element mesh is generated according to the same principles as described for the
ideal shape model. The model consists of 277 613 finite elements in total. Model supports, snow
and temperature loads are also the same (Figure 10).
Only dead loads are not considered, as explained in the introduction to this chapter.

Figure 9: Model with reinforcement

Figure 10: Model with generated finite element mesh
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3.3 Materials
The proposed material strengths are not available in the original documentation, so the
concrete strengths found in our diagnostic survey are used and the material characteristics of
the reinforcement are determined on the basis of tests performed on the cut-outs.
Laboratory tests on concrete samples result in the use of concrete strength class C25/30.
Used material model works with mean values of strength and basic values are given in Table 1.
This material model is used for the whole model of the ideal shell shape and for the beam
elements of the actual shell shape model. The material model used on the model of the actual
shell shape is divided into two categories. The first is applied to the most parts of the shell and
simulates the initial stress state (Table 2). The second category material model is used in place
of cracks found by survey (Table 3).
The material model 3D nonlinear cementitious 2 [1,2,7] was used for the numerical analysis.
It takes into account the plastic deformation of concrete and its tensile softening after the crack.
Table 1: Mateial characteristics of concrete class C25/30 Mean

Attribure
Modulus of elasticity
Compressive strength
Tensile strength
Fracture energy

Symbol
E
Fc
Ft
Gf

Value
31000
33
2.6
8.368E-05

Units
MPa
MPa
MPa
MN/m

Table 2: Mateial characteristics of concrete class C25/30 Mean – reduced values for parts without cracks

Attribure
Modulus of elasticity
Compressive strength
Tensile strength
Fracture energy

Symbol
E
Fc
Ft
Gf

Value
16000
33
1.35
4.368E-05

Units
MPa
MPa
MPa
MN/m

Table 3: Mateial characteristics of concrete class C25/30 Mean – reduced values for parts with cracks

Attribure
Modulus of elasticity
Compressive strength
Tensile strength
Fracture energy

Symbol
E
Fc
Ft
Gf

Value
16000
33
0.5
8.368E-06

Units
MPa
MPa
MPa
MN/m

The reinforcement for model of ideal shell shape is modeled using a bilinear material model with
hardening with a yield strength of 280 MPa, an ultimate strength of 400 MPa and a maximum elongation
of 10%. The reinforcement for model of actual shell shape is modeled using a bilinear material model
with hardening with a yield strength of 170 MPa, an ultimate strength of 250 MPa and a maximum
elongation of 7% due to initial stress state.

2164

Petr Kněž, Petr Tej and Jiří Kolísko

4

NUMERICAL ANALYSIS - RESULTS

4.1 Results for model of ideal shell shape
Calculations have shown that the weak points are in particular the supporting structures,
namely the arc tie rod, frame joints and column (Figure 11, 12). The design is strongly
influenced by volume changes due to temperature load. The dilatation units are relatively large
and the deformations add up. Cooling of the structure results in tensile stress of the elements (a
possible source of cracks for both the shell and the beam members), warming then stresses the
structure by pressure (potentially there is a loss of stability and buckling of thin-walled
elements)

Figure 11: Cracks at ideal shell shape model

Figure 12: Deformed model of ideal shell shape, deformation scale 100:1
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4.2 Results for model of actual shell shape
The results are based on the assumptions outlined above and are of an informative nature
and very approximate. Generally, it can be stated that tensile stresses occur at the structure at
the point of “bulges” and continue to contribute to the deterioration of the current state (Figure
13). According to the survey, deformations of up to 150 mm occur on the structure, a value that
indicates a serious problem.

Figure 13: Deformed model of actual shell shape, deformation scale 250:1

5

CONCLUSION

The vast majority of shells typically have a deformed shape formed by two bulges (see
Figure 13). The absolute size of the bulges varies from shell to shell. According to the survey,
deformations of up to 150 mm occur on the structure, a value that indicates a serious problem.
The assessment of the shell structure in the ideal shape according to the archival
documentation did not prove a possible cause of the actual deformations found by the survey.
The existing deformed shape of the shells determined by the measurements does not correspond
to the deformations resulting from the analysis of the structure (Figure 12). Both in shape and
in absolute values of deformation, taking into account creep over time. The shell was loaded
with positive and negative temperature, blown snow and local loads possible during the
maintenance of the roof in accordance with European standards.
This analysis confirmed only the frequent phenomenon when historic reinforced concrete
structures are not sufficiently reinforced when assessed according to current standards. The
volume of reinforcement would be sufficient, but due to its lower strength, the result is an
unsatisfactory assessment of the ultimate limit state.
The reason for the current atypical deformation of the shells is thus not entirely clear. It is
not possible to exclude initial imperfections from the time of construction, which were
gradually enhanced by the creep of structures. Alternatively, there could also be local
overloading of the shells, eg during the replacement of the roof cladding in 1994. However,
damage to the structure during the replacement of the roof cladding seems to be the most likely
reason that triggered the degradation of the shells. The original construction of the foam
concrete roof cladding would have to be removed very gently, which probably did not happen,
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moreover, it was not necessary from a static point of view. The subsequent new roof cladding
formed by thermal insulation was mechanically anchored directly into the shell structure, where
these anchors pass in a number of places completely through the entire thickness of the shell
and are visible from the interior.
However, the final evaluation of the current state of the structure is unchanged regardless of
the cause of its origin. There are tensile stresses on the structure at the location of the “bulges”,
which are unacceptable for this type of structure. The current irregularly deformed shape in
combination with an improperly designed support (low stiffness) substantially contributes to a
further gradual deterioration of the shells and ultimately their unpredictable behavior.
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Abstract. Effective wall-to-floor connections are crucial components of historical buildings to
avoid dangerous mechanisms under seismic actions. Existing buildings often present poor
friction-based links between timber floor and masonry wall and are not able to ensure the socalled “box behavior”, necessary for the correct distribution of seismic forces.
Nonlinear static analysis is one of the most common tools for the seismic assessment of
unreinforced masonry buildings considering advanced nonlinear materials description and
allowing for different approaches. The selection of a proper control node, for the definition of
the pushover curve, is fundamental and sometimes controversial. Moreover, connections are
modelled as simply fixed or absent at all. Dynamic nonlinear analysis seems preferable even
suffering from a higher computational effort.
On the bases of previous experimental campaign developed at the University of Minho, the pullout behavior of a strengthened and unstrengthened masonry-to-timber connection was
simulated numerically using OpenSees software. The connection model considers strength
degradation and pinching, in agreement with the experimental behavior, and is validated from
the energetic point of view, suitable for being included in a global finite element model to study
the influence of the hysteretic energy dissipated within the connections on the overall seismic
response.
This paper describes the calibration process and the application of the connection model into
a unreinforced masonry prototype using nonlinear dynamic analysis under real seismic inputs.
Both strengthened and unstrengthened configurations are implemented and results compared.
The selected model is part of the blind prediction competition organised within the SERA-AIMS
project involving the shaking table test of a half-scaled aggregate.
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The main numerical outcomes show that the model is capable to predict typical damage in
masonry buildings. The presence of a strengthened wall-diaphragm solution seems to play a
secondary role in the overall seismic capacity of the aggregate, probably due to the peculiarity
of the building layout, while the absence of the floor can lead to premature damages.
1

INTRODUCTION

The seismic response of Unreinforced Masonry (URM) buildings is generally weak, mainly
due to their intrinsic high inertial forces, but simple and effective characteristics make the
structure able to sustain even medium-high intensity ground motions [1]. Despite the
geometrical regularities, quality of the materials, masons’ expertise play an important role in
the capacity of the structure, connections between the walls and between vertical and horizontal
elements are crucial for the proper distribution of seismic forces and for preventing dangerous
local mechanisms [2].
Finite Element (FE) analysis using homogeneous masonry elements is widely used for
seismic assessment of historical structures in spite of unavoidable uncertainties concerning
material properties, boundary conditions, value of damping and additional modeling hypothesis
[3,4]. Commonly, simplified equivalent-frame, macro-model approaches under nonlinear-static
analyses are addressed for the evaluation of the seismic capacity of global structures [5–7],
while kinematic analyses are suggested for local analyses of portions of the building as powerful
and relatively quick technique well-known among the research community [8–10]. Recently,
dynamic nonlinear analyses of simple rigid blocks, also show to be valid tools for the simulation
of local mechanisms under ground motion actions, although it is still under development
[11,12].
Whatever modeling/analysis approach is taken, accurate simulation of structural connections
is crucial for the seismic global and local capacity, as it highly influences the dynamic
interaction between the structural components. Common choices involve simplifications both
for Wall-to-Wall (WW) and Wall-to-horizontal Diaphragm (WD) connections, depending on
the quality/degradation of existing links. Weak WD links may lead to complex interactions
concerning frictions or local crushing of masonry, involving possible collapse of the horizontal
or/end vertical elements. Strengthened solutions usually comprises metallic components
providing a more resistant and ductile behavior [13]. The hysteretic energy of such connections
partially influences the overall energy dissipated by the building under seismic forces and
should be accounted for in the numerical model. Unfortunately, the experimental knowledge
about the force-displacement diagram of these connections is poor and it is difficult to
reproduce complicated hysteresis using common modeling techniques. Moreover, WD
connections include a large variety of details resulting in several different configurations, hardly
to standardize [13].
Recently, Moreira [14] investigated the seismic behavior of rubble stone masonry wall to
timber floor beam connections through experimental pull-out tests in both strengthened and
unstrengthened specimens (Figure 1), focusing on the monotonic and cyclic tensile behavior.
The reinforced connection was seen to be promising for the seismic improvement of existing
buildings, often presenting poor friction-based links. This study is considered here as the base
for the numerical calibration and validation of the connection model. The monotonic tests of
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Force (kN)

Force (kN)

the unstrengthened connection are useful in order to give an idea of their poor capacity in terms
of strength and ultimate displacement, setting the conditions for possible numerical simulations.

(a)

(b)

Figure 1: Pull-out tests on WD connections performed by Moreira [14]; (a) unstrengthened; (b) strengthened
configuration

While kinematic or rocking approaches allow to include WD connections through simple
multi-linear constitutive laws, examples on modeling hysteretical structural connections
calibrated on experimental bases can be found for instance in [15–17] developed for
connections in Cross Laminated Timber (CLT) members. Moreover, no similar work has been
done so far on historical building wall-floor joints. Accurate FE models of the connections are
also possible, but not recommended on global buildings with large number of degrees of
freedom where the higher computational effort would be unacceptable.
On the base of the experimental work done by Moreira [14] this work develops a simple yet
versatile model of the connection between timber beam and masonry wall, which is capable of
reproducing the axial hysteretic law as to allow its implementation on global scale models.
2 CALIBRATION OF CONNECTION MODEL
Analytical and numerical developments of experimental data at local level are useful for the
evaluation and design of the connection, appropriate path towards the retrofitting of existing
buildings under performance- or force-based nonlinear approaches [18,19]. ASCE [20] allows
to use cyclic mathematical model when nonlinear dynamic procedures require additional
hysteretic parameters and if shape of the experimental hysteresis loop and hysteretic energy is
in reasonable agreement with the modelled ones.
Two different types of connections are modeled and calibrated to fit monotonic and
hysteretic experimental curves: (i) unstrengthened connection; (ii) strengthened connection.
The experimental force-displacement curves, shown in Figure 1, were obtained for different
wall thickness and vertical stress levels in order to study the influence of two floor levels. Whilst
reinforced connections were tested under both monotonic and cyclic procedures, only
monotonic experimental curves are available for unstrengthened configurations. Thus, some
hypotheses had to be made about the unloading/reloading shape of the hysteresis curve.
Although the experimental campaign cannot be statistically representative of WD joints,
common trend was observed among the typology of connections. In addition, despite the
strength capacity significantly increases with reinforcement (about 10 times) when comparing
the un-reinforced specimen, the influence of different floor level seems less visible on the
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strength, ultimate displacement capacity and shape of hysteretic curves.
Table 1: Summary of experimental tests developed by Moreira [14]; test are labelled using the following
criterium: TT.R.NL, where TT is the wall thickness, R is the type of connection (U = unreinforced or A =
reinforced), N is the number of the wall and L the location of the connection within the wall

floor level

stress level wall thickness connection type monotonic cyclic
40.U.1A
unstrengthened
40.U.1B
Upper Level 0.2 MPa
40 cm
40.A.3A
strengthened
40.A.1A 40.A.4A
40.A.4B
60.U.1A
unstrengthened
60.U.1B
Lower Level 0.4 MPa
60 cm
60.A.2B
strengthened
60.A.1A 60.A.3A
60.A.3B

On the base of these considerations, the WD unreinforced connection model is intended to
be calibrated based on three monotonic tests (40.U.1B, 60.U.1A, 60.U.1B), while 60.A.3B is
selected as the benchmark test for the reinforced connection model, the only one pulled out up
to full collapse of the connection (Figure 1).
Within the aim of this work, a single axial spring-like element, calibrated to simulate the overall
behavior between the timber floor beam and the masonry wall, is intended to be modelled in a
FE environment easy to be implemented in global models. Current experimental tests did not
take into account pounding and shear effect, necessary for the full characterization of the
coupled axial-shear WD connection under seismic actions, being them solely pull-out uniaxial
tensile tests. Therefore, adequate hypotheses have to be developed by the analyst about the
remaining unknowns. Inelastic uniaxial material is assigned to a zeroLength element [21],
representing a two-node spring simply fixed at one end and free to translate to the second end
(Figure 2a). Hysteretic material model is used to simulate the force-displacement experimental
cycles (Figure 2b), accounting for pinching of force and deformation, damage due to
deformation and energy, and degraded unloading stiffness based on ductility. The envelope is
defined based on three points in each direction and 5 additional parameters governing the cyclic
degradation and shape of the curve.

(a)

(b)

Figure 2: 1-D connection model developed in OpenSees [22]; (a) model layout; (b) definition of Hysteretic
material model envelop points
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Force (kN)

Force (kN)

Numerical envelops sufficiently fit the experimental monotonic averaged curves in the case
of unstrengthened connections and the backbone curve for the 60.A.3B strengthened
configuration (Figure 3). It is worth noting that experimental behavior clearly presents a nonelastic unloading path (i.e. unloading slope is almost vertical if compared to the pre-yielding
path, see Figure 1b), while numerical unloading is basically elastic (𝐾𝐾������ = 𝐾𝐾� , for zero
unloading degradation). According to the above consideration, the first yielding point P1 with
coordinates (𝜀𝜀� , 𝜎𝜎� ), not only defines the elastic limit, but also influences the unloading
stiffness, so that two additional points can be devoted to the shape of the envelop curve. While
in tension, it is possible to define a very low residual stress, 𝜎𝜎� , simulating the collapse of the
connection, indefinitely elastic behavior can be set in compression reproducing the relatively
rigid pounding of the beam over the masonry panel. Comparison between the experimental and
numerical 60.A.3B hysteresis is shown in Figure 4a, demonstrating sufficient agreement in
terms of loading/unloading/reloading paths, ultimate capacity, energy computation (Figure 4b).

(a)

(b)

Force (kN)

Energy (kN mm)

Figure 3: Comparison between numerical and experimental envelope curves of (a) unstrengthened,
(b) strengthened 60.A.3B WD connections

(a)

(b)

Figure 4: Comparison between numerical and experimental connections (a) 60.A.3B strengthened force-slip
curve; (b) total energy

The connections are subjected to reverse cyclic loads to better show the capability of the
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model when inverting displacement sign (Figure 5). Only few parameters are necessary to
define damage and pinching into the hysteretic model which agrees well with the selected
experimental connections. Moreover, despite it is not possible to study the influence of each
connection component, setting a limit of the approach, the same calibration procedure can be
easily adopted to similar connections, simply modifying few parameters.

(a)

(b)

Figure 5: Numerical connection behavior under reverse cycles: (a) unstrengthened model; (b) strengthened
60.A.3B model

3

APPLICATION ON BUILDING PROTOTYPE

3.1 Description of the building
With the aim of better understanding the seismic behavior of stone masonry aggregates, a
blind prediction competition has been organized by SERA project AIMS [23] providing
experimental results of shake table tests of two half-scaled stone masonry units under two
components of horizontal excitations. Research community was invited to develop advanced
numerical strategies able to predict the seismic damage of such structures. The geometry is
based on typical aggregate layout (Figure 6a), where Unit 1 is a 30 cm thick 2.20 m tall single
floor U-shape building, while Unit 2 is a two floor 3.15 m tall rectangular building with
decreasing thickness along the height (35 cm at the ground floor and 25 cm at the top floor).
Timber beams follow two different orientations and form a relatively weak WD connection, as
they are simply infixed and supported into the masonry wall (Figure 6c). Steel angles placed to
anchor beams into walls are only present as precaution for later phases of the test and are not
activated, thus not expected to influence the behavior of the test buildings. 2 cm thick wooden
planks are placed perpendicular to the beams composing a flexible diaphragm. Unit 2 shares
one façade with Unit 1; the discontinuity is given by a dry joint connection among the two
buildings. A series of 6 cm thick timber lintels are placed above the openings, and reduction of
thickness below the openings is considered by using 15 cm thick spandrels. The structure
presents symmetry along the Y longitudinal axis.
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(a)

(b)

(c)

Figure 6: (a) 3D FE model– timber beams are not shown for the sake of clarity; (b) masonry material model
adopted; (c) detail of WD connection

3.2 Numerical model
3D numerical simulation of the aggregate is performed in OpenSees v.3.0.3 FE framework
[22] following a macro-modeling approach where homogeneous masonry material properties
need to be assumed. stBrick elements (eight-node brick object) have been used for masonry and
timber lintels, while trusses are adopted for timber beams. The model counts 16688 elements
and 22672 nodes, for a total of 66016 degrees of freedom (D.O.F.) (Figure 6a). Two models are
developed in order to study the influence of WD connections, namely unreinforced and
reinforced connection models. The former is supposed to be the most representative of the
actual behavior of experimental specimen, while the second simulates a possible retrofitting
solution in agreement with the previously studied strengthened connection (Figure 1). The
masonry material model assigned to the brick elements is the Faria1998 damage-plastic model
[24], originally developed for concrete and allowing for classical stress-strain envelopes,
strength enhancement for confinement, and residual compression strain upon reversal load
(Figure 6b). The material was implemented in OpenSees by Tesser (University of Padua) and
Talledo (University of Venice), who kindly shared the corresponding routine. Selected masonry
material properties (Table 2) are based on preliminary standard tests on masonry wallets.
Table 2: Faria1998 material properties

Young’s modulus
Poisson’s ratio
Compressive strength
Tensile strength
Damage parameter in compression
Damage parameter in compression
Damage parameter in tension
Plastic deformation coefficient

𝐸𝐸 2.0𝑒𝑒6 𝑘𝑘𝑘𝑘𝑘𝑘
𝜈𝜈 0.14
𝑓𝑓� 1300 𝑘𝑘𝑘𝑘𝑘𝑘
𝑓𝑓� 170 𝑘𝑘𝑘𝑘𝑘𝑘
𝐴𝐴� 2.0
0.7
𝐵𝐵�
𝐴𝐴� 1.0
𝛽𝛽 0.4

zeroLengthImpact3D [25] elements were used at the interface between the units capable of
reproducing pounding/impact, and friction between the walls, based on Hertz and Coulomb
theories, respectively. Values of 0.6 friction ratio and 0.0 cohesion were selected as reasonable
value for dry stones [26–28]. Previously calibrated Hysteretic material is assigned to
zeroLengthElement (Section 2), simple node-to-node uniaxial springs between trusses and
walls, while shear D.O.F. are assumed rigid. Timber beams are modelled using two-nodes truss
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elements and floor mass is lamped at the beam ends. Base nodes are fixed. The model is meshed
following a structured mesh of elements with characteristic length of 5 or 10 cm (Figure 6a).
3.3 Analysis and results
After the application of self-weight, the transient analysis is set using Newmark’s integrator,
Newton algorithm, energy increments-based convergence test and tolerance of 1e-3 with 100
maximum number of iterations. Damping matrix is specified using Rayleigh damping [29] as a
linear combination of stiffness and mass-proportional damping matrices, common in FE
dynamic analyses, setting 𝛼𝛼� = 3.9685, 𝛽𝛽� = 0.0001897 calculated based on 1st and 10th
eigenfrequencies in order to account for all important translational and torsional modes and
selecting a value of damping ratio of 𝜉𝜉 = 3%. It is worth noting that the eigenvalue analysis
was performed disconnecting the two units and neglecting floor trusses, in order to evaluate a
wide range of reasonable mode shapes.
The model is subjected to two horizontal components of the Montenegro 1979 real record
[30], scaled and adapted for the shaking table limits. An Incremental Dynamic Analysis (IDA)
is planned considering 25% - 50% - 75% and 100% of the ground motion, reaching the
maximum PGA of the shake table (0.875g). According to preliminary analyses, a reduced timehistory is performed neglecting the initial 25% sequence, considered to insignificantly damage
the structure, thus not justifying the increased computational time. Each level comprises a
sequence of 3 substeps: (i) y-direction; (ii) x-direction; (iii) both directions (Figure 7), forming
a total of 9 steps, of which 6 are unidirectional, and 3 are bi-directional.
10

Y-direction
X-direction

5
0
-5
-10

0

20

40

60

Time (s)

80

100

120

Figure 7: 100% sequence of Montenegro 1979 input ground motion: [Y – X – XY]

Total computational time necessary for the whole sequence (49,844 steps) was about 5 days
13 hours using a Windows-based machine with intel Core i7-9750H CPU (2.60 GHz), and
16 Gb RAM. Damaged models are shown in Figure 8 in terms of principal tensile strains, while
time-history results are displayed in Figure 9 in terms of top floor displacements and seismic
coefficient, calculated as 𝛼𝛼� = ∑ 𝐹𝐹� /𝑊𝑊, where 𝑖𝑖 stands for X or Y directions and 𝑊𝑊 is the selfweight of the structure.
Peak displacements are attained at the last bi-directional step of the 100% sequence. Here,
the maximum horizontal displacements in Y-direction at the top corner of unit 2 (46 mm in the
strengthened specimen and 35 mm for the unstrengthened model) are about 5 times higher than
the displacement under 100% Y (Figure 9). Very few differences can be observed between the
unstrengthened connection model and the strengthened one, both in terms of damage and
displacements.
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(a)

(b)

Figure 8: Tensile principal strains; (a) unreinforced model; (b) reinforced model

The maximum relative beam-wall detachment (calculated as the difference of the beam end
and the wall node displacements) is attained in the unstrengthened model without exceeding
1 mm. This is quite a low value, deserving further analysis.
0.5
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Top floor corner unit 2 time-history displacements along Y and X directions

Seismic coefficient vs. horizontal X and Y displacements at the top unit 2 corner
(a)

(b)

Figure 9: Dynamic nonlinear analysis results; (a) unreinforced model; (b) reinforced model
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Time history analysis results of same model neglecting timber beams (floor mass is lamped
over the wall nodes) are shown in Figure 10 for comparison, demonstrating that buildings with
no diaphragm attain higher displacement levels and damages. Compared to the previous
models, the building with no floors is expected to be severely damaged since the 100% Y
substep, where local and global mechanisms could be activated.

(a)

(b)

Figure 10: No-diaphragm model results: (a) displacement time-history of 75% and 100% sequence; (b) tensile
principal strains at peak displacement at 100% sequence

(-)

Previous results are compared to pushover analysis results (Figure 11). The strength capacity
in the positive Y direction predicted by the static analysis is slightly lower than the dynamic
prediction (-15%), while the initial static stiffness matches well the dynamic envelope (Figure
11a). Damage patterns at the final step of pushover analysis resemble the ones obtained through
dynamic analysis but show major damage suggesting the formation of mechanisms at a lower
displacement level. It is worth noting that at about 24 mm displacement, the 20% of the
maximum strength capacity is lost, thus further deformations are not trustworthy.

(a)

(b)

Figure 11: Static nonlinear analysis results: (a) comparison between static and dynamic capacity curves;
(b) principal tensile strains and deformed shape at final step

2177

Fabio Solarino, Daniel V. Oliveira and Linda Giresini

4

CONCLUSIONS

Nonlinear dynamic time-history analysis is considered one of the most advanced techniques
for evaluating the influence of hysteretic wall-to-diaphragm connections on a global URM
building in a finite element environment. This work aimed at developing a relatively simple
nonlinear numerical connection simulating the complex axial behavior between timber and
masonry at floor level. Such connection models are ready to be used in global building models
in order to study the influence in a reinforcement perspective.
Two long incremental dynamic analyses were performed on a building prototype, within the
scope of a blind prediction competition, in order to predict the behavior of typical aggregate
under shake table tests. In-plane and out-of-plane damage is expected especially under the last
100% bidirectional quake, where the model attains the peak deformation of more than 40 mm.
No visible improvement is obtained if wall-diaphragm model simulating a strengthened
solution is set, probably due to the peculiarity of the buildings and relatively low floors. Local
damages are expected especially on Unit 2 façades normal to Y-axis, due to the flexibility of
the floor, and bouncing effect at the interface with Unit 1. The same façades are expected to
rock out-of-plane, because of the formation of vertical cracks at the connection with transversal
walls (Figure 8).
The presence of Unit 1 makes the aggregate more flexible in the positive Y-direction, where
the peak displacement is attained (Figure 9). Moreover, unit 2 - ground floor masonry piers are
expected to rock along Y-direction, leading to a possible “soft-story” collapse.
The absence of timber floor beams results in a heavily damaged model where premature
local mechanisms are expected to appear, demonstrating the well-known importance of
adequate horizontal diaphragms.
Finally, a nonlinear static (pushover) analysis was performed and compared to dynamic
analysis results only for the unreinforced connection model. The pushover curve agrees well
with the dynamic analysis in terms of initial stiffness and strength capacity (being this about
15% lower than the seismic coefficient obtained from dynamic analysis). However, the
pushover analysis tends to overestimate the ultimate displacement capacity of about 60% with
respect to the dynamic analysis, even if severe damages are expected rather before.
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Abstract. Traditional architecture made of timber-framed masonry (TFM) system is
widespread around the world and has already been recognized as a unique cultural heritage
to be preserved. These structures have shown a good seismic performance compared to other
typologies because their configuration and construction details were constantly updated as
soon as the builders addressed the causes of damage mechanisms when earthquakes
occurred. Regarding this typology, Romanian TFM structures can be considered a
representative example also because they experienced several seismic events showing their
good earthquake-resistance. Although these buildings are still constructed and inhabited
nowadays, no recommendation is provided in the Romanian building code and its structural
behaviour is not properly characterized yet. Bearing in mind that the building’s global
response depends on many parameters such as the performance of its structural elements and
their interaction, the calibration of shear walls is crucial to define the non-linear behaviour
under cyclic loading. A simplified modelling strategy was chosen to simulate TFM wall
response consisting of an equivalent frame with linear elastic elements and non-linearities
lumped at the joints by using OpenSees. After calibrating the wall response according to the
experimental campaign performed at Technical University of Civil Engineering of Bucharest,
the panel was adapted to model a representative Romanian TFM building whose dynamic
properties were evaluated by eigenvalue analysis and their potential calibration is proposed
based on the ambient vibration tests.
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1. INTRODUCTION
Timber-Framed Masonry (TFM) structures can be found in many seismic countries even
though their characteristics may vary according to the available materials, techniques and
knowledge resulting in several structural configurations of timber frame (dimensions and
arrangement of elements) and type of infill [1]. The system has been iteratively improved by
local builders by damage observation after seismic events that let them understand the basic
concepts of earthquake engineering [2].
Considering the number of earthquakes, their return period and energy, Romania can be
considered as a country with moderate to high seismic risk, especially Vrancea region in the
fore-Arc of Carpathians, where the most active tectonic processes are lumped [3]. Many TFM
buildings can be observed across this area validating again the correlation between the
typology and seismic hazard, and they were classified in five different types during the field
investigation in [4].
Although Romanian TFM structures have experienced several earthquakes, their
performance is still not properly assessed and neither design nor retrofitting guidelines, are
provided by Romanian building codes. The present paper aims at evaluating the dynamic
response of a representative Romanian TFM building by applying a simplified modelling
strategy consisting of an equivalent frame approach with non-linear springs lumped at the
connections. This strategy is reliable since it is based on the initial numerical calibration of
the in-plane cyclic behaviour of Romanian masonry panel with the outcomes resulting from
the experimental tests in [5], [6], and it is feasible in terms of computational effort.
In this work, the Romanian TFM system is briefly presented by describing the geometrical
and structural characteristics of a representative case study [7]. A building is modelled in the
software OpenSees by adapting a calibrated mixed panel whose properties are discussed by
comparing its local and global response with the experimental results [8]. The building
dynamic properties were predicted by eigenvalue analysis and compared to those estimated by
ambient vibration tests [7]. A dynamic study and potential calibration was performed as well
[8].
2. DESCRIPTION OF A REPRESENTATIVE ROMANIAN TFM BUILDING
The Romanian timber-framed masonry architecture studied in this paper can be defined as a
half-timber masonry structure due to the participation of the wooden skeleton to the resisting
system not only under dynamic actions but also under static loads [9], [10]. Although the
architectural and structural features can vary from structure to structure, this system is
characterized in terms of geometry, structural elements, construction details as well as state of
conservation by describing a representative building in the Sarbova area, Timis county, which
was dismantled and rebuilt in the National Village Museum, Bucharest [7].
The building was a residential house built around 1900-1930 with the typical dimensions of
Romanian TFM architecture: one-storey height and rectangular in shape (11.50x6.00 m), but
not completely symmetric in plan with respect to the longitudinal and transversal axis [7].
Figure 1 shows the front view and the plan configuration re-elaborated from the drawings by
Technical University of Civil Engineering of Bucharest.
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(b)
(a)
Figure 1: Romanian TFM building: front view (a) and plan configuration (b) [7]

The superstructure is usually raised from the ground to avoid moisture related issues and it
is supported by a dry-stacked stone masonry platform or continuous wall-footing with lower
beams named “soles” made of hardwood (oak or acacia) which distribute the loads uniformly.
Since the building presents timber-framed panels with brick masonry infill, it can be classified
as Type 1 according to [4]. This configuration can have bracings not perfectly aligned with
the diagonal of each module, and, in this case, they are not restraint by two consecutive
vertical posts, Figure 2 and Figure 3. It is worth to stress that diagonal bracings are effective
only in compression since they detach from the frame in tension due to the nailed
connections. Moreover, they are confined by masonry infill although it can detach from the
timber skeleton due to the low adhesion at the interface resulting in potential out-of-plane
mechanisms [5], [6]. During the field investigation on TFM buildings across the Vrancea
seismic area in [4], a variation of brick masonry bond was also observed due to construction
reasons and to increase the friction in the upper part of the wall as well as the stiffness [5].
However, this feature cannot be seen in the case study since a layer of plaster is applied on
both sides of the wall to cover the timber skeleton.

(a)

(b)
(c)
Figure 2: Elevation of TW1 (a), TW2 and TW3 (b), TW4 (c) wall [8]

(a)

Figure 3: Elevation of LW1 (a) and LW2 (b) wall [8]

(b)

The horizontal diaphragms consist of timber beams supporting wooden planks or wattle
and daub, or sometimes reed and an additional layer of mud plus straw [5] In the case study,
primary beams (cross-sectional area about 110x140 mm) are aligned along the transversal
direction and transmit loads to the secondary beams on top of each longitudinal wall, Figure
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4a. The roofing system is made up of timber as well. The most common configurations are
hip or gable roof with king post trusses with no struts [5]. The studied building presents a
porch type with loads transmitted to the longitudinal wall LW1 and LW3, Figure 1b. It
consists of rafters with a cross-section of around 90x120 mm and a spacing ranging from 90
to 102 cm which support longitudinal timber strips (45x30 mm) nailed to them and applied to
fix the upper ceramic tiles, Figure 4b. Diagonal bracings can be also observed in the fields of
the roof to increase their in-plane stiffness while the chimney made of clay brick masonry
mass may influence the global response of the building due to its non-symmetric location and
heavy mass, Figure 4b.

(a)
(b)
Figure 4: Primary beams with timber planks (a) and roofing system (b) [7]

The connections between timber elements are similar to those observed during the field
investigation already mentioned [4]. The inferior stringers are likely to be laid inside grooves
in the continuous wall-footing to prevent any sliding. Vertical posts are driven into the lower
beams with mortise and tenon joints, while the latter are half-lap splice type, Figure 5a and b,
respectively. Lintels are likely to be simply connected with nails to vertical posts as well as
diagonals that sometimes were applied as a propping system during the construction process
resulting in fast and unprocessed connections [5]. Cross-halved joints can be observed
between primary and secondary beams of the horizontal diaphragm, Figure 5c, but also
between rafters and diagonals on the roof fields.

(a)
(b)
(c)
Figure 5: Mortise and tenon (a), half-lap splice (b) and cross-halved connection [7]

Most of the existing TFM buildings analysed in [4] were in poor conditions due to moisture
related problems leading to irreversible decay of timber elements. Since the case study is
poorly maintained, it presents the same issues such as biological colonization, coloration,
rising damp, minor cracks due to stress concentrations, different construction phases or
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excessive shrinkage of infill. These cracks can result in partial detachment of masonry infill
also due to the different physical and mechanical properties between the two materials.
3. ROMANIAN TFM WALL CALIBRATION
Although the global response of Romanian TFM buildings is influenced by the previously
described structural elements and their connections, the shear walls play an important role and
their behaviour was investigated in an experimental campaign, detailed presented in [5], [6],
that performed cyclic tests on four mixed panels varying the type of infill and arrangement of
diagonals. The results of the timber-framed wall with masonry infill and lower bracings in
Figure 6a, S1 in [5], [6], are taken as a reference for the following numerical calibration.
A simplified strategy was used by modelling the panel through an equivalent frame with
the non-linear behaviours lumped at the connections, and the model was implemented in
OpenSees [11] as proposed in [8], [12]. Figure 6b shows the frame schematization consisting
in linear elastic timber elements with translational and rotational springs at their connections.
Posts, beams and diagonals are modelled as linear elastic elements since no damage was
observed along them during the testing sequence. The choice of neglecting the masonry infill
can be validated by the low adhesion at the interface with the timber skeleton, its low
mechanical properties and by the presence of lower bracings that mainly control the
deformation capacity of the wall [5], [6]. However, the potential underestimation in terms of
stiffness due to the confinement effect for both elements and their connections, was
considered by modifying the related parameters after the initial calibration of connections
based on unconfined configurations. A similar updating procedure was performed for the
cumulative dissipated energy that may result lower as well, due to the friction between frame
and infill and along the joints. It was increased by making the hysteresis models of each
connection larger with a steep slope of the unloading stiffness branch.

(a)
(b)
Figure 6: Specimen S1in [5] (a) and its structural scheme (b) [8]

The pure shear behaviour was investigated by restraining the vertical displacements of the
upper beam to simulate the pantograph system of the reaction frame, Figure 6b. Moreover, the
top beam can be defined as rigid element to make the entire wall move with the same
horizontal displacements while bracings are truss elements. It is worth mentioning that the
latter ones can slide vertically at the upper connections as observed during the experimental
test up to around 65 mm and they can detach at the central lower joint when the tension
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exceeds the withdrawal capacity of the slant nailing. The mechanical properties of Romanian
fir (parallel modulus of elasticity equal to 8.9 GPa, specific weight of 385 kg/ m3) and those
of masonry infill (specific weight of 19.6 kN/m3) were assumed consistent with experimental
tests performed on similar materials [13]. The difference in total mass between numerical and
experimental wall is negligible (less than 0.5%)
3.1 Calibration of connections
Since the global behaviour of TFM walls is mostly controlled by the connections, teehalved (TH) type at the top and mortise and tenon (MT) type at the bottom, they were
calibrated according to representative experimental tests [13], [14], respectively. These
campaigns were aimed the study of the moment resisting behaviour and tensile capacity of the
joints, but present some differences in terms of geometrical dimensions, types of fasteners and
timber species.
Each structural joint was modelled with three springs, one per degree of freedom and
aligned according to global or local axis as shown in Figure 6b, considering a 2D model. They
are characterized by uniaxial non-linear hysteretic materials such as SAWS (developed by
Patxi Uriz and converted from FORTRAN, code originally written by Bryan Folz) and
Pinching4 in OpenSees library whose properties resulting from the initial calibration, were
iteratively modified to approach the local and global behaviour observed during the
experimental tests [5], [6]. Moreover, the central lower connection between post and bracing
was characterized by a spring aligned along the diagonal with an Elastic-No Tension uniaxial
material that allows detachment in tension and prevents overlapping in compression [8]. The
vertical spring at the upper joints was modelled to let the bracings slide along the external
posts up to the maximum value (around 65 mm) observed during the test.
3.2 Non-linear cyclic analysis
The cyclic response of the simplified numerical model was calibrated with the inverse
fitting procedure to approach the local and global behavior of the tested specimen in terms of
hysteretic curve, its envelope, the damage mechanisms and the deformed shape. This iterative
method consisted in updating the non-linear properties of hysteretic materials at the
connections. Non-linear cyclic analysis was performed after pushover analysis to consider the
accumulation of damage and degradation effects related to cyclic loadings.
The experimental curve was approached initially in terms of global envelope and then in
detail, approximating the reloading and unloading behavior per cycle considering the
degradation properties of the non-linear hysteretic materials applied at the connections [8].
Indeed, the wall response is mainly influenced by the moment resisting behavior of the teehalved and mortise and tenon joint, as well as the sliding effect between diagonals and
external posts. Thus, some parameters of their non-linear materials were updated increasing
the initial and yielding stiffness from the initial calibration based on representative
experimental tests [13], [14]. This modification can be justified by the additional contribution
of masonry infill that confines each connection and stiffens the panel. The hysteretic curve
resulting from the non-linear cyclic analysis, in red, is overlapped with the experimental one
in Figure 7a showing a good approximation between them in terms of maximum base shear
per displacement-cycle peak and reloading stiffness even though there are some discrepancies
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for the dissipated energy due to the different unloading stiffness and pinching effect. The
latter phenomenon relates with the experimental reloading branches that are significantly
pinched because the cyclic loading makes the joints weaker with the formation of gaps around
the nails due to wood fiber crushing.
It is worth mention that the numerical analysis was performed by applying the same
horizontal top displacement vector in positive and negative direction. This assumption
eventually resulted in larger differences when the loading reverses in terms of negative peak
displacements, shear forces and dissipated energy. The energy calculation is also affected by
the non-symmetric behavior in the transition between positive and negative cycles of the
experimental hysteretic curve. Figure 7b shows the comparison in terms of absolute
cumulative dissipated energy: the numerical curve is always below the experimental one.
The absolute cumulative difference is not perfectly comparable (-36%) even for the
maximum drift (5.43%) due to the already mentioned pinching effect and the vertical
unloading of the experimental cycles. The different behavior should be investigated in detail
to address the causes leading to the change of unloading stiffness in the numerical model.
Regarding the lower stiffness of the simplified model, it is due to the initial expert assumption
to consider as a reference the third cycle neglecting the first ones mostly influenced by the
specimen setting and equipment testing.

(a)
(b)
Figure 7: Experimental and numerical hysteretic curve (a) and absolute cumulative dissipated energy (b) [8]

The equivalent frame model shows the same deformed shape of the tested wall with the
expected behavior of diagonal bracings. The damage mechanisms are comparable as well.
Figure 8a pictures the vertical sliding along the external post whose values (63 mm) are
consistent with those observed experimentally (around 65 mm), while the axial detachment at
the base is lower than the numerical one (88-107 mm), Figure 8b. This may result from
neglecting the withdrawal capacity of the slant nailing and some inaccuracies in the
calibration of the upper connections bracing-to-post.
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(a)
(b)
Figure 8: Vertical sliding along the post (a) and detachment along the diagonal axis (b): initial and final position

4. SEISMIC MODELLING OF THE REPRESENTATIVE ROMANIAN TFM
BUILDING
The seismic behavior of the representative Romanian TFM building in the National Village
Museum, Bucharest, was predicted by applying the same simplified modeling strategy to
compare its dynamic properties with those estimated by ambient vibration tests [7].
Since the global response is influenced by many parameters such as geometry, mass
distribution, configuration of structural elements (TFM walls, floor and roofing system) as
well as the connections between them and state of conservation, additional expert assumptions
and simplifications were made to evaluate the building structural performance. Indeed, the
case study presents some differences with the calibrated wall of Section 3 as following:
i.
infill made of clay bricks instead of mud bricks;
ii.
bracings are not always constraint by two consecutive posts;
iii. presence of openings with related timber lintels;
iv. flexible floor;
v.
large variation in mass distribution.
Thus, the representative structural scheme of each wall as well as its boundary conditions
were slightly updated as shown in Figure 9a. It is worth mentioning that the set of connections
resulting from non-linear static analysis of the wall specimen was applied since the properties
of the non-linear hysteretic materials at the springs were updated again to perform non-linear
cyclic analysis considering the degradation effects. Moreover, timber lintels are pinned at
their ends to the vertical posts, while non-constraint bracings have same connections both at
the top and bottom assuming equivalent potential vertical or horizontal sliding, respectively.
The lower nodes are fixed to the ground since neither differential foundation settlements,
nor tipping ones, were observed during the field investigation due to the light weight of the
structure and its continuous wall-footing. No horizontal sliding was considered as well, but
this assumption may not be conservative if the lower beam is not connected to the continuous
brick masonry wall footing. Since the confinement and stiffening effect of the masonry infill
was considered in the calibration, out-of-plane behavior was neglected as well, even though
this mechanism is very likely to occur in case of earthquake due to the low adhesion at the
interface between timber frame and infill [5], [6]. Figure 9b shows the horizontal diaphragm
modelled as rigid by applying a tying system with high axial stiffness. Vertical uplift was
prevented, to be consistent with the wall calibration performed, considering its pure shear
behavior.
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(a)

(b)
Figure 9: Structural scheme of walls (a) and floor (b)

An increased specific weight of masonry infill was defined as 20 kN/m3 for clay brick
instead of 19.6 kN/m3 for mud brick in S1 specimen in [13] and was distributed along the
vertical posts considering their tributary area to simulate the actual mass distribution of each
wall. Since timber beams are made of hardwood (oak or acacia), their specific weight is
assumed as 600 kg/m3 and their parallel modulus of elasticity equal to 12 GPa.
Regarding the additional weight of horizontal diaphragm and roofing system, it was
concentrated at the structural nodes representing the connections between the transversal
primary beams and the secondary ones on top of each longitudinal wall LW1, LW2 and LW3
(Figure 1b) according to their tributary areas. The same procedure was applied to determine
vertical loads from the roof trusses considering the actual tributary area of the roof field, not
its horizontal projection, due to the steep slope. No horizontal thrust was considered since the
roofing system approaches a truss structure with inclined rafters tied at the base by the
transversal beams of the floor diaphragm. The presence of the brick masonry chimney and
attic walls was considered as lumped weight at its contour posts. Only dead loads were
applied to be consistent with the environmental and loading conditions during the dynamic
identification. The total weight of numerical model was compared with the one determined by
hand calculations resulting in a negligible difference lower than 5%.
The dynamic properties of the simplified model were determined by eigenvalue analysis
and compared with those resulting from the dynamic identification. This procedure and the
testing equipment are explained in detail in [7], but, in this paper, only the resulting
frequencies and mode shapes are presented. Since the calibration procedure was not based on
updating neither the non-linear properties of the already calibrated connections, nor the linear
material properties due to the state of conservation, it was performed by modifying the elastic
stiffness of a fictitious material representing the additional contribution of clay brick masonry
infill.
Two simplified models were made to evaluate the differences between two complementary
modeling strategies: equivalent frame with non-linear properties lumped at the connections
(EF) and the same model infilled with shell elements (EFI), Figure 10a and b. The inverse
fitting procedure was performed by modifying the Young’s Modulus (E) of infill until the
estimated frequencies were obtained. The choice of considering the contribution of a fictitious
infill is validated by the higher mechanical properties of clay brick masonry compared to
those of mud masonry applied in the wall specimen [8]. Since ambient vibration tests record
micro-tremors of structures in their elastic range and the initial stiffness of TFM buildings is
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mainly controlled by the characteristics of masonry infill, EF model may result in larger
differences in terms of frequencies compared to the estimated ones.

(a)

(b)

Figure 10: EF (a) and EFI (b) models

The calibration resulted in the final value of E equal to 58.5 MPa, very low compared to
the one related to clay brick masonry (1.2 ÷ 1.8 GPa according to Table C8.5.I in [15]). The
value is almost negligible since the numerical model for the wall was already calibrated with
the presence of masonry infill. Bearing in mind that the first periods are 0.17 s for the
transversal direction and 0.15 s for the longitudinal one and since there are no mode shapes in
the already mentioned report [7], the first and second periods with the corresponding mode
shapes are compared between EF and EFI models, Table 1, Figure 11 and Figure 12. The
periods of EF model are higher than the estimated ones in [7] and the corresponding mode
shapes show slight torsional effects due to non-symmetric layout and mass distribution. This
effect is even more evident for EFI model where both periods are comparable to those in [7].
Moreover, in EF model, periods and corresponding mode shapes are actually flipped; the
highest period is actually longitudinal not transversal and vice versa.
Table 1: Transversal mode shape for EF (a) and EFI (b) models

Model
EF
EFI
EF

Mode
1
1
2

Type
Longitudinal
Torsional-Transversal
Transversal

Period [s]
0.374
0.17
0.333

Difference [%]
220
222

EFI

2

Torsional-Longitudinal

0.154

2.6

(a)
(b)
Figure 11: Transversal mode shape for EF (a) and EFI (b) models
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(Longitudinal)
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(a)
(b)
Figure 12: Longitudinal mode shape for EF (a) and EFI (b) models

5. FINAL CONSIDERATIONS
The structural typology with timber skeleton with masonry infill (TFM) has already proven
the effectiveness of its seismic performance empirically improved by local builders, but this
seismic capacity is still not assessed quantitatively. This research work is aimed at evaluating
the seismic behavior of Romanian TFM buildings following the previous studies and existing
experimental campaigns in [4]-[7], [10], [13] which determined the non-linear hysteretic
response of TFM walls subjected to in-plane cyclic loading.
A representative Romanian TFM building was modelled in the software OpenSees as an
equivalent frame structure with non-linear properties lumped at the connections (EF). This
model is based on a numerical calibration of the wall specimen S1 tested in [5] by applying
the inverse fitting procedure to approach both global and local response [8].
Some additional assumptions were considered to model the Romanian building and estimate
its dynamic properties, which were compared to those resulting from ambient-vibration tests.
A potential calibration was also proposed by infilling the panel (EFI model) due to the
different type of masonry observed in the existing structure, even though the actual objective
is to use the most simplified modelling approach to predict the seismic behaviour of
Romanian TFM architecture.
The resulting deformed mode shapes of both models showed a significant torsion effect
due to non-symmetric mass distribution and layout which should be properly addressed with
future analysis. It is worth to mention that the dynamic properties of the equivalent frame
model with no infill (EF) are influenced by the connection calibration that presents some
limitation of the applied hysteretic materials in the correlation between applied loads and
global response, but the wall calibration was performed with a representative vertical load.
The simplified modelling strategy has other limitations such as it does not take into account
the interface between the timber frame and masonry infill, but its contribution in terms of
dissipated energy was considered in the calibration of connections. In addition, since the
masonry infill detaches from the timber frame even in the curing process, the out-of-plane
mechanisms are not prevented especially in case of earthquakes, thus a further
implementation of the numerical model is required. However, this approach can still provide
reliable results, especially for the wall, and allows to capture local failures of connections if
the demand exceeds their deformation capacity. The calibration process may even run
automatically if the user understands the role of each parameter and connection. Regarding
non-linear numerical analysis on simplified models, they may not require a large
computational effort thus their application can be feasible to whole buildings.
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Abstract. Existing heritage buildings are often composed of diverse structural typologies,
representing a challenge for structural analysis. This work investigates the use of nonlinear
static analysis to assess the seismic behaviour of hybrid timber-masonry buildings. The
proposed methodology includes the use of Lumped Plasticity Models (LPM) and MacroMechanical Finite Element (FE) approaches to simulate the response of structures composed
of timber frames and masonry walls. Benchmark experiments on timber and masonry specimens
subjected to lateral loads are used to calibrate the constitutive laws governing the behaviour
of the proposed models. The calibrated models are used to appraise the seismic response of an
existing timber-masonry building located in the historical centre of Valparaíso (Chile). The
results predict the nonlinear acceleration-displacement capacity of the buildings, as well as the
expected damage of the structure, revealing the potential local and global failure mechanisms.
1 INTRODUCTION
Hybrid timber-masonry buildings represent a significant amount of the built heritage in
seismic prone territories. Past earthquakes demonstrated the good performance of these types
of structures against seismic loads, especially for the case of the timber frame typologies.
However, the study of hybrid structures is often compromised by a high number of uncertainties
due to the variety of the structural typologies, the nature of materials, the complexity of the
connections or any singularity, which may influence the response of the structure.
Numerical analyses are increasingly used to assess the seismic behaviour of existing
buildings. Available modelling strategies usually deal with timber or masonry structures
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separately for the case of homogeneous building typologies. Few research studies could address
the modelling of heterogeneous timber-masonry structures in the available literature [1,2].
This research contributes to develop a systematic methodology for the nonlinear static
analysis (NSA) of hybrid timber-masonry structural systems subjected to lateral loads. The
models were developed with the structural earthquake engineering software SAP2000 v20. The
methodology involves a preliminary study of different benchmark experiments used to calibrate
the models. An experimental campaign considering bare frame and infilled frame specimens of
the Pombalino typology [3] were selected for the numerical calibration of the FE models. A
Lumped Plasticity Model (LPM) was proposed for the NSA of timber frame structures. The
LPM assumes that nonlinear behaviour is lumped in springs at the members’ ends, i.e. where
the connections are located, while the timber elements are idealized by using linear elastic
isotropic material properties. The infill within the frame was modelled employing the
Equivalent Strut Method (ESM). This simplified approach idealizes the infill with a diagonal
strut with in-plane strength and stiffness equivalent to that of the uncracked solid masonry
panel. Two experimental tests on unreinforced masonry (URM) walls loaded in-plane [5] and
out-of-plane [6] were selected to calibrate the macro-mechanical FE models. Such an approach
idealized the masonry as a homogeneous material, making no distinction between their
components, [7,8]. The nonlinear constitutive law of the masonry material is based on the model
proposed by [16], defining the stress-strain behaviour and failure criteria.
The seismic behaviour of a hybrid timber-masonry building existing in the historical centre
of Valparaíso (Chile) was simulated using the calibrated models, combining LPMs and macromechanical FE models representing the timber and masonry load-bearing systems respectively.
The NSA applied in the two main directions of the building allowed to predict the capacity of
the structure, as well as the main collapse mechanisms.
2 CALIBRATION OF THE MODEL
3.2 Numerical simulation of experiments on timber frames
The calibration of the timber frame model was developed by simulating two benchmark
experimental tests on a bare frame, and an infilled frame of a Portuguese Pombalino wall tested
under lateral loads [3]. Both specimens were composed of a main frame of posts and beams
braced with St Andrew's crosses, as shown in Figure 2b. Half-lap carpentry joints connected
the post and beams of the frame, as well as the diagonals between them, while nails connected
the diagonal at the inner sides of main frame elements. The proposed LPM concentrated the
nonlinear behaviour of the connections at the ends of the frame members by using either
nonlinear hinges or nonlinear springs.
Figure 1a displays the experimentally obtained moment-rotation law of the half-lap
connection, as derived from the experimental tests reported in [3]. Nonlinear rotational hinges
were assigned at each half-lap connection within the main frame. Due to the lack of
experimental data for the diagonal connection, sensitivity analyses were developed to define its
axial nonlinear stiffness. Linear elastic models were used to determine the stiffness of the
connection by decreasing this value up to reach a good agreement with the global stiffness of
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the model. The axial linear stiffness of the connection was estimated as 9050 kN/m.
Subsequently, nonlinearities were integrated into the model by defining the maximum capacity
of the connection, estimated as 26 kN by performing sensitivity analyses according to the
procedure reported in [4]. The deformational relationship governing the response of the
connection was defined with an initial linear behaviour up to the maximum capacity, followed
by a softening branch, as shown in Figure 1b. The yield displacement of the model dy was
determined following the Equation (1):
𝑑𝑑𝑦𝑦 =𝐹𝐹𝑦𝑦 /𝑘𝑘

(1)

Where Fy is the maximum capacity and k is the obtained linear stiffness. The ultimate
displacement was assumed as the same reached by the half-lap connection in the test (0.05 m),
when the central connection failed and the remaining connections no longer worked [3].
Nonlinear axial springs were assigned at each node where the diagonals meet the panel.
Moment releases were assigned at the ends of the diagonals to avoid transmission of bending
moment to these elements. Linear elastic frame elements were used to represent the timber
members using the isotropic linear elastic material properties of the timber specimen specified
in [3]. A vertical pre-compression of 25 kN at each post of the frame and a horizontal
displacement of 0.1 m at the top beam were applied to simulate the loading conditions of the
experiment. The global stiffness of the panel, calculated as 2.60 × 103 kN/m, and the maximum
capacity, equal to 55 kN, were properly captured by the model, as shown in Figure 2a. The local
and global collapse mechanisms predicted by the model were also in accordance with those
occurred in the experiment. The structure entered in the plastic range once the nonlinear axial
springs at the end of the diagonals reached their maximum capacity. After that, the connection
at the centre of the panel experimented a high shear stress exerted by the diagonals in
compression, leading to the ultimate capacity of the rotational hinges at this location, and the
total collapse of the frame.

Figure 1: Nonlinear relationships for the connections in the LPM of the Pombalino frame: (a) Half-lap and (b)
diagonals.
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Figure 2: Results of bare frame with the lumped plasticity model: (a) numerical vs experimental capacity curves
and (b) collapse mechanisms.

The influence of the infill in the response of the timber frame specimen was simulated
applying the ESM proposed by [9, 10]. The ESM assumes that the contribution of the masonry
infill panel can be represented by an equivalent compression strut of width given by Equation
(2).
ω= (

𝑘𝑘1
+𝑘𝑘2 ) d
λh

(2)

Where  is the width of the frame, in m, d is the diagonal length of the infill panel, in m, and
h is a relative stiffness coefficient computed by Expression (3). k1 and k2 are constant values
dependent of h as reported in [11].
4 Em e sin(2 θ)
λh =√
h
4Ec Icol hm

(3)

Where Em is the elastic equivalent modulus of the complete cracking stage on the infill, in
kN/m2; e is the thickness of the infill panel, in m;  is the angle whose tangent is the infill
height-to-length aspect ratio, in rad; Ec is the expected modulus of elasticity of the frame
material, in kN/m2 ; Icol is the moment of inertia of the columns, in m4; hm is the height of the
infill panel, in m; and h is height of the column measured between centre lines of the beams, in
m.
The nonlinear deformation acceptance criterion of the equivalent strut was determined
following the methodology described in [11,12]. The lateral load-displacement relationship
defined in [11] was adopted to determine the deformational control-scheme of the panel. The
stiffness of the strut kmfc corresponding to the complete cracking stage is given by Equation (4).
𝑘𝑘𝑚𝑚𝑚𝑚𝑚𝑚 =

Em e ω
d

(4)

The resistance of the panel is simulated by an equivalent failure compressive strength (σbr)min
which considers the most probable failure mode that may occur in both conventional tests and
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real structures subjected to seismic action, as detailed in [11]. The lateral strength of the
equivalent strut Hmax is given by Equation (5).
Hmax =(𝜎𝜎𝑏𝑏𝑏𝑏 )min e ω

(5)

The stiffness coefficient h of the equivalent strut for the infill frame panel was 12.3
considering the geometrical and mechanical properties of the materials defined in [3]. The width
of the strut was calculated as 0.21 m considering the coefficients k1 and k2 equal to 0.47 and
0.04 respectively. The linear stiffness of the panel kmfc was calculated as 49740 kN/m by
applying Expression (4). A characteristic shear diagonal tension failure mode was predicted for
the panel with (σbr)min equal to 240.9 kN/m2. Lastly, the maximum lateral strength Hmax resulted
as 5.56 kN. Figure 3 displays the obtained load-displacement relationship of the strut based on
[12]. The equivalent strut is modelled using linear elastic frame elements pin-connected to the
surrounding frame to avoid rotation resistance. Nonlinearities are introduced into the model at
the end nodes of the strut using nonlinear axial hinges defined with the load-deformation
relationship shown in Figure 3.

Figure 3: Load-displacement relationship of the equivalent strut model for the infill of Pombalino frame.

Figure 4: Results of infilled frame with the lumped plasticity model: (a) numerical vs experimental capacity
curves and (b) hinges developed.
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Figure 4a compares the experimental load-displacement capacity curve with that predicted
by the LPM of the Pombalino infilled frame. The model captures properly the global stiffness
of the frame, and the maximum capacity is slightly underestimated as shown in Figure 4a. The
nonlinearities started to appear when the axial springs of struts and diagonals reached their
maximum compressive capacity at the displacement of 0.018 m. After this phase, a progressive
failure of the rotational hinges in the main frame occurred until the global collapse of the frame
(see Figure 4b). This prediction is consistent with what occurred in the experiment, when the
diagonals separated from the main frame inducing the first loss in stiffness, followed by the
collapse of the half-lap connections.
2.1 Numerical simulation of experiments on masonry walls
The calibration of the masonry models was developed by simulating two benchmark
experiments of in-plane and out-of-plane loaded URM panels. Macro-mechanical FE models
were prepared by applying the shell formulation available in the SAP2000 environment. The
shells are four-node formulation objects configured by four-point numerical integration to
compute the stiffness, and 2-by-2 Gauss integration points to evaluate the stresses, internal
forces, and moments at the nodes. This formulation combines membrane and plate behaviour
in planar or three-dimensional structures simulating the in-plane and out-of-plane behaviours
[13]. Layered shell sections allow the integration of the material nonlinearities in all of the three
membrane stress components of each layer. The material model adopted for the simulation of
masonry is based on the Darwin-Pecknold theory [14] and the Vecchio-Collins behaviour [15]
available in SAP2000 code. The model represents the compression cracking and the shear
behaviour considering predetermined stress-strain formulations. A co-axially rotating smeared
crack model considers both cracking and crushing of the material. A parabolic stress-strain
relationship has been chosen to determine the compressive behaviour of the material, while the
tensile response is defined as the 5% of the compressive strength with an exponential softening
behaviour. The compressive behaviour of masonry is determined considering the analytical
model proposed by [16], as described by Equation (6).
𝑓𝑓𝑚𝑚
𝜀𝜀𝑚𝑚
𝜀𝜀𝑚𝑚 C
)
=A
-B (
𝑓𝑓'𝑚𝑚
𝜀𝜀'𝑚𝑚
𝜀𝜀'𝑚𝑚

(6)

Where fm and m are the compressive stress and strain in masonry respectively, and ’m is the
peak strain corresponding to f’m A, B, and C are coefficients describing the shape of the curve,
being A= 6.4, B=5.4 and C=1.17 [17]. The Coulomb friction model of the material is considered
as follows:
τ=c+σ tan φ

(7)

Where c is the cohesion, 𝜎𝜎 is the normal stress and tan 𝜑𝜑 is the friction between the elements.
A friction angle 𝜑𝜑 equal to 23º was used to define the shear model as recommended in [17,18].
The FE model is discretized considering a mesh formed by 258 rectangular shell elements of
0.18 × 0.28 m2 and 310 nodes. The section of the shells was defined with only one layer of 0.31
m thickness, and four integration points along the thickness direction. Figure 5 shows the
uniaxial compression-tension constitutive laws of masonry as defined by the material properties
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obtained in [5]. The compressive stress-strain relationship was modified considering a perfectly
plastic behaviour (dashed line in Fig. 5a) as suggested in [17], in order to allow the model to
reproduce correctly the base rotation of the piers in the experiment. A vertical pre-compression
of 200 kN was applied at each pier of the wall, followed by a lateral displacement of 0.03 m
applied at a height of 3.00 m on the left side of the wall simulating the experimental loading
conditions. All the nodes at the base were restrained in all the DOFs to reproduce the rigid
support conditions. NLA was performed to capture the initial yielding and plastic behaviour of
the model, and compute the load-displacement curve.

Figure 5: Stress-strain relationships for the in-plane masonry model: (a) compression and (b) tension.

Figure 6a compares the experimental load-displacement response of the wall with the one
predicted by the model, revealing a very good agreement in terms of reached stiffness and
capacity. The formation of diagonal strut mechanisms at the piers and the spandrel emulated
correctly the failure mechanisms occurred in the experiment. Figure 6b shows the principal
compressive strain contour of the wall at the end of the test, with the residual resisting
mechanism. The diagonal struts and the damage at the piers of the FE model are in agreement
with those occurred in the experiment.

Figure 6. In-plane loaded masonry model results: (a) capacity curve and (b) principal compressive strain
contour.
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The masonry wall tested under out-of-plane loads [6] corresponds to a solid specimen
without openings of 4.00 m width × 2.5 m height × 0.11 m thickness. Return walls of 0.45 m
length were built-in at both sides of the specimen to provide a realistic full moment contact
along the vertical edges. The wall was subjected to a vertical precompression of 100 kN/m2 at
the top of the wall, followed by a uniform pressure applied under displacement control at the
surface of the panel. Given the symmetrical layout of the specimen, only half part of the wall
was modeled considering appropriate symmetrical boundary conditions. The model was
discretized into 240 shell elements of 0.15 × 0.15 m2. The section of the shells was set with one
layer of 0.11 m and five integration points along the thickness direction. Figure 7 shows the
uniaxial compression-tension constitutive laws for masonry considering the mechanical
properties obtained by [6].

Figure 7: Stress-strain relationships for the out-of-plane model: (a) compression and (b) tension.

NLA was executed under displacement control simulating the load conditions of the
experiment. Figure 8 compares the experimental pressure-displacement curve with the one
predicted by the FE model, where almost no difference was obtained in terms of initial stiffness
and maximum pressure capacity. The predicted damage patterns accurately represent what
occurred in the experiment. Diagonal mechanisms due to tensile damage appeared at the surface
of the wall once the model reached its maximum capacity. After this point, the damage is
concentrated at the central part of the surface, as shown in Figure 8b. Figure 8c showed that
vertical cracking occurs also at the intersections of the return walls with the front one. The
above mechanisms are in agreement with those occurring in the experiment, where a
characteristic “x” shape cracking emerged at the surface of the wall due to bending moment
resisted by the diagonal cracks, followed by the progressive opening of the central crack in the
middle surface of the panel [6].
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Figure 8: Out-of-plane loaded masonry model results: (a) capacity curve and (b-c) principal tensile strain
contour after reaching the maximum load (horizontal displacement of 0.015 m).

3 SEISMIC ASSESSMENT OF A HYBRID TIMBER-MASONRY BUILDING
The calibrated models were used to evaluate the seismic capacity of a hybrid timber-masonry
building existing in the historical centre of Valparaíso (Chile). The case-study is composed of
timber frame structure following the platform-frame configuration, while two perpendicular
sidewalls are made of URM. The timber frame walls are constituted by stud elements of 0.1 ×
0.1 m2 cross-section, spaced 0.4  0.6 m each between the top and bottom sills, and braced with
diagonal elements. The studs are connected using mortise-and-tenon carpentry connections,
while the diagonals are nailed to the posts. Adobe blocks fill the external walls of the façade.
The storeys are composed of joists of 0.12 × 0.05 m2 spaced 0.4 m each other, disposed
perpendicularly between parallel walls. The masonry walls have staggered configuration along
their elevation, decreasing their sections along the height of the building, and the joists are
embedded within the masonry bricks.
Hybrid LPM and macro-mechanical FE models were built to simulate the behaviour of the
building under lateral loads. The characteristic mechanical properties of the oak timber were
used to define the frame elements. The maximum bending moment of the mortise-and-tenon
connection was estimated based on the theoretical model proposed by [19] as 3.6 kNm. The
moment-rotation backbone was assumed to be the same as the half-lap model already calibrated
in the simulation of the Pombalino frame. Lastly, the diagonal connection was assumed to have
the same behaviour of the connection by contact in the Pombalino model too, since they present
equivalent configuration and geometry. Nonlinear rotational hinges and axial springs were used
to represent the mortise-and-tenon and diagonal connections within the frame, respectively. The
material model of masonry was defined using the characteristic mechanical properties of URM
proposed by [20].
The results demonstrated that masonry walls had a central role in the lateral response of the
building since they contribute to resist a major part of the applied load. However, the overall
ductility of the structural system is strictly dependent on the intrinsic fragility of these structural
members. Figure 9 displays the acceleration-displacement relationships predicted by the model,
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while Figure 10 shows the FE results in the X and Y directions. In the X direction, the model
entered in the plastic phase once a tensile crack appeared at the base of the overturning masonry
wall perpendicular to the applied load (Figure 10a). Some of the axial hinges of the timber
frames parallel to the applied load then started to reach their ultimate capacity. In this case, the
total collapse of the building was provoked by the global overturning mechanisms around the
base of the masonry walls. The analysis in the Y direction showed the highest stiffness and
capacity. In this case, the characteristic global collapse of the model is governed by the shear
sliding mechanism formed at the base of the masonry walls parallel to the applied load (Figure
10b), while the hinges of the frame did not reach their ultimate capacity.

Figure 9: Capacity curves obtained for the hybrid timber-masonry building in Valparaiso, Chile, in the (a) X and
(b) Y direction.

Figure 10. Seismic analysis of a hybrid timber-masonry building in Valparaiso, Chile along the (a) X and (b) Y
direction. Principal tensile strain labelled from the maximum to the residual tensile strain capacity, and hinges
formation.
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4 CONCLUSIONS
This paper has presented a numerical study of timber frame and URM structures subjected
to lateral loads, aimed to assess the seismic behaviour of hybrid timber-masonry buildings. A
Lumped Plasticity Model (LPM) was calibrated to represent benchmark experiments on timber
frames, including infill by means of Equivalent Strut Model (ESM). A macro-mechanical FEM
was used to simulate the behaviour of in-plane and out-of-plane loaded masonry tests. The
calibrated reference models were used to prepare a hybrid model, including both timber frames
and masonry walls, of an existing building located in the historical centre of Valparaíso (Chile).
The simulation predicted the collapse mechanisms of the building along its principal directions,
showing that masonry walls play an important role in the resisting system. In X direction, the
collapse is due to overturning of the largest masonry wall perpendicular to the applied load,
with consequent failure of some of the connections in the timber frames. In Y direction, a sliding
shear mechanism occurs at the base of the masonry wall parallel to the applied load, with no
apparent damage in the timber frame.
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Abstract. The present study addresses the retrofitting of running-bond masonry walls through
the application of oriented strand board (OSB) timber panels aiming to increase the masonry
flexural strength and deformation capacity under out-of-plane actions. This paper presents the
numerical analysis of masonry prisms to complement the information provided by the
experimental campaign developed on flexural performances of timber retrofitted masonries.
The numerical model represents the masonry components (brick and mortar) as a threedimensional volume via volumetric finite elements, i.e. hexahedral 8-node linear brick elements
with reduced integration and hourglass control. The nonlinear properties of the mortar joints
and the brick units have been calibrated through information that resorts from experimental
characterization tests. The numerical damage pattern and load-displacement capacity curve
are compared with the experimental observations. A good agreement has been found and,
therefore, the calibrated model can be employed in parametric studies, to further analyse the
efficiency of the proposed timber masonry retrofit technique, and to more complex structural
study cases.
1

INTRODUCTION

Masonry structures show complex non-linear mechanical behaviour due to its heterogeneous
and composite nature [1]. As such, computational numerical analysis of the mechanical
behaviour of masonry structures is very complicated. Computational numerical analyses are
useful to complement or as an alternative to experimental tests and may be used to predict the
behaviour of structures to a given applied load. Numerical analyses are based on different
theories such as finite element model (FEM), discrete/distinct element methods (DEM) or
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particle flow code (PFC), among others [2, 3 & 4]. FEM-based models are the most widely used
due to the availability of many analysis software that operates based on this theory. Therefore,
the numerical modelling strategy employed in this paper is based on FEM.
Many researchers who have previously worked on FE modelling of masonry structures [1,
2, 5 & 6] agreed that numerical modelling and analysis of masonry structures posed some of
the greatest challenges to structural engineers. The main difficulty has been attributed to the
presence of mortar joints which act as planes of weakness, discontinuity, and non-linearity.
Besides, the existence of uncertainties in the material and geometrical properties is also another
concern when modelling masonry structures [2, 3 & 7]. Despite, quite noteworthy
advancements have been made on the application of numerical modelling in the study of
mechanical behaviour of masonry structures, numerical analysis of masonry is still a significant
area of research [8].
Therefore, this paper presents the numerical analysis on 665 x 215 x 102.5 mm masonry
prism to complement the findings in [9]. Here, an accurate finite element model and analysis
of the four-point bending test was developed to corroborate the interpretation of the test results
obtained from the flexural bond strength test on masonry prism (MP). The main objective of
this paper is to develop a concise and efficient nonlinear 3-D finite element analysis to simulate
the damage and failure pattern of the masonry prism tested in the laboratory. The developed
model was calibrated against the experimental results and analysed to evaluate the performance
of the proposed OSB retrofit techniques of MP.
This paper is organised as follows. Section 1 entails the introductory comments as presented
above. Section 2 describes the adopted modelling approach and the performed analysis. Section
3 compares the results of the numerical analysis with the experiments and discusses the model
behaviour. Section 4 then encloses the paper with conclusions and recommendations.
2 MODELLING APPROACH AND ANALYSIS
Modelling of masonry structures is categorised into three different techniques shown in
figure 1 [2]. The detailed micro-modelling is a material level model where masonry structure
is considered as a three-phase material. Continuum elements are used to represent the masonry
units and mortar joints while interface elements represent the unit–mortar interface. Meanwhile,
for the simplified micro-modelling approach, the bricks are represented as fictitious expanded
bricks by continuum elements. The mortar joint is then modelled as an interface with zero
thickness. Macro-modelling, on the other hand, is a structural level modelling technique where
the masonry components (unit and joint) are modelled as one phase material by smearing out
masonry units, mortar and unit–mortar interface as a homogeneous continuum [2].
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Figure 1: (a) Real masonry sample, (b) detailed micro-model, (c) simplified micro model, and (d) macro model

2.1 Model development and validation
Plain and retrofitted masonry prisms tested in [9] were chosen to verify the behavior
prediction of the FE model. The goal is to provide a calibrated numerical model aiming a
parametric analysis to evaluate the efficiency of the proposed timber masonry retrofit technique.
The adopted model was based on the simplified micro-model technique described in figure 1c.
The model was developed by following the steps in figure 2 and using the commercial software
ABAQUS FEA. The four-point loading setup was numerically modelled following a detailed
description for all the material components to achieve more accurate results. The full
description of the numerical model, the assigned material properties and the adopted
interactions are described as follows.
Two different models were created for the plain and retrofitted MP, and the models were
labelled as MP00-NM and MPOSB-NM respectively. MP00-NM comprises of three
components; brick unit, mortar and steel plate for load and support application. The brick unit
(215 x 102.5 x 65 mm) and mortar joint (10 mm thick) were represented as three-dimensional
deformable parts and meshed with a hexahedral 8-node linear brick, reduced integration,
hourglass control (C3D8R) which has an improved convergence. The steel plate for load and
support application (5 mm thick) was modelled using a 3-D discrete rigid element and
discretised by rigid element R3D4 to represent a part that is stiffer (deformation negligible)
than the masonry prism. For MPOSB-NM, two additional parts that are 18 mm thick OSB
timber panel and the anchor rod were modelled as 3-D deformable parts and meshed with a
hexahedral 8-node linear brick (C3D8R). The OSB timber panel and brick units were drilled at
the connection locations as done in the experimental works [9, 10] to apply the retrofit to the
MP.

2208

Jamiu A. Dauda, Luis C. Silva, Paulo B. Lourenco and Ornella Iuorio.

FE model of Masonry Prisms

Create individual part geometry for all components

Assign material property to parts constituting the FE model

Mesh parts and create assembly

Define analysis step, components interaction, boundary condition and loadings

Run analysis and obtain Load-Displacement curve
Figure 2: Steps for developing the FE model

The process to build the full model is such that an appropriate interaction and constraints
between the model components are implemented to represent the relationship between them.
Since the simplified micro modelling strategy is employed here, the brick-mortar bond interface
was not specified separately, so the brick continuum and mortar continuum were merged as
shown in figure 3a. In order to place the loading at the front face of the model, the surface of
the steel plate was tied to the surface of the brick at the 3rd and 7th course using tie constraints
(Fig 3b). Similarly, the steel plates were tied to the top and bottom brick at the back of the MP
model as shown in figure 3c for the support application. The use of tie constraints ensured that
the steel plate could not slip from the brick unit during analysis.
In the retrofitted model, the back-steel plates were tied to the back of the OSB (Fig. 3d). In
addition to this, frictional, normal hard contact was specified between the surface of the OSB
timber and MP model, as shown in figure 3e. For this analysis, the friction coefficient was taken
as 0.5, which is a typical coefficient of friction between timber and brick.
For the anchor connection, the nodes on the surface of the brick around the connection holes
were connected to the surface of the anchors using the default contact enforcement in ABAQUS
(Fig. 3f). This connection ensures that there is a full adhesive bond between the anchor and the
surface of the holes in MP. This kind of connection represents the retrofit system where the
OSB timber panel is connected to the MP using adhesive anchor connection [9, 10].
More so, proper consideration of the applied boundary conditions in the numerical
simulation was taken. The models were constrained to replicate what was done experimentally
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to enable a sound basis for comparison of results. In the created models, the nodes at the middle
of the back-steel plate at the top of the MP were restrained in x and z-direction. Also, the plate
at the bottom was restrained in all the three directions (x, y, z) at the middle nodes to replicate
the support condition of the tested specimen (Fig. 4a).
The loads considered in this analysis are self-weight of the model and applied unit load in
the out-of-plane direction at the third and seventh course of the model. This loading and support
arrangement are a replica of the four-point bending test carried out in the laboratory. The outof-plane load is applied as a unit uniform distributed load (UDL) on the steel plate tied to the
front face of the model (Fig. 4b). The analysis is load control, similar to the test condition. The
total load capacity of the model is measured as the load proportionality factor multiplied by the
applied load in Newton (N).
Brick surface
Steel surface
Brick surface
Steel surface

a) Part merging

Steel surface

OSB surface

b) Tie constraint between steel
surface and brick surface (front)

OSB surface MP surface

c)
Tie constraint between steel surface
and brick surface (front)

Anchor surface Holes surface

d) Tie constraint between steel
e) Contact interaction between OSB
f) Adhesive contact interaction
surface and OSB surface
surface and MP surface
between anchor and holes
Figure 3: Applied constraints and interaction in developing the FE model
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a) Boundary condition

b) Loading

c) Loading and BC (side view)

Figure 4: Applied boundary condition and load in the FE model

2.2 Input parameters
The assumed material parameters have been well described in previous work [11]. The
Concrete Damage Plasticity (CDP) constitutive model was used to simulate the tensile and
compressive non-linear behaviour of the brick unit and mortar. Also, the nonlinear response of
the OSB timber panel is represented by an equivalent uniaxial stress-strain curve for both the
compressive and tensile stress behaviour. The elastic properties used for the OSB were obtained
from the manufacturer specification. The nonlinear behaviour, i.e. the stress-strain constitutive
relation of the OSB was derived using existing guidelines [12]. The anchor rods were
represented with a linear elastic behaviour, and the steel loading plates as rigid elements. Table
1 presents the abridged mechanical properties of the model components, the full properties,
including the plastic-damaging behaviour parameters (Table 2) can be found in [11].
Table 1: Material properties (Elastic)

Properties

Brick

Mortar

OSB

Anchor

Mass density (γ) ton/mm 3

2.2e-9

2.17e-9

0.65e-9

7.85E-09

Young modulus (E) N/mm 2

32470

19850

3500

210000

Poisson ratio (μ)

0.26

0.2

0.24

0.3

Compressive strength (fc) N/mm 2

87.91

7.1

6.6

Tensile strength (ft) N/mm2

5.93

0.32

0.92

2211

Jamiu A. Dauda, Luis C. Silva, Paulo B. Lourenco and Ornella Iuorio.
Table 2: Material properties (Non-linear)

Brick
Compressive Behaviour

Tensile Behaviour

Mortar

Compressive Behaviour

Tensile Behaviour

Yield stress

Inelastic

Yield stress

Cracking

Yield stress

Inelastic

Yield stress

Cracking

(N/mm2)

strain

(N/mm2)

strain

(N/mm2)

strain

(N/mm2)

strain

26.37

0.00000

5.93

0.00000

1.79

0.00000

0.319

0.00000

68.00

0.00713

4.76

0.00017

3.13

0.00100

0.296

0.01096

78.10

0.01013

3.54

0.00037

4.997

0.00310

0.258

0.02303

84.80

0.01313

2.07

0.00077

5.825

0.00460

0.220

0.03179

87.91

0.01688

0.87

0.00167

6.521

0.00660

0.198

0.04086

72.26

0.02813

0.51

0.00247

6.970

0.00916

0.099

0.05156

36.79

0.03183

0.22

0.00437

7.100

0.01185

0.049

0.06996

19.36

0.03633

5.750

0.02360

0.025

0.09528

11.15

0.04113

3.483

0.03400

0.012

0.11836

0.710

0.04800

0.006

0.34956

2.3 Analysis method
In this study, the full behaviour of masonry prism model under a continuous increase of load
in the form of load-displacement was obtained through a quasi-static analysis. A load control
type of analysis has been assumed since the tests were also load controlled. This analysis has
been used to perform and validate the model with the obtained experimental data.
To represent softening, the Riks method (arc-length method) has been considered. This
method is a robust method for nonlinear analysis, and it allows to properly reproduce the
masonry nonlinear response. The adopted CDP model is based on a scalar-based damage model
coupled with the plasticity one. Therefore, damage is given in terms of such scalar parameter
and addressed separately in terms of compressive (‘damagec’) and tensile (‘damaget’) damage.
3

RESULTS AND DISCUSSION

In this section, the results from the numerical analysis are compared with the experimental
ones and a brief discussion on the plain and retrofitted models is addressed. Figure 5 and 6
presents the failure of the non-retrofitted and retrofitted models alongside with the actual
observed failure modes (tests designated as MP00 and MPOSB, respectively). The comparison
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shows that the failure of MP00 occurred in the bed joints within the loading span of the
specimen. In the actual test, the total failure occurred in one bed joint, but the numerical model
predicts a symmetrical failure on the middle span bed joints. In fact, and from a numerical
standpoint, all the mortar joints present the same mechanical properties. In converse, the
mechanical properties of the experimentally tested specimen have a spurious and inevitable
variation that may be explained, for instance, by construction errors or by the existing dispersion
of the material strength values. Hence, the symmetrical joints in the model will experience the
same load, and thus the failure will be simultaneous. Whereas, the failure occurs in the weakest
joint during the experimental test.

a)

Figure 5: Failure pattern of MP00 (experimental and FE model)

In the case of the retrofitted specimens (MPOSB), the location and type of failure observed
in the model output were compared with the experimental observation as highlighted. In the
model, the global damage pattern shows all the areas where crack and failure happen occurred
in all the tested specimens. References were made to two specimens highlighted for
simplification (Fig. 6).

Figure 6: Failure pattern of MPOSB (experimental and FE model)
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In terms of the load-displacement capacity curve comparison, Figure 7 shows that the
numerical outputs resemble well with the experimental one. The numerical model is able to
capture the experimental envelope and predicts the peak load and the corresponding failure to
within less than 5% of the average results obtained from the test (Table 2). The curve shows
the behaviour of the specimen at the initial elastic phase where the OSB and the masonry are
bonded together before the crack initiated at an average load of 3640N for tested specimen and
3842N (5% variation) for the numerical model. This phase then followed by the complete
failure of the joint in the masonry prism at an average load of 7982N and 8365N (4% variation)
for the test and numerical specimen respectively. The final phase of the curve then presents a
region where the masonry part has failed and the OSB is taking the load up to the failure of the
OSB.

1000

4000

500
0

8000

0
0

0.2

0.4

0.6

0.8

1

1.2

MP00-3

4.0

8.0 12.0 16.0 20.0 24.0
Displacement (mm)

Displacement (mm)
MP00-1

0.0

MP00-NM

a) Plain masonry prism (MP00)

MPOSBC1-2

MPOSBC1-2*

MPOSBC1-3

MPOSB-NM

b) Retropfitted masonry prism (MPOSB)

Figure 7: Load-displacement curve (experimental and FE model)

Table 2: Comparison of model and test average results

Parameter

MPOO

MPOSB

Test

FE model

Test

FE model

Peak load (N)

2857

2723

21890

22820

Displacement (mm)

0.058

0.056

18.74

19.37
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4

CONCLUSIONS

This paper presented part of the numerical study conducted to complement the results
obtained from experimental tests on small-scale masonry prisms. A simplified detailed-micro
model approach was employed to represent the four-point bending test and the advanced
software ABAQUS was used. The mechanical properties for brick units and mortar joints have
been calibrated from the performed experimental characterization as demonstrated in a previous
work by the authors [11]. The Concrete Damage Plasticity (CDP) model available in ABAQUS
has been assumed to describe the constitutive relation of the masonry and OSB timber panel.
For the strengthened model, the connection between the masonry and the OSB panel is achieved
through anchors whose behavior is assumed to be elastic.
Quasi-static analyses on the non-strengthened and strengthened masonry prisms were
performed. Capacity curves were derived and represent the relationship among the continuous
increasing load and maximum obtained displacement. The comparative analysis of the results
with the experimental data confirms that the developed FE models can adequately capture the
behaviour of both the plain and retrofitted walls, in terms of ultimate load capacity and damage
failure patterns.
Generally, the numerical model predicted the peak load within a 5% deviation from the
corresponding failure average load given by the experimental tests. This indicates that the
model can be employed to carry out a parametric study to further investigate the performance
of the proposed retrofit technique. Hence, parametric studies can be hereafter developed to
assess the strengthening technique efficiency when applied to large-scale masonry walls and,
as well, to optimize the required thickness of the OSB panels and the connection layout.
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Abstract. In recent years, the seismic risk in the north of the Netherlands has increased due
to gas extraction. Since 2014, the Delft University of Technology started a research program
to assess the seismic response of unreinforced masonry (URM) buildings. The Dutch URM
buildings are characterized by slender piers and transverse walls. In common practice, the
connections between piers and transverse walls are often modelled as rigid, but in real
structures these connections may exhibit different behaviour. Especially, since the 1980s,
calcium silicate element masonry has been commonly used in Dutch buildings, and vertical
continuous joints are present between transverse walls. For this reason, it appears essential
to assess the connection strength properties, since its failure can significantly reduce the
seismic performance of the entire structure. The first part of this work investigates and
compares different numerical approaches to describe the nonlinear behaviour of masonry
under lateral loads, simulating seismic action. The second part specifically focuses on the
critical issues related to the modelling of vertical connections of Dutch URM buildings. A
sensitivity study of the frictional parameters is performed to analyze the influence of the
strength of the glued connection on the global response of the URM structure.
1

INTRODUCTION

Typical Dutch Unreinforced Masonry (URM) terraced houses are composed of façades
with large openings and slender piers, connected at corners with long transversal walls. The
seismic behaviour of the entire structure is determined by the quality of the connections
between the transverse wall and piers. In buildings constructed before 1980, which make use
of calcium silicate (CS) bricks, the connection is guaranteed by the interlocking of the units.
In the 1980s, large CS elements started being used in order to accelerate the construction
process, and the connections between the walls and the piers were provided by means of
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vertical glued joints with steel ties at the bed-joint level. If this connection fails, the vertical
glued joint may slide and open, and the capacity of the structure suddenly decreases [1].
In the past, Raijmakers and Van der Pluijm [2] conducted an experimental research to
analyse the failure of the vertical glued connection at the structural element level, i.e.
considering only a wall-pier system. Later on, the increasing induced seismicity in the
Groningen area has led to a strong interest of Dutch scientific community to the assessment of
the seismic vulnerability of Dutch URM structures. Delft University of Technology tested two
full-scale two-storey buildings to evaluate the seismic capacity of these structures [3,4,5,6,7].
In recent years, several methods have been developed to analyse and predict the seismic
performance of URM buildings [8,9,10]. The nonlinear analysis through the finite element
method (FEM) is one of the most common approaches to calculate the seismic capacity of the
structure in terms of ultimate displacement and maximum strength. In FEM models, the
nonlinear behaviour of the masonry is assigned to the constitutive law of the finite elements.
Different approaches can be distinguished and categorised according to the scale of the
analysis [11,12,13]. One of the most adopted criteria classifies these as micromechanical,
macromechanical, macro-element and multiscale models [14].
This work investigates the appropriate numerical modelling of the vertical glued
connections response, in order to study the influence of these connections on the global
seismic capacity of the structure. To reach this goal, the first part of the paper focuses on the
FE macromechanical modelling of the nonlinear behaviour of masonry structures under lateral
loads, simulating seismic actions. In particular, the use of anisotropic or isotropic constitutive
laws for masonry is discussed in Section 2. Subsequently, Section 3 compares two different
constitutive laws applied in the model to reproduce the possible failure of the vertical glued
connection.
2 FINITE ELEMENT MODELS FOR MASONRY
This section focuses on two finite element (FE) models used to assess the seismic capacity
of URM structures. In common practice, two different strategies are used to model the
nonlinear behaviour of the material: discrete and smeared cracked models [1,12,15]. In
discrete crack models, the nonlinear behaviour is lumped in the interface elements located
where the crack or the sliding may occur. Instead, in smeared crack models, the crack is
smeared out over the finite element and it may occur in any direction. In this work, two
different material constitutive laws are compared: the Total Strain Crack Model and the
Engineering Masonry Model, both smeared crack model implemented in DIANA FEA [15].
2.1 Constitutive laws
The Total Strain Crack Model (TSCM) assumes a tensile softening behaviour governed by
the Mode I fracture energy [1,15]. The compressive behaviour can be defined on the basis of
several constitutive functions that describe the hardening-softening compression curves.
Regarding the shear behaviour, DIANA permits to fix a reduced shear stiffness after cracking.
Some limits of the Total Strain Crack Model are worth to mention, i.e.: the anisotropy of the
material is not considered, the shear failure is not distinguished from the tensile failure and
the energy dissipation under cyclic loading is underestimated, especially in case of shear
failure.
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The Engineering Masonry Model (EMM) permits to overcome the mentioned
shortcomings of the Total Strain Crack Model. In particular, on the one hand, the Engineering
Masonry Model considers the anisotropic property of the masonry and differentiates between
tensile and shear failure (implementing the shear failure Coulomb's criterion), and on the
other hand it provides a more realistic estimate of the dissipated energy for cyclic analyses in
case of shear failure of a pier [15,16].
2.2 Numerical Application: Modelling of a tested two-storey masonry structure
The two constitutive laws described in the previous section are adopted to perform the
numerical analysis of the nonlinear structural response of an experimental masonry structure.
The aim is to validate the capability of the employed FE procedures to accurately describe the
activation and evolution of the nonlinear mechanisms in masonry structures, possibly leading
to their collapse.
One of the two two-storey masonry structures tested in 2015 at Delft University of
Technology (TU Delft) is considered [3,4]. The specimen, illustrated in Figure 1 (a), is a fullscale masonry assemblage representative of the load-bearing structure of a typical two-storey
terraced house built in the Groningen province in the period 1960-1980. These buildings are
characterized by small CS bricks and running bond pattern.
The masonry house is modelled with either shell elements or solid elements. Since the
structure is symmetric, half of the structure is considered to reduce the computation effort.
The slab of the second floor lies up on the walls and the piers via mortar joint, thus this
connection can be assumed strong enough to consider shared nodes. The anchors between the
first floor and the piers are used to retain any out-of-plane movement of the piers and they are
not able to transfer any significant shear load. For this reason, they are modelled with
interface elements having non-zero stiffness only in the direction orthogonal to the piers.
During the experimental test, a cyclic loading was applied through four actuators coupled in
order to maintain the forces equal at the two floors. This loading condition was simulated with
a displacement controlled analysis, by adding an auxiliary rigid steel beam with appropriate
restrains.

(a)

(b)

Figure 1: (a) Specimen and construction detail of a typical two-storey terraced house [4] and (b) Simplified
modelling schematic.

Three different FE models of the building are implemented and analyzed via the code
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DIANA FEA, namely:
• TSCM-Shell: model with shell FEs adopting the Total Strain Crack Model;
• TSCM- Solid: model with solid FEs adopting the Total Strain Crack Model;
• EMM-Shell: model with shell FEs adopting the Engineering Masonry Model;
The material parameters used for the three models, calibrated and adapted on the basis of
the material tests performed and reported in [3] and [7], are summarized in Tables 1 and 2.
Table 1: Masonry mechanical parameters: Engineering Masonry Model

Elastic Modulus perpendicular to head joint
Elastic Modulus perpendicular to bed joint
Shear Modulus
Mass Density
Tensile strength normal to bed joint
Minimum strength head-joint
Tensile fracture Energy
Angle between stepped diagonal crack and bed joint
Compression strength
Fracture Energy in compression
Factor to strain at compressive strength
Unloading Factor
Friction angle
Cohesion

Ex 2212 MPa
Ey 3264 MPa
G 1306 MPa
ρ 1805 kg/m3
fty 0.19
MPa
ftx 0.38
MPa
Gft 0.0127 N/mm
θ 0.792
rad
fc
5.8
MPa
Gfc 17.4 N/mm
n
5
λ
0
γ 0.406
rad
fvo 0.14
MPa

Table 2: Masonry mechanical parameters: Total Strain Crack Model

Elastic Modulus
Poisson's ratio
Shear Modulus
Mass Density
Crack Orientation
Tensile Curve
Tensile strength
Tensile fracture Energy
Crack bandwidth specification
Compression Curve
Compression strength
Fracture Energy in compression

E
ν
G
ρ
ft
Gft
fc
Gfc

3264
MPa
0.16
1306
MPa
1805
kg/m3
Rotating
Linear- crack energy
0.19
MPa
0.0127
N/mm
Rots
Parabolic
5.8
MPa
17.4
N/mm

A pushover analysis is performed and the capacity curves obtained with the different
models are compared with the backbone curve derived from the experimental results [4,5] in
Figure 2 (a). The elastic stiffness of the models coincides with that of the experimental curve.
After the peak, the stiffness of the structure is significantly reduced, due to the development
of the rocking mechanism. During this phase, the cracks are located at the bottom and top of
the pier sections, where tensile strains occur. The rocking mechanism occurs in every model,
but the maximum base shear is higher in the EMM-Shell model than in the others. The main
differences in the results obtained with the different constitutive models emerge in the post-
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peak phase. Indeed, the curves evaluated with the TSCM models suddenly decrease resulting
in severe softening branches, whereas the EMM model gives a more gradual stiffness and
strength degradation. This depends on the observed prevailing failure mechanism. In
particular, the loss of capacity in the experimental test was determined by the diagonal
cracking of the wide pier (Figure 2 (b)). The same diagonal crack was observed for both the
TSCM models (Figure 2 (d) and Figure 3(e)) although this leads to a more brittle failure than
that observed in the experiment. On the other hand, the use of EMM constitutive law switches
the failure to the toe-crushing of the wide pier, as shown in Figure 2 (c). The use of solid or
shell elements affects only the peak strength of the structure, but not the type of failure. The
difference also in terms of strength is rather limited for positive displacements, and more
significant (yet not very large) for negative displacements.

(a)

(d)

(e)

Figure 2: (a) Comparison of the capacity curves: Experimental results, EMM Shell model, TSCM Solid and
TSCM Shell. Failure mechanism for each model: (b) Experimental test [Diagonal cracking] [4], (c) EMM Shell
model [Toe-crushing], (d) TSCM Shell model [Diagonal cracking] and (e) TSCM Solid model [Diagonal
cracking]

3

FINITE ELEMENT MODELLING FOR GLUED VERTICAL CONNECTIONS

As previously mentioned, the seismic capacity of a typical Dutch URM structure is
affected by the strength of the vertical connection between the main wall and piers. This was
clearly shown by the experimental research performed by Raijmakers and Van der Pluijm [2],
which consisted in applying a horizontal load to a U-shaped construction, composed of the
main wall and two perpendicular piers. The wall and the pier are composed of calcium silicate
element masonry. The results of the test show three possible types of failure mechanisms
(Figure 3): the rocking mechanism of the whole structure (a), the diagonal
cracking/compression failure of the pier (b), and the shear failure of the wall-pier connection
(c). The mechanism (a) can be preliminary to the other two. The mechanism (b) is frequent in

2221

Daniela Fusco, Francesco Messali, Jan G. Rots, Daniela Addessi and Stefano Pampanin

the toothed connection and the mechanism (c) occurs for weaker connection type, as in the
case of vertical glued connection. The shear failure of the vertical connection leads to a
sudden strength reduction, which affects the seismic capacity of the entire structure [1]. In
order to consider this mechanism in the numerical modelling, the vertical glued connection is
modelled through interface elements with nonlinear behaviour. Two different constitutive
laws, both implemented in DIANA FEA, are considered for the interface: Nonlinear Elastic
Model and Coulomb Friction Model.

Figure 3: Possible failure mechanisms of a U-Shaped wall [1]

3.1 Constitutive laws for interface elements
The Coulomb friction model for interface elements is based on the Mohr-Coulomb
plasticity model, defined by cohesion, friction, dilatancy angle and Mode II energy fracture.
In this model, the shear failure depends on the normal stress acting on the interface. The
coupled behaviour increases the complexity of the model making more unstable the numerical
solution. More details on this type of modelling approach are available in literature [1,12,15].
Alternatively, the nonlinear elastic constitutive law is defined by the relative displacementtraction diagrams both in the normal direction and in the shear direction [15]. In contrast to
the Coulomb friction model, the axial (orthogonal to the interface) and shear behaviour are
decoupled. The diagonal tangent stiffness matrix with decoupled terms improves the
robustness of the model, facilitating the convergence of the analysis.
3.2 Numerical Applications: Modelling at the element and structural level
The modelling in DIANA FEA of the vertical glued connection is analyzed first at the
structural element level, i.e. considering only a wall-pier system tested by Raijmakers and
Van der Pluijm [2], and then at the structural level on the full-scale two-storey building
described in the previous paragraphs.
At the structural element level, two different models, adopting plane stress (2D-Model) and
solid elements (3D-Model), were used. The Calcium Silicate masonry is modelled with linear
elastic elements. No-tension behaviour was assigned at the base joint, and boundary interface
elements were applied between the masonry elements and the fixed supports. An equivalent
vertical load, which represents the stabilizing moment given by the weight of the floor, was
applied at the top of the wall. The prescribed displacement is applied on the top of the wall,
thus performing a displacement-control analysis.
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Figure 4: Model of the pier-main wall in DIANA FEA: 2D-Model [Left] and 3D-Model [Right]

The vertical glued connection is modelled through interface elements between the wall and
the pier. As previously mentioned, the real behaviour of the interface is governed by the
Coulomb friction failure criterion, where the shear strength depends on the normal stress,
which varies along the connection, as illustrated in Figure 5 (a). Instead, the nonlinear
constitutive law assumes that the shear capacity is equal for each point of the interface. This
assumption corresponds to assume a constant normal stress along the interface, as illustrated
in Figure 5 (b).
The material parameters for masonry and interface elements are obtained from the
literature [1] and summarized in Table 3.
Alternatively, a nonlinear elastic constitutive law is assigned to the structural interface
elements, and the relative displacement-shear stress diagrams is defined as illustrated in
Figure 5 (c). Three different maximum shear stresses were considered, τmax = 0.4 N/mm2, 0.5
N/mm2, 0.6 N/mm2 (which corresponds to assume a constant distribution of the normal
stresses equal to σ=0 N/mm2, σ=0.13 N/mm2 and σ=0.27 N/mm2, respectively).

(a)

(b)

(c)

Figure 5: Normal stress along the connection: Coulomb Friction Model (a) vs with Nonlinear Elastic Model (b).
Relative Displacement - Shear Stress Diagram (c)
Table 3: Vertical interface Coulomb Friction Model properties [1]

Vertical Joint
(Coulomb Friction)

Normal Stiffness
Shear Stiffness
Mode II fracture energy
Cohesion
Angle of friction

2223

kn
kt
GfII
cu
tanφ

3125 MPa
1395 MPa
0.05 J/m2
0.4 N/mm 2
0.75
-
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The Coulomb model for the interface generally requires a high computational effort, and it
is excessively time-consuming. The analysis converges until the occurrence of the shear
failure along the vertical interface, when the shear stress of several nodes reaches the
Coulomb strength domain boundary. At that point, the sudden propagation of the crack along
the interface leads to instability of the numerical solution and, for the Newton-Raphson
iterative method, to lack of convergence of the analysis. Eventually, the Secant (QuasiNewton) method with a high number of steps was used to follow the post-peak behaviour.
The disadvantage is that the initial stiffness reduction, caused by the rocking, is not captured
and the curve maintains an elastic behaviour up to the failure of the interface. The analysis
performed by Rots [1] using the arc-length method provides a capacity curve similar to that
obtained by the experiment. With this method, it is possible to maintain a stable solution
during the snap-back, which represents the propagation of the crack along the vertical
interface. Figure 6 illustrates the comparison between the three iterative methods. No
difference between the modelling with solid elements and plane stress elements is found,
except in terms of the computational effort. Besides, it was more difficult to reach
convergence in the model with solid elements than in that with plane stress elements.
In case of nonlinear elastic constitutive law, the analysis with Newton-Raphson iteration
method is able to provide the failure and post-peak behaviour without any convergence issue.
The results of the analyses performed adopting this latter constitutive law for different values
of maximum shear stress are compared with those obtained with the Coulomb constitutive
law adopting the Arc-Length method in Figure 6. As a displacement-controlled analysis is
performed, the snap-back caused by the propagation of the cracking along the vertical
interface cannot be captured.

Figure 6: Capacity curves: Coulomb Friction Model [left] vs Nonlinear Elastic Model [right]

At the structural level, the nonlinear behaviour of the vertical glued connection between
the pier and the transversal wall has been included in the three models (TSCM-Shell, TSCMSolid and EMM-Shell) of the two-storey building described in the previous section. A vertical
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and a horizontal interfaces were introduced, as illustrated in Figure 7. The first represents the
vertical glued connection. The rigid horizontal interface at the top of the pier was used to
separate the node at the top of the interface.

Figure 7: Vertical Interface with nonlinear constitutive law [left] and Rigid Horizontal Interface [right]

First, the connections have been modelled with a vertical interface characterized by the
Coulomb friction failure criterion. Using the friction angle ϕ and cohesion of the element
pier/wall, no failure of the vertical interface occurs and the results are equal to those obtained
for the model without a vertical interface. Then, a sensitivity study was performed by varying
the friction angle, to try to capture the failure of the joint. The capacity curves obtained for
these variations are illustrated in Figure 8. The results of the sensitivity study show that
modelling the vertical interface with Coulomb friction failure criterion leads to instability of
the analysis and divergence occurs for small variations of the friction angle. Therefore, it can
be stated that this model is not sufficiently robust and it is necessary to adopt a more stable
constitutive law for the vertical interface.

Figure 8: Capacity curves varying the friction for EMM-Shell, TSCM-Shell and TSCM-Solid model, with
Coulomb friction model for the vertical connection constitutive law

Subsequently, the nonlinear elastic constitutive law was adopted for the interfaces and
introduced in the same three models of the masonry assemblage. A sensitivity study of the
influence of maximum and residual shear stress has been performed. The results of this
modelling are significantly more stable than those obtained considering a Coulomb friction
failure. Figure 9 illustrates the capacity curve of the structure for three different values of the
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maximum shear stress (τmax=0.4, 0.5, 0.6 N/mm2). The global seismic response does not
change for larger values of the maximum shear stress. With the decreasing of this value, it is
possible to observe that the sudden decrease of the capacity curve occurs for lower values of
horizontal displacement. Therefore, the occurrence of failure mechanisms, as the diagonal
cracking, depends on the strength of the vertical interface.

Figure 9: Capacity curves varying the maximum shear stress of EMM-Shell, TSCM-Shell and TSCM-Solid
model, with Nonlinear Elastic Model for the vertical connection constitutive law

The sensitivity study varying the residual shear stress (τres=0.05, 0.025, 0.01 N/mm2) is
illustrated in Figure 9. The results show that the residual shear stress does not influence the
peak value, but it rather governs the post-peak behaviour, since the residual capacity reduces
at decreasing of this parameter, but the structure is then more ductile. Therefore, in other
words, the sliding of the interface prevents the occurrence of further brittle failure, which
corresponds to the additional cracking of the wide pier.

Figure 10: Capacity curves varying the residual shear stress of EMM-Shell, TSCM-Shell and TSCM-Solid
model, with Nonlinear Elastic Model for the vertical connection constitutive law
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4

CONCLUSIONS

The failure of the vertical glued connections between the wall and pier of the typical Dutch
masonry buildings built after the 1980s may reduce the seismic capacity of the entire
structure.
The behaviour of such vertical connections is analyzed first at the structural element level,
by simulating a wall-pier system, and then at a structural level, by considering a full-scale
two-storey building tested at TU Delft. This work shows that the choice of constitutive law is
the most critical aspect of the modelling of these structures. The Coulomb-friction criterion is
arguably the most representative constitutive law for the real behaviour of the connection, but
its use leads to the numerical instability of the solution after the brittle failure of the vertical
connection. An alternative modelling is then proposed for the connection by adopting the
nonlinear elastic constitutive law defined by the relative displacement-shear stress diagram. In
contrast to the Coulomb Friction model, this simplified constitutive law decouples the
behaviour in the normal and tangential direction, and this leads to an improvement of the
robustness of the model and the stability of the analysis. However, this law requires the
calibration of the frictional parameters. Besides, it assumes a constant shear capacity along the
height of the connection. When the vertical connection is considered in a complex model, as
for example for a real building, the calibration of the parameter in a simpler model, as a piermain wall model, is suggested. The limitations of this model suggest further investigation to
define stable interface elements that may be able to properly represent the evolution of the
Coulomb-friction behaviour.
The results of the sensitivity study show that the value of the maximum shear stress
governs the occurrence of the shear failure of the interface, whereas the residual shear stress
influences the post-peak behaviour. At the structural level, the shear failure of the vertical
connection reduces the capacity of the building.
Furthermore, models with different types of elements or constitutive laws are used to
assess the seismic capacity of the masonry buildings. The results show that the use of the shell
elements or solid elements does not significantly affect the results. On the contrary, different
constitutive laws, such as the Engineering Masonry Model or Total Strain Cracked Model,
may determine different failure modes of the structure. In particular, when the Total Strain
Crack Model is used, the collapse of the structure occurs for smaller lateral deformations.
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between Sapienza University of Rome and Delft University of Technology, partly funded by
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Abstract. Limit state analysis of masonry arches sets to assess the safety of the structure by
determining the minimum thickness that just contains a thrust line. Based on the Heymanian
assumptions regarding material qualities and the equilibrium approach to the static
theorem it has been explicitly proven for semi-circular arches that both the thrust line
and the resulting minimum thickness value is subject to stereotomy (brick or stone
laying pattern), while present study demonstrates, that the latter statement holds for
pointed-circular arches as well. This is not straightforward, since the number- and
arrangement of the hinges at limit state vary subject to the geometry in case of pointedcircular arches, resulting a more complex problem. It is also explicitly shown, that
stereotomy might also affect the corresponding (rotational) failure mode (for certain
arch geometries). Stereotomy of an existing structure is not always known, hence it is
relevant to search for a stereotomy related bounding value of minimum thickness for each of
the various failure modes. The potential of the envelope of resultants as a thrust line
(resulting from vertical stereotomy) leading to bounding value minimum thicknesses is
discussed: as shown elsewhere it bounds the family of thrust lines, hence leads to an upper
bound value of minimum thickness in case of semi-circular arches. It is demonstrated
however, that this cannot be generalized for other rotational failure modes which occur
for circular-pointed arches. The envelope of resultants does not necessarily lead to a
bounding value of minimum thickness, and even if it does, it can be either an upper or a
lower bound. However, it is found that the range of minimum thickness values is
bounded in all possible failure mode types. The necessary conditions are provided for
each.
1 INTRODUCTION
Minimum thickness analysis is based on the consideration, that equilibrium of a
structure made of no-tension material is only achievable if the thrust line does not exit its
boundaries. It determines the smallest possible cross section, that can still fully incorporate
the corresponding
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thrust line for a given loading and compares it to the actual thickness of the arch. Thrust line is
subject to the overall geometry of the structure, its loading and its stereotomy (brick or stone
laying pattern). The classical approach (e.g. [1],[2]) for minimum thickness analysis assumes a
certain stereotomy (mostly radial) and determines the unique thrust line and/or minimum
thickness value for a fixed loading. Moseley, however, already suggested [3] that this set up
can be varied. Present study considers the relation of thickness and thrust line fixed (that the
latter does not exit the boundaries) and seeks a suitable stereotomy for which the thickness
becomes minimal (at which the structure turns into a mechanism). This approach was already
applied by the authors in investigating the effect of stereotomy on the minimum thickness of
semi-circular arches [4]. It has been shown there and elsewhere [5, 6], that for self-load, the
envelope of the resultant force vectors coincides with the thrust line in case of a vertical
stereotomy: this is called the catenary-type thrust line. It is rather easily comprehensible that it
bounds all other thrust lines corresponding to the same thickness and different stereotomy, if
the arch’s reference line is convex, see also [4]. Consequently, the catenary type thrust line
results in an upper bound minimum thickness value for the semi-circular arch.
Even if the Heymanian assumptions are obeyed, the kinematically admissible (rotational)
failure modes (number and arrangement of hinges) vary subject to arch geometry [7, 8, 9].
Nikolić’s recent rigorous study [8] on the rotational failure modes of pointed arches provided a
reportedly inclusive list of all (altogether 5, see Figure 1) possible hinge arrangements subject
to the arch geometry. His study suggests, without explicit proof, that 7 is the maximum number
of concurrent hinges at the limit state for pointed arches. An analytical proof about that
maximum was provided by us in [10]. Present paper aims to offer an extension to previous
results by investigating the effect of stereotomy on the minimum thickness value of pointed
circular arches. Stereotomy of an existing structure is not always known, hence it is relevant to
search for a stereotomy related bounding value of minimum thickness for each of the various
failure modes, if they exist. The potential of the catenary type thrust line (resulting from vertical
stereotomy) leading to bounding value minimum thicknesses is discussed, with special
emphasis on the 6 (7)- and 5-hinge type (2a) mechanism (it has already been shown by us in
[10] that for 5-hinge type (2b) though it provides a bound, that is a lower one, as opposed to the
case of 5-hinge type (1), the semi-circular arch (Figure 1.)). The complexity of the problems
discussed here originates in the geometric indeterminacy of the studied mechanisms: since no
hinge is located at either the top (6-h) or the bottom(5-h2a) of the arch, the location of the array
of resultants might vary relative to the axis of the arch.
Motivation of present study is further discussed in Section, 2. Modelling, geometry and
methodology is treated in Section 3, while results on the effect of stereotomy on the minimum
thickness value for pointed arches corresponding to the 6-hinge and 5-hinge type (2a)
mechanism are derived in Section 4. Finally, conclusions are drawn in Section 5.
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Figure 1. Rotational collapse modes of circular arches, based on [8]

2 MOTIVATION
In particular, we aim to investigate, whether
 the dependence of minimum thickness value on stereotomy is valid for all type of
rotational failure modes.
 stereotomy affects the type of failure mode.
 it is relevant to define the stereotomy related bounding value of the minimum
thickness for each of the various failure mode types (i.e. arch geometry), if exists. It
would substantially simplify the analysis if there was one specific type of the thrust
line (i.e. stereotomy), resulting a bounding value for all cases. The catenary type
thrust line (linked to a vertical stereotomy) results in an upper bound minimum
thickness and hence provides a safe estimation for the semi-circular arch (5-h1 type)
– therefor it seems a natural candidate.
3

MODELLING, GEOMETRY AND METHODOLOGY

The applied material model is rigid-plastic, furthermore necessary assumptions proposed by
Heyman [1] regarding the constitutive hypotheses are adopted:
- the material has no tensile strength – in specific, the joints do not transfer tensile forces,
- the material has infinite compressive strength,
- no sliding occurs between the elements.
The most notable consequence of these assumptions for present research is that only a rotational
failure mode is considered. The static approach of limit state analysis is followed. The
equilibrium condition is that the thrust line should not exit the boundaries of the arch. The yield
condition is determined by the eccentricity of the resultant force vector: a plastic hinge forms,
if the eccentricity equals half-thickness. Following Heyman’s proposal [1], minimum thickness
analysis is treated as a plastic design methodology that seeks an optimal geometry. The assumed
corresponding rotational failure mode (subject to geometry and loading) determines the
arrangement of (plastic) hinges at the limit state, which allows for a geometric formulation of
the equilibrium and the yield condition: at the limit state the thrust line crosses all hinges (yield)
and must be tangent to the boundary of the arch at the internal hinges(equilibrium). In the
following, the equilibrium condition is hence denoted tangency condition, in accordance with
the geometric formulation.
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3.1 Geometry
The arch is modeled as a planar structure made
s(x) section
of voussoirs. In order to account for all the
theoretically possible arrangements, a
r(x) reference
continuous model is applied with sections (s)
line
essentially substituting joints. Only constant
thickness (t) and symmetrical arches are
considered, the analysis is hence carried out on
a half-arch and symmetry is accounted for in
the constraints. (Minimum) thickness is scaled
by the radius (R) of the arch, hence the notation
t/R is used. A major simplification of the
applied model is that it considers the loading
c(x) catenary
type thrust line
(self-weight) distributed evenly along the center
line of the arch, which is treated as the
reference line (r), regardless of the stereotomy.
Consequently, the E vector (resultant force, see
Figure 3) field becomes independent of the
stereotomy and it seems essential for an
analytical study of the problem.
Figure 2. Notation of geometry (6-h mechanism)
Depending on the problem discussed, the
reference line is either parameterized with
respect to the angle to the vertical denoted by  in a polar, or by x in a Cartesian coordinate
system. Stereotomy is treated as a continuous function ordering the direction of s to each point
along r. The thrust line is the set of points of intersection between lines E and s. Notation is
shown in Figure 2 and 3, right.
We consider circular-pointed arches with a unit radius (xe, ye є [0,1]). We define a deviation
function (d(x)) in the Cartesian coordinate system as the difference between the center line r(x)
and the catenary-type thrust line c(x). For a catenary-type thrust line results from a vertical
stereotomy, d(x) is rather convieniently defined, the applied transformation from the polar
system back and forth is straightforward. Depicting d(x) corresponds to the vertical projection
of c(x) and r(x).
𝑑𝑑(𝑥𝑥): = 𝑟𝑟(𝑥𝑥) − 𝑐𝑐(𝑥𝑥).

(1)

The equation of the envelope of resultants (or the catenary-type thrust line) is obtained based
on the vanishing moment:
𝑚𝑚(𝑥𝑥)

⏞
𝑉𝑉(𝑥𝑥)
𝑐𝑐(𝑥𝑥) = 𝑦𝑦0 −
(𝑥𝑥 − 𝑥𝑥𝑉𝑉 (𝑥𝑥)),
𝐻𝐻

(2)

𝑟𝑟(𝑥𝑥) = √1 − (𝑥𝑥 + 𝑥𝑥𝑒𝑒 )2 − 𝑦𝑦𝑒𝑒 .

(3)

where y0 denotes the y-intercept of H at the top, and xV the x-coordinate of the center of mass.
While r(x) reads

Thrust line’s eccentricity at the top from r(x), denoted et, [-1,1] is a unitless quantity, scaled by
t/2R, half-thickness to radius ratio of the arch. Its eccentricity from r(x) at the springing is es [-
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1,1], analogously to et. At the intersections of E(x) with the intrados (or extrados) (Figure 2),
the following relations hold (the necessary conversion for angles measured at the extrados is
made, though not detailed here, before depicting them on the α-φ plane for φ refers to angles
measured at the intrados, see Figure 2, 3):
𝑥𝑥 = (1 ±

3.2 Methodology

𝑦𝑦 = (1 ±

1 𝑡𝑡
) sin(φ) − sin(𝛼𝛼𝑡𝑡 ) ,
2 𝑅𝑅

(4)

1 𝑡𝑡
) cos(𝜑𝜑) − cos(𝛼𝛼𝑠𝑠 ) .
2 𝑅𝑅

(5)

The methodology of determining the admissible stereotomy functions for a given minimum
thickness value is presented in detail in [4] for the case of the semi-circular arch. A very brief
outline is given here, while its application to the more general case of pointed arches is to be
found in Section 4. As per definition, the stereotomy-dependent thrust line points lay on the
resultants (which only depend on the geometry, i.e r and t/R in the frame of the model), hence
those sections of the resultants are inadmissible which are outside (if the arch is sufficiently
thin, see [4]) the boundaries of the arch. This allows for the definition of inadmissible ranges
of the angle φ for each point along the reference line. Here φ denotes the internal angle to the
vertical of intersection of section and intrados. The results are depicted on the α-φ plane for a
given t/R ratio. A visual explanation is given in Figure 3. below:

inadmissibl
e range for
stereotomie
s, based on
equilbirium
condition

r(α)
reference
line

envelope of
resultants

inadmissibl
e range for
thrust line
point for
(O(α)),
based on
equilbirium
condition

Figure 3. Diagram of admissible stereotomy function-range (left white) in the α-φ plane (left), and the
explanation of admissible-and inadmissible (orange) ranges on the arch (right)

4 EFFECT OF STEREOTOMY ON THE MINIMUM THICKNESS VALUE
Following the initial assumption that the catenary type thrust line leads to a bounding value
minimum thickness we start each analysis of an arch (characterized by xe, ye, or, equivalently,
by αs and αt, see Figure 2) with a given r(x) reference line by determining the t/R and the
corresponding α-φ diagram depicting the admissible range of stereotomies based on c(x).
Determining the minimum thickness value of a pointed-circular arch of given geometry (xe,ye)
for a specific stereotomy is done by solving the following system of non-linear equations:
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𝑑𝑑(𝑥𝑥1 ) = 𝑐𝑐(𝑥𝑥1 ) − 𝑟𝑟(𝑥𝑥1 ) = 𝑡𝑡𝑝𝑝𝑝𝑝 /2𝑅𝑅
𝑑𝑑′(𝑥𝑥1 ) = 𝑐𝑐′(𝑥𝑥1 ) − 𝑟𝑟′(𝑥𝑥1 ) = 0

𝑑𝑑(𝑥𝑥2 ) = 𝑐𝑐(𝑥𝑥2 ) − 𝑟𝑟(𝑥𝑥2 ) = −𝑡𝑡𝑝𝑝𝑝𝑝 /2𝑅𝑅
𝑑𝑑′(𝑥𝑥2 ) = 𝑐𝑐(𝑥𝑥2 ) − 𝑟𝑟(𝑥𝑥2 ) = 0

(6 − 9)

With x1 and x2 denoting the x-coordinate of the internal hinges, and tpr denoting the projection
of the half-thickness on the corresponding section. Note that except for the 5-hinge type (1) and
(2b) (which are not considered here, see Introduction) always two internal (i.e. between the top
and the springing of the arch) hinges appear, one at the intrados, one at the extrados (Figure 1).
Then, if possible, we modify the value of t/R along with the et and es parameters (see Figure 2,
note that r(x) is unaffected!) and observe the effect on the range of admissible stereotomies
(essentially the /modified/ α-φ diagram) and the rotational failure mode, if applicable. Since the
equilibrium related constraints are required, we derive the envelope of resultant for each new
combination. It is important to highlight that we only aim to prove that other stereotomies (and
hence minimum thicknesses) are possible, but we do not pursue to derive them for illustration.
This also holds for the bounding value minimum thicknesses: we only intend to find the
combination that results them (in terms of et and/or es) and not the corresponding stereotomy
(unless, the bounding value is indeed based on the catenary type thrust line).
Results based on eqs. (6-9) considering the catenary type thrust line for a selected arch geometry
(i.e. failure mode 6-hinge) and its corresponding φ-α diagrams are depicted in Figure 4, second
row, left. Analyzing the cited diagrams in Figure 4, it becomes reasonable to assume that should
the t/R value be higher, hinge at the intrados would disappear, while for lower t/R values, the
ranges corresponding to inadmissible points towards the extrados would intersect (hence no
admissible stereotomy can be constructed) therefor no stereotomy-related variation in terms of
t/R exists, see Figure 4, first row, middle and right. It is, however, shown below that due to
their ‘geometric indeterminacy’ (parameter et or es influencing the location of the array of
resultants) in case of the 6-hinge and 5-hinge type (2a) mechanisms stereotomy related variation
still exists: multiple minimum thickness values can be derived for the same geometry (i.e. r(x))
and moreover the minimum thickness value derived based on catenary-type thrust line does not
provide a bound.
4.1 6-hinge mechanism
In the case of a 6-hinge mechanism we have 4, linearly independent unknowns for a given
geometry (fixed xe and ye): t/R, et, and the locations of the internal hinges, x1 and x2.
Consequently, if vertical stereotomy is considered (equivalently: catenary type thrust line),
solving eqs. (6-9), results a unique ‘et’ value in addition to the location of hinges and t/R value
for a given geometry. However, relaxing the boundary conditions of the minimum thickness
analysis still based on catenary-type thrust line (by instead of eqs. (6) and (8) enforcing solely
the following inequalities on the problem:
𝑑𝑑𝑒𝑒 (𝑥𝑥1 ) ≤ 𝑡𝑡𝑝𝑝𝑝𝑝 /2𝑅𝑅

𝑑𝑑𝑖𝑖 (𝑥𝑥2 ) ≤ −𝑡𝑡𝑝𝑝𝑝𝑝 /2𝑅𝑅

(10)

(11)

respectively, opens up a range of admissible values of ‘et’, and allows for stereotomy related
variation of minimum thicknesses for the same geometry. Geometrically, condition (11) means
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that we allow the catenary type thrust line to cross the boundary towards the intrados, while
condition (12) means it might not even touch extrados (see Figure 4 second row, middle, left
and Figure 5). Observe that if both is fulfilled simultaneously alternate admissible stereotomies
might exists, as all other members of the thrust line family is ‘above’ the catenary-type – i.e.
one can be found that touches both extrados and intrados. The following questions should then
be investigated:
- what is the admissible range of ‘et’?
- whether an analysis based on the catenary-type thrust line results a bounding minimum
thickness value?
The deviation function d(x) provides an illustrative tool well suited to investigate these
questions:
𝑟𝑟(𝑥𝑥)

⏞
2
𝑑𝑑(𝑥𝑥) = 𝑦𝑦
⏟0 − 𝑚𝑚(𝑥𝑥)(𝑥𝑥 − 𝑥𝑥𝑉𝑉 (𝑥𝑥)) − √1 − (𝑥𝑥𝑒𝑒 − 𝑥𝑥) − 𝑦𝑦𝑒𝑒 .

(12)

𝑐𝑐(𝑥𝑥)

r(x) depends on the geometry, hence any changes of the value t/R or et affects c(x) only. x, xv
are also independent of these parameters. In order to highlight the effect of any change in these
parameters, the following formulation is obtained:
𝒚𝒚𝟎𝟎

𝑟𝑟(𝑥𝑥)

⏞
𝒕𝒕
𝑉𝑉(𝑥𝑥)
⏞
𝑑𝑑(𝑥𝑥) = (𝒚𝒚𝒉𝒉 − 𝒚𝒚𝒆𝒆 + 𝒆𝒆𝒕𝒕
)(1 −
(𝑥𝑥 − 𝑥𝑥𝑉𝑉 (𝑥𝑥)) − √1 − (𝑥𝑥𝑒𝑒 − 𝑥𝑥)2 − 𝑦𝑦𝑒𝑒
𝟐𝟐𝟐𝟐
)(𝒙𝒙
(𝒕𝒕/𝑹𝑹)
(𝑥𝑥
))
−
𝑥𝑥
𝑉𝑉(𝑥𝑥
ℎ
𝒎𝒎𝒎𝒎𝒎𝒎
𝑉𝑉 ℎ
⏟
𝑐𝑐(𝑥𝑥)

(13)

Note that ‘et’ only affects (directly) the value of y0. From this formulation it is obvious that for
a given t/R value reducing the value of et results lower d(x) values. Hence the admissible range
of et is found to be:
𝑒𝑒0𝑡𝑡 > 𝑒𝑒𝑡𝑡 > −1,

(14)

𝑑𝑑𝑒𝑒 (𝑥𝑥1 ) = 0 ; 𝑑𝑑 ′ 𝑒𝑒 (𝑥𝑥1 ) = 0; 𝑑𝑑𝑖𝑖 (𝑥𝑥2 ) = 0 𝑤𝑤ℎ𝑖𝑖𝑖𝑖𝑖𝑖 𝑒𝑒𝑡𝑡 = −1

(15)

where e0t denotes the eccentricity calculated during the determination of minimum thickness
considering catenary type thrust line. Note that decreasing d(x) means that it moves towards the
intrados, at a fixed t/R. Hence, it is theoretically possible, to construct arches (by finding
admissible stereotomies) for both higher and lower t/R values than that defined based on the
catenary type thrust line: the corresponding lower and upper bound minimum thickness values
can be found based on the assumption that et =-1.
t/R can be increased as long as min(d(x)) ≤t/2R), whereas it can be reduced as long as max(d(x))
≤t/2R) – meaning that the envelope of resultant at least touches the intrados, and at most it
touches the extrados. The extremities of the range of minimum thickness values hence can be
found by solving
or

𝑑𝑑𝑖𝑖 (𝑥𝑥2 ) = 0 ; 𝑑𝑑 ′ 𝑖𝑖 (𝑥𝑥2 ) = 0; 𝑑𝑑𝑒𝑒 (𝑥𝑥1 ) = 0 𝑤𝑤ℎ𝑖𝑖𝑖𝑖𝑖𝑖 𝑒𝑒𝑡𝑡 = −1

(16)

The former resulting lower, the latter the upper bound. Note that the case of e = -1 turns the
originally 6-hinge mechanism into a 7-hinge mechanism (see Figure 5, far left and left).
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Figure 4. φ-α diagrams of αb=0.1 αt=1.27 arches, corresponding to 6-hinge mechanism
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Figure 5. Hinge arrangement and catenary type thrust line in corresponding limit thickness arches (admissible
stereotomy can exist, since all other members of the thrust line family lay above the catenary type thrust line)

Up to this point it has been implicitly assumed that the failure mode is not subject to stereotomy
– i.e. only 6-hinge (or in the limit, 7-hinge) mechanisms has been considered. This kept the
value of es fixed, at 1. However, this is not a necessary condition. Decrease in the value of es
has a similar, reducing effect on d(x) (see below), and it can be activated, if the limit in terms
of et is achieved (i.e. hinge at the top is at the intrados). This turns the 6-hinge mechanism into
a 5-hinge type (2a) or even (b).
4.2 5-hinge type (2a) mechanism
The problem of the 5-hinge mechanism type (2a) is very similar to the above discussed 6-hinge
mechanism, except that at the top the thrust line is required to touch the intrados (hinge), while
a hinge at the springing is not a necessary condition, hence es becomes a parameter. Therefor
eq. (12) turns into:
𝑑𝑑(𝑥𝑥) = (𝑦𝑦0(𝑡𝑡/𝑅𝑅) )(1 −
⏟

𝑉𝑉(𝑥𝑥)

𝑉𝑉(𝑥𝑥ℎ ) (𝒙𝒙
⏟𝒉𝒉 − 𝒙𝒙𝒆𝒆 + 𝒆𝒆𝒔𝒔
𝒙𝒙𝒎𝒎𝒎𝒎𝒎𝒎

𝑐𝑐(𝑥𝑥)

𝑟𝑟(𝑥𝑥)

𝒕𝒕
− 𝑥𝑥𝑉𝑉 (𝑥𝑥ℎ ))
𝟐𝟐𝟐𝟐

⏞
(𝑥𝑥 − 𝑥𝑥𝑉𝑉 (𝑥𝑥)) − √1 − (𝑥𝑥𝑒𝑒 − 𝑥𝑥)2 − 𝑦𝑦𝑒𝑒

(17)

Clearly, the es parameter only affects the value of xmax. Note that reducing the value of es results
similarly to above lower d(x) values for arbitrary x. Following the same argument (see Figure
5 right and far right) as for the case of a 6-hinge mechanism it is deductible that a minimum
thickness analysis based on catenary type thrust lines does not provide any bound for the 5
hinge mechanism type (2a) either (either lower or upper). The admissible range of ‘e’ is
analogously:
𝑒𝑒0𝑠𝑠 > 𝑒𝑒 > −1

(18)

Note that the case of es = -1 turns the originally 5-hinge type (2)a mechanism into a 5hinge type (2b) mechanism (Figure 5).
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5

CONCLUSIONS

The most important conclusion of the study above, is that eminently the geometry of the circular
pointed arch determines the failure mode, however, it can be modified by the stereotomy, if the
failure mode had a geometric indeterminacy (6-hinge, 5-hinge type (2a)) and/or redundancy (7hinge – this, though not explicitly discussed above, is directly deductible from the cases 6-h
and 5-h2a). Furthermore, determination of bounding value of minimum thickness for any
geometry is possible if the geometric indeterminacy or the redundancy is resolved. To allow
comparison with former results of the literature the outcome of the present work is visualized
for a given ye (0.3) value in Figure 6: it contains the resulting minimum thickness values with
respect to xe, for admissible stereotomies. The diagram can be obtained based on eqs. (6-9). It
is clearly demonstrated that in perfect agreement with the findings of Nikolić [8] the 7-hinge
mechanism marks a local minimum on the t/R(xe) function considering both the catenary type
thrust line, marked bold red or radial stereotomy (marked bold black) in Figure 6. However, if
the effect of stereotomy is fully accounted for, the geometry corresponding to the 7-hinge
mechanism no longer marks any local minimum. Instead, the observation can be made that
lower bound minimum thickness value is to be defined based on the assumption of a 5-hinge
type (2b) failure mode. It is important to highlight though that the bounding value minimum
thickness (and hence, failure modes) would require unrealistic stereotomies.
The relation of the bold black and red line in the Figure also suggests a very important
conclusion for realistic stereotomies. The formerly proven statement on how considering the
catenary type thrust line provides lower bound minimum thickness value for failure mode 5hinge type (2b) and upper bound for failure mode 5-hinge type (1) can be extended for failure
modes with geometric indeterminacy: It provides upper bound for 6-hinge mechanisms, and a
lower bound for 5-hinge type (2a) mechanisms.

Figure 6. Range of minimum thickness values for ye=0.3 and the corresponding rotational
failure mechanisms
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Abstract. Safety assessment of historic masonry structures is a complex problem mainly due
to the mechanical characteristics of their material. In the 50’s it was shown that Standard
Limit Analysis is suitable for that type of structures and has proven effectiveness for
simplified assessment as long as sliding collapse does not occur. This can be
formulated as an optimization problem with the intention of calculating the bounds of
the load factor, the maximum for static formulations and the minimum for kinematics. In
the static case, it is generally assumed that a load factor lower than the referred of the onset
of collapse is a safe load factor, but this assumption is false. The collapse due to the lack of
stability may occur by increase or decrease of the load factor.
This work presents an alternative to load factor determination to evaluate the safety of
masonry structures. The possibility to incorporate one or more safety coefficients is
presented applying a deterministic partial safety factor method. An important difficulty for
this purpose is that usually these partial coefficients are applied to variables that are referred
to the origin of coordinates. This would be appropriate for materials with similar
mechanical behaviour under tension and compression stresses, but it is not the case for the
typical materials employed in masonry structures like stones, bricks or similar. Materials
with non-symmetric tension-compression behaviour have the origin of coordinates over the
yield surface or very close to it. For this reason, the origin can hardly be considered as a safe
reference point.
The method proposed in this work consists of the calculation of the interior point further
of the yield surface and considers it as the safest point. Considering that point as the origin
of coordinates, the deterministic partial safety factors can be calculated.
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1 INTRODUCTION
In 1952 Kooharian [1] proved that Limit Analysis theorems were suitable for masonry
structures, although in 1953 Drucker [2] proved that these theorems were not appropriated for
cases of sliding collapse. The Standard Limit Analysis is an excellent method to evaluate the
resistance and stability of the cases in which sliding do not occur [3], it is especially useful for
study in a simplified way the short-time behaviour. In fact, this is probably one of the best
methods to evaluate the limit resistance of one structure obtaining the failure strength and the
global stability, both of them from basic data as the geometry of the structure and loads. On
the contrary, this method is not appropriate to evaluate the mechanical behaviour considering
long-time effects, for this issue there are sophisticated tools, although it is important to note
that it requires much more specific data.
Heyman has developed “manual” analysis based on these theorems, and he successfully did
it because that analysis method perfectly connects with the graphic and non-graphic traditional
analysis based on pressure lines.
The Limit Analysis and the linear and non-linear Mathematical Programming have been
always closely related. Charnes et al. [4] matched the equivalence between two dual Linear
Programming problems with the static and kinematic principles of plastic collapse in trusses.
Dorn [5] and Charnes et al. [6] extended the equivalence to structural frames. From the 70’s,
Limit Analysis using Linear Programming experienced a great development mainly due to the
increase of the use of computers. Some examples of this phenomenon can be highlighted, as
the application by Anderheggen [7] of a medium continuous with finite elements method of a
rigid plastic material, or the application to masonry structures modelled by rigid blocks with
unilateral contact by Livesley [8] using a static formulation, or the application of a kinematic
formulation by Gilbert et al [9].
The application of lower bound theorem or static method, is used to predict if structures are
stables and resistant under specific load case. This is based on the “manual” analysis
mentioned above, that consists of obtaining one solution of the equilibrium between whatever
internal forces with the load case. It is important to note that this simulated structural response
does not have to be the “real” one, but these internal forces cannot violate the constraints of
the material at any point. In other words, if a solution that allows to achieve the equilibrium
and does not violate the constraints is possible, the structure “finds” it.
It is a different topic how to obtain the variation of the security if the loads or the proprieties
of the structure vary. The application of these theorems is not easy if the materials are
heterogenous, anisotropic, and with tensile strength values near to zero or even zero. The topic
is complicated if the theorems are applied in combination with Mathematic Programming.
Their names, lower bound theorem and the upper bound theorem, can be misled.
It is a known fact in these structures that it is more dangerous to reduce the loads than to
increase them, nevertheless this phenomenon is sometimes ignored with serious consequences
(fig. 1).
From this point, this work is limited to methods with static formulation. In this way, this
problem has been approached with “manual” analysis for linear structures with the sole
objective of checking the stability using the geometry safety coefficient.
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Figure 1: Influence lines for a point load with backfill to keystone and without backfill.

2 STRUCTURE MODELLING
This work proposes a model of a masonry structure with a unilateral material, considering
both blocks and the interfaces, with little or no tensile strength, high compressive strength and
non-existence or impeded sliding. In the simplest model the tensile strength is voided and in
the model of Heyman [10] the compressive strength is not limited. The assumption of
considering zero tensile strength has been traditionally applied and it works in favor of the
safety. The use of limited compressive resistance considering the possibility of crushing has
not been traditional applied, but it appears in researches as Delbecq [11] or Livesley [8].
Respect to the sliding, the Standard Limit Analysis method requires that it be voided. In this
way, will be supposed the friction enough to impede the sliding, or the necessary
characteristics to avoid it. The sliding collapse has been studied by several authors [12].
Therefore, the mechanical behaviour of the material is modelized as a plastic-rigid,
regardless elastic strains. In this way, it is a realistic simplification because the plastic strains
that occurs at the point of yield constrains are much superior than elastic ones.
Figure 2 shows an example of axial force (N) and moment (M) applied on a generic section
and a stress distribution over this surface. This distribution can be considered for a section,
real or virtual, with a unilateral and rigid-plastic material as described before.

Figure 2: Generalized stresses and stresses in a contact surface of a masonry-like structure.

It is possible to define a limit surface or yield surface using the variables of axial force N
and moment M, as can be observed in figure 3. The stresses represented into the limit surface
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of figure 3 are safe points. In the states represented in the strict limit, the collapse is about to
begin. Every stress state outside the yield surface has not physical meaning or, in other words,
they are not possible. It is important to note that this limit surface must to be convex so that
Limit Analysis can be applied. Further, the elemental deformations produced when the
variables reach one point of the limit surface or “plastic multipliers” must be perpendicular to
the limit surface in that point.

Figure 3: Yield surface M-N of a masonry-like structure.

The effect of the tangential stress V can be incorporated by means of the corresponding
yield strength surface N. If this effect produces sliding the Standard Limit Analysis could not
be applied. For this reason, as it has been explained before, it is supposed enough friction to
impede that the sliding occurs.
The terminology used in this work has been defined below. Bt corresponds to the
equilibrium matrix, s is the vector of internal force, g is the vector of permanent loads, λ
correspond to the load factor, q is the vector of variable loads, y is the vector of “slack referred
to limit stress” and Lt is yield matrix that consist of a matrix of suitable coefficients that relates
internal forces to those mentioned slacks. The vector y must to be positive, and from a
geometric point of view, corresponds to the distance from one stress point to the limit surface.
The method proposed in this article is based on a static formulation in which every valid
solution must be according to Eq. (1).
s.a. B t s = g + l q ü
ï
-Lt s = y ý º y Î {E y }
y ³ 0 ïþ

(1)

The Standard Limit Analysis can be applied in the cases in which the material is valid
according to the previous conditions and the sliding do not conditionate the collapse mode. In
these cases, the typical approach to obtain a solution of the problem that shows the collapse
mode consists of the calculation of the maximum value of the load factor applicable to live
loads, for which the collapse begins Eq.(2) or Eq. (3), and considering that any value of load
factor lower than this value is a safe solution. The lower the load factor, the greater the safety.
In this way, the maximum load factor does the work of global safety factor over the variable
loads. The cases with λmax=0 show the structure is about to collapse with only permanent loads.
The cases with λmax=1 show that the structure is about to collapse with concomitant permanent
and variable loads without safety coefficients. On the other hand, the cases with λmax>1 show
that the structure is able to resist with an increase of variable load before collapse occurs.
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{

}

t
max l s.a. Bts = f = g + λq ; - Ls
=y ;y³0

{ }

max l s.a. y Î E y

(2)
(3)

The second and third constraints of Eq. (2) define a convex polyhedron, and in most closed
cases, which are called the yield surface. It is obvious that in problems that include stability
there is both an upper and a lower bound for λ, and therefore the methods specifically limited
in the obtainment of a λmax are not suitable.
3 THE PROPOSED METHOD
The most advanced method to evaluate the safety of a masonry structure consist of the
development of a simulation, for example using Monte Carlo type, with aleatory values of
loads, the data of the initial geometry considering the possibility of its variation, and
mechanical characteristics. This method is an alternative to use the partial safety factors and
corresponds to the probabilistic methods of level III. This possibility is very attractive from a
theoretical point of view. However, its real application is difficult due to the lack of data. This
is one of the reason why the Limit Analysis is used. In already published works [13] is exposed
that would be needed to obtain the distribution of the frequencies of the involved parameters,
as loads, resistances, etc. Even in the case to obtain them, it would be necessary to determine
the number of replicates per assay to obtain the necessary confidence level.
This article is focused on the evaluation methods with level I of safety. They are
deterministic methods in which the results are modified by a safety margin, and sometimes
they are developed by means of partial safety coefficients.
The concepts are described below in an example in order to clarify the exposition. The
own limitations of the example are obvious, but the clarification and the graphical
representation are important advantage. On the contrary, the accuracy is lower.
3.1 Case-Study
This case-study consists of the example of a simple beam of a rigid-plastic material laid on
a rigid block, as is show in figure 4. There are one permanent force F1 and one variable force
F2 applied in both extremes. In this case, the beam is able to resist an ultimate bending moment
Mu, that depends on the material. The permanent force is similar to dead loads g and the
variable one is similar to live loads q, conditioned by a load factor λ. The geometric dimensions
and the location of the forces as can be observed in figure 4.

λq=λF 2

g=F 1

1

1

2

Figure 4: The example of the case-study.

The static variables of this example are de loads g, λq, and the constraints are defined
according to the stability limit cases (Eq. 4, 5) and the resistance restrictions (Eq. 6, 7).
These constraints can be graphically represented by the lines that represent the static
variables g, λq, as figures 5 shows, limiting two half-spaces: one in white defines the area
where constraints are valid, and other one coloured in grey that defines the area where the
constraints are unacceptable.
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The intersection of all these half-spaces defines a n-dimensional convex polyhedron, in the
example a polygon.
(4)
𝐹𝐹" ≥ 𝜆𝜆𝐹𝐹%
(5)
𝐹𝐹" ≤ 3𝜆𝜆𝐹𝐹%
(6)
𝑀𝑀* ≥ 𝐹𝐹"
+,
(7)
≥ 𝜆𝜆𝐹𝐹%
%
Inside this polyhedron which, if it is closed is called a polytope, are all solutions that meet
all restrictions, in the example it is the white polygon. In the envelope of the polyhedron are
the solutions for which some limit constraints have been reached and, in the case of the
example, the collapse is about to begin. Outside, in the gray zone, there are no possible
solutions from the physical point of view.

Stability

λq

F ≥λ F
1

[F 1,λF 2]

2

Mu≥
2 λF
3λ F 2 ≥ F 1

Resistance

Stability+Resistance

λq

λq

[F 1,λF 2]

1

A

2

a

0

Mu≥ F
1

2

d

B
c
[F ,λF ]
C 3 λ F ≥F
b
g
1

2

2

g

g
0

Mu≥
2 λF

2

F ≥λ F

0
1

Mu≥ F
1

1

1

Figure 5: Yield surfaces λq-g of case-study.

3.2 Range of stability
Figure 5 shows that the non-stable solutions coloured in grey can occur both increase and
decrease of load factors. The simplest way to obtain both higher and lower limits consists of
achieving them according to Eq. 8, 9 and define margin between them (λmin, λmax), thus
obtaining the stability range of the system loads.
t
lmax = max l s.a. {Bts = f = g + λq ; - Ls
= y ; y ³ 0}
(8)
t
lmin = min l s.a. {Bts = f = g + λq ; - Ls
= y ; y ³ 0}

(9)

This process has been fully developed [12, 14], and it can be graphically represented, as
shows figure 6. The straight segment (F1, λminF2 ), (F1, λmaxF2) builds a polytope with lesser
dimensions in this case 1 and inside it, there are all admissible static solutions, where F1 does
not vary.
Any value of load factor into the stability range is a safe solution. The higher distance from
the point to the both limits, the greater the safety. In this way it is possible to define a safety
coefficient γ for a load factor according to the distance from the point to distances to the average
value of the extreme values (Eq. 10).
ìl - l
l -l ü
g = arg max í max med , med min ý
(10)
l
l
l
l
î
þ
med
med
This method supposes an advance of current knowledge. Although some of the possibilities
has been proven before [14], it turns unsafe in cases where the point is near to the yield surface
in the direction of another variable than λ.
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1

g
0
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Figure 6: Stability interval.

3.3 Contraction in a fixed value of the yield surface
It is important to have standardized analysis methods. In this way, the safety range of linear
structures has been traditionally evaluated using the Geometric Safety Coefficient (GSC) where
the evaluation is limited to the stability. This GSC can be interpreted as the possible verification
to draw a pressure line between the lines of the own geometry of the contracted structure (figure
7).

Figure 7: Geometric representation of the Geometric Safety Coefficient.

It is not possible to solve that problem directly with a Linear Program, but it is also possible
to solve it iteratively with this tool. It can be achieved increasing and/or reducing the GSC in
a process that finishes when the structure remain stable at maximum GSC. In those cases, the
resistance is usually checked in the last step.
This article is focused on alternative methods, more general and applicable to any type of
structure. Then, from now on this work is oriented to methods about the contraction of the
yield surface. In other words, methods based on the distances from a safe stress state point to
the yield surface. These types of problems can be solved in the cases of convex envelopes as
Convex Optimization problems, and the simplest cases as the case-study with polyhedral
envelop can be solved with Linear Programming.
General methods to solve these type of problems have been already described, for example
by Boyd et al. [15]. In that work the vector y as the components of the geometric distances
from the point of the reference stress to the yield limits is defined, as can be observed in the
left of figure 8. This work takes advantage of this vector.
For all these reasons, one alternative easily implementable consists of the calculation of the
minimum of the distances that forms a stress point to the nearly point of the yield surface. This
calculation can be achieved with a new condition h ≤ yi and solving max h and min yi= max h.
Eq.(11).
t
min yi = max h s.a. {l = l1;0 £ h £ yi ; Bts = g + lq ; - Ls
= y ; y ³ 0}
(11)
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The set of points which yi ≥ h defines a contracted yield surface, as can be observed in the
right of figure 8. This envelope is defined by the restriction yi = h.
Every point inside this envelope represents a stress state that is separated at least at a
distance h from the nearly limit.
In this way, the method proposed in this work allows with only one Linear Programming
problem to guarantee that almost one stress point that corresponds to the load factor λ= λ1 is
separated one distance with respect to the nearly yield surface. Also, this method allows to
know which limit constraint is the nearest. The inconvenient of this method is that it does not
specify the distance. Thereby, it is not shown if the distance is small or large with respect to
the size of the yield surface.

Figure 8: Parallel contraction of the yield surface.

3.4 Homothetic contraction of the yield surface
A most ambitious proposal is based on the implementation of the work of Cervera [16] and it
consists of contracting homothetically the yield surface, with the homothetic centre in an
interior point that is hypothetically the safest. This proposal is not yet implemented for masonry
structures but the idea is very similar with the partial safety factors method, as is described by
Ditlevsen [17].
In the left image of figure 9 shows a contracted limit of the yield surface as has already
shown[17]. This yield surface, or limit state surface according to Ditlevsen, delimits all the
inside points “enough safe” according to the partial safety factors previously established. The
main difficulty to apply this methods in masonry structures consists of the ubication of the
origin to which to refer the partial safety factors.
In the left image of figure 9 only the resistance restrictions are represented. In this case, the
safest static solution is the near to the origin (0,0). Nevertheless, in the right image of figure 9
shows that the safest point (the further of the yield surface) is far from the origin. Generally
this occurs including resistance and stability restrictions.
The mode of how to obtain the reference point and how to evaluate the safety of a structure
is discussed below.

Figure 9: Partial safety factor and point farthest from the yield surface.
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3.5 Deterministic partial safety factors
The Chebyshev centre is the inner point that is as far away as possible from a convex
envelope, Boyd [15]. It is also the centre of the largest hypersphere, or n-dimensional sphere,
contained within this envelope (right image of figure 9) and for that reason it also receives the
name of “ball centre”. When this envelope is a polyhedron, as in this case, or it can become
one by linearization, the problem can be solved by Linear Programming, Eq.(12), very similar
to that of Eq.(11). This process consists of the obtainment of the maximum value of h. In this
case this value matches with the radio of the maximum hypersphere that can be included into
the polyhedron.
t
max h s.a. {0 £ h £ yi ; - Ls
= y ; y ³ 0}
(12)
The solution of the Linear Program will gived both the value of h and the different yimax ,
these yimax are the maximum distances from the centre that has been used as the origin to the
corresponding restrictions. Being this the furthest point from the yield surface and, therefore,
the safest.
If the centre of the safe area is known, the maximum distances can be directly obtained
replacing the values of the vector s corresponding to the centre of the equation of the vector y.
This occurs for example when the yield surface is symmetric with respect to two perpendicular
axis. In the same way, it could be obtained for other point referring it as “the most safe point”.
According to the left image of figure 9, it can be observed that the safety margins are
proportional to some coefficients and to the distance to the origin and, in this case, to the safest
point.
This problem can be solved by Linear Program. If a deterministic partial safety factor γi is
used, that corresponds to a constraint i as the relation between the distance from the centre to
the i constraint and the different between this relation with the distance from the selected point
to the yield surface. It can be observed in the left of figure 10 and it is represented in equation
13, adding a new variable αi, according to equation 14. The equation 15 defines the resulting
Linear Program.
yi max
gi =
(13)
yi max - yi
y
ai = i ; 0 £ ai £ 1
(14)
yi max

{

}

t
max h s.a. Bt s = g + lq ; - Ls
= y ; y ³ 0 ; 0 £ h £ ai ; 0 £ ai £ 1

(15)

Figure 10: Homothetic contraction of the yield surface.

When the Linear Program is solved the value of h is obtained, along with αi and together
the rest of involved variables. Therefore, the values of γi that correspond to each constraint i,
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as the global minimum of the deterministic partial safety factor γimin can be deduced through
the equation 16.
1
1
gi =
; g i min =
(16)
1 - ai
1- h
It is possible to apply a different focus of the same problem. The geometric place of the
points with the same γmin coefficient is a homothetic surface with the yield surface, and with
the centre of the homothecy, according to Chebyshew, that is represented on the right image
of figure 10. It can be applied too in other point considering it as the safest point. It can be
established a specific value to the γmin coefficient, in this way a value of h is obtained and
hence the separation between the yield surface with the constrained of yield surface. With this
“enough safety” surface similar operations could be performed as if it were the original one.
4 DISCUSSION
In order to guarantee that the structure “can find” the solution with higher safety coefficient
it is an indispensable requirement that the principles of Standard Limit Analysis are applicable.
Thus, if the beginning of the collapse is influenced by sliding, this principles are not
applicable.
The implementation of the methods proposed in this work for a yield surface as presented
in figure 3 has been carried out. However, its exposition exceeds the objectives of this article.
The work presented in this paper has been focused in the comparison between the maximum
safety that can be obtained for a structure for each restriction with the safety referred to in the
mentioned case-study. However, this study paradoxically shows that the partial safety factor
referred to the rocking constraint decreases when the compressive strength of the material
increases. This occurs with the masonry structures typical yield surface.
This work also shows that it is possible to select other points as the centre of the homothecy,
or even consider other different coefficients if the case requires it. Both processes have been
developed in this article, although in this last case the “enough safety surface” is not a
homothetic of the yield surface.
5 CONCLUSIONS
The Limit Analysis by means of Linear Programming consists of the calculation of the
maximum of the load factor that increases the live loads to produce the collapse of a structure.
In some cases, it is unsafe to evaluate the safety of the masonry structures applying this
analysis. When the external variables loads, or any of them, produces a stabilizing
phenomenon, a decrease of these loads can produce the collapse of the structure. This is the
main conclusion that can be highlighted from this work, because it also affects to other
methods that approach the estimation of the safety of masonry structures.
The partial safety coefficients, and specially the lower value of them obtained by the
descripted method, guarantee that for a given system of loads (both fixed and variables) there
is a solution corresponding.
The method presented in this article underestimates the safety factor in the cases of masonry
structures with high compressive strength and in cases in which the collapse mode is the
rocking. In spite of the method remains safe, it would be necessary to continue the research
for these cases and other similar ones. It could be interesting to expand research about the
points that should be considered as the “safest points” and how to estimate the values of the
safe coefficients referred to the different collapse modes that can occur in masonry structures.
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Abstract. The archaeological site of Pompeii is an extraordinary evidence of Roman
architectural heritage which comprehends a large number of masonry constructions, buried
after the Vesuvius eruption in 79 AD. They were discovered in the XVIII century when renewed
cultural interest induced numerous archaeological excavations. In this scenario, the remains
of the Roman aqueduct system, i.e. Castellum Aquae system [1], includes a series of
approximately 6 m height masonry water towers (WTs). Among the fourteen surveyed, four
free-standing towers (i.e. no. 1, 2, 3 and 4) have been investigated in 2015 by means of nondestructive techniques (sonic pulse velocity tests, ground penetrating radar (GPR), ambient
vibration tests), aimed at gathering information on the constructive systems and the current
conservation state, as well as data on the overall dynamic behaviour. According to the on-site
inspections outcomes, 3D finite element models of the towers were constructed and calibrated
on the results of operational modal analysis (OMA) [2]. The model updating procedure was
able to describe and simulate the soil-structure interaction, introducing a Winkler elastic soil
model, and to define the elastic parameters of masonry.
This paper describes the seismic vulnerability assessment of the four WTs, considering both
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equilibrium capacity and material strength, performing analytical kinematic analyses and
numerical finite element modelling.
Aiming at improving the previous studies [3], equivalent modal parameters (i.e. natural
frequencies and mode shapes) are used to calibrate analytical models and furtherly refine FE
model updating. The numerical models were generated using DIANA software [4],
implementing a nonlinear constitutive law for masonry material, i.e. total strain crack model.
Afterwards, sensitivity analyses are performed to calibrate both the elastic properties of
materials and the Winkler springs’ stiffness. Eventually, analytical kinematic approach and FE
pushover analyses (with uniform and modal force distribution) are executed to assess the
seismic vulnerability of the WTs, according to Italian code [5].
Results of the analyses are presented and discussed. The study was the occasion to compare
the results of kinematic and numerical procedures applied to archaeological structures. The
results report the FE approach as more conservative than kinematic model. Thus, the
importance to adopt a combined global (numerical) and local (limit analysis) approach in the
assessment of archaeological structures is stressed.
1

INTRODUCTION

During the archaeological excavation of Pompeii brick and stone masonry water towers, part
of the ancient aqueduct system, were discovered. Water towers are located throughout the city
and have different heights with the scope of providing water to the whole city. Castellum Aquae,
i.e. the main water tank, was built at the highest point of the city, closed to Porta Vesuvio, and
it controlled the water flow to three pipelines [6]. The hydraulic system comprehended fourteen
water towers (as shown in Figure 1) that distributed water and optimized the water pressure
reduction [7]. Water towers no. 1, 2, 3 and 4 are free standing while the remaining ten towers
are connected to other buildings. Water towers no. 1, 9, 12, 13 and 14 were built around 20-10
BC, before the reconstruction caused by the earthquake of AD 63. Some towers were left
uncompleted because of the sudden Vesuvius’s eruption of 79 AD that completely buried the
city.

a)
b)
Figure 1: a) Water towers layout in the Pompeii site[7]; b) original layout of the water tower with the
container at the top [7]
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According to the archaeological studies, water containers were once placed on top of the
WTs to store water [8]. The researches hypothesized that the containers had been part of the
water distribution system in the city and used to operate in their time. Olsson [9] advocates the
concept of an ancient urban water distribution system and proposed a plausible condition of the
original Containers; they are made of lead, the base dimensions are slightly smaller than the
those of the water towers, and the height is approximately 1 m.
2

SURVEY AND ON-SITE INSPECTIONS

The water towers are at least 6 m tall with quadrangular base sections of about 1.2 m wide.
Part of the masonry volume was removed to place the pipes that carried water from the top lead
container to the surrounding buildings. Water tower no. 1 (later called WT1) was built with
Nocera tuff masonry; water tower no. 2 (WT2) and no. 3 (WT3) are made of clay bricks with a
discontinuity of material in tower no. 2 at 4.3 m from the ground, water tower no. 4 (WT4) is
composed of three layers of Sarno limestone from the ground level to 1.6 m in height, Nocera
tuff from 1.6 m to 4 m and yellow tuff up to the top. The geometric survey is reported in Figure
3.

a)

b)
Figure 2. a) Geometric survey of WT1 [7]; b) masonry detail of WT1.

Visual inspections and on-site non-destructive tests were performed by the authors on the
four water towers in June 2015. Sonic tomographic tests and ground penetrating radar (GPR)
were executed to investigate masonry sections and identify the presence of inner cores and
voids/discontinuities. Moreover, dynamic identification tests were carried to characterize the
dynamic behaviour of the four towers [2]. Ambient vibrations tests (AVT) and output-only
identification techniques were used to extract modal parameters in terms of natural frequencies,
damping ratios and mode shapes. Tests were carried out through the recording of three different
acceleration time-histories in 6 points for each tower, according to the analysis and
interpretation of the expected mode shapes.
The results of dynamic testing and modal analysis are presented in the following table. The
dynamic behavior of the four WTs can be related to an inverted pendulum with the first 2
bending modes along the principal horizontal directions (frequencies between 2.6 Hz and 3.1
Hz), 1 torsional mode (frequency between 11Hz and 17 Hz) and 2 second order bending modes
(frequency between 14 Hz and 17 Hz).
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Table 1. Natural frequencies of the four WTs identified through AVTs

3

WT2

WT3

WT4

Mode no.

WT1
f [Hz]

f [Hz]

f [Hz]

f [Hz]

1
2
3
4
5

2.979
3.174
16.89
17.09
17.33

2.783
3.125
10.94
14.4
15.48

2.686
3.320
12.23
15.48
16.31

3.076
3.125
14.01
15.04
15.19

KINEMATIC ANALYSIS

The seismic vulnerability assessment of the four water towers was preliminary assessed
through the limit analysis method, according to kinematic approach suggested by the Italian
Code [5]. Towers were modelled as monolithic rigid blocks, able to rotate on a plastic hinge at
the base. The rotation pole translation due to base compressive stresses was calculated, whereas
no tensile strength was considered for masonry.
Different collapse mechanisms were studied considering both global overturning (for WT1,
WT2, WT3 and WT4) and local overturning (for WT2 and WT4), as shown in Figure 3, due to
different construction phases, as detected by [6].

Figure 3. Analyzed collapse mechanisms for WT4
Table 2. Mechanical properties of masonry for the four WTs

Mass density

Tuff

Solid Brick

Calculation factors

ρ

[kN/m3]

16

18

Confidence factor

1.35

Compressive strength fm

[N/mm2]

1.42.4

2.44.0

Material safety coefficient γm

2

Behaviour factor q

2

The mechanical characteristics of materials have been obtained from the Italian code, which
provides a range of values for various masonry typologies. Since the inspections phase was
performed only through non-destructive testing technique a limited knowledge level was
achieved (KL1), corresponding to a confidence factor (CF=1.35) to be applied to the material
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mechanical properties. In addition, a safety coefficient of 2 was applied as well as a behavior
factor of 2 for the seismic vulnerability assessment (Table 3).
Geological inspections (MASW Multichannel Analysis of Surface Waves) were performed
to characterize the soil type for seismic purposes, i.e. determination of the velocity profile for
shear waves (Vs). According to the results a soil category C was assigned.

Figure 4 Life-safety limit state elastic response spectrum.

The seismic action used for the assessment of the WTs is defined by the seismic hazard
parameters for the site of Pompeii (ag=0.133g for an earthquake return period of 474 years) and
the related elastic response spectrum, defined at the Life Safety limit state (Figure 4). Is it
possible to notice that the first two principal bending modes of the towers identified by AVTs
have a period between 0.3s and 0.4s, which correspond to the maximum amplification in the
response spectrum (horizontal branch of the diagram in Figure 4).
The seismic vulnerability of the WTs was determined in the current state and in the original
state, with the presence of the water container at the top. This configuration was useful to
investigate its role in the reduction of the seismic capacity of the structures. Water container
was simulated adding a mass at the top of the tower, considering different level of the water
inside, i.e. completely full, half and empty.
The capacity/demand ratio E was calculated for each configuration and the results are
presented in the following histograms.

Figure 5. Capacity/demand ratio E for the four WTs considering different collapse mechanisms

It is clear that for each WT the global overturning with the formation of the hinge at the base
is the most vulnerable collapse mechanism. WT4 among the others is the most vulnerable
structure (E=1.27), while WT2 is the less vulnerable one (E=2). As expected, the presence of
the water container at the top reduces the capacity of the structure of a percentage between 4.5%
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and 11.3%.
The main parameters involved in the definition of the seismic vulnerability of the water
towers were further investigated. Parametric analyses have been performed changing and
assessing the following factors: (i) return period and PGA, (ii) behaviour factor q and (iii) soil
category. Results are reported in the following graphs.

Figure 6. Capacity/demand ratio E for the four WTs varying the earthquake return period

Figure 7. Capacity/demand ratio E for the four WTs varying the behaviour factor q

Figure 8. Capacity/demand ratio E for the four WTs varying the soil type

The study of the collapse mechanisms confirmed that the global overturning of the WTs is
the most vulnerable collapse mechanism. The analyses highlighted a higher vulnerability of the
WTs with the full water container at the top due to an increase of the overturning moment
caused by an additional mass. The most vulnerable tower, according to limit analysis, is WT4,
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while the less vulnerable is WT2, able to satisfy the seismic demand for a return period of 2475
years (PGA=0.2196), the highest suggested by Italian code.
4

FINITE ELEMENT ANALYSIS

Numerical analyses were carried out according to finite element approach, with the DIANA
FEA 10.3 code [4]. The four towers have been discretized through 15 cm-size 8-noded (HX24L)
and 6-noded (TP18L) linear brick elements, with a number of nodes varying from 3700 to 8300
among the towers models (Figure 9).

a)

b)

c)

d)

Figure 9. Finite element models of water towers a) 1, b) 2, c) 3, d) 4.

The structural behaviour of a 2000 years old tower is seriously affected by its conservation
state, which has been investigated through the described NDT. Thus, on the basis of the work
described in [2], the finite element model of water tower no. 1 has been furtherly updated, since
the experimental dynamic data collected show a good match with the expected ones, revealing
a good conservation status among the four structures. As noticed in [2], rigid constraints at the
base are boundary conditions not compatible with an optimal model updating. Thus, according
to Winkler model for soil, SP1TR spring elements along main three directions were applied at
the base nodes in order to simulate the soil-structure interaction (Figure 10).
The values of modulus of subgrade reaction were based on the ones reported in [9]. The
stiffness of the base springs is obtained as the product of modulus of subgrade reaction and
influence area of each node. The simulation of soil-structure interaction was furtherly refined
considering different influence areas according to the position of nodes in the base (inner
section, edge, corner).
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a)

b)
Figure 10. a) One-node SP1TR spring scheme [4]; b) layout of base springs.

The numerical study was scheduled and performed as follows:
i)
ii)

iii)
iv)

Based on the work reported in [4], a sensitivity analysis of the linear properties
affecting mode shapes (i.e., mass density and elasticity modulus) have been
performed on water tower no. 1, in order to define an updated numerical model;
Once the linear properties of WT1 structural model have been calibrated, a sensitivity
analysis aimed at studying the nonlinear properties (i.e. compressive strength, tensile
strength, compressive fracture energy, tensile fracture energy) was carried out in
terms of quasi-static pushover analysis with uniform load distribution;
The so-defined model is subjected to pushover analyses according to [5], with
uniform and modal seismic load distributions. The hypothesis of rigid foundation is
also assessed and compared with the elastic foundation one.
The results of the nonlinear calibration are extended to water towers no. 2, 3 and 4,
which are analyzed with the same method. Seismic vulnerability assessment of the
water towers is thus completed.

5.1 Sensitivity analysis of linear dynamic behavior
The modulus of subgrade reaction is a parameter which takes into account the soil
characteristics and the geometry of the foundation system. Unfortunately, neither is available
in this case, since geotechnical investigations were carried out only outside the archaeological
site and the foundation systems have not been surveyed. Therefore, reference value of the
modulus of subgrade reaction, deduced from the one reported in scientific literature [9], were
implemented (ks = 5•1010 N/m3).
As reported by [10], stiffnesses along vertical (Z) and horizontal (X, Y) directions are not
constant, especially for historical structures. Thus, sensitivity analysis were carried out, keeping
fixed the vertical stiffness Z or the horizontal ones X and Y (at 5•1010 N/m3). Frequency
discrepancy Df percentages between experimental and numerical mode shapes, in function of
vertical and horizontal springs stiffnesses, are reported in Figure 11.
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Figure 11. Frequency discrepancy in function of base springs a) vertical sitffness and b) horizontal
stiffness

Based on the results of the sensitivity analysis, linear properties of the numerical models
were selected as follows: mass density w = 16.7 kN/m3, Young’s modulus E = 1050 MPa,
Poisson’s ratio υ = 0.2, whereas modulus of subgrade reaction was fixed equal to ks,vert =
1.5•109 N/m3 for vertical springs, whereas horizontal ones are fixed as one-fifth of them
(ks,hor = 3•108 N/m3).
5.1 Pushover analysis
Seismic vulnerability assessment of the water towers is based on static nonlinear analysis (i.e.
pushover analysis). Nonlinear constitutive laws were implemented to describe masonry
behavior, i.e. the so-called total strain based crack model. A parabolic compressive law and an
exponential softening tensile law are described by strength and fracture energy values.
Reference value were taken from Italian codes [5] and scientific literature. Tensile strength is
derived from Italian code shear strength through Turnsek-Cacovic law. The strength values
are obtained after the application of safety coefficient γ=2 and a confidence factor FC=1.35
[5]. The model properties are reported in Table 3.
Table 3. Mechanical parameters of structural material
Element
WT01

E [Mpa]
1050

ρ [KN/m3]
17

ν
0.2

fc [MPa]
0.52

Gfc [N/mm]
0.05

ft [MPa]
0.015

Gft [N/mm]
0.01

The results of the analyses are elaborated in terms of base shear-displacement capacity curves,
reported in Figure 12a. The typical collapse configuration of water tower no. 1 is observable
in Figure 12b.
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a)

b)

Figure 12. a) Capacity curves of water tower no. 1 for uniform and modal lateral loads; b) tensile strain
diagram at ultimate load step of uniform Y pushover analysis

The seismic assessment of the water tower no. 1 is performed, according to [5], in terms of
displacement capacity based on the ADSR spectrum. Uniform and modal lateral forces
distributions, both X and Y directions, were adopted.
The safety verifications are reported in Figure 13.
Safety factor
X Modal

X Uniform

57.02%

68.56%

Y Modal

Y Uniform

53.69%

65.82%

Figure 13. Safety verification procedure and safety factors.

6

CONCLUSIONS

The research presented within this paper aims at emphasizing the importance of a
multidisciplinary approach to the structural and seismic vulnerability assessment of important
archaeological structures in Pompeii (Italy). In-situ survey of geometry and crack pattern,
historical evolution of the building and on-inspections represent the necessary preliminary
steps, fundamental to define correctly all subsequent stages of the seismic evaluation. In
particular the use of ambient vibration test and modal analysis was useful to update and calibrate
numerical models, since simple estimations from typical values of the building materials (e.g.
clay bricks, tuff, limestone, etc.) could lead to an overestimation of the global stiffness. Such a
non-destructive test is highly desirable for heritage structures and monuments since it provides
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fairly accurate results without having to impose any potential harm to their integrity.
The limit analysis method (macroelements approach) proved to be a reliable tool for the
seismic assessment, requiring specific parameters (geometry, damage pattern, etc.), easily
derivable from on-site inspections. The implementation of elastic numerical models can be
useful to determine the dynamic properties of the structure and perform an initial assessment of
the seismic capacity. The integration with more advanced analysis, implementing non-linear
constitutive laws of materials, is still a key issue in the correct evaluation of masonry structures.
A brief comparison between the outcomes of kinematic analysis and pushover analysis for
WT no. 1 makes clear that the latter one is generally more conservative than the former, as
already noticed in [3]. Actually, the seismic verification is successfully passed according to
kinematic overturning mechanism, while, according to FE, the displacement capacity of the
tower is not enough for seismic demand.
The combined application of global (numerical models) and local (limit analysis) analyses
of the response prove to be the correct way to define the most vulnerable structural elements
and identify the main structural deficiencies of the water towers.
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Abstract. The Gothic style spread, starting from the 12 th century, from the Ile-de-France to
England and other countries of the Mediterranean area, such as Spain and Italy, according to
different configurations and construction techniques, influenced by economic, environmental
and social factors. The so-called Catalan Gothic style is not exclusive to the architecture of the
Principality of Catalonia but extends to the territories of the Crown of Aragon and Southern
France. Its most important characteristics, based on the unitary conception of space and
horizontality, had the religious architecture as their major reference. Among other structural
elements, the large use of diaphragm arches, built transversally to the longitudinal direction of
the nave, has been identified as peculiar both in ecclesiastic and civil Catalan Gothic
architecture, although this technique is widely diffused also in the rest of the Mediterranean
Europe. The present study focuses on the behaviour of this construction system under horizontal
loads. After some brief notes on the history, origins and evolution of diaphragm arches,
preliminary outcomes obtained by means of seismic analyses are provided in this paper. In
particular, the possible collapse mechanisms of such remarkable curved structures have been
firstly investigated by implementing FEM Models derived from real Catalan examples.
Therefore, seismic analyses by means of analytical models have been carried out on the
detected cases in order to demonstrate the capacity of this kind of structural skeleton, the
importance of geometric ratios and the influence that specific typical elements may have in
modifying the seismic behaviour of the analysed structures.
1

INTRODUCTION

During the first half of the 13 th century, a form of Gothic architecture different from that
typical of the northern France and characterized by its own distinctive characters (deeply
influenced by the Romanesque style) appeared in the central-southern France [1], spreading
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significantly in Mediterranean European countries.
The churches built according to the so-called Minor Gothic style were generally
characterized by thicker proportions, with a large frequency of wide-span single naves, massive
rib vaults and diaphragm arches [2].
Among other constructive features, the extensive use of diaphragm arches has been
identified as peculiar not only in churches, but also in civil architecture [3, 4]. These structural
elements, probably derived from the Romanesque construction techniques of northern Italy and
related to the Cistercians constructive rules and experimentations [1], made their first
appearance in western Europe during the 11 th and early 12th centuries, becoming a typical
element of the Catalan Gothic architecture.
Different studies have been carried out in order to assess the origins and the evolution of
diaphragm arches, as well as to understand the constructive methodology and the behaviour of
such a structural skeleton [4-7]. Moreover, some researches [2, 8] specifically justify the
structural differences detected in the Mediterranean Gothic buildings by considering the high
seismic hazard of the territory in which they were realized and the need to modify the stone
skeletons of the cathedrals because of stability reasons.
In this paper, the seismic behaviour of real examples of diaphragm arches present in the
Catalan area has been investigated by means of an integrated numerical-analytical approach.
Firstly, step-by-step numerical analyses, aimed at defining the possible position of the hinges
in the kinematic chains, have been implemented with FEM Models and validated on the basis
of studies found in literature. Secondly, and in order to prove the seismic capacity of such a
system, limit analyses with a kinematic approach have been carried out, considering both the
original configuration of the detected arcades and the modified geometries obtained by
progressively removing parts of their specific constitutive elements.
2 THE CATALAN GOTHIC
2.1 General
Catalan architecture features were introduced by Cistercian monks in the second half of the
12th century, but a true diffusion of the style, as we understand it today, only occurred after the
14th century. Several authors [9, 10] put Catalan Gothic architecture in relation with the cultural
context of the Mediterranean Gothic, distancing it from the Gothic culture of Northern Europe,
to which the Gothic style of many other areas of the Iberian Peninsula belongs. Indeed, this
style is not exclusive of the architecture of the Principality, actually extending itself to all the
territories of the Crown of Aragon: the kingdoms of Valencia, Mallorca - Rossellón included Naples and Sicily. According to the type of structural skeleton adopted in the various
constructions, two different Gothic models can be identified in Spain [8]: the cathedrals that
follow the typical French scheme and a different type (mainly diffused in Catalonia and
Andalusia) inspired by the canons of the Mediterranean Gothic.
As far as the religious architecture is concerned, the essential characteristics of Catalan
churches are the unitary conception of space and horizontality. Generally, the layouts
contemplate the wide aisleless churches and, when the three-nave plan is considered, there is
no transept and the side aisles are at almost the same height of the central nave [3]. The weight
of the ribbed vaults is often carried by internal buttresses with chapels in the interstices,
favouring compact exterior forms.
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Despite some differences, mainly related to the number of naves, the disposition and
arrangement of buttresses, cross vaults and roofing systems, the extensive use of diaphragm
arches can be identified as a peculiar element of this kind of churches.
From a structural point of view, the diaphragm arches act as horizontal bracing elements for
the longitudinal walls, concentrating the load at specific points, in correspondence with the
buttresses. Moreover, when these elements follow one another at closely spaced intervals, the
nave assumes the function of support for the roof.
Obviously, the distance of the diaphragm arches and their geometric configuration influence
the conformation of the other structural elements and, in particular, the characteristics of the
adopted roofing system. As an instance, the typical use of terraced roofs in the Mediterranean
Gothic structures is connected to the regular adoption of flat diaphragm arches along the entire
length of the naves.
2.2 Case studies
Different developments of the diaphragm system (concerning also the arrangement of the
buttresses) can be identified in the religious buildings belonging to the Mediterranean Gothic
style.
In order to investigate the influence of the geometric parameters on the global behaviour of
a specific transversal diaphragm, two different geometric coefficients are utilized. These
coefficients characterize the relationship between the total height of the diaphragm and the rise
of the nave arch at the keystone (the diaphragmatic ratio h1/h) and between the total height of
the nave arch and the total width of the arcade (the rising ratio h/w) can be identified [8, 11].
In Tables 1 and Figure 1, the h1/h and h/w ratios of some of the main Catalan Gothic
cathedrals are shown and compared. In Figure 2, the examples of diaphragm arches specifically
analysed in the following sections (i.e. arcades of the Santa Maria del Mar [SMM] and Santa
Maria del Pi [SMP] Basilicas in Barcelona, Santa Maria [SMG] Cathedral in Gerona and S.
Joan Baptista [SJB] Cathedral in Perpignan) are provided.
Table 1: The h1/h and h/w ratios for some of the main Catalan Gothic cathedrals.

Acronym Layout h1/h h/w
Cathedral/Basilica
Santa Creu i Santa Eulàlia (Barcelona) [SCE]
Three-nave 1.12 0.58
Santa Maria del Mar (Barcelona)

[SMM]

Three-nave 1.02 0.89

Santa Maria (Tortosa)

[SMT]

Three-nave 1.10 0.59

Santa Maria del Pi (Barcelona)

[SMP]

One-nave 1.07 0.97

Santa Maria (Gerona)

[SMG]

One-nave 1.03 1.04

S. Joan Baptista (Perpignan)

[SJB]

One-nave 1.11 0.79

Santa Maria De La Seu (Manresa)

[SMS]

One-nave 1.06 0.75
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1.50
1.25
1.00
0.75
0.50
0.25
0.00
h/w
h/w
hh1/h
1 /h

mEDIA
Media2
1.50
1.25
1.00
0.75
0.50
0.25
0.00

THREE-NAVE
(h 1/h)m= 1.08

(h/w)m = 0.69
[SCE]
[SMM]
0.58
0.89
1.12
1.02
1.08
1.08
0.69 ONE-NAVE
0.69

[SMT]
0.59
1.10
1.08
0.69

(a)

(h 1/h)m =1.07

(h/w)m = 0.89

[SMP] [SMG]
[SJB]
[SMS]
0.97
1.04
0.79
0.75
1.07
1.03
1.11
1.06
(b)
Serie3 0.89
0.89
0.89
0.89
Gothic Cathedrals
with (a)
three-nave
and (b)
Figure 1: The h1/h and h/w ratios for some of the main Catalan
Serie4 1.07
1.07
1.07
1.07

h/w
h/w
hh1/h
1/h

one-nave layout

Figure 2: Section of the diaphragm arch and internal photographic survey for (a) Santa Maria del Mar [SMM]
Basilica in Barcelona, (b) Santa Maria del Pi [SMP] Basilica in Barcelona, (c) Santa Maria [SMG] Cathedral in
Gerona, (d) and S. Joan Baptista [SJB] Cathedral in Perpignan
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3 THE LIMIT ANALYSIS WITH KINEMATIC APPROACH
3.1 General
In the following, the seismic behaviour of the diaphragmatic system is investigated by means
of limit analyses with a kinematic approach. The proposed approach is considered suitable for
the purpose of this study, given the strict dependence of the results on the geometry of the
structures, and considering the unavailability of specific mechanical characteristics for the
investigated cases.
The limit analysis is based on the Heyman’s [12] assumptions for the masonry behaviour,
according to which: i. masonry has an infinite compressive strength; ii. masonry has zero tensile
strength; iii. sliding failure in masonry cannot occur. Under these assumptions, a masonry
element can be considered as an assembly of non-deformable blocks and its failure can be
related to the formation of rotational hinges, which induce a displacement distribution into the
structure (i.e. kinematic chain).
It is worth noticing that the identification of the position of the hinges is not an easy issue
and is not enough for defining the subdivision in rigid blocks, which is influenced by the
direction of the potential cracks, too.
The lability of the structure is the sufficient and necessary condition for defining the
statically admissible kinematic mechanism. Once that the position of the hinges has been
defined, the limit analysis with the kinematic approach provides the calculation of the load
multiplier α, by means of the Principle of Virtual Work.
Since external loads have been neglected in the present simplified study, the Eq. (1) has been
assumed:
-

=

n

 M  g 
i

y,i

i=1
n

 M  g 
i

(1)

x,i

i=1

where: g is the gravity acceleration, n is the number of non-deformable blocks, Mi is the mass
of each block, δy,i and δx,i are the virtual vertical and horizontal displacements, respectively,
evaluated in correspondence of the centroid of the ith block.
According to the graphical method, the kinematic chain has been defined by imposing an
infinitesimal rotation to the first rigid block.
3.2 The collapse mechanisms definition
Consistently with the theory of the limit analysis, the definition of the most likely kinematic
chain should consist in an iterative procedure aimed at investigating each admissible block
subdivision in order to identify the collapse mechanism that returns the minimum value of the
load multiplier α.
Such an approach would certainly provide a closed-form result, but it would involve an
excessive computational effort, especially if referred to the diaphragm arches, for which both
the position of the non-dissipative hinges and the direction of the possible cracks must be
defined.
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From a mechanical point of view, the rigid-block subdivision corresponds to the definition
of a crack pattern, whose development starts from the zones in which the tensile strength of the
masonry is overcome toward the most compressed zones, considered as the possible positions
of the hinges.
According to these assumptions, a suitable simplified procedure for the definition of the
kinematic chain has been implemented and validated on the basis of studies found in literature,
carried out on the Basilica of Santa Maria del Mar [SMM] in Barcelona. Such a procedure
consists in step-by-step numerical analyses, in which the progressive cracking is introduced in
the models by means of mesh subdivisions.
To this purpose, FEM Model of the diaphragm arches have been implemented in Midas Gen
with a macro-modelling approach. Since the in-plane behaviour is investigated in this study, bidimensional elements with a conventional thickness of 1 meter have been assumed for the mesh.
For the masonry material, an initial Elastic Modulus E= 8000 MPa, a Poisson’s coefficient
υ=0.3 and a specific weight γ=2200 kg/m3 have been considered, according to the values
adopted in literature [13] for [SMM]. Finally, the mesh discontinuities have been introduced in
the models if the tensile strength (conventionally assumed equal to 0.4 MPa) has been
overcome.
The boundary conditions imposed in the step-by-step procedure provides a complete DOF
restriction for the base nodes, a vertical gravity acceleration and a uniform horizontal
acceleration increasing up to the formation of a sufficient number of hinges.
In particular, the kinematic chain of Figure 3, defined through the formation of 10 nondissipative hinges located at the base of the piers and at the intradoses and extradoses of the
arches, alternatively, has been obtained according to the proposed methodology, returning a
horizontal load multiplier α=0.11g.
The defined collapse mechanism results in good agreement with the reference study [14] (as
shown in Figure 3b), proving the reliability of the approach, despite the adopted simplified
assumptions. The procedure is validated by literature [14, 15] also in a quantitative point of
view, by considering the values of the seismic capacity obtained for the considered structure,
as shown in Table 2.

Figure 3: Collapse mechanism of the transversal arcade of [SMM]: (a) kinematic chain obtained in the current
study and (b) collapse mechanism from Irizarry et al. (2003) [14]
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Table 2: Comparison of the horizontal load multipliers of the transversal arcade of [SMM]

Reference
Current study
Irizarry et al. (2003) [14]
Roca (2007) [15]

Type of analysis
Limit analysis with a kinematic approach
FE Model
Limit analysis with a kinematic approach
Limit analysis with a static approach
Limit analysis with a kinematic approach

α [g]
0.11
0.13-0.14
0.11-0.12
0.10
0.10

4 ANALYSIS OF CASE STUDIES
4.1 The kinematic analysis
After having validated the proposed approach, it has been adopted for assessing the seismic
capacity of the case studies [SMP], [SMG] and [SJB] introduced in section 2.
The kinematic chains and the collapse mechanisms obtained with the described procedure
are shown in Figure 4.

Figure 4: Collapse mechanisms and kinematic chains of the investigated case studies: (a) [SMP], (b) [SMG], (c)
[SJB]

As it can be observed, all the investigated cases returned global collapse mechanisms, with
the formation of two non-dissipative hinges placed at the base of each pier and two others hinges
at the intrados and extrados of the arches, alternatively.
The horizontal load multipliers arisen from the limit analyses are as follows: i. [SMP]:
α=0.215; ii. [SMG]: α=0.162; iii. [SJB]: α=0.277.
The obtained horizontal accelerations are shown in Figure 5, where the results are provided
as a function of the h/h1 and h/w ratios defined in section 2, with the linear trend curves.
In particular, in Figure 5b, the results obtained in De Matteis et al. 2019 [11] for the
transversal arcades of some of the main European Gothic churches with a three-nave layout are
also plotted.
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Figure 5: Results of the limit analyses in terms of (a) horizontal load multiplier α - diaphragmatic ratio h1/h and
(b) horizontal load multiplier α - rising ratio h/w (red points and line are referred to De Matteis et al. 2019 [11]).

The depicted results show a linear dependence between the seismic capacity of diaphragm
arches and the h1/h ratio, which means that an increase in the capacity of the structures can be
actually observed when the diaphragmatic system is used in churches.
As far as the rising ratio h/w is concerned, it is worth noticing that the value obtained for the
three-nave church of [SMM] appears to be consistent with the trend previously obtained in [11]
for some Gothic transversal arcades. Moreover, the dependence of the seismic capacity from
the h/w ratio is confirmed by the cases with a one-nave layout, despite the different slope of the
trend line.
Qualitatively, it could be asserted that the seismic capacity of the diaphragm arches can be
strongly influenced by both the diaphragmatic and rising ratio and that a better structural
response is generally obtained if the arcade is significantly diaphragmatic and the h/w ratio
gives back a small value.
4.2 Diaphragm arches: further considerations on the seismic behaviour
The seismic behaviour of the investigated diaphragm arches has been further assessed by
means of additional analyses. In particular, starting from the original geometries of the
considered cases, portions of masonry have been progressively removed in order to evaluate
the beneficial contribution provided by each structural element on the seismic capacity.
Hence, the geometries of Figure 6 have been investigated, firstly by excluding portions of
the lateral buttresses and then by removing the diaphragms.
It is worth mentioning that the portions of the buttresses not removed in the analyses
correspond to the real height of the lateral chapels detected in the considered churches by the
authors. Moreover, in order to determine the new geometrical configurations, the depths of the
arches have been reduced, keeping constant the thickness, which has been obtained by
positioning the key of the arch in correspondence of the maximum height of the original
diaphragm. In case this value was not included in a thickness-to-span ratio ranging between
1/18 and 1/10, as retrieved from literature [12] and already investigated by the authors [16], it
has been modified accordingly.
The modified configurations have been investigated by means of the procedure described
and validated in the previous Section.
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Figure 6: Investigated modified geometries: (a) [SMM], (b) [SMP], (c) [SMG) and (d) [SJB].

The results in terms of kinematic chains are shown in Figure 7 (a-h), while the obtained
horizontal load multipliers are plotted in Figure 7j together with those arisen from the original
geometries. The results are also summarized in Table 3.
The new limit analyses returned, for almost all the cases, local collapse mechanisms with
the hinges occurring only in the thickness of the arches. The only exception is [SJB], whose
modified geometries exhibited a global and a semi-global mechanism for the case without
buttresses and without buttresses and diaphragm, respectively.
Moreover, the progressive removals of masonry portions from the original geometry have
produced a strong decreasing of the seismic capacity of the transversal arcades in the case of
[SMM], [SMP] and [SMG]. On the contrary, the case of [SJB] resulted not significantly
affected by the absence of the considered reinforcements. This aspect could be related to the
original geometry of the arcade, in particular to the large dimension of the lateral buttresses and
to the small size of the removed portions. Furthermore, the values of the geometric ratios h/h1
and h/w reported in Table 1 and Figure 1 show that [SJB] is characterized by proportions that
slightly differ from those detected in the other analysed churches.
Despite this exception, the study demonstrates that the diaphragm arches certainly constitute
a significant resource, in terms of structural capacity, for the churches and that both the
diaphragms and the lateral buttresses can significantly improve the seismic behaviour of this
kind of structural skeleton.
Table 3: Results of the limit analyses with the kinematic approach

Analysis
Original Geometry
No Buttresses
No Diaphragm

[SMM]
0.113
0.048
0.043

[SMP]
0.215
0.070
0.034
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[SMG]
0.162
0.070
0.061

[SJB]
0.277
0.312
0.285
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Figure 7: Kinematic chains for the modified geometries: (a) [SMM] without buttresses and (b) without
diaphragms; (c) [SMP] without buttresses and (d) without diaphragms; (e) [SMG] without buttresses and (f)
without diaphragms; (g) [SJB] without buttresses and (h) without diaphragms. (j) Obtained horizontal load
multipliers

5 CONCLUSIONS
In this study, the seismic behaviour of diaphragm arches has been investigated by means of
an integrated numerical-analytical approach, which has been validated on the basis of studies
carried out in literature on the Basilica of Santa Maria del Mar [SMM] in Barcelona.
In particular, geometries derived from real examples of the Catalan Gothic architecture have
been adopted to define simplified FEM Models aimed at identifying the possible position of the
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hinges and the collapse mechanisms for each analysed case.
Then, in order to prove the seismic capacity of the diaphragmatic system, limit analyses with
a kinematic approach have been implemented for the detected arcades, considered both in their
original and modified geometries.
Specific geometric coefficients have been identified in order to investigate the influence of
the geometry on the global behaviour of this skeleton, finding an effective incidence of the
diaphragmatic (h/h1) and rising (h/w) ratios on the seismic capacity of the investigated
structures. Furthermore, since in almost all cases the modified geometries demonstrated a worse
seismic capacity, the study revealed the structural influence of the removed structural elements
on the global behaviour of the original arcades.
In general, the present study clearly demonstrates that an increase of the structural capacity
can actually be observed when diaphragmatic systems are introduced in churches.
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Abstract. This work concerns structural and sensitivity analysis of carpentry joints used in
historic wooden buildings in south-eastern Poland and western Ukraine. These are primarily
sacred buildings and the types of joints characteristic for this region are saddle notch and
dovetail joints. Thus, in the study the authors focus on these types of corner log joints.
Numerical models of the joints are defined and finite element simulations of their statics are
carried out. Moreover, a sensitivity analysis is performed in order to describe how the
uncertainty of material properties including humidity of some structural members, caused
during potential repairs, affect the structural behaviour of the whole connection. This
represents the situation when some degraded logs are exchanged into new wood combining
old, and often damp, wood with new and dry logs. A non-intrusive probabilistic approach to
the sensitivity analysis is applied and regression-based Polynomial Chaos (PC) expansion
method is used to propagate uncertainties.
1

INTRODUCTION

The motivation of the presented research was the survey and the current state of wooden
Greek Catholic churches in Polish Subcarpathia (Figure 1), described and analysed in detail in
[1]. The susceptibility of wood to rotting and damage reduces the number of those historic
buildings, and thus raises the need to preserve this heritage. The construction of this type of
structures encourages the authors to deal with their structural elements, like logs and log joints,
in terms of their mechanical behaviour. Especially, referring to the situation of repair and
replacement of those elements [2].
Nowadays, the necessity of maintenance, renovation and reinforcement of historical
structures yields a need for analysis of its mechanical behaviour. Often, the planning for further
and more detailed studies is based on basic measurements and structural analysis [3], Finite
element method is a common strategy applied to the structural analysis of complex structures
[4], [5]. However, one of the problems in the modelling of historic structures are uncertain
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parameters that can come from material [6], geometry [7], [8], and boundary conditions. The
properties of wood as a natural material exhibit high variability [9], which depend on age,
moisture level [10], decay etc. Moreover, an accurate non-invasive measurement on historic
monuments is also challenging [7]. Both types of uncertainties, resulting from the material
variability and the structure geometry, can be incorporated into the modelling (see e.g., [11]).
The influence of the material properties changes and uncertainties on the structural behaviour
can be studied in two ways, by local or global sensitivity analysis.

Figure 1: Greek Catholic churches in Polish Subcarpathia:
Cewków (left), Wólka Żmijowska (right)

The global sensitivity analysis can be done by applying probabilistic methods as shown e.g.,
in[12], [13]. This type of sensitivity of timber structures has been also studied and presented in
[14], [15]. The local sensitivity analysis has been employed to timber joints e.g., in [1], where
the studied corner joint made of old and new logs was studied. The influence of the change of
material parameters on the mechanical behaviour of the joint has been described.
The present study concerns a global sensitivity analysis of corner log joints subjected to
lateral load. There are two types of joints taken into consideration, dovetail and saddle notch
(Figure 2) as the most common in this type of structures [16]. A special attention is payed to
the change of mechanical behaviour of the joints while exchanging their elements, e.g., when a
part of damaged old structure is filled with a new wood. This exchange can be represented by
the change of material properties of wood that also involves uncertainties referring to the
assessment of those properties in existing structures.
The global sensitivity analysis of corner log joints presented in [6] shown how and which of
the two considered material paramaters of wood (elastic modulus and friction coefficient)
influence the strutural behaviour of the joints. In the present study, the authors are focused on
how an exchange of a structural member influences the behaviour of the joints applying a
regression based polynomial chaos expansion method [17] to propagate uncertainties of
properties of old wet logs and of a new dry log used for replacement.
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2

FINITE EMENT MODELLING OF CARPENTRY JOINTS

2.1 Geometry and finite element discretisation
Numerical models of the joints have been defined by means of finite element method. Each
of them contain 5 logs (Figure 2) composed in a layout as observed in the churches. Referring
to the previous studies, [1], [7], [18], where also some experimental work is addressed, the size
of the modelled joints has been scaled 1:2 compared to the real connections. Thus, the 0.7 m
long logs have cross-sections of 75 x 135 mm. Geometrically nonlinear static analysis has been
performed using MSC.Marc commercial software. The joints were discretised by 37864
(dovetails) and 44008 (saddle notch) of 3D, 8-nodes finite elements with 3 translational dof in
each node (Figure 2).

Figure 2: Carpentry corner log joint, topology, boundary conditions and FEM discretization
(dovetail – left, saddle notch – right)

The surface-to-surface contact was applied between logs. The three degrees of freedom of
each node of the logs cross-sections were fixed on the side of 3 logs while the other two logs
were displaced along the x-direction by ux = 5 cm in the global system of coordinates of the
model resulting in a change of the corner angle. The bottom and top surfaces of the joints were
fixed in the global z-direction (vertical) representing the effect of the foundations and the rest
of the wall.
2.2 Material properties
In the analysis, wood has been considered as orthotropic elastic material, where EL is a
longitudinal modulus of elasticity (along the direction of the fibres). Following [19], the moduli
of the other directions (radial –R and tangential –T) were calculated in relation to EL according
to the formulae ET / EL = 0.068, ER / EL = 0.102, GRT / EL = 0.05, GTL / EL = 0.046, GLR / EL =
0.049, and appropriate Poisson ratios were determined as νRT = 0.469, νTL = 0.024, νLR = 0.316
as described in [15]. It assumed that the joint is made of old wet wood with one middle log
replaced by a new dry log.
3

UNCERTAINTY PROPAGATION AND GLOBAL SENSITIVITY ANALYSIS

3.1 Uncertainty propagation
The applied scheme of uncertainty quantification is presented in Figure 3. The methodology
applied to carpentry joints in previous research [15] is also used in this study. In order to
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propagate uncertainties through models defined in commercial FE system, non-intrusive
methods can be applied. Such methods do not require FE code modifications and are based on
some number of deterministic calculations. Regression-based polynomial chaos (PC) expansion
[17] is one of such methods which requires less simulations than widely-used Monte Carlo
method. Truncated PC expansion of the model output Y (quantity of interest) is:

Y ≈

∑ a

α∈

α

(1)

Ψ α (ξ),

where  is a truncation set of α M-uplets (α1,..., α M ) ∈ M indicating order of polynomials
in a multivariate polynomial basis Ψ α , a α are the coefficients, and ξ are reduced independent
variables. Employed polynomials should be orthonormal with respect to a distribution.
Therefore Hermite polynomials are used in case of normal (and lognormal) distribution and
Legendre polynomials in case of uniform distribution. In regression based approach, the
coefficients are found by solving least square problem. The accuracy depends on the number
and choice of regression points for which FE calculations are performed. Based on previous
experience, a D-optimal solution from random candidate set is chosen here [20]. Such approach
have also resulted in sufficient accuracy in case of modelling of carpentry joints in similar
problem [15].

Figure 3: Scheme of uncertainty quantification

3.3 Global sensitivity analysis
In order to study the sensitivity of the quantity of interest to the input uncertainty, Sobol’
indices are computed [21]. They are measures of global sensitivity and are based on ANalysis
Of VAriance (ANOVA) decomposition. Sobol’ index Si ,...,i says how much of the output
s

1

vriance corresponds to the uncertainty of variables ξi ,..., ξi . Thanks to the othonormality of
1

s

PC basis, the Sobol’ indices can be rapidly calculated with the use of PC coefficients
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corresponding to the polynomials depending only on all variables ξi ,..., ξi [17]:
1

Si ,...,i =
1

s

1

∑

α∈ \0

a α2

(2)

∑

2
α

a ,

α∈i

1 ,...,is

where:

i ,...,i = {α ∈ :αk ≠ 0 ⇔ k ∈ {
i1,..., is }}.
1

s

(3)

s

Total Sobol’ index SiTot is the sum of all indices including variable i and can be calculates as
S

Tot
i

=

1

∑

α∈ \0

a α2

∑

α∈iTot

(4)
2
α

a ,

where:

iTot =
{α ∈ :αi ≠ 0}.

(6)

3.3 Random variables and quantity of interest
As mentioned before, wood is characterized by high variability of material properties.
Therefore, four random variables (Figure 3a) are assumed in both models: dovetail and saddle
notch joint.
First, the longitudinal Young modulus of the logs is assumed to be a random variable:
1) E Lnew   (23.18, 0.23) in case of new dry log (humidity 7-14%) with lognormal
distribution fitted to experimental results [15];
2) E Lold   (22.37, 0.30) in case of old (XIX century) wet logs (humidity 24-40%) with
lognormal distribution fitted to experimental results [1].
Next, the friction coefficient is assumed to be a random variable with uniform distribution
in range based on the data taken from literature [22]–[24] in two variants:
3) µ new   ([0.1, 0.7]) - friction between old wet logs;
4) µ old   ([0.2, 0.9]) - friction between new log and old ones.
The quantity of interest, on which the analysis is focused, is a reaction force R caused by
forced lateral displacement of one side of the joint (Figure 2). The study of uncertainty of this
value can bring a crucial information for validation of numerical models of carpentry joints
when performed with the use of experimental data [18].
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4

RESULTS

The resultant coefficient of variation of reaction force in the models is equal to 28% for
dovetail and 23% for saddle notch joint. The histogram of the quantity of interest is shown in
Figure 3c. Table 1 presents total Sobol’ indices calculated using PC expansion. It can be
noticed, that their values are relatively similar between the two models. In case of both models,
the influence of uncertainty of E Lold (the highest Sobol’ index) is highly dominating. The
contribution of E Lnew to the output variance is very small and the contribution of friction
coefficient is negligible when compared to other variables.
Table 1: Total Sobol’ indices obtained by PC order 3

Variable

E

5

new
L

Dovetail
0.0836

Saddle notch
0.0755

E Lold

0.9078

0.9270

µ new

0.0158

0.0000

µ old

0.0178

0.0000

CONCLUSIONS

Based on the global sensitivity analysis of old historical carpentry joints made of wet wood
with one log replaced by a dry new timber element, the following conclusions can be drawn for
both types of considered connections:
The uncertainty of Young modulus of old wet logs has the highest contribution to the
variation of the results; this is also the material dominating in the structure;
The uncertainty of material properties of only one new log and friction coefficients
have negligible influence on the uncertainty of the outcome.
Therefore, the accurate identification of Young modulus of old logs would most effectively
decrease uncertainty of the outcome of the models and consequently should be priority in the
future studies. What is more, the considered models could be reduced to a smaller number of
random variables, omitting the less important ones, which would reduce the number of
simulations required to be performed. The information on contribution of each variable to the
uncertainty of the model response can be useful in validation of numerical models by
comparison with experiments on carpentry joints. The presented work is part of the research
aiming to define credible models which can be used in the rehabilitation process of traditional
carpentry joints of Greek Catholic churches in Polish Subcarpathia as well as in other historic
timber structures.
Acknowledgements. This work was partially supported by the National Science Centre
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Abstract In Roman Baths the Romans employed groin vaults of great dimensions, with
maximum span more than 20 m; simple tools of structural analysis of ancient wide span
vaulted halls are still lacking, due to geometrical and material complexity. In this paper we
study the collapse behavior, under horizontal static action, of a corner cross vault of the
Baths of Diocletian in Rome (Hall I). In the present modeling, masonry is discretized as a
system of interacting rigid bodies in no-tension and frictional contact. The computational
code consists in a linear programming approach which make use of a series of optimization
packages via lower and upper bound techniques of limit analysis. In the paper, a solution
strategy based on a modified simplex algorithm has been introduced in order to manage the
large number of contacts given by a 3D block assembly. One more task of the proposed
problem consists in a suitable description of the overall 3D geometry, here afforded with a
specific pre-processing approach.
1

INTRODUCTION

During the course of many centuries after the fall of the roman empire the buildings of the
Baths underwent a gradual and progressive damage, the site became desolate, wasted and
encumbered by ruins, as witnessed by a large number of drawings and engravings by
sixteenth century landscapists and artists.
In Italy, the current building code (NTC 2018) requires historical analysis of existing
masonry buildings as a pre-requisite for the design of structural conservation; this implies
survey of resisting system, collecting data about transformation during life of building, often
very long, reconstruction of special events, like seismic ones.
This task was managed by a historical reconstruction of the original vaulted system of the
main body of the Baths, by research mainly devoted to collect historical images of ruined
portion, trying to establish the sequence of collapses during XVI-XVII centuries (Nizzi &
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Baggio 2014).
The structural system of the main body of the baths can be easily understood: larger central
groin vaults are counteracted by secondary, peripheral barrel and groin vaults which conduct
the thrust action to buttresses and foundations.
Nonetheless a number of questions arise: are the pillars of each vault able enough to resist
to thrust or they need also aid from the adjacent walls? How can we measure the relative
weakness of the partially ruined vaults?
Thus, in this paper, trying to give a quantitative answer, the authors adopt a numerical
procedure based on 3D standard limit analysis according to the Italian Code for masonry
structures, in particular for historic masonry and monuments. The limit analysis method for
the seismic assessment of masonry structures is well known but application to real vaulted
structures is far less common in literature. The proposed procedure is based on a mechanical
model already discussed in previous work [Baggio & Trovalusci 2000, 2016]. The main
improving, with respect to the previous analyses, concerns geometrical model, pre-processing
and solution strategies.

Figure 1: Side photograph of Hall I

Figure 2: joints: pillar (yellow), abutment (magenta),
voussoir (green and cyan), rib (brown)

2 PROPOSED APPROACH
The central body of the Baths is made of a series of seven aisles with semicircular barrel
vaults intersecting three aisles; outer groin vaults of minor dimensions provide counteraction
of thrust of central vaults. In this study the proposed procedure is applied to the corner groin
vault called Hall I (see Figure 1).
The main difficulty in defining the geometrical model consists on a suitable description of
the overall 3D assembly; setting up of a 3D mesh with non-trivial geometry becomes rapidly
cumbersome and discouraging without the help of a tool to simplify the task. To this aim, the
authors in the present work propose a procedure based on the following steps:
- drawing of the vault geometry directly by using AutoCAD;
- modeling of each body or hexahedron as solid element;
- modeling of each interface or joint as ‘region’, that is, an oriented plane surface.
Figure 2 illustrates the pillar joints (yellow), the abutment joints (magenta), the
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-

3

voussoir joints of the vaults (green and cyan) and the rib joints (brown); note that
the positive orientation of the local z-axis is represented by color, whereas the rear
blank face represents the negative orientation;
exporting, from AutoCAD model, bodies and regions in a .SAT file which
describes the topology of bodies by elementary sub-entities: faces, coedges, edges,
vertices and points;
producing data for the analytical model input, by means of a FORTRAN procedure
developed by the authors able to interpret the SAT database. Data extracted by SAT
file automatically generate coordinates of the 8 vertices of each hexahedron, mass
and center of mass of each body, dimensions, center and orientation of interfaces,
preventing data errors and facilitating plotting.

LIMIT ANALYSIS AND COLLAPSE MULTIPLIER

Roman masonry should be modeled properly as a continuum material with some resistance
in tension; it could hardly be represented as assemblies of blocks with no tension and
frictional interfaces. Nevertheless the proposed methodology succeeds in picking out the main
characteristics of the behavior of a complex vaulted structure, as shown below.
Masonry assemblages are described as systems of n rigid prismatic blocks connected by
no-tension and frictional interfaces through m plane contact surfaces. The blocks can translate
and rotate: u (6n) is the vector of the generalized blocks displacement. Considering as strain
measures of the assembly the relative displacements and the relative rotations between blocks,
the kinematic compatibility equations are
Cu = q

(1)

where q (6m) is the vector of relative joint displacements and C is the kinematic matrix.
Vector q can be expressed as linear combination of p elementary modes of failure at each
interface; typically p for quadrilateral contact surfaces is 14: 4 rotations about four edges, 8
slidings, 2 in-plane rotations
q=Mλ

(2)

where M (6m x pm) is a diagonal matrix containing geometrical coefficients and  (pm) is
the vector of the failure modes. Contact surfaces of different shapes (octagonal for instance)
can be also considered simply by suitably varying the matrix of the c-th contact, increasing
the number of columns, thence increasing the number of unknowns.
Most of the interfaces have trapezoidal shape varying from one joint to the other, so each
contact involves the writing of a specific matrix Mc. Anyway in the most of cases, all the
contacts have quadrilateral shape so the number of elementary failure modes p, remains
unchanged, equal to 14 for each interface.
The actions on the blocks are permanent loads, represented by the vector of generalized
‘dead’ loads f0 (6n), and proportionally increasing loads, represented by the vector αfL, where
fL (6n) is the generalized ‘live’ loads vector and α the unique (non-negative) parameter
governing the load increasing. For the sake of clarity, the limit value of α, αc, is named
“collapse multiplier” or “load factor”.
The balance equations for the assembly are
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CTQ = f0+αfL

(3)

The blocks interact through forces and couples, ordered in the vector of the generalized
stresses Q (6m). As the joints cannot carry tension and the tangential forces at the interfaces,
as well as the in-plane couples (torques), are limited by the friction, bounds on the stress
components must be imposed. These bounds define a piece-wise linear yield domain,
represented by the inequalities
(4)

φ = NTQ ≤ 0

where NT (pm x 6m) is the so-called gradient matrix.
To the ‘activation’ of a single face of the yield domain a relative displacement corresponds in
such a way that
φT λ = 0

(5)

In the case of limit bending the vector q is normal to the active yield face, while in case of
limit shear and limit torque it is not normal to the face (M ≠ N), so giving rise to a nonstandard, non-linear, non convex, problem.
The evaluation of the collapse load and the collapse mechanism of Lagrangian systems of
elements interacting through no-tension and frictional contact surfaces corresponds to the
Limit Analysis of discretized rigid perfectly-plastic systems with non-associative flow rules.
Due to the absence of stability criteria, the solution of the problem of searching the minimum
load factor satisfying the Equations (1)-(5) has not unique solution.
In many cases the linearized solution is comparable with the non-linear one, both in terms
of collapse mechanism and in terms of collapse multiplier αc.
From an operating point of view moreover, the introduction of spatial problems highly
complicates the numerical task: in systems of blocks connected together in three-dimensional
arrangements, the number of contacts per block highly increases, producing a significant
overdeterminacy of the kinematic problem. Use of linearized analysis simplifies the numerical
task and leads almost always to acceptable results. In this study only LP approach has been
used.
A Gauss-Jordan elimination allow to split matrix C in two parts: CI, a square matrix of
maximum rank and CII, together with a correspondent separation of q in qI, qII and Q in QI,
QII.
Defining two matrices A0, A as
𝑨𝑨𝑨𝑨0 = [(𝑪𝑪𝑪𝑪𝐼𝐼𝐼𝐼 )−1 0]

from standard algebraic manipulation it follows

𝑨𝑨𝑨𝑨 = [ −𝑪𝑪𝑪𝑪𝐼𝐼𝐼𝐼𝐼𝐼𝐼𝐼 (𝐂𝐂𝐂𝐂𝐼𝐼𝐼𝐼 )−1 I]

(6)

u = A0 q

(7)

Aq=0

(8)

Q = A0T(f0+αfL)+ATQII.

(9)

with constraint of kinematic compatibility
and
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A standard limit analysis can be performed by means of upper bound or lower bound
approach.
In the first case, upper bound approach, the linear problem (LP) is written as
T

T

Determine min {α = - λ (A0M) f0 } subjected to:

(10)

AMλ = 0
T

T

λ (A0M) fL = 1

with the unknowns λ ≥ 0, α ≥ 0. QII are obtained as dual unknowns from the optimization
routine.
In the second case, lower bound approach, the LP is
Determine max {α} subjected to:

(11)

(AN)TQII + α(A0N)TfL + (A0N)Tf0 ≤ 0

with the unknowns QII, α.
In this second problem the kinematic unknowns λ are obtained by the optimization routine as
dual results. Note that for standard limit analysis M = N.
4

NUMERICAL SIMULATION

4.1 Modeling of masonry vaults by limit analysis
This paper examines only an outer groin vault (covering a corner hall) of minor
dimensions, because the larger central vaults are counteracted by a series of barrel vaults on
the south-west front and by large pillars or buttresses on the opposite front, towards the
‘natatio’ (swimming pool).
As part of a research work devoted to assess the safety of the structures of the Baths with
particular reference to seismic actions, the live external load, fL, is represented by horizontal
body forces which statically simulate the seismic action.
Hall I is rectangular in plan, so the orthogonal gores show different vault spans: 13.7 m the
front span and 10.7 m the orthogonal one, with thickness of about 110 cm. The impost of the
vault is 9.7 m above ground level. Dimensions of pillars in plan vary from 3.65 to 5.15 m.
The material of pillars and vaults is ‘opus caementicium’ that is roman concrete made by
an aggregate of tufa rubble stone and a hydraulic mortar of lime and pozzolana.
As said above this material should be modeled properly as a continuum material with
some resistance in tension; for future development a moderate tension resistance will be
introduced in the 3D model, as already made in 2D models.
However the continuum behavior of this kind of masonry strongly depends on parameters
not always easily determinable, so a discrete approach is sometimes preferable.
The model involves 52 bodies or blocks of hexahedral shape and 92 quadrilateral contact
faces. This means that in case of upper bound approach the problem has 1288 kinematical
unknowns λ and 241 constraint equations, otherwise in case of lower bound approach the
problem has 240 static unknowns QII, plus α, i.e. 241 unknowns and 1288 constraints
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equations. Exchange between number of constraints and number of unknowns comes from the
duality of the two approaches.
Authors know by experience that the LP problem, even if it is linear or linearized, often
encounters numerical difficulties in finding correct results; for this reason the number of units
chosen to constitute the structure is limited, anyway the very restriction concerns the number
of units used to model the gores, whereas the limited number of the pillar blocks doesn’t
affect the result. Note that abutment units have been inserted in the model since these masses
are able to counteract the thrust of the vaults and to stabilize the pillars with their load. At last,
the model doesn’t take into account masonry walls of minor thickness resting between the
bearing pillars.
4.2 Solution strategy
As described above the model data need algebraic manipulation before passing them to an
optimization routine; manipulation consists in creation of vectors and matrices, inversion,
transposition, binding of matrices and multiplication of matrices by vectors. To speed up the
procedure all this operations are automatically performed in sequence by a series of
FORTRAN routines. All the process requests a handful of seconds also with large dimension
problems.
Above recalled numerical difficulties in optimization process recommend to proceed stepby-step solving, in advance, sub structures, namely parts of the entire vault.
This strategy, moreover, permits to detect and correct errors in the numerical model.
The real Achilles’ heel of the whole procedure are the minimization routines: more or less
all of the attempted approaches showed to be inefficient in solving problems with a
moderately large number of unknowns and constraints.
We tested the ‘revised simplex method’ in IMSL MATH Library running in FORTRAN
and a number of linear optimization routines in the MATLAB environment: these are
‘simplex’, ‘dual simplex’, ‘interior point legacy’ and ‘active set’ methods.
All of the tested methods failed to reach a solution for the upper bound approach when
calculating the optimal point for the larger model, the complete one.
It appeared that the numerical problem was beyond the capacity of all the tested
optimization programs. This fact is worthy of discussion.
The simplex method, pretty well known and easy to understand from a theoretical point of
view, fails to find a starting point, named ‘feasible point’, to begin search of the optimal
solution and give a warning: ‘infeasible problem’; moreover warns about the ‘strictness of
equality constraints’.
Really, the upper bound approach (see eq. 10) introduces in the algorithm equality
constraints, which complicates the finding of a starting ‘feasible point’.
So we reverted to use the lower bound technique (see eq. 11) where there are a greater
number of constraint equations but these are inequality constraints, so less stringent than in
the first case. Finally, an explanation of the difficulties encountered by numerical problem
may depend also on the real complexity of the problem; as will be seen below the collapse
mechanism activates many faces of the yield domain at the same time, due to the static
indeterminacy of the structure, because of a largely greater number of joints with respect to
the number of bodies (see for instance Figure 4).
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4.3 Results of analyses
The first attempt to carry out an analysis on a substructure is plotted in figure 3: two
opposite gores interacting only between joints at the apex of the vault. Direction of horizontal
mass action is also depicted in the figure. Due to reduction of number of unknowns and
restraints in the model, this numerical problem results easy to be solved by all the
optimization routines described above. The kinematic mechanism involves the overturning of
two of the four pillars and an arch-like behavior of the two opposite gores. This is, in fact, the
standard in-plane behavior of an arch without a steel tie rod, which would oblige the pillars to
overturn jointly (Baggio 2009). It can be seen, also, the formation of three cylindrical hinges
in the arch at the intrados – extrados – intrados, alternatively, as in an arch, and the fourth
hinge at the foot of the right pillar.

Figure 3: Two opposite gores, axonometric and front view of the collapse mechanism, αc = 0.116

The value of the collapse multiplier αc = 0.116 shows that this structure would be
relatively weak, unable to withstand an earthquake as expected in Rome, according to the
Italian Building Code.

Figure 4: Half symmetric vault: axonometric and front view of the collapse mechanism, αc = 0.269
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The second test has been carried out on a symmetric half vault (figure 4). The structure is
restrained along the middle axis by external interfaces which act as simple supports with a
very low friction coefficient (f = 0.1); again numerical difficulties prevent the reaching of a
correct solution when putting to zero the friction in that joints. This fact probably interferes
with the collapse mechanism, forcing again an arch-like behavior, but producing a far higher
value of the collapse multiplier (αc = 0.269).
In figure 4 can also be observed a number of gaps in some joints; use of linear
optimization, as would be correct in presence of associate flow rule implies the introduction
of dilatancy in the interfaces. When sliding occurs it give rise to a correspondent normal
component of displacement producing the observed gaps. In other words friction is replaced
by dilatancy.
The analysis of the complete model in Figure 5 finds out a collapse multiplier αc
comparable with that found for the half model, whereas the mechanism involves the
overturning of the four pillars, showing a tridimensional behavior far from in-plane behavior
of arches.
A conclusion can also be drawn regarding the safety assessment of the Hall I in the Baths;
according to Italian Seismic Code, spectral acceleration required in comparison with the
calculated collapse multiplier αc should vary from 0.12 to 0.20, depending on the accepted
return period of the expected earthquake. The complete cross vault analyzed (αc = 0.284) is
able to withstand future quakes without need to insert steel tie rods or other strengthening
apparatus.

Figure 5: Complete model, axonometric and front view of the collapse mechanism, αc = 0.284

5

A MODIFIED SIMPLEX ALGORITHM

With the attempt to overcome the numerical difficulties due to a large number of blocks
and joints, it would be useful to have a proper optimization procedure.
In what follows, in order to specifically deal with the matters concerned, the adopted
procedure that makes use of a modified simplex method will be described step by step.
An optimization tableau via the simplex method is usually represented as
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1
0

− cT

0

D

b

(12)

in which the first row defines the objective function and the remaining rows define the
constraints. If D can be rearranged to contain an identity matrix I, of maximum range nr
(where nr is the number of rows), a tableau in canonical form becomes

1 0 −c
0 I
E

T

(13)

zb
b

The variables corresponding to the columns of I are the “basic variables”, all other
unknowns are the “non-basic variables”. The values of the basic variables are easily obtained
by setting the non-basic variables equal to zero, in this case the basic variables are equal to the
right-hand side b. The resulting objective function, even if not optimal, identifies a feasible
point anyway.
Unfortunately, this procedure runs only for non-negative values of the right-hand side b.
A linear problem not given in canonical form could be managed by introducing nr artificial
variables, s, named ‘slack variables’. A new objective function, z0, is introduced as first row
of the tableau as the sum of the slack variables.
1 0
0
0 1 − cT
D
0 0

− sT
0
I

0
0
b

(14)

By minimizing the new artificial objective function z0, again with the simplex method, the
algorithm ends when z0=0; this means that all the artificial variables assume zero value. As a
consequence, the artificial objective function and the slack variables can be eliminated giving
rise to a canonical tableau equivalent to the original problem.
In the present formulation, the constraint equations (eq. 10) have the right-hand side b
which is zero, except for the last one term. This suggested a new approach aimed to obtain a
feasible point. The procedure consists in a Gauss elimination on nr-1 columns and rows
obtaining an identity matrix with range nr-1 and non negative b terms, that is a quasicanonical tableau.
I E
T
0 enr

0
1

(15)

Again it is mandatory to introduce an artificial objective function, z0, but the proposed
procedure allows to introduce a single slack variable instead of nr ones. So the minimization
of z0 is much more manageable and numerically stable.
The linear problem described can be represented in tableau form as follows (Table I); the
first two rows and columns correspond respectively to the artificial objective function and to
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the true objective function z. The crosshatch identifies matrix I, derived from the Gauss
elimination.
Table I – Tableau form of the linear problem

z0
1
0
0
0
0
0

row -1
row 0
row 1
row 2
row 3
row nr

z
0
1
0
0
0
0

x1
0
0
1
0
0
0

x2
0
0
0
1
0
0

x3
0
0
0
0
1
0

x4
0
e
e
e
e
enr

x5
0
e
e
e
e
enr

xnc
0
e
e
e
e
enr

s
-1
0
0
0
0
1

RHS
0
0
0
0
0
1

A row addition of the last row to the first one, called pricing out, gives the second tableau
(Table II), where the row -1 and the row nr became equal, except for the s column.
Table II – Pricing out

row -1
row 0
row 1
row 2
row 3
row nr

z0
1
0
0
0
0
0

z
0
1
0
0
0
0

x1
0
0
1
0
0
0

x2
0
0
0
1
0
0

x3
0
0
0
0
1
0

x4
enr
e
e
e
e
enr

x5
enr
e
e
e
e
enr

xnc
enr
e
e
e
e
enr

s
0
0
0
0
0
1

RHS
1
0
0
0
0
1

At this point the phase I begins, aiming to obtaining the minimum value of the z0 function,
indeed equal to 0. The phase I starts by choosing an entering variable, that’s to say a new
basic column (Table III).
Table III - Choosing an entering variable

row -1
row 0
row 1
row 2
row 3
row nr

z0
1
0
0
0
0
0

z
0
1
0
0
0
0

x1
0
0
1
0
0
0

x2
0
0
0
1
0
0

x3
0
0
0
0
1
0

x4
enr
e
e
e
e
enr

x5
enr
e
e
e
e
enr

xnc
enr
e
e
e
e
enr

s
0
0
0
0
0
1

RHS
1
0
0
0
0
1

Phase I makes use of the simplex method; the task remains hard owing to the particular
structure of the right hand side terms, which, at the beginning represent a degenerate vector
(all the terms except one are 0) able to cause stalling or cycling. Numerical methods perform
badly often, due to the fact that the matrix includes at the same time numbers too large or too
small in magnitude.
The presented method try to avoid initial numerical difficulties performing a Gauss
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elimination with full pivoting so that the E matrix contains number not too different in
magnitude.
The proposed procedure nonetheless succeeds to reach almost always a correct result. In
this case, when z0 = 0, the artificial variable, s, can be eliminated, together with the column -1
and the row -1, producing a canonical tableau equivalent to the original problem (Table IV).
Table IV – Canonical tableau

objective f.
constr. eq.
“
“
“

row 0
row 1
row 2
row 3
row nr

z
1
0
0
0
0

x1
0
1
0
0
0

x2
0
0
1
0
0

x3
0
0
0
1
0

x4
e
e
e
e
e

x5
0
0
0
0
1

xnc
e
e
e
e
e

RHS
bz
b
b
b
b

The canonical tableau in Table IV represents a feasible solution; this one could be passed to a
standard simplex routine for Phase II, avoiding the problems described in 3.2. The 3D arch in
Figure 6, performing phase I, converges after 2 iterations only. 50 iterations are necessary to
complete the phase II, reaching the optimum value of the collapse multiplier αc.

Figure 6: 3D arch model – αc = 0.187

6

CONCLUSIONS

The proposed methodology, even though discrete, succeeds in picking out the main
characteristics of the behavior of complex vaulted structure, evaluating and quantifying the
relative weakness of ruined cross vaults. It also gives an answer to question posed in the
introduction: the pillars of each vault are able to withstand to thrust without contribution from
adjacent walls.
In the paper, an original solution strategy aimed to overpass the common difficulties given
by the application of linear optimization algorithms has been implemented with satisfactory
results in terms of both collapse mechanisms and collapse multipliers. The strategy is based
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on a modified simplex algorithm which allows to obtain a quasi-canonical tableau preliminary
to the running of the optimization procedure.
A specific preprocessor able to manage the complexity of the overall 3D geometry, has
also been developed.
For future work a moderate, or random, tension resistance will be introduced in the model,
to better represent roman concrete. Effects of foundation settlements could also be analyzed,
simply by varying some constant terms in the eq. 10 and the live load.
Acknowledgements. We wish to express our special thanks to Dr. Rosanna Friggeri past
director of the National Roman Museum – Baths of Diocletian, and to Arch. Marina Magnani
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Abstract. The seismic response of masonry structures without box-type behaviour is given by
a complex interaction between in-plane and out-of-plane behaviours. Previous earthquakes
demonstrated that out-of-plane failure mechanisms represent the main cause of structural
collapses of UnReinforced Masonry (URM) and historical structures. Previous experimental
and analytical studies, investigating the out-of-plane behaviour of URM structures, mostly
considered the effects of one-way bending moment. In this regard, recent experimental
campaigns and numerical simulations have been conducted in order to investigate the out-ofplane behaviour of masonry walls subjected to two-way bending. These investigations have
demonstrated the complexity of this mechanism and stressed the need for accurate numerical
tools capable of providing reliable predictions in terms of ultimate strength and failure
mechanisms. This paper focuses on the assessment of the dynamic behaviour of a U-shape URM
prototype, subjected to shaking table tests, by means of a simplified computational strategy
denoted as Discrete Macro-Element Method (DMEM). In this investigation, a comparison
between experimental and numerical results was conducted in order to validate the capabilities
of the proposed modelling approach. Subsequently, a parametric analysis was carried aiming
at determining the influence that masonry mechanical properties, and additional model
parameters, have on the out-of-plane nonlinear dynamic response of URM masonry structures.
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1

INTRODUCTION

UnReinforced Masonry (URM) buildings are characterized by a complex behaviour when
subjected to dynamic loading. This behaviour is given by the high nonlinearity of the material
together with the interaction between in-plane and out-of-plane mechanisms. There is a clear
comprehension of the in-plane response of this typology of structures due to the different
investigations that have been conducted experimentally, analytically and numerically. The outof-plane behaviour of URM structures has been investigated by means of analytical and
experimental formulations, mainly focusing on the effect of one-way bending loading [1-4].
During the last decades, there has been an increasing interest in understanding the two-way
bending out-of-plane behaviour of these structures when subjected to seismic loading, as
reported in recent experimental campaigns [5-7]. As reported in [8], numerical simulations were
conducted by means of different methods aiming at predicting the response of the two-way
bending out-of-plane response of URM structures. However, it was evidenced that this type of
behaviour presents a significant complexity due to the diverse results obtained from the
numerical simulations. In this sense, there is the necessity of understanding this particular
behaviour in order to conduct proper and reliable predictions.
This paper consists of the evaluation of the two-way bending out-of-plane response of an
URM structure by means of an original numerical technique known as the Discrete MacroElement Method (DMEM) [9]. This modelling approach is based on a limited number of
elements which allows the application of sophisticated nonlinear analyses with a reduced
computational demand. The case study of this investigation corresponded to a U-shape clay
brick masonry structure which was subjected to out-of-plane shaking table tests as reported by
Graziotti, et al. [7]. Due to the available data of such experimental campaign [10], the numerical
model of this structure was subjected to time history analyses based on the application of the
signals recorded during the shaking table tests. The comparison between experimental and
numerical responses was carried in terms of history of horizontal top displacement. In this
investigation, a parametric assessment was conducted in order to determine the influence of
some mechanical and model parameters on the nonlinear dynamic response of such a structure.
2 DISCRETE MACRO-ELEMENT METHOD (DMEM)
An innovative computational tool for the assessment of the seismic response of masonry
structures, based on a reduced number of DOFs, was initially conceived by Caliò, et al. [11].
The initial formulation of this modelling approach was based on the hypothesis that masonry
structures are characterized by a box-type behaviour due to the presence of a rigid diaphragm.
Such initial formulation consisted of 2-dimensional panels constituted by hinged rectangles
assembled with four rigid edges and two diagonal links. As shown in Figure 1a, the interaction
between panels is given by zero-thickness interface elements. These interface elements are
composed by a discrete distribution of transversal links (orthogonal to its length) and an
additional single longitudinal link. The initial formulation of this modelling approach is capable
of accurately simulating the main in-plane mechanisms of this typology of buildings: flexural,
shear-diagonal, and shear-sliding. At an interface level, the discrete distribution of transversal
links rules the flexural response, whereas the longitudinal link simulates the in-plane shearsliding response. At an element level, the shear-diagonal response is given by a couple of
diagonal links. The kinematic of the initial formulation is described by four DOFs: three related
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to the rigid body motion, and the remaining one associated with the in-plane shear
deformability.
Nevertheless, the seismic response of most URM buildings and historical constructions is
often governed by the interaction of in-plane and out-of-plane mechanisms. As depicted in
Figure 1b, this modelling approach was upgraded aiming at accounting for the out-of-plane
mechanisms by the introduction of a new interface element [12]. The interface element is
composed by a matrix of transversal links which simulate the bi-flexural response, a single link
along its length, which governs the in-plane shear-sliding, and a couple of links along its
thickness, which rule the out-of-plane shear deformability and torsion responses. In the
upgraded version of this modelling approach, the in-plane shear-diagonal response is simulated
by a single diagonal link placed at each 3-dimensional panel. The kinematic of the upgraded
panel is described by seven DOFs: six associated with translational and rotational rigid body
motion, and one related to the in-plane shear deformability. The proper simulation of these
mechanisms requires careful calibration procedures for the different sets of links which are
thoroughly described in [9].

(a)

(b)

Figure 1: Mechanical scheme of the DME modelling approach: (a) two-, and (b) three-dimensional
panels.

In the proposed modelling approach, the nonlinear and cyclic behaviours are focused on the
different sets of links. In the case of the transversal links, the tensile response is described by
an exponential curve, whereas the compressive response is given by a parabolic curve; both
described by a fracture energy approach. The hysteretic behaviour of the transversal links is
ruled by a Takeda model [13] (see Figure 2a) which is described by an unloading parameter
denoted as β whose value can range between 0 and 1. When β is equal to 1, the unloading cycle
is described by a stiffness oriented to the origin, and when β is equal to 0, the unloading cycle
is ruled by its initial stiffness. A linear combination between the initial stiffness and the stiffness
oriented to the origin is defined when the unloading parameters β presents a value higher than
0 and lower than 1. The nonlinear behaviour of the sliding links is characterized by a MohrCoulomb criterion due to the frictional phenomenon of this type of response, and the cyclic
behaviour is given by an elasto-plastic hysteretic model (see Figure 2b) Finally, the nonlinear
behaviour of the diagonal link can be described by a Mohr-Coulomb or a Turnsek and Cacovic
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[14] yielding criterion, whereas its cyclic behaviour is also ruled by a Takeda model (see Figure
2c). A detailed description of the constitutive and hysteretic models of the different sets of links
can be found in [15].This modelling approach has been implemented in the software HiStrA
(Historical Structure Analysis) [16].

(a)

(b)

(c)

Figure 2: Cyclic constitutive models of: (a) transversal, (b) sliding, and (c) diagonal nonlinear links.

3

OUT-OF-PLANE URM WALL

The present study consisted on the assessment of the seismic response, by means of the
DMEM, of one of the U-shape URM structures reported in the experimental campaign
conducted by Graziotti, et al. [7]. In such investigation, calcium silicate and clay brick walls,
with different boundary conditions and pre-compression loads, were subjected to a series of
shaking table tests aiming at evaluating their out-of-plane behaviour. These walls presented two
return walls in order to consider the two-way bending effects on their dynamic response. The
clay brick structure, denoted as CL-000-RF in [7], was selected as case study for the present
investigation. As illustrated in Figure 3a, this structure presented a main wall with a base of
4.02 m, a height of 2.76 m, and a thickness of 0.10 m, which was restrained by two return walls
with a length of 1.00 m which were subjected to a pre-compression load of 0.05 MPa. In this
sense, it was considered that the main wall was characterized by a boundary condition in which
three edges were fixed, and the remaining one was free (see Figure 3b). The CL-000-RF
structure was subjected to 23 shaking table tests aiming at assessing its out-of-plane seismic
response as well as the behaviour of the first natural frequency due to cumulative damage.
Graziotti, et al. [7] also conducted a mechanical characterization of this type of clay brick
masonry aiming at determining its main mechanical properties such as Young’s modulus E,
compressive strength fc, tensile strength ft, initial shear strength fv0, and friction coefficient µ.
This mechanical characterization consisted of the application of simple compression, direct
tensile wrench, and triplet shear tests. Additionally, torsional tests were applied for the
estimation of additional nonlinear parameters such as initial torsional strength fv0,tor, and
torsional friction coefficient µtor. As reported in [7], the total mass of this structure presented a
value equal to 2178 kg, which corresponds to a specific weight γ of approximately 13.5 kN/m3.
A summary of the mechanical properties obtained in [7] which were used in this investigation
is reported in Table 1.
Table 1: Mechanical properties of the clay brick masonry reported in [7]

E [MPa]
7500

fc [MPa]
17.41

ft [MPa]
0.41

fv0 [MPa]
0.18
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µ [-]
0.63

fv0,tor [MPa]
1.13

µtor [-]
1.63
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Figure 3: Clay brick structure: (a) geometrical characteristics, and (b) boundary conditions

A calibration of the elastic parameters was conducted with the DME model of the U-shape
clay brick structure by initially comparing its first natural frequency with the one that was
identified in the experimental campaign. Subsequently, the DME model of this structure was
subjected to one dynamic loading with low intensity in order to compare the initial elastic
response. Such dynamic loading corresponds to the motion registered at the base of the shaking
table during Test #4 [10]. The mesh dependency of the DME model on the estimation of the
first natural frequency and on the dynamic response was evaluated by considering three
different mesh refinements (see Figure 4). Model A presents the less refined discretization, and
it is characterized by 168 DOFs, Model B was described by a medium-mesh refinement with
336 DOFs. Finally, Model C represents the most refined mesh presenting 84 elements, and
588 DOFs.

Model A

Model B

Model C

Figure 4: DME models of the U-shape clay brick structures

The experimental first natural frequencies of the undamaged CL-000-RF structure, resulted
in 12.80 Hz. The first natural frequency of each model was initially evaluated considering the
mean value of Young’s modulus (E = 7500 MPa) obtained from the material characterization
and considering a ratio between shear modulus G and E equal to 0.4 (considering Poisson ratio
ν equal to 0.25). The numerical frequencies resulted higher than those experimentally observed.
The error was about 15% (15.04 Hz) in the case of Model A and increased when considering
more discretized mesh refinements. Namely, an error of 21% (16.14 Hz) and 22% (16.46 Hz)
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were observed in the case of Model B and Model C, respectively. Hence, it was necessary to
decrease the value of the Young’s modulus. As reported in Table 2, the dynamic identification
was carried out considering two different values of E, and it was possible to determine a
satisfactory fitting between numerical and experimental results when E = 5000 MPa.
Table 2: Natural frequencies of the first vibration mode of the Cl-000-RF structure.

Young’s modulus
E [MPa]

Shear modulus
G [MPa]

7500
6250
5000

3000
2500
2000

Model A
15.04
13.73
12.28

First natural frequency
f [Hz]
Model B
16.14
14.73
13.18

Model C
16.46
15.03
13.44

Subsequently, the numerical models were subjected to the dynamic motion recorded at the
base of the shaking table during the Test #4, along the direction perpendicular to the main wall.
This signal was characterized by a low amplitude of intensity, allowing the assessment of the
elastic response of the structure. In addition, a Rayleigh damping criterion, with a damping ratio
of 3%, and a diagonal mass matrix, in accordance with the kinematics of the proposed
modelling approach, were taken into consideration for the application of these analyses. The
Rayleigh damping parameters were defined by selecting the first and third natural frequencies
of the structure for each numerical model. A constant time step discretization Δt = 0.001 sec
was adopted for these analyses.
The comparison between numerical and experimental responses, which is illustrated in
Figure 5, was focused on the history of horizontal displacement at the top of the main wall. It
was observed that Model A presented higher displacements when compared to the experimental
ones. These results are due to the large mesh of the models, which does not allow a properly
simulation of the torsion effects and the mass distribution. Even though the difference decreased
when considering a more refined mesh discretization (Model B), the approximation with the
experimental results still lacked a reasonable resemblance. Nonetheless, it was observed that
Model C was capable of successfully reproducing the displacements obtained during the
experimental campaign; and therefore, this numerical model was selected for the nonlinear
parametric assessment.
Test #4

2.50

Test #4

Top displacement (mm)

2.00
1.50
1.00
0.50
0.00
-0.50

Model A
Model B
Model C
Experimental

-1.00

-1.50
-2.00

0

2

4

6

8

10

Time (sec)

12

14

16

18

20

2

Time (sec)

Figure 5: Comparison of horizontal top displacement due to the application of Test #4.
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4

PARAMETRIC STUDY

A parametric assessment was conducted to the Model C considering the signals recorded
during Test #18 and Test #21, aiming at reproducing the experimental results for high-intensity
motions and identifying the parameters that most influence the nonlinear dynamic response of
the prototype. The compressive fc and tensile ft strengths of masonry were taken from the
experimental mechanical characterization, while the cohesion c and the friction coefficient µ
ruling the shear-sliding mechanism were defined according to the torsional test conducted on
brick joints in the experimental campaign. Finally, the strength fy0 associated to the sheardiagonal mechanism was considered equal to the tensile strength. A summary of the mechanical
properties defined for the DME model is reported in Table 3.
Table 3: Mechanical properties of Model C for the parametric assessment

Elastic parameters

Flexural parameters
Shear-diagonal parameters
Shear-sliding parameters

Young’s modulus
Shear modulus
Specific weight
Compressive strength
Compressive fracture energy
Tensile strength
Tensile fracture energy
Shear strength
Friction coefficient
Cohesion
Friction coefficient

E
G
γ
fc
Gc
ft
Gf
fy0
µd
c
µs

[MPa]
[MPa]
[kN/m3]
[MPa]
[N/mm]
[MPa]
[N/mm]
[MPa]
[-]
[MPa]
[-]

5000
1667
13.50
17.41
28.28
0.41
0.012
0.41
0.6
1.13
1.63

An initial value of tensile fracture energy Gf equal to 0.012 N/mm was considered for the
application of these analyses. However, it was noted that the response of the numerical model
was characterized by significantly larger displacement for Test #18 and Test #21. In order to
assess the influence of Gf on the dynamic response of the brick prototype, a parametric analysis
was conducted considering three different values: 0.024 N/mm, 0.036 N/mm and 0.048 N/mm.
The results of these analyses are illustrated in Figure 6. It was noted that a tensile fracture energy
of 0.024 N/mm provided a good approximation in the case of Test #18; however, the fitting
between numerical and experimental results of Test #21 was not in good agreement. An
acceptable fitting was obtained adopting the value of 0.036 N/mm and 0.048 N/mm, which
were assumed as the referring values of tensile fracture energy. It has to be noted that the latter
numerical results presented displacements with a slightly lower amplitude to the experimental
ones. In addition, the numerical results were still not capable of simulating the residual
displacements that the structure experienced during the shaking table test.
A further parametric analysis aimed at investigating the influence of damping on the
nonlinear response of this structure. In this sense, a second frequency associated with a higher
vibration mode, with a natural frequency of 131.67 Hz and activating the 50% of the total mass,
was selected for the definition of the Rayleigh damping parameters. This variation of the second
natural frequency also affected the definition of the incremental time step for the time history
analyses, presenting a new value of Δt = 0.0005 sec. The comparison between numerical and
experimental responses is depicted in Figure 7, with reference to Test #21. It was observed that
a significant increment of displacements was obtained when considering Gf = 0.036 N/mm.
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This may indicate that the numerical model reached a larger nonlinear response which led to a
higher displacement field. On the contrary, this behaviour was not observed when considering
Gf = 0.048 N/mm since the increment of top displacement is barely noticeable.
Test #18

Top displacement (mm)

15.00

Test #18

Gf = 0.012 N/mm
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Experimental
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Figure 6: Comparison of horizontal top displacement as a function of tensile fracture energy.
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Figure 7: Comparison of horizontal top displacement as a function of damping parameters and time step.
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Top displacement (mm)

Subsequently, the influence of the hysteretic behaviour of the transversal links on the
numerical dynamic response was evaluated. The assessment of the influence of the unloading
cycles was carried out considering a tensile fracture energy of 0.048 N/mm since it provided a
more stable response. It is worth noting that the previous analyses were conducted considering
tensile unloading cycles governed by a secant stiffness (oriented to the origin) with an unloading
parameter β = 1. For this parametric assessment, mixed unloading stiffnesses were considered
(β = 0.90 and β = 0.80). As shown in Figure 8, the numerical model did not experience
significantly larger displacements; however, it was possible to evidence that the unloading
cycles influenced the dynamic response of the structure in terms of residual displacement. A
closer fitting with the experimental results was obtained when considering a tensile unloading
parameter β equal to 0.80.
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Figure 8: Comparison of horizontal top displacement as a function of tensile unloading cycles.

The final parameters investigated were associated with the shear-sliding response of the
interfaces which influence not only the out-of-plane shear deformability and torsion behaviour
of masonry but also its in-plane shear sliding mechanism. In this sense, an additional value of
cohesion c and friction coefficient µ was considered for this parametric assessment. These
values corresponded to those obtained by means of the triplet shear tests during the
experimental campaign (fv0 = 0.18 MPa and µ = 0.63). The variation of the shear-sliding
parameters led to a small increment in the horizontal top displacement of the numerical model.
In this last parametric assessment, the three tensile unloading conditions were taken into
consideration. The one that provided an accurate fitting together with the reduced values of
cohesion and friction coefficient corresponded to β = 0.80 which is illustrated in Figure 9. These
results showed a good agreement in terms of residual displacement evidencing the influence on
the cyclic constitutive models on the nonlinear dynamic response of URM structures. It is worth
to note that the numerical model experienced a slightly larger displacements when compared to
the experimental results; however, they are still considered acceptable.
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Figure 9: Comparison of horizontal top displacement as a function of shear-sliding parameters.

5

FINAL CONSIDERATIONS

This paper presents the evaluation of the out-of-plane behaviour of one URM structure using
an innovative computational tool based on the Discrete Macro-Element Method (DMEM). This
structure was subjected to out-of-plane two-way bending seismic loading by means of shaking
table tests. The aim of this investigation focused on the simulation of the experimental response
of this structure by means of numerical simulations. An initial calibration procedure was carried
out in order to determine the elastic mechanical properties of the masonry material in order to
reproduce the first natural frequency. In this initial calibration procedure, the dependency of the
mesh discretization of the numerical model was also evaluated by the application of a signal
recorded at the base of the shaking table during the experimental campaign. Due to the low
intensity of this loading, it was possible to assess the response of the numerical models in the
linear elastic field; and to determine an adequate model for the simulation of the dynamic
response of the URM structure.
Subsequently, a parametric assessment regarding the nonlinear mechanical properties and
additional model characteristic was conducted to the numerical model in order to determine the
variables that present a significant influence on the out-of-plane nonlinear dynamic response of
URM structures. For this purpose, two additional signals recorded during the experimental
campaign were applied to the numerical model. These signals presented a higher intensity
allowing the evaluation of the dynamic response in the nonlinear field. The variables that were
considered for this parametric assessment were the tensile fracture energy, the tensile unloading
cycles, the cohesion, friction coefficient, and the Rayleigh damping parameters. It was
evidenced that the tensile fracture energy presented a significant influence on the nonlinear
dynamic response of the URM structure. Due to the application of both signals, it was noted
that a value of tensile fracture energy of 0.048 N/mm provided a good approximation to the
experimental results. The variation of the Rayleigh damping parameters and the incremental
time step also influenced on the nonlinear dynamic response of the numerical model of the
URM structure, especially when considering a tensile fracture energy of 0.036 N/mm. In the
case of a tensile fracture energy of 0.048 N/mm, there was a small increment of the
displacements and a better representation of the dynamic response. The damping ratio remained
constant during all analyses; however, it is worth noting that the influence of this parameter on
the dynamic response of URM structure is also being investigated.
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Moreover, it was also noted that a variation of the tensile unloading cycles the dynamic
response of the URM structure in terms of residual displacements. When reducing the tensile
unloading parameter from 1.0 to 0.8, the numerical model experienced larger residual
displacements with a reasonable agreement with the experimental results. An alternative
solution for the simulation of the residual displacements could be oriented to the definition on
unloading cycles which consist on two stages: the first one associated with an initial stiffness,
until a certain reduction of the maximum capacity, and a subsequently unloading with a secant
stiffness. The last variable evaluated during this parametric assessment corresponded to the
nonlinear properties associated with the shear-sliding response. Two values of cohesion and
friction coefficient were taken from triplet shear and torsional tests conducted in the mechanical
characterization. It was observed that these parameters also presented a slight influence on the
nonlinear dynamic response of the URM structure by increasing the horizontal top displacement
and also by contributing to the residual displacement of the numerical model. This parametric
assessment stressed the need for a reliable mechanical characterization in order to properly
predict the complex nonlinear dynamic response of this type of structures.
Finally, it is worth noting additional capabilities of the proposed modelling approach mainly
in terms of computational burden. The analyses with an incremental time step of 0.001 sec
(30,000 steps) presented a duration of approximately 40 minutes, whereas the ones with an
incremental time step of 0.0005 sec (60,000 steps) lasted about 1 hour and 40 minutes using a
conventional laptop. Due to the limited number of elements required for a proper simulation of
the nonlinear dynamic response of URM structure; and consequently, a reduced computational
demand, it was possible to conduct this parametric assessment. This can be extended for the
evaluation of the nonlinear dynamic response of more complex structures for practical
purposes, which is not feasible with more sophisticated computational tools.
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Abstract. The non-linear analysis of historic masonry structures can be difficult to perform
due to the highly irregular geometric features, the inherent variability within the materials, as
well as the limited amount of experimental data available. The present work details a specific
methodology and result for the analysis of the compressive strength of the masonry found in
walls of St. Ann’s Church in the Czech Republic. A multi-scale 2D finite element modelling
approach was adopted. In a mesoscale-level representation of masonry, “small stones” were
grouped in with the mortar and treated as a matrix component with homogenized properties,
while large stones were treated as discrete inhomogeneities. To characterize this matrix
component, microscale-level models were used, in which only the “small stones” and mortar
were represented. By simulating uniaxial compression and tension tests on multiple microscalelevel models, statistical distributions for compressive and tensile strength, stiffness, and
fracture energy were determined. On the mesoscale-level, overall stiffness and compressive
strength were determined by simulating uniaxial compression tests on models involving only
the large stones embedded in the homogenized matrix. The matrix was considered either as
spatially uniform or variable. In the latter case, it was modeled with random fields based on
the properties’ distributions obtained from the micro-scale model analyses. Furthermore, the
multi-scale study was performed for two different threshold sizes defining the “small stones”
to compare differences. Approximate qualitative methods were utilized to validate the results.
Overall, decreasing compressive strength was observed from the plain mortar to the microscale model of mortar with “small stones” to the meso-scale model of masonry. Models where
matrix variability was represented with random fields exhibited similar failure mechanisms but
with strengths 5-6% lower than models with a uniform matrix. Therefore, the effect of the
spatial variability of the matrix properties was deemed insignificant.
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1

INTRODUCTION

Historic masonry structures are oftentimes highly complex to analyze due to their inherent
inhomogeneity on a local and global scale caused by the numerous geometric and material
variabilities. While physical experiments offer a good way to estimate load and deformation
capacities of masonry structures, they are very limited in scope when compared to the possible
formations and variations of built masonry that exist in the world today [1]. The complex
geometry and behavior of masonry is often modelled through the finite element method (FEM),
where masonry can be idealized into macro-models, meso-models and micro-models [2].
Through recent advances in computer programming, masonry walls can be geometrically
analyzed, and random, statistically representative geometries can be generated. Additionally, a
few studies have been done reviewing the importance of the spatial variation of microparameters of masonry [2,3]. Based on the research done, the pairing of statistical analyses with
structural analyses is shown to be beneficial when dealing with unknown materials or materials
with highly variable properties, such as masonry [1]. In the present paper, a methodology is
presented, which utilizes a multi-scale micro-modelling approach together with a stochastic
non-linear analysis to obtain an overall compressive strength and stiffness of masonry, which
can eventually be used in a structural-scale analysis of historic buildings. The procedure will
be demonstrated on a case study of St. Ann’s Church in the Czech Republic.
2

STATE OF ART REVIEW

2.1 Modelling and homogenization
The thesis [2] describes in detail the three main types of modelling for masonry structures:
macro-modelling, meso-modelling and micro-modelling. The choice of model used highly
depends on the overall goal of the analysis. When used together, these models can reliably
mimic the behavior of the global structure as well as the units, mortar and joints, to fully
understand masonry behavior in various applications and load cases [2]. Homogenization is the
link between macro and micro-modelling of masonry. It is a process which simplifies the
material into an equivalent continuum that represents the overall properties but disregards
specific details on the units and mortar. Homogenization can be used to evaluate the linear and
non-linear behavior of masonry and produces comparable results to that of experimental data
[4]. Homogenization can be achieved using a representative volume element (RVE). The size
of an RVE should be large enough to contain enough material inhomogeneities when viewed
from the smaller-scale perspective (e.g. micro) but also small enough so that overall stress and
strain variations within it are negligible when seen in the larger-scale model (e.g. macro). Then,
by averaging micro-scale stress and strain fields over an RVE, one can obtain stress and strain
in the corresponding material point on the macro-scale. By analyzing the behavior of the RVE
under different suitable boundary conditions, the macro-scale stress-strain constitutive relations
can be obtained.
Non-periodic masonry is defined as masonry containing units as well as mortar of irregular
shapes and dimensions, with the spatial distribution of units and mortar being random. Since
many historical structures are characterized by non-periodic masonry, studies such as [4,5,6],
have utilized stochastic continuum micro-mechanics in unison with RVEs to determine a
homogenized equivalent continuum. In [4], the elastic stiffness tensor of an RVE of a non-
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periodic masonry structure was estimated by averaging results obtained from various arbitrarily
chosen RVEs with randomized essential and natural boundary conditions. In a further study
done in [6], a multitude of finite-sized test windows were made inside of a chosen RVE and an
enhanced two-step convergence criterion was utilized, one being probabilistic and another
mechanical, to determine if the test windows statistically match the RVE. From the analysis it
was determined that a test-window size approximately 5 times the size of the largest dimension
of stone was sufficient to statistically limit the geometric difference from the RVE [6].
2.2 Stochastic characterization of irregular geometry and material properties
When dealing with irregular geometry of units and joints, stochastic characterization of
masonry can be utilized to account for the irregularities. For example, the authors of [5] applied
the theory of random fields to determine the overall elastic properties of irregular masonry.
Starting with the digital image processing of an image of the masonry, they evaluated the
characteristics of the geometry and obtained statistical information in both the space and
frequency domains. Correlation functions were then used to generate random fields to describe
the geometric properties of masonry taking into account the deterministic properties of each
constituent [5].
Typically, micro-models assume uniform material properties of individual phases. However,
due to workmanship factors such as the batching of mortar, filling of joints, and factors effecting
the curing of mortar, local material properties exhibit a spatial variation. For example, in [3],
auto-correlated random fields were utilized in unison with micro-models to generate the spatial
distributions of the strength of mortar and the unit-mortar interface within a masonry structure.
The results in [3] showed that the overall force capacity decreased with the increase in
correlation length of the random field, meaning that the effect of the spatial variability of the
material properties should not be neglected as it may lead to an overestimation of strength [3].
3

METHOLOGY AND APPLICATION

3.1 History
Built in the early 18th century, St. Ann’s Church is part of the Broumov Group of Churches
located in the Czech Republic. The outer wall is composed of a three-leaf masonry, consisting
of locally sourced stone. The external leaves contain irregularly shaped units of highly varying
sizes with 5 stone types identified as ignimbrite, yellow sandstone, red sandstone, fine grained
red sandstone, and light sandstone. The wall units are bonded together with natural hydraulic
lime mortar. The internal leaf is thought to be filled with rubble infill. The walls are 1.2 m thick,
with the external and internal layers 0.5 m wide and the infill 0.2 m.
3.2 Geometric statistical analysis
Due to the irregularity in stone size, shape, and placement, the external masonry leaf of St.
Ann’s Church was statistically analyzed to determine geometric detail of the models to be used
for the analysis. The evaluation was completed by analyzing digital images of the front view of
6 sample wall panels with a size of 1 m². The size was approximately 3 times larger than the
projected area of the largest stone observed within the structure. Images of two of the wall
panels can be seen in Figure 1.
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Figure 1: Wall section samples (2 of 6)

Results of the statistical analysis are illustrated in Figure 2. It was found that 80% of the
area on average is stone, with the remaining 20% taken up by mortar. Utilizing a cumulative
distribution function, it was seen that the size (projected area) of approximately 50% of stone
elements was less than 0.001 m², and the size of approximately 68% of stones was less than
0.002 m².

Figure 2: Statistical analysis of geometry of masonry wall sections and cumulative distribution of stone size

3.3 Material properties of masonry constituents
A combination of non-destructive and minor-destructive test methods were utilized to assist
in the determination of material properties of the masonry constituents. More specifically,
Schmidt hammer testing, masonry coring, SEM analyses, and porosity testing were completed
in addition to obtaining expert estimates and reviewing past research [8,9]. A summarized list
of values used in the analyses can be found in Table 1.
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Table 1: Summary of material properties (values based on expert estimate / research marked by *)
Material
Lime Mortar
Ignimbrite
Yellow Sandstone
F.G. Red Sandstone
Light Sandstone
Red Sandstone

Unit
Weight
(kN/m³)
17.0
21
21
21
21
21

Young's
Modulus,
E (GPa)
0.126*
9.49
7.51
9.21
8.50
5.41

Poisson’s
Ratio
0.17*
0.2
0.2
0.2
0.2
0.2

Compressive
Strength,
fc (MPa)
1.5*
42
29
48
45
38

Tensile
Strength,
ft (MPa)
0.10*
4.2*
2.9*
4.8*
4.5*
3.8*

Fracture
Energy,
Gf (N/m)
10*
60*
35*
40*
40*
40*

Ultimate
Compressive
Strain, ε (‰)
1.2*
1.5*
1.5*
1.5*
1.5*
1.5*

3.4 Multi-scale modelling approach
The goal of the ensuing analyses was to estimate overall stiffness and strength of the frontleaf of the masonry wall by numerically simulating compressive tests, while accounting for its
topology (Section 3.2) and the properties of its constituents (Section 3.3). As obvious from
Figures 1 and 2, the masonry is highly irregular and consists of stones whose sizes span a broad
range. Constructing a compatible finite element (FE) mesh over such a complex geometry
proved to be a difficult task, even when using advanced meshing algorithms. Furthermore, the
resulting models consisted of a very high number of elements, thus performing non-linear
calculations was not feasible. Therefore, a multi-scale modelling approach was used. To this
end, three scales with different levels of resolution were defined specifically for the present
methodology (Figure 3). These are not to be confused with the micro/meso/macro-modeling
approaches reviewed in Section 2.1:
•
•
•

Macro-scale corresponds to the scale of the whole wall, where masonry is
represented as equivalent homogenous continuum.
Meso-scale corresponds to the scale of a typical wall panel, where only large stones
are treated as distinct inhomogeneities, while the mortar and “small stones” are
treated together as one matrix phase.
Micro-scale corresponds to the scale of the joints between the large stones, which
consists of “small stones” (as inhomogeneities) and mortar (as matrix).

The feasibility and quality of the meso-scale FE meshing in conjunction with the stones’
cumulative frequency in the wall panels were both considered to decide the threshold size below
which stones were classified as “small”. In order to check sensitivity of the results to the
definition of “small stones”, analyses were conducted with two threshold size (projected area)
values: 0.001 m2 and 0.002 m2. These values correspond to 50% and 68% of all the stones,
respectively, as was shown in Section 3.2. Furthermore, these stone elements were thought to
be small enough in size that they do not extend into the wall along the full depth of the first leaf
(0.5 m) and, thus, could be combined with mortar in the 2D model.
The overall homogenized properties on each upper scale were obtained by numerically
simulating material tests on representative square samples of the lower-scale structure. To this
end, a sliding support was assigned to one edge and uniform normal displacement was applied
along the opposite edge of the models (Figures 5a and 6a). Modelling and non-linear analyses
were completed utilizing ATENA Science finite element software [10], assuming plane stress
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and using triangular elements. A fracture-plastic constitutive material model, called “3D Nonlinear Cementitious 2” [10], along with a fixed crack model and an exponential tractionseparation law were used both for the matrix and the inhomogeneities (stones) with parameters
listed in Table 1. The unit-mortar interfaces were modelled as rigid. The Newton-Raphson
method was used to complete the analyses along with an energy error convergence tolerance of
10−4 .

Figure 3: Overview of multi-scale modelling approach (left). Model type and quantity (right).

Multiple micro-scale models were tested in uniaxial compression and uniaxial tension to
obtain statistical distributions for four main overall properties, namely Young’s modulus (E),
compressive strength (fc), tensile strength (ft), and fracture energy (Gf). For meso-scale models,
only overall stiffness E and strength fc were evaluated through simulated compressive tests. The
overall stiffness was identified from the initial slope of the calculated stress-strain diagrams
(Figure 7). Stresses were determined from the reaction forces divided by the cross-sectional
area and strains were determined from the applied displacements divided by the length of the
specimen. The strengths were determined as the peak attained stresses. The fracture energy was
calculated from the area under the softening part of the stress-displacement curves.
The original morphology (Figure 1) did not contain any portion with only “small stones”
and mortar that was suitably shaped and sized to allow for a sufficiently large square sample
for the micro-scale level virtual testing. Therefore, several separate FE models were built on
the micro-scale level using test-windows placed in randomly generated, statistically equivalent
morphologies, in which only the “small stones” and mortar were represented. These equivalent
morphologies were built by extracting the “small stones” from digitalized images of the sample
wall panels and putting them into equivalent area of mortar, thereby ensuring the true area
fraction, size and aspect ratio of the stone elements were statistically met. From there, the “small
stones” were randomly scattered within the domain utilizing the “SCATTER” function in
AutoCAD. Any overlapping stones were manually moved. Test windows were randomly placed
using the same function. The windows’ size was set to be at least 3 times the size of the largest
stone dimension found within the mortar. Since the stones were randomly placed, the smaller
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test-windows encompass the spatial variation in overall properties. The complete statistically
equivalent morphologies and test windows for the two “small-stone” thresholds can be seen in
Figure 4.

Figure 4: Statistically equivalent morphology and test-windows. Mortar with stones ≤ 0.001 m² (left), mortar
with stones ≤ 0.002 m² (right)

The meso-scale models were constructed directly by FE discretization of the vectorized
images of the sample wall panels, in which only the large stones were represented. For the
meso-scale models, two sets of calculations were done. First, the matrix component was
assigned uniform properties using the mean values obtained from the micro-scale models.
Second, to capture the variability in the homogenized properties of the matrix component
obtained from the micro-scale modelling analysis, random fields generated in FREET/SARA
software package [11] were utilized to define each of the matrix properties (E, fc, ft, and Gf) in
the meso-scale models. No correlation among the properties was assumed. The random fields
were generated using the Latin hypercube sampling method assuming Gaussian distributions
of the variables. The parameters of the distributions were defined by taking the mean and
standard deviation of the values for the homogenized properties found from the micro-scale
modelling analysis. The autocorrelation length, which defines the level of variability of the
properties in space, was set to match the test window size of the micro-scale models studied. In
total, 5 random fields were generated for the matrices of both types of meso-scale model. Due
to time constraints only one meso-scale model was analyzed with random fields.
4

RESULTS

4.1 Micro-scale models
Figures 5 and 6 show the stress-strain diagrams and an example of the damage phenomena
for the simulated uniaxial compression and tension tests on the micro-scale models. To interpret
the failure mode under compression, contour plots for equivalent plastic strain (Figure 5b) and
crack width (Figure 5c) before and after the peak stress were compared. In the fracture-plastic
model, the plastic strain represents inelastic deformation due to compression. If there was a
major jump in crack width without any increase in equivalent plastic strain, then the failure was
categorized as tensile splitting. If the limit value of equivalent plastic strain was reached, then
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compressive failure occurred due to crushing. The deformed shape (Figure 5d) was also
analyzed to help determine if tensile splitting played a major role in failure. For simulated
tensile tests, the micro-scale models were analyzed using contour plots for crack width (Figure
6b).

Figure 5: Stress-strain diagrams for micro-scale models under uniaxial compression test. (a) Microscale model with applied displacement and boundary conditions. (b) Post-peak equivalent plastic strain, (c) crack
width, and (d) deformed shape with cracks after uniaxial compression test.

Figure 6: Stress-strain diagrams for micro-scale models under uniaxial tension test. (a) Micro-scale model with
applied displacement and boundary conditions. (b) Post-peak crack width after uniaxial tension test.

The formation of cracks initiated the non-linear behaviour of the specimen. For the
compressive tests, failure occurred due to compressive crushing, tensile splitting or a
combination of both, depending on the sample morphology. Since the models were unrestricted
along the vertical sides, they contracted in the vertical direction and expanded in the horizontal
direction, which led to the formation of either one or multiple tensile splitting cracks in the
mortar. Some of these cracks propagated through the entire height of the specimen leading to
splitting failure, while others were constrained by the stones. High plastic strains typically
developed in the mortar in the vicinity of the stiffer stones. When these regions spread over
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much of the cross section, the compressive crushing failure occurred. For the tensile tests,
failure was always caused by a fully formed crack within the mortar which developed along the
easiest path around the stones, thus producing a tensile strength of the specimen close to that of
the mortar. High fracture energies correlated to extremely tortuous cracks. Table 2 summarizes
the homogenized properties determined from the completed analyses for both stone size
thresholds.
Table 2: Summary of homogenized values for all micro-scale models
Type of Microscale Model
Mortar with
Stones ≤ 0.001
m²
Mortar with
Stones ≤ 0.002
m²

Results
Mean
St.Dev
COV (%)
Mean
St.Dev
COV (%)

Compressive
Strength, fc (MPa)
1.18
0.08
6.44%
1.15
0.04
3.61%

Tensile Strength,
ft (MPa)
0.091
0.002
2.05%
0.090
0.002
2.54%

Young’s Modulus,
E (MPa)
199.06
23.41
11.76%
208.53
19.79
9.49%

Fracture Energy,
Gf (N/m)
23.90
5.07
21.22%
24.82
2.80
11.26%

The overall mean values for compressive and tensile strength of the microstructures are
lower than those of the plain mortar, with little variability due to different morphologies,
proving the models are heavily dependent on the properties initially set for mortar, since that is
where the failure is concentrated. Furthermore, the irregular topology is shown to create stress
concentrations which reduce the overall compressive strength. The modulus of elasticity and
fracture energy both show increases when compared to those of the mortar, which can be
attributed to the addition of the highly stiff “small stones” into the mortar. The values for
fracture energy increased since the cracks that formed in the mortar were forced to propagate
around the “small stones” instead of going through them. When comparing the results of the
homogenized properties for the micro-scale models incorporating the two stone thresholds, the
differences are very minor.
4.2 Meso-scale models with uniform matrix properties
Figure 7 depicts the stress-strain results of the meso-scale models with uniform matrix
properties. The failure mode was analyzed by observing contour plots for equivalent plastic
strain (Figure 7b) and crack widths (Figure 7c) before and after peak stress was attained as well
as the deformed shape (Figure 7d). The locations of cracks and crack width values were seen
to be relatively similar between the same type of meso-model, but there was a slight increase
in the number of cracks in the models with a matrix including stones less than 0.001 m².
Comparing post-peak equivalent plastic strain, the areas of concentration slightly change, with
the models with a matrix including stones less than 0.002 m² having a few additional areas.
Based on the deformed shaped, it was observed that the models failed due to a combination of
local compressive crushing and tensile splitting within the matrix. In summary, the higher the
proportion of the stones modelled as distinct inhomogeneities and not encompassed within the
matrix component (i.e. the lower is the “small-stone” threshold value), the more cracks formed
due to the increased irregularity in the model topology. Furthermore, a different “small stone”
threshold also led to a change in the distribution of equivalent plastic strain. These results were
typical for all meso-scale models tested. Table 3 summarizes the compressive strength and
stiffness data gained from each of the meso-scale models.
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Figure 7: Stress-strain diagrams for meso-scale models with uniform matrix properties under uniaxial
compression test. (a) Meso-scale model with applied displacement and boundary conditions. (b) Post-peak
equivalent plastic strain, (c) crack width and (d) deformed shape after uniaxial compression test.
Table 3: Compressive strength and Young’s modulus for meso-scale models with uniform matrix properties
Meso-scale Models

Wall Panel 1 Wall Panel 2 Wall Panel 3
Compressive Strength, fc (MPa)

Average

St. Dev

COV (%)

Matrix with Stones ≤ 0.001 m²

0.96

0.97

0.92

0.95

0.019

2.04%

Matrix with Stones ≤ 0.002 m²

0.89

0.93

0.88

0.90

0.017

1.96%

Matrix with Stones ≤ 0.001 m²

1.16

1.17

1.07

1.13

0.045

3.97%

Matrix with Stones ≤ 0.002 m²

0.98

1.18

0.92

1.02

0.111

10.83%

Young’s Modulus, E (GPa)

Overall, the compressive strength and Young’s modulus of models with both “small-stone”
threshold values were relatively close in value with a small variance. By observing the failure
mechanism for each meso-scale model, it can be concluded that the irregularity in the topology
of the wall panels created stress concentrations in the weakest component, in this case being
the matrix, where it failed due to combined local crushing and tensile splitting.
4.3 Meso-scale models utilizing random fields
Utilizing the homogenized property distributions obtained from the micro-scale model
analyses, random fields were generated for the four variables (fc, ft, E, Gf) of the matrix phase
for meso-scale models of wall panel 2 considering both of the “small-stone” thresholds. Cracks
occurred in the same locations for both models regardless of the spatial variability of the matrix
material parameters. This was attributed to the low variability of the matrix strengths fc and ft
(see COV in Table 2) for each random field realization. Furthermore, by comparing contour
plots for the equivalent plastic strain for models with random fields versus models with a
uniform matrix, it is seen that the areas of local crushing are similar. Any additional areas of
local crushing are due to low compressive strengths produced by the random field for the matrix
component in that area. A sample of the generated distributions for compressive strengths for
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the two types of models along with post-peak crack locations are illustrated in Figure 8.
Compressive strengths from the random field analyses are summarized in Table 4.

Figure 8: Random fields for fc and post-peak crack locations. Meso-scale model with distinct stones > 0.001 m²
(left), meso-scale model with distinct stones > 0.002 m² (right)
Table 4: Summary of compressive strength (MPa) for wall panel 2
Model
Model with Uniform Matrix
Model with Random Fields (Avg of 5)
Mean
St. Dev
COV (%)

Matrix Incl. Stones ≤ 0.001 m²
0.97
0.91
0.92
0.03
3.50%

Matrix Incl. Stones ≤ 0.002 m²
0.93
0.88
0.89
0.02
1.98%

Based on the results, by considering spatial variability of the matrix, the overall compressive
strength of the masonry wall panel was reduced by 0.05 MPa for both matrices containing
different thresholds of stone sizes. The spatial variability caused a minor reduction in overall
strength when compared to models with a uniform matrix, which is attributed to introduction
of weaker properties on a local scale generated by the random fields.
4.4 Verification
To verify sanity of the results, simple comparisons for the overall uniaxial compressive strength
were made to literature and other methods for historic masonry structures. First, the Masonry
Quality Index (MQI) method as seen in [12], was used to determine the compressive strength
based on a qualitative assessment of the walls of St. Ann’s Church. Utilizing this method, an
MQI of 1.05 was obtained, which correlates with a uniaxial compressive strength of around 1
MPa. Furthermore, reviewing the Italian code for masonry, the uniaxial compressive strength
of irregular stone masonry is 1-1.8 MPa [13]. These values are comparable to the values attained
from the analyses. Furthermore, the Young’s modulus of 1 GPa attained from the meso-scale
models lines up with the upper limit given in [13]. The minor difference in strength could be
due to the low values that were set for the mortar during the micro-scale modelling analyses.
5

CONCLUSIONS

Based on the multi-scale modelling approach utilized, the uniaxial compressive strength of
the front leaf of the masonry walls of St. Ann’s Church was determined to be 0.9 MPa. The
predicted strength decreased when moving through the respective modelling levels from micro
to macro. This decrease was attributed to the non-uniformity of the topology which caused
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stress concentrations in the weak material at each level, leading to combined failure
mechanisms from both local compressive crushing and tensile splitting. The use of random
fields showed minor decreases in compressive strength, with the location of cracks and failure
mechanisms remaining similar throughout all meso-scale models. In summary, the results of
this study show that the spatial variability of the matrix component can be neglected due to the
small variation in the distributions of the homogenized properties obtained but should be
reconsidered if the variation become larger after analyzing more randomized micro-scale
models. Furthermore, the present modelling approach is shown to produce sound results and
allows for the analysis of masonry in full detail by incorporating the effect of the “small stones”
without having to explicitly model them on a meso-scale level. Nevertheless, a large number of
micro-scale models are required to increase reliability of the statistical distribution, which leads
to a time-consuming process and is therefore not recommended for use in a practical setting.
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Abstract. This paper presents a graphic methodology for the structural analysis of domes and
other surfaces of revolution, based on a combined use of funicular and projective geometry.
By considering a dome as a network of lines of latitude and longitude, the equilibrium of the
network is analyzed in both horizontal and vertical projection. The resulting dual configuration
is also a spatial system that can be considered by its projection in a horizontal and a vertical
plane.
The dome is divided by latitude and longitude into an arbitrary number of sectors, and the
equilibrium is enforced at each node. The tangential forces can be considered for their net
effect at each node; the net effect of two tangential forces, equal in magnitude, at a node is a
radially directed force in the plane of the line of latitude, acting outwards (compression) or
inwards (tension).
Considering their horizontal projection, and its dual form, it is possible to choose the shape of
the radial force diagram (the vertical projection and the force diagram), and identify the radial
forces associated with it, and thus the tangential forces.
The new methodology is presented through its application to a hemispherical brick dome of
small thickness.
The hemispherical brick dome has been also analyzed by applying the slicing technique,
considering different hypotheses regarding the structural behavior of the haunch filling,
according to its morphological characterization.
The structural analysis of the brick dome using both methodologies allows us to contrast the
results obtained.
1

INTRODUCTION

This paper presents a new graphic methodology for the structural analysis of domes and
other surfaces of revolution, based on a combined use of funicular and projective geometry.
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The new methodology is presented through its application to a hemispherical brick dome of
small thickness.
The model used refers to a real dome: the hemispherical brick dome over the transept, in
Basilica of San Juan de Dios in Granada (Spain), (figure1). The constructive analysis of the
dome was laid out by the authors in [1].
The hemispherical brick dome has been also analyzed by applying the slicing technique,
considering different hypotheses regarding the structural behavior of the haunch filling,
according to its morphological characterization.
The structural analysis of the brick dome using both methodologies allows us to contrast the
results obtained.
2 STRUCTURAL ANALYSIS OF DOMES BY EQUILIBRIUM METHODS
The first contribution to the structural analysis of domes corresponds to Bouguer [2], which
solves the theoretical problem of finding the ideal form of a dome, that is, the mathematical
equation of the curve which, by revolution, can generate a stable dome, considering the
hypothesis that there is no friction between the segments.
Frézier 's stereotomy treatise [3] dedicates a full chapter to the thrust of vaults and divides
their study in simple (barrel vaults and lintel vaults) and compound (spherical, ribbed vaults,
cloister corner, etc.). Frézier does not analyze specific examples, but he specifies how this
analysis should be carried out. He considers the vaults composed of elementary arches, and
compares their thrust with the barrel vaults one, which he considers to be known; it is a first
version of what is now known as the slicing technique.
The first studies on the stability of existing domes are carried out in the 1740s, commissioned
by Pope Benedict XIV, on the occasion of the damages observed in the dome of St. Peter of
Rome.
The first study was made by three mathematicians, Le Seur, Jacquier and Boscovich in 1742
[4]. These authors, based on the location of the cracks and the analysis of the movement allowed
by them, considered the formation of mechanisms, and established their equilibrium by
applying the principle of virtual works. This surprisingly modern approach did not receive the
attention it deserved and had no subsequent referrals.
Slicing technique
The second study was conducted by Poleni in 1743 and published in 1748 [5]. Poleni, after
making a critical examination of the theories known to date on the stability of the vaults,
discards the approach of the three mathematicians, and decides to use the slicing technique, by
making a model and considering the theory of the catenary.
The slicing technique consists in considering the dome divided into segments, cutting by
meridian planes. Every two opposite segments form an arc. If it is possible to draw a thrust line
contained in the thickness of the arc, a possible state of equilibrium of the arch in compression
has been found; then the arch is stable, and so is the dome. The brilliant analysis of Poleni
barely had any subsequent consequences until the second half of the 19th century.
In the second half of the 18th century, regarding the debate on the stability of the dome of
Santa Genoveva in Paris, it is noteworthy the theoretical studies carried out by Gauthey [6] and
the experiences on Rondelet models (1802).
In the first half of the 19th century, in the context of l'École Polytechnique, l´École des Ponts
et Chaussées, and the development of the Elasticity Theory, the first rigorous analytical
contributions appeared. In 1826 Navier, in his lesson book of Résistance des Matériaux, [7],
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includes theoretical assumptions for the analysis of domes, groin vaults and cloister vaults.
However, the contributions are always theoretical or limited to the verification of the stability
of a specific dome or vault.
Graphic methods
In the second half of the 19th century the usual methodology to verify the structural stability
of domes was the slicing technique and the manufacture of models with catenaries.
Jean-Victor Poncelet, director engineer of l'École Polytechnique, had published his book
Traité des propriétés projectives des figures [8], in which he developed projective geometry
from the work of Gérard Desargues in the 17th century.
Inspired by the work of Poncelet, Karl Culmann publishes his seminal book Graphic Statics
[9], which meant the appearance of Graphic Static, with enormous influence on the engineers
at the time, Maurice Koechlin, Otto Mohr, and Luigi Cremona.
Incorporating Graphic Static to the slicing technique allows the analysis of any type of vault
and historical construction, however complex it may be. The analysis of almost all the vaults
used in historical architecture can find in [10].
In the early 1900s, graphic methods were widely used to verify previously projected forms
following traditional rules of proportion.
The Spanish architect Antoni Gaudí used the graphic methods, not only to analyze already
defined projects, but to design using balanced catenary forms.
Eddy´s method
Rankine [11] was the first to develop the membrane equations for revolution domes.
In [12] Henry T. Eddy developed a graphical method of analysis to obtain membrane
solutions; it was about graphically determining the horizontal efforts needed for the arc loads
to follow a certain trajectory.
Föppl [13] adapted Eddy's method to masonry domes, considering a membrane behavior for
the middle surface in the upper section, where there are compression efforts along the parallel
rings. When tensions appear (that masonry cannot resist), he considers that loads are transmitted
following the funicular of the vertical loads.
Eddy's method became popular thanks to Dunn's publications [14], [15].
In 1909 Rafael Guastavino Jr. applied Eddy's method to calculate a large brick dome on the
transept of the Cathedral of St. John the Divine, in New York.
These equilibrium methods were considered approximate by the engineers of that time, who
were strongly conditioned by the elastic theory. Although it was possible to analyze an elastic
arc, the elastic analysis of spatial structures was beyond the scope of manual calculation. After
World War II there was the need to analyze the vaults and ruined buildings before their
reconstruction, therefore graphic equilibrium analysis methods were again used; this is the case,
for example, of the vaults of the Cathedral of Xanten and of numerous churches and buildings
rebuilt by Pieper [16].
In the second half of the 20th century, Heyman [17], [18] presented for the first time the
slicing technique and its application in masonry structures, within the theoretical framework of
Limit Analysis.
When considering the dome divided into segments by cuts along meridian planes, the slicing
technique does not consider the influence of parallel forces on the stability of the dome.
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3

BRICK HEMISPHERICAL DOME

This paper presents a new graphic methodology based on combining projective and funicular
geometry, for the quantitative determination of efforts in revolution domes, from equilibrium
considerations of parallel and meridian efforts.
This methodology is presented through its application to a brick thin dome. The stability of
this dome is also assessed with the slicing technique, allowing to contrast the results.
The model considered refers to a real one: the brick dome over the transept in Basilica of
San Juan de Dios in Granada (Spain), (figure1).

Figure 1: The Basilica of San Juan de Dios is regarded as a benchmark in Baroque Spanish Architecture.

The dome of San Juan de Dios’ Basilica was designed and built as an “encamonada dome”,
which refers to the arc-shaped timber structure over the rafters, that gives the dome its final
outer shape. This typology was implemented in accord with the directions of Fray Lorenzo de
San Nicolás’s treatise, [19].
Figure 2 shows the following constructive elements of the dome:
- Brick masonry drum, 11.71 m inner diameter, 1.73 m in thickness and 6.7 m height.
- Inner dome with double brick layer, of 8 cm thickness. The dome is built with brick of 3
cm thickness, the bricks were laid in sailor position (with the bed visible). The dome is bearing
its own weight (1.4 kN/m2).
- Filling of the haunch up to 1/3 of the radius of the dome.
- Supporting elements: in the top of the drum masonry wooden elements are embedded, and
wooden mudsills are superimposed.
- Wooden structure: formed by curved beams (camones) resting on wooden mudsill.
- Planking: 3 cm thick wooden boards nailed on the arches centering, creating a flat surface
for the roof tiles, bracing the “camones” and providing a monolithic structure.
- Bonding mortar coat on the planking.
- White and green glazed ceramic roof tiles, on the mortar layer.
The drum of the lantern is made of brick and rests on the wooden structure. Inside the lantern,
there is a single layer of brick with which the inner curved surface is achieved. The lantern is
surmounted with a spire similarly to the towers. [20].
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The structural analysis of the dome through two methodologies, and the contrast of the
results obtained, is presented in the following sections.
4

STABILITY ANALYSIS BY APPLYING THE SLICING TECHNIQUE

The stability of the inner brick dome is analyzed by applying the slicing technique developed
by Heyman [21] & [22]. The suitability of this methodology to assess the stability of timbrel
domes is discussed in [23] and [24].
To apply the theory of Limit Analysis, the following assumptions of masonry behavior are
made:
• The material does not have tensile strength.
• For practical purposes, the material can be considered to have unlimited compressive
strength.
• Sliding between masonry blocks cannot occur.
If this is the case, the safe theorem establishes that the masonry will be stable if it is possible
to find a line of thrust, in equilibrium with the loads, which is entirely included within the
section of the masonry.
The geometric safety factor is defined by the ratio between the actual thickness and the
minimum thickness of the masonry required to contain the thrust line.
For the current analysis, the dome is divided into fifty spherical spindles (lunes or slices); by
checking the stability of each sector, the stability of the entire dome is guaranteed.
Due to symmetry, only one half of each sector is considered. Each sector is considered
divided into 19 voussoirs; the weight of the inner brick lantern is added.
The stability of the dome without filling has been analyzed, as well as the stability of the
dome with external filling up to a third of the height, as recommended in Fray Lorenzo's treatise.
In [25] the structural behavior of the filling of the vaults is discussed, according to its
morphological characterization, distinguishing between rigid filling cemented, solid granular
filling, loose granular filling, lightened filling and filling formed by construction rubble.
In this paper, three hypotheses of backfill structural behavior are considered (figure 3):
Hypothesis 1: The filling is made of loose granular material. It has no structural behavior
and is considered a dead load on the dome. This hypothesis is modelled by incorporating
weights of the filling volumes into the force system, without increasing the section.
Hypothesis 2: The filling is of firm granular material and therefore has a structural function.
This hypothesis is modelled by increasing thickness of voussoirs located in the lower third of
the height.
Hypothesis 3: The filling is rigidly cemented, preventing the movement of the voussoirs.
This hypothesis has been analyzed considering the dome as a shallow dome.
In all cases the weight of the inner brick coating of the lantern was also considered. Thus,
four different structural situations have been considered. Each one has been analyzed, by
considering different positions of the thrust in the keystone and the reaction in the springer; for
each position, the line of thrust has been graphically determined to find a geometry of the line
of thrust, in equilibrium with the loads, that is entirely within in the masonry section.
Figure 4 shows the graphical constructions of the thrust line for the hypotheses 2 and 3,
considering the weight of the inner brick coating of the lantern.
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Figure 2. Three-dimensional model of the dome shows how the inner brick coating of the lantern is attached to
the brick dome.

Only in hypotheses 2 and 3 and considering the weight of the inner brick coating of the
lantern, have resulted a geometry of the thrust line in equilibrium with the loads that is also
within the section of the dome masonry. This highlights the importance in the stability of the
timbrel dome, of the filling up to one third of the height, as recommended by Fray Lorenzo de
San Nicolás.
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Figure 3. Four hypotheses of structural behavior of filling in the extrados of the dome, have been considered. From
left to right; (a) without filling; (b) filling of loose granular material, without structural behavior; (c) filling of firm
granular material, with structural function; (d) cemented rigid filling acting as embedment considered as a shallow
dome.

Figure 4. The figure on the left shows’ hypothesis 2: filling of firm granular material with structural function.
Considering the weight of the lantern, and the horizontal thrust in the keystone located at the top point of the
section, and the reaction in the springer 9/10 on the outside of the impost, the position of the line of thrust contained
inside the section of the masonry with a geometric safety factor equal to 1.09, a maximum value of compression
effort of 13.5 kN is obtained. The figure on the right shows’ hypothesis 3: cemented rigid filling, preventing the
movement of the masonry. It is considered a shallow dome. Considering the horizontal thrust in the keystone at
the 4/5 top point of the section and the reaction in the springer at 5/6 outside the impost, the thrust line located
inside the masonry is determined, with a geometric safety factor equal to 1.28; a maximum value of compression
effort of 4.8 kN is obtained.

5. GRAPHIC METHODOLOGIES BASED ON FUNICULAR AND PROJECTIVE
GEOMETRY.
In this section, a new method is developed for the graphical analysis of domes and other
surfaces of revolution, based in Thrust-Network Analysis presented in [26], incorporating other
notions from projective geometry to make a more comprehensive method for the analysis of
certain classes of structure.
In [26], the forces in a spatial network are solved by the graphical analysis of their horizontal
projection: equilibrium of the spatial system is preserved in the plane system. The forces are
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analyzed within a dual system in which the forces in equilibrium at each joint are represented
by a closed polygon.
In the following, the dome is considered as a network of lines of latitude and longitude; the
equilibrium of this network is analyzed in both horizontal and vertical projection. The resulting
dual configuration is also a spatial system that can be considered by its projection in a horizontal
and a vertical plane. This procedure not only allows the solution of the forces in a system for a
given configuration, but also allows an inverse solution of the internal forces that result in a
given shape.
The dome is divided by latitude and longitude into an arbitrary number of sectors [figure 5].
Equilibrium can be enforced at each node, that is, at each intersection of latitude and longitude
lines. In keeping with [27], [14], [15] and [12], it is noted that the tangential forces can be
considered for their net effect at each node: the net effect of two tangential forces, equal in
magnitude, at a node is a radially directed force in the plane of the line of latitude: acting
outwards (tangential compression) or inwards (tangential tension).

Figure 5. The dome is divided by latitude and longitude into an arbitrary number of sectors (left).
Simplified model of the dome: considering the center of gravity and weight of each sector (right).

The lines of longitude and latitude project in a plane through the equator to form a network
of forces, as in [26]. These plane forces can be considered in their dual form, which is a similar
figure (force polygon) with all of the characteristics reversed: tangential lines on the primal
figure are represented by their net radial force in the dual figure, while the radial forces in the
primal figure appear as tangential lines in the dual figure. The forces at the exterior of the dome
in the primal figure are represented by the center point of the interior of the dual figure, while
the forces at the apex of the dome are represented by the lines on perimeter of the dual figure.
Figure 5 represents a simplified model of the dome. The longitude and latitude lines
represent the network of discretized membrane forces, in horizontal and vertical projection
(figure 6). The spaces between these funicular lines are numbered using Bow’s notation; [28].
Figure 7 shows the forces associated with these lines. Each node in the primal system is
represented by a quadrilateral of forces in the dual force diagram. Although, sector by sector,
the horizontally projected force diagram resembles the funicular diagram, they are different. It
is particularly noteworthy that the location distance of the radial forces (represented as
tangential lines) from the pole on the dual figure is arbitrary, indicating the high degree of
statical indeterminacy of the dome under analysis. On the horizontal projection of the force
diagram, on the dual figure, a statically admissible solution can be constructed with practically
any position of the ring of radial forces; inward or outward movement of this ring signifies
increased or decreased tangential forces.
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Figure 6. Left: simplified model of the dome, plan, and elevation; in the plan, the tangential forces of tension
and compression are also represented. Right: the necessary horizontal increments, in order to, the dome
geometry be fit to an antifunicular polygon of the forces system are determined.

On the other hand, by an inverse procedure, as shown in Figures 6 and 7, it is possible to
choose the shape of the radial force diagram (the vertical projection of the force diagram), and
identify the radial forces associated with it, and thus the tangential forces. This is illustrated in
figure 6, where the meridional forces in the dome are shown. The horizontal components of
these forces at each node are related to the tangential force components. The angles of the polar
rays are chosen so that this polygon matches the shape of the dome exactly. The horizontal
forces in the meridional section and hence the tangential forces at each level in the dome are
chosen to maintain the proper angles in the funicular polygon. As shown, there is a multiplicity
of possible solutions that give exactly this force distribution.
The equilibrium in the vertical plane is assured, by fitting the forces' polygon to the polar
rays, so then the dome geometry is an antifunicular of the forces system. The equilibrium of
nodal efforts in the horizontal plane is assured by taking the values of the transversal forces
from the dual figure.
The result is the construction of a funicular polygon that follows the shape of the dome
exactly.
The values obtained by applying of the graphic methodology proposed, measured in Figure
7, are the following:
• maximum value of tension parallel force (fig.7, F1e1 = F2e2): 7.36 kN (0.09 N/mm2).
• maximum value of compression parallel force: (fig.7, F1viiI = F2viiI): 11.89 kN (0.22
N/mm2).
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•

maximum value of meridian force (fig. 6 right): 17.12 kN (0.09 N/mm2)

In [29] it is considered usual values of brick strength: compressive strength: 15 N/mm2;
tension strength: 1 N/mm2. In [30] it is exposed that Van der Pluijm [31] used tensile strength
values of the masonry unit ranging from 1.5 to 3.5 N/mm2. Therefore, the values obtained are
acceptable for the material.

Figure 7. Dual figure: from calculated values of increments, the values of tangential forces in the dome are
determined.

6. CONCLUSIONS
This paper presents a new graphic methodology for the structural analysis of domes and
other surfaces of revolution, based on combining funicular and projective geometry. It is a new
methodology, still in the early stages of its development.
This methodology is presented through its application to a brick dome thin. The stability of
this dome is also assessed with the slicing technique, allowing to contrast the results.
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The application of the slicing technique, in the frame of limit analysis theorems is a wellknown and contrasted technique for the stability analysis of domes, which does not consider
the tangential forces. In this work, the results of this analysis highlight the importance in the
stability of the timbrel dome of the filling up to one third of the height, as recommended by
Fray Lorenzo de San Nicolás.
This new graphic methodology takes into account the tangential forces to determine
equilibrium forces solutions in the dome. This equilibrium solution represents one admissible
stress state for the dome and leads us to belief that the backfilling of the intrados could be
unnecessary.
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Abstract. This paper presents the results of a study of the structural assessment of the seismic
behavior of the main dome of the Taj Mahal, in Agra, India. Built by the Moghul emperor Shah
Jahan between 1632 – 1648 AD, the structure is one of most famous buildings in the world and
the finest and most sophisticated symbol of Moghul architecture in India. As it is located in a
zone of moderate seismicity, there is an urgent need for ensuring the structural safety and
preservation of this iconic cultural heritage for future generations. The objective of this study
is to develop a simplified approach to enhance our conceptual understanding of the mechanism
of load path/transfer in the dome of the Taj Mahal under both gravity and seismic loads, as
well as to better understand the influence of the geometry of the dome on its structural behavior.
Using the software SAP2000, a finite element model of the dome is created and analyzed under
the action of gravity and seismic loads, with the seismic loading assumed to have a PGA of
0.25g based on the results of a study conducted by the Indian National Disaster Management
Authority. The results obtained include plots of the distribution of nodal reactions at selected
levels to represent the lateral load behavior of the dome of the Taj, as well as plots illustrating
the paths of load transfer under the action of gravity and seismic loads. Free body diagrams of
selected rings are also presented to illustrate the ‘hoop’ forces in the dome, while simplified
internal stresses are computed and compared with known material properties. Observations
are also presented about the effect of the dome geometry, especially the bulging part of the
dome, on the distribution of reactions and the resulting mechanism of load transfer in the
structure under both gravity and seismic loading.
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1

INTRODUCTION

World cultural heritage has found rich and creative expression in beautiful and expansive
works of domed architecture such as the Pantheon in Rome, built by Emperor Hadrian between
120-124 AD, the Hagia Sophia in Istanbul, Turkey built in 6th century AD and the Taj Mahal
in Agra, India built by the Emperor Shah Jahan between 1632-1648 AD. The survival of these
structures to this day inspires the fundamental curiosity - how did the ancient builders build
such structures with the materials (e.g. stone or brick, and mortar) and knowledge available to
them at that time? A lot can be learned from their wisdom, specifically through their
understanding of materials, geometry of structural forms, structural stability, and the techniques
of construction.

Figure 1: (a) The Taj Mahal in Agra, (b) Humayun’s tomb in Delhi and (c) Itmad-Ud-Daulah’s tomb in Delhi
(CC BY-SA 4.0)

While structures such as the Pantheon and the Hagia Sophia have been the subject of intense
curiosity and have received considerable attention and study over the years, the Taj Mahal, on
the other hand, has not received the adequate attention and study it deserves. Most studies
conducted on the Taj to-date have focused predominantly on architectural, visual, and spatial
aspects of the structure as well as on the Moghul gardens that surround it [1-4], while limited
studies have been carried out from a structural engineering perspective [5,6,8,9]. In particular,
the large, unique onion-shaped dome of the structure invites curiosity and merits further
investigation.
This study aims to investigate the behavior of the main dome of the Taj Mahal under gravity
and seismic loads in order to enhance our conceptual understanding of the load paths and
mechanism of load transfer in the structure; and to better understand the influence of the
geometry of the dome on its structural behavior under gravity as well as seismic loads.
In order to do this, the background and construction history of the Taj Mahal are first studied
and available drawings, material information and results of previous structural investigations
are examined.
Based on these studies, the dome geometry is established, which is subsequently used to
generate a finite element (FE) model in SAP2000 [7]. In the first instance, a relatively simple
FE model is generated by dividing the dome into a series of circular rings, which are then
divided into sixteen radial segments (lunes). This FE model is then analyzed under the action
of gravity and seismic loads, with the seismic loading corresponding to the maximum expected
PGA on site. The results of this model provide insight into the distribution of forces/reactions
in the dome under the action of gravity and seismic loads.
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A second more refined FE model of the Taj Mahal dome was then developed in order to
investigate the distribution of meridional and hoop stresses in the dome (both over the height
and across the dome thickness), under the same loading conditions. The resulting stresses are
compared to those reported by previous structural investigations of the Taj Mahal dome [5,6]
as well to the material properties of the structure.
2

BACKGROUND

2.1 Design and construction history
The Taj Mahal, considered as one of the most accomplished examples of Moghul
architecture in India, was built between 1632 – 1648 AD by the Moghul emperor Shah Jahan
in memory of his wife Mumtaz Mahal, who died while giving birth to their fourteenth child.
While designing the structure, Shah Jahan drew inspiration from both traditional Persian
architecture as well as classic Mughal architecture as exemplified by structures such as
Humayun’s tomb and Itmad-Ud-Daulah’s tomb (Figures 1b and c). In fact, according to [1],
‘Taj Mahal was the logical conclusion and synthesis of several strands that already existed in
Moghul architecture’. Various designs were submitted to Shah Jahan and modified according
to his own suggestions, and while the identity of the architect of the final structure is heavily
debated, it is widely accepted that the principal designer was Ustad Ahmad Lahauri of Lahore.
Lahauri, who was a Persian, and said to be heavily involved in the construction of the structure,
which was such a colossal venture that it required a whole team of architects, as well as masons,
stonecutters, inlayers, carvers, painters, calligraphers, dome builders and other artisans
requisitioned from the whole Moghul empire, central Asia and Iran. In fact, it took seventeen
years for construction of the entire monumental complex to be completed.
2.2 Plan and configuration
The Taj Mahal has often been described as the embodiment of architectural perfection [4].
It is well recognized that geometry played an everlasting role in its architecture, and the plan
layout and configuration of the Taj Mahal has been studied and analyzed extensively by many
scholars over the years [1-5].
The tomb, which is the central focus of the entire Taj Mahal complex, is a large white
marble-clad structure which stands on a square plinth and consists of a symmetrical building
with an iwan (an arch shaped doorway) topped by a large dome and a finial. The base structure
is a large multi-chambered cube with chamfered corners forming an unequal octagon that is
approximately 54.9 m on each of the four sides. This irregular octagonal plan is a variation of
hasht bihisht (‘eight paradises’) plan, which typically comprises a central chamber surrounded
by four chambers at the diagonals and four open fore-halls on the perpendicular axes as
illustrated by Figure 2a.
The base structure is surmounted by an inner dome and a cylindrical drum, which in turn is
topped by the monumental bulbous dome. While the inner dome keeps the height of the interior
space in proportion, the large outer dome helps the structure stand out visually. An elevation
drawing illustrating this structural system can be found in Figure 2b [6].
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Figure 2: Taj Mahal (a) floor plan and (b) section (source ref. [2])

2.3 Materials used for construction
The materials used for construction of the Taj Mahal were sourced from all over India and
Asia, and have been systematically investigated in detail and documented in [3,5,6]. The walls
in the complex, many of which are several feet thick, were constructed of bricks with rubble
inner cores and façades of either marble or sandstone fastened with iron dowels and clamps.
The bricks typically measured 17.8-19.0 x 10.9-12.7 x 1.9-3.0 cm and were combined with lime
mortar, while the façade slabs had a thickness of about 15.24 cm. The bricks were fired in local
kilns, and the sandstone came from quarries 45 km away near Fatehpur Sikri. The white marble
was brought all the way from quarries belonging to Raja Jai Singh in Makrana, Rajasthan,
located 402 km away. The interior surface of the dome is finished with polished plaster, made
with a combination of burnt lime, ground shells, marble dust, gum, sugar and egg whites, and
applied in sequential step process.
2.4 Previous structural investigations
The first known structural investigation of the Taj Mahal, including a thorough examination
of the sub-soil conditions and the foundation system, was carried out by Dayalan [5]. The
dimensions of the structure were established using precise measurements and detailed drawings
made available by the Archaeological Survey of India. Based on these dimensions, the weight
of the dome was estimated to be 119,600 kN and the weight of the supporting drum to be 59,800
kN. Dayalan’s structural analysis consisted of dividing the dome (up to a height of 22.9 m) into
30 equal sections, constructing a diagram of forces acting at the center of gravity of each of the
sections, based on which the stresses were determined. From this analysis, the maximum
compressive stress at the base of the dome was determined to be 383.07 kPa, while a maximum
compressive stress of 574.54 kPa was recorded at the base of the supporting drum. According
to [5] the walls of the cenotaph chamber that carry the weight of the drum and dome are very
heavily loaded resulting in a stress level in the cenotaph walls of 766.01 kPa which is almost
twice the safe stress limit level for present day bricks with lime mortar. In fact, the signs of
crushing detected in the cenotaph chamber are most likely due to the squeezing of mortar
(which had likely deteriorated over time) under the action of these superimposed loads.
A more detailed structural analysis of the dome of the Taj under gravity loading was
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conducted using finite element modelling in Abaqus FEA [6]. From this analysis it was found
that the maximum stresses experienced by the dome in both the hoop and meridional directions
were less than the strengths of the brick and mortar, with the over-dimensioning of the structure
effectively resulting in a safety factor of 5 for the dome [6]. This compares reasonably well
with analyses conducted on the complete Taj Mahal structure using 3D finite element modelling
in SESAM, which yielded a safety factor between 4 and 8 for the monument under vertical
loading [9].
Studies concerning the seismic analysis and safety of the Taj Mahal have also been
conducted at the University of Roorkee, however these make use of relatively simplified models
such as the lumped mass and spring model [8].
3

TAJ MAHAL DOME – DIMENSIONS AND GEOMETRY

In order to determine the dimensions of the dome of the Taj Mahal needed to build the
computational model for structural analysis, Mehrotra and Glisic [6] established one known
reference dimension namely the external dimension of the drum as documented by Dayalan [5].
Using this as a reference dimension, all other defining dimensions were determined relative to
this reference dimension. Figure 3a presents the major dimensions of the dome as presented by
Mehrotra and Glisic [6]. The dome has a constant thickness of 4 meters, from its base to a height
of 15.5 meters above it. Dome thickness varies in the conical portion of the structure (i.e. the
top 8 meters of the dome), starting with a thickness of 4.3 meters at the lower end, which
increases to 4.8 meters near the top as shown in Figure 3a.

Figure 3: (a) Dome section showing ring dimensions and geometry and (b) Structural System - Taj Mahal

4

STRUCTURAL SYSTEM

The Moghul designers and engineers had developed an innovative structural system for the
Taj Mahal consisting of the outer dome supported on a drum, seated on eight massive columns
with arches spanning between these columns, as illustrated by Figure 3b (reproduced from [6]).
As reported in [5], it is likely that the Taj’s outer dome with its bulbous geometrical form must
experience a certain amount of tension in the lower part of its structure. In the absence of
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reinforcing techniques like outer metal bands during that period, the architects and master
builders of the Moghul era managed to creatively achieve stability of the dome by using good
quality bricks and mortar, and by gradually increasing the dome thickness [5].
As reported by Dayalan [5] and Viladkar et. al [9], this entire structure rests on a raft/mat
33.5 m thick, which rests on a thick sandy layer 9.1m in depth, overlaying a 63.6 m thick clayey
strata, founded on rock.
5

STRUCTURAL ANALYSIS

Dayalan’s simplified structural analysis of the Taj Mahal [5] as well as the more detailed
structural analysis as carried out by Mehrotra and Glisic [6] only considered gravity loads in
the analyses. In this paper, a detailed structural analysis of the Taj Mahal dome has been carried
out under the action of both gravity and seismic loads. Ideally it would be desirable to carry out
a comprehensive structural analysis of the entire structure, incorporating the entire structural
system e.g. the outer dome, inner shallow dome, the drum, and the arched cenotaph and its raft
foundation. However, this proved to be infeasible due to modelling complexities and
computational constraints, resulting in only the main dome of the structure being considered in
this phase of the study.
5.1 Finite Element Analysis – Part I
The objective of the first part of the detailed structural analysis was to investigate the transfer
of forces/reactions in the Taj Mahal dome structure. Based on the geometry of the dome
presented in Figure 3a, a simple 3D finite element (FE) model of the Taj Mahal dome was first
developed using shell elements in the SAP2000. The dome was divided into seventeen rings
over its height, which in turn are divided into sixteen radial segments (lunes), resulting in a total
of 272 shell elements in the model (17 vertical x 16 radial = 272). Boundary conditions were
assumed to be pinned at the base. A 3D view of this model is presented in Figure 4.

Figure 4: 3D FEA model of the Taj Mahal dome

The material properties adopted for this model are listed in Table 1. Note that the analyses
conducted here assume an isotropic material model, which is not the case in reality. However
the limited information regarding exactly how the bricks are arranged within the dome (i.e.
concentrically/radially/combination of the two), made it challenging to define anisotropic
material properties for the model. Thus these effects were neglected in the adopted modelling
approach.
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Table 1: Material properties assumed for the FE model

Parameter
Density
Modulus of elasticity
Poisson’s ratio
Unit compressive strength [11]
Unit tensile strength [11]
Bond tensile strength [12]

Value
20.59 kN/m3
3447.4 MPa
0.2
2430 kPa
300 kPa
170 kPa

The following three load cases are considered for analysis:
1. Dead load (self-weight only) = 101,705.83 kN
2. Seismic load = 0.25g, as obtained from the results of a study conducted by the Indian
National Disaster Management Authority [10]
3. Combined load = Dead + Seismic
and the forces/reactions are studied at four different levels of interest as listed in Table 2 and
indicated in Figure 3a.
Table 2: Dome dimensions at the specified levels of interest

Level
4
3
2
1

Height above Base (m)
0.00
5.04
10.08
15.13

Diameter (m)
12.90
13.91
12.90
9.19

Dome Thickness (m)
4.0
4.0
4.0
4.3

Figure 5 presents the distribution of reactions under each of these different load cases. A
comparison of the distribution of reactions under the dead load only in the XY plane (Figures
5b and c) illustrates that the forces appear to be pushing outward at the bulging part of the dome
(Level 3, Figure 5c) and inward at the base (Level 4, Figure 5b).
A study of dome reactions under seismic loading at the base indicate that the reactions in the
direction of the earthquake are maximum at the edges of the dome, and are minimum at the
center of the dome in the line of the earthquake. Reactions in a direction normal to the
earthquake show bulging in the left half of the dome; and contraction in the right half (Figure
5e). A study of the dome reactions under seismic loading at the bulge (Level 3) indicate that
the reactions in the direction of the earthquake are more uniform on both the right and left side
of the dome; and that the reactions in the direction normal to the earthquake show lesser bulging
and contracting at this level (Figure 5d).
5.2 Finite Element Analysis – Part II
A more refined FEA model was also developed in SAP 2000 using eight node solid elements
for investigating the stresses at different levels, and across the thickness of the dome.

2336

S. Rihal, W. Koh, A. Mehrotra, J. Edmisten

Figure 5: (a) distribution of vertical reactions – dead + seismic; (b) Level 3 (bulge) – XY reactions - dead load kN; (c) Level 4 (base) – XY reactions - dead load - kN; (d) Level 3 (bulge) – XY reactions - seismic load - kN
(e) Level 4 (base) – XY reactions - seismic load – kN
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As in the case of the FE shell model, the boundary conditions were modelled as pinned
(UX=UY=UZ=0), while the dome was divided into a series of rings over its height, which are
then divided into one hundred and twenty radial segments (lunes). The dome was further
discretized using solid elements, by dividing the dome thickness into four segments throughout
the dome geometry up to 19.5 m above the base of the dome. Above the 19.5 m level, 4 m high
solid cone shape elements were generated. The resulting FE model comprises 17644 solid
elements, with 23050 joints (Table 3). Note that the material properties and load cases adopted
for this model are the same as for the simplified model with the shell elements.
Table 3: Dome dimensions as they relate to SAP 2000 software

Level
4
3
2
1

No. of segments through
dome thickness
4
4
4
-

No. of vertical
divisions
8
8
8
-

No. of radial
divisions
120
120
120
120
Total

No. of 3D solid
elements
3840
3840
3840
6124
17644

Plots of the maximum and minimum principal stress distributions obtained using this model
can be found in Figure 6. Under dead load only, the maximum principal stress can be assumed
to correspond to the hoop stress, while the minimum principal stress can be assumed to
correspond to the meridional stress. It will thus be referred to as such in order to facilitate
comparison with the results of other studies.
In general, the study of the hoop stress distributions in the dome of the Taj Mahal under dead
load only (Figures 6a) indicates that:
• At level 3 (bulging part of the dome) there is hoop tension which is higher on the outside
and lower on the inside of the dome
• At level 4 (at the base of the dome) there is hoop compression on the outer surface of
the dome and lower compression on the inside surface of the dome indicating that there
is rotation and bulging out even at the base of the dome
A comparison of the maximum hoop and meridional stresses obtained from this structural
analysis, with those obtained by Dayalan [5] and Mehrotra & Glisic [6] are presented in Table
4. As Table 4 indicates, under the influence of the dead load only, maximum hoop tensile stress
occurs at the outer surface of Level 3 (bulge), with a value of 70.8 kPa. This lies between the
maximum hoop tensile stress values reported by Dayalan [5] and Mehrotra & Glisic [6], and is
found to be within the safe limits of the 300 kPa tensile strength of brick [11] as well as the 170
kPa tensile bond strength of the brick-mortar interface (perpendicular to the joints, as this is the
limiting case) [12]. At the base (Level 4) the hoop stress reverses to compression and varies
from -202.0 kPa at the outer dome surface to -39.3 kPa at the inner dome surface, with an
average value of -120.6 kPa which is larger than the maximum hoop stresses values reported
by Dayalan [5] and Mehrotra & Glisic [6], but still within the safe limits of brick’s compressive
strength of 2430 kPa [11].
Similarly, a comparison of the meridional stresses under the dead load (Figure 6c) indicates
that as in [5,6] the maximum meridional stress is recorded at the outer surface of Level 4 (base)
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with a maximum value of -833.4 kPa (compression), which reduces to -168.6 kPa at the inner
surface of the dome, resulting in average value of -501.0 kPa which is within the range of the
values reported by Dayalan [5] and Mehrotra & Glisic [6] and well within the safe limit of
brick’s compressive strength.

Figure 6: (a) Maximum principal stress - dead load (kPa) (b) maximum principal stress - combined dead + seismic
load (kPa) (c) minimum principal stress – dead load (kPa) (d) minimum principal stress – combined dead + seismic
load (kPa)
Table 4: Comparison of maximum hoop and meridional stresses obtained under dead load only with those
obtained by Dayalan [5] and Mehrotra & Glisic [6]

Level
4
3
2
1

Max Hoop Stress (kPa)
Mehrotra
Dayalan
Outer
& Glisic
-65.0
-110.0
-202.0
266.0
40.0
70.8
-123.0
-65.0
60.4
-66.9

Inner
-39.3
44.8
51.9
-55.5
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Max Meridional Stress (kPa)
Mehrotra
Dayalan
Outer
Inner
& Glisic
-565.0
-478.7
-833.4
-168.6
-339.0
-75.0
-152.7
-410.3
-158.0
-107.6
-94.5
-244.0
-151.1
-105.5
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Under the influence of the combined dead and seismic loads, the maximum principal stresses
are generally found to be higher on the east side of the dome, and lower on the west side, with
the outer surface once again recording larger stresses than the inner surface (Figure 6b). The
maximum principal tensile stress is found to migrate from Level 3 (bulge) to Level 2, with a
maximum value of 139.8 kPa recorded on the outer surface of the east side of the dome (Table
5). Note that this tensile stress is once again within the limiting tension capacity of both the
brick material and the brick-mortar interface.
Similarly, the minimum principal stresses under combined loading (Figure 6d) are generally
found to be higher on the east side of the dome and lower on the west side. However, in this
case the inner surface tends to record larger stresses than the outer surface (Table 6), with the
exception of the base (Level 4) where a compressive stress of -1402 kPa is recorded on the
outer surface of the dome. Note that this compressive stress is once again within the 2430 kPa
compressive strength of brick. Furthermore, a tensile stress of 170.4 kPa is also recorded on the
inner surface of the dome. While this is still less than the tensile strength of the brick unit, it is
equal to the 170 kPa tensile strength of the brick-mortar interface, which could result in some
cracking of the structure at its base.
Table 5: Maximum principal stress (kPa) under combined dead and seismic load

Level
4
3
2
1

West Side
Outer
Inner
-65.3
-61.2
43.0
26.2
-31.0
-17.1
-133.3
-102.8

East Side
Outer
Inner
-338.9
28.2
101.7
67.0
139.8
108.1
35.8
22.1

Table 6: Minimum principal stress (kPa) under combined dead and seismic load

Level
4
3
2
1

6

West Side
Outer
Inner
-266.1
-268.9
-106.7
-321.0
-94.5
-149.4
-162.5
-75.6

East Side
Outer
Inner
-1402.0
170.4
-199.6
-500.6
-95.2
-338.8
-151.9
-136.2

CONCLUSIONS

In this paper the results of a seismic analysis of the dome of the Taj Mahal are presented.
Results include the mechanism of load transfer, and stress distributions in the dome under
gravity and seismic loads. Under the influence of gravity alone (dead load), both the maximum
hoop and meridional stresses recorded in the dome are found to be well within the tensile and
compressive strengths of brick (safety factors of 4.2 and 2.9 respectively) as well as the tensile
bond strength of the masonry (safety factor of 2.4), and compare reasonably well with the
results of similar analyses conducted in the literature.
Similarly, under the influence of the combined gravity and seismic loads, the maximum
principal tensile stress (139.8 kPa at level 2 at outer surface on the east side) was again found
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to be within the limiting tensile capacity of both the brick material and brick-mortar interface,
but with the safety factors now reducing to 2.1 and 1.2 respectively. Additionally, the maximum
principal tensile stress was found to migrate from level 3 (bulge) to level 2 due to the dome
geometry.
Furthermore, under the combined load case, the minimum (maximum magnitude) principal
compressive stress (-1402 kPa at level 4 at outer surface on east side) was also found to be less
than the compressive strength of the material, but with the safety factor now reducing to 1.7.
Additionally, a tensile stress of 170.4 kPa was also recorded on the inner surface of the dome.
While this is still less than the limiting tensile capacity of the brick unit, it is however equal to
the strength of the brick-mortar interface, which could result in some cracking of the structure
at its base. It is proposed to further investigate this potential cracking behavior in the next phase,
while also examining the effect of the supporting substructure on the dynamic (seismic)
response of the dome.
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Abstract. Masonry vaults have a great diffusion in the historical architectural heritage:
in this work, their structural behavior is investigated. Attention is focused on lowered sail
vaults composed by several brick arrangements, a typical nineteenth-century masonry vault
which have great diffusion in Cagliari (Sardinia). The target is evaluating the role played
by bricks arrangement in their mechanical behavior. A series of rigorous laser scanner
surveys have been performed in order to obtain the effective geometry both at macro-level –
the vault shape – and at micro-level – brick patterns. A NURBS (Non-Uniform Rational BSpline) representation of the geometry is adopted and adaptive upper bound limit
analyses are performed. NURBS entities, which are common in commercial CAD packages,
have the great advantage to describe complex geometries such as curved elements, with very
few elements. An upper bound limit analysis formulation is adopted, in which the NURBS
elements forming the mesh are idealized as rigid bodies with dissipation allowed only along
interfaces. The mesh constituted by few NURBS elements is progressively adjusted through
a genetic algorithm in order to minimize the live load multiplier. Limit analysis is performed
initially to determine the collapse multiplier of vertical loads, to assess the load bearing
capacity of the vault, then attention is focused on differential settlements, that may be a
serious hazard for this structural typology.
1

INTRODUCTION

Masonry is an ancient structural material and it constitutes most of the historical architectural
heritage. It is a composite and heterogeneous material obtained by the assemblage of natural or
artificial blocks by means of mortar layers or dry joints. Its internal structure reflects in a
complex mechanical behavior, whose understanding represents a challenging research field.
During last decades several numerical approaches have been developed: a significant
classification can be found in [1].
In this work, attention is pointed
out on masonry vaults, that have a wide diffusion in
.
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historical buildings. Their structural behavior has been studied for a long time [2,3], but even
if a great number of numerical applications has been developed [4], their mechanical behavior
is still not fully understood.
Among the different methods that may be found in literature, Limit Analysis is particularly
fit to study the collapse behavior of masonry structure [5,6,7]. It is a very effective method for
a fast and reliable evaluation of the structural safety of masonry vaults, whose equilibrium is
guaranteed when the thrust surface is entirely enclosed within the vault thickness [8]. In
literature, both classic upper bound [9,10,11,12] and lower bound theorems [13,14,15] have
been applied to study equilibrium and to evaluate failure mechanisms.
Being the behavior of masonry vaults intimately related to their shape, an exact geometric
representation is essential in the evaluation of their load-bearing capacity [16,17]. With this
aim, geometric reconstructions obtained from point cloud data derived by photogrammetry
and/or terrestrial laser scanner may be very useful [18] to provide information both on metrics
and on the health status, highlighting cracking and deviation from vertical or horizontal
directions [19,20] or from ideal shape, assessed through comparison with parametric [21] or
non-parametric models [22].
Here, attention is focused on masonry lowered sail vaults built around the middle of the 19th
century with different brick patterns (Figure 1(a)). These vaults have a great diffusion in South
Sardinia, and particularly in Cagliari area, but only few studies about them have been carried
out, up to now [23]. A series of rigorous laser scanner surveys have been performed on these
vaults, in order to obtain the effective geometry both at macro-level, the vault shape, and at
micro-level, the brick patterns. A picture of the obtained geometrical outline is reported in
(Figure 1(b)).
A NURBS-based upper bound limit analysis approach is adopted to study their collapse
behavior under vertical loads and subjected to differential vertical settlements. A preliminary
example of the proposed procedure is given by Grillanda et al. [24].

(a)

(b)

Figure 1. A typical lowered sail vault in Cagliari (a); geometry obtained by laser scanner survey (b).
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2 METHOD: ADAPTIVE NURBS KINEMATIC APPROACH FOR LIMIT
ANALYSIS AND STUDY OF SETTLEMENTS ON MASONRY VAULT
For the geometric representation of masonry vaults, the NURBS geometry is one of the more
suited modeling techniques. NURBS surfaces (Non-Uniform Rational B-Spline, [25]) are
parametric surfaces built from a three-dimensional net of control points and rational B-spline
basis functions (the so-called NURBS basis functions). A NURBS surface is defined as follow:
𝑛𝑛𝑛𝑛

𝑚𝑚𝑚𝑚

𝐒𝐒𝐒𝐒(𝑢𝑢𝑢𝑢, 𝑣𝑣𝑣𝑣) = � � 𝑅𝑅𝑅𝑅𝑖𝑖𝑖𝑖,𝑗𝑗𝑗𝑗 (𝑢𝑢𝑢𝑢, 𝑣𝑣𝑣𝑣)𝐁𝐁𝐁𝐁𝑖𝑖𝑖𝑖,𝑗𝑗𝑗𝑗

(1)

𝑖𝑖𝑖𝑖=0 𝑗𝑗𝑗𝑗=0

in which: u,v are coordinates in the standard parametric domain; 𝐁𝐁𝐁𝐁𝑖𝑖𝑖𝑖,𝑗𝑗𝑗𝑗 is a bidirectional net of
control points; n,m are the numbers of basis functions respectively along the u- and v-direction;
Ri,j are the NURBS basis functions, which are written as follows:
𝑅𝑅𝑅𝑅𝑖𝑖𝑖𝑖,𝑝𝑝𝑝𝑝 (𝜉𝜉𝜉𝜉) =

𝑁𝑁𝑁𝑁𝑖𝑖𝑖𝑖,𝑝𝑝𝑝𝑝 (𝜉𝜉𝜉𝜉) ∙ 𝑤𝑤𝑤𝑤𝑖𝑖𝑖𝑖
𝑛𝑛𝑛𝑛
∑𝑖𝑖𝑖𝑖=1 𝑁𝑁𝑁𝑁𝑖𝑖𝑖𝑖,𝑝𝑝𝑝𝑝 (𝜉𝜉𝜉𝜉) ∙ 𝑤𝑤𝑤𝑤𝑖𝑖𝑖𝑖

(2)

where: Ξ={ξ1,ξ2,…,ξ (n+p+1)} is a non-uniform knots vector; wi ∈ ℝ are weight; Ni,p is the
i-th B-Spline basis function of degree p.
NURBS surfaces are commonly adopted in the graphic representation of curved geometries.
A masonry vault can be easily reproduced by using NURBS surfaces, and the obtained threedimensional model can be imported into MATLAB through IGES standard file (Figure 2(a,b)).
In the MATLAB environment, a subdivision of each surface can be realized by simply
partitioning the standard parametric domain. In this way, a mesh composed of trimmed NURBS
surfaces is defined: each trimmed surface represents a curved shell-element of the masonry
vault (Figure 2(c)). Thanks to the properties of NURBS surfaces, elements of any shapes can
be defined. Starting by an initial mesh, mesh adjustment can be applied simply by modifying
lines adopted in the subdivision of the standard parametric domain (e.g. moving intersection
points or changing slopes, see for example Figure 2(d)).
The trimmed surfaces composing the NURBS model of the vault are here idealized as rigid
macro-blocks. In order to take into account non-linearities of masonry material, curved
nonlinear interfaces will be defined on elements’ edges. Each interface is discretized through
points to which the local reference system is defined (Figure 3(a)). A rigid-plastic behavior,
defined through a three-dimensional failure surface (typically a Mohr-Coulomb domain with
tension cut-off and linear cap in compression, Figure 3(b)) and the associated plastic flow rule,
is assigned at each point (we remand to previous works [26] for details on the mathematical
formulation). According to this model, in which relative velocities jump can be observed at
edges only, interfaces assume the meaning of possible fracture lines to which the mechanism
takes place.
A procedure of upper bound limit analysis is adopted on this model. Dead (permanent) loads
and live loads (depending on a load multiplier Γ) are defined. The multiplier Γ associated to
live loads is determined through the Principle of Virtual Powers, which is computed by means
of the following linear programming problem:
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(3)

𝐀𝐀𝐀𝐀𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 𝐱𝐱𝐱𝐱 = 𝐛𝐛𝐛𝐛𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒
𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 �𝛤𝛤𝛤𝛤 = � 𝑃𝑃𝑃𝑃𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑛𝑛𝑛𝑛𝑖𝑖𝑖𝑖 − 𝑃𝑃𝑃𝑃𝐅𝐅𝐅𝐅0 � such that �
𝛌𝛌𝛌𝛌̇ ≥ 0
𝑖𝑖𝑖𝑖

in which: 𝑃𝑃𝑃𝑃𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑛𝑛𝑛𝑛𝑖𝑖𝑖𝑖 is the internal power dissipated at the i-th interface; 𝑃𝑃𝑃𝑃𝐅𝐅𝐅𝐅0 is the external power
dissipated by dead loads; 𝛌𝛌𝛌𝛌̇ are the non-negative plastic multipliers; 𝐱𝐱𝐱𝐱 is the vector of unknowns;
𝐀𝐀𝐀𝐀 𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 and 𝐛𝐛𝐛𝐛𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 define the applied equality constraints (i.e. geometrical, compatibility equality
constraints and the normality condition).
By solving this linear programming problem, a mechanism and a load multiplier associated
with the adopted mesh, i.e. the hypothesized position of fracture lines, are found. In order to
optimize the live load multiplier and obtain the real collapse mechanism (according to the
kinematic theorem of limit analysis), a procedure of mesh adaptation based on a Genetic
Algorithm (GA) is applied (see Figure 4). For details and applications of this adaptive upper
bound limit analysis, we refer to [24,27,28,29].

(a)

(b)

(c)

(d)

(a)

(b)

Figure 2. NURBS model generation: (a) NURBS surface in Rhinoceros, (b) NURBS model in MATLAB and its
discretization by means of (c) a regular and (d) an irregular mesh.

Figure 3. Representation of masonry behavior: masonry-masonry interface and corresponding local reference system (a), and
linearized 3D representation of the failure domain (b).
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(a)

(b)

(c)

Figure 4. Mesh adaptation procedure: (a) example of load configuration, (b) mechanism associated with the regular mesh, (c)
collapse mechanism obtained through GA optimization.

A similar formulation can be adopted in the study of masonry vaults subjected to settlements.
Suppose a certain displacement field 𝐮𝐮𝐮𝐮
� 𝟎𝟎𝟎𝟎 is imposed at the external edges of the masonry vault.
By discretizing through rigid elements, the crack pattern and displacements induced on the
structure can be deduced by solving a unilateral contact problem in which the external work is
maximized (see [30]) or, alternatively, the constraint reaction to the settlements is minimized
(in agreement with the more recent formulation presented by some of the Authors [31]). If the
internal plastic dissipation is assumed on interfaces, the problem can be solved through the
Principle of Virtual Work, which can be written according to the following linear programming:
𝐀𝐀𝐀𝐀𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 𝐱𝐱𝐱𝐱 = 𝐛𝐛𝐛𝐛𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒
𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 �� 𝑊𝑊𝑊𝑊𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑛𝑛𝑛𝑛𝑖𝑖𝑖𝑖 − 𝑊𝑊𝑊𝑊𝐅𝐅𝐅𝐅0 � such that � 𝛌𝛌𝛌𝛌̇ ≥ 0
𝐂𝐂𝐂𝐂𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 𝐮𝐮𝐮𝐮 = 𝐮𝐮𝐮𝐮
� 𝟎𝟎𝟎𝟎
𝑖𝑖𝑖𝑖

(4)

in which: 𝑊𝑊𝑊𝑊𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑛𝑛𝑛𝑛𝑖𝑖𝑖𝑖 is the internal work at the i-th interface; 𝑊𝑊𝑊𝑊𝐅𝐅𝐅𝐅0 is the external work associated with
the applied loads; 𝐮𝐮𝐮𝐮 is the vector of all displacements of the centroids; 𝐂𝐂𝐂𝐂𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 define the equality
constraint for the application of the finite displacement 𝐮𝐮𝐮𝐮
� 𝟎𝟎𝟎𝟎 .
Therefore, the same adaptive kinematic approach is here applied for the study of the
influence of settlements on the masonry vault. By using the same NURBS discretization and
the same GA-mesh adaptation, the optimized crack pattern deriving from a defined settlement
is properly deduced.
3 NUMERICAL ANALYSES
The structural system involves four vaults (see Figure 1(b)), each one supported on its whole
perimeter: the two internal edges between the vaults are supported by masonry arches, while
the external edges are supported by masonry walls. In the work, a single vault is analyzed.
Arches and external walls are not directly modelled, but they are considered by means of
appropriate boundary conditions. The vaults are made by a single brick layer, resulting in a
thickness value of about 12 cm along the whole surfaces. The peculiarity of these vaults is the
presence of several bricks’ arrangements: the vault can be divided in triangular portions
characterized by a different orientation of the masonry texture (see Figure 1(a)).
The model has been realized starting from the laser scanner survey: horizontal and vertical
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sections of the vault have been extracted (Figure 5 (a)) and then imported in the CAD software
Rhinoceros, where an assembly of NURBS surfaces has been created (Figure 5 (b)). A different
NURBS has been adopted for each triangular portion of vault: different properties have been
assigned to each surface in order to take into account the specific orientation of the masonry
texture in the limit analysis. The edge of surfaces between the different triangular portions
correspond to possible fracture lines that may develop under vertical loads or due to settlements.
The assemble of surfaces has been imported into the MATLAB environment, assigning
thickness properties, in order to realize the NURBS model (Figure 5(c)).

(a)

(b)

(c)

Figure 5. Construction of the NURBS model of the single vault: (a) section lines, (b) assembly of NURBS surfaces in
Rhinoceros and (c) obtained NURBS model in MATLAB.

In the first step of analysis cracks may develop only along the initial NURBS surfaces of the
model, corresponding to the bed joints between each triangular portions. In this case, the
different orientation of bricks inside each part does not play any role in the ultimate loadbearing capacity of the vault, thus a unique value of ultimate stress has been assigned (Table
1).
Table 1: material properties assigned to interfaces between initial NURBS surfaces
Property
Specific weight [kN/m3]
Ultimate tensile strength [MPa]
Ultimate compression strength [MPa]
Cohesion [MPa]
Friction angle [°]

Value
18
0.2
2.6
ft
30

Being the hypothesis of failure only along the triangular portions too simplistic, in the second
step of analysis each triangular portions has been subdivided into smaller elements (see Figure
6(a)) chosen taking into account the shape of each surface. The refined mesh is reported in
Figure 6(b). In this case, bricks orientation is accounted adopting appropriate values of ultimate
stress. A simplified orthotropic model for masonry [32] is adopted: different properties have
been assigned to direction 1, parallel to bed joints, and direction 2, orthogonal to the first one
(Table 2).
Finally, a third step of analysis is performed applying the mesh adaptation through GA: the
refined mesh is adaptively modified in order to find the minimum value of the live load
multiplier. In this case, if the orthogonal normal vector is directed along an intermediate
direction between 1 and 2, the ultimate stress values are evaluated according to the two main
components of the normal vector.
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Two analyses are performed: under vertical loads and applying differential settlements.
Table 2: Material properties assigned to interfaces in the refined mesh
Property
Specific weight [kN/m3]
Ultimate tensile strength - direction 1[MPa]
Ultimate tensile strength - direction 2 [MPa]
Ultimate compression strength - direction 1[MPa]
Ultimate compression strength - direction 2 [MPa]
Cohesion [MPa]
Friction angle [°]

(a)

Value
18
0.4
0.2
5.2
2.6
ft
30

(b)

Figure 6. Definition of a possible mesh: (a) schematization of the mesh for the single NURBS surfaces composing the
vaults, (b) obtained regular mesh.

3.1 Limit analysis under vertical loads
Two vertical load cases have been considered: Load Case 1 (LC1), in which live load
consists of the self-weight only, and load Case 2 (LC2), in which a distributed uniform vertical
load has been applied at the extrados of the vault as live load (self-weight is applied as dead
load, so it is not affected by the load multiplier). For each load case, a live load multiplier Γ is
found. If the final load multiplier is higher than one, as expected, the vault is definitely safe
under self-weight (LC1) and under increasing loads (LC2). In order to better compare the results
obtained applying the two load cases, the load multiplier obtained in LC2 has been normalized
relatively to the total weight of the vault. Results of the three steps of analyses for both load
cases, in terms of live load multiplier and collapse mechanism, are reported in the following
figures.
In Figure 7 analyses are performed on the initial mesh: live load multipliers Γ are equal to
38.1 and 35.5 respectively for LC1 and LC2. It can be observed that there are no substantial
differences between the two collapse mechanisms. The value of the multiplier of LC1 is higher
than the one of LC2, and in both cases Γ is considerably higher than one: because of the lowered
shape of the vault, crushing assumes a fundamental role in comparison with tensile and shear
failures.
A similar trend may be observed in the second step of analysis, reported in Figure 8. The
adoption of a refined mesh allows obtaining lower values of the load multipliers Γ, equal to
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33.4 and 30.7 respectively for LC1 and LC2. Also in this case, since failure may occur only
between the interfaces of the refined mesh, the two mechanisms of collapse are almost the same.
Figure 9 shows the results of the third step of analysis: the mesh adaptation through GA
allows to finally obtain the minimum load multipliers, equal to 32.6 and 30.0 respectively for
LC1 and LC2. Moreover, in this case, the two mechanisms of collapse obtained by LC1 and
LC2 are different.
LC1: Γ = 38.1

LC2: Γ = 35.5

Figure 7: First step of analysis: initial fracture lines.

LC1: Γ = 33.4

LC2: Γ = 30.7

Figure 8: Second step of analyses: refined mesh.

LC1: Γ = 32.6

LC2: Γ = 30.0

Figure 9: Third step of analyses: mesh adaptation
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3.2 Limit analysis whit differential vertical settlements
The crack pattern deriving from an imposed settlement has been determined through the
presented procedure. A vertical settlement has been applied along one of the four external edges
of the vault (see Figure 10 (a)), as a representation of vertical displacement of the supporting
walls. The applied displacement is equal to 1 cm for the whole edge. The same initial mesh has
been assumed for each triangular portion of the vault. The final crack pattern and the deformed
structure (scaled according to a factor equal to 50) are depicted in Figure 10 (b-d).
As it can be noted, the cracks are mainly localized on the half of the vault subjected to the
settlements. Moreover, it is worth noting that the main diagonal cracks follow the mortar joints
between the different triangular portions of the vault. This is the natural consequence of the
lower resistance parameters assigned to interfaces corresponding to mortar joints.

(a)

(b)

(c)

(d)

Figure 10. Analysis of the masonry vault subjected to settlements: (a) representation of the applied displacements, (b-d)
crack pattern and deformed structure (displacements scaled by 50).

4

CONCLUSIONS
-

In the paper, the collapse behavior of masonry vaults has been investigated. Attention
has been focused on a lowered sail vaults built with different brick patterns. The
geometry of the vaults has been accurately obtained through laser scanner survey and
then reconstructed with a 3D NURBS-based model, particularly suited for historical
masonry vaults with complex geometry. A limit analysis approach based on an
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-

adaptive NURBS modeling coupled with a genetic algorithm has been performed to
obtain the ultimate load of the structure and the associated collapse mechanisms for
two different load conditions and in case of differential settlements.
The use of laser scanner surveys and the adoption of 3D NURBS allow to describe the
exact geometry of the vaults. This aspect is essential in the evaluation of their loadbearing capacity, being their behavior intimately related to their shape.
Because of the lowered shape of the vault, crushing assumes a fundamental role in
comparison with tensile and shear failures.
Differential settlements must be studied: they may be a serious hazard for this
structural typology.
The role played by bricks arrangements must be considered in order to obtain reliable
mechanisms of collapse.
The proposed procedure provides fast and reliable assessment of the collapse behavior
of masonry vaults.
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Abstract. The palace of sports represents in many ways the masterpiece from the urbanarchitectural legacy that was created for the XIX Olympiad in Mexico City in 1968; its
uniqueness, from the architectural and structural point of view, makes it one of the most
iconic buildings of the city. In this paper the structural modelling and numerical analysis of
this iconic building of the Mexican architecture of the second part of the XX century is
presented. The numerical modelling is achieved by means of a 3D finite element model in
order to obtain preliminary results in terms of dynamic properties and linear and non-linear
response of structural elements when subjected to gravity loads. Natural periods of the modes
with high participating mass obtained on the numerical model are in well agreement to those
of other structures with similar configurations. Nonlinear results show that the structure has
a large safety factor under gravitational loads. Finally, recommendations about the
improvements that can be applied on the actual FEM model are given based on the results
obtained in order to give a better assessment to identify risk scenarios and to prevent them to
occur on such iconic structure.
1

INTRODUCTION
From the urban-architectural legacy constructed for the XIX Olympiad in Mexico City in
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1968, one of the most outstanding buildings that were projected for the event is the Palace of
Sports, designed by the acclaimed architect Felix Candela in collaboration with architects
Enrique Castañeda and Alfonso Peyrí [1]. The building has special features that combine
architectural design, structural engineering, urban art, city landscape and cultural identity that
made it achieve a value closest to cultural symbolism rather than the simple physical place
used for sporting or public events [2].
1.1 Social, cultural and historical context
The year of 1968 in Mexico has been tied to two indissoluble events: a student movement
that ended tragically and the XIX Olympic Games. Both events were inserted into a society
that struggled to move towards modernity; nevertheless, these events, so far from each other,
transformed an entire nation [3].
The sixties represent a period of permanent growing in economic, demographic, and urban
terms, to such degree that the Mexican government tried to gain visibility for the country in
the international context [4]. Hence, it was essential that México radiated not only through the
sporting event but also through culture and art; therefore, the interest to realize a cultural
Olympiad at the same time that the games were taking place. According to Pedro Ramírez
Vázquez, president of the Olympic Committee, it was necessary to “carry on to everyone the
true image of Mexico” [5]. Besides, it would be the first time that the Games would be
broadcasted in color television.
The idea of the Mexican government was to project the image of the country through
architecture. One of the priorities, was to design outstanding venues where competitions were
going to take place, following the idea of creating a Universopolis (the new metropolis of the
world), as expressed by José Vasconcelos on his book “The cosmic race” [6]. With all these
things at stage, Mexico had compromised its prestige, especially given the success of the
architecture and structures of the previous achievements in Rome and Tokyo.
Several venues were constructed or upgraded to host the different Olympic disciplines,
following the idea of disseminating a national symbolic system that pursued to show the
strength of the government whereas trying to renew the image of Mexico [7]; among these
were the Olympic stadium, the Mexican Olympic sports center, the Olympic pool and
gymnasium, the Olympic velodrome, the Olympic Village, among others. However, among
all the facilities built, the Palace of Sports outstands from the rest because of its uniqueness in
terms of design and aesthetics. According to several renowned architects, it represents the
masterpiece and the greatest exaltation to the monumentality of that period [8].
The Palace of Sports, beyond its qualities in design and construction, is considered the
geosymbol of the XIX Olympics because works like this not only transcend temporally and
spatially but even could give cultural identity to a whole nation.
2

DESCRIPTION OF THE STRUCTURE

2.1 Architectural aspects
The general structure of the building was considered, from the project phase, as the
dominant element of the composition, and the determinant factor of its spatial plastic sense
[9]. It was projected to achieve an extraordinary design form, far from puerile and ordinary

2355

Hiram Badillo-Almaraz, Agustín Orduña, Sergio G. De La Rosa, Georgia A. González and Guillermo M. Roeder

structures, that could result fascinating from any point of view: exterior and interior, at the
pedestrian level and even from the aerial point of view [10].
According to Candela and his collaborators, the constructive solution should be completely
realistic, that is, the structure had to be simple and easy to analyze and build, but above all, it
would need to agree with the scale. Although the Palace of Sports of Candela, has a clear
influence from Pier Luigi Nervi’s Palazzo and Palazzetto of Sports, built for the 1960
Summer Olympics in Rome [11], the aforementioned considerations eliminated any chance of
applying a concrete shell as roof solution for the Palace of Sports; besides, the building had to
meet with the objectives marked by the organizing committee that established that the design
proposals should be outstanding but feasible economically.
Due to the low ground resistance of the site, designers decided to adopt spherical dome
with an approximate overall area of 27,171 m2 with a light metal structure (60 kg/m2
approximately), where the trusses worked basically under axial compression, which makes
possible to eliminate the secondary elements.
The supporting structure consists of an almost orthogonal grid of steel trusses with a
constant height of 5 m, arranged according to maximum circles of a sphere with and angle of
separation of 8° approximately. In Figure 1 an aerial view of the structure is presented. The
spherical cover is limited by four maximum circles and divided into 121 squares, whose sides
vary from 13 to 10 m. The trusses consist of a central element working under compression,
formed by rhombuses, triangulated by radial braces. The upper and lower chords work under
tension forces to take positive and negative moments. The central arches have 132 m of span.
The squares that result from the intersection of the trusses are covered with hyperbolic
paraboloids consisting of a structure based on an aluminum tube, which, in turn, receives a 38
mm-plywood shell, protected by asphalt waterproofing. The outer surface is lined with a
copper tile of 13.5 thousandths of an inch, which eliminates all secondary reinforcements and
reduces the dead weight and, therefore, the total cost of the structure [10].
The main reinforcements rest on dices of reinforced concrete that in turn rest on reinforced
concrete pillars and inclined buttresses in form of V. Each of the dices and buttresses are
joined by connection beams that have the capacity to absorb lateral loads as well as the thrust
of the arches.

Figure 1: Aerial view of the Palace of Sports

2356

Hiram Badillo-Almaraz, Agustín Orduña, Sergio G. De La Rosa, Georgia A. González and Guillermo M. Roeder

2.2 Structural configuration
The roof of the Palace of Sports is supported by two sets of circular arches that form a
spherical cap of approximately square plan, with an approximate area of 13,700 m² and
without any intermediate support. The central axes of the arches are two families of meridians
of a sphere of 92.6 m in diameter whose polar axes contained in the same horizontal plane are
mutually orthogonal. Figure 2 presents details of the structural configuration of the roof. The
structure is limited by four inclined planes that form a dihedral angle of 45° 28’ with the two
vertical planes of symmetry, in which the polar axes are contained. Each family is composed
of 11 arcs separated from each other by varying distances, between 10 and 13 m, so that the
grid obtained from the two sets of arches gives as a result areas approximately squared of 12
× 12 m on average, on which hyperbolic paraboloids made with aluminum tubes supported on
the main arches have been placed, and on which the roof itself rests, which is formed by
plywood and copper foil as mentioned previously [12].

b) Lateral view of the roof structure including inclined
buttresses
Upper chords
Inclined
buttresses

Uprights

Diagonals
Lower chords
Vertical
pillars

c) Geometrical representation of the central arch
including inclined buttresses and pillars

a) Plan view of the roof structure

Figure 2: Geometry of the roof structure

The arches have a constant height of 5 m measured between the axes of the chords over the
entire length, except on the end panels, since they are articulated to the concrete structure that
receive them. In Figure 2c, one of the 22 arches that support the roof is shown schematically.
The diagonals were designed as compressed elements to withstand almost all of the normal
forces caused by permanent vertical loads, while the chords of the trusses had as basic
objective to give the arch the ability to withstand the bending moments produced by wind
loads, asymmetric vertical loads, differential settlements, etc.
The analysis of the roof structure was carried out by the renowned structural engineer
Oscar de Buen, considering the structure as an arc lattice, formed by 11 elements in each
direction, rigidly joined together at their intersections. A structure with 121 knots was
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obtained, with a high degree of hyperstaticity. Two simultaneous analyzes were made, using
in one of them the method of flexibilities and in the other the stiffness method. In both cases,
the effects on the deformations of the normal forces and the bending moments were taken into
account. Torsional stiffness of the arches was disregarded, which in addition to introducing
notable simplifications in the analysis, is fully justified in structures of this type [12].
Computers were mainly used in the following aspects: structural analysis of the roof,
obtaining the detailed geometry of the roof and structural analysis of the ring that receives the
arches [13].
The material used to build the structure was A36 steel, with a yield limit of 250 MPa,
except for the tubes that form the chords of the arches, which were made of ASTM A120
steel, with a yield limit is 240 MPa. The diagonals and the uprights are sections H and I
formed by three plates welded together. All the joints of the structure were welded together as
well.
The profiles used were: circular tube of 21.9 cm of outer diameter, ID 30, thickness 0.70
cm, for the upper and lower chords; section H with flanges of 30 cm of width and 1.6 cm of
thickness and web of 30 cm by 1.27 cm for the diagonals; section I with flanges of 15 cm of
width and 1.9 cm of thickness and web of 30 cm by 1.27 cm for the uprights.
3

STRUCTURAL MODELLING

3.1 Graphical model
The division of spherical geometry represents an enormous challenge for the analysis of
reticular structures. When referring to a geodesic dome as the main geometry form for the
modeling of the Palace of Sports, the starting point is a cubic model, projected on a sphere in
order to divide it into six squares of equal sections. One of those sections (upper face) will
give the initial form of the reticular structure of the Palace of Sports.

a) Central axes which work as boundaries of the
guide arches

b) Main grid generated through maximum circles for the
internal and external faces

Figure 3: Graphic development of the roof structure

Subsequently, guide arches (maximum circles) will be distributed with spacing with
regular revolution angles and fixed to two axes perpendicular to each other (passing from end
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to end of the sphere and through the geometric center of it), until a grid of 22 arcs (11 on each
direction) is generated as shown in Figure 3a; this will be the main and generating structure of
all subsequent geometry. The angle of rotation in which the 11 arches are distributed to
generate the grid is 8°16' giving a total measurement of 82°40' between the last and first arch;
this causes that all the trusses of each arch will have a different inclination, i.e. none will be
parallel. The radial reinforcements are 5 meters high between the family of internal arches and
that of the external ones. In Figure 3b the main grid generated through maximum circles for
the inner and outer faces of the structure (90.1m and 95.1m of diameter) with 5 m of
separation between them is presented.
To define the position of the buttresses and the supports of each arch, the geometry
between the grid of arcs will be further prolonged in order to obtain the crossing points with
the horizontal plane that will indicate the location of the connecting points of the rooftop
cover with the buttresses and of the buttresses with the ground. This grid will need another
pair of guide arches on each edge, for the tracing of the supports that will be a transition
section between the metal structure and the concrete supports. The buttresses locations are
defined as a continuation of the initial geometry of the geodesic dome. Furthermore, uprights
and diagonals that connect each of the edges of the uprights are included.
Once the main structure for the dome and buttresses is finished, the same arc geometry will
be used for the generation of a third grid that will support the closing substructure of the
dome. This intermediate grid passes through each quadrant of the main structure at its
midpoints, as it will support part of the aluminum tubular substructure and will shape the
pyramids of the roof as shown in Figure 4.

Figure 4: Descriptive geometry of the main structural elements of the Palace of Sports

The rooftop cover of the dome is generated from fragments of hyperbolic paraboloids
inserted in the quadrilaterals generated after the subdivision of the dome. Since the hyperbolic
paraboloids consist of ruled surfaces, the assembly process was greatly simplified, since the
whole cover could be carried out by straight elements without curvature. The characteristic
copper finish on the dome sits on wooden boards that are placed on a triangulated grid of
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aluminum tubes. The gaps that are formed by the intersection of the grids are approximately
12 x 12 m and were covered with four hyperbolic paraboloid panels based on a three-way grid
better known as the triodetic system, which, in turn, receives the plywood cover that forms the
dome rooftop enclosure.
The enclosure modules do not hide the structure of spherical arches since they are located
between the two concentric spheres. The intersection point of four hyperbolic paraboloid
fragments links the metal arches of the dome, making contact with the upper and lower arches
alternatively. In this way, the main structure can be appreciated from the inside and from the
outside. On Figure 5a, a projection of the aluminum grid over the upper diagonals of the
arches is presented (bottom diagonals not shown on the figure). Figure 5b presents a lateral
and corner view of the completed graphical model. The graphical model was entirely
developed using the software AutoCAD.

a) Projection of the aluminum grid over the
upper diagonals of the arches

b) Lateral and corner view of the completed model

Figure 5: Graphical model of the Palace of Sports

3.2 Finite element model
In order to analyze the structural behavior of the Palace of Sports a Finite Element Method
(FEM) model was developed based on the graphical model described previously. The model
includes the following types of materials: steel, concrete, aluminum and a rooftop cover
composite element that comprises the plywood and the cooper foil altogether.
Steel elements are assigned the upper and lower chords (circular tubes), uprights (sections
I) and diagonals (sections H) of the trusses; sections H are also used on the boundary elements
that define the perimeter of the roof structure. Concrete elements are assigned to the vertical
reinforced concrete pillars and inclined buttresses in form of V and on the walls of the
perimeter. Aluminum elements are assigned to the contour of the grid of the triodetic system
(circular tubes of 95.25 mm of diameter and thickness of 4.1 mm) and to elements of the
triodetic system itself (circular tubes of 47.625 mm of diameter and thickness of 2.032 mm).
The plywood and the cooper foil composite are assigned to the elements that serve as rooftop
cover of the structure. Table 1 shows the mechanical properties of each the materials used in
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the numerical analyses. It is important to mention that the density of the rooftop cover
composite is modified in order to include, together with the self-mass of the composite, an
additional mass of 20 kg/m2 for installations and another of 20 kg/m2 for live load.
Table 1: Mechanical properties of the materials used in the numerical analyses

Material
STEEL
CONCRETE
ALUMINUM
ROOFTOP COVER
COMPOSITE

Young’s modulus
(GPa)
206
21.7
68.6

Poisson
relation
0.28
0.15
0.33

Yield stress
(MPa)
250
24
50

Density
(kg/m3)
7800
2400
2700

10

0.15

N/A

4740

The model was analyzed with the FEM software DIANA-FEA [14]. For the modelling of
the vertical reinforced concrete pillars and inclined buttresses, the steel, and aluminum
elements a two-node, three-dimensional class-III beam element was used. Meanwhile for the
walls of the perimeter and for the rooftop cover composite, four-node quadrilateral
isoparametric curved shell elements based on linear interpolation and Gauss integration over
the element area were used in combination with three-node triangular isoparametric curved
shell elements based on linear interpolation and area integration. The model included 22,199
nodes and 75,062 elements. The boundary conditions of the FEM model are considered as
fully constrained on the base of the support elements (vertical pillars, buttresses and walls),
since in the actual structure they are connected to a slab that is supported by a compensated
foundation of friction and point bearing piles. Figure 6 presents the FEM model with the
elements extruded and with the corresponding boundary conditions.

Figure 6: FEM model with extruded elements and boundary conditions

4

RESULTS

The FEM model of the Sports Palace was subjected to a modal analysis in order to obtain
the main dynamic properties of the structure. Furthermore, it was also analyzed considering
the action of vertical loads taking into account the nonlinear behavior of the steel and
aluminum elements of the roof structure.
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4.1 Modal Analysis
In order to validate the FEM model, the first 40 natural modes were calculated. Figure 7
shows the six first modal shapes. Color scales represent vertical displacements and go from
red for maximum upward displacements, to blue for maximum downward displacements. On
this figure it is interesting to observe that, due to the structural symmetry, there are pairs of
modes that have equal periods and have essentially the same shape but rotated 90°; for
instance, modes 2 and 3, on one hand, and modes, 5 and 6, on the other hand.

a) Modal shape 1

b) Modal shape 2

c) Modal shape 3

d) Modal shape 4

e) Modal shape 5

f) Modal shape 6

Figure 7: First six modal shapes of the Palace of Sports
Table 2: Natural periods of the first ten modes

Mode
1
2
3
4
5

Period
(s)
0.759
0.549
0.549
0.459
0.357

Mode
6
7
8
9
10
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Period
(s)
0.357
0.333
0.323
0.314
0.309
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Table 2 presents the periods of the first ten modes. The first natural period seems to be
very small for a large span structure; nevertheless, it must be taken into account that the roof
has a light weight. Similar structures with spatial frames covering large spans present natural
vibration periods similar to the ones obtained in this study [15]. The dynamic behavior of the
Palace of Sports reflects the structural soundness and stiffness of the building.
4.2 Nonlinear Analysis with vertical Loads
A nonlinear analysis under gravitational loads is useful to assess the safety of the structure
for this action. The dead loads applied are the structure self-weight plus a load of 0.2 kN/m2
accounting for installations and other objects hanging from the roof. Additionally, a live load
of 0.2 kN/m2 is also included in the analysis. The load factor affects both, the dead and live
loads. The analysis takes into account only the nonlinear effects of steel and aluminum
elements, according to the yield stresses reported at Table 1.
For a unitary load factor, the center of the structure has a displacement of 36 mm; this
represents only a 3700th of the span. Figure 8a presents the vertical displacements for this
condition; figure 8b presents the Von Mises stresses [14]; and figure 8c shows the reactions at
one side of the structure. From figure 8b it is observed that the maximum stress at steel
elements is 85 MPa, which represents the 34% of the yield stress. Meanwhile, in Figure 8c, it
is observed that the inclined buttresses take most of the load that is transmitted from the roof
structure to the ground.

a) Vertical displacements

b) Von Mises stresses

c) Reactions
Figure 8: Behavior under unitary load factor
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Figure 9 presents the load factor vs. vertical displacement at the center of the dome. This
figure shows that the roof structure behaves linearly until 4 times the loads considered. Also,
its maximum capacity is higher than 4.8 times the vertical loads.
5.0

Load factor

4.0
3.0
2.0
1.0
0.0

0

50

100

150

200

250

d (mm)
Figure 9: Load-displacement graph for nonlinear analysis

Figure 10 shows the vertical displacements and Von Mises stresses at the last step of the
nonlinear analysis for a load factor of 4.8. Figure 10a shows that a maximum vertical
displacement downwards of 238 mm has been reached on the center of the rooftop, which
represents a 560th of the span; meanwhile Figure 10b illustrates that steel elements have
reached their yield stress.

a) Vertical displacements

b) Von Mises stresses

Figure 10: Behavior under load factor of 4.8

5

CONCLUSIONS

This paper presents a brief review of the historical architectural and structural relevance of
the iconic Palace of Sports of Mexico City. The paper also presents the development of
geometrical and FEM models. It is important to point out that this is the first advanced
structural analysis of this construction since it was designed with rudimentary computational
tools. The results in terms of natural modes indicate that this preliminary model is a good
approximation of the behavior of the real structure. The dynamic behavior of the Palace of
Sports reflects the stiffness and structural soundness of the building. The nonlinear analysis
under gravitational loads shows that the structure has a large safety factor for this action.
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Tasks to perform in future stages of this project include the determination in situ of the
natural vibration frequencies of the first natural modes of the structure in order to validate or
adjust the properties of the FEM model and performing nonlinear analysis of the model under
gravitational loads taking into account mechanical and geometric non-linearities, seismic and
wind actions in order to give a safety assessment to identify risk scenarios and to prevent
them to occur on such iconic structure.
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Abstract. Traditional Japanese wooden buildings have been constructed using internal
wooden frame structures. Plus-shaped column-nuki connections are important to evaluate the
seismic performance of these buildings, and these connections include several joint types, one
of which is the oblique scarf joint. However, only very few extant studies have examined
column-nuki connections and oblique scarf joints. Consequently, no design equations exist for
this combination. Therefore, it is possible that the structural performance of column-nuki
connections might be inaccurately evaluated. Thus, this study aims to evaluate the structural
performance evaluation of column-nuki connections in traditional Japanese wooden buildings.
Full-scale tests were performed on specimens with either the continuous or oblique scarf joint
nuki, and results obtained were compared based on parameters, such as the type of connection
and number of dimensions. Subsequently, corresponding analytical results were calculated
using an extant design equation, and the same were compared against experimental values to
determine the validity of using the design equation for column-nuki connections in traditional
Japanese wooden buildings. Results obtained in this study demonstrate the initial stiffness to
be approximately identical for specimens with continuous or oblique scarf joint nuki. The yield
and ultimate bending moment of oblique scarf joint nuki specimens were observed to be
approximately 10–70% smaller compared to those corresponding to continuous nuki specimens.
In addition, all oblique scarf joint nuki specimens demonstrated an initial cleavage failure
followed by multiple failures. Results of these comparisons demonstrate that failure can be
partially estimated using the extant design equation considered in this study.

2366

Satsuki Murai and Mitsuhiro Miyamoto

1

INTRODUCTION

Traditional wooden buildings in Japan, such as temples and shrines, demonstrate high
deformability, and they can resist large lateral forces during earthquakes. Since ancient times,
these traditional buildings have been constructed using column-nuki connections. The
construction technique involves building a whole wall around the periphery with the inner
structure comprising wooden frames. Column-nuki connections used in the construction of
Japanese shrines and temples are larger compared to those used in residential houses.
Consequently, some walls of ancient Japanese buildings can resist large lateral forces during
earthquakes. Thus, column-nuki connections can be considered important elements during
structural performance evaluation of traditional Japanese buildings. However, as shown in
reference [1], very few experiments have been conducted on large column-nuki connections
and of those, even fewer have been conducted on oblique scarf joint nuki connections, a popular
connection type, in traditional wooden Japanese buildings. In seismic evaluations of traditional
Japanese houses, the extant design equation has been considered only for continuous nuki. As
shown in reference [2], oblique scarf joint nuki are evaluated as 0.5 of the design equation for
continuous nuki in traditional Japanese houses. Therefore, there exists a possibility that
structural-performance evaluations of column-nuki connections with oblique scarf joint nuki
are inaccurate.
The study aims to evaluate the structural performance of column-nuki connections in
traditional Japanese wooden buildings. To this end, full-scale tests were performed on plusshaped column-nuki connections used in Japanese shrine and temple construction. Results of
these tests were compared against those obtained using the relationship between the
deformation angle and bending moment as well as failure properties of continuous and oblique
scarf joint nuki. Details concerning these full-scale tests are described in section 2 of this
manuscript, whereas section 3 discusses the validity of estimate equations used for evaluating
the said plus-shaped column-nuki connection. The said estimate equations were evaluated for
comparing analytical results against experimental values pertaining to both continuous and
oblique scarf joint nuki connections.
2

FULL-SCALE TEST OF PLUS-SHAPED COLUMN–NUKI CONNECTION

In this study, full-scale tests of specimens with continuous or oblique scarf joint nuki were
conducted to examine the seismic performance of plus-shaped column-nuki connections. The
relationship between the bending moment and deformation angle as well as the failure property
were investigated. The test parameters were chosen to examine the seismic performance of a
plus-shaped column-nuki specimen, which had either continuous or oblique scarf joint nuki.
Both of these have been used for traditional Japanese wooden buildings in the past.
2.1 Outline of full-scale tests
Tables 1 and 2 provide information about the specimens examined in the study. A total of
sixteen specimens were tested; eight contained continuous nuki, and eight contained oblique
scarf joint nuki. All specimens were plus shaped, and the lengths of both the nuki and the column
were 1,400 mm. The test specimens were labeled as C for continuous nuki and J for oblique
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scarf joint nuki. For the continuous nuki specimens, one condition was different for each
specimen based on C1. Figure 1 (a) depicts a drawing of the continuous nuki joint, whereas
Figure 1 (b) depicts that corresponding to a continuous nuki with cogged C4 joint. All
specimens, except C5, have wedges. The oblique scarf joint nuki specimens come in two
geometries, as shown in Figures 1 (c) and (d). The numbers right after J in the specimens’ name
correspond to those mentioned in the list of continuous nukis.
The image of the loading device is shown in Figure 2. The specimen was fixed using a jig.
In these tests, positive and negative sides are defined as the left and right sides, respectively,
and the negative side contains the wedge. The specimen was subjected to cyclic lateral loads,
and the apparent shear deformation angle of a nuki 0 was gradually increased symmetrically
from 1/200, 1/150, 1/100, 1/75, 1/50, 1/30, 1/20, 1/15, to 1/10 rad. One cycle of loading was
applied. Finally, the specimen was subjected to a lateral load at an angle of 1/7 rad at one end.
Figure 3 depicts the full-scale test setup.

(a) Continuous nuki

(b) Continuous nuki
with cogged joint

(c) Oblique scarf joint
nuki α

(d) Oblique scarf joint
nuki β

Figure 1: Details concerning connection types used in traditional Japanese buildings
Table 1: Continuous nuki specimen specifications

Dimensions
Width of
Diameter of
nuki
column (mm)
(mm)

Specimen

Type of
connection

C1

Continuous nuki

180

50

120

Square

C2

Continuous nuki

180

50

120

Circle

C3

Continuous nuki

180

50

120

Square

180

50

120

Square

180

50

120

Square

C4
C5

Continuous nuki
with cogged joint
Continuous nuki
without wedge

Height of
nuki (mm)

Shape of
column

C6

Continuous nuki

180

90

120

Square

C7

Continuous nuki

240

90

120

Square

C8

Continuous nuki

240

90

180

Square
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Type of
wood
Japanese
cypress
Japanese
cypress
Japanese
cedar
Japanese
cypress
Japanese
cypress
Japanese
cypress
Japanese
cypress
Japanese
cypress
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Table 2: Oblique scarf joint nuki specimen specifications

Specimen
J1-1
J1-2
J6-1
J6-2
J7-1
J7-2
J8-1
J8-2

Type of
connection
Oblique scarf
joint α nuki
Oblique scarf
joint β nuki
Oblique scarf
joint α nuki
Oblique scarf
joint β nuki
Oblique scarf
joint α nuki
Oblique scarf
joint β nuki
Oblique scarf
joint α nuki
Oblique scarf
joint β nuki

Diameter of
column (mm)

Dimensions
Width of
nuki (mm)

Height of
nuki (mm)

Shape of
column

180

50

120

Square

180

50

120

Square

180

90

120

Square

180

90

120

Square

240

90

120

Square

240

90

120

Square

240

90

180

Square

240

90

180

Square

Figure 2: Loading device apparatus

Type of
wood
Japanese
cypress
Japanese
cypress
Japanese
cypress
Japanese
cypress
Japanese
cypress
Japanese
cypress
Japanese
cypress
Japanese
cypress

Figure 3: Loading during full-scale tests

2.2 Result and discussion of full-scale tests
Figure 4 illustrates the relationship between the bending moment and deformation angle in
the different continuous nuki specimens, as determined via full-scale tests performed in this
study. The ultimate bending moment corresponds to a deformation angle of 1/10 rad, including
a safety factor of 1.5, since the collapse limit of traditional wooden buildings is 1/15 rad.
Images of the failure of continuous nuki are shown in Figure 5. Specimens C1 to C7
exhibited cleavage of the wedge. However, the cleavage was not affected by the decrease in
bending moment. In C1 and C2, the ultimate bending moments demonstrated approximately
the same difference for different column shapes. The initial stiffness of C3 was approximately
70% less than that of C1, and the ultimate bending moment of C3 was approximately 60%
smaller than of C1, even though the elastic modulus of C3 was approximately 10% percent than
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of C1 in the material test. The ultimate bending moment of C4 was approximately 10% smaller
than that of C1, because of the use of the cogged joint. The ultimate bending moment of C1
was approximately 80% larger than that of C5, because of the use of the wedge. Among
continuous nuki specimens, the ultimate bending moment of C8 was the biggest and the ultimate
bending moment increased from C1 to C6 to C7 to C8 because the dimensions of the specimens
also increased. It is assumed that the bending moment increased because the dimensions of the
specimen increased.
Figure 6 depicts the relationship between the bending moment and deformation angle
pertaining to the plus-shaped column-nuki connection with a continuous nuki and the oblique
scarf nuki. Results of full-scale tests are depicted in Figures 7. The continuous nuki specimen
exhibited embedment failure at first; however, all specimens with the oblique scarf nuki, except
for J8-2 first experienced cleavage failure from the kama joint and then bending failure, as
shown in Figure 8(a). One kama joint was stuck in the other kama joint at J8-2, as shown in
Figures 8(b). Only the specimen with the oblique scarf joint β nuki exhibited shear failure, as
shown in Figure 8(c). The initial stiffness of the continuous and oblique scarf joint nuki
specimens with the same dimensions was approximately the same. Both the yield bending
moment and ultimate bending moment were approximately 10 to 70% smaller for the oblique
scarf joint nuki than for the continuous one. In addition, the specimens with oblique scarf joint
β had both a yield bending moment and ultimate bending moment that was 10% smaller than
that of the specimens with oblique scarf joint αbecause oblique scarf joint βhas steeper angle
than oblique scarf joint α. This suggests that the bending moment tends to be smaller if the
kama joint connection has steep angle. For the specimens with the oblique scarf nuki, the
deformation angle was smaller for the load on the positive side than for the load on the negative
side until failure.
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Figure 5: Images of failure (continuous nuki)
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Figure 8: Failure of oblique scarf joint nuki

3

ESTIMATION EQUATION

In this study, theoretical results were calculated using the design equation used for
continuous nuki in traditional Japanese wooden houses. The rotating stiffness (𝐾𝐾𝜃𝜃 ) and yield

moment (𝑀𝑀𝑦𝑦 ) were evaluated, and the results were compared with those of the full-scale tests.

3.1 Outline of estimate equation for continuous nuki
From the design equation of the continuous nuki [3], 𝐾𝐾𝜃𝜃 and 𝑀𝑀𝑦𝑦 are obtained as follows:
𝑥𝑥𝑝𝑝
1
𝐾𝐾𝜃𝜃 = 𝑥𝑥𝑝𝑝2 𝑦𝑦𝑝𝑝 𝐸𝐸90 { (𝐶𝐶𝑥𝑥𝑥𝑥 − ) + 0.5𝜇𝜇𝐶𝐶𝑥𝑥𝑥𝑥 }
𝑍𝑍0
3
𝑀𝑀𝑦𝑦 =

𝐾𝐾𝜃𝜃 𝑍𝑍0 𝐹𝐹𝑚𝑚

𝑥𝑥𝑝𝑝 𝐸𝐸90 𝐶𝐶𝑥𝑥𝑥𝑥 √𝐶𝐶𝑦𝑦𝑦𝑦

2372

(1)
(2)

Satsuki Murai and Mitsuhiro Miyamoto

𝐹𝐹𝑚𝑚 =

2.4
× 𝑓𝑓𝑐𝑐𝑐𝑐
3

𝐶𝐶𝑥𝑥𝑥𝑥 = 1 +
𝐶𝐶𝑦𝑦𝑦𝑦 = 1 +
𝜃𝜃𝑦𝑦 =

(3)

4𝑍𝑍0
3𝑥𝑥𝑝𝑝

(4)

4𝑍𝑍0
3𝑛𝑛𝑦𝑦𝑝𝑝

(5)

𝑀𝑀𝑦𝑦
𝐾𝐾𝜃𝜃

(6)

where 𝑥𝑥𝑝𝑝 is the diameter of half of the column (mm), 𝑦𝑦𝑝𝑝 is the width of the nuki (mm), 𝐸𝐸90 is
the lateral compressive elastic modulus (N/mm2), 𝑍𝑍0 is the height of the nuki (mm), 𝜇𝜇 is the
coefficient of friction ( 𝜇𝜇 = 0.4 [4]), 𝜃𝜃𝑦𝑦 is the yield deformation angle (rad), 𝐹𝐹𝑚𝑚 is the
embedment yield unit stress (N/mm2) evaluated from the result of partial compression tests
when the edge distance is infinite, 𝑓𝑓𝑐𝑐𝑐𝑐 is the embedment strength (N/mm2), 𝐶𝐶𝑥𝑥𝑥𝑥 and 𝐶𝐶𝑦𝑦𝑦𝑦 are
the embedment growth factors in the x and y directions, respectively, when the edge distance is
infinite, and n is the displacement factor between the wood fiber direction and the wood fiber
radial direction (n of Japanese cypress is 6, and n of Japanese cedar is 5).
Table 3 provides the material constant which is used for calculation and the ratio of the first
and second stiffness from the estimate equation.
The theoretical value of the second stiffness is calculated using the average of the ratio of
the first stiffness to the second stiffness from the results of partial compression tests.
Table 3: Material constants

Types of
wood
Japanese
cypress
Japanese
cedar

Lateral compressive
elastic modulus
𝐸𝐸90 (N/mm2)

6.38

Embedment yield
unit stress
𝑓𝑓𝑚𝑚 (N/mm2)

Second stiffness
/ First stiffness
(K2/K1)

239

Embedment strength
(Partial compressive
strength)
𝑓𝑓𝑐𝑐𝑐𝑐 (N/mm2)

5.10

0.094

219

4.73

3.78

0.090

3.2 Comparison between theoretical and experimental results obtained for continuous
nuki specimens
Figure 9 compares the theoretical and experimental values for each continuous nuki
specimen. The theoretical value was calculated using the average lateral elastic modulus from
the results of the material tests. In all continuous nuki specimens, the theoretical value of the
initial stiffness was greater than the experimental value. This may be caused by the construction
tolerances of the specimen and the wood drying shrinkage effect. In addition, the theoretical
value, which was calculated using the 50th percentile average of the lateral elastic modulus,
was compared with the experimental value to determine the effect of the gap between the
column and the nuki. As a result, experimental value was between the theoretical values for all
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specimens except C5. The gap between the column and the nuki in C5 was wider than in the
other specimens, because C5 does not have a wedge. Therefore, the experimental results
revealed a smaller value than the one that was estimated because the initial stiffness of C5
became smaller than that of the other specimens.
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Figure 9: Comparison between theoretical and experimental results obtained for continuous nuki

3.3 Estimation equation for oblique scarf joint nuki
In the full-scale tests, the specimens with oblique scarf joint nuki demonstrated embedment
failure, bending failure, shear failure, and cleavage failure. The moment at each failure point
was calculated and compared with the corresponding experimental result. Table 4 shows the
material constants used for the calculation of the estimation equation.
To calculate the magnitude of the moment that led to the embedment failure, the rotating
stiffness 𝐾𝐾𝜃𝜃 and yield moment 𝑀𝑀𝑦𝑦 were evaluated from the design equation of continuous nuki,
which was provided by a previous study [3]. This followed the same procedure that was used
for the continuous nuki (equations (1), (2), (3), (4), (5), and (6)). However, the specimens with
oblique scarf joint nuki are not symmetrical with respect to the nuki. Therefore, the yield
moment 𝑀𝑀𝑦𝑦 was divided by two in this case, and the coefficients of friction, 𝜇𝜇, were 0.4 and 0.2
on the negative and positive sides, respectively [4].
The moment at the point of bending failure (Mb) was evaluated from the geometrical moment
of inertia, I, and bending strength, 𝜎𝜎𝑏𝑏 , as:
𝑀𝑀𝑏𝑏 = 𝜎𝜎𝑏𝑏 ×
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𝐼𝐼 =

𝑦𝑦𝑝𝑝 × ℎ𝑒𝑒 3
12

(8)

where I is the geometrical moment of inertia (mm4), 𝜎𝜎𝑏𝑏 is the bending strength (N/mm2), and
ℎ𝑒𝑒 is the distance between an edge of the nuki and the shear plane of the oblique scarf joint
(mm), as shown in Figure 10.
The moment at the point of shear failure (Ms) was evaluated from the shear strength, 𝜏𝜏, as:
(9)

𝑀𝑀𝑠𝑠 = 𝛼𝛼𝑦𝑦𝑝𝑝 𝜏𝜏ℎ𝑒𝑒

where 𝜏𝜏 is the shear strength (N/mm2) and 𝛼𝛼 is the shear distance (mm).
The moment at the point of cleavage failure (𝑀𝑀𝑢𝑢𝑢𝑢 ) was evaluated using a design equation
[5] for cleavage failure if a nuki is stressed from the wood fiber and radial direction by equations
(10) and (11).
(10)

𝑀𝑀𝑠𝑠 = 𝑃𝑃𝑢𝑢𝑢𝑢 ℎ𝑒𝑒

2
ℎ𝑒𝑒
𝑃𝑃𝑢𝑢𝑢𝑢 = 𝐶𝐶𝑟𝑟 𝑦𝑦𝑝𝑝 √
ℎ
1
1 − 𝑍𝑍𝑒𝑒
0

(11)

where 𝑃𝑃𝑢𝑢𝑢𝑢 is the ultimate strength caused by the cleavage failure and 𝐶𝐶𝑟𝑟 is a cleavage failure
constant (N/mm1.5) (Japanese cypress 𝐶𝐶𝑟𝑟 = 10.0 (N/mm1.5)).
Table 4: Material constant

Types of
wood
Japanese
cypress

Lateral compressive
elastic modulus
𝐸𝐸90 (N/mm2)
250

Partial compressive
strength
𝐹𝐹𝑐𝑐𝑐𝑐 (N/mm2)
8.82

Bending strength
𝜎𝜎𝑏𝑏 (N/mm2)
72.8

Shear strength
𝜏𝜏 (N/mm2)
11.7

Figure 10: the detail of joint

3.4 Comparison between theoretical and experimental results obtained for oblique scarf
joint nuki specimens
Figure 11 compares the moments at bending failure, embedment failure, shear failure, and
cleavage failure with their associated experimental values for the oblique scarf joint nuki
specimens. In Figures 11(g) and (h), the moments at the points of bending and shear failure
exceeded 10 kNm, and hence these are not shown in the graph.
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All specimens with an oblique scarf joint nuki first exhibited cleavage failure in the nuki,
followed by multiple failures. The moment at cleavage failure was the smallest and
corresponded to the experimental value. The specimens with an oblique scarf joint nuki were
already subjected to cleavage failure before the failure was confirmed visually around the nuki
in the full-scale tests. This was because the cleavage failure occurred in the part of the column–
nuki joint that is visually inaccessible from the outside. Furthermore, J1-2, J6-2, and J8-2,
specimens that exhibited shear failure within the joint after failure, experienced the moment of
shear failure.
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Figure 11: Comparison between theoretical and experimental results obtained for oblique scarf joint nuki

4

CONCLUSIONS

We performed full-scale tests to obtain the relationship between the bending moment and
deformation angle and failure property of plus-shaped column-nuki connections, which of
either the continuous or oblique scarf joint nuki type. Furthermore, the theoretical values were
calculated using the design equation, and the experimental and theoretical values were
compared. The main findings of this study are as follows:
Continuous nuki specimens showed cleavage failure at the wedge or column in the fullscale tests; however, this was not affected by the decrease in the bending moment. All
oblique scarf joint nuki specimens showed cleavage failure first in the nuki, followed
by multiple failures. The full-scale test results showed that the yield and ultimate
bending moment of oblique scarf joint nuki specimens were approximately 10 to 70%
smaller than those of the corresponding continuous nuki specimens.
In continuous nuki specimens, the initial stiffness of the theoretical value was higher
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than the experimental one. In addition, the experimental value expected for the C5
specimen without the wedge was within the range of the theoretical values that were
calculated using the average lateral elastic modulus and the theoretical values that were
calculated using half of the average lateral elastic modulus. The gap between the
column and the nuki in the specimen without a wedge was bigger than the gap in the
other specimens. Therefore, the experimental value of the specimen without the wedge
was less than the theoretical one due to the small initial stiffness.
In the oblique scarf joint nuki specimens, the theoretical value of cleavage failure was
the smallest, and it coincided with the experimental value. Regarding bending failure
and shear failure, the experimental bending moment was smaller than the theoretical
value.
The results demonstrated that failure can be partially estimated using the previous design
equation by comparing theoretical to experimental values; however, the experimental data on
plus-shaped column-nuki connections which have oblique scarf joint nuki is still insufficient.
In the future, more full-scale tests of plus-shaped column-nuki connections can be performed,
and finite element analysis can be used to create a model which corresponds to various failure
properties.
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Abstract. The brick and tile of the existing masonry structures are precious, so it is not
feasible that the components are used as the dismantling unit for maintenance and
reinforcement. The homogenization method is an effective multi-scale calculation method,
which can be used to establish the analysis model of masonry on the mesoscopic-level. The
plane tessellation deconstruction method of masonry structure is proposed, exploring the
internal tessellation laws of masonry under different bricklaying methods, and the theoretical
system of periodic plane segmentation of masonry is established. Based on regular
tessellation theory, the plane segmentation of masonry structures under three kinds of
bricklaying methods is periodically carried out through rectangular unit lattice.
Deconstructing the smallest element of the tessellation form, the boundary condition of
equivalent volume element (RVE) is derived. On the premise of selecting reasonable material
parameters, RVE models under three kinds of bricklaying methods are built by finite element
software ABAQUS, and the equivalent parameters are obtained to realize the simulation
analysis of masonry structure based on micro-mechanics. The results show that the strength
of running bonding RVE is higher than that of the other two kinds, and the strength of header
bonding RVE is the lowest. The finite element results are compared with the compressive
strength results of the specimens under three kinds of bricklaying methods in the existing tests.
The results are in good agreement, which shows that the compressive capacity of masonry
structures with homogenization simulation under three kinds of bricklaying methods is
reliable while homogenization reflects the mechanical characteristics of masonry structure as
a whole. The rigid homogenization method based on regular tessellation theory takes brick by
brick as components to be dismantled and replaced in the ancient architecture, which opens a
new way for the fine analysis of masonry structure. The rigid homogenization method
maximizes the protection of the ancient masonry structure, which is of great significance for
the protection of human cultural heritage.
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1

INTRODUCTION

Masonry structure, as a composite structure composed of two different materials of brick
and mortar, has different deformation and mechanical properties under different brick
arrangement modes. As the weak link in masonry structure, mortar, its existence makes the
destruction form and mechanical properties of masonry structure more complicated than other
building forms. Homogenization method is an effective method to analyze the macro and
micro-mechanical properties of composite materials at present. The characteristics of the each
material of masonry structure are fused together, equivalent parameters are given to the
equivalent volume unit, and then the equivalent volume unit is applied to the whole.
Homogenization method can not only study the equivalent properties and deformation of
composite materials from the mesoscopic level, but also check the overall response of the
structure from the macroscopic level. It has been widely applied in engineering.
The concept of RVE was first proposed in the study of mechanical properties of masonry
by L.Gambarotta[1]. Considering the three aspects of bricklaying methods, thickness and
homogenization steps, the rigid homogenization theory is put forward to avoid the
deficiencies of the gradual homogenization thought by A.Anthoine[2]. The homogenization
theory of periodic medium is adopted, and the brick and mortar models are assumed to be of
continuous failure type by P.Pegon[3]. In addition, the two assumptions (plane stress
assumption and plane strain assumption) are compared, and the differences between the two
are obtained. The homogenization method called "Second-order" is proposed by A.Anthoine[4],
which can further extend the rigid homogenization theory and apply it to quasi-periodic
masonry structures. Masonry homogenization method was first introduced into China by
Daquan Wang[5]. Based on the research of composite mechanics theory, the mechanical
properties of RVE element are analyzed and periodic boundary conditions are established by
Jimei Shen[6]. The influence of different bricklaying methods and different kinds of blocks on
the compressive properties of masonry is analyzed by Yalin Li[7].The determination of the
minimum basic unit is analyzed, and the selected two-dimensional basic unit is divided in
detail by Yaying Wu[8]. RVE model is established and its good reliability is verified by
Chenyi Li[9].
Homogenization method can be used as an effective method to study the mechanical
properties of unreinforced masonry structures. In the equivalent volume unit with continuous
periodicity, the different material properties and bricklaying methods of constituent materials
will have different effects on mechanical properties. Therefore, reliable material parameters
are selected and the form of separate modeling is adopted. The mechanical properties and
deformation properties of RVE selected under common different masonry forms are simulated
by ABAQUS analysis software. The stress-strain relationship of each equivalent volume
element is analyzed, and the RVE equivalent parameters in all directions are calculated. The
RVE isotropic equivalent parameters are applied to the finite element model based on the
existing tests. The simulated values are compared with the test values and the error sources
are analyzed.
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2 THE THEORY OF PERIODIC MASONRY PLANE SEGMENTATION
2.1 Application of Fit Theory
The ancient masonry structure that condensed the wisdom and sweat of the ancient
laboring people witnessed the 5000-year civilization and history of China. However, due to
man-made destruction and natural erosion, it is imperative for researchers to maintain ancient
masonry buildings. Therefore, the conjunction theory is introduced to study the
homogenization of masonry structure, in order to provide an effective method for the
maintenance of ancient masonry buildings.
Masonry structure, a human creation that has been passed on for thousands of years, has
not been taken as a plane division art by predecessors to explore internal tessellation laws.
Tessellation composition refers to the regular arrangement of closed graphic objects that have
no overlap and no gaps. Tessellation deconstruction refers to the regular plane division of the
overall coincidence shape. The former emphasizes that graphic units are used to fill the whole
skeleton, while the latter emphasizes that the whole plane is divided by unit graphics. Both are
mathematical problems of periodically dividing two-dimensional planes essentially, involving
the principle of mathematical symmetry. In the process of tessellation, each graphic element
must follow the conditions of edge symbiosis and repeated continuity.
The first step of the masonry homogenization method is to divide the masonry structure
periodically. The systematic plane division of the masonry requires a thorough understanding
of internal tessellation laws. Therefore, the introduction of tessellation theory to analyze the
masonry structure is the premise of the masonry homogenization method.
2.2 Tessellation Laws and Plane Deconstruction Under Three Kinds of Bricklaying
Methods
Many practical projects and previous researchers' analysis show that Mechanical properties
and deformation properties of masonry structure are affected to varying degrees under
different bricklaying methods. There are many types of arrangement and combination of
blocks in buildings. The RVE units of masonry under three common kinds of bricklaying
methods are selected, as shown in figure 1:

(a)

(b)

(c)

Figure 1: Three kinds of bricklaying methods selected (respectively running bonding; quarter bonding; header
bonding)

The tessellation theory is introduced to analyse masonry structure. The basic unit
components move in two different directions. Through translation, rotation, reflection and
sliding reflection, a universal tessellation shape, i.e. a complete piece of wall, is generated in
the plane. Taking running bonding as a representative to comprehensively consider, it is
assumed that the size of the unit basic component of the tessellation shape (as shown in figure
2) is:
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(1)

(xh)×(yb)

Where h stands for the sum of block height and the thickness of horizontal mortar joint in
running bonding masonry; l stands for the sum of block length and the thickness of vertical
mortar joint in running bonding masonry; d stands for the overlapping amount of masonry
walls, and the overlapping amount of running bonding masonry walls is l/2; x and y stand for
any positive integer.

Figure 2: Coordinate system of the tessellation shape

Only when the basic unit components are uniformly and regularly formed into a
rectangular, parallelogram, rhombus or regular hexagon array, can the wall be divided into a
distributed tessellation shape by plane segmentation laws. For example, when x = 1, y = 1,
there is rectangular basic components for the tessellation shape of running bonding masonry
(as shown in figure 3, the half brick and half-thick mortar units surrounding three sides of the
brick form a kind of rectangular basic components for the tessellation shape of running
bonding masonry). Therefore, all kinds of basic shapes set are periodically divided into the
tessellation shape of running bonding masonry. Three kinds of basic segmentation formations
are proposed, as shown in figure 4:
(1)The rectangular components (xh) × (yd) consisting of 2n basic shapes with size h×b =
h× (l/2);
(2)The parallelogram components (xh) × (yd) consisting of 2n basic shapes with size h×b =
h× (l/2);
(3)The rhombus components (2xh) × (yd) consisting of 4n2 basic shapes with size h×b = h×
(l/2);

Figure 3: The rectangular components and its basic form of running bonding masonry

(a)

(b)

(c)

Figure 4: Three kinds of basic segmentation formation (respectively rectangle; diamond; parallelogram)

When x and y are any positive integers, the basic unit components may not be obtained by
the three basic segmentation formations shown in figure 5 after division and division. Therefore, only the whole wall is divided into rectangles, and rectangular basic segmentation

2381

Chunxia Yang, Shu Chen, Chenyi Li, and Nan Zeng

formations are adopted (figure 4(a)). The rectangular segmentation formations of part of the
wall under three kinds of bricklaying methods is shown in figure 5:

(a)

(b)

(c)

Figure 5: Partition of wall sheet matrix lattice in typical bricklaying methods (respectively running bonding;
quarter bonding; header bonding)

Referring to the above-mentioned rectangular lattice division, the dimensions of the RVE
unit of masonry selected under different assembling methods are shown in figure 6:

(a)

(b)

(c)

Figure 6: The sizes of RVE units selected under three kinds of bricklaying methods (respectively running
bonding; quarter bonding; header bonding)

2.3 2-D Periodic Description
According to the basic knowledge of mechanics, the stress state in the region Ω of the
masonry wall can be obtained. When the load is transferred from one basic component S to
another basic component S', the following conditions can be established:
(1) The stress vector is continuous;
(2) The strain in the deformation process is coordinated with each other, and no separation
or overlap occurs between basic components.
1) Periodic stress
Condition (1) means that stress is transferred from one side of the same component S to its
opposite side to meet the following requirements:
σ(x+Vα)+n·(x+Vα) = -σ(x)·(x) (On opposite sides of ∂S)

(2)

Because the outer normal n is anti-periodic symmetric, equation (2) can be simplified as:
[σ(x+Vα) -σ(x)]∙n(x) = 0

(3)

Therefore, the stress field σ is called a periodic stress field. The stress vector σ∙n is antiperiodic symmetric on ∂S.
2) Strain-periodic displacement
According to condition (2), opposite sides should completely coincide in shape after
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deformation. In other words, the relative displacement field of two opposite sides must be
equal to the rigid displacement (translation or/and rotation). The basic component S is
transformed into the 2-D component shown in figure 7:
X2
R

X1

h

v

d
l

Figure 7: The basic components are compatible with the strain of opposite sides.

In the case of stack bonding pattern, this is expressed by：
u(x1 , h)-u(x1 , -h) = V-Qx1e2

x1∈[-l , l]

u(l , x2)-u(-l , x2) = U-Rx2e1

x2∈[-h , h]

(4)

Where u and v are translation vectors; R and S are rotation constants.
Similarly, the further conclusion has been proved for running bonding masonry:
u(l/2+x1 , h)-u(-l+x1 , -h) = V-Qx1∙e2)

x1∈[-l , l]

u(l+lx2/2h , x2)-u(-l+lx2/2h , x2) = U-R(x2e1+lx2/2h∙e2)

(5)

x2∈[-h , h]

No matter any angle of the component is regarded as a horizontal or vertical edge, they all
undergo the same displacement, which means that equation (5) must be compatible when
written for extreme values of x1, and x2. When R and S are both zero constants, the
displacements are compatible, so equation (5) is simplified as:
u(d/2+x1 , h)-u(-d/2+x1 , -h) = Vx1
u(l+dx2/2h , x2)-u(-l+dx2/2h , x2) = U

x1∈[-l , l]

(6)

x2∈[-h , h]

Where d is the overlap amount.
Since it leads to a periodic strain field, such a displacement field u is called strain-periodic.
The strain-periodic displacement field can be expressed in the following form:
u(x) = E∙x+up(x)

(7)

u1(x1 , x2) = E11x1+E12x2+u1p(x1 , x2)
u2(x1 , x2) = E21x1+E22x2+u1p(x1 , x2)

Where Eαβ (α, β = 1 or 2) are four constants; up(x) is periodic displacement field with equal
values on any set of opposite sides of ∂S:
up(x+Vα) = up(Vα) (On opposite sides of ∂S)

(8)

The expression of the strain-periodic displacement field is derived from equations (7) and
(8):
u(x+Vα)-u(x) = E∙Vα+Ω×Vα
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As compared with equation (7), equation (9) only involves periodic relative
displacement between two points on opposite sides.
2.4 Realization and Application of Homogenization
Because of periodic stress σ (equation (3)) and the strain periodic displacement u (equation
(9)) of basic components deduced earlier, it is not necessary to calculate the whole specimen,
but to focus on any component in the specimen. In order to obtain σ and u everywhere on the
basic component, equilibrium conditions and constitutive relations must be added so that the
problem to solve by equation (10) is:
div σ = 0 (on S)

(10)

σ = f(ε(u))
σ∙n anti-periodic on ∂S
u(x+Vα)-u(x) = E∙Vα+Ω×Vα periodic on ∂S
〈σ〉= Σ or 〈ε(u)〉= E

Where 〈σ〉and〈ε(u)〉 stand for macroscopic uniform stress and macroscopic uniform
strain
Where equation(a) stands for the equilibrium condition, indicating that there is no
volumetric force on the basic component S ; equation(b) stands for the constitutive equation
of plane stress, and the constitutive relation f is the periodic function of the space variable x,
which describes the properties of various materials on the basic component after combination;
equation(c) and equation(d) stand for boundary conditions of the basic component derived
above; equation(e) stands for the condition for controlling loading, wherein the former
controls the loading of stress and the latter controls the loading of strain. Whether controlled
stress loading or controlled strain loading is used, the solution of equation (10) is often called
"local solution" because microscopic quantities (local quantities) σ and ε (u) are determined
by macroscopic quantities (global quantities) E and Σ.
It is worth mentioning that regardless of the material constitution, the average stress and
the average strain always conform to Hill's macroscopic homogenization equation, i.e.:
σ : ε(u)  σ : ε(u)   : E

(11)

Equation (11) is applicable to any periodic stress field with zero divergence and any strainperiodic displacement field.
Compared with the traditional boundary problem, there are two differences in equation
(10):
(1) The load consists in the integral of one field (and not in boundary or body forces);
(2) The boundary conditions are not local.
The universal applicability of equation (10) has been proved in various research methods.
Even under the action of rigid displacement field. The unique solution (σ, u) can still be
obtained by using equation (10) (this has been proved for linear elasticity, perfect plasticity
and linear viscoelasticity). Once the local solutions (σ, u) are known, the missing macroscopic
quantity E or Σ may be evaluated. The E-Σ relationship, i.e., the global (macroscopic)
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constitutive law of the composite material can be built by repeating this process to obtain
enough groups of E andΣ.
According to the definition above, if masonry is replaced by the fictitious homogeneous
material obeying to this macroscopic constitutive law (homogenized material), the mechanical
properties of the specimen subjected to a macroscopical homogeneous loading remain
consistent with those of the masonry specimen. This makes it unnecessary to show
independent basic components when the finite element software is used to calculate the
overall mechanical properties of masonry structures subjected to in-plane loads. Instead, as
long as the homogeneous materials are used to build the same structure under the same
loading conditions, the an-isotropic homogeneous structure is flexibly meshed (which cannot
be realized on the original an-isotropic non-homogeneous masonry structure). The
conclusions similar to the original masonry structure are obtained after the appropriate finite
elements are selected for calculation.
3

MODEL BUILDING

The reduced integration unit C3D8R is selected. The finite element models of RVE under
three kinds of bricklaying methods are shown in figure 8.

(a)

(b)

(c)

Figure 8: Grid division of RVE models under three kinds of bricklaying methods (respectively running bonding;
quarter bonding; header bonding)

To establish the stress-strain relationship by ABAQUS, it is necessary to integrate stresses
and strains of the entire RVE. The average stress and average strain obtained as follows:
1
σ ijdV
V v
1
ε ij 
εijdV
V v

σ ij 




(12)

It is approximately believed that the average stress and strain of brick and mortar units are
their average values respectively.
4

EXTRACTION OF EACH EQUIVALENT PARAMETER

4.1 Uniaxial Stress-Strain Curves of RVE Models
Average stress-strain curves of masonry under three kinds of bricklaying methods for
uniaxial compression along the x, y and z axes obtained by finite element software ABAQUS
are shown in figure 9(a). Average stress-strain curves of the running bonding RVE model for
uniaxial tension are shown in figure 9(b). Average stress-strain curves of the quarter bonding
RVE model for uniaxial shear are shown in figure 9(c). Peak strains and ultimate strengths are
shown in tables 1-3.
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(a)

(b)

(c)

Figure 9:Stress-strain curve of RVE model for uniaxial stress((a) Stress-strain curves of three kinds of RVE
models for uniaxial compression ( along x-axis, y-axis and z-axis respectively); (b) Stress-strain curves of
running bonding RVE for uniaxial stress; (c) Stress-strain curves of quarter bonding RVE for shear)
Table 1: Comparison of peak stress and strain values for uniaxial compression
X-axis compression

Bricklaying
methods

Peak stress (Mpa)

Peak strain

Running bonding
Quarter bonding
Header bonding

9.17
8.93
9.43

0.00233
0.00224
0.00241

Y-axis compression

Z-axis compression

Peak stress (Mpa) Peak strain Peak stress (Mpa) Peak strain

8.98
8.77
9.26

0.00228
0.00222
0.00239

8.77
8.39
9.15

0.00227
0.00225
0.00233

Table 2: Comparison of peak stress and strain values for uniaxial tension
Bricklaying
methods

Running bonding
Quarter bonding
Header bonding

X-axis tension
Y-axis tension
Z-axis tension
Peak stress (Mpa) Peak strain Peak stress (Mpa) Peak strain Peak stress (Mpa) Peak strain

0.219
0.214
0.201

3.23E-5
3.23E-5
3.08E-5

0.225
0.216
0.203

3.38E-5
3.27 E-5
3.11E-5

0.517
0.508
0.498

5.53E-5
5.46E-5
5.41E-5

Table 3: Comparison of peak stress values for shear

Bricklaying methods XY-plane peak stress (Mpa) YZ-plan peak stress (Mpa) ZX-plan peak stress (Mpa)
Running bonding
0.29
0.33
0.37
Quarter bonding
0.27
0.30
0.34
Header bonding
0.22
0.29
0.31
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4.2 Equivalent Parameters Along Different Axes
When shear stress is not considered, the constitutive relation of elasticity of anisotropic
materials is as follows:

 1
 E
ε   x
x
   υ
xy
 
ε y    
   Ex
ε z  
 υ xz
 E
x




υ yx
Ey
1
Ey



υ yz
Ey

υ 
 zx 
Ez 
 σ 
υzy   x 

 σ 
Ez  y 
 σ 
1  z 
Ez 


(13)

The initial part of the stress-strain curve obtained by finite element analysis is linear
elasticity. When there is normal stress along only one axis, the equations for calculating the
equivalent elastic modulus and Poisson's ratio along three axes are as follows:
ε
σ
ε
Ex  x ， υ   y ， υxz  z
xy
εx
εx
εx
Ey 

(14)

σy

ε
ε
， υ yx   x ， υ yz  z
εy
εy
εy

Ez 

ε

ε
， υ zx   x ， υ zy  y
εz
εz
εz

σz

For pure shear stress, the shear modulus of three kinds of RVE models along three axes are
defined as follows:
G xy 

τ xy
ε xy

，G yz 

τ yz

τ
，G zx  zx
ε yz
ε zx

(15)

Table 4: Equivalent parameters of three kinds of RVE models along different axes
Bricklaying
methods
Running bonding
Quarter bonding
Header bonding

The modulus of
elasticity

Ex

Ey

7134
6842
6486

6538
6317
6055

Ez

An-isotropic shear
modulus

The Poisson's ratio

xy

yz

xz

yx

zy

zx

G xy

7579 0.184 0.174 0.180 0.179 0.198 0.196 2547
7263 0.180 0.168 0.175 0.176 0.195 0.193 2538
6723 0.172 0.165 0.167 0.169 0.187 0.186 2498

G yz

G zx

2603
2592
2563

3219
3112
3106

Percentage
of mortar
content
19.24
20.92
22.60

The strengths of running bonding RVE selected are much higher than those of the other
two kinds along different axes and the strengths of header bonding RVE selected are the
lowest. Mechanical properties of RVE are affected by the placement of mortar joint and the
overall volume occupied by mortar joint. In addition, there are some differences in the
compressive strength of the three kinds of RVE models along different axes of X, Y and Z,
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which is not only related to bricklaying methods, but also related to the sizes along each axis.
The compressive stiffness of masonry is inversely proportional to the mortar content. The
smaller the mortar content is, the greater the compressive stiffness of masonry, which
conforms to the theoretical facts and the variation law of equivalent elastic modulus.
5

ANALYSIS AND SIMULATION OF RVE MODEL

The data of compressive tests in the structural test center of Changsha University of
Science and Technology by Zhiwei Hu[10] is used as comparison. Only the running, quarter,
and header RVE models are selected for analysis.
5.1 Comparison of Compressive Strength
Simulated and experimental values of the ultimate compressive strength of the three kinds
of specimens are respectively shown in table 5:
Table 5: Simulation values (test values) of ultimate compressive strength

Bricklaying methods Stress area(mm2) Failure load (kN) Compressive strength(MPa) Error(%)
Quarter bonding
56350
122（113）
2.130（2.005）
7.63
Header bonding
117600
236（220）
2.001（1.871）
6.95
Running bonding
117600
239（214）
2.032（1.820）
11.6

5.2 Comparison of Compressive Strength
Test values and simulation values of elastic modulus are shown in table 6:
Table 6: Comparison of elastic modulus of specimens

Bricklaying methods Test value (MPa) Simulation value(MPa) Error(%)
Quarter bonding
1335
1465
9.7
Header bonding
1066
1152
8.1
Running bonding
1027
1179
14.8

5.2 Results Analysis
The maximum error of compressive strength is 11.6% (less than 15%), which is within the
acceptable range, indicating that the homogenization method is reliable for simulating
compressive strength of masonry structure under three kinds of bricklaying methods.
From the data comparison, it can be concluded that the general trend of stress-strain
simulation curves and test curves is consistent, while test values of the elastic modulus of the
specimens under different bricklaying methods are quite different from simulation values. The
reason is that strength values itself has certain deviation, and whether the strength is accurate
or not directly affects values of the elastic modulus. Moreover, by using homogenization
method, although the bond-slip effect at the interface cannot be simulated in the finite element
model established by RVE, it can better simulate the mechanical characteristics of masonry
structure as a whole.
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6

CONCLUSION
-

-

On the premise of the tessellation theory, the whole wall under three common
bricklaying methods is divided by using the rectangular division lattice. Three kinds
of representative volume element (namely RVE) capable of generating universal
tessellation shapes are obtained.
The theory of periodic masonry plane segmentation is established, and the minimum
component of the tessellation shapes is deconstructed, and the boundary conditions of
equivalent volume element (RVE) are derived.
On the premise of selecting reasonable material parameters, RVE models under three
kinds of bricklaying methods are established, and the corresponding equivalent
parameters are obtained. The results of finite element software are compared with the
tests results. The results are in good agreement, which shows that the homogenization
method is reliable for simulating compressive strength of masonry structure under
three kinds of bricklaying methods and can reflect the stress characteristics of
masonry structure as a whole.

Acknowledgements. The research is supported by the National Natural Science Foundation
of China (Grant Nos. 51678067, 51808054). This support is gratefully acknowledged.
REFERENCES
[1] L.Gambarotta and S.Lagomarsino. Damage models for the seismic response of brick

masonry shear walls. Part I: The mortar joint model and its applications. Earthquake
Engineering and Structural Dynamics, (1997), 26(3): 423-439
[2] Anthoine, A. Derivation of the in-plane elastic characteristics of masonry through
homogenization theory. International Journal of Solids and Structures, (1995)32, pp. 137163.
[3] P.Pegon and A. Anthoine, Numerical strategies for solving continuum damage problems
with softening Application to the homogenization of masonry, Computers and Structures,
(1997)64, pp. 623-642, .
[4] A.Anthoine. Second-order homogenization of functionally graded materials. Inter-nation
Journal of Solids and Structures.(2010)47, pp.1477-1489
[5] Daquan Wang. Nonlinear Analysis of Masonry Applying the RVE Homogenization
Methods. (2002), pp.45-60
[6] Jimei Shen. Study on Homogenization Process of Masonry and Its Applications Using
Numerical Simulation. (2012), pp.29-60
[7] Yalin Li. Study on compressive behavior of cross bore block masonry under different
masonry methods. (2015), pp.20-42
[8] Yaying Wu. Research on the Rigid Homogenization Theory of Masonry Structures Based
on Regular Tessellation Theory. (2012), pp.33-50
[9] Chengyi Li. Study on the Rigid Homogenization Model of Masonry under Different
Masonry Methods (2015), pp.29-63
[10]
Zhiwei Hu. The Research on the impact of masonry methods on the brick masonry
mechanical properties. (2015), pp.50-66

2389

Study
M.
Miyamoto
on Seismic Performance Evaluation of Modern Wooden School Buildings in Japan

       
   
  





    
 


   
  
         
    

     
Japanese school buildings have been changed from modern wooden structures to
reinforced concrete structures after the Building Standard Law was established in 1950.
Therefore, only a few modern wooden school buildings exist currently. Ensuring the seismic
resilience of these wooden school buildings is essential for their preservation and longevity. In
this study, a static pushover analysis was conducted for a modern wooden school building using
a 3D frame model to simulate the relationship between lateral load and deformation. This 3D
frame model was proposed based on the site investigation and the 2D frame model used in a
previous study. From the analysis results, it is found that the bearing capacity was decided by
the deformation capacity of the column-to-groundsill connection; therefore, reinforcement to
these connections was required to improve the seismic performance of a modern wooden school
building.
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Figure 21: Outline of specimen

Figure 22: Loading instrument

Figure 23: Relationship between
load and deformation
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Figure 24: Comparison of experimental and analysis
results (specimen A)
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Figure 25: Comparison of experimental and analysis
results (specimen B)
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Figure 26: Comparison of experimental and analysis
results (specimen C)
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Figure 27: Comparison of experimental and analysis
results (specimen D)

column-to-groundsill connection was conducted as shown in Figures 21 to 23. The specimen
size was the same as that for the full-scale static lateral loading tests. The number of specimens
was five. The embedment resistance at the connection of the through brace, separate brace, or
knee brace and the beam, groundsill, or column was expressed as an axis spring. The shear and
tensile resistance of a bolt were expressed as an axis spring. A bilinear-hysteresis model was
used for each rotation spring and axis spring. The initial stiffness and yield moment or strength
were calculated based on a previous study [2] [3]. The material property was estimated through
the results of destructive tests for each wooden member based on a previous study [2] [4].
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Abstract. This paper presents an analysis of the behavior of masonry tunnel vaults of the Paris
metro when their state of equilibrium is altered. These tunnels were built with a masonry vault
combined with sidewalls and a slab made of unreinforced concrete. The main case studied here
is that of the spreading of the vault’s supports as a result of nearby construction works.
Numerical computations are carried out using a specifically developed model for the masonry
that combines a homogenization technique with damage models. An interface between the
tunnel and the ground allows the study of the soil-structure interaction. The proposed model
identifies the possible hinging failure mechanisms and their configuration based on the
horizontal displacements and the geometry of the structure. Several other simpler constitutive
laws for the masonry are also used and then compared with the proposed model. An analysis
on the loss of the passive earth pressure and the deformation of the structure are also provided.
Based on the numerical simulations made and real measurements, it was observed that the
studied underground masonry vaults may withstand several centimeters of support spreading.
1 INTRODUCTION
The Paris subway system, operated by the Régie Autonome des Transports Parisiens
(RATP), has sixteen lines and carries about 5 million passengers daily. The infrastructure is
mostly underground and was built predominantly in the early twentieth century. About 85% of
the tunnels comprise a masonry vault. The typical section adopted for the tunnels was built with
a masonry vault (blocks of gritstone or meulière stone and mortar) and unreinforced concrete
sidewalls and ground slab. More details can be found in [1] and [2]. To evaluate the
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serviceability state of a tunnel, or the impact of nearby civil engineering works carried out in
the vicinity, it is necessary to predict the behavior of the masonry vault and the concrete walls
and slab using advanced numerical tools. It is then possible to assess any possible damage to
the existing structure. Although the modelling of historical masonry structures has been the
subject of many scientific publications [1], there are few references on modelling masonry
tunnels. Some studies have been carried out using elastic FEM analysis or limit analysis [1].
This study follows up the model that we developed for masonry vaults [3] and the
experimental campaign [2] needed to characterize the materials. This model, as will be
discussed later on, uses a homogenization technique and damage mechanics. The issue
examined in this paper is that of the spreading of the vault’s supports as a result of nearby
construction works. Results of the numerical simulation are compared with in situ
measurements. The proposed model provides a realistic and effective way to analyze the
behavior of masonry vaults and gives access to the deformation state of the structure thus
allowing the serviceability state and failure load to be evaluated.
2 DESCRIPTION OF THE CASE STUDY
The study deals with the station "Mairie d'Ivry", the southern terminus of the line 7 of the
Paris Metro. The three-lane tunnel that forms the station is about 105 m long and it was built
with a semi-circular shaped masonry vault supported by two unreinforced concrete sidewalls,
bound by a curved unreinforced concrete ground slab. Dimensions are shown in Figure 1 and
geology in Figure 2. The construction of the station started in 1938. According to historical
records, the method of execution consisted in building initially the sidewalls from the surface
as bored piles. Excavation of the tunnel was executed in multiple stages starting with the top
heading. Once the sidewalls were finished, the full excavation of the top section and
construction of the masonry vault was carried out. Finally, the excavation of the rest of the
section (core and bottom) allowed the realization of the curved slab. During the construction,
several problems were reported, caused by swelling of the clay layer.
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Figure 1: Geometry of the station Mairie d’Ivry (in cm)
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Several decades later, the construction of a group of buildings near the station required to
perform a deep excavation (Figure 2), which was carried out in a short period of time in 1983.
39.5
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Excavation

33.6
27.4

28.4

26.74 26m

21.6 Station

Sidewall
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Limestone

Clay

12.66

Marls
Chalk
Figure 2: Geology and construction works near the station “Mairie d’Ivry”

Immediately after, numerous structural problems were reported in the station: cracks at the
crown and slab (Figure 3), water infiltrations, dislodged tiles, etc. These problems led to the
setup of a series of measurements that revealed the subsidence of the masonry vault, the
increasing distance between sidewalls and the uplift of the slab. Measurements were taken from
1984 to 2007 (see Figure 6). Several hypotheses were suggested to explain these observations:
the decompression and creep of the clay layer; the slight rise of the groundwater table level; the
decrease of the passive earth pressure that could be mobilized at the right sidewall, which was
needed to ensure stability; amongst others [4]. Also, the clay layer was extremely sensitive to
the modification of their state of equilibrium, which may explain the sinking and rotation of the
right sidewall; the left sidewall being considered stable.
In order to stabilize the deformations of the structure, a set of reinforcement works was
carried out in the tunnel (Figure 3): in 1987 a series of micropiles were installed alongside the
right sidewall; and in 1989 the supports of the vault were strengthened with pre-stressed steel
tie rods, reducing in this way the thrust of the vault. The tie rods can be seen to this day. Details
on the reinforcements can be found in Appendix A and [4].
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concrete

Treated
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Drains
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Fix point
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15°

Figure 3: Visible cracks and reinforcement works at the station [4]
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3 MODELLING STRATEGY
3.1 General considerations
The objective of the study is to reproduce in the most accurate possible way the observed
behavior of the tunnel. To this end, a two-dimensional finite element model was built to study
the tunnel. Masonry was studied with a specific homogenization-damage model. Soil-structure
interaction was modelled through an interface. This model incorporates then several nonlinear
material behaviors: tunnel structure, surrounding soil and interface.
In order to study the tunnel problem in 2D we adopted the so-called convergenceconfinement method [5][6] to take into account the three-dimensional aspects of the tunneling
process in a plane strain analysis. The construction of the tunnel is controlled using a
confinement loss parameter  that ranges from 0 (perfect confinement) to 1 (no confinement).
More details are given in §3.4. The groundwater table was modelled implicitly: ground layers
below this level were modeled with their effective weight; water pressure was applied to the
tunnel assuming that the structure is completely impervious. Stiffness of the initial wood
support used to build the tunnel is not taken into account: in the modeling we consider that it
no longer exists, and the earth pressure is directly applied to the masonry lining. The calculation
was carried out in plane strain and in effective stress.
3.2 Numerical model for the tunnel materials
The model for the masonry incorporates a so-called macro-modelling technique: the
masonry is represented by a continuous homogeneous "equivalent" medium. To this end, a
homogenization technique is implemented, associated with damage mechanics to represent the
non-linearity of the behavior (Figure 4).
In the process of homogenization, it is assumed that the heterogeneous masonry material has
a periodic microstructure defined by a "basic cell", whose repetition represents the whole
structure. The homogenization procedure is based on the analytical engineering approach
proposed by Zucchini & Lourenço [7] for masonry. The geometry of the basic cell (see
Appendix A) and the behavior of its components, i.e. blocks and joints, are used to derive the
orthotropic constitutive law of the homogenized continuum. The homogenization is carried out
within the thickness of the vault.
y

Homogenization
x

Homogenized
continuum
+ Damage Mechanics
d

Basic Cell

F

d

a) Numerical approach for the masonry
b) Typical masonry of the Paris metro tunnels
Figure 4: Homogenization of the masonry.
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Coupling homogenization and damage was carried out using the model proposed by
Zucchini & Lourenço [8]: a scalar damage variable is associated to each component of the basic
cell. The problem is treated in an incremental way: under increasing load, the homogenization
technique integrates the damage in each component, and consequently updates the internal
stresses and elastic parameters. Here, damage in the components of the masonry is evaluated
using a modified version of the isotropic damage model by Mazars [9], with an improved
damage criterion and a regularization technique in tension. This damage model was also used
for the unreinforced concrete of the sidewalls and ground slab. The variations of the directions
of the block-mortar bond in the vault are also considered.
A thorough description of the numerical model can be found in [3]. This coupled model will
be referred to as “Damage Model” hereafter. The constitutive law for masonry and concrete
was implemented in the finite element code CESAR-LCPC v6 (Solver 6.2.14).
3.3 Material properties
The properties required for the numerical model are presented in Appendix A. Masonry’s
mortar and meulière stone properties led to the following homogenized properties: elastic
moduli  = 10 150 MPa,  = 14 620 MPa, and Poisson’s ratio  = 0.2 (see Figure 4a).
Concrete elastic properties for the sidewall and the slab are:  = 8 500 MPa and  = 0.21.
Both set of mechanical properties are issued from [2]. The surrounding soil is made up of four
layers, modeled with a linear elastic-perfectly plastic model with Mohr-Coulomb criterion. The
interface between the tunnel and the soil is modeled with a non-linear behavior; its properties
were derived from the soil mechanical properties. Details are presented in Appendix A.
3.4 Initial stress in the masonry vault
In the numerical simulation, the estimation of the initial stress state in the existing tunnel
might be a complicated matter. Indeed, the initial stresses in the masonry lining might depend
on many factors: stiffness and density of the surrounding ground, stiffness and density of the
masonry, ground pressure transmitted to the masonry lining and the construction method; all of
these are known only with a certain level of certainty and must be reproduced in the model. Of
course, ideally, we would use in situ stress measurements in the structure [1]. In most cases
though, in situ measurements are not available. What we propose here is a trial-error approach
in order to produce a reasonable stress state in the vault.
As stated in §3.1, when using the chosen approach, a confinement loss parameter  must be
introduced. Some methods have been proposed in the literature [5][6] to calculate  for circular
tunnels with ground isotropic stress field. Nevertheless, in our study we will introduce a value
of  in such a way that the thrust line position in the structure lies within a distance inferior to
0.3ℎ from the mean line (see Figure 5), with ℎ the height of the cross-section. This hypothesis
comes from the ultimate limit state verification of unreinforced concrete tunnels [10]. This
approach is accurate enough since some similar hypotheses were used when the masonry vaults
were conceived [1]. The thrust line here is no other than the eccentricity  of the resultant force:
 = /

(1)

where  is the bending moment and  the normal force. The internal forces  and  are
calculated in each normal section to the mean line integrating numerically the normal stresses,
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assuming elastic behavior for the structure. Taken into account the masonry and soil properties,
as well as the construction process (see Table 1), a satisfactory initial thrust in vault is obtained
with  = 0.3 as illustrated in Figure 5.
It is important to notice that given the construction method, the masonry vault takes direct
support on the sidewalls, and these transmit the thrust of the vault to the ground. The soil next
to the sidewall is thus compressed and it is found in passive conditions.

 = 0.3

Thurst Line Stage 3
Thurst Line Stage 6
Mean Line
0.3h
1 − 

Figure 5: Initial thrust lines in the masonry vault (elastic calculation).

3.5 Modelling stages
We sought to reproduce explicitly the construction method described in §2 as well as the
reinforcement works. The model comprises the stages presented in Table 1. The first six stages
correspond to the reconstitution of the initial stress in the vault discussed in section 3.4.
Table 1: Modeling stages

Stage
1
2
3

Description

Loads

Comments

Initial state: geostatic stress
Excavation: sidewalls & top section
“Construction”: vault and sidewalls

Soil weight
Forces  = 0.3
Forces 1 −  & self-weight

Groundwater table level is at 26.74
See §3.4
See §3.4
The ground slab was executed at
the end, several days later
Groundwater table level is at 28.40.
See Figure 2
See Figure 2
See §3.6
See Figure 3 & Appendix A
See §3.6

4

Excavation: core and bottom

5

“Construction”: Ground slab
Natural groundwater table level
restauration & platform
Nearby excavation works
Soil creep: limestone & clay
Setting up: Micropiles
Soil creep: limestone & clay

6
7
8&9
10
11
12

Setting up: Tie rods

13

Soil creep: limestone & clay

Forces  = 0.9

Forces 1 −  & self-weight

Water pressure

Forces  = 1
Creep
Self-weight
Creep
Pre-stressed force 650 kN @
2.21m
Creep

See Figure 3 & Appendix A
See §3.6

3.6 Modelling the effects of nearby construction works on the masonry tunnel
As explained in section 2, excavation works carried out near the tunnel together with creep
phenomenon on the ground produced high deformations and cracks in the structure. What we
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seek in this study is to reproduce what happened in the tunnel and show that the proposed
Damage Model may correctly predict the behavior of the existing tunnel. Since the soil next to
the sidewall is altered and decompressed due to the construction, it can no longer preserve its
initial mechanical properties. A simple approach to simulate the deformation of the soil over
time induced by the construction is used: a simplified elastic creep model together with the
reduction of the shear strength properties  and tan  (see Tables 4) of the clay layer under the
tunnel and the limestone layer next to the right sidewall. Notice that the objective here is not to
give a detailed analysis of the evolution of the soil behavior through time (such a back-analysis
would be artificial without proper experimental data). The properties reduction is carried
throughout several stages (§3.4). The final properties at stage 13 are given in Tables 4.
Properties of the interface (clay and limestone at right sidewall) are also subjected to creep.
4 MASONRY VAULT DEFORMATION AND DAMAGE
The in situ convergence measurements were taken with respect to a set of points shown in
Figure 6, where the modelling results are plotted in (relative displacements in relation to
point 1). Given the set of assumptions taken, it can be observed that the Damage Model
manages to reproduce with fair precision the measured deformations of the tunnel (Table 2).
The results of simulations with an orthotropic elastic behavior are also presented for
comparison. We can clearly see that an elastic calculation completely underestimates the
deformations.
Table 2: Comparison of numerical
and measured convergences (mm)
Ref.

3-5
1-4
2-6
1-2
2-3
3-4
2-4

Measures Damage
Model
(mm)
(mm)
-54.22
-54.58
19.50
18.04
-18.40
-22.48
-4.0
-3.37
5.0
2.31
-4.0
-3.56
13.0
11.04

Elastic
Model
(mm)
-20.01
4.55
-8.32
-1.69
0.67
0.63
4.47

Remark: A positive sign means that the
distance between the points increases,
and negative signs indicates that it
decreases.

2

3

1
20 mm

4

6
Tunnel intrados
Damage Model
Elastic Orthotropic
Measures

5

Figure 6: Deformation of the structure

Figure 7 shows the damage state in the tunnel from the numerical model. Damage at the
crown of the vault is present from the initial state and evolves to the formation of three damaged
zones: mid-span and vault’s supports. The spreading of the vault’s supports of about 20 mm is
close to produce a hinge mechanism and therefore failure. Indeed, we observed that the loss of
convergence was close in the numerical model. Hence, a mechanism will eventually form with
6 hinges: three for the vault and three for the slab. Damaged areas observed in the station (Figure
3) are reproduced with good precision by the model in the vault and the slab (Figure 7).
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Damage

Soil-tunnel
interphase

No Damage

See Figure 10 b)
Tie rods
Micropiles

Figure 7: Modelling results: damage in the tunnel structure

5 ANALISYS OF THE PASSIVE EARTH PRESSURE LIMIT STATE
The interaction stresses between soil and structure along the tunnel interface may be of
complex nature and difficult to analyze. As a simplification, we consider here that the lateral
reaction of the ground necessary to balance the thrust generated by the masonry vault comes
only from the contact alongside the sidewalls and that the ground slab plays no role in the
structural equilibrium. Since the modification of the equilibrium happens from the right side,
we will only study the stress state in the interface at the right sidewall.
We have established that the soil next to the sidewalls is found in passive conditions (§3.4).
In order to analyze the passive state of earth pressure and its stability at the right sidewall of the
tunnel, as an approximation one may use the approaches commonly used for retaining
structures, particularly of those for embedded walls. The limit state of passive earth pressure in
a vertical wall may be obtained from Eurocode 7[11] and its French application standard [12].
The passive earth pressure that can be mobilized , is
,  =     2 

with

 
 = tan   
4 2

(2)

where  is the limestone cohesion (§3.3),  the effective vertical stress in the ground (obtained
from the FEM) and  the coefficient of horizontal passive earth pressure (see Appendix A).
The values of  and tan  of are reduced progressively (§3.6) throughout the subsequent
simulation stages. Finally, the force that can be mobilized in the ground , is obtained by
numerical integration of , , calculated only alongside the right sidewall:
, = 



,  
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Similarly, the resultant thrust generated by the vault t,k is obtained from integrating
numerically the normal and shear stresses of the interface (§3.1) alongside the sidewall:
, =   

with  = 



   and  = 





(4)

 



Taken into consideration the limit state in the compressed soil suggested by the standard
[12], equilibrium is found if
, > ,

with

, =

,
and , = 1.35 ,
1.4

(5)

We introduce now Λ as the loss of the passive earth pressure that can be mobilized. This
quantity is defined as the reduction of m,d with respect to a reference initial value ini
m,d . In our
ini
case, we consider the initial resistance m,d to be the value of m,d from stage 6 (§3.4), before
the excavation carried out in 1983, since we consider this stage as the initial equilibrium state.
We have
Λ=1−


,
,

(6)

Analyzing now the results from the numerical model, we find that the thrust , generated
by the vault remains almost constant at 1 MN/m regardless of the creep, as can be seen in
Figure 8a). Although the equilibrium condition (5) is nearly satisfied all of the time, Figure 8b)
shows that beyond a certain threshold, convergences in the tunnel reach values larger than
10 mm. This means that even if equilibrium is potentially possible, i.e. no ultimate limit state
reached in the tunnel structure, the loss of the resistance of the ground has important structural
consequences in the tunnel (cracks, water infiltrations, important deformations), and the
serviceability limit state may no longer be satisfied. In this study, a critical threshold is shown
when a loss of about Λ = 55% of the passive earth pressure that can be mobilized happens; this
also coincides with the start of the elastic creep in the soil (red dotted lines in Figure 8).
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a) Evolution of vault thrust
b) Tunnel deformation
Figure 8: Loss of the passive earth pressure that can be mobilized
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6 MODELLING CHOICES FOR THE MASONRY LINING: CONSTITUTIVE LAW
When external works are carried out nearby an existing tunnel that might affect it, most of
the time displacements thresholds are imposed, in order to oversee the impact of the works on
the existing structure and guarantee their safety. We will see in this section that the choice of
the constitutive law for the materials comprising the tunnel’s structure is of capital importance
when proposing these thresholds, or simply when evaluating the impacts.
6.1 Elastic domain
When it comes to modeling an old masonry tunnel, in engineering practice, it is common to
model it as a linear elastic isotropic material, usually with a very low elastic modulus: a typical
value is about 6 GPa [1]. This is done most likely for safety reasons: a low material stiffness
can produce large displacements in the model. Nevertheless, this is inaccurate most of the time.
Indeed, Figure 9 a) shows that, even with a low elastic modulus, the deformations of the tunnel
remain far below the measured values (54 mm for convergence 3-5, see Table 2).
If for some reason the analysis must be carried out in the framework of elasticity for the
structure, a low elastic modulus for the lining could be the most unfavorable case, when the
safety criterion is measured in displacements only. However, if the objective is to verify the
ultimate limit state in terms of internal forces in the structure, the most unfavorable case
corresponds to a high elastic modulus of around 20-30 GPa. As it can be seen in Figure 9, a
higher elastic modulus will produce higher internal forces in the structure, but lower
deformations.
Loss of passive pressure Λ (%)

90%
80%

20 mm
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26 mm

70%
60%

Ey = 25GPa
Ey = 10GPa
Ey = 6GPa
Mean Line

50%
40%
30%

Ey = 25GPa

20%

Ey = 10GPa
Ey = 6GPa

10%
0%
0

5

10

15

20

25

30

Convergence 3-5 (absolute value in mm)

a) Tunnel deformation
b) Internal forces: eccentricity of the resultant force (scaled)
Figure 9: Modelling results for different elastic moduli of the tunnel materials (elastic calculation)

6.2 Nonlinear domain
Another commonly used strategy in practice is to model the tunnel materials as a linear
elastic-perfectly plastic material, using for instance the Mohr-Coulomb criterion, widely
available in civil engineering software. This at least has the advantage to take into account a
nonlinear behavior, even if it is not that of the quasi-brittle materials (masonry or unreinforced
concrete). The central difference might be seen in the stress-strain evolutions, which are not the
same. As it can be seen in Figure 10 a), the damage model is closer to the behavior found
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experimentally [2] than the elastic-plastic model. We also observe in Figure 10 b) the
diminution of the tensile stress at the crown crack (see Figure 7) and the concentration of the
compressive stress at the top, that are not seen in the other models.
Another difficulty raised by this constitutive law is the choice of the mechanical parameters
 (cohesion) and  (friction angle) of the Mohr-Coulomb criterion. Some methods have been
proposed [13] to obtain these parameters for concrete structures. In this study, the values of 
and  are proposed in such a way as to respect the Mohr-Coulomb criterion:
 1  sin 
=
 1 − sin 

and

 =

2 cos 
,
1  sin 

 = −

2 cos 
1 − sin 

(7)

where  and  are the tensile and compressive elastic limits of the material, respectively. With
this approach, we obtain the values shown in Tables 4. It is worth noting that the values obtained
for  and  do not have much physical significance.
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a) Uniaxial tensile test for concrete (see Tables 4)
b) Normal stress at the crown crack (see Figure 7)
Figure 10: Stress relations for different constitutive laws for the masonry

Modeling results are shown in Table 3 and Figure 11. We can see that the elastic-plastic
model produces a better approximation than the elastic model; however, the convergences are
lower than those obtained with the damage model, which are closer to the in-situ measures.
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Table 3: Comparison of numerical
and measured convergences (mm)
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Figure 11: Evolution of the deformation of the structure
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7 CONCLUSIONS
We carried out a study on a masonry tunnel of the Paris metro, whose equilibrium state was
altered by nearby construction works. A specific damage model for the masonry and concrete
was used in the numerical simulations. Given the set of assumptions taken in this study and
after analysis of the results, we can conclude the following:
The proposed model for the tunnel structure reproduces accurately the deformations
and cracks in the structure (vertical convergence of about 54 mm);
The model shows the formation of a hinge mechanism in the tunnel when the spread
of the vault’s supports is close to a critical value (about 20 mm): three hinges appear
in the masonry vault and three in the ground slab.
From a simplified analytical analysis, we can see that significant deformations and
cracks appear in the tunnel when the resistance from the ground available to balance
the vault’s thrust is reduced by about 50%;
In all cases, when evaluating numerically the tunnel deformations, a non-linear
constitutive law must be used for the tunnel structure; it is clear that an elastic analysis,
even with a low elastic modulus, will underestimate the tunnel deformation.
An elastic-plastic model for the masonry can give better results, but still underestimates
the deformations. Also, the constitutive law is not that of the masonry or concrete. The
Damage Model is shown to give the best results.
When performing an elastic analysis, we can see that the most unfavorable case for the
displacements is not necessarily the most unfavorable for the internal forces.
Finally, it is worth noting that the setup of a numerical model involving several nonlinear
behaviors (masonry, soil and interface) without numerical instabilities remains a very timeconsuming task: further improvements of the numerical tools are highly desirable.
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APPENDIX A
In the tables presented in this appendix, the following notations are used:
ρ
γ
γ’
E
ν
ft
Gft

Density
Soil density
Effective soil density
Young's modulus
Poisson's ratio
Tensile strength
Mode I fracture energy

fc
Ac
Bc
εD0
c
φ
ψ

Compression strength
Damage model coefficient for compression
Damage model coefficient for compression
Damage threshold strain
Cohesion
Friction angle
Dilatancy angle

Tables 4: Material properties
Soil Layers
Backfill

γ (kN/m³)
18
γ ' (kN/m³)
8
E ' (MPa)
20
ν 0.333
c' (kPa)
15
φ' (°)
30
ψ (°)
0
Kp

Loamy
scree

20
10
250
0.333
55
39
9

Tunnel Materials [2]

Limestone

Clay

Marls

21
11
650
0.333
35
32
2
3.2546

20
10
38
0.333
20
16
0

(1)

Chalk

21
21
11
11
43
280
0.333 0.333
15
40
32
35
2
5

Mortar

ρ (kN/m³)
E (MPa)
ν
f t (MPa)
f c (MPa)
G ft (Pa.m)
Ac
Bc
εD0

Interface

(3)

Loamy
Limestone
scree

δ /φ soil 2/3
E i (MPa) 12 500
c i (kPa) 33.13
δ (°) 26.0

2/3
32 500
21.88
21.33

8.5
15

8.6
12.1

Clay

1/3
1 900
6.50
5.33

20
20.5

-5

5x10

stone

(1)

20.58
36 000
0.30
3.440
25.0
121
1.1
1500
-5

9.56x10

Concrete

21.60
8 500
0.21
0.350
16.0
250
1.8
1174

Elastic
parameters
Strength
parameters
Damage
parameters,
see [3] and [9]
-5

4.12x10

(1)The considered size for the components of the masonry for this study
is: mortar joints of 70 mm thickness and meulière stone of 75 mm and 350
mm of height and width, respectively.

 = 50

 tan 
 =
tan 

Final properties of the soil layers subjected to creep
Soil layer c (kPa) φ (°) E ' (MPa)
ν
Limestone
Clay

20.08
6 000
0.15
0.300
20.0
150
1.1
585

Meulière

0.01
0.18

(3) Properties of the interface (clay and limestone right sidewall) are also
subjected to creep.

Material properties for the Elstic-Plastic model
c (kPa)
φ (°) E (MPa)
Masonry
1 466
77.85
12 400
Concrete
1 183
73.174
8 500
(2)

Tie-rods
Ø (mm)
36
E (MPa)
210 000
Spacing
2.21 m
Pre-setress 650 kN

Micropiles
Øint
Øext
E (MPa)
Spacing

(2)

127
109
205 000
1.0 m

(2) Modelled as elastic bar finite elements (normal effort only)
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Abstract. In this paper the topic of the safety assessment of masonry arches based upon their
geometry is investigated. The theoretical background is the Heymanian master safe theorem
along with the no-tension assumption of masonry. The continuous arch is analyzed
considering a discrete pattern of vertical loads, such as those of the self-weight and
superimposed loads. Among all the lines of thrust contained within the profile of the arch, the
one closest to the geometrical axis can be considered to be the best one thanks to the
minimum bending moment and shear force present in each cross section. A
numerical procedure for computing the line of thrust closest to the geometrical axis of an arch
subject to its self-weight has been recently formulated by the authors. This procedure
accounts for this line of thrust by minimizing the distances between the geometrical axis of
the arch and the thrust line. In order to consider the action of both vertical loads and
horizontal forces proportional to the vertical ones, such as those provoked by an
earthquake, an extension of this procedure is herein presented. The safety of the arch is
finally assessed by computing a domain of equilibrium thrust lines within the profile of the
arch which provides, in analogy with the Heymanian geometrical factor of safety, the
full range factor of safety. The procedure is described in the paper and illustrated with
regards to the analysis of arches subject only to vertical loads and arches subject to also
horizontal forces.
1

INTRODUCTION

In the literature, the mechanical behaviour of masonry arches is investigated using
different approaches. With the purpose of computing the actual stress state in an arch,
some authors have proposed methodologies that are strictly connected to the need of
assessing the properties of masonry and estimating its actual “deformation capacity” [1].
Conversely, other authors, to assess the safety level of an arch or, vice-versa, the
vulnerability level, have
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formulated methodologies based on the limit analysis principles.
In the context of limit analysis, two approaches can be used: the thrust line method [2-6],
based on the static theorem, and the mechanism method [7-12], based on the kinematic
theorem. Leaving aside the mechanism method, which requires all the kinematically
compatible mechanisms to be defined and which is, therefore, a very computationally
expensive method, the thrust line method assesses the safety searching for the existence,
within the profile of the arch, of any line of thrust in equilibrium with the loads acting on it,
according to the famous assumptions formulated by Heyman [13]: no tensile strength, infinite
compressive strength, sliding failure cannot occur due to the presence of friction. Under these
assumptions, the material can be considered non-deformable and the arch can be modelled as
an assemblage of rigid blocks.
Recently the authors of this paper have formulated a method for the analysis of masonry
arches based on the detection of the line of thrust closest to the geometrical axis [14,15],
checking at a later stage that it is also within the profile. Among the ∞3 likely lines of thrust
which depict the equilibrium condition between loads and abutment reactions, this is the best
one because it corresponds to an internal stress state of almost only compression. Unlike other
methods present in the literature, such as that proposed by Heyman in [13], which computes
the line of thrust closest to the geometrical axis of an arch exploiting an iterative method that
proceeds by trial and errors, and those capable of computing the thrust network or the thrust
surface closest to the mid-surface of a 3D-vault [16-20], the method presented herein is a onestep procedure that provides the exact solution in “closed-form”, thus reducing the
computational time.
In this paper the above mentioned procedure is reformulated and extended in order to
account also for a set of horizontal forces, proportional to the vertical ones, capable of
simulating the action of an earthquake. Such horizontal forces are computed, in an innovative
way, with a reverse method, exploiting the analogy between an inclined plane, on which the
structure is “virtually” placed, and the inclination of the resultant actions of the vertical and
horizontal loads, thus avoiding the need of inputting them directly in the mechanical model of
the structure. The safety of the arch is assessed extending the Full-Range Factor Method (FRS
Method) formulated by the authors in [14,15] for the vertical load case to the combination of
this load case with the set of horizontal forces, and it is exploited to also compute the seismic
factor.
2 LINE OF THRUST CLOSEST TO THE GEOMETRICAL AXIS
Let us consider a continuous arch, subject to a discrete pattern of ‘n’ vertical loads F1,
F2,…, Fn. Let us subdivide the arch into ‘n’ elements (Fig. 1a), in such a way as to apply each
load Fi (1 ≤ i ≤ n) to the centroid Gi of each element. In so doing, in case of a rigid block
structure, the elements correspond to the rigid blocks and the lines of separation between the
elements correspond to the actual joints.
For the assigned load condition, a family of ∞3 funicular polygons can be drawn, each one
describing a specific condition of equilibrium between loads and abutment reactions.
Furthermore, since these funicular polygons must describe the flow of internal forces between
the elements of the arch, they are, de facto, the polygons of successive resultants and,
therefore, are referred to as lines of thrust as well.
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In order to draw a specific line of thrust, three parameters or conditions must be fixed. In
the present approach, the parameters that have been fixed are the ordinate of points A and B,
through which the first and the last side of the line of thrust must pass respectively, and the
value H of the thrust, which is everywhere constant throughout the arch due to the solely
presence of vertical loads.
Referring to the generic node ‘i’ of the line of thrust (Fig. 1b), the equilibrium condition of
the vertical forces is provided by Eq. 1:
(tan α − tan β) =

Fi

(1)

H

where α and β are the angles of inclination of the two sides of the line of thrust connected to
the node ‘i’.

Figure 1: a) Reference discrete arch model; b) detail of the generic node ‘i’ of the line of thrust

It is worth noting that the equilibrium condition of the horizontal forces is meaningless
because, as aforementioned, the thrust H is constant.
The tangents of angles α and β can be expressed, in geometrical form, by Eq. 2:
tan 𝛼𝛼 =

tan 𝛽𝛽 =

𝑌𝑌𝑖𝑖 −𝑌𝑌𝑖𝑖−1
ℎ𝑖𝑖
𝑌𝑌𝑖𝑖+1 −𝑌𝑌𝑖𝑖

(2)

ℎ𝑖𝑖+1

As a consequence, putting hi = xi – xi-1 the variable horizontal distance between the
centroids of two generic subsequent elements ‘i-1’ and ‘i’, that is between the directions of
the load vectors Fi-1 and Fi acting on such elements, Eq. 1 can be replaced by Eq. 3:
−1

( ) ∙ 𝑌𝑌𝑖𝑖−1 + (
ℎ𝑖𝑖

ℎ𝑖𝑖 +ℎ𝑖𝑖+1
ℎ𝑖𝑖 ∙ℎ𝑖𝑖+1

) ∙ 𝑌𝑌𝑖𝑖 + (

−1

ℎ𝑖𝑖+1

) ∙ 𝑌𝑌𝑖𝑖+1 =

𝐹𝐹𝑖𝑖
𝐻𝐻

(3)

Extending Eq. 3 to all nodes of the thrust line, the following system of linear equations is
obtained:
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−1

( ) ∙ Y0 + (

h1 +h2

h1 ∙h2
h2 +h3

h1
−1

−1

) ∙ Y1 + ( ) ∙ Y2 =
h2
−1

F1
H
F2

( ) ∙ Y1 + (
) ∙ Y2 + ( ) ∙ Y3 =
h2 ∙h3
H
h2
h3
………………………………………………..
−1
h +h
−1
F
( ) ∙ Yi−1 + ( i i+1 ) ∙ Yi + ( ) ∙ Yi+1 = i
hi ∙hi+1
H
hi
hi+1
………………………………………………..
−1
hn +hn+1
−1
F
) ∙ Yn + (
) ∙ Yn+1 = n
{( ) ∙ Yn−1 + (
hn ∙hn+1

hn

(4)

H

hn+1

where the ordinates Yi of the nodes ‘i’ of the line of thrust and the thrust H are the unknowns
to be computed.
System of Eq. 4 shows the indeterminacy of the problem of equilibrium of the arch, which
is indeed a statically indetermined structure to third degree: there are three more unknowns
than the number of equations.
System of Eq. 4 is then rewritten, in matrix form, in such a way as to isolate the three
redundant unknowns from the general system, i.e. the thrust H and the ordinates Y0 and Yi+1
of points A and B respectively, and to define three vectors:
- vector T1, whose entries are the values of loads Fi, which is then multiplied by the
constant K=H-1;
- vector T2, whose only non-null entry is the coefficient 1/h1 of the unknown Y0;
- vector T3, whose only non-null entry is the coefficient 1/hn+1 of the unknown Yn+1.
Finally, defining D as the matrix of the coefficients of the unknowns, Eq. 4 becomes:
(5)

[D]{Y} = {T1 } ∙ K + {T2 } ∙ Y0 + {T3 } ∙ Yn+1

where:
(

h1 +h2
h1 ∙h2
−1

( )
h2
…
D=
0
…
[ 0

)

F1
F2
…
,
T1 =
Fi
…
{F n }

−1

(

( )

h2
h2 +h3
h2 ∙h3

…

−1

( )
h
…i
0

)

0

0

−1

(

( )
h3
…

hi +hi+1
hi ∙hi+1

…

−1

( )
hn

)

(

(

0
…

−1

hi+1

…

)

hn +hn+1
hn ∙hn+1

,
)]

1/h1
0
…
T2 =
,
0
…
{ 0 }

Y1
Y2
…
Y=
,
Yi
…
{Yn }

0
0
…
T3 =
0
…
{1/hn+1 }

(6)

Putting {R1 } = [D]−1 {T1 }, {R 2 } = [D]−1 {T2 }, {R 3 } = [D]−1 {T3 }, the solution of Eq. 5 provides the
ordinates of the line of thrust, collected in the entries of vector Y:
{Y} = {R1 } ∙ K + {R 2 } ∙ Y0 + {R 3 } ∙ Yn+1 

(7)

Eq. 7 provides the ordinates of the nodes of all ∞3 funicular polygons associated to the load
condition expressed by vector T1, depending on the three redundant unknowns mentioned
above. Therefore, in order to compute the ordinates of the nodes of the line of thrust closest to
the geometrical axis, the three redundant unknowns shall be firstly calculated in such a way as
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to respect the above requirement of “closeness”. To calculate them, a procedure that
minimizes the distances between the nodes of the researched thrust line and the centroids of
the elements, is formulated.
In order to make the negative signs of this difference irrelevant in the minimization
procedure, the proposed method computes the function S that expresses the square of the sum
of the distances ∆Yi between the ordinates Yi of the nodes ‘i’ and the ordinates YGi of the
centroid Gi of the elements, as follows:
S = ∑ni=1(∆Yi )2 = ∑ni=1(Yi − YGi )2 = ({R1 } ∙ K + {R 2 } ∙ Y0 + {R 3 } ∙ Yn+1 − {YG })2

(8)

Function S is minimized by expressing the partial derivatives of it, with respect to the three
unknowns, equal to zero:
∂S

∂K
∂S

(Y0 , Yn+1 , K) = 0

(Y0 , Yn+1 , K) = 0

∂Y0
∂S

∂Yn+1

(9)

(Y0 , Yn+1 , K) = 0

Inputting Eq. 8 into Eq. 9 and solving the partial derivatives, leads to the system of three
linear equations that follows:
{R1 }2 ∙ K + {R1 }{R 2 } ∙ Y0 + {R1 }{R 3 } ∙ Yn+1 − {R1 }{YG } = {0}
{{R 2 }2 ∙ Y0 + {R1 }{R 2 } ∙ K + {R 2 }{R 3 } ∙ Yn+1 − {R 2 }{YG } = {0}
{R 3 }2 ∙ Yn+1 + {R1 }{R 3 } ∙ K + {R 2 }{R 3 } ∙ Y0 − {R 3 }{YG } = {0}

(10)

which can be rewritten in matrix form as:
{R1 }2
[{R1 }{R 2 }
{R1 }{R 3 }

or, more compactly as:

{R1 }{R 2 }
{R 2 }2
{R 2 }{R 3 }

{R1 }{R 3 }
{R1 }{YG }
K
{R 2 }{R 3 }] ∙ { Y0 } = {{R 2 }{YG }}
Yn+1
{R 3 }{YG }
{R 3 }2

(11)

[N]{P} = {W}

(12)

{P} = [N]−1 {W}

(13)

The solution of Eq. 12 provides the value of the three redundant unknowns, stored in
vector P:
At this stage, entries of vector Y are reversely computed inputting the values of the three
unknowns provided by Eq. 13 into Eq. 7.
Finally, to plot the line of thrust closest to the geometrical axis the abscissa of point A, the
abscissas of the centroids Gi of the elements and the abscissa of point B are collected, in
sequence, in vector X and the size of vector Y is expanded by concatenating the ordinate Y0
of point A, inputted in the first entry, the entries stored in the original vector, and, finally, the
ordinate Yn+1 of point B, inputted in the last entry (Eq. 14):
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X0
X1
…
X=
,
Xi
…
{Xn+1 }

Y0
Y1
…
Y=
,
Yi
…
{Yn+1 }

(14)

The line of thrust is graphically obtained plotting the poly-line of vertices (Xi,Yi).
3

EXTENSION TO THE HORIZONTAL LOAD CASE

In the approach of both linear and nonlinear static analysis, the effect of an earthquake can
be represented through a pattern of horizontal forces proportional to the vertical ones. The
procedure that computes the line of thrust closest to the geometrical axis of an arch under
vertical loads is herein extended in order to also consider such horizontal forces.
The procedure takes into account the effect of the horizontal forces by exploiting the
analogy between an inclined plane, on which the structure is “virtually” placed, and the
inclination of the resultant actions of the vertical and horizontal loads, thus avoiding the
horizontal forces to be inputted directly into the mechanical model. According to this analogy,
the effect of an horizontal load acting together with a vertical one can be accounted for by
rotating the structure at the same angle as that which corresponds to the action line of the
resultant.

Figure 2: Analogy between inclined plane and seismic effect

Put simply, let us refer to Fig. 2, which shows the generic element ‘i’ of the mechanical
model. Fig. 2a shows the actual position of the element, while Fig. 2b shows the same
element placed on an inclined plane rotated at angle α.
In the actual position (Fig. 2a), the element is subject to the joined action of the vertical
force Fi and the horizontal action Hi provoked by the earthquake, the horizontal force
proportional to the vertical one being computed as:
(15)

Hi = λFi
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where λ is the seismic factor, depending on the seismic zone or the seismicity of the territory.
According to the aforementioned analogy, the joined action of the vertical and horizontal
forces can be taken into account by replacing them with a “virtual” vertical force Ri whose
length corresponds to the resultant of the forces Fi and Hi (Fig. 2b):
Ri =

Fi

cos(α)

(16)

With this approach, the seismic factor λ corresponds to the tangent of the angle at which
the element is rotated:
λ=

Hi
Fi

= tan(α)

(17)

Therefore, the seismic response of the structure for an assigned seismic factor λ is assessed
by rotating the structure at the angle provided by reversing Eq. (17), that is:
α = arc tan(λ)

(18)

For clarity, the main steps of the procedure for assessing the seismic response of the structure
using the FRS Method (Section 2) are listed below:
1) Compute the angle α (Eq. 18) for the assigned value of the seismic factor λ;
2) Compute the vertical forces Ri (Eq. 16) acting on each element of the structure;
3) Rotate the structure at angle α;
4) Compute the line of thrust closest to the geometrical axis, using the procedure
described in Section 2.
4

SAFETY ASSESSMENT

The procedure described in Section 2 and 3 allows one to compute, for any assigned load
condition of vertical forces and horizontal forces proportional to the vertical ones, the line of
thrust closest to the geometrical axis.
In order to assess if the arch is safe, a comparison between the shape of the line of thrust
and the profile of the arch must be carried out. However, the line of thrust closest to the
geometrical axis, provided by the computation, could also be somewhere out of the profile of
the arch, without mandatorily meaning that the arch is unsafe.
In fact, the line of thrust closest to the geometrical axis is only one of all ∞3 funicular
polygons associated to the load condition. According to the static theorem of limit analysis, it
can be vertically shifted in order to check if it stands within the profile of the arch. By doing
so, we are exploring all ∞1 funicular polygons parallel to that provided by the computation.
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Figure 3: Safety assessment procedure

With this in mind, the authors have developed a procedure to assess the degree of safety of
an arch based on the “capacity” of the line of thrust closest to the geometrical axis to be
vertically shifted within the profile of the arch (Fig. 3). Two limit positions can be obtained:
the lines of thrust, parallel to the original one, tangent to the extrados and intrados of the arch,
respectively, in at least one point while still remaining contained within its profile. In authors’
formulation, these two polygons identify a domain of admissible lines of thrust (i.e.
equilibrium states) and are the upper and lower bound of this region respectively. In other
words, this region identifies all the ∞1 lines of thrust that lie within the profile of the arch and
that, as a consequence, describe different safety conditions.
In order to assess the degree of safety with this approach, the “full range factor of safety”
has been defined: it is the ratio between the thickness of the domain and the thickness of the
arch, in line with the “geometrical factor of safety” proposed by Heyman in [13]. However, in
authors’ opinion, the factor that best points at the degree of safety of the arch is the reciprocal
of such coefficient, that we have denoted as “performance factor”:
p. f. =

Sid

0 ≤ p. f. ≤ 1

Smin

(19)

It is worth noting that, in line with the formulation of the procedure above described, the
thickness smin of the arch to be inputted in Eq. 19 is the minimum vertical thickness among all
the thicknesses measured in correspondence to the action lines of loads and that also the
thickness of the domain, sid, is vertically measured, and, for this reason, is a constant value.
According to Eq. 19, the safest arch is that in which the line of thrust can be vertically
shifted upwards and downwards so that the distance between the upper and lower thrust lines
is exactly equal to the thickness of the arch (sid = smin). It occurs in the solely case of an
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inverted catenary-shaped arch [14] and provides the performance factor equal to 1.
Conversely, a performance factor equal to 0 points to an unsafe arch, because the upper bound
and the lower bound thrust lines coincide and identify a domain of zero thickness. Therefore,
summarizing, the performance factor ranges in the narrow interval [0,1], thus indicating
intermediate safety levels.
In the case of an arch subject to a predetermined vertical load condition and horizontal
forces computed based on an assigned seismic factor λ, Eq. 19 still holds and the safety level
can still be assessed using the FRS approach.
However, in order to assess the seismic vulnerability level of an arch, that is the “seismic
capacity” of the structure, the limit value of λ (hereafter referred to as λlim) is required to be
computed.
In the approach of standard limit analysis, λlim is computed as the load multiplier that
activates the collapse mechanism. Instead, with our approach, the seismic factor λ is
maximum (i.e. λ = λlim) when the thickness of the domain of safety is zero:
λ = λlim → α = αmax ∶ sid = 0

(20)

Therefore, in order to compute λlim, an iterative analysis that runs repeatedly the four-step
procedure described at the end of Section 3, is proposed. Such a procedure could be executed
increasing, step by step, the angle of the plane on which the arch stands.
However, it is worth noting that the horizontal forces being simulating the seismic action,
the seismic factor λ ranges in the interval [0,1] and, in agreement with Eq. 18, the inclination
angle of the structure ranges in the interval [0°,45°] accordingly. Therefore, in order to obtain
a more accurate value of the limit seismic factor λlim, we have preferred to use the bisection
method in such an interval. The iterative procedure converges when the thickness of the
domain becomes zero.
5

NUMERICAL EXAMPLES

5.1 Arch subject to vertical loads
In this section the safety level of a non-symmetric segmental arch is investigated. The arch
under study covers a span of 4.70 meters, has an angle of embrace of 135° (with the right
abutment positioned at 25° and the left one at 165° from the horizontal reference line), has a
constant thickness of 30 cm and is subdivided in 20 elements, each one subject only to its
self-weight. Although the specific weight used for the computation is 18kN/m3, it is also
worth noting that this value is irrelevant, since all the elements have the same size.
Figure 4 shows the line of thrust closest to the geometrical axis (the thicker poly-line)
which is everywhere within the profile of the arch. Furthermore, the upper and lower bound
lines of thrust that border the domain of safety are also shown. The computations, performed
with the computer program ArchiVAULT, in which the procedure has been implemented, have
provided the vertical thickness of the domain of 18.52 cm, the full range factor of safety of
1.6177 and the performance factor of 0.6182, a value that points to a rather safe arch.
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Figure 4: Safety assessment of an arch only subject to its self-weight

5.2 Arch subject to vertical and horizontal forces
According to the value of 0.6182 of the performance factor obtained for the load case of
only self-weight in the previous section, the arch seems to be capable of supporting also a
pattern of horizontal forces and, therefore, to resist a seismic event.
In this section the safety verification of the arch subject to its self-weight and a set of
horizontal forces proportional to it is carried out and the limit value of the seismic factor is
computed considering an earthquake acting both in +X and –X direction.
In order to simulate the action of horizontal forces in +X direction, the plane on which the
structure stands has been tilted clockwise (Fig. 5a). The maximum angle in correspondence to
which the thickness of the domain becomes zero is computed to be 19.88° (indeed, in Fig. 5a
the upper and lower bound lines of thrust coincide). It is worth noting that, in correspondence
to this value, the performance factor mandatorily becomes zero and the limit seismic factor is
0.3616.
Instead, in order to simulate the action of horizontal forces in -X direction, the plane on
which the structure stands has been tilted counterclockwise (Fig. 5b). The maximum angle in
correspondence to which the thickness of the domain becomes zero is computed to be 9.88°.
Accordingly, the limit seismic factor is 0.1742, a much lower value than that obtained for the
rightward forces analysis and, therefore, a much lower seismic capacity is shown.

Figure 5: Safety assessment of an arch subject to its self-weight and a horizontal pattern of forces rightward (a)
and leftward (b)
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6

CONCLUSIONS
-

-

-

-

In accordance with Heyman, collapse in masonry arches is not generally provoked by
material failure because stresses are always rather small. Accordingly, to assess the
safety a procedure based on the comparison between the shape and position of the
thrust line and the profile of the arch has been formulated.
The procedure, denoted as FRS Method, has been developed to compute the line of
thrust closest to the geometrical axis of an arch subject to a set of vertical loads, the
geometrical axis being represented through the poly-line that joins the element
centroids.
This procedure makes use of the finite difference method to minimize the distance
between the ordinates of the element centroids and the ordinates of the nodes of the
thrust line.
Unlike other previous or recent methods in the literature, our method computes the
“exact” solution avoiding both proceeding iteratively by trials and errors and the use
of optimization techniques.
Being mainly interested in assessing the behavior of arches in seismic regions, the
FRS procedure has been extended in order to include the presence of horizontal
forces proportional to the vertical ones.
The value of the horizontal forces is computed, in an innovative way, exploiting the
analogy between the inclined plane on which the structure stands and the inclination
of the resultant of the vertical and horizontal forces. Thanks to this trick, the
procedure, that minimizes the vertical distances between the ordinates of the element
centroids and the ordinates of the nodes of the thrust line, still holds and can easily be
exploited also for the seismic verification.
The safety level of the arch is assessed defining the domain of equilibrium lines of
thrust and computing the performance factor (PF), that is the reciprocal of the full
range factor of safety (FRS).
The domain of equilibrium lines of thrust and the FRS are exploited to estimate the
seismic vulnerability of an arch by computing the limit seismic factor, which is
achieved when the thickness of the domain of safety (i.e.: the PF) becomes zero.
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Abstract. This paper investigates the unbuilt Musmeci parabolic vault, reinventing the original
reinforced concrete structure as a dry-masonry vault. In the framework of rigid no-tension
constitutive model with no sliding, the equilibrium analysis is conducted with the aim of
evaluating the design thickness of the masonry vault, respecting the original Musmeci shape. A
parametric survey is performed to assess the minimum thickness of the vault, and its structural
capacity under spreading supports. Attention is focused on the different collapse mechanisms
and the corresponding crack patterns. For a better insight into the behaviour of the parabolic
vault, the relevant case of the parabolic arch is first analysed and discussed. The numerical
results show the feasibility of the project, with a thickness comparable with that proposed by
Musmeci.
1

INTRODUCTION

In 1954 the Italian engineer Sergio Musmeci (1926-1981) conceived a reinforced concrete
parabolic cross vault, with a triangular bay, featured by the assembly of three triangular webs.
Designed for a small market in southern Italy through a prime structural optimization
experiment, the unique vault remained unbuilt [1].
Despite the interesting geometric solution and the pioneering structural optimization
procedure, the project remained forgotten and mentioned only in [8] as "exemplary for its
modular conception of the structure based on the repetition of cylindrical shells".
In this framework, a novel perspective of the elegant geometry of the Musmeci vault is
explored here, revisiting the original reinforced concrete structure. In particular, the possibility
of reinventing the original vault as a dry-masonry structure is investigated, adopting the limit
analysis theory [2-7].
Aim of this work is, on the one hand, to bring attention to the unique and forgotten geometry
proposed by Musmeci, on the other hand, to analyse the structural behaviour of parabolic
masonry vaults, still not be researched in detail.
In order to be as faithful as possible to the original geometry proposed by Musmeci, the only
free parameter considered in the design process is the vault thickness. Therefore, different
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aspects are involved in the proposed procedure.
A first aspect is related to the discretization process of the original geometry as a dry
assemblage of blocks, researching on the proper stereotomy of blocks and evaluating their
influence on the static admissibility of the vault.
A second aspect is related to estimating a design thickness with a reasonable factor of safety.
Accordingly, a set of parametric analyses is conducted to evaluate the influence of the vault
thickness on the global response. In particular, the minimum admissible thickness and the
minimum thrust of the vault are investigated. Furthermore, since the vault behaviour is deeply
influenced by finite displacements at the springing [3,5,7], the Musmeci vault is analysed under
horizontal settlements.
According to the Heyman sliced model [2,3,7], the vault is modelled as combination of web
arches and ribs and their capacity on spreading supports is evaluated in terms of ultimate
displacements and relative thrusts. In this context, attention is focused on the different collapse
mechanisms and on the pertaining crack patterns.
The present paper is organized as follows. Section 2 is devoted to a brief review of the
Musmeci structural model. The discretization process and the main assumptions of the proposed
model are reported in Section 3. Since the behaviour of the parabolic square cross vault is
closely connected to the behaviour of its diagonal ribs [7,9], the case of the parabolic arch on
spreading supports is first analysed and discussed in Section 4. Then, the minimum thickness
of the Musmeci vault and its displacement capacity are analysed in Section 5. Finally,
conclusions are outlined in Section 6.
2 THE MUSMECI MODEL: A SYSTEM OF REINFORCED CONCRETE
PARABOLIC CROSS VAULTS
Designed in 1954 by Sergio Musmeci in collaboration with the architect Giuseppe Vaccaro,
to cover a rural market in southern Italy, the structure is one of the first Musmeci’s researches
on the minimum structural design criteria [1,8].
The market space has a rhomboidal plan, set on an angle of 120°. The structural elements
that compose the cover of the market are the same that determine its shape. It is, indeed, a
modular structure consisting of the repetition of 4 tripartite vaults, each one with an equilateral
triangular bay. Each vault is formed by three triangular webs with a parabolic profile. The
external parabolic arches of the webs have a rise, f, equal to 3.65 m and a span, 2a, of 12.50 m,
as shown in Figure 1. The ribs, generated by the intersection of the 3 webs, are also semiparabolic arches and form angles of 120° in plan.
(a)

(b)

Figure 1: (a) Schematic plan [1], (b) sketch of Musmeci project by Sigel [8]
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The structure is designed to be entirely built of reinforced concrete, in which the parabolic
webs are self-bearing shells, and the ribs are arches with flexural stiffness that convey loads to
the corner abutment pillars [1].
According to Musmeci’s idea, the direct correlation between the static functionality and the
architectural form of the structure is further represented by the trend of the stresses in the ribs.
The ribs are subjected to vertical loads that vary linearly from the crown to the abutment, and
to constant horizontal thrusts. Therefore, Musmeci deduced that, though the parabolic
centreline of the ribs does not correspond to the funicular line of the vertical loads, since these
are not constant, the presence of horizontal thrusts brings the funicular line very close to the
parabolic one, thus reducing the maximum eccentricity to few centimetres [1].
2.1 The Musmeci structural model
The Musmeci structural model [1] is here discussed referring to the central surface of a single
bay of the tripartite vault. A Cartesian reference system O; x, y, z with origin O at the crown
and positive z-axis downwards is introduced, as depicted in Figure 2.

Figure 2: Scheme of the Musmeci structural model

Dividing the webs into arches with infinitesimal width dy, the equation of the arches can be
written as:
z ( x) =

f 2
x ,
a2
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and if q is the vertical load per unit surface in horizontal projection, the thrust is equal to:
Tweb =

qa 2
dy .
2f

(2)

Rotating by 30° about the z-axis the coordinate system and choosing ξ as new abscissa, the
equation of the ribs is:
z ( )
=

f 2 3f 2
=


b2
4a 2

(3)

since the rise is again f and the half span=
is b a cos(30
=
) 2=
a 3 7.22 m .
The vertical load acting on the ribs per unit length in horizontal projection is:
p( ) 2=
qxdy
=

3
q d 
2

(4)

and it is accompanied by a horizontal component resulting from the thrust

Tweb

of two webs:

3 qa 2
3 3 qb 2
=
s( ) 2Tweb=
d
d
cos(30 ) =
(5)
4 f
16 f
Therefore while p varies linearly with ξ , s is constant.
Under these loads, the rib is subjected to bending stresses since its profile does not coincide
with their funicular line. In addition, as explained in [1] by Musmeci: “Since the flexural
stiffness of rib is practically negligible at the abutment, where the section is theoretically
reduced to a point, and at the crown, where the angle between webs becomes zero, the behaviour
of the rib can be considered similar to that of a three-hinged semi-arch”.
Let V and T respectively denote the vertical and the horizontal reactions at the abutments.
In particular, V is equal to:
b

3 2
=
qb
4
0
The moment equilibrium about the crown hinge gives:

 ) d
 p(=

=
V

Vb −

b

b

0

0

3 2
qa .
3

 p( ) d +  s( ) z( ) d

which allows immediately to calculate the thrust T :
7 3 qb3 7 qa3
T=
=
.
48 f 18 f
At the crown the thrust value is:
b

− Tf =
0,

(6)

(7)

(8)

3 qb3
qa 3
−
= −
Tcrown =
T −  s( ) d  =
T − s( )b =
,
(9)
24 f
9f
0
and the negative sign indicates the presence of traction in the rib. In particular, since the thrust
varies linearly along the rib, it will be zero at=
ξ 2=
9 b 1.60 m . As consequence of traction, a
reinforcement is designed as shown in Figure 3 [1].
In the Musmeci project, the vault thickness ranging from 12 to 8 cm, tapering in key, and
the webs are connected along the external side by 15 to 22 cm thick edge reinforced curbs, with
an almost rectangular section. The ribs have a triangular section with height of 28 cm and are
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reinforced in the same way as the curbs. It can be noticed that the longitudinal and transversal
bars arrangement along the ribs underlines their structural function as curvilinear beams in the
Musmeci model.
(a)

(b)

(c)

Figure 3: Reinforcement detailing of parabolic vaults [1]: (a) plan view, (b) cross-section of curbs and (c) crosssection of ribs

3

THE MUSMECI VAULT AS A DRY-MASONRY STRUCTURE

In Section 2 the Musmeci approach pertaining to equilibrium analysis of the vault has been
introduced. Through the slicing technique, the central surface of the webs is divided into a series
of independent parallel arches entirely supported from the diagonal cross-ribs modelled as
three-hinged arches.
In the framework of limit analysis applied to masonry structures, the same approach was
successively developed by Heyman [3,4] to clarify the path of the forces in masonry domes and
masonry cross vaults and to evaluate the thrust value. Furthermore, another link between the
presented reinforced concrete vault and classical masonry vaults is pointed out by Musmeci’s
introduction of the edge curbs. Indeed, the stiffen of external web arches along the free sides of
the structure recalls the formeret arches in a quadripartite Gothic masonry vault.
In this context, the aim of the present work is to propose in a novel prospective the unbuilt
Musmeci vault, reconsidered as a dry-masonry structure. In order to respect the original shape
of the vault, the unique design parameter is the thickness t. In detail, the starting point is the
discretization of the vault through the research on the appropriate stereotomy of blocks.
The main assumptions are: (i) the webs are coursed in the ‘French’ way [3] and in the
structural model they are divided into a series of parallel arches of variable rise, span and width
but with uniform thickness t; (ii) the ideal ribs, generated by the intersection at 120° in plan of
two parabolic webs, are modelled as parabolic arches with variable thickness and vanishing
width (in particular, at the crown the ribs thickness is equal to t ); (iii) all arches are divided
into a finite number of voussoirs with joints normal to the curvilinear axis of the web arches (in
order to minimize the shear components along the interfaces). Conversely, the ideal voussoirs
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of the ribs do not have interface normal to their axes, being generated by the projection of the
joints of the web longitudinal courses on diagonal planes of the ribs. Finally, the design voussoir
size is investigated in the range between 2.5° and 5°. Two examples of the geometry
discretization of the Musmeci vault are shown in Figure 4. Taking advantage of the geometric
symmetry, only one-sixth portion of the vault is modelled.
(a)

(b)

Figure 4: Geometry discretization of Musmeci vault, reconsidered as a dry-masonry structure, with thickness
equal to t = 24 cm and: (a) voussoir size equals to 5° (and the relevant sliced model considered) and (b) to 2.5°

Under the classical assumptions of the limit analysis of masonry structure [2,3] and through
the thrust line analysis [4,5,7], the stability1 of the Musmeci masonry vault subjected to gravity
loads is investigated, verifying if the thrust line of each arch lies wholly within the masonry.
Compared to Heyman and Musmeci approaches essentially based on membrane solution,
with the present approach it is possible to take full advantage of the actual thickness of the vault
to carry the self-weight.
First, in the spirit of the minimum structural design criteria, the minimum thickness of the
vault is investigated and discussed. Furthermore, adopting the procedure initially proposed for
circular masonry arches in [5,7,11] and then considered for square cross vaults in [10], the vault
capacity on spreading supports is assessed in terms of ultimate displacements. Since the
behaviour of the masonry vault undergoing settlements is deeply connected to the behaviour of
its ribs, the case of the parabolic arch is first analysed in Section 4.
4

MASONRY PARABOLIC ARCH ON SPREADING SUPPORTS

This section is devoted to evaluating the behaviour of a masonry parabolic arch undergoing
horizontal settlements at the springing. In Section 4.1, attention is focused on the adopted
methodology and on compatible mechanisms that can lead the arch to a collapse configuration.
In Section 4.2, the least thickness and the minimum thrust of the parabolic arches, generated by
the discretization of the Musmeci vault, are analysed for different values of the thickness ratio
t/a . Finally, in Section 4.3 the spread limits and the relative thrust at the collapse are discussed
and reported. All results have been achieved by means of an inhouse MATLAB® code.
1

As defined by the Heyman “safe” theorem [2-4].
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4.1 Static approach and compatible mechanisms in deformed configuration
The capacity of masonry arches to withstand the actions of the environment, such as
differential foundation settlements or earthquakes, lies precisely in the possibility of opening
cracks [2]. The cracks are therefore not dangerous but a natural consequence of the aptitude of
a masonry structure to absorb the external actions.
In this framework, under the well-known assumptions of standard limit analysis theory
adopted for masonry structure [2], the equilibrium approach [5] has been applied to investigate
the behaviour of a parabolic arch subjected to self-weight and horizontal displacements at the
abutments. In particular, as soon as the centring is removed, the thrust is activated and the
supports, being not fixed, undergo a slight yielding. According to [2,7], the small movement
causes the formation of three hinges in the arch, at the extrados near the crown, and at the
intrados near the haunches, and the thrust at the abutments of the arch is the lowest of all the
statically admissible ones. As discussed in [9], the calculation of the minimum thrust T0 in
undeformed configuration can be interpreted as the following linear optimization problem:
min f t x s. t. Ax  b ,
x

(10)

where x is the 2 1 vector collecting the hyperstatic reactions (chosen as the moment and the
thrust at the crown section) and f is the 2 1 equilibrium operator such that f t x gives the thrust
at the springing section. Under the assumption of infinite compressive strength of the material,
the inequality constraint enforces the pressure points to lie inside the M joint sections of the
arch. In detail, A [resp., b ] is a 2M  2 matrix [resp., 2M 1 vector] such that Ax [resp., −b ]
gives the moments of the hyperstatic reactions [resp., the cumulative moments of the gravity
loads] with respect to the intrados and extrados points of each joint sections.
Starting from this configuration and increasing the span, the arch deforms according to a
rigid body kinematics [5]. Assuming a symmetric mechanism, only half of the arch is
considered. In particular as in [9], the half arch is divided into three segments: (i) Segment I,
from the abutments to the intrados hinge, is subjected to the imposed horizontal settlement; (ii)
Segment II, placed between the two hinges, is characterized by the same horizontal
displacement and by a rotation around the intrados hinge; (iii) Segment III, from the extrados
hinge to the crown section, is only characterized by a vertical translation. As for semi-circular
arches and elliptical arches [5,9], during the displacement of the supports and the consequent
kinematic motion, the intrados and extrados hinges might jump in different locations from the
starting ones.
A parametric survey is carried out in order to understand the influence of the main geometric
parameters on the global response of a parabolic arch. In particular, the external web arch
generated by the geometry discretization described in Section 3 and the diagonal arch are
considered. In this regard, it should be noticed that the diagonal arch has variable thickness, at
the crown equal to t and gradually increasing towards to the support, and a value of rise over
span ratio f a equal to 0.506 (also the diagonal semi-span will be indicated from here on with
a) while for the external web arch f a is equal to 0.584 .
Finally, the analyses are performed for different sizes of the voussoirs, but, for space reasons,
only the results relating to the case of voussoirs size equal to 2.5° (i.e. voussoir length equals to
about 31 cm) are reported in the next sections.
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4.2 Minimum thickness and minimum thrust of parabolic arch
The minimum thrust T0 , normalized by the total arch weight W , versus the thickness ratio
t a evaluated at the crown section, is plotted in Figure 5 for different values of t a . The curves
start at the least possible thickness. In this situation, the minimum thrust is equal to the
maximum one, and the arch reaches a state of limit equilibrium. In particular, the parabolic
arches exhibit a behaviour similar to that of flying buttress in the passive state, described in the
case of uniform thickness in [2,3] and with curved intrados in [11]. Indeed, the thrust line passes
through intrados at the crown and at the springing, touching extrados just below the midpoint,
as depicted in the red box (diagonal arch) and yellow one (external web arch) of Figure 5.

Figure 5: Minimum thrust vs Thickness ratio curves in the undeformed configuration. The red and yellow box
inserts show the diagonal and the external web arches at the minimum admissible thickness ratios, respectively

For the diagonal and external web arches, the minimum thickness values are t a = 0.014 and
0.011 , i.e. t = 6.88 cm and 10.10 cm , with values of T0 W = 0.434 and 0.391 , respectively. Despite the
variable thickness, as a consequence of the significant lower value of f a ratio, the diagonal
arch has greater values of T0 W than the web arch, for each value of t a . Nevertheless, the
smallest admissible value of t a is attained by the web arch. This result is related to the effect
of voussoir stereotomy on the shape of the thrust line [12]. In fact, the discretization through
normal cuts of the web arches implies their possibility of accommodating a larger set of thrust
lines within their thickness2.
Moreover, it is worth noticing that the minimum thickness of the web arch is about an order
of magnitude lower than the minimum thickness of the elliptical arch with same f a and t a
In this regard, the minimum thickness ratio t a of the same diagonal parabolic arch, with joints normal to its
axis, is 0.0075 .

2
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ratios [12], since the parabolic profile is closer to the catenary curve.
Finally, as the thickness ratio increases, both curves exhibit a decrease of values of minimum
thrust with a trend similar to the one observed for circular arches [10] and elliptical ones [12].
4.3 Collapse displacement and relative thrust of parabolic arch
With the aim to assess the behaviour of the parabolic arch undergoing horizontal
displacement at abutments, the cases pertaining to the diagonal and the external web arches are
analysed using the limit analysis procedure and their capacity is evaluated in terms of collapse
displacement and relative thrust.
As originally proposed for the circular arches in [5], the thrust increase, defined as the ratio
of the thrust at collapse displacement Tcoll to the minimum thrust T0 , is plotted versus the
thickness ratio t a in Figure 6a. A practical limit is introduced, i.e. the behaviour of the arches
is not investigated when the thrust becomes greater than five times the minimum thrust [9,10].
(a)

(b)

Figure 6: Parabolic arches. (a) Thrust increase vs Thickness ratio curves at collapse configuration. (b) Span
increase vs Thickness ratio curves at collapse configuration

The governing failure mechanisms for the parabolic arches on spreading supports can be
classified into three types, corresponding to three regions of the curves in Figure 6.
In the first region, for low thickness ratio values until the first peak, both arches fail due to
a five-hinge mechanism described in Section 4.2. In particular, the extrados hinge remains
located in the same position of the corresponding case of minimum thrust, whereas moving the
supports apart the line of pressure touches the intrados at the crown, activating the mechanism.
Increasing the thickness, the location of the initial extrados hinge moves toward the crown
of the arch and for small increments of t a ratio there are large increases in both thrust and
corresponding collapse displacement. Unlike the case of flying buttresses described in [11], the
formation of the intrados hinge at the crown leads to the failure of the arch, preventing the
achieving of the snap-through mechanism.
The second region is within the t a range of 0.038 − 0.048 and 0.030 − 0.035 , for the diagonal
and the web arches, respectively. In details, starting from local peaks, the collapse mechanism
changes and jumps of both extrados and intrados hinges occur, modifying the geometry of the
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arch and overcoming the static admissibility. Indeed, as presented in [5,9,10], if for a fixed
value of the support displacement the line of pressure becomes tangential to two adjacent joints,
the gravitational loads cause the closure of the lower hinge and the opening of the upper one.
These jumps bring to different collapse configurations, producing discontinuities in the thrust
increase clearly visible in the post-peak zone of solid curve of Figure 6a, pertaining to the
diagonal arch.
In the third region, the thickness is sufficiently large to accommodate a thrust line passing
through the crown at the extrados and through the springing section at the intrados, even in the
undeformed configuration. Moving the supports apart, the location of the extrados hinge
remains fixed, the arch approaches a classical snap-through failure, but the jump of the intrados
hinge causes the failure. The same mechanism has been found for depressed circular arches in
[5,10], with a shape of curves very similar to those shown in Figure 6a, for a comparable range
of t a . Finally, for t a values approximately greater than 0.20 , the practical limit is achieved.
The corresponding values of the span increase, defined as the percentage of the ratio of the
displacement at collapse to the initial clear span, are depicted in Figure 6b. The trend of the
curves is in accordance with the different collapse mechanisms previously described. In
particular, it can be noticed that in the third region the slope of the curve is almost linear with
a slight slope decrease at values of t a corresponding to attainments of the practical limit of the
thrust increase.
5

THE MUSMECI VAULT UNDERGOING DIAGONAL SETTLEMENT

In this section, the unbuilt Musmeci vault is considered in the new form of dry-masonry
structure and its capacity under diagonal settlement is investigated. First, the static and
kinematic analyses of the vault are presented in Section 5.1, with attention on different threedimensional collapse mechanisms. The minimum thickness and the design thickness for both
undeformed and deformed configurations are described and discussed in Sections 5.2 and 5.3.
5.1 Static and kinematic analyses
The static analysis of vaults under dead loads is a classical problem in masonry structures,
mainly addressed to their conservation and maintenance but recently also as a new method for
the design exploration of compression-only structures [14].
Generally, once the support structures have been removed, the activation of the thrust at the
supports entails a small settlement, with a slight widening of the ribs and of the webs
themselves. Small natural cracks occur, and the minimum thrust state of the vault is activated.
According to [7], the behaviour of the cracked vault can be analysed through the sliced
model, under the assumption of rigid no-tension masonry model. As presented in [10], a linear
optimization problem, similar to the one in Eq. (10), is solved for the hyperstatic reactions (i.e.,
the thrust and the moment at the crown of diagonal arch and of each web arch), enforcing the
pressure points to lie inside all vault joints. An example of the results of the equilibrium analysis
and the corresponding thrust networks is depicted in Figure 7.
Starting from the undeformed configuration, the weight of the vault is divided into the web
arches which transmit their horizontal and vertical reactions in the rib plane. The thrusts of the
web arches are combined with those of the adjacent web along the diagonal plane and imply a
variable horizontal load on the rib where the minimum thrust at the abutment is sought.
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Therefore, the initial statically indeterminate problem can be uniquely solved, and a unique
hinges pattern in the arches is determined. According to the f a ratio of each arch and the vault
thickness t analysed, a different couple of extrados and intrados hinges can occur in each arch.
Since the original geometry of Musmeci vault has low f a ratio, the thrust lines of each arch
passes through the intrados at the springing.
Enforcing a diagonal horizontal displacement at the abutments, the deformed configuration
of the vault is analysed. In particular, the deformation of the ribs as a set of rigid bodies (i.e. the
three segments introduced in Section 4.1) causes the aperture of cracks that completely split the
overlying web. It should be noticed that these mechanisms are able to depict the cracking
patterns typically detected for these type of faults [3,7].
As a consequence of the geometric discretization of the vault, each web arch rests on one
voussoir of the ribs and undergoes a different possible settlement, according to the pertinent rib
segments.
(a)

(b)

Figure 7: Musmeci vault. Thrust analysis at (a) undeformed configuration and (b) collapse configuration. One
sixth of the vault is modelled, with voussoir size of 5° and thickness equal to t = 24 cm , is here considered

Therefore, as presented in [9], the arch webs can be also divided into three classes. Arches
of Class I, pertinent to the Segments I of the ribs, are in the outer zone of the web and are subject
to a horizontal settlement of their springing. Arches of Class II, located between the two hinges
of the rib, are in contact with the rib only through their intrados hinge and are subject to both
vertical and horizontal settlements. Finally, arches of Class III, located in the inner zone of the
web near the vault key, undergo a vertical translation. Furthermore, in order to have an
admissible kinematic mechanism, the Class I and II arches are dragged by a rigid translation
orthogonal to their plane. An example of the results of the analysis at collapse displacement is
shown in Figure 7b.
5.2 Minimum thickness and minimum thrust of Musmeci vault
In Figure 8, the minimum thrust of the cross vault, normalized with respect to its total weight
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is presented for different values of the thickness ratio, t a .
The trend of the curve is similar to the previous ones shown for the case of the parabolic
arch. The curve starts with the minimum thickness ratio (red dot), corresponding to a limit
equilibrium state of the vault. In this situation, the mechanism is achieved when the pressure
line passes through the extrados at the springing of the diagonal rib, with an incipient five-hinge
symmetric mechanism of the ribs. Moreover, it can be noticed that the design thickness ratio
t a , whose choice will be discussed later, is marked with the green square on the curve. In
particular, the values of minimum thickness and the design thickness are t a = 0.019 and 0.033 ,
i.e. t = 14 cm and 24 cm , with values of T0 W = 0.372 and 0.350 , respectively.

Figure 8: Musmeci vault. Minimum thrust vs Thickness ratio curves in the undeformed configuration

5.3 Displacement capacity of Musmeci vault
In Figure 9a the thrust increase is shown versus the thickness ratio t a . As before, the curve
is truncated when the thrust, at the springing section of the rib, achieves the practical limit.
The failure mechanisms of the cross vault are closely related to the behaviour of their ribs.
In particular, for low values of the thickness, the vault collapse is attained due to a five-hinge
mechanism in the ribs. Unlike the parabolic arch case (see Section 4.2), it should be noticed
that in this case the pressure line touches the intrados towards the haunches and the extrados
near the crown and at the supports of the ribs (an example is depicted in Figure 6b). This change
in their behaviour is due to the action of the thrusts transmitted by the web arches to the rib.
Increasing the thickness ratio, the initial intrados hinge of the ribs moves from the haunch
toward the abutment, involving not only a change in the geometry of the ribs but also a change
of the Class of the web arches (see Section 5.1). Moreover, these significant changes in the
initial geometry of the vault lead to discontinuities in the values of the increase in thrust,
bringing also to a different collapse mechanism pertaining to jumps of the intrados or extrados
hinges.
From the value of t a equal to 0.084 onwards, the initial intrados hinge of the rib remains
localized on the springing and the collapse mechanism of the vault approaching to snap-through
failure and the practical limit is rapidly achieved.
In Figure 9b the relevant span increase at collapse configuration is reported. The high
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displacement capacity of the vault to adapt to horizontal settlements is highlighted by the values
of the span increase which grow rapidly up to over 30%. The trend of the curves and the collapse
mechanisms are similar than the ones found in [9] for rounded cross vault.
Finally, considering that the original Musmeci structure was designed as a cover for a rural
market, without underlying structures, it was chosen as the design thickness of the vault
t = 24 cm , with a geometric factor of safety [2] equal to 1.71 , accordingly with the minimum
structural design criteria of the author. The design size of voussoirs is chosen equal to 2.5° as a
value near to the standard dimensions of voussoirs used in practice.
An example of the final appearance of the Musmeci vault reconsidered as a dry-masonry
structure is depicted in Figure 4b.
(a)

(b)

Figure 9: Musmeci vault. (a) Thrust increase vs Thickness ratio curves at collapse configuration. (b) Span
increase vs Thickness ratio curves at collapse configuration

5

CONCLUSIONS

The unbuilt parabolic Musmeci cross vault has been proposed in the novel perspective of
dry-masonry structure. In order to respect the original shape, the thickness of the vault has been
considered as the unique design parameter. First, the geometry discretization of the reinvented
vault and the main assumptions of the proposed model have been discussed. Second, the
minimum thrust of the vault and its displacement capacity undergoing horizontal settlements
have been investigated for different thickness ratio values. The Musmeci vault shows a low
value of the minimum thickness and significant span increase at collapse, comparable to the
parabolic arch constituting its diagonal rib. In particular, for low thickness ratio values, the
failure is due to a five-hinge mechanism. Increasing the thickness, the collapse mechanism
approaches a snap-through failure, the thrust increases rapidly and several hinge movements
occur. The jump of the hinges involves a sudden change in the deformed configuration that, in
some cases, may no longer be statically admissible, consequently leading to a premature
collapse of the system. Compared to the original vault of Musmeci, designed to be entirely built
in reinforced concrete, the proposed model provides an estimate of a reasonable design
thickness of the vault, showing the possibility to bring a new life to this historical and elegant
structure, as a dry-masonry vault.
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Abstract. In current times, built heritage is being lost at an alarming rate due to natural and
human hazards. Policies for its protection and rehabilitation involve, among other things,
challenges related to the refinement of suitable structural strengthening approaches. The
arduous balance between gaining acceptable safety levels for occupants without deploying
intrusive devices, inconsistent with conservation principles such as those of the ICOMOS
charters, is not a simple task. The interest and efforts of the scientific community in this
regard have been increasing for decades, but still, it is the structural professional´s
responsibility and experience which must define this arduous balance on a case-to-case basis.
This study addresses the question: How can the quality of structural rehabilitation
interventions be assessed in light of conservation principles such as those given by ICOMOS?
Here, a preliminary method - called “Intervention Quality Index” (IQI) method is proposed.
It assesses the restoration intervention quality in relation to: (i) the level of compliance given
by the conservation´s principle score (conservation´s factor, CF); and (ii) the current state of
conservation of the monument (safety factor of building considering the seismic intensity, Δs).
The IQI method considers the compliance level of the designed reinforcement with
conservation principle, formalized through the fulfillment of a category, i.e. respected,
partially respected, and not respected. Then, these judgments are translated into scores and
statistically evaluated. Scores are attributed in relation to the relevance of the fulfillment of a
certain conservation principle (authenticity, minimal intervention and intrusiveness,
compatibility, recognizability and reversibility) for the seismic structural safety point of view.
Preliminary results show that an effective employment of traditional earthquake-resistant
practices together with a wise use of modern retrofit strategies allow for the preservation and
reinforcement of built heritage without harming its identity.
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1

INTRODUCTION

From recent studies of the seismic fragility assessment at macro-scale and singlebuilding-scale of Built heritage [1], [2], [3], [4], [5], and [6], it emerged that several URM
monuments, in particular churches, even those consolidated and repaired after a seismic event,
demonstrated inadequate performance during sequent ones.
For this reason, several investigations were carried out to develop guidelines and standards for
repairing, consolidating and strengthening URM built heritage while respecting ICOMOS
conservation philosophy. New Zealand’s Building Seismic Performance of existing structures
[7], the Building Code Requirements for Masonry Structures by the American Society of Civil
Engineers [8], the National Peruvian Building Code for earthen structures [9], the section
Retrofit Design Procedure for existing building of the European code for Design of structures
for earthquake resistance [10], the Italian Code NTC2008 [11] and Circ.26/2010 [12], and the
Chilean Standard for the Structural Intervention of Earthen Historical Buildings [13], are
some of the outcomes of thisresearchin some of the world’s most earthquake-prone countries,
in which criteria for strenthening interventions is provided.
Another set of guidelines for conservation and repair of heritage buildings are theGuidelines
for earthquake resistant non-engineered construction published by UNESCO [14], and
Principles for the analysis, conservation and structural restoration of architectural heritage
[15]. These guidelines present a set of criteria to assess damage types and levels, correlating
post-seismic scenarios to possible traditional and modern repair and strengthening techniques.
Although the interest of the scientific community toward this task have been increasing, the
arduous balance between achieving acceptable safety levels for occupants without deploying
overly intrusive devices, inconsistent with conservation principles such as those of ICOMOS
charters, has yet to be resolved. To this aim, a preliminary method called the Intervention
Quality Index (IQI) method is proposed.
The paper is organized as follows. After summarising the set of fundamental conservation
principles within the framework of structural consolidation interventions, the preliminaly IQI
method is presented in Section2. In Section3, stability and strength-based techniques for the
reduction of seismic vulnerability of monumental buildings are analyzed through the IQI
method which considers the compliance level of each conservation principle.
Then, two case studies on reinforcement interventions are addressed in Section4: the
buttresses for improve the stability of San Francisco church’s transept walls [16], and the tierods for retaining the thrust of external gallery arches of Basilica del Salvador [17]. Both
interventions are analyzed through IQI method. Preliminary conclusions are drawn in
Section5.
2 ICOMOS PRINCIPLES AND INTERVENTION QUALITY INDEX METHOD
The conservation philosophy has a direct consequence on seismic retrofit projects. The
most universal principles of conservation are: authenticity, minimal intervention and
intrusiveness, compatibility, recognizability, and reversibility, [18] and [19]. In the following,
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the conservation criteria are stated analyzing the effect that complying with them has on the
structural behavior induced by a reinforcement system:
 Authenticity [Au] of the original features of the building (materials, geometry), which
must be preserved “ensuring that the original mechanical and resisting principles
governing the structure response are not altered and original structural elements are
not made redundant” [4];
 Minimal intervention and intrusiveness [Mi], which consist of an intervention where
the human safety and conservation requirements are balanced, througth a cost-benefit
analysis that also includes intangible value losses;
 Compatibility [Co] between new retrofitting materials and existing elements is related
to chemical, physical and mechanical properties. The retrofits and structural elements
“not only do no harm to the original ones, but they also act as sacrifical elements in
precence of external actions, i.e. they should act as fuses of the structural system” [4].
Furthermore, the constructive compatibility allows for reduction of structural
discontinuities, which are the preferencial ways of damage in case of seismic motion,
and guarantees integration among structural elements and a greater level of
monolithicity of masonry walls;
 Recognizability [Rc] of retrofitting interventions allows to easily detect the original
constructive systems of the building and also possible structural heterogeneities due
to post-earthquake repairs (main vulnerability feature in URM structures subject to
seismic motions).
 Reversibility [Rv] of interventions considers the possibility of removing retrofits if
better solutions are found in the future [16] and [21]. Currently, this is one of the most
debated conservation issues because new technologies are often invasive and nonreversible. Thus, least harmful solutions should be chosen in accordance with
minimum intervention and compatibility principles.
In order to assess the analyzed retrofitting technique/intervention, the degree of agreement
with ICOMOS Principles are qualitatively evaluated through a judgement defined as: respect
(R), partial respect (PR), and no respect (NR), Table1. These judgement categories (JCs) are
directly related to the performance levels (PLs) based on experts’ judgment, Table1. Based on
the assessment of the fullfilment level between the analyzed intervention and the ICOMOS
Principles, a numerical score is assigned to each judgement category. The numerical scores
associated with the judgement presented in Table1, are used to evaluate the Intervention
Quality Index (IQI) which turns out to provide the level of comformity of new intervention
with ICOMOS philosophy. The IQI index is computed by the following equation:
(1)

 ൌ  Δ  ⋅ 𝐶𝐶𝐹𝐹

Where, ΔIs is the safety index increment and CF is the conservation factor, given respectively

by the following expressions:
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(3)

Where, ͳ and ʹ are the safety indexes of the structure before and afterthe intervention,
respectively, each obtained as the ratio between spectral seismic acceleration capacity and
seismic acceleration demand.

2441

N.C. Palazzi, G. Misseri, C. Sandoval, U. Tonietti, J.C. de la Llera, and L. Rovero

In the conservation factor CF, N is the number of considered ICOMOS principles (PI), which
are Au, Mi, Co, Re, and Rev, and γ  is the k-th score, which can range between 0 and 3
according to the judgment category for each considered ICOMOS principle (PIk). Table1
resports the definition for each conservation principle and the associated score for each
judgement. The value of the conservation factor CF is thus obtained as the sum of normalized
scores, γ  ; normalization of γ  is considered with respect to the corresponding maximum
=12 since all five PIs are considered.
possible score, in this case with ൌͳ γ
ǡ

Table 1: ICOMOS principle ID, judgement category (JC), conservation´s principle score (𝛾𝛾𝑃𝑃𝐼𝐼 𝑘𝑘 ) given to each
JC, and description for each conservation principlesof performance levels.
ID
Au
Min

JC
R
PR
NR
R
PR
NR
R

Co

Rec

Rev

𝜸𝜸𝑃𝑃𝐼𝐼 𝑘𝑘
2
1
0
3
1.5
0
3

Performance level description
Original static and dynamic behaviors are not altered.
Original static behavior is not altered, but dynamic behavior is substantially altered
Original static and dynamic behaviors are altered
Human safety and conservation requirements are balanced. Cost-benefits are balanced
Human safety and conservation requirements are partially balanced.
Human safety and conservation requirements are not balanced.
Retrofitting intervention is compatible mechanically (e.g. stiffness, weight, cohesion and
deformability similar to the original structure), physically (e.g. very similar porosity and
pore size distribution, very low variation of the moisture transport as absorption and
drying rate, no thermal and hygric expansion), and chemically (e.g. identical chemical
composition, no harmful chemical reaction, similar solubility) with existing structure.
Retrofitting intervention is mechanically compatible with the original ones, but it has
slightly or moderately different physically and chemical features (e.g. moderate variation
of the porosity and pore size distribution and moderate variation of drying and
hygroscopic behavior, different chemical features, no harmful chemical reaction or
byproducts).

PR

1.5

NR

0

R

2

PR

1

The features of new intervention are similar to the original, whereas the tactile and color
consistency is different.

NR
R
PR
NR

0
2
1
0

Thickness, material, tactile and color consistency are similar to the original.
New intervention can be completely removed.
New intervention can be removed generating minor damage to the original structure.
New intervention cannot be removed.

High level of conflict between the original structure and the retrofitting intervention
under dynamic actions, and use of material physically, chemically different from the
original ones.
Relevant differences between the original structure and new intervention in term of
thickness, material, tactile and color consistency.

To calculate seismic capacity and demand in the case of stability-based techniques, local
analyses by damage mechanisms through limit analysis with kinematic approach are
suggested (according to [11], [12] and [13]). While to assess the safety indexes before and
after a strength-based intervention, which often involves wide areas of the structure, targeted
global analyses are recommended.
Based on the value obtained for the IQI index, four categories of fulfillment are
defined in the framework of the safety assessment against local damage mechanism
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triggering, as shown in Table2: Category A, the intervention meets fully safety requirements
and guarantees full compliance with the conservation principles; Category B, the intervention
meets partially safety requirements (improvement) and guarantees compliance with the
conservation principles; Category C, the intervention meets meets safety requiremts (either
fully or partially)but does not guarantee complete compliance with the conservation
principles; Category D, the intervention does not meet safety requirements and does not
guarantee compliance with the conservation principles.
Table 2: Intervention conformity level to ICOMOS principles
Intervention conformity level
A
B
C
D
0.75<IQI ≤ 1
0.5<IQI≤ 0.75
0.25<IQI ≤ 0.5
0 <IQI ≤ 0.25

A state of poor conservation of the materials in the structure (i.e. degradation of materials due
to continuous exposure to the elements which generates degradation phenomena reducing
structural efficiency), the presence of poor quality materials (i.e. irregular textures and/or
incoherent and friable mortar), and design errors in the original structure (i.e. lack of wall-towall and wall-to-roof connections, excessive slenderness, wall pattern not respectful of the
rule-of-the-art etc) inevitably require invasive and consolidation projects which depart from
ICOMOS principles. In these cases, the priority is to guarantee the minimum safety level.
Therefore, it is necessary to evaluate the invasiveness of the project considering the initial
conservation state of the building, and related with the required safety level to the ICOMOS
principles. In particular, considering a highly seismic context, a conservation project which is
minimally invasive could be insufficient, and hence more invasive solutions might be
required. The International Council on Monuments and Sites is aware of the complexity of
this issue, and for this reason it is explicit that the principles are non-binding
recommendations. Thus, ICOMOS principles are not an absolute requirement, but
recommendations for the definiton of optimal retrofit interventions.
3 FROM THE DIAGNOSIS OF VULNERABILITY TO THE CONSERVATION
INTERVENTION
The passage from the analytical-diagnostic phases to the intervention project consists
of designing a unified intervention strategy considering the identified vulnerabilities and
structural deficiencies. The main goals of an anti-seismic reinforcement intervention project
are to prevent the activation of local collapse mechanisms both in-plane and out-of-plane, and
to guarantee box-like behavior while respecting conservation philosophy. The design
improvement devices must be able to: (i) collaborate with existing elements and contrast local
vulnerability; (ii) systematically increase the displacement capacity of the structure, admitting
partial deformations and cracks; (iii) restore the structural resistance of the initial system; (iv)
avoid introducing concentrated and relevant stiffness (R.C. slab and injections etc.); and (v)
increase the tensile resistant connections.
In [21] two main classes of complementary retrofitting interventions are distinguished: (I)
Stability-based techniques, which reduce the deficit connections and thrust of arches and
vaults; and (II) Strength-based techniques, which restore and increase the resistance of
masonry wall.
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3.1 Stability-based techniques
The stability-based techniques reduce deficiency between connections and thrust of
structural elements (arches, vaults etc.), stabilizing the structure as a whole, in order to
increment box-like-behavior. Common stability-based techniques for URM buildings are:
(i) Steel tie-rod/cross-bracing [TR- CB], widely used in historical structures to connect wallto-wall and wall-to-floor and to improve the building integrity; (ii) Wooden ring-beam [RB],
placed on top of the walls to guarantee box-like behavior and prevent the activation of out-ofplane mechanisms, providing strength and stiffness against bending; (iii) Brick-masonry
enlargement [EN], consisting of a new massive local masonry addition in order to increase the
wall section and prevent out-of-plane failures; (iv) Brick-masonry buttresses [BT], generally
involving the entire length of the wall and supporting the wall corner and/or projecting from
the section of an internal transverse wall, providing resistance to lateral thrusts.
Table 3 – Stability-bases techniques
ID

[RB]

[EN-BT]

Device

Tie-rod and anchor plate or
cross bracing

Ring beam (made of
reinforced brick masonry,
steel)

Enlargement or
Buttresses

Prevent the two walls from
spreading apart

CF

JC

[TR- CB]

Main
goal

I) STABILITY-BASED TECHNIQUES

Au
PR

Mi
R

Co
R

Rc
R

11/12 = 0.92

Rv
R

Prevent overturning,
proving strength and
stiffness
Au Mi Co Rc Rv
PR
R
R
R
PR

Improve global behavior and
increase the load bearing
capacity of wall
Au Mi Co Rc Rv
NR
R
R
R
R

10/12 = 0.83

10/12 = 0.83

A preliminary validation of the IQI method is carried out assessing each mentioned stabilitybased technique. Firstly, a qualitative judgment on total, partial or absence of the respect of
conservation principles is provided in Table3. Then, the numerical scores associated with the
JCs are used in Equ. (3) to calculate CF, shown in Table3.
The analyzed stability-based solutions show a high compliance level of each conservation
principle (CFs=0.83-0.91). The implementation of restoration solutions using traditional
materials (steel TR-CB, wooden RB, masonry EN-BT) is advantageous from a cost and
compatibility point of view. However, in highly seismic regions these materials could be
insufficient and modern devices might be employed such as systems based on fiber-reinforced
composite materials or reinforced-brick-masonry, among others.
3.2 Strength-based techniques
Strength-based techniques improve the strength of walls by providing better “monolithic”
behavior to masonry. Common strength-based techniques for URM structures are:
(i) Unstitch-stitch intervention [US], consisting of dismantling and rebuilding a portion of a
cracked wall, with the aim of restoring continuity and structural integrity; (ii) bed joint repointing [BJR], replacing bad joint mortars with better quality ones; (iii) grout injection [GI],
largely applied to fill the holes, cavities and internal voids to reconstitute the structural
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continuity and increase the mechanical properties of masonry walls; (iv) artificial headers
[AH], which provide transversal locking in wall thickness, connecting the adjacent wall
leaves, increasing the monolithicity of masonry panels and the global behavior of structures as
well as; (v) Jacketing of masonry [JM]consisting in the use of steel or different fiber, such as
CFRP or inorganic matrix, placed on both wall faces and connected thought transversal
elements that cross the wall section; (vi) confinement of columns and pillars with composite
or steel materials [CN], located in critical sections of vertical elements, generally in the lower
part of shafts where vertical cracks are present, to contain transversal dilatation and improve
stability of columns and pillar. Also in the case of strength-based techniques, a preliminary
validation of the IQI method is carried out. A qualitative judgment regarding the respect of
conservation principles is provided in Table4, together with the CF values for each mentioned
strength solutions.
Table 4: Strength-bases techniques

ID

[GI]

Device

Unstitch-stitch technique for
regular brickwork

Grout injection for
masonry, stone, adobe
and brick made

Structural continuity and
uniform load distribution
Au
R

Mi
R

Co
R*

Rc
R

Rv
PR

[BJR]
Bed joint
re-pointing for masonry,
stone, adobe and brick made

Enhance homogeneity and
increase strength
Au
PR

10/12 = 0.83

Mi
PR

Co
R*

Rc
R

Rv
NR

Increase in strength of
masonry and prevent water
penetration in mortar joints
Au Mi Co Rc
Rv
*
R
R
R
PR NR

10/12 = 0.83

[AH]

[JM]

[CF]

Artificial headers for
masonry, stone, adobe
and brick made

Jacketing of masonry with
steel or CFRP or inorganic
matrix

Confinement of columns
and pillars with composite
or steel materials

Increase monolithicity of
masonry panel and global
behavior of structure
Au Mi Co Rc Rv

Au

Mi

Co

Rc

Rv

Au

NR

PR

PR

PR

R

PR

NR

𝑪𝑪𝑭𝑭

JC

Main
goal

ID

7.5/12 = 0.62

Device

CF

JC

[US]

Main
goal

II) STRENGTH-BASED TECHNIQUES

PR

R

R

7.5/12 = 0.62

PR

Increase strength capacity
and ductility of wall

Increase strength capacity and
ductility of columns and pillar

7/12 = 0.58

Mi
PRR**

Co

Rc

R

R

Rv
PRR**

10/12 = 0.83

* The use of materials with same shape, dimensions, stiffness and strength and compatibles from the chemical,
physical and mechanical point of view is implied.**The judgment depends on the used materials.

4. APPLICATION OF IQI METHOD TO TWO CASE STUDIES
In order to further validate the IQI method to assess the quality of structural rehabilitation
interventions in light of ICOMOS principles, two case studies have been identified. Both
structures have historical and monumental value, are constituted of unreinforced masonry
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walls, and are located in a highly seismic contest. For both monuments structural
characterization and seismic performance have been widely studied. Thus, the reinforcement
interventions of San Francisco church, the oldest ancient monument in Santiago Chile [16],
and Basilica del Salvador, neo-gothic architecture in Santiago Chile [17], are analyzed
through the IQI method. A description of the application of the method on the two case
studies is provided below:
(i) Tie-rods [TR], to contain the arch thrust of Basilica del Salvador external gallery.
The use of [TR] for reinforcing URM structures is a traditional solution compatible with
conservation principles, as shown by the conservation factor value, CF= 𝑁𝑁𝑘𝑘ൌͳ 𝛾𝛾𝑷𝑷𝑰𝑰𝒌𝒌 =0.91, in
Table3. Overall ICOMOS principles (Min, Co, Rec and Rev) are achieved with total respect,
with exception of Au, partially respected.
In the case of the Basilica del Salvador, the introduction of TRs would effectively counteract
the activation of overturning mechanisms involving the outer walls of the external gallery
(OWs) in Fig.1. As suggest in Section2, safety indexes of structure after (Is2) and before (Is1) a
stability-based intervention shall be calculated through the kinematic approach of limit
analysis within a macro-element framework to obtain the safety factor ΔIs, (Equ.2). Is2 and Is1
are given by the ratio between the spectral seismic acceleration,∗Ͳ , and seismic demand, Dai.
The spectral seismic acceleration is evaluated according to the codified procedures defined in
[12]:
∗Ͳ

ൌ

𝛼𝛼Ͳ

𝑛𝑛𝑚𝑚
𝑖𝑖ൌͳ

𝑀𝑀𝑒𝑒𝑓𝑓𝑓𝑓

𝑃𝑃𝑖𝑖

Ǣ𝛼𝛼Ͳ

𝑛𝑛

𝑖𝑖ൌͳ

𝑃𝑃𝑖𝑖 ∙ 𝛿𝛿𝑥𝑥𝑖𝑖

ൌ

𝑛𝑛

𝑖𝑖ൌͳ

𝑃𝑃𝑖𝑖 ∙ 𝛿𝛿𝑦𝑦𝑖𝑖 ∙ 𝛿𝛿𝑦𝑦𝑖𝑖 Ǣ𝑀𝑀𝑒𝑒𝑓𝑓𝑓𝑓 ൌ

ሺ

𝑔𝑔 ∙

𝑛𝑛
ʹ
𝑖𝑖ൌͳ 𝑃𝑃𝑖𝑖 ∙ 𝛿𝛿𝑥𝑥𝑖𝑖 ሻ
ሺͶሻ
ሺ 𝑛𝑛𝑖𝑖ൌͳ 𝑃𝑃𝑖𝑖 ∙ 𝛿𝛿𝑥𝑥𝑖𝑖 ʹ ሻ

Where α0 is the kinematic multiplier; Pi is the i-th load; δxi is the virtual horizontal
displacement of the gravity center of the i-th load Pi; δyi is the virtual vertical displacement of
the gravity centers of the i-th load Pi; Meff is the participating mass; 𝑎𝑎Ͳ∗ is the acceleration
capacity; and FC is a confidence factor-related to the knowledge level of the building.
When the analyzed macro-element, i.e. the masonry portion prone to overturn due to
the seismic action, is placed at the ground level, the seismic demand Dai is equal to
Dai=Dag=ag(PVR)Sq, where ag(PVR) is the peak ground acceleration with an exceeding
probability of 10% in 50 years; S, the sub-soil factor; and q, the behavior factor to account for
energy dissipation capacity of the unreiforced masonry structure, equal to 1.5 according
to[13]. If the macro-element is placed higher than ground level, the seismic demand
Dai=Dal=Se(T1)Ψ(Z)γ, where Se(T1) is a design spectrum acceleration with respect to the first
vibration period of the macro-block T1, being T1=0.05H3/4[13]; ψ(z)=Z/H is a function
depending on the height from the foundation of the centroid of the weight forces applied on
the macro-element, Z, on the total height of the building from the foundation, H, and on
γ=3N/(2N+1), which corresponds to a modal participation coefficient, depending on N
number of floors. Considering the structure before the intervention, the kinematic multiplier
of the horizontal equivalent forces producing the activation of the mechanisms, α0, is
calculated equal to 0.112 and the corresponding spectral acceleration a0* equal to 0.815
m/s2[17].
Table 5: Tie-rod device to prevent the out-of-plane (OOP) mechanism of external gallery walls (OW) of
Basilica del Salvador: a0*1 and a0*2 are the mechanism activation accelerations before and after TR intervention;
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Is1 and Is2 are the safety indexes before and after TR intervention; 𝑁𝑁
𝑘𝑘ൌͳ 𝛾𝛾𝑷𝑷𝑰𝑰𝒌𝒌 is the conservation factor; Δs is the
safety factor; IQI index is the intervention quality intervention index; and CL is the conformity level
Macro-elem.ID
Mech. ID

OW-OOP

a0*1
[m/s2]
0.815

a0*2
[m/s2]
2.61

Is1
[-]
0.31

Is2
[-]
1

CF

[-]

0.92

Δs

[-]
0.69

IQI index
[-]
0.63

CL
B

Φ22

Square anchor
(50x50cm,
thickness20mm)

Figure 1: External gallery walls of Basilica del Salvador: (a) Tie-rods device to prevent the OOP mechanism,
(b) collapse of external gallery pillars, and (c) deep crack in the arches and vaults.

With the aim of averting the triggering out-of-plane failures of OW macro-blocks, TR
introduction is proposed, imposing a0* equal to the Demand Acceleration at ground level
(Dag=2.61 m/s2). Considering a circular section of tie (length 5.91m, diameter 22mm), a
square anchor (50x50cm, thickness20mm), and steel SS2350 (Young modulus equal to
E=2100000daN/cm2, characteristic strength of steel equal to fy=2350daN/cm2, and steel
specific weight equal to γs=7850daN/m3) the kinematic multiplier after TR intervention, α0,2,
is equal to α0,2=0.359,considering the tie stress equal to TTR=min (Tt, Tm, Tc) = min (89.3 kN,
344 kN, 86.2kN), where Tt is the failure mechanism related to yielding of the tie rods; Tm is
the failure mechanism related to punching of masonry in the anchorage area; and Tc is the
failure mechanism related to the resistance of the wall against the penetration of the anchor,
due to excess [15]. The comparative analysis of the current state and the state after the
retrofitting intervention (Table5) shows a significant improvement of acceleration capacity of
the OOP mechanism of OW. This improvement leads to a satisfactory safety assessment, i.e.
safety index after the intervention Is2=1. According to Equ.1, the IQI index for the analyzed
intervention is equal to 0.63, leading to an intervention conformity level type “B”.
(ii) Buttresses [BT], to improve the out-of-plane stability of San Francisco´s transept wall.
Historically, masonry buttresses were part of the original construction and performed very
efficiently during seismic motion. This device increases the wall section and prevents out-ofplane failures providing resistance to lateral thrusts. The BT strengthening efficiency depends
on good interlocking between the original and new structure, and mechanical compatibility
concerning strength and stiffness of materials employed. Table3 shows that the use of EN-BT
as a seismic device in masonry structures guarantees respect for all conservation principles
(R) with the exception of authenticity. The EN-BT intervention determines the alteration of
original static and dynamic behavior, not respecting the Au principle.

2447

N.C. Palazzi, G. Misseri, C. Sandoval, U. Tonietti, J.C. de la Llera, and L. Rovero

As seen in [16], currently the most vulnerable macro-element in the San Francisco church
was the transverse arcades of the transept walls (TA). From the historiographical analysis of
this structure [16] it emerged that at the beginning of the 20thcentury the buttresses in
correspondence of transept walls and aisles were cut.
Thus, with the aim of averting the triggering of OOP failures of the macro-element and
in-plane behavior of the transverse arcade, the introduction of buttresses was proposed(Fig.2)
according to the specifications provided in the Guidelines for wall construction with
buttresses and pilasters [14]: the buttress thickness must be equal or greater than the wall
thickness (twall); the length of buttress must be equal or larger than 3t wall; the length (L)
between two buttresses must be L≤10 twall and L≤64 twall2/h, where h is the height of
reinforced wall. Considering a shape coherent with the colonial architectural style (a thickness
of 1mx1m, with the same masonry brickwork and mechanical, chemical and physical features
of brick and mortar compatible with the original), the current condition of the TA macroelement and the improvement in its the seismic behavior due to the BT device are assessed
through LKA analysis (Equ.4) for the northern and southern transept walls. Comparative
analyses of the current state and the reinforced state (Table6) show an increase in the safety
index (respectively equal to 68% and 75%). These improvements lead to an IQI equal to 0.68
and 0.75 respectively, and an intervention conformity level type “B”.

Figure 2: (a) Thrust line for transverse arcades of transept walls and (b) Buttress device to improve the OOP
stability of San Francisco’s transept wall.
Table 6: Buttress device to prevent the out-of-plane (OOP) mechanism of transept walls (TR) of San
Francisco church: a0*1 and a0*2 are the mechanism activation accelerations before and after BR intervention;
Is1 and Is2 are the safety indexes before and after BR intervention; CF is the conservation factor; Δs is the
safety factor; IQI index is the intervention quality intervention index; and CL is the conformity level.
a0*1
[m/s2]

a0*2
[m/s2]

Is1
[-]

Is2
[-]

CF

[-]

[-]

Δs

IQI index
[-]

CL

NTA-OOP

0.866

2.34

0.33

1.01

0.83

0.68

0.57

B

STA-OOP

1.03

2.63

0.39

1.14

0.83

0.75

0.63

B

Macro-elem. ID
Mech. ID

5. CONCLUSIONS
In this paper, a preliminary proposal to introduce evaluation criteria for the reinforcement
interventions in relation to the level of compatibility with the conservation principles was
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provided. In order to define the assessment methodology, the conservation ICOMOS
principles have been reinterpreted in a purely structural manner considering the impact that a
specific retrofit intervention has on the church from a conservation point of view.
The degree of agreement between each retrofit technique and conservation principles has been
evaluated through judgement categories (respect, partially respect, and not respect), andthen
trasformed into scores. These scores allow to assign a weight relative to the degree of
importance that each principle, interpreted in structural terms, assumes in the evaluation
procedure. In particular, the respect for compatibility and minimum intervention principles
have been assessed as being more significant thanreversibility and recognition.
The describedmethod represents a preliminary proposal that should be better specified in
future works, considering further factors influencing the choice of intervention, such as for
example: the required safety levels, the state of conservation of the asset, the symbolic
importance and the social value, the costs and the duration of the intervention. Moreover, the
method applied here to the Chilean context, must be statistically validated for its application
to a wider range of construction contexts. The two case studies have been identified in order
to evaluate IQI method, considering specific intervention proposals, such as tie-rods for
Basilica del Salvador arches and buttress device to improve the out-of-plane stability of San
Francisco transept wall.
Generally, the proposed stability-based techniques arise from the rediscovery of traditional
earthquake-resistant practices of Chilean constructive culture (extensively documented in [5],
[6] and [17]), while the strength-based techniques arise from the use of modern retrofit
strategies.
The obtained results show that the rediscovery of traditional earthquake resistant practices,
together with the use of modern retrofit strategies, allow preserving and reinforcing the built
heritage without harming its identity. In fact, the application of the IQI method leads to very
high values of conservation factor for the stability-based techniques (CF= 𝑁𝑁𝑘𝑘ൌͳ 𝛾𝛾𝑷𝑷𝑰𝑰𝒌𝒌 ൌ0.830.91), while it leads to lower values and partial assessment relative to the respect of
conservation principles for the strength-based techniques(CF= 𝑁𝑁𝑘𝑘ൌͳ 𝛾𝛾𝑷𝑷𝑰𝑰𝒌𝒌 ൌ 0.58-0.83).
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Abstract. Composites made of fibers embedded in organic or inorganic matrices are efficient
systems for reinforcing historical masonry structures to provide strength and ductility with
a negligible mass increment. As it is well known, the structural performance of the composites
mainly relies on their adhesion to the substrate. There are different methods to test
the adhesion of the composite to the substrate: in laboratory direct shear test is the
most commonly employed, while on-site the bond between the reinforcement and the
substrate is checked by the pull-off test. In this paper, the adhesion of different composites
to the same substrate made of fired-clay bricks is investigated by both the shear test and the
pull-off test to qualitatively assess the difference in the two methods. Additionally, to
investigate whether the bond is affected by the presence of water in the pores, half of the
specimens were tested in water saturated conditions. Three different types of matrix (based
on epoxy resin, natural hydraulic lime and Portland cement) were used for the composite
matrix, without changing the geometry, the type of masonry substrate and the fibers
(galvanized steel cords).
1

INTRODUCTION

The effectiveness of externally bonded (EB) composites, both fiber-reinforced polymer
(FRP) and fiber-reinforced cementitious matrix (FRCM) composites, applied to masonry
structures is governed by the adhesion between the reinforcement and the substrate. The bond
behaviour between composites and masonry can be experimentally assessed by means of
single-lap shear, double-lap shear, and beam tests [1-3]. The majority of the studies
available in literature deals with the direct shear test (and in particular single-lap type),
which is

2451

Cristina Gentilini, Christian Carloni, Roberta Santoro and Elisa Franzoni

extensively used in laboratory testing. Information on the adhesion between the reinforcement
and the substrate and the presence of defects in the application of the composite can be
potentially obtained by means of pull-off tests, which are easily performed on site without the
burden of building a test fixture necessary to conduct direct shear tests [4]. Although the
Mode-II bond behaviour should be studied by performing direct shear tests, the outcomes of
pull-off tests could be still valuable in practice. A relationship between the results obtained
from the single-lap shear test and those obtained from the pull-off test has not been
established, especially for FRCM composites.
In this paper, a comparison between two experimental campaigns is presented. In one
experimental program, three groups of masonry blocks made of fired-clay bricks and mortar
joints, reinforced by a unidirectional steel fabric embedded in an epoxy resin, in a hydraulic
lime-based mortar matrix and in a cement-based mortar matrix were subjected to single-lap
shear tests [5-7]. In the other experimental campaign, pull-off tests were conducted on the
same type of composites (same fibers and matrices) applied to fired-clay bricks belonging to
same batch of bricks employed to manufacture the specimens tested in the first campaign [8].
Results of the single-lap shear test are compared with those obtained in the pull-off test to
determine if a relationship exists and whether pull-off test could be a suitable way to obtain
information on bond in field applications. This comparison is usually hindered by the fact that
composite is applied on the side surface of the bricks for the shear test (the same surface that
is actually reinforced on-site), while it is applied in the bed surface for the pull-off test.
However, the bricks employed in this study were manufactured by a process similar to that
used for historic bricks, namely by pressing, hence the characteristics of the side and one bed
surface are very similar. This would be not the case of bricks manufactured by extrusion, for
this brick type, the bed and side surfaces are completely different in terms of roughness and
characteristics. Additionally, in order to check if the presence of water in the pores may affect
the adhesion, half of the specimens were tested in water saturated conditions.
2 MATERIALS AND METHODS
The material used as a substrate in this study is a fired-clay brick of nominal dimensions
250 mm × 120 mm × 55 mm. Three types of composites were considered:
• SRP composite: constituted by steel fibers embedded in an organic matrix, namely
a bi-component epoxy resin. The fibers employed are arranged as a unidirectional
sheet made of ultra-high strength galvanized steel cords, fixed to a secondary 6
mm-spaced fiberglass micromesh. The cross-sectional area and equivalent
thickness of the cord are 0.538 mm2 and 0.084 mm, respectively. The tensile
strength, ultimate strain, and Young’s modulus of the steel fibers are 3000 MPa,
2%, and 190 GPa, respectively.
• S-FRLM composite: constituted by the same steel fibers as before embedded in an
inorganic matrix [9]. The matrix was a commercially available dry-mix mortar
made of natural hydraulic lime (NHL 3.5) and quartz sand, and belongs to the
strength class M15 according to EN 998-2 [10].
• S-FRCM composite: constituted by the same steel fibers as before embedded in an
inorganic matrix [11]. The matrix was a commercially available dry-mix mortar
made of Portland cement binder and quartz sand, with a limited amount of
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polymeric admixtures, and compressive strength > 45 MPa according to EN 12190
[12].
2.1 Pull-off specimens
Twenty-four fired-clay bricks were reinforced with composites applied to the 250 mm ×
120 mm brick surface. The bricks were cleaned before the application of the composite. A
first layer of matrix (2 mm-thick for resin and 4 mm-thick for lime and cementitious mortars)
were applied on the surface for S-FRLM and S-FRCM specimens, respectively. After that,
sheets of fabric were slightly pressed on them, and a second layer of matrix (having the same
thickness of the first one) was applied on the S-FRLM and S-FRCM specimens. The total
thickness of the composite was equal to 4 mm (±1mm) for SRP samples and 8 mm (±1mm)
for S-FRLM and S-FRCM samples. After curing (1 week for SRP and 1 month for S-FRLM
and S-FRCM specimens), two shallow cores perpendicular to the composite surface were
drilled in each specimen, leaving the core attached to the brick. The core driller had a
diameter equal to 53 mm. In accordance to EN 1542 [13], the cut depth should penetrate 10
mm in the substrate. Steel disks were attached to the external surface of the cores using epoxy
adhesive. To investigate if the presence of water in the pores of the substrate may affect the
pull-off strength, half of the reinforced bricks were tested after water saturation (suffix
‘SATUR’ in the label), while the remaining ones were tested in dry conditions (suffix ‘DRY’
in the label), for comparison purposes. For each type of condition, three tests were carried out.
2.2 Shear test specimens
The performance of the inorganic based composite was determined in terms of adhesion
capacity of composite strips applied to a fired-clay brick masonry block. The masonry blocks
were constructed with 6 half solid fired-clay bricks (55 × 120 × 125 mm3) and 5 mortar joints
(10 mm thick). The mortar used for the joints was a commercially available dry-mix product
made of natural hydraulic lime (compressive strength class NHL 3.5 according to EN 459-1
[14]). Twenty-four 120 × 125 × 380 mm3 masonry blocks were constructed and left to cure
for 1 month at room temperature and humidity. After 1 month, the composite strips were
applied to one of the faces of the blocks. The total thickness of the composites was the same
as the one for the pull-off specimens. The three groups of reinforced masonry specimens (the
group with SRP, the group with FRLM and the group with FRCM) were left to cure for 28
days in laboratory. Twelve composite-masonry joints (4 for each matrix) labeled “DRY” and
used as control specimens were tested in dry conditions. Twelve composite-masonry joints (4
for each matrix) were immersed in deionized water for 2 days and then tested in saturated
conditions. These specimens were labelled “SATUR”.
2.3 Pull-off test setup
The pull-off test was performed in accordance with EN 1542 [13]. A uniaxial direct tensile
load was applied perpendicular to the surface of both dry and wet specimens using the pull-off
testing device up to failure.
2.4 Shear test setup
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Direct shear tests were performed to assess the bond quality between the SRP/S-FRLM/SFRCM composites and the masonry blocks. Details of the set-up of the single-lap shear tests
are reported in [15]. During the tests, the masonry specimens were restrained between two
steel plates, while the composite strip was pulled. The load P was applied to the end of the
bare fibers where an epoxy tab was realized. Two linear variable displacement transformers
(LVDTs) were mounted on the face where the composite was applied to measure the
displacement of the composite with respect to the masonry surface at the beginning of the
bonded area. All tests were conducted in LVDT displacement control at a constant global slip
rate equal to 0.84 µm/s until failure.
3

RESULTS AND DISCUSSION
3.1. Mechanical properties of the matrices

The average compressive strength of the cement-based matrix and the natural hydraulic
lime-based matrix resulted equal to 46.9 MPa (CV=8.5%) and 13.5 MPa (CV=6.5%),
respectively. CEM matrix exhibited a compressive strength more than three times higher
compared with the natural lime-based matrix [7, 15]. Epoxy resin had a tensile strength equal
to 14 N/mm2 as reported in the manufacturer data sheet [16].
3.2. Pull-off and shear test results
In general, with the pull-off and shear tests four possible failure modes may occur:
(1) Cohesive failure in the substrate (hereinafter denoted as F1);
(2) Bond failure at the composite/substrate interface (hereinafter denoted as F2);
(3) Interlaminar failure in the composite between the inner layer of matrix and the fabric
(hereinafter denoted as F3);
(4) Bond failure at the steel disk/composite interface (hereinafter denoted as F4, this type
of failure may occur only in pull-off tests).
Results for the pull-off tests are listed in Table 1 in terms of average strength (calculated as
the peak force divided by the area of the disk) and failure modes. As expected, all the SRP
specimens failed in the substrate (F1 type) and the decrease in bond strength between a dry
and a water saturated substrate was 7.4%. Even if the substrate was involved in the failure
surface, its saturated condition led to negligible difference in bond capacity: this is due to the
fact that the presence of water in the pores of the brick did not influence significantly its
tensile strength, and the substrate in the case of pull-off tests is mainly subjected to a direct
traction. In the case of specimens reinforced with lime-based composites (S-FRLM), the
failure mode mainly was interlaminar at the interface between the steel sheet and the inner
layer of matrix, that remained attached to the substrate. In general, the bond strength was
lower with respect to SRP, as usually occurs for these composites (lower than 1 MPa in the
case of dry specimens, and lower than 0.8 MPa in the case of water saturated specimens). For
this group, the decrease in bond strength between dry and wet specimens is remarkable:
around 30%. In Fig. 1, typical failure modes occurred during the pull-off tests for SRP and SFRLM samples are reported. It should be noted that S-FRCM specimens in this study showed
a brittle behavior and most of the samples failed before pull-off testing during curing and/or
during the operation of core cutting. This aspect should be better investigated, however it
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points out the compatibility issues between such a high strength and stiff matrix and a porous
substrate such as fired-clay bricks. Usually, this kind of high strength matrices is employed to
strengthen concrete structures, however in certain particular cases, for example in presence of
harsh environments these high strength mortars can be employed also for strengthening of
masonry structures, leading to compatibility problems with low strength substrates.

Figure 1. Type F1 failure mode for a SRP specimen on the left, type F2 failure mode for a S-FRLM specimen at
the center and type F3 failure mode for a S-FRLM specimen on the right.
Table 1: Results of the mechanical tests: pull-off and shear tests. In parentheses, the coefficient of variation is
reported.

Test type

Matrix type

Pull-off test

Epoxy resin

Shear test

Natural
hydraulic lime
based
Epoxy resin
Natural
hydraulic lime
based
Cement based

SRP-DRY
SRP-SATUR
S-FRLM-DRY
S-FRLM-SATUR

Adhesion strength
or force
1.12 MPa (13.4)
1.04 MPa (12.9)
0.99 MPa (14.7)
0.76 MPa (13.4)

SRP-DRY

10.72 kN (0.1)

-

FAILURE
MODE
F1
F1
F3
F3 (in one
case F2)
F1

SRP-SATUR
S-FRLM-DRY

10.16 kN (7.0)
6.7 kN (14.9)

-5.2
-

F1
F3

S-FRLM-SATUR

5.1 kN (18.0)

-23.5

F3

S-FRCM-DRY
S-FRCM-SATUR

7.5 kN (14.6)
8.6 kN (17.0)

12.8

F1
F1

Specimen

∆∗ [%]
-7.4
-30.1

Results for the shear test in terms of average maximum load for each group of specimens
and failure modes are reported in Table 1. All SRP specimens showed a failure mode
characterized by debonding with cohesive fracture of the support (F1 type). After cycles in
deionized water, SRP specimens exhibited a negligible decrease in bond capacity (-5.2%
compared to REF), as appeared from the pull-off tests.
Failure mode of S-FRLM-DRY specimens was interlaminar failure at the matrix-fibers
interface (F3 type). As expected, cement-based specimens reached an average peak load that
is higher than the lime-based specimens: due to the different mechanical performance of the
two mortars. The failure mode that characterized S-FRCM-DRY specimens was debonding at
the matrix-substrate interface (F1 type), with a thin layer of masonry that remained attached to
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the composite strip, typical failure mode of FRP-masonry joints showing that this mortar is
more similar to an organic matrix rather than a mortar. The FRLM specimens tested in water
saturated conditions showed a decrease in peak load of about 23%, which is comparable to the
one found in the pull-off tests (-30%). It should be noted that the two results in terms of
values cannot be compared since one is the average bond strength obtained from a pull-off
test and the other is a bond force as obtained in the direct shear test. However, the decrease in
terms of adhesion between dry and water saturated conditions is qualitatively similar.
Interestingly, the specimens reinforced with cement-based composites show a small increment
in the bond force (+12.8%) passing from DRY to SATUR specimens. This increment cannot
be compared to the results of the pull-off tests, since as stated before, results for the cementbased specimens are not available.
4

CONCLUSIONS

This work investigated the effects of water presence in the pores of the substrate materials
on the bond behavior between composites and fired-clay brick masonry blocks. Both
composites applied with organic and inorganic matrices were considered, employing the same
type of fibers (galvanized steel cords). Both pull-off tests and shear tests were conducted to
compare qualitatively the main results. The following conclusions can be drawn:
• All the specimens reinforced with steel reinforced polymer composites are
characterized by a failure mode that involved the substrate (cohesive failure) both
tested in dry and in water saturated conditions.
• All the SRP specimens (both pull-off and shear tested) showed adhesion values
(strengths and forces) that are higher with respect to specimens reinforced with
composites applied with inorganic matrices.
• The decrease in bond strength between dry and water saturated specimens is negligible
in the case of SRP (around -6% for both pull-off and shear tests).
• All the specimens reinforced with lime-based composites and steel fibers showed an
interlaminar failure mode, i.e. failure plane involved the interface between the inner
layer of matrix and the steel sheet.
• All the specimens reinforced with lime-based composites showed a decrease in bond
strength (both measured with pull-off and shear tests) between dry and wet conditions
(on average around 25%).
• All the specimens reinforced with cement-based composites and steel fibers showed a
cohesive failure mode, i.e. failure plane involved the substrate as in the SRP reinforced
specimens. In case of shear test, the bonding capacity for saturated specimens showed a
small increment with respect to the dry specimens (around 12%). However, this trend
cannot be confirmed with the results of the pull-off tests, since all the specimens failed
during curing or cutting operations. This last aspect pointed out the compatibility issues
between composites having an extremely high rigidity and strength and porous and
weaker substrate (the employed cement-based matrix has a compressive strength > 45
MPa, while this value for brick is 17 MPa).
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Abstract. Congregation Sherith Israel, one of San Francisco’s lesser known gems, is an
historic unreinforced masonry building with a naturally lighted dome that rises over 100 feet
above its centerpiece --- an ornate mural painted vaulted sanctuary that occupies nearly 90
percent of the plan area of the building. Though damaged only modestly by the 1906
earthquake that destroyed many of its unreinforced masonry neighbors, it was subject to a
local seismic upgrade ordinance. Various innovative strengthening techniques --- including
the first known use in North America of super-elastic nitinol for seismic resistance --were implemented to supplement the structure’s inherent strengths. The design was
developed to permit historically significant features to remain virtually undisturbed;
construction was completed in 2017.

The building was required by the municipality to be strengthened to meet seismic
safety standards for assembly occupancy. Following years of study, a strengthening plan
that was feasible and cost-effective, yet would not harm the historic interiors and exterior, was
developed and installed. Construction involved an initial phase of more traditional
strengthening in 2010 to maintain occupancy on an interim basis, followed by a second
phase of innovative technologies to achieve full compliance.
The strengthening philosophy relied heavily on supplementing, rather than supplanting
the existing building’s strengths and leveraging its natural dynamic characteristics. The nitinol
was designed to provide cost-effective easy-to-install structural “fuses” within an
octagonally-configured tension tie system to promote re-centering and control out-of-phase,
out-of-plane behavior of the vulnerable gable end walls, parapet and arches that define the
main facades. Though the nitinol interconnects all four gable end walls, the octagonal
configuration of the system causes no disruption to the domed sanctuary by circumventing
the interior dome, and the sanctuary today is in the same condition as before the project.
The supplemental seismic work included a fiber reinforced polymer catenary and rocking
compression-only pilasters to control displacements without incrementing the demand on its
floor-to-wall ties.
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1

INTRODUCTION

Tension ties have been employed at least since the Augustan age to supplement the stability
of masonry structures. Hoop-type tension rings have been used to resist spreading of masonry
vaults and domes since the Middle Ages and through-structure iron ties in direct tension have
been in common use to supplement the out-of-plane stability of masonry walls at least since the
Renaissance. Such iron ties were often added as retrofit measures after cracking or deformation
became concerning but were sometimes installed during original construction [1].
Whether deliberate or not, tension ties in ancient structures participate in the resistance of
inertial forces that are generated during earthquake shaking. When they are installed in the
upper reaches of masonry walls where local accelerations tend to maximize in any given
structure, they can alleviate critical local seismic vulnerabilities, for example, of gabled end
walls. Gabled end walls, which are not typically load-bearing and have low gravity-induced
compression, are often the first major part of a structure to exhibit severe damage or collapse
in earthquakes. However, iron ties are comparatively inflexible relative to the out-of-plane
character of masonry walls, meaning that when existing structures are retrofitted with tension
ties, local restraints that can be detrimental to the structural response of the masonry can be
introduced. Moreover, iron ties are not conducive to promoting re-centering of the masonry;
once the iron yields, whatever displacements that caused the yielding are locked-in, and iron is
not especially ductile. A structural material with more forgiving properties would therefore be
ideal for use in a retrofit tension tie.
Since the architecture of many houses of worship includes gabled end walls, tension ties in
these structures are relatively common. Iron tension ties can often be observed transecting the
main sanctuary. In addition to the aforementioned potential detrimental interaction, adding ties
to a sanctuary that does not have them already can be highly disruptive to the integrity of the
space, not to mention to the finishes through which such ties often pass. Means to bypass the
sanctuary space without sacrificing the beneficial attributes of tension ties would also therefore
be beneficial.
Recently, Sherith Israel, a historic synagogue with a domed sanctuary and gabled end walls
in San Francisco, was seismically retrofitted. The centerpiece of that retrofit was an
octagonally-configured tension tie system that circumvented the sanctuary space, and the sides
of the octagon were connected to the gabled end walls of the structure with nitinol fuses, thus
resolving the concerns described above. The system was designed to utilize inexpensive
materials and installation methods without compromising performance. The design concept and
details are described herein, along with the some of the other strengthening measures
implemented in the project, which was completed in 2017.
2 PROJECT CONTEXT
Designed by Albert Pissis, a prominent San Francisco engineer/architect trained at the Ecole
de Beaux-Arts in Paris, Sherith Israel was constructed in 1904 and is on the National Register
of Historic Places. The exterior shell of the building consists of heavy brick masonry bearing
walls that are clad with Colusa sandstone slabs as veneer and rise to roughly 65 feet at the main
roof and 75 feet at the gables. At the east, west, and south elevations, these walls are articulated
in plan and include large corbelled arch substructures that provide significant out-of-plane
stability and support the gable end walls vertically. The building is capped by a steel-framed,

2459

Terrence F. Paret and Jeffrey M. Rautenberg

zinc-clad, 60-foot diameter, naturally lighted dome and drum that rise to roughly 120 feet above
the street and roughly 100 feet above its centerpiece --- an ornate mural painted vaulted
sanctuary that occupies nearly 90 percent of the plan area of the building and is large enough
to seat nearly 1400 people. [Figures 1 and 2]

Figure 1: Exterior south and west elevations circa 1910
[photo from OpenSFHistory / wnp4.1507.jpg]

Figure 2: Interior of the sanctuary
[photo by Bruce Schneider Photography, Oakland, California]

The drum and dome are supported on a plan-octagonal system of riveted steel trusses that
span to four built-up riveted steel columns; these columns support virtually all of the vertical
loads from the wood and steel framing at the roof, the balcony, and the sanctuary levels, except
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for a roughly 8-foot strip of floor adjacent to the perimeter walls.
A mural painted lath and plaster inner dome that is partially open to permit light from the
drum above to enter the sanctuary rises to the elevation of the peak of the gables and is also
supported by the octagonal trusses. The interior steel framing engages the masonry shell at only
eight locations on each framing level, two on each elevation. [Figures 3 and 4]

Figure 3: Sherith Israel under construction circa 1904
[photo from OpenSFHistory / wnp14.0971.jpg]

The Great San Francisco Earthquake of 1906 exposed the initial failure modes of the
building, causing substantial damage to the gable end walls (some of which remains visible),
and loss of parapet coping and detachment of the masonry gable end wall from the roof framing
on at least one elevation. [Figure 5]
Substantial cracking of interior plaster partitions, ceilings and the inner dome also resulted
[2]. Overall though, the seismic response of Sherith Israel was as laudable as the behavior of
other Albert Pissis-designed landmark unreinforced masonry structures in San Francisco, all of
which survived the earthquake with little structural damage relative to many other buildings in
the community, indicating that unreinforced masonry is not inherently high-risk construction if
it is well-configured and constructed with high-quality materials.
In the 1980’s, the State of California passed legislation requiring that the seismic risk
deriving from unreinforced masonry structures that could not be demonstrated to have certain
minimum levels of seismic resistance be mitigated. Effectively, the synagogue’s congregation
had a choice: demolish its home or strengthen it to comply.
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Figure 4: Isometric cut-away model
[rendering by ELS Architecture and Urban Design, Berkeley, California]

3 PROJECT PROGRESSION
The initial stages of the project included substantial documentary research and field
investigation to understand the response of the structure to the 1906 shaking and to characterize
its constituent construction materials, construction quality and current condition. These efforts
will not be described herein beyond noting that aside from localized deterioration from periodic
water intrusion during the 20th century, the building was a virtual museum in that many of the
manifestations of 1906 ground shaking had gone unrepaired and remained visible in both
finished and unfinished portions of the building, which revealed a great deal of empirical data
about how this structure responds to ground shaking. The guiding philosophy of the project -Engineering for Preservation -- has been described elsewhere [3][4].
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Figure 5: South cornice undergoing repair after 1906 earthquake
[photo from Bancroft Library, Berkeley, California: https://calisphere.org/item/ark:/13030/hb4m3nb45g/]

3.1 Analysis
Linear dynamic analyses were conducted for various purposes, including to identify primary
response modes and dynamic amplification over the building height. These analyses, which
were performed using SAP2000 [5], revealed that the structure survived the 1906 earthquake
in part due to the dynamic separation between in-plane and out-of-plane response modes of the
perimeter masonry walls. These walls contribute roughly 85% of the mass of the entire structure
and dominate the building response [6]. This separation results from the flexibility of the
diaphragm framing, including the open sanctuary, that permitted a large proportion of the
building mass to respond at a fraction of the spectral plateau (i.e., out-of-plane wall behavior).
Preservation of this behavior was deemed to be a design priority -- second only to the goal of
preserving the historic fabric of the building -- because without dynamic separation between
these modes, the in-plane shear strength of the masonry would have needed to be supplemented,
which would have itself resulted in widespread disruption of historic materials. The linear
dynamic analyses also clearly demonstrated that the dynamic response of the gable end walls
is significantly amplified with respect to the input motions and even with respect to the global
spectral acceleration. Without explicit consideration of this amplification, the gable end walls
would always be vulnerable to earthquake shaking.
Nonlinear adaptive pushover analyses of each of the exterior brick masonry wall elevations
were performed using ADINA [7][8]. The analyses improved our understanding of the demands
arising from deformation compatibility between the wood floor diaphragms and the planarticulated masonry walls that is enforced by the diaphragm-to-wall connections necessary to

2463

Terrence F. Paret and Jeffrey M. Rautenberg

preclude out-of-plane wall failure. The flexible diaphragms permit substantial out-of-plane
response of the masonry, meaning that in plan, the masonry walls are subject to behavior
somewhat analogous to catenary action and must lengthen to conform to the lengthening of the
diaphragm chords. However, because Sherith Israel’s exterior walls are plan-articulated,
coincident with lengthening, the walls undergo partial unfolding of the articulations.
Understanding this unfolding via nonlinear analysis was judged to be key to designing
interventions to maintain the integrity of the masonry during strong shaking. Significant
cracking from unfolding during 1906 shaking was still evident in the building attic.
4 PREMISE AND GEOMETRY OF THE TENSION TIE SYSTEM
The design goals for the tension tie system included a variety of considerations, but chief
among them were
1. to provide some control on the outward out-of-phase displacement of the gable-end
walls and corbelled arch substructures without overly restraining them, i.e. allowing
them to deform under inertial loading but limiting the opportunity for the masonry to
become unstable;
2. to provide some post-yield re-centering/restorative force such that each cycle of motion
would not ratchet the end wall displacement outward, but rather, would encourage the
end walls to return to their original position; and
3. to add only relatively marginal cost to the overall seismic improvement project, meaning
that the system had to utilize inexpensive components and it had to be readily installable
in the attic of the historic synagogue. Sub-requirements for the latter included that all
the components of the system had to be light enough to be easily transported to and
around the attic, and assembly of the system had to be possible without welding or
flame-cutting to avoid risk of fire and without shoring the historic ceilings that also
functions as the floor of the attic.
A system composed of steel with nitinol fuses inserted into the load path was deemed to be
ideal to accomplish these goals because both the stiffness and the strength of such a system
could be readily tuned to the stiffness of the end walls, and because a design was envisioned
early on that could use relatively inexpensive nitinol rods and anchoring components. Nitinol,
a nickel-titanium alloy, is a superelastic material with heat-activated shape-memory attributes
that was developed in the mid-twentieth century.
Until recently, the primary commercial uses of nitinol have been in the optometric and
biomedical fields for which nitinol alloys are typically customized and are quite expensive.
While structural/seismic uses of nitinol have been explored in university laboratories for
decades, until recently, practical applications for nitinol in buildings have been elusive, partly
because its hardness makes machining of it both difficult and expensive. After the 1997 Assisi
earthquake, nitinol was used to retrofit three ancient structures that were damaged by that
earthquake, including the Basilica of San Francisco in Assisi that was the first structure in the
world to be retrofitted with a shape-memory alloy device (SMAD) [9][10]Error! Reference
source not found.. The SMADs deployed on those projects were customized and had to be
specially manufactured for their intended use. Since that time, the cost of nitinol -- especially
off-the-shelf nitinol product --has become quite affordable considering the great structural
advantages it can provide. It is believed that the Sherith Israel project described herein is the
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first use of nitinol in North America, and the use of nitinol on this project was specifically
designed to use simple off-the-shelf products, rather than devices of special manufacture.
The geometry of the tension tie system in Sherith Israel was dictated by the complex
geometry of the roof, which consisted of flat areas at the building corners, steep gables at the
approximate center of each of the four building elevations, and an inner lath and plaster dome
that completely interrupted the line of sight between opposing gabled end walls. The desire to
interconnect opposing walls at a common elevation with linear elements was thus at odds with
the design goal to not allow new structural elements to intrude through the historic mural
painted plaster finishes and across the sanctuary. In this instance, the design goal of preserving
the integrity of the sanctuary space won out, and the tension tie system therefore designed to
circumvent the inner dome, meaning that opposing walls could not be directly interconnected,
but rather were interconnected via an intermediate element.

Figure 6: Geometry and installation of the tension tie system
[rendering by ELS Architecture and Urban Design, Berkeley, California]

The intermediate element was an “octagon tension ring” which was comprised of 2-inch
diameter Dywidag rods. These rods were selected to balance the requirements of
constructability against the desire to make the octagon tension ring as stiff as possible. The ring
was located at the single elevation at which any interconnection of the end walls could be
accomplished without disrupting the inner dome and still remain within the enclosed attic space;
utilizing that elevation necessitated that the interconnecting elements take the form of an
octagon that paralleled the existing octagonally-configured truss framing supporting the roof,
the drum and the domes. For the tension ring to be installed without penetrating the roof, the
new Dywidag rod elements had to be threaded through the only obstacle-free pathways that
would allow for interconnection; these were barely large enough for the Dywidags to pass
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through. Steel plates were sized and shaped to provide “hubs” for interconnecting the Dywidags
to each other at each of the eight nodes of the octagon and for connecting other rods that
extended toward the exterior walls, along the path of which were inserted the assemblies that
held the nitinol fuses [Figure 6].
The nitinol fuses consisted of arrays of 0.190-inch diameter nitinol wire strung roughly 6 feet
between hollow square structural steel tubes and anchored on the backside of each tube with
spring-loaded wedge anchors that are typically used for anchoring high strength post-tensioning
strand. Two spring-loaded wedge anchors were installed at each end of each wire to provide
redundancy in the anchorage. One array was installed adjacent to, and anchored to, each of the
four exterior walls, with twenty-four nitinol wires installed in each array. The interior side of
each array was connected via steel tension rods to its respective nodes on the octagon tension
ring. Given their appearance, the arrays were referred to as looms or harps by project personnel.
The 6-foot length of the fuses was selected to allow roughly 4 inches of deformation of the wall
to occur before the nitinol would begin to experience any permanent set and the cross-sectional
area of nitinol in each fuse was selected such that yield of the fuse would occur at a local end
wall acceleration of roughly 50 percent of gravity and one inch of outward displacement. The
wire diameter was selected to permit wires to be spread more or less uniformly across the width
of the gable end walls at the elevation of the tension tie, just above the top of the corbelled
arches. Given the properties of the nitinol and the design configuration, outward wall
deformations greater than 8 inches should be readily accommodated by the fuses.
5

NITINOL TESTING AND TUNING OF THE FUSES

Nitinol was selected early on in the design process because of its inherent ability to sustain
large deformations while remaining elastic, i.e. providing a re-centering force with each cycle
of response. Energy dissipation was a benefit but was not explicitly factored into the selection
criteria. In general terms, nitinol’s stress-strain relationship includes a linear-elastic range of
response to a strain of roughly 1 percent elongation, a superelastic ‘flagging’ response between
about 1 percent and 6 percent elongation, followed by a stiffening nonlinear inelastic response
to a failure strain typically around 12 percent [Figure 7]. While nitinol has been increasingly
used by the optometric and medical communities, those applications are typically highly
specialized (e.g., interventional stents), use relatively expensive medical-grade alloys with
highly customized and controlled properties, and employ very small-diameter wires that would
be inadequate for structural applications.
The superelastic mechanical properties of nitinol can vary widely as a function of the
alloying ratios, heat treatment program, and in-service temperature; as such, a robust testing
program was developed so that the global behavior of the nitinol fuses could be appropriately
tuned for both strength and stiffness over the superelastic range of response and means for
reliably anchoring the nitinol could be verified. The diameters and lengths of the nitinol wires
were first roughly sized to achieve the target properties using expected nitinol properties for
off-the-shelf product; those parameters were then fine tuned based on the results of the testing
program, material availability and cost.
The deformation capacity of the fuses was governed by the overall length and the maximum
superelastic strain that could be expected from the nitinol wires. The target 4-inch elastic
deformation capacity and the typical 6 percent maximum superelastic strain resulted in the need
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for wires with a gage length of about 67 inches; wires with an overall length of 84 inches were
ultimately selected to allow for the doubled wedge anchors at each end. This gage length is
expected to yield superelastic behavior, energy dissipation, and a net restoring force to the
masonry walls over a deflection range up to 4 inches.

Figure 7: Typical stress-strain behavior of nitinol [11]

The quantity and diameter of nitinol wires that were used in each fuse was selected such that
the total force resisted over the superelastic range of response would be roughly equivalent to
50 percent of the weight of the tributary wall area. During the initial design phase, the estimated
superelastic upper plateau stress (“UPS” in Figure 7) of 70 ksi --- which is, in actuality, highly
dependent on the specific nitinol alloy, the heat treatment process, and the actual ambient
temperature --- resulted in the need for twelve ¼-inch-diameter wires at each nitinol fuse.
Testing to confirm and fine tune the preliminary design progressed generally in two phases:
an initial feasibility study during the early design phase in 2007, and a later study in 2016 to
fine-tune the selection of both diameter and alloy / heat treatment. Both phases of testing
included study of means to anchor the nitinol wires, as nitinol is both very hard and difficult to
machine. The first round of testing generally included cyclic tension tests of ¼-inch diameter
wires to different levels of elongation in the superelastic range of response and at temperature
ranges that were expected in the attic of Sherith Israel (45F, 72F, and 90F) [Figure 8]. The
results of the testing program confirmed that the length preliminarily chosen for the nitinol
wires would provide the anticipated deformation capacity, the diameter and quantity of wires
would provide the target restoring force on the perimeter bearing walls, and that wedge anchors
would provide a reliable means to transmit the seismic-induced forces into the nitinol. The exact
nitinol formulation used in the 2007 testing program was no longer available for the final
installation in 2016, so the design using twelve ¼-inch-diameter wires was updated with a
design using twenty-four 0.190-inch-diameter wires at each fuse. The 2016 testing program
was used to confirm that the actual nitinol wires selected would behave as intended and that the
wedge anchors would provide sufficient anchorage at forces and deformations exceeding those
expected to occur during an earthquake.
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Figure 8: Stress-strain behavior of nitinol wires at a target elongation of 6%

It is worth noting that while the process for selecting and testing of the nitinol wires is
described above as being rather neat and linear, the actual selection process was more
circuitous. The material that was used during the initial phase of testing in 2007 was no longer
available from the original nitinol supplier, so in the later phase of work, an alternate supplier
had to be secured; at least three different wedge anchor products were tested and rejected due
to inadequate force transfer or slipping of the grips during testing; and the later phase of testing
included several different diameters of wire and several different suppliers, as some of the
nitinol that was being provided did not achieve the target stress-strain behavior. This selection
process served as an important reminder that the use of novel materials or systems requires
additional thought and effort prior to implementation.
12 CONCLUSIONS
The historic temple, Congregation Sherith Israel, one of San Francisco’s century-old gems,
was constructed largely of unreinforced brick and stone masonry circa 1904 and survived the
Great San Francisco Earthquake of 1906 with relatively modest damage compared to other
nearby buildings, many of which suffered partial or complete collapse. Nonetheless, the
structure was recently required by the municipality to be seismically improved. Out-of-plane
behavior of the unreinforced masonry perimeter walls and the gabled ends, which were
damaged in the earthquake, was confirmed analytically and by on-site observations of the
vestiges of damage from historic earthquakes to be one of the primary vulnerabilities of the
structure.
Among various other interventions, a novel, highly cost-effective, tension tie system with
nitinol fuses was designed to specifically target this primary vulnerability by interconnecting
all four perimeter walls to mitigate the propensity of these walls to move outward, and to
introduce re-centering attributes into the system. This was the first known seismic application
of this superelastic material in the United States. To avoid disruption to the temple’s ornate
mural painted sanctuary, whose inner dome rose to the elevation of the tops of the gable end
walls, the tension tie system was designed to circumvent the inner dome and to be fully
contained within the attic space using an octagonal tension ring.
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Cost-efficiency and installation-efficiency were primary considerations. All components of
the tension tie system were selected such that they could be hand-carried and easily installed
without the need for any welding or torch work, and without heavy machinery or disruption of
any interior finishes. The nitinol fuses were also designed to use “off-the-shelf” material that
required no customization and no machining, and to use readily available means for anchoring.
Based on an extensive laboratory testing program, the individual nitinol rods comprising the
fuses were sized both in length and diameter to limit --- but not prevent --- outward deflection
of the perimeter walls, while at the same time providing a restoring force to help limit residual
wall deflections after an earthquake.
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Abstract. The present paper evaluates the performance of matured hydraulic grouts, with
respect to their composition and the induced microstructural characteristics. Four different
grout compositions were examined; three grouts based on natural hydraulic lime (NHL5),
plain and in combination with pozzolan, and a ternary white cement - pozzolan - hydrated
lime mixture. Both grout-only specimens and composite injected material have been examined
and injected grout - masonry material interaction issues are discussed.
1

INTRODUCTION

Grouting constitutes one of the most common techniques applied for the repair and
strengthening of historic masonry structures or fissured architectural members, when
interconnected voids are present. Systematic research has been undertaken for the
performance evaluation of various types of grouts and specific design criteria have been
developed [1-9]. This technique is also used for the in-situ conservation of detached or
cracked mosaics, wall paintings or frescoes and other valuable decorative surfaces [10-13].
Given the fact that it is a non-reversible intervention, a holistic methodology has to be
adopted both for the design of the grout and the method of its application [14].
A series of research works for the performance evaluation of natural hydraulic lime (NHL)
grouts, realized during the last decades, have proved the mechanical efficiency of this type of
grouts for the structural restoration of stone masonry [3, 4, 6, 15-23]. Due to the similarity
with the in-situ materials, natural hydraulic lime grouts are favoured in structural restoration
of historic masonries, constituting a reliable alternative to higher strength ternary cementitious
grouts (with low cement content). Thus, further systematic research for the optimization of
NHL-based grouts, with respect to their composition and taking into account both fresh and
hardened state properties over time, is of great interest.
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The aim of this work is to investigate the performance of three NHL grout compositions
along with a ternary mixture, by studying their physicochemical, mechanical and durability
characteristics. Fresh state injectability, as well as hardened state mechanical properties at 28,
90 and 365 days are presented first. Subsequently, physicochemical, mechanical,
microstructural characteristics and durability to soluble salts of matured specimens of these
grouts are studied and commented upon. The paper is concluded with the presentation of the
results of representative samples selected from injected mosaic substrata (constructed on wall
models, damaged and then consolidated with grouts) and examined by SEM/EDS and XRD,
providing data on their penetration capacity and their solidification inside porous media.
2 MATERIALS AND METHODS
2.1 Grouts composition, mixing procedure and fresh state properties
Three different grouts based on natural hydraulic lime NHL5, plain or mixed with pozzolan of
type I and a ternary grout, of low alkali and sulphate content white cement, mixed with
hydrated lime powder and pozzolan of type II, were examined (Table 1). Both pozzolans are
natural, finely ground materials with pozzolanicity of 7.5 N/mm2 and 5.8 N/mm2 respectively.
Table 1: Composition of the grouts

White
cement
(Aalborg)

Composition
(% w/w)

NHL5
(St Astier)

GR1

100%

(a)

90%

(b)

GR2
GR3
GR4

Pozzolan
Type I

Pozzolan
Type II

Lime
Powder

Superplasticizer*
1%

10%

80%
30%

45%

25%

80%

1%

80%

1.5%

80%
80%

(b)

20%

Water*

(c)

1%

Notes: Superplasticizers are based on (a) modified lignonaphthalene salts (CHEM SPL™, Domylco), (b)
polyether carboxylates (CHEMIUM 172™, Domylco) and (c) naphthalenesulfonate polymer (RHEOBUILD™
5000, Basf); * superplasticizer and water percentage refer to the grout solids total mass.

The design of the grouts was performed with the aim to ensure high injectability under low
pressure (~0.075 MPa), even in voids and cracks of nominal minimum width (Wnom) equal to
0.2 mm. For this purpose, the penetrability, fluidity and stability characteristics of the
suspensions were fully examined. Based on the design criteria proposed in literature [7, 8, 9],
a water to solids ratio equal to 0.80 was experimentally determined, together with the
adequate type and dosage of superplasticizer. The standardized sand column test method (EN
1771) was applied to check the penetrability and fluidity, along with the determination of the
Fluidity Factor (using a Marsh cone of 3 mm nozzle diameter) and the flow time of 500 ml of
grout, out of 1000 ml inserted in a Marsh cone of 4.75 mm nozzle diameter (EN445); stability
of the suspension was studied using NF P18-359 (Table 2). An ultrasound dispersion mixer of
28 kHz, assisted by simple mechanical stirring at 300 rpm, was employed for the laboratory
preparation of the mixtures. The mixing time was 3-4 min for the NHL-based grouts and 6
min for the ternary grout (2 min/solid component).
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2.2 Mechanical tests
For the evaluation of the mechanical properties of the grouts, prismatic specimens
(40x40x160 mm) were prepared and moulded in the laboratory. The curing conditions were
kept constant at 90 ± 5% RH and 20 oC (EN 459/2) until the execution of the tests at the ages
of 28, 90 days and 12 months, using a Tritech 100 kN Wykeham Farrance machine at 0.05
mm/min and 0.1 mm/min loading rate in flexion and compression, respectively (Table 2). For
the determination of the flexural strength, three prismatic specimens were tested under a
three-point bending arrangement. After a period of about 2 years, during which the specimens
were preserved in the environmental chamber, they were removed and kept at 90 ± 5% RH at
room temperature up to the age of 14 years. The matured grout specimens were tested in
compression using the same apparatus and loading conditions.
2.3 Examination of microstructural characteristics of matured grouts
Porosity and porous size distribution were examined by mercury intrusion porosimetry
(MIP) at the age of 14 years using a Quantachrome Autoscan 60 Porosimeter composed of
two units, for low (24 psi) and for high (60000 psi) pressure. For the evaluation of large void
volumes, polished specimens were examined by SEM/EDS (FEI Quanta 200 coupled with an
EDAX detector) at low magnifications and the micrographs were analysed by digital image
processing (DIP) using ImageJ FIJI software [24], while the EDS elemental analysis results
were used in order to evaluate the cementation index of each composition. Mineralogical
analysis was performed X-ray diffraction (XRD) of powdered samples, using a Bruker D8
ADVANCE apparatus, equipped with a Lynxeye detector, at a 0.03˚/0.8 s step.
The water absorption coefficient by capillarity (C) was determined in accordance with
NORMAL 11/85. A notable variation from the norm is that prior to the measurements, the
grout specimens were dried at a temperature of 45 ± 5 ˚C, as the drying conditions described
in the standard are too severe for grouts.
In addition to the cured grout-only specimens, representative samples of two of the
examined grout compositions (GR1 and GR4) were retrieved from the injected substrata (lime
and OPC based mortars respectively), bearing the mosaics attached on three-leaf wall models,
constructed in the framework of a research project for grouting strengthening of three-leaf
masonry [4, 6]. These specimens, taken from the injected wallettes -matured indoors until the
execution of the mechanical tests and then exposed to outdoors conditions, without any
particular curing- were examined by SEM/EDS, XRD and MIP, in order to qualitatively
evaluate their preservation state, the penetration capacity of the grout, its bonding with the
wall inner materials and the mosaic substrata, as well as its microstructure, chemical and
mineralogical composition.
2.4 Durability of grouts to sodium sulphate salt crystallization test
The salt crystallization damage is one of the most common causes of porous building
materials deterioration. The mechanisms of crystallization, crystal growth and crystallisation
pressure inside the pores of building materials [25], as well as their consequent degradation
patterns (crack development, pulverisation, crumbling, flaking etc.) were extensively studied
and analysed [26]. A number of factors influence this phenomenon, such as the building
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materials porosity, the porous size distribution and morphology, the composition of the salt
solution, the wettability of the porous media, as well as environmental parameters.
In the present study sodium sulphate salt durability tests were carried out according to the
following procedure: matured grout specimens (cubes 20x20x20 mm) preserved for 14 years,
in the same conditions as presented in paragraph 2.2, were impregnated in 10% w/w sodium
sulphate (Na2SO4) solutions and dried for six cycles at 20oC. After the sixth cycle, half of the
specimens were dried at 20oC and the others at 50oC until constant mass was reached.
3

RESULTS AND DISCUSSION

3.1 Rheological, physico-mechanical, chemical and microstructural characteristics
As presented in Table 2, all the grout compositions met the following injectability criteria:
the time required for the grout to reach the top of the sand column penetrability test (h = 36
cm) was set to less than 50 s (T36 ≤ 50 s); the Fluidity Factor values had to be higher than
0.7x103 mm/s and the total efflux time of 500 ml of grout out of 1000 ml inserted in the cone
(measured with a Marsh cone having a 4.75 mm nozzle diameter) had to be between 20 s and
45 s (20 s ≤ td=4.75 ≤ 45 s); the maximum acceptable limit for the bleeding test was set to 5%
[1, 7, 8, 9].
Table 2: Rheological, mechanical and hydric characteristics of the grouts

GR1

GR2

GR3

GR4

22.5 s

24 s

26 s

19 s

0.99

0.88

0.71

1.15

22 s

24 s

25 s

20.5 s

2%

1%

< 1%

3%

Flexural Strength (MPa)
40x40x160 mm specimens

1.16 (28 d)
1.75 (90 d)
4.04 (1 y)

1.31 (28 d)
1.90 (90 d)
3.80 (1 y)

1.22 (28 d)
nd
3.34 (1 y)

2.14 (28 d)
2.29 (90 d)
3.49 (1 y)

Compressive Strength (MPa)
40x40x40 mm specimens

1.64 (28 d)
4.50 (90 d)
6.80 (1 y)
10.4 (14 y)

2.51 (28 d)
5.34 (90 d)
7.01 (1 y)
11.4 (14 y)

2.11 (28 d)
nd
5.47 (1 y)
12.0 (14 y)

3.66 (28 d)
8.16 (90 d)
13.85 (1 y)
18.1 (14 y)

C (g·cm-2·s-0.5)

0.010 (14 y)

0.007 (14 y)

0.013 (14 y)

0.005 (14 y)

T36: Sand column 1.25/2.50 mm
(voids: 0.2–0.4 mm)
Fluidity Factor (x103 mm/s)
Marsh cone td=4.75 mm
(500 ml of grout)
Bleeding

The mechanical properties of the NHL5-based grouts, especially compressive strength, are
generally improved with the addition of pozzolan due to the stable products produced by the
pozzolanic reaction, resulting to a pore refinement as indicated by MIP measurements (Table
3). Increasing the addition of pozzolan from 10% to 20% leads to a small decrease of the
strength during the early ages, which is probably attributed to the slow rate of the pozzolanic
reaction. These results highlight the need for a more systematic research regarding the various
component dosage, with the aim to reach an optimization, when complete consumption of
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portlandite is sought. Given that the reactivity of a pozzolan is highly dependent on its
composition and granulometry, a generalized model of the pozzolanic reactivity cannot exist.
Thus, every new pozzolan in the NHL5-pozzolan system requires a different systematic study.
Nevertheless, the mechanical properties of matured NHL5-based grouts, measured in the
present study, proved to be very satisfactory, indicating that the addition of pozzolan has a
significant positive effect to the strength development over time. Unfortunately, there were no
matured specimens suitable to test in flexion, so these interesting findings can only be
validated, as far compressive strength is concerned.
SEM backscattered electrons micrographs (Fig. 1) show that the grout microstructure at the
age of 14 years appears denser in the case of ternary grout and hydraulic lime grouts with
20% pozzolan. The evident reduction of large void volumes with the addition of pozzolan was
quantified by DIP (Fig. 2).
Area (%) of voids larger than 9 μm2

% Αrea

10
9
8
7
6
5
4
3
2
1
0

Figure 1: SEM-BS images of the hardened grouts, at
low magnification (50x). Large voids appear dark.

GR1

GR2

GR3

GR4

Figure 2: Area (%) of voids larger than 9 square
microns estimated by DIP.

Table 3: Microstructural characteristics of the grouts cured up to 14 years based on MIP results.

Total Porosity (%)
Total intruded volume (cm3/g)
dbulk (g/cm3)
dapparent (g/cm3)
Low
Fraction of pores (5-110 μm)
pressure
Mean pore radius (μm)
High
Fraction of pores (0.002-5 μm)
pressure
Mean pore radius (μm)

GR1
52.2
0.556
0.938
1.931
1.4%
29.93
98.6%
0.022

GR2
47.2
0.459
1.029
1.929
1.1%
11.7
98.9%
0.020

GR3
51.4
0.481
1.068
2.168
1.2%
11.07
98.8%
0.019

GR4
49.6
0.458
1.084
2.129
1.1%
12.6
98.9%
0.015

Water absorption measurements show that the NHL5-based grouts exhibit higher water
absorption rates (about twofold) compared to the ternary grout, which is mainly attributed to
the presence of pores of large sizes. The addition of 10% pozzolan reduced the rate of
absorption compared to the plain NHL5 grout and this is linked to the relative decrease in
pore size due to the pozzolanic activity. The opposite is observed for the addition of 20%
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pozzolan which leads to higher absorption rate attributed probably to the pore size distribution
and their interconnection.
The cementation index (C.I.) based on Boynton equation, was calculated, using the
SEM/EDS analysis results, for all the grouts under study at the age of 14years in order to
evaluate the hydraulicity of the mixtures. The data of Table 3 reveal that the addition of
pozzolan increases the hydraulicity index of the NHL5 grouts. It is notable that the CI value
of the grout GR3 and that of the ternary grout GR4 are very similar.
Table 3: Results of SEM-EDS analysis normalized and expressed as element oxides and the calculated
cementation index (CI). Concentrations correspond to full frame analysis of the images presented in Figure 1.

Element oxide (% wt)
Na2O
MgO
Al2O3
SiO2
SO3
Cl2O
K2O
CaO
Fe2O3
C.I.

GR1
0.88
2.12
2.85
25.77
0.98
0.00
0.51
65.72
1.20
1.11

GR2
0.78
2.07
4.21
30.28
1.89
0.90
0.50
58.10
1.27
1.48

GR3
1.10
1.14
4.90
39.17
0.65
0.70
2.06
49.18
1.11
2.28

GR4
1.15
1.02
6.15
41.53
0.88
0.36
1.65
45.82
1.42
2.63

The XRD patterns (Fig.4), show that the samples, extracted from the surface of the
specimens, of the plain NHL grout (GR1) are not fully carbonated, as is revealed by the
presence of portlandite [Ca(OH)2] characteristic peaks. This can be attributed to the formation
of well crystallized portlandite that hinders carbonation. Similar samples from NHL5-based
grouts containing pozzolan show no (GR3) or just traces (GR2) of portlandite, while
portlandite is absent from the ternary grout (GR4), indicating that it has been consumed by
pozzolanic reactions and/or has been carbonated. Vaterite [μ-CaCO3], formed in the grouts
containing pozzolan, is associated to compositions of higher hydraulicity [27]
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Figure 4: XRD patterns of the grouts at the age of 14 years: c: calcite [β-CaCO3]; v: vaterite [μ-CaCO3];
p: portlandite [Ca(OH)2]; q: quartz; pl: plagioclase; CSH: calcium silicate hydrates; C2S: dicalcium silicate.
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3.2 Durability against crystallization of sulphate salts of grout-only specimens
The weight changes of all mixtures during crystallization cycles and the decay pattern are
ar
shown in Table 5. In general,
l, all grout compositions exhibited good behaviour
behavio against the
sodium sulphate attack. However, during the 9th cycle and with drying at 50 oC, the ternary
grout (GR4) exhibited extensive and deep fracturing that led to the dest
destruction of the
specimens. Concerning the NHL5 based grouts, GR1 and GR2, containing 0% and 10%
pozzolan respectively exhibited similar behavio
behaviour,
r, while the grout GR3 (20% pozzolan
addition) appear more susceptible to the weathering effects at the same stag
stage, even compared
to GR4.. However, the durability of all the grouts tested was characterized as satisfactory
satisfactory, as
they maintained their characteristics under severe sulphate attack conditions for at least 8
cycles (drying at 50 °C)
C) and for more than 11 cycle
cycless when drying was carried out at 20 °C.
Table 5: Mass changes (%) and damage pattern during salt durability tests

Grout
GR1

Mass changes until the 6th
cycle. Drying at 20oC and
high RH
21.1%
1%

GR2

13.2%
2%

GR3

12%

GR4

33%

GR1

Mass changes from 7th to 11th
cycle. Drying at 20oC
-2% (edge rounding and
surface losses)
-2.2% (edge rounding and
surface losses)
-4% (delamination)
GR2

7% (edge rounding)
GR3

Mass changes from 7th
to 9th cycle. Drying at
50oC and low RH
-4..4% (edge rounding)
-5.
5.3% (edge rounding
and delamination)
-8.
8.6% (delamination
and edge rounding)
8% (fracturing)
GR4

11th
cycle.
Drying at
20oC
9th cycle.
Drying at
50oC and
low RH

It is noted here that, unlike stone, mortar or concrete studies, the research related to the
durability of grouts in an aggressive environment is very limited; thus, the behaviour of low
cement ternary grouts and NHL based grouts, with or without pozzolan, against soluble salts
has not yet been systematically studied. Moreover, due to the lack of a testing standard for the
durability of grouts, researchers mainly use those referring to stone, modified as to the shape
and size of the specimens, the type of the salt and its concentration, the ap
apparatus, the drying
temperature etc.; thus difficulties are induced for the comparison of the results. Relatively few
works have been contacted on grout
grout-only
only specimens [1, 10, 16, 17], while the need for
developing new test methods, including the evaluation of injected specimens has been already
proposed in thee literature by Beçir - Şimşir [12], demonstrating that such experiments may be
considered more representative of the real field conditions.
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3.3 Penetration and solidification of the grout injected into the wall
The SEM examination of representative sampl
samples from the injected mosaic substrata of the
wall models provides data about the penetration and the solidification of the grout inside the
pores, cracks and other discontinuities of a real structure, cured in real environmental
conditions for many years. Small pieces were epoxy impregnated and polished cross-sections,
cross
imaged by SEM in back-scattered
scattered electron (BSE) mode. Figure 4 presents the plain NHL5
grout (GR1) having penetrated in
into a 1 mm wide crack existing in lime mortar.
mortar Near the
interfaces with thee porous lime mortar, the grout microstructure appears to be denser with
finer particles compared to the bulk, which appears less densely packed,
packed with coarser
particles. The adhesion to the mortar appears to be good.. Presumably upon entering the dry
substrate, part of the grout liquid phase ((i.e. water rich in Ca ions) is absorbed by the porous
surrounding materials,, attracting the thinner particles that may move in the open pores for
some microns.

Figure 4: SEM BS images acquired 8 years after the
injections.
jections. Clockwise from top left: 50x, the plain
NHL 5 grout (GR1) penetrating a crack; 800x, the
bulk of the grout; 800x, the interface zone between
grout and lime based mortar; schematic presentation of
the distinct materials and morphologies

Figure 5: SEM BS images acquired 15 years after the
injections. Clockwise from top left: 50x, the ternary
grout (GR4) filling a void; 800x the bulk of the grout;
800x the interface between the grout and the OPC
based mortar; 100x evidence of diffusion of the Ca rich
grout liquid phase in the OPC based mortar.

As stated in the relevant literature the water absorption out of the grout may have a
beneficial effect on the adhesion between grout and substrata, provided that the grout solid
phase is stable and capable to retain the water necessary for the hydration and the
solidification of the grout [1].. Besides this, water absorption causes binder particles to adhere
to the wall of the flow channel, but in the rest of the channel the grout that keeps on flowing,
retains the same properties as the grout that is injected [[15]. Representative results of reduced
area EDS analyses showed that these areas are relatively richer in calcium compared to the
bulk of the grout (Fig. 6),, indicating that in this zone a differential dif
diffusion
fusion of ions is likely to
occur [2, 28]. The creation of these zones may be attributed to the synergetic effect of
absorption of water by the mortar and stones and probably to the wall effect [29],
[
which does
not allow larger particles to reach the wall that channels the flow of the grout, creating thus a
thickening "wall effect zone".
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The observation of the ternary grout in contact with the cement based mortar, from the
second wall model (Fig. 5) showed that the aforementioned phenomenon is less pronounced
than in the case of the more porous lime based mortar; in this case, the interface area appeared
less dense and thus more porous and poorer in calcium than the bulk (Fig. 7). As expected, the
adhesion and the phases developed in this area are different, as they strongly depend on the
type of grout and the nature and porosity of the substrate, as well as its water absorptivity.
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Figure 6: SEM-EDS analysis at the bulk of plain
NHL5 grout (GR1) and the interface between the
grout and the mosaic substrata lime mortar.
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Figure 7: SEM-EDS analysis at the bulk of ternary
grout (GR4) and the interface between the grout and the
mosaic substrata cement mortar.

In the case of the plain NHL5 grout (GR1), XRD results of the grout samples collected
from the injected walls, indicate the presence of portlandite, while the ternary grout (GR4) is
fully carbonated to calcite and vaterite (Fig. 8). The presence of non hydrated dicalcium
silicate (C2S) in GR1, may be attributed to the absorption of water from the surrounding wall
materials in combination to its slow hydration rate, though traces of C2S are also present in
the grout-only specimen (Fig 4). Conclusive results based on quantitative Rietveld analysis of
the minor crystal phases require higher resolution spectra and extensive discussion of the
results, which is beyond the scope of this short paper.
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Figure 8: XRD patterns of the ternary (GR4) and the plain NHL5 (GR1) grouts. The samples were collected
from the wallettes and tested 14 years after the injections: c: calcite [β-CaCO3]; v: vaterite [μ-CaCO3];
p: portlandite [Ca(OH)2]; q: quartz; pl: plagioclase; C2S: dicalcium silicate
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Table 6 summarizes the results of MIP measurements on samples of the grouts injected
and thus cured inside the walls. Comparison with the results of Table 3 (grout-only specimens
GR1 and GR4), proves that porosity of the same grouts cured in the wall decreases, as is
expected. A refinement in the pore size is also observed for the plain NHL5 grout (GR1).
Table 6: Microstructural characteristics of the grouts cured inside the wall (MIP results).

GR1
GR4

4

Total
Porosity
40.3%
40.3%

Total intruded
volume
0.310 cm3/g
0.263 cm3/g

Fraction of pores
(5-110 μm)
0.2%
1.3%

Mean pore
radius
13.4 μm
12.3 μm

Fraction of pores
(0.002-5 μm)
99.8%
98.7%

Mean pore
radius
0.028 μm
0.033 μm

CONCLUSIONS

The conclusions drawn from the results of this study are as follows:
All the grout mixtures under study satisfy the injectability requirements set.
The addition of 10% pozzolan improved the physico-mechanical characteristics of
the NHL grouts. The addition of 20% of pozzolan to NHL led to less satisfactory
results, indicating that more intermediate dosages are necessary for the optimization
of the composition. Moreover, a systematic investigation using various pozzolans and
dosages is necessary in order to obtain comparative data on this topic, which is highly
depended on the nature and the granulometry of the materials used.
The addition of pozzolan in the NHL grouts led to the refinement of the pore
structure, the reduction of water absorption coefficient and the increase of the
hydraulicity index of the mixtures. XRD analysis of the NHL grouts containing
pozzolan, reveals the absence -or just traces- of portlandite, indicating that it has been
consumed by pozzolanic reaction and/or has been carbonated to calcite and vaterite.
A significant amount of portlandite remains after the hardening of the plain NHL5
grout, while carbonation results to the formation of calcite.
The durability of all tested grouts was characterized as satisfactory. All compositions
of grout-only specimens have maintained their characteristics under severe sulphate
attack conditions for at least 8 cycles. The mixtures of plain NHL5 and 90% NHL in
association with 10% pozzolan showed slightly better resistance to salt crystallization
than the ternary grout. A systematic research including both grout-only and injected
material specimens, may be more indicative for characterizing the durability of
injected structures.
The observation of hardened grouts injected in wallets revealed interesting phenomena, related to the flow and penetration capacity as well as the setting and the adhesion
of the grout to the wall materials. At the interface with the internal discontinuities
(cracks, pores, etc) of the injected substrata, a more or less dense zone is observed.
Calcium enrichment or depletion, depends on both the grout and the substrate nature.
The MIP results revealed a lower total porosity for the injected grouts and a slightly
different pore size distribution compared to the cured grout-only specimens.
Furthermore, the data provided by this research, highlight the need for developing new
testing methods for the study of injected media (composite specimens, i.e. grout and
substrata) instead of grout-only specimens, which are more vulnerable to curing conditions
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and may probably lead to misleading results, mainly regarding hardened state properties.
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Abstract. The international cultural and historical heritage is often subject to degradation
and damage. The main causes contributing to these phenomena are the chemical and
mechanical actions due to acid rain, environmental pollution, and earthquakes. Other causes
are the cycles of freezing and thawing that induce the manifestation of internal stresses leading
to the deterioration of the material and the collapse of structural parts.
In the field of architectural restoration, this problem has been addressed by two main
solutions. The first involves cleaning processes that leave the missing parts visible; the second
consists of introducing reproductions of the missing parts, creating a clear distinction between
pre-existing and new elements. In both cases, the seismic behavior of the structure is modified;
in the second solution, the added elements do not contribute to the structural strength since
they are made of plaster or stucco.
This work aims at presenting a preliminary study on the creation of replacements of missing
elements within damaged heritage buildings. The work is structured in two distinct phases. In
the first phase, specific cubic specimens, created with a 3D printer, are produced and subjected
to uniaxial compression tests. The experimental campaign is carried out in order to provide
useful information regarding the 3D material engineering constants that are currently absent
in the literature. In the second phase, the experimental results are used in a numerical model
to calibrate the mechanical properties of an equivalent homogeneous material.
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1

INTRODUCTION

Masonry buildings constitute the largest part of the existing historical heritage. These
structures often consist of materials with poor mechanical properties, since they date back to
different historical periods. Several monumental masonry buildings are still standing despite
being located in renowned seismic areas (in Southern Europe and especially in Italy); therefore,
such buildings are characterized by a high level of seismic vulnerability. Currently, masonry
buildings that are historically and culturally important are safeguarded by specific technical
standards aiming at their protection and preservation over time [1-2]. Several detailed and
advanced methods have been developed by researchers and engineers alike to investigate these
buildings in the knowledge phase, for the assessment of their structural safety against seismic
actions, and eventually for enacting possible strengthening and conservation strategies [3].
The cultural and historical heritage is often subject to degradation and damage inducted by
the earthquakes and the kinematic mechanisms caused by these phenomena. However, such
kind of damage is not the single reason behind the collapse of masonry structures. In fact, other
causes can be identified in the chemical and mechanical actions due to acid rain, environmental
pollution, and the cycles of freezing and thawing that produce internal stresses leading to the
deterioration of the material and the collapse of structural parts [4]. This entails a reduction of
the walls’ thickness and, subsequently, of the overall structural strength; therefore, a strategy
for replacing the missing structural parts must be conceived.
This work aims at studying and characterizing a specific material for the recreation of the
missing structural parts, which are 3D-printed bricks consisting of sandstone powder. These
elements are created in order to verify if they can withstand structural loads.
To highlight the typical causes of damage due to the aforementioned actions, the Monastery
of Santa Maria of Monte Persano is here considered as a case study (Fig. 1). The monastery is
located in the town of San Lucido in Calabria along the slopes of Monte Sant’Angelo, and was
ostensibly established around the year 1000 by Basilian monks wandering in Southern Italy
after the Arab invasion of Sicily [5]. For this building, a classification of the degradation and
of the collapse mechanisms observed in the structure are carried out.

a)
b)
Figure 1: a) Monastery of Santa Maria of Monte Persano; b) Masonry observed in the construction.
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2 CLASSIFICATION OF THE DEGRADATION
The classification of the structure degradation is carried out according to the Italian standard
NorMal 1/88, produced by NorMal committee under the auspices of the CNR [6].

Figure 2: Different typologies of degradation

Fig. 2 shows that the highest percentage of degradation for both the convent and the church
is due to the pulverization of the masonry (50% church, 28% convent), followed by biological
patina (28% church, 16% convent) and presence of vegetation (13% church, 15% convent); for
the convent, the 24% of damage is also due to the detachment and collapses of structural parts.
The action of water and weathering is a major cause of almost all degradation phenomena
identified in the structure. There are various preliminary interventions that can reduce the causes
of these phenomena, canceling the capillary action of water by reducing its damaging effects
on the masonry. For example, the removal of the biological patina can be achieved by applying
- up to total absorption - an organic water-repellent solvent in conjunction with biocide
herbicides [4].
The complex of Santa Maria is subject to static instability and is characterized by cracks
located in some parts of the masonry walls. Apparent damage is observed in the openings, the
transverse walls and the vaults of the church, which consist of fictile tubules [7-9]. Moreover,
clear detachment cracks can be identified between some vertical elements and their related
horizontal elements, which instead have remained intact over time. In general, all these cracks
are related to static and seismic phenomena to which the building has been subject over the
centuries. Overloads caused by the presence of material due to various collapses of the structure
has created widespread damage on the most rigid walls and on the horizontal structures
connected to them.
The church façade shows cracks on the vaults and in its square window, creating damage
even on the lithic cross; other cracks affect the intrados of the vaulted roof. Conversely, the
monastery displays widespread damage in the Southern façade above the main entrance, located
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under the window and positioned to the East. This type of damage tends to occur where the
wall is weakened by the presence of irregular window holes (as in this case) due to the reduction
in thickness of the wall of the sub-window. On the Western side of the same façade, a crack has
developed from the inside (through-cracking), caused by the outer wall within the longitudinal
rotation mechanism of the convent.

a)
b)
c)
Figure 3: a) Crack in the transversal wall; b) Cracks caused by the hole in the wall; c) Damage in the vault

Other damage can be identified in the structure: seven cracks affect the transverse wall
dividing the various rooms (Fig. 3a), two are caused by improperly large holes created in the
past (Fig. 3b), and five more appear on the longitudinal wall, caused by the rotation mechanism.
In the ground floor there are other cracks: two again caused by the aforementioned holes, other
are visible along the flat intrados surface of the vaulted roof (Fig. 3c). Finally, at the landing
level of the staircase, it is possible to observe damage in the transverse wall, which develops
from the bottom with a vertical progression and then is tilted.

Figure 4: Different typologies of cracks.
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Fig. 4 shows the classification of the almost 30 cracks clearly identified in the structure. The
church displays in percentage an equal amount of diagonal and curved cracks, the latter located
in correspondence of the vaulted roof but also visible on the façade, below the arch of the vault.
Different types of failure are instead observed in the convent: the highest percentage belongs to
cracks with diagonal development due to improper holes in the walls (34.8%), whereas other
relevant percentages belong to diagonal cracks due to the rotation of the walls (26.1%) and to
vertical cracks located at the clamping of the walls (21.7%).
The walls consist of masonry with disordered sandstone elements (cobblestone and uneven
stone), like the rest of the construction. Protruding stones are visible on the right side of the
Southern façade of the monastery, suggesting the continuation of the building to the Eastern
side. This is corroborated by the presence of two arches that are located on the Eastern perimeter
wall, which together with the four round arches are assumed connected to a supposed cloister.
3

3D PRINTER TECHNOLOGIES

The technologies and operating principles on which 3D printers are based were developed
in the late 1980s by S. Scott Crump and the Stratasys Company, which he founded in 1989. The
company began manufacturing machines for rapid prototyping, capable of producing real
objects from three-dimensional CAD models. The main technologies used for 3D printing are
three: Fused Deposition Modeling, StereoLitographic Apparatus, and Selective Laser Sintering
[10].
Fused Deposition Modeling: Fused Deposition Modeling (FDM) is a methodology used
for modeling and prototyping. It was developed by S. Scott Crump in the late 1980s and was
then marketed by Stratasys in the 1990s.
The technology operates on an additive principle, releasing the material in layers. The plastic
filament, collected in a reel, is liquefied inside a melting chamber and then released by an
extruder nozzle onto the printing plate (bed), according to a pattern of lines that constitute the
layers superimposed on the previous ones [11]. The nozzle, which is heated to dissolve the
plastic material (specifically PLA), regulates the flow of delivery and moves along the x and y
axes, guided by a numerical control mechanism, through the use of a CAM software (computeraided manufacturing) (Fig. 5a).
StereoLitographic Apparatus: The StereoLitographic Apparatus (SLA) represents the first
technique adopted in rapid prototyping. It was created by Charles W. Hull, founder of 3D
Systems and inventor, among other things, of the STL format (STereo Lithography interface
format or acronym for "Standard Triangulation Language").
This technique uses a tank containing a special liquid resin capable of polymerizing when
hit by light (photopolymerization); the printing plate, called bed, is the surface designed to
accommodate the resin and is able to move up and down. A laser beam is projected through a
system of mirrors, which shapes the liquid surface and modulates a raster image that is used to
reconstruct the first section of the object to be created [10-11]. After the first scan, the bed
lowers so that the resin can create a new liquid surface and a subsequent laser scan generates a
second section (Fig. 5b). The process is repeated until the desired object is completed.
Selective Laser Sintering: Selective Laser Sintering (SLS), is based on the use of powders
that can be thermoplastic, metallic or siliceous. The sintering of the powders, i.e. the
compaction and transformation into an indivisible compound, takes place through a laser, thus
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generating the prototype to be printed.
The procedure involves spreading a thin layer of powder on the bed, using a special
apparatus; at the same time, the laser sinters where necessary. Also in this case the bed is
mobile, and lowers down to the desired level to distribute the next layer of powder; everything
is repeated until the complete generation of the model. SLS-printing technology is used both
for the creation of aesthetic prototypes, with high levels of refinement and accuracy, and for the
reasonably fast creation of functional objects [11].
This sintering technology allows the use of different materials, usually mixed with nylon,
with which it is possible to obtain objects with different performances of strength, elasticity,
and temperature resistance. Finally, after processing, the object is removed and separated from
the non-sintered powders, which are partially or totally recovered and then reused in other
printing processes (Fig. 5c).

a)
b)
c)
Figure 5: a) FDM 3D printer; b) SLA 3D printer; c) Specimen printed with the SLS technology.

4

EXPERIMENTAL CAMPAIGN

In order to characterize the material used to create the elements, four specimens are 3Dprinted using the SLS technique. The samples are cubes with dimensions 40×40×40 mm3, and
are characterized by a partially hollow internal conformation as shown in Fig. 5c. They are
printed in this way to reduce costs and ensure lightness. The material used for rapid prototyping
of the samples is laser sintered sandstone powder. This type of powder is chosen to ensure
compatibility between the 3D-printed element and the support of the existing material in a
typical masonry historical construction.
The aim of the experimental program is to investigate the mechanical properties of sandstone
powder. All experimental tests are conducted at the Materials and Structures Engineering
Laboratory of Civil Department of University of Calabria. The experimental mechanical
properties here obtained are later used to calibrate the numerical model of the material.
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4.1 Test set-up
Uniaxial compression tests are performed on four cubic bricks printed in 3D NFTs (Fig. 6a).
The testing machine used for the tests operates with a displacement control. The position and
the lowering of the loading plate is provided at any instant and controlled through displacement
sensors connected to the CPU of the test machine control panel [12]. Also, two strain gauges
are applied on the lateral surfaces of the specimen to measure the values of vertical and
horizontal strain [13] (Fig. 7b).
The compressive tests are performed with a crosshead speed equal to 0.2 mm/min; the load
is applied parallel to the printed layers of the object.

a)
b)
Figure 6: a) Compression test set-up; b) Application of strain gauges on the lateral surfaces of the specimen.

4.2 Experimental results
The mechanical properties obtained from the experimental tests are the compressive strength
and Young’s modulus of the 3D-printed cubic bricks. The load-displacement diagrams of the
four compressive tests are plotted in Fig. 7. All specimens clearly display a brittle mechanical
behavior with a strong linearity before attaining the peak load; the second part of the diagrams
is characterized by a small softening branch. Also, the presence of strain gauges allows the
evaluation of a constitutive law for the specimens. Fig. 8 shows the compressive stress-strain
diagrams related to specimens.
The values of mechanical properties obtained from experimental tests are summarized in
Table 1 and are in accordance with values available in literature for sandstone [14].
Table 1: Mechanical properties obtained from experimental tests

Specimen Peak load [kN] Compressive strength [MPa] Young’s modulus [MPa]
1
45.04
39.25
5850.2
2
39.39
34.33
5752.8
3
38.87
33.87
8156.9
4
35.82
31.21
7751.0
Average
39.78
34.67
6877.7
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Figure 7: Load-displacement diagrams related to compressive test

Figure 8: Stress-vertical strain diagrams related to compressive test
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5

NUMERICAL MODEL

The results obtained from the experimental campaign are used to calibrate the mechanical
properties of an equivalent homogeneous material for use in advanced FE simulations. To this
end, a numerical model of the specimen is created in the commercial FE code ABAQUS,
sharing the same dimensions of the experimental cube (40×40×40 mm3) but with no holes. The
exclusion of the voids from the numerical model is needed for calibrating the mechanical
properties of the equivalent homogeneous material, which accounts for the presence of the voids
only from a mechanical point of view, thus without modelling each of them. Then, a finite
element mesh is created for the numerical model, consisting of 6773 quadratic tetrahedral
elements as shown in Fig. 9.

Figure 9: Finite element mesh of the numerical model

The material model employed for the equivalent homogeneous material in ABAQUS is the
so-called “Concrete Damaged Plasticity” model (or CDP), which has been successfully used in
several applications for representing the mechanical behavior of homogeneous materials due to
its great versatility [8]. Here, the mechanical properties of the equivalent homogeneous material
are calibrated by performing a series of numerical analyses simulating the experimental
compressive test; the mechanical properties employed in the CDP are changed for every
analysis until the resulting load-displacement diagram of the numerical compressive tests is
contained in the envelope of the experimental ones. For both the compressive and tensile
constitutive laws of the equivalent homogeneous materials, an exponential decay law is defined
starting from the values of compressive and tensile strength, respectively.
The final result shows that the value of the Young’s modulus found in the experimental
campaigns can be safely used for the equivalent homogeneous material; the compressive
strength must instead be reduced due to the fact that the numerical compressive test is
performed on a full cube with no holes, where a larger area is involved in the application of the
external load. The values of the mechanical properties of the calibrated equivalent
homogeneous model are listed in Table 2. Fig. 10 shows the load-displacement diagram of the
numerical model with the calibrated mechanical properties plotted against the envelope of
experimental data, where it fits rather satisfactorily.
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Table 2: Mechanical properties of the calibrated equivalent homogeneous model

Young’s modulus
[MPa]
6878

Poisson’s ratio [-]
0.29

Compressive strength
[MPa]
24.5

Tensile strength
[MPa]
2

Figure 10: Load-displacement diagram of the calibrated numerical model plotted against the envelope of
experimental data

6

CONCLUSIONS

Safeguarding and rehabilitating the Italian cultural and historical heritage is one of the most
important issues to address in the context of structural engineering. To date, many structures in
the historic centers are degraded and damaged, and often this damage is not only due to seismic
actions but also to different factors such as the chemical and mechanical actions induced by
acid rain, environmental pollution, and the cycles of freezing and thawing. One of the main
consequences is usually the partial collapse of structural elements and the reduction of their
mechanical properties.
The main purpose of this paper is to find a solution to this problem. A 3D model is created
in a computer graphics software and is subsequently prototyped with a printer employing the
SLS technology. The four specimens are subjected to compressive tests to identify their
compressive strength and Young’s modulus, which are still not available in literature for
structural elements created with sandstone powders. The average values obtained from the
experimental campaign are 34.67 MPa and 6877.7 MPa for the compressive strength and
Young’s modulus, respectively. These values are in accordance with those typically found in
the literature for classical sandstone, and highlight how the structural elements made with this
technique can both replicate the absences in the structure and resist the applied loads. The
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experimental data are eventually used to calibrate numerically the mechanical properties of an
equivalent homogeneous material that can be used in ABAQUS to reproduce those of the 3Dprinted material. This is achieved by performing numerical analyses of the experimental
compressive tests on an analytical model of the specimen, tuning the mechanical properties of
the equivalent homogeneous material until the numerical load-displacement diagram fits well
into the envelope created from the experimental data. The mechanical properties obtained
through this calibration can then be used in advanced numerical analyses to simulate the
presence of the 3D-printed material in complex analytical models where this material is used to
recreate missing structural parts.
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Abstract. An experimental and numerical analysis of the structural behaviour of a barrel
tuff masonry vault strengthened by a Fiber Reinforced Cementitious Matrix (FRCM)
reinforcement system it is proposed. The geometry and the materials of the vault are
representative of some historical constructions in Apulia (Italy). The vault, under the action
of the self-weight and of a distributed load representative of the infill, has been first damaged
by differential settlement of abutments, and then repaired and strengthened by FRCM
composites. Finally the structure has been subjected to a increasing concentrated load on the
extrados. A 3D heterogeneous FE Abaqus numerical model describing the above mentioned
experimental conditions is carried out in order to reproduce the response of the FRCM
reinforced vault. The obtained experimental and numerical results allows for discussing the
structural behaviour of the reinforced vault, and then the effectiveness of the employed
reinforcement.
1

INTRODUCTION

The integrity of barrel masonry vaults plays a crucial role in the structural behavior of
construction of the architectural heritage like palaces, churches, cloisters and castles. Anyway,
settlements of abutments of the vault, for example induced by foundations differential
displacement often induce considerable damage [1].
For historical constructions, the presence of damage states induced by foundations
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settlements is often the norm rather than the exception. Whereas these damage states can be
irrelevant in term structural capacity of withstanding ordinary gravitational loads, they can
significantly undermine the load carrying capacity against exceptional loads, first and
foremost seismic loads. Thus, it arises the necessity of suitable strengthening interventions,
capable of restoring or eventually increasing the structural capacity of the undamaged
construction.
In this vein, Fiber Reinforced Cementitious Matrix (FRCM) composites have gained an
increasing interest as material for the reinforcement of historical masonry constructions. This
is due mostly to the high compatibility with historical masonries, both from the technological
and the structural point of view [2], and for the possibility of making diffuse reinforcement
interventions.
The study of the structural behavior FRCM reinforced masonry construction is even now
an open research issue, especially in the case of curved structures like arches, vaults and
domes. Indeed, in the literature there are still too little numerical (see, e.g., [3]) and
experimental papers [4-9] on this subject.
The experimental and numerical work here proposed aims at studying the effectiveness of
a Fiber Reinforced Cementitious Matrix (FRCM) reinforcement system of a barrel masonry
vault in terms of the load carrying capacity.
The geometry and the materials of the masonry vault resemble a typology of masonry
vaults common in the historical centers of Apulia (Italy). In particular, a polycentric near
parabolic vault was constructed by using Apulian tuff ashlars put together with a lime-cement
mortar.
For what concerns the gravitational loads, the vault is subjected, in addition to the selfweight, to a distributed load representative of the weight of the infill.
The experiments consisted in two phases. In the first phase, the unreinforced tuff barrel
vault was damaged by lowering only one abutment, simulating a typical damage induced, for
example, by foundations settlements.
Once blocked the abutments, and repaired the cracks, the extrados of the vault was
reinforced by a FRCM system composed by a fiber-reinforced mortar embedding a basalt
fiber net. At this point, the second phase of the experiment consisted in applying a increasing
concentrated load to the extrados of the vault along a generatrix in order to study the load
carrying capacity of the reinforced vault, and then the effectiveness of the reinforcement.
The experiment, performed on a full-scale vault, required a quite complex experimental
setup ad hoc designed [7,8]. In both tests, the masonry vault was continuously monitored
through of several sensors placed in appropriate points of the intrados and extrados of the
structure. In the second phase, discussed in the present paper, the load was gradually
increased by 8 slow loading-unloading cycles. The reprocessing of the experimental data
gives very accurate quantitative information on the structural response of the reinforced vault.
A 3D heterogeneous FE Abaqus numerical model reproducing the experimental conditions
previously discussed is carried out in order to reproduce the second phase of the experiment.
In the FE approach adopted, stones, mortar joints and cementitious matrix are assumed
obeying a Concrete Damage Plasticity material model, with softening in both tension and
compression, whereas equivalent elasto-damaging trusses are utilized for the fiber net. The FE
model is calibrated on the results of experimental tests on the materials used for the vault and
for the reinforcement. The numerical results fit with sufficient accuracy the experimental
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outcomes, providing a useful reference for future application of FRCM strengthening
technique on curved masonry structures.
2 TUFF BARRELL VAULT: GEOMETRY AND MATERIALS
The full-scale barrel masonry vault under test was designed specifically to reproduce both
the geometry and the materials of some vaults widespread in historical cities of Apulia (Italy).
In particular, for what concerns the geometry, the vault has a raised, polycentric profile,
whose shape is more similar to the parabola than to the circumference [7-7]. The span is 346
cm and the rise 120 cm (Fig. 1-2). For what concerns the materials, the voussoirs were made
by cutting blocks of the so-called Apulian tuff, coming from the quarries of Gravina in Puglia.
Moreover, for the construction of the vault a lime-cement mortar with low mechanical
properties very similar to the properties of mortars used in rural tuff constructions was
employed.
The vault was built at Laboratorio Ufficiale Prove Materiali “M. Salvati” of Politecnico di
Bari, where experimental tests were carried out. The two supports of the vault are made by
steel beams: one support is fixed, while the other can be moved by a hydraulic jack, allowing
for controlled vertical displacements of one of the abutments of the vault. Two additional steel
beams placed on the top lateral shoulders of the vault give further constraints, avoiding rigid
rotations of the whole structure [7,8].

Figure 1: Tuff Barrell Masonry Vault (front)

Figure 2: Tuff Barrell Masonry Vault (back)

The mechanical properties of materials have been determined by mechanical tests in
accordance with UNI standards. In particular, according to UNI EN 772-1:2011 and UNI EN
1926:2007 standard compression tests were performed on six cubic tuff samples having
nominal dimensions of 430 mm x 240 mm x 150 mm and average mass density 1400 kg/m3.
The samples were tested using a Metro Com universal testing machine with load capacity of
600 kN. From the experimental results, it was possible to determine the average compressive
strength fbm = 2.25 MPa, the characteristic compressive strength fbk = 1.87 MPa and the
average Young modulus Em = 637.39 MPa of the bricks. Moreover, according to UNI EN
1015-11:2007 six prismatic samples of the mortar with nominal dimensions of 14 mm x 14
mm x 160 mm and average mass density 1883.98 kg/m3 were prepared during the
construction of the vault. After 28 days of curing these samples were subjected to flexural
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tests (three-point bending tests) and compression tests by using an INSTRON 5689 universal
testing machine with load capacity of 50 kN. Then, the flexural strength fmf = 1.91 MPa, the
compressive strength fmc = 8.94MPa and the average Young modulus Em = 6902.27 MPa of
the mortar has been determined.
The FRCM reinforcement consisted in a basalt fiber mesh (6 mm x 6 mm) embedded in a
cement mortar. The basalt fiber net has a tensile strength ftB = 60 kN/m and a Young modulus
EB = 89000 MPa.
3

EXPERIMENTAL TESTS AND RESULTS

3.1 Setup
A quite complex experimental setup was designed and built, in order to control both the
vertical displacement of one of the two supports and the concentrated load on a generating
line of the extrados of the vault. The complexity is related also to the dimension of the vault,
that is a full-scale structure.
After the construction of the vault, 40 sandbags (with total weight 840 kg) were placed on
the top of the vault in order to simulate the infill load (Fig 3).

Figure 3: The masonry vault with sandbags in order to simulate the infill load

During both tests, the mechanical response of the vault continuously monitored through
different sensors (Fig. 4) placed in suitable points of the vault and on supports [7,8]:
 9 electrical strain gauges applied to the intrados of the vault along the middle axis
(SI1, …, SI9);
 7 electrical strain gauges applied to the extrados of the vault along the middle axis
(SE1, …, SE7);
 8 pairs of monoaxial accelerometers applied to the extrados of the vault, with
measuring directions oriented tangent and orthogonal to the vault, respectively, and
placed symmetrically with respect to the middle axis of the vault (A1, …, A8);
 6 potentiometric displacement transducers connected by 6 plumb-lines to suitable
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points of the intrados of the vault (P1, …, P6);
 2 LVDT displacement transducers (LVDT1, LVDT2) applied on the support steel
beam capable of vertical displacements controlled by the jack.

Figure 4: Some sensors placed on the vault and the sensor control station during the tests

3.2 First phase: the unreinforced vault under differential settlements between
abutments
Two different experimental campaigns were performed: in the first, the unreinforced vault
was damaged by differential vertical settlements between abutments. In particular, in this first
phase a hydraulic jack placed under one of the supports of the vault allowing differential
vertical settlements between abutments. The test was carried out in displacement control by
gradually applying the differential settlements through subsequent increments. At the end of
each step, a visual inspection was performed in order to evaluate the opening of cracks;
moreover, the dynamic response of the vault under white noise excitation was acquired.
The test was interrupted when the formed cracks transformed the vault in a statically
determined structure, thus capable of adapting to differential settlements by rigid body
rotations. This happened at the 11th settlement step, corresponding to a relative vertical
displacement between abutments of about 17 mm.
The cracking hinges formed in positions compatible to those typical of the collapse
mechanism of a circular arch under vertical support settlements without rotations of the
abutments (mechanism III in [10]).
In particular, an intrados cracking hinge formed in correspondence of the joint between
voussoirs 23 and 24, and two extrados cracking hinges appeared in correspondence of the
joint between voussoirs 14 and 15, and of voussoirs 11 and 10, respectively (Fig. 5).
According to the observations in [11], the slight differences from the cited mechanism in
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[10] were likely ascribable to the shape of the vault (that have a parabolic profile rather than
circular), by the different embrace angle and by the different thickness to radius ratio.

Figure 5: The three crack hinges

3.2 Second phase: FRCM reinforced vault under eccentric concentrated load
After the end of the first phase, the differential settlement of an abutment was blocked, the
sandbags have been removed, and the crack hinges were filled by lime-cement mortar. Then,
the extrados of the vault was reinforced by a FRCM system composed by a fiber-reinforced
mortar embedding a basalt fiber net. In particular, the reinforcement was carachterized by an
average overall thickness of 15 mm and a width of 600 mm.

Figure 6: 2nd test. setup

After the curing time of the reinforcement, the sandbags were placed again on the extrados
of the vault, and two “double-acting hydraulic return” jacks with maximum load capacity 98
kN were positioned symmetrically with respect of the two faces of the vault (front and back)
on a rigid contrast beams system. On each jack a load cell with capacity of 100 kN was
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mounted. This system (jacks and load cells) was connected by means of threaded rods to a
rigid beam placed on the extrados of the vault in correspondence of voussoir 10, at about ¼ of
the span (Fig. 6). This way it was possible to apply an eccentric concentrate load on the
reinforced masonry vault in order to evaluate the effectiveness of FRCM reinforcement.
The test was carried out in displacement control, by performing n. 8 loading-unloading
cycles with progressively increasing displacements of the loaded voussoir. The low speed of
the test was a key factor for actually realize a displacement control test. To this aim, an
effective and constant monitoring of the oil pressure in the two hydraulic jacks was obtained
by using a feedback system managed by a Labview software.

Figure 7: Load – Displacement curve for each cycle

During each load cycle, the mechanical behavior of the reinforced vault was monitored
through the described sensors. Moreover, at the end of each cycle a visual inspection was also
performed in order to identify the formation of cracks in the joints and hinges, and dynamical
measurements were made through the accelerometers by exciting the structure with white
noise.
Table 1: Second phase: main results for each loading-unloading cycle.
Cycle
1
2
3
4
5
6
7
8

Maximum Load
[kN]
1,5
3
4
5
6
8
10
15

Displacement at max load
[mm]
0,00789
0,47135
0,94575
1,98235
2,47735
3,99235
6,13285
18,10135

Residual displacement
[mm]
0,07708
0,34425
0,48135
0,24175
0,35400
0,87545
1,8675
6,2245

The second experimental phase has been conducted until the vault was no longer capable
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to support additional load increase.
The overall experimental behavior of vault is summarized in Figure 7 by the superposition
of the load-displacement curves obtained in the 8 loading-unloading cycles performed; in the
diagram, the displacement refer to the load application point (voussoir 10) and it is obtained
by averaging the measures provided by two potentiometric displacement transducers applied
at the two sides of the loaded voussoir (see Sect. 3.1).
The curves in Figure 7 correspond to data in Table 1 that collects the main overall results
obtained during the test: the value of maximum load [kN], the value of displacement at
maximum load [mm] and the residual displacement [mm] at complete unloading for each
cycle.

(a)

(b)

Figure 8: The crack hinges: (a) Front view and (b) back view of the masonry vault

(a)

(b)

Figure 9: The crack hinges: (a) Front view and (b) back view of the masonry vault

As the load cycles progress, the first crack hinge has been observed at the intrados under
the application point of the concentrated load, that is, between the voussoirs 9 and 10 (Fig. 8),
during the fourth cycle (corresponding to a maximum load value of 5 kN).
No further cracks were observed in subsequent cycles, proving the effectiveness of the
reinforcement system applied to the extrados of the vault.
The test was interrupted at the end of the eighth cycle (corresponds to a maximum load
value of 15 kN) when a crack was observed between the vault and one of the lateral supports
due to the rotation of the structure (Fig. 9). This rotation substantially prevented for further
increase of the load. A reconstruction of the deformed profile of the intrados middle line for
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each load step, in the complete unloading state (permanent deformation) is showed in Fig. 10
through the data acquired by the six potentiometric displacement transducers and the two
LVDT displacement transducers (see Sect. 3.1).
Further considerations will be possible when the large amount of collected data, including
also dynamic measurements, will be completely reprocessed and examined.

Figure 10: Reconstruction of the deformed profile of the intrados middle line of the vault

4

NUMERICAL MODELLING

The outcomes regarding the second-phase of experimental campaign have been reproduced
by advanced non-linear simulation through the FE-based software Abaqus. A 3D
heterogeneous approach has been selected in order to model separately all of the components
(stones, mortar joints, cementitious matrix, basalt fiber) of the reinforced vault (Fig. 11). The
non-linearities are assigned taking advantage of the Concrete Damage Plasticity model,
available in the library of Abaqus and already applied with success to masonry structures [12].
Concrete damage plasticity is an isotropic elasto-plastic constitutive model with damage. The
degradation of the elastic stiffness is determined by two variables of damage dt and dc,
functions of the plastic strains. Such variables vary between a value of 0 for the undamaged
material and 1 for the material that has completely lost any stiffness. CDP allows the
definition of a distinct behavior under tension and compression, respectively following an
exponential softening and a parabolic softening. A 3D approach is preferred in order to ensure
a better stability of the model and to avoid some inaccuracy associated to a 2D simplification
of the problem. With this aim, only a portion of 100 mm along the thickness is modeled in
order to reduce the computational burden. Non-linear properties are assigned to the stones of
the vault, the mortar joints, the cementitious matrix and the fibers of the strengthening. These
latter have been assigned of an elastic-fragile behavior with a negligible compressive strength
in order to avoid unrealistic contribute to the global stiffness.
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Regarding the discretization, 8-noded solid bricks are used (Fig. 11). The joints present at
least two elements in the thickness, whereas a rougher discretization is addressed to the tuff
bricks. The matrix of the reinforcement is modeled as two different layers tied together with a
global thickness of 15 mm. The basalt fibers are idealized as 2-noded trusses and embedded in
the middle of the cementitious matrix. Seven truss elements are introduced along the depth of
10 mm with an equivalent cross section, following a procedure already suggested in literature
[13].
A tie connection is assumed among all the different elements, allowing the use of a
differential discretization in the mortar and in the stones. However, in such a way, the
detachment of the strengthening from the stone substrate is not modeled, because is
considered a failure unlikely to occur in the case of FRCM strengthening. At the same time,
also the slipping between the matrix and the fibers is not considered here. The geometrical
model has been implemented on the deformed configuration obtained by the analysis
reproducing the settlement phase and provided in [8]. Again, following the experimental
procedure, the filling made of sandbags and the steel beams located at the spandrels are
modeled directly as distributed and concentrated loads.

Figure 11: 3D Geometric model of the vault (Left); Mesh detail of each component (Right)

The non-linear analysis is conducted imposing an incremental displacement at the top of
voussoir 10 and the first results of the numerical approach are here exposed. As expected, the
first crack to occur is the one just under the concentrated load between voussoir 9-10, in
correspondence of a load around 6 kN (Fig. 12). Afterward, as noticeable from Figure 13, the
load reaches a maximum value nearby 16 kN in correspondence of 19 mm.
Despite of an initial gap in the stiffness in the first stages of the analysis, the global
behavior is well reproduced, being able to catch the final displacement and the peak load with
adequate accuracy.
Regarding the damage pattern, the crack under the concentrated load and the rotation of the
left spandrel are reproduced as well. Although, differently to the experimental observation,
more damage occurred in two different location leading to a classic 4-hinges mechanism,
even delayed by the presence of the reinforcement. A better fitting of the crack pattern with
the experimental results may be the topic of future works by the Authors.
However, the micro-modeling approach succeeds in the simulation of the effectiveness of
the FRCM strengthening on the global behavior of the vault, providing a numerical reference
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for the validation and the application of this technique even for the practitioners.

Figure 12: Damage configuration at the occurrence of the first crack (Left); Final damage crack pattern (Right)

16
14
Load (kN)

12
10
8
6
4
2
0

0

2

4

6

8
10 12 14
Displacement (mm)

16

18

20

Figure 13: Load-displacement curve of the reinforced vault subjected to a concetrated load

6

CONCLUSIONS

The first result of an experimental and numerical analysis on a FRCM reinforced tuff
masonry vault have been proposed. The full scale experiment performed give a broad
overview on the complex structural response of the examined structures. The challenging
problem of numerical modeling such a highly nonlinear problem has been faced by a
micromodeling approach capable of reproducing the overall behaviour of the reinforced
structure, although characterized by a relatively low level of complexity. This makes the
propose approach interesting also for the employ in practical applications.
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Abstract. As one of the main historical construction materials, masonry is abundant among
the architectural heritage of earthquake-prone areas of the Mediterranean countries.
Earthquake mitigation approaches are now focusing on strengthening solutions based on
compatible and environmentally friendly repair materials. These solutions should efficiently
improve the in-plane lateral strength and displacement capacity, which are the two most
significant parameters considered in the seismic assessment of masonry buildings. This paper
reports an experimental programme on masonry walls composed of handmade solid clay brick
and hydraulic lime mortar, a recurrent typology for historical buildings. Tests under cyclic inplane forces were carried out on unreinforced and retrofitted walls. The unreinforced walls
were repaired and retrofitted after being damaged in the first test and were then tested again
to investigate the recovery of strength. The repair consisted in filling the open cracks and
replacing the damaged bricks by following the so-called “scuci-cuci” technique. The
retrofitting consisted of externally bonded textile reinforced mortar (TRM). The investigated
TRM system was a continuous bidirectional grid of basalt embedded in hydraulic lime mortar.
The experimental results show the suitability of the proposed solutions for seismic retrofit and
post-earthquake repair of existing masonry buildings. The research results highlight the
effectiveness of the investigated systems in increasing the resistance and ductility of
unreinforced brick masonry. In addition, the results allow a better understanding of the
behaviour of masonry walls subjected to cyclic horizontal displacement.
1

INTRODUCTION
Clay brick masonry is one of the most recurrent construction materials found in the
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Mediterranean built heritage. Owing to the material’s almost null tensile strength, among other
mechanical features, masonry buildings show large vulnerability to earthquake action. In an
attempt to enhance the seismic performance of masonry constructions, a significant research
effort has been undertaken during the last decades in order to validate efficient strengthening
techniques. Among them, textile reinforced mortar (TRM) has been receiving increased
attention due to its mechanical efficiency and satisfactory compatibility with the masonry
substrate. This technique is also known in the scientific literature as FRCM (Fibre Reinforced
Cementitious Matrix), according to the nomenclature adopted in the American standards [1].
As lime-based matrix is preferred to cementitious one nowadays, the acronym FRCM can be
reinterpreted according to the novel definition "Fibre Reinforced Composites in inorganic
Matrix" introduced by recent Italian standards CNR-DT 215/2018 [2].
In order to better understand the mechanical behaviour of TRM retrofitted masonry, a series
of quasi-static experiments, consisting in shear-compression tests with cyclic loading, were
carried out in the Laboratory of Materials and Structural Technology of the Universitat
Politécnica de Catalunya (UPC-BarcelonaTech).
The main aim of the experimental programme was to investigate the in-plane performance
of TRM strengthened brick masonry walls with focus on the predominant failure modes and
deformation capacity. The programme comprised six tests on four walls. Two specimens were
tested in the unreinforced configuration and later repaired and retrofitted with low-density
basalt TRM (LDB-TRM). The remaining two walls were retrofitted with the same LDB-TRM
solution. The walls were tested up to peak loading and beyond until an almost complete
exhaustion of its residual bearing capacity in order to determine the drift corresponding to the
collapse limit state. The experimental results are compared with the provisions of Eurocode 8
and NTC2018 on limit conditions against earthquake. Eurocode 8 [3] defines two main limit
states corresponding to Significant Damage (SD) and a ultimate limit state associated with Near
Collapse (NC). The Italian standard NTC2018 [4] defines a Serviceability Limit State (SLE),
which includes the Damage Limit State, and a Ultimate Limit State (SLU).
2

SPECIMENS FEATURES

2.1 Material characterization
Four masonry walls with dimensions 1270 × 1270 × 310 mm3 were built with clay bricks in
Flemish bond with 21 courses and 15 mm thick mortar joints. The specimens represent one of
the most frequent material combinations in historical masonry, i.e. solid clay brick and lime
mortar joints. The handmade solid clay bricks were fired using traditional methods. The mortar
was derived from a hydraulic lime-based commercial premix by reducing its compressive
strength with limestone filler addition in order to replicate a low strength historical lime mortar
[5]. The mechanical properties of the bricks and mortar were measured following standards EN
772-1 and EN 772-6 [6,7]. The measured normalized compressive strength 𝑓𝑓𝑓𝑓𝑏𝑏𝑏𝑏,𝑐𝑐𝑐𝑐 and flexural
strength 𝑓𝑓𝑓𝑓𝑏𝑏𝑏𝑏,𝑓𝑓𝑓𝑓 of the bricks were equal to 17.99 MPa (with coefficient of variation CV 8.3%) and
2.44 MPa (CV 20.0%) respectively. The compressive strength 𝑓𝑓𝑓𝑓𝑚𝑚𝑚𝑚,𝑐𝑐𝑐𝑐 and flexural strength 𝑓𝑓𝑓𝑓𝑚𝑚𝑚𝑚,𝑓𝑓𝑓𝑓
of the mortar were equal to 2.61 MPa (CV 27.5%) and 0.58 MPa (CV 28.4%).
Two specimens were tested in the unreinforced configuration (URM), and later repaired and
retrofitted with a bidirectional low-density basalt grid (LDB). The remaining two specimens
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were retrofitted with the same LDB. The textile was embedded in a mortar matrix consisting of
a premixed NHL 3.5 natural hydraulic lime mortar with compressive strength 𝑓𝑓𝑓𝑓𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚,𝑐𝑐𝑐𝑐 and flexural
strength 𝑓𝑓𝑓𝑓𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚,𝑓𝑓𝑓𝑓 equal to 13.18 MPa (CV 9.8%) and 3.26 MPa (CV 2.2%) respectively.
Four LDB sheets with dimensions of 800 × 1270 mm2 were applied to each specimen. Two
sheets were placed on each face of the wall with an overlap of 300 mm in the centre of the wall.
The overlapping was chosen according to a previous study indicating that a minimum bond
length of 200 mm is required for good performance [8]. The used LDB textile has a Young’s
Modulus of 90 GPa and an ultimate tensile strength of 1700 MPa.
2.2 Repair and retrofitting
After the initial tests, two unreinforced specimens were repaired using the “scuci-cuci”
technique, i.e. a local reconstruction of the damaged masonry portions based on fractured bricks
replacement and lime mortar repointing. The aim of the repair was to restore the wall's structural
continuity along the cracks and to recover its initial stiffness. The materials used for the scucicuci operation were the same ones utilized for the original construction in order to assure good
compatibility in terms of stiffness and resistance. The considered repair technique followed
three stages. First, the cracks of the specimens were widened using a rotary hammerdrill
accessorized with a 20 mm width flat chisel, and a hand tool 30 mm width flat chisel. Second,
the damaged bricks were replaced by new ones, as shown in Figure 1. Finally, the cracks were
filled with the same lime-based mortar used for the retrofitting of the walls.

Figure 1: Scuci-cuci intervention on the URM tested walls. Removing and replacing of fractured units. Filling of
cracks with lime-based mortar for repair.

3

EXPERIMENTAL SET-UP

The samples were laid on a metallic C- profile filled with concrete. This profile allowed the
sliding shear failure to potentially occur in the bed joints of the lower course of bricks [9]. This
profile was fixed on a stiff steel plate fixed to the strong floor slab of the laboratory by means
of post-tensioned steel bars. In turn, a reinforced concrete (RC) beam was placed on top of the
wall. This element was used for the application of both uniformly distributed vertical load and
horizontal cyclic loading by the corresponding actuators. In addition, a stiff metallic H-profile
stiffened with ribs was placed over the RC beam in order to ascertain an even distribution of
the applied vertical loading. The vertical load was applied with two jacks with a capacity of
1000 kN each. The jacks reacted against a stiff frame anchored to the strong floor. A 3 mm
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thick Teflon sheet and a 3 mm thick PVC sheet were inserted between the RC beam and the
metallic profile to provide a smooth horizontal surface and to reduce the friction between both
elements. In addition, a layer of cement-based mortar with thickness of 5 to 10 mm was placed
between the RC beam and the PVC sheet in order to level the top surface of the beam and
guarantee a uniform vertical load transfer.
3.1 Testing procedure
The shear compression tests were performed in two steps. First, the vertical force V was
gradually applied under force control. The valves of the jacks were closed once the designed
compression stress was reached (𝜎𝜎𝜎𝜎𝑣𝑣𝑣𝑣 = 0.3 MPa). With the valves closed, no displacement or
rotation of the top of the wall was possible and applying horizontal load induced a double
bending condition [10]. Because of the testing mode, the vertical load increased with the
application of horizontal load. The increase of vertical load depended upon the stiffness
degradation of the wall.
The horizontal shear force H was applied with a hydraulic actuator anchored to a reaction
wall. The actuator had a pushing and pulling capacity of 350 kN and 250 kN respectively. Two
steel plates (530 × 300 × 30 mm3) connected by 4 steel rods of 40 mm diameter were mounted
aligned with the horizontal actuator. One of the plates was connected to the horizontal actuator
by means of a hinge, enabling the application of reversed cyclic loading in the horizontal
directions, see Figure 2.
The walls were instrumented with ten linear variable displacement transducers (LVDT) to
measure diagonal displacement and control the uplift and relative sliding between the wall and
its base. Eight potentiometer displacement transducers were utilized to measure the diagonal
and vertical displacement. Finally, two laser sensors measured the imposed horizontal
displacement. The vertical load was measured by means of four pressure transducers and the
horizontal load by the actuator’s inner load cell.

Figure 2: Set-up of the shear compression test
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3.2 Loading protocol
The in-plane cyclic loading was displacement-controlled to capture the accumulated damage
in the wall and to enable the detection of the failure mechanism. The loading protocol adopted
for all test, shown in Figure 3, follows the guidelines provided by FEMA 461 [11]. The loading
history consisted of repeated cycles of step-wise increasing deformation amplitudes. Three
cycles were completed for each amplitude.

.
Figure 3: Cyclic loading protocol for the shear compression test

4

EXPERIMENTAL RESULTS

4.1 Failure modes
Figure 4 shows the crack pattern at the end of the test of each specimen. It is noted that data
on specimen LDB-TRM (LDB_2) are disregarded due to technical problems experienced by
the loading system during this test.
The crack patterns evidence that all the specimens experienced shear failure. Damage in
unreinforced specimens was characterised by a stair-step cracking mainly developed through
the mortar joints and by tensile splitting of some units. The crack pattern of specimen URM_1
only shows one diagonal crack because the test was not continued beyond the development of
this first crack. The load capacity of theses specimens shows significant scattering probably due
to the variation of the mechanical properties of the masonry components.
The repaired and retrofitted specimens and the just retrofitted specimens showed also
diagonal cracks developed from the centre of the panel with severe damage occurring in the
region where the two cracks intersected.
The repaired and retrofitted specimens showed a more diffuse crack pattern in the centre of
the panel compared to the just retrofitted one. The LDB grid in the former case had to withstand
more displacement cycles, starting at early stages of the test, because of the re-opening of the
repaired cracks. The cracks re-opening transferred the tensile stress to the LDB grid, causing
the spalling of the mortar and thus the diffuse crack pattern. Despite this particular feature, the
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specimens retrofitted with LDB evidenced a more homogeneous response in terms of crack
pattern and lateral load capacity compared with the unreinforced ones.

Figure 4: Crack patterns at the end of the test: a) unreinforced wall URM_1, b) unreinforced wall URM_2, c)
wall repaired and retrofitted with LDB, URM1_R, d) wall repaired and retrofitted with LDB, URM2_R, e) wall
retrofitted with LDB.

No toe-crushing in compression was observed in any of the specimens during the test and
up to the largest displacement amplitude attained.
Debonding was detected close to the corners of the specimens where the load was applied.
Such debonding, however, was a local phenomenon induced by the metallic plates through
which the cyclic load was applied and did not interfere on the attained load or deformation
capacities.
4.2 Force-displacement curves
Figure 5 shows the experimental force-displacement curves under cyclic in-plane loading.
The experimental force-displacement envelopes are derived from the hysteretic curves and
constructed by connecting the peak force at the first cycle of each displacement amplitude. The
positive direction is the direction in which the horizontal hydraulic actuator pulls the specimen,
whereas the negative one is the direction in which the actuator pushes the specimen ( Figure 2).
The experimental curves are characterized by an initial linear branch corresponding to the
undamaged behaviour of the structure. At the onset of cracking, and with the development of
damage and energy dissipation, the response becomes non-linear, as evidenced by the forcedisplacement envelope, while at the same time wider hysteretic loops are observed. The
hysteretic loops widen progressively as the residual strength decreases until failure. Among the
unreinforced specimens, the wider hysteretic loops were seen in URM_2 (see Figure 5 b) in
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correspondence with the more severe damage observed in it during and after the test, Figure 4
b. However, and after repair and testing, the same specimen URM2_R showed a more ductile
and progressive damage than its pair URM1_R.
The repaired and retrofitted walls showed a moderated improvement in lateral load-bearing
capacity. However, the peak loads were reached at a larger displacement compared with the
unreinforced ones. Consequently, their global behaviour showed larger deformation capacity
and ductility, as seen in Figure 5. The just retrofitted specimens showed a significant increment
in both lateral-load bearing and deformation capacity, evidencing the effectiveness of the
reinforcement system.
Table 1 summarizes the main parameters of the force-displacement experimental curves for
both directions. The cracking load 𝐻𝐻𝐻𝐻𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 is the one recorded when the first cracks became visible.
The peak load 𝐻𝐻𝐻𝐻𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 is the one corresponding to the maximum lateral load attained. The
ultimate load 𝐻𝐻𝐻𝐻𝑢𝑢𝑢𝑢 is derived from the bilinear idealization as discussed in the following section.
Table 1: Experimental first crack and peak loads. Ultimate load obtained for the bilinear idealization.

Specimen
URM_1
URM_2
URM1_R
URM2_R
LDB_1

First crack load [kN]

Peak load [kN]

Ultimate load [kN]

Hcr (-)

Hcr (+)

Hmax (-)

Hmax (+)

Hu (-)

Hu (+)

-114.46
-102.31
-120.70
-142.20
-135.84

104.96
126.05
132.44
146.19

-192.38
-162.29
-175.09
-194.56
-213.10

150.7
151.56
180.08
167.88
207.16

-176.02
-154.22
-161.53
-181.99
-195.95

146.37
174.42
162.87
202.80

Hcr / Hmax
(-)
(+)
0.59
0.63
0.69
0.73
0.64

0.69
0.70
0.79
0.71

Hu / Hmax (-)
(-)

(+)

0.91
0.95
0.92
0.94
0.92

0.97
0.97
0.97
0.98

4.3 Bilinear idealization
The bilinear idealization is a simplified approach used in the study on the in-plane seismic
response of masonry walls. The idealization permits the determination of the response spectra
in a way similar to linearly elastic systems [3,4]. It this also used in the computation of the
ductility [12].
The bilinear approximation of the experimental envelope curves was obtained as described
in Figure 6. First, the cracking point was identified along with the peak load. The ultimate
displacement 𝛿𝛿𝛿𝛿𝑢𝑢𝑢𝑢 was defined as the displacement at which the lateral strength had dropped to
80% of 𝐻𝐻𝐻𝐻𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 . If such a large drop was not attained, the largest displacement reached during the
test was taken as 𝛿𝛿𝛿𝛿𝑢𝑢𝑢𝑢 . The ultimate strength 𝐻𝐻𝐻𝐻𝑢𝑢𝑢𝑢 is defined as the maximum load o the bilinear
idealization and is calculated taking into account the energy dissipation capacity of the
experimental envelope curve. The ultimate strength is determined so as to produce a bilinear
curve enveloping the same are below as the experimental curve up to 𝛿𝛿𝛿𝛿𝑢𝑢𝑢𝑢 . For the present
application, the bilinear idealization was calculated for both positive and negative directions.
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Figure 5: Force-displacement hysteresis curves and envelope curves of tested walls: a) unreinforced wall
URM_1, b) unreinforced wall URM_2, c) wall repaired and retrofitted with LDB, URM1_R, d) wall repaired
and retrofitted with LDB, URM2_R, e) wall retrofitted with LDB (LDB_1).
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Table 1 shows the ratio 𝐻𝐻𝐻𝐻𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 ⁄𝐻𝐻𝐻𝐻𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 which on average is equal to 0.69 (CV 8%). This value
is consistent with Eurocode 8 [3] and the proposal of Tomaževič [13] and Magenes and Calvi
[12] for the bilinear idealization of the hysteretic behaviour of the wall, which propose a
𝐻𝐻𝐻𝐻𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 ⁄𝐻𝐻𝐻𝐻𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 value equal to 0.7. However, the ratio 𝐻𝐻𝐻𝐻𝑢𝑢𝑢𝑢 ⁄𝐻𝐻𝐻𝐻𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 yields a higher value than 0.9,
which is the value proposed by the aforementioned authors. The value of the ratio for all the
tests is on average equal to 0.95 (CV 3%).
200
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Hcr,+

Bilinear idealization
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100
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Figure 6: Example of bilinear idealization.

Table 2 and Table 3 show the main limit states analysed following [14,15] in terms of
displacement and drift. The aforementioned authors considered five limit states. The
displacement at cracking point 𝛿𝛿𝛿𝛿𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 corresponds to the displacement for which a load equal to
70% 𝐻𝐻𝐻𝐻𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 is attained. The displacement at yielding 𝛿𝛿𝛿𝛿𝑦𝑦𝑦𝑦 is associated with the ultimate load 𝐻𝐻𝐻𝐻𝑢𝑢𝑢𝑢 .
The maximum displacement 𝛿𝛿𝛿𝛿𝐻𝐻𝐻𝐻𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 corresponding to the peak load associated to the SD limit
state defined by the codes. The ultimate displacement 𝛿𝛿𝛿𝛿𝑢𝑢𝑢𝑢 corresponds to the displacement for
which the reduction of the lateral strength is 20% and is associated to the NC limit state
introduced by the codes. In addition, [14,15] defines a collapse displacement 𝛿𝛿𝛿𝛿𝑐𝑐𝑐𝑐 as the one
corresponding to ta drop of the lateral strength of 50%.
EC8 [3] defines two main limit states corresponding to Significant Damage (SD) and a
ultimate limit state associated with Near Collapse (NC). For unreinforced masonry walls failing
in shear mode, the limit drifts corresponding to the SD and NC states are set to 𝜃𝜃𝜃𝜃𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆 = 0.4%
and 𝜃𝜃𝜃𝜃𝑁𝑁𝑁𝑁𝑁𝑁𝑁𝑁 = 0.5% respectively. The Italian standard NTC2018 [4] defines a Ultimate Limit State
(SLU), equivalent to EC8’s NC state, for which the drift limitation is equal to 𝜃𝜃𝜃𝜃𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆 = 0.5%.
When compared with the limit drifts defined by EC8 [3] and the Italian code [4], it is
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observed that both standards underestimate the deformation capacity of the unreinforced tested
walls by 50%. The average value of drift obtained in the experimental test, considering both
directions, for the URM specimen for the SD and NC limit states are 0.8% and 1.1%
respectively.
Table 2: Experimental displacements corresponding to different damage levels.
Specimen

Cracking displ.
[mm]

Yielding displ.
[mm]

δcr (-)

δcr (+)

δy (-)

δy (+)

δHmax (-)

URM_1
URM_2
URM1_R
URM2_R
LDB_1

-5.55
-5.56
-4.08
-5.62
-5.61

5.51
6.25
7.82
7.81

-8.53
-8.38
-5.45
-7.19
-8.09

7.68
8.65
9.62
10.83

-10.89
-10.90
-14.26
-11.01
-14.22

Ultimate displ.
[mm]

Collapse displ.
[mm]

δHmax (+)

δu (-)

δu (+)

δc (-)

δc (+)

8.94
10.91
14.25
14.23
14.17

-14.16
-13.95
-15.99
-21.71
-17.89

12.26
17.07
17.86
19.1

-14.16
-14.18
-18.54
-26.59
20.46

14.17
19.34
21.75
21.75

Max displ. [mm]

Table 3: Experimental drift values corresponding to different damage levels.

Yielding displ.
[mm]

Ultimate displ.
[mm]

Collapse displ.
[mm]

Specimen

Cracking displ.
[mm]
θcr (-)

θcr (+)

θy (-)

θy (+)

θHmax (-)

θHmax (+)

θu (-)

θu (+)

θc (-)

θc (+)

URM_1
URM_2
URM1_R
URM2_R
LDB_1

-0.4%
-0.4%
-0.3%
-0.4%
-0.4%

0.4%
0.5%
0.6%
0.6%

-0.7%
-0.7%
-0.4%
-0.6%
-0.6%

0.6%
0.7%
0.8%
0.9%

-0.9%
-0.9%
-1.1%
-0.9%
-1.1%

0.7%
0.9%
1.1%
1.1%
1.1%

-1.1%
-1.1%
-1.3%
-1.7%
-1.4%

1.0%
1.3%
1.4%
1.5%

-1.1%
-1.1%
-1.5%
-2.1%
-1.6%

1.1%
1.5%
1.7%
1.7%

5

Max displ. [mm]

CONCLUSIONS
-

-

-

The application of a bidirectional basalt grid (LDB) improved the in-plane response of
the masonry walls in terms of load-bearing capacity and deformation capacity. When
compared with the reference unreinforced ones, the retrofitted walls showed a
significantly more ductile behavior with larger lateral displacement and consequently
greater deformation capacity.
The reinforced walls showed a more homogeneous response characterized by very
similar crack patterns, failure modes and load capacities. By comparison, the
unreinforced ones showed results that are more scattered in terms on lateral loadbearing capacity.
The scuci-cuci and retrofitting intervention applied to the previously damaged walls,
attained a satisfactory repair with full recovery of the initial load-bearing capacity.
The application of the current codes has led to a significant underestimation of the
deformation capacity shown by the tested walls. The underestimation is of 50% for the
unreinforced walls.
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Abstract. Textile Reinforced Mortar (TRM) is an appealing choice for the strengthening of
existing structures and especially that of monumental character through application as
external reinforcement. In the current study, the TRM-to-masonry bond was experimentally
investigated focusing on the parameter of the yarns’ treatment, that is none or impregnation
with Styrene-Butadiene Rubber – SBR latex. For this purpose, both double-lap/double-prism
(DL) and single-lap/single-prism (SL) shear bond test configurations have been employed.
Specimens comprised strips of glass fiber textiles (either uncoated – UT or fully impregnated
– IT) applied on wall prisms of stack-bonded smooth clay units through a cement-based
mortar. TRM strips of DL specimens (with uncoated textile – UT or impregnated textile – IT)
had a bond length (BL) equal to 150 mm. This BL was larger than the effective one, i.e. the
minimum length needed for the attainment of the maximum TRM bond capacity (with UT).
Due to the inadequacy of the DL set-up in capturing specimens’ post-peak response, the SL
set-up was also opted for. TRM strips of SL specimens (with UT or IT) had various BLs (100
mm, 150 mm and 200 mm) in order to study the combined effect of BL and textile
impregnation. According to the results from both set-ups, the maximum bond load, Fmax of
specimens with IT was increased by 40% in comparison with specimens with UT.
Additionally, Fmax of specimens with IT increased with increasing BL.
1

INTRODUCTION

Textile Reinforced Mortar (TRM) is a composite material comprising fiber grids
embedded in an inorganic (typically, cement- or lime-based) matrix. The textiles used consist
of dry or coated (partially impregnated) or fully impregnated fiber yarns (although, it is
debatable whether such a treatment leads to composites that should be put under the TRM
umbrella). TRM systems have been gaining the technical world‟s acceptance as externally
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bonded strengthening means of existing masonry structures (see [1] for a compilation of
successful interventions in real-life structures). Especially, in the case of structures of a
monumental character, TRMs‟ compatibility with various substrates, (partial) reversibility of
the intervention and substrate breathability render this composite material as an appealing
choice for strengthening. However, the efficient use of TRMs significantly depends on both
the bond between the composite material and the existing substrate and the bond between the
grid and the matrix. Unless certain unfavourable conditions are met, it has been shown that
the most vulnerable interface during in-plane shear load transfer from the substrate to the
textile is the textile-to-matrix interface in respect to the TRM-to-substrate one [2, 3]. The
current study focuses on the effect of the yarns‟ treatment (impregnation with polymers or
lack thereof) on the improvement of textile-to-matrix bond. This type of yarns‟ treatment can
eliminate the well-documented telescopic pull-out phenomenon i.e. the relative slippage of
unbonded („dry‟) inner filaments in respect to the mortar-bonded sleeve ones during yarns‟
pull out from the matrix. It is noted that in dry fiber yarns this distinction between inner (or
core) filaments and outer (or sleeve) ones is due to partial penetration of the matrix into the
yarns; the degree of penetration depends on a multitude of parameters such as the consistency
of the matrix, the weight of the yarn and the production method of the TRM.
A previous relevant study is that of [4] who concluded that the bond capacity of a TRM
system consisting of a carbon fiber textile embedded in a pozzolanic mortar applied onto clay
bricks was improved through a treatment involving yarns‟ (moderate or complete)
impregnation with a flexible epoxy resin combined with quartz sanding. Furthermore, by
application of a carbon fiber textile on masonry substrates by means of a lime-based mortar
[5] studied the simultaneous effect of TRM bond length and yarns‟ treatment (complete
impregnation with a flexible epoxy resin in combination with quartz sanding). According to
the experimental results of the latter study, the matrix-to-textile bond improvement due to
textile treatment was more pronounced for increasing bond lengths. In the work of [6], a
Round Robin test campaign was undertaken in order to assess the TRM-to-masonry bond
capacities of various glass fiber TRM systems comprising textiles with different geometries
and yarn treatments and different types of mortars such as lime- or cement-based ones. In
particular, the comparison of the maximum axial textile stress of some GTRM systems
combining coated or uncoated textiles with lime-based mortars and pre-impregnated textiles
with lime- or cement- based mortars ended up to similar stress values concerning the coated
and uncoated textiles (however more scattered in the case of dry fibers) and higher stress
values concerning the pre-impregnates ones.
Yarn‟s impregnation (partial or complete) results in: (i) improved matrix-to-yarn bond; (ii)
improved stress distribution among both different filaments within the same yarn and
different yarns within the same textile layer; and hence (iii) better exploitation of the fibers‟
tensile capacity [see also 7]. In TRM/masonry joints and in the absence of debonding
phenomena along the TRM/masonry interface, this translates into an increase in the loadbearing capacity of the joints under in-plane shear loads. Nevertheless, strength improvements
are not always the critical ones, especially when structural upgrading interventions of
unreinforced masonry structures against seismic actions are called for. In these cases, energy
dissipation of the strengthened structure is a crucial feature. Under this light, dry or coated
fiber yarns failing under telescopic pull-out can provide the strengthening system with
favourable energy dissipation characteristics. Moreover, yarns‟ impregnation (or even
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coating) with polymers entails some drawbacks, such as: (i) „stiffening‟ of the textile resulting
in its inability (partial or complete, depending on the impregnation degree achieved and on the
type of impregnating means applied, e.g. thermoset polymer or synthetic rubbers) to closely
match irregular surfaces; and (ii) thermal decomposition of the polymeric
coating/impregnation means at exposure temperatures larger than (roughly) 400°C, leading to
matrix-to-textile bond deterioration as shown from pull-out tests run on post-heated/cooleddown textile reinforced concrete specimens [8]. Nevertheless, it should be mentioned that
polymers are not the only option as materials for yarns‟ coating/impregnation; for example,
cement slurries or other minerals can be used for this purpose, see [9, 10].
The experimental results presented herein are the products of a campaign focusing on the
effect of textile complete impregnation with a Styrene-Butadiene Rubber (SBR) latex
emulsion on the bond capacity of AR glass TRM overlays bonded on masonry substrates. The
study involved shear bond tests of both the double-lap/double-prism (DL) and the singlelap/single-prism (SL) type. In this work, SBR was used on the basis of its ability to ensure
partial pull-out of the core filaments [11] (and, hence, to yield higher energy dissipation
composite features) in comparison to epoxy-resins [12] (comparisons made with carbon fiber
yarns, though).
2 MATERIALS
2.1 Masonry
Stack-bonded single-brick wall prisms were used for the simulation of masonry substrates.
Each wall comprised solid clay bricks with a smooth surface and cement/lime-based mortar
joints. The mechanical characteristics of the walls normal to their joints were determined
according to the recommendation LUMB1 [13] and were found equal to 26.4 MPa (CoV
10%) and 7.3 GPa (CoV 18%) as per compressive strength and modulus of elasticity,
respectively. Bricks measured 200×100×50 mm and were of a compressive strength equal to
20 MPa, according to the producer. Joints were approximately 15 mm thick. For their
construction a M5 general purpose masonry mortar, according to the Eurocode 6 [14]
classification, was used containing cement (CEM IV 32.5N), lime and sand in proportions
1:2:6, by volume.
2.2 TRM
Two TRM systems were investigated sharing the same cement-based mortar (matrix) and
the same AR-glass fiber textile the only difference being in the yarns‟ treatment: (i) dry, i.e.
“as produced”, henceforth referred to as UT (uncoated textile) versus (ii) fully impregnated by
hand using a Styrene-Butadiene Rubber – SBR latex emulsion, henceforth referred to as IT
(impregnated textile). The dry textile (with a balanced arrangement of yarns in two orthogonal
directions) had an areal weight and a mid-yarn spacing equal to 320 g/m2 and 12 mm,
respectively. Both textiles were mechanically characterized through tensile tests on 9-yarns‟
strips; testing was carried out partially according to EN ISO 13934-1 [15]. According to the
results, the tensile strength (ft) and the elastic modulus of UT were equal to 822 MPa (CoV
7%) and 71 GPa (CoV 6%), respectively. The respective values for IT were found equal to
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1126 MPa (CoV 1%) and 66 GPa (CoV 1%), respectively. The mortar used as matrix
contained polypropylene fibers and a low content (<5%, by weight of cement) of polymeric
additives for the avoidance of shrinkage phenomena. The compressive and flexural strengths
of the mortar were determined according to EN 1015-11 [16] at 21 days post-production and
were found equal to 22.3 MPa (CoV 11%) and 5.2 MPa (CoV 14%), respectively; its elastic
modulus was equal to 7.6 GPa (as provided by the manufacturer).
3

EXPERIMENTAL PROGRAM

3.1 Set-ups employed
Both double-lap/double-prism (DL) and single-lap/single-prism (SL) set-ups were
employed for reasons explained in the following (see subsection 4.2). Specimens involved in
DL tests consisted of two wall prisms connected with a single TRM overlay on each side,
(Figure 1). Each TRM overlay was made of two mortar layers of equal thickness (around 3
mm) and a single uncoated or impregnated textile strip sandwiched between them. The total
length of the TRM overlay was equal to double the examined bonded length plus the
unbonded length, which was equal to 100 mm (50 mm space between the wall prisms plus
2×25 mm starter unbonded lengths introduced for the avoidance of stress concentration
phenomena). The TRM overlay was centrally bonded on the walls widthwise and its width
was 120 mm comprising 9 longitudinal (load-aligned) yarns. Specimens were moist-cured
using wet burlaps for 7 days and then stored in lab conditions for 14 more days until testing.
Each wall prism was fitted in a steel frame before testing. Subsequently, both the bottom
(fixed) and the top (moving) part of the specimen (Figure 1a) were connected to the machine
through centrally-positioned ball joints in regards to the specimen‟s cross-section in order to
ensure self-alignment of the specimen during testing. Activation of the bond mechanism was
realized by imposed distancing of the two wall prisms using a servohydraulic system
furnished with a 50 kN load cell. Tests were run in a displacement-control mode at a constant
piston displacement rate equal to 0.005 mm/s. The instrumentation of each specimen (Figure
1a) consisted of: (i) two digital dial gauges (DDG) placed adjacent to the strip‟s loaded ends
(DDGLE) on each side of the specimen in order to measure the distancing between the two
wallettes; (ii) two DDG placed at the strip‟s free ends (attached on the central textile yarn –
DDGFE) on a single side of the specimen (henceforth side A), in order to record the slip of
the projecting textile at this position; (iii) three strain gauges along each TRM half-overlay
and one at the overlay‟s unbonded length (side A), mounted on the central yarn of the textile,
through slots; (iv) a random pattern of black dots on the opposite side of side A which was
previously painted white (henceforth side B) in order to conduct post-test DIC analysis.
Specimens involved in SL tests comprised a single wall prism unilaterally reinforced with
a TRM overlay constructed as described for the case of DL specimens. The TRM strip was
centrally bonded on the wall widthwise distancing 25 mm from the wall‟s top edge so that
stress concentration phenomena could be avoided. The total length of the TRM overlay was
equal to the examined bond length while its width was equal to 120 mm (9 yarns). The textile
projected from both the top and the bottom parts of the TRM strip (Figure 1b). Curing
conditions of the specimens were the same to those of DL ones. Each wall prism was placed
and fixed in a steel frame connected to the moving part of the machine. The projecting textile
at the top was connected to the fixed part of the machine through a joint providing full in-
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plane and partial out-of-plane rotation capacity. The top end of the textile strip was
sandwiched between two fiber-reinforced polymer tabs and fixed between two bolted steel
plates. During testing, the projecting textile was being pulled away from the bonded TRM
overlay using a servohydraulic testing machine fitted with a 250 kN load-cell; piston
displacement was the controlling command at the same rate as that in DL tests. The
instrumentation of each specimen (Figure 1b) consisted of: (i) two DDG fixed on the wall
acting against an aluminium plate which was glued on the first transversal yarn of the pulled
textile close to the strip‟s loaded end in order to measure the relative displacement of the
textile in respect to the wall; (ii) two DDG fixed on the wall acting against an aluminium plate
which was glued on the second transversal yarn of the textile close to the strip‟s free end, in
order to record the slip of the textile at this position; (iii) three strain gauges along the TRM
overlay mounted on the central yarn of the textile, through slots.

(a)
(b)
Figure 1: (a) Double-lap/double-prism and (b) Single-lap/single-prism set-up

3.2 Specimens
In total, 5 DL and 12 SL specimens are presented in the current study. In the case of DL
specimens, the bond length of the TRM overlays was equal to 150 mm while 3 of them were
furnished with UT and the rest with IT. The selected bond length was higher than the one
previously determined as the effective bond length of identical TRM/masonry joints with UT
(assessed by DL shear bond tests) [3]; the latter was found equal to 125 mm. In the case of SL
specimens, half of them were furnished with UT and the remaining with IT while also varying
the examined bond lengths (100 mm, 150 mm and 200 mm). Specimens‟ notation has the
form of BLx_y_z_n (see Table 1), where x is the bond length (BL) of the TRM overlay in
mm, y is the type of set-up employed (DL or SL), z is the type of textile employed (UT or IT)
and n is the specimen number in a group of identical specimens.
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4

EXPERIMENTAL RESULTS

4.1 Response curves and values
The experimental results are listed in Table 1. For the DL specimens, each tabulated value
was derived as follows: (i) maximum load of each TRM half-overlay, Fmax, being equal to half
of the piston load at maximum (assuming equal piston load distribution between the two
reinforced sides of the specimen due to its symmetry [3]); (ii) maximum textile axial stress,
σmax, being equal to the ratio of Fmax to longitudinal fibers‟ area Af (= 6.912 mm2); (iii) relative
displacement of each TRM half-overlay in respect to the wall prism at maximum load, dr,max,
being equal to one half of the average of the four readings from the DDGLE minus one half of
the elongation of the unbonded length per side (taken equal to the strain gauge reading times
the unbonded length); (iv) the elongation corresponding to maximum load, eBL, being equal to
the mean value of the strain integrals of the TRM half-overlays on Side A; (v) the slippage
corresponding to maximum load, sBL, being equal to the difference between the dr,max and eBL
values (see also [3]); (vi) textile exploitation degree being equal to the ratio of σmax to ft. It is
noted that both the relative displacement and the slip of the two TRM half-overlays of the
same side were assumed to be equal (see also [17]). For the SL specimens, the derivation of
the values included in Table 1 was realized as in the case for DL specimens with the
following exceptions: (i) maximum load, Fmax, was equal to the piston maximum load (ii)
relative displacement at maximum load, dr,max, was equal to the average of the readings from
the DDGLE; (iii) elongation at maximum load, eBL, was equal to the strain integral of the
TRM overlay. The failure mode of each specimen is also included in Table 1.
All DL and SL specimens receiving UT failed “as usual”, that is due to textile slippage
from within the matrix. In the case of DL specimens failure (appreciable reduction of loadbearing capacity) was associated to the enlargement of one of the previously formed cracks
along the unbonded length (Figure 2a) which in turn led to the out-of-plane rotation of both
wall prisms and the loss of specimens‟ symmetry (Figure 2b). SL specimens with IT failed
due to either textile slippage (Figure 2c) or rupture of the projecting textile close to the
gripping device (bolted steel plates) due to stress concentration [Figure 2d and (σmax / ft)
values in Table 1, all less than 1). It is clarified that in neither DL nor SL specimens were
cracks formed along the bonded part of the overlay or did any interlaminar shear failure or
TRM-to-substrate debonding phenomena occur.
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Table 1: Experimental results
Specimen
BL150_DL_IT_1
BL150_DL_IT_2
BL150_DL_UT_1
BL150_DL_UT_2
BL150_DL_UT_3
BL200_SL_IT_1
BL200_SL_IT_2
BL150_SL_IT_1
BL150_SL_IT_2
BL100_SL_IT_1
BL100_SL_IT_2
BL200_SL_UT_1
BL200_SL_UT_2
BL150_SL_UT_1
BL150_SL_UT_2
BL100_SL_UT_1
BL100_SL_UT_2

Fmax
(kN)
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667.00
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287.91
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0.59
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0.33
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0.27
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0.90
0.94
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0.72
0.45
0.44
0.70
0.29
0.44
0.43
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(mm)
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(mm)
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0.37

0.20
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1.22
0.44

5.49
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0.50

0.65

0.30
0.39

0.22
0.33
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0.21

0.28

0.07

0.36

σmax / ft
%
47.15
39.06
42.77
39.95
41.71
59.24
67.20
47.41
45.48
41.76
41.63
40.83
38.72
41.71
38.19
37.31
35.03

Failure mode

Textile slippage
Textile slippage
Yarns‟ rupture
Yarns‟ rupture
Yarns‟ rupture
Textile slippage
Yarns‟ rupture

Textile slippage

(a)
(b)
(c)
(d)
Figure 2: Images after failure depicting: (a) Textile slippage (side B) and (b) out-of-plane rotation of DL
specimens, (c) textile slippage and (d) yarns‟ rupture in SL specimens

4.2 Discussion
The response of DL specimens with both UT and IT is depicted in Figure 3 through the
respective curves of load versus relative displacement and load versus slip. Focusing on the
former curves presented in Figure 3a, it is revealed that up to the attainment of Fmax both
groups of specimens present a first linear and a second non-linear ascending branch.
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Additionally, Fmax increased by 40% - on average - due to textile impregnation with the SBR
latex emulsion. This is attributed to the consolidation of each yarn into a single macro-fiber
leading to the absence of fibers‟ telescopic slippage and to the subsequent increase of the
textile tensile strength (see subsection 2.2). In respect to the curves presented in Figure 3b, it
is noted that slip values of specimens with UT have been derived from DDGFE records while
those of specimens with IT have been computed through DIC analysis. Slip values of IT were
almost zero up to points A1 and A2 which correspond to load values lower but close to the
maximum one. After these points and up to Fmax textile slippage increases rapidly due to the
progressive debonding of the textile along its bond length. Starting from zero values at test
start, slip values of UT kept on increasing up to Fmax; nevertheless, these values (the ones
corresponding to Fmax) were much lower than the respective ones of the IT due to sleeve
fibers‟ (filaments‟) rupture which is always present when glass fiber dry yarns are being
pulled out from the matrix.
As previously mentioned (see subsection 4.1), DL specimens lost their symmetry in respect
to the vertical plane normal to their faces after failure. In the case of UT, sleeve fibers‟ rupture
led to an irrecoverable strength loss (descending branch of the load response curves - Figure
3a) due to the stress (and strain) lag of the core fibers in respect to the sleeve ones (telescopic
pull-out effect). As a consequence, both the relative displacement of the fibrous reinforcement
in respect to the substrate and the out-of-plane rotation of the specimens (at ultimate ≡ zero
load-bearing capacity) were much lower than the respective values derived from counterpart
specimens furnished with IT. Indeed, in the case of IT and with the fibers remaining intact for
the total duration of the test, the specimens‟ post-peak response was characterized by a
temporary (and rather limited) load drop followed by a steady-rate load increase (Figure 3a).
This phenomenon was attributed to the contribution of (extra) friction at the textile-to-matrix
interface on the convex side of the assemblage under testing during (and due to) the increase
of the out-of-plane rotation of the walls (which, in turn, was owed to the good bonding
conditions and the integrity of the fiber yarns). In an attempt to further investigate the effect
of yarns‟ impregnation with SBR, more shear bond tests were designed, this time employing
the SL set-up.
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Figure 3: (a) Load vs. relative displacement and (b) load vs. slip curves of DL specimens
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The response of SL specimens with UT or IT is depicted in Figure 4 through load versus
relative displacement curves. As mentioned before, all SL specimens with UT failed due to
textile slippage from within the matrix. However, the dominant failure mode among SL
specimens with IT was due to yarns‟ rupture close to the load introduction area reflected by
an abrupt load drop in the respective response curves. Two SL specimens with IT (namely,
BL200_SL_IT_1 and BL100_SL_IT_1) failed due to textile slippage (Figure 4a and 4c,
respectively). From visual inspection and from the load versus relative displacement curve of
specimen BL200_SL_1i it has become clear that the resulting response values have been
contaminated by out-of-plane (Mode I) phenomena probably caused by misalignment
between the unbonded part of the textile and the face of the specimen. Therefore, this
specimen is excluded from the processing of the experimental results.
In Figure 4d, Fmax values of all specimens tested are presented versus the bond length
values considered. The increase of Fmax due to textile impregnation was also confirmed in the
case of SL specimens (though, only for BL = 100 mm, taking into account the specimen with
IT failing due to textile pull-out). This increase amounts to approximately 55%. By
comparing the Fmax values of specimens with a bond length of 150 mm furnished with UT, it
is inferred that the type of shear bond test set-up employed has negligible effect on Fmax. This
is in accordance to the findings of [18]. Although not too obvious, it is noticed that the Fmax
values of specimens with UT (failing due to textile pull-out) show a load stabilization trend
with increasing bond length which can be used (as a „rule of thumb‟) for the determination of
the effective bond length of the TRM/substrate joint under consideration. On the contrary, the
Fmax values of specimens with IT (failing due to stress concentration-inflicted rupture of the
yarns) – or, equivalently the exploitation ratio of the textile‟s tensile strength – increase for
increasing bond length. The increase of the bond length reduces the level of load distribution
unevenness between different yarns in the textile layer (for a given value of total textile
resisting load) allowing it to undertake higher loads as the textile-to-matrix contact area
increases. Failure finally occurs due to the inevitable load distribution unevenness between
yarns (at higher load levels for longer bond lengths) manifested through the in-plane rotation
of the textile gripping fixture (Figure 2d). By comparison of the Fmax values of UT- vs. ITfurnished SL specimens for each bond length considered a lower bound of the increase in the
shear bond capacity of TRM/masonry joints due to textile impregnation with SBR latex can
be determined. This amounts to 40%, 60% and 130% for a bond length of 100 mm, 150 mm
and 200 mm, respectively. Hence, the overall minimum increase in the shear bond capacity of
TRM/masonry joints due to textile impregnation with SBR latex is equal to 40%.
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Figure 4: (a)-(c) Load vs. relative displacement curves of SL specimens and (d) Fmax vs. BL

CONCLUSIONS

The currently presented experimental results concern the study of a TRM system consisted
of AR-glass fiber textile embedded in cement-based mortar and applied on wall prisms made
of smooth clay bricks. The effect of textile‟s full impregnation with SBR latex on the bond
capacity of the TRM system was examined through the application of both DL and SL setups.
The increase of load-bearing capacity of TRM/masonry joints under direct in plane
shear loads due to textile impregnation with SBR latex was confirmed by employing
both DL and SL set-ups. Depending on the set-up employed, this increase ranges
between 40% and 55% for the type of TRM/masonry joints investigated in this work
(failing due to textile pull-out from the matrix).
For SL shear bond test configurations and for the same bond length considered,
textile impregnation with SBR latex might result in the change of failure mode (from
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-

textile pull-out to textile rupture). Nevertheless, textile rupture occurs at an
exploitation ratio of the textile‟s tensile strength much lower than 100% due to stress
concentration phenomena at the vicinity of the textile gripping fixture. Hence, a
lower bound of the increase in the shear bond capacity of TRM/masonry joints due to
textile impregnation with SBR latex can be determined (40%, 60% and 130% for a
bond length of 100 mm, 150 mm and 200 mm, respectively). The exploitation ratio of
the textile‟s tensile strength also increases with increasing bond lengths.
It was verified that the type of set-up employed has negligible effect on the maximum
transferable in-plane shear load along TRM/masonry interfaces.
The behavior of IT-furnished DL specimens in terms of load vs. relative
displacement response (pseudo-strain-hardening in the post-peak range) can be
extrapolated to that of structural members receiving such TRM overlays as a means
of flexural strengthening. Therefore, it would be logical to assume that the
strengthening system will impart favorable energy dissipation capacity characteristics
to the strengthened members.
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Abstract. Innovative strengthening solutions, such as Fiber Reinforced Cementitious
Matrix (FRCM), are becoming increasingly diffused for the retrofitting of existing masonry
structures with the aim of reducing the seismic vulnerability of these construction
typologies. In recent years, many studies have demonstrated the suitability of these materials
in enhancing the shear capacity of masonry walls and improve the overall structural behavior,
avoiding fragile collapse mechanisms. In the present work, six diagonal compression
tests were performed on unstrengthened and FRCM strengthened masonry panels to
evaluate the improvements attributable to the presence of the FRCM systems. Two different
bidirectional basalt grids were applied to the masonry samples, with and without mechanical
anchorages. The tensile and bond properties of the chosen FRCM systems were
investigated through laboratory tests. The objective was, indeed, to compare the
performances of two textiles, characterized by different densities, and to investigate the
role of mechanical anchorages. The experimental results confirmed the efficiency of the
FRCM strengthening systems in improving the shear behavior of masonry panels. The
FRCM strengthened samples experienced a considerable strength increase and less brittle
failure mechanisms. The roles of both the mortar matrix, the fiber grids and the mechanical
anchorages were highlighted by analyzing the onset of cracking and the failure propagation
within the samples.
1

INTRODUCTION

The structural performances and the safety of historical masonry building during a seismic
event are key aspects to be assessed, since these construction typologies usually show a weak
behavior if subject to horizontal loads, characterized by out-of-plane and in-plane collapses
[1,2]. Several researches in literature studied different retrofitting systems realized by
using composite materials applied to the surface of masonry elements, in order to
enhance the structural capacity with respect to the shear actions invoked during an
earthquake without
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evident changes in stiffness.
In this framework, Fiber Reinforced Polymer (FRP) or Fiber Reinforced Cementitious
Matrix (FRCM) systems were introduced and their advantages and drawbacks highlighted [35]. The behavior of these innovative materials was broadly analyzed with reference to the
resistance, i.e. tensile and bond strength, the influence of the masonry substrate, e.g. presence
of mortar joint and brick roughness, their compatibility with the substrate, the sustainability,
and the fire resistance [6-13]. Studies were also carried out about the in-plane behavior of
masonry walls, made of different masonry substrates, strengthened with composite materials
[14-21]. From the structural point of view, the efficiency of these systems was found to be
highly significant.
The aim of the present research is to enhance the knowledge about the structural
performances and the failure modes of masonry panels, built with clay bricks and lime-based
mortar, strengthened with FRCM systems made with bidirectional basalt fiber grids and a limebased mortar matrix. To this aim, a diagonal compression test setup [22,23] was adopted to
analyze the in-plane shear behavior of the wall panels. The experimental results obtained were
discussed in terms of load bearing capacity and maximum displacement at collapse, considering
the effectiveness of the FRCM strengthening systems with respect to the unreinforced masonry
samples.
2

EXPERIMENTAL CAMPAIGN

In the present experimental campaign, two different masonry substrates were investigated,
built with the same fired clay bricks and two different mortar mixes (B-M1 and B-M2). The
masonry panel dimensions were equal to 1100×1100×250 mm3 and 1200×1200×250 mm3 for
the B-M1 and B-M2 typology, respectively. Six masonry walls were built, three for each
substrate type. Subsequently, four panel were retrofitted by FRCM composites, made with a
lime-based mortar matrix and bidirectional basalt fiber grids. The characteristics of the tested
samples are reported in Table 1, where each specimen is named with a code indicating the wall
substrate type (B-M1 or B-M2), the applied FRCM system (basalt fiber grids, B200 or B400,
and mortar matrix type, M3 or M4) and the presence of mechanical anchorages (A) or not. A
continuous layout of the strengthening system was adopted (Figure 1): the bidirectional basalt
grids were applied symmetrically on the entire surfaces of the wall panels, adopting an offset
of about 20 mm from edges to prevent early debonding phenomena. A single grid layer per side
was adopted, embedded in a 6 mm thick layer of mortar. A total number of six diagonal
compression tests were performed. The mechanical characterization of the masonry
components and the FRCM strengthening systems will be presented in the following Sections.
Table 1: Experimental campaign: characteristics of the tested samples

Specimen ID
B-M1_URM
B-M2_URM
B-M1_B200-M3-A
B-M2_B200-M4
B-M1_B400-M3-A
B-M2_B400-M4

FRCM system
Basalt fiber grid +
NHL mortar matrix
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Bidirectional grid

Mechanical anchorages

Figure 1: FRCM strengthening system layout

2.1 Masonry constituents
The fired clay bricks adopted for the construction of the masonry panels had dimensions
equal to 120×250×55 mm3. Their mechanical properties were investigated through standard
laboratory tests. In particular, uniaxial compressive tests [24] and Brazilian tests [25] were
carried out on cylindrical specimens with a unitary aspect ratio, obtaining a compressive
strength fc,b equal to 18.7 MPa (CoV = 5%) and a tensile strength ft,b equal to 3.1 MPa (CoV =
15%). Moreover, three-points bending tests [26] were performed on prismatic specimens,
having dimensions 40×40×250 mm3, for the evaluation of the flexural strength ffl,b, obtaining
4.8 MPa (CoV = 7%). Finally, also the elastic modulus was determined through cyclic
compression tests [27], resulting to be equal to 6850 MPa (CoV = 3.9%).
Concerning the mortar used in the masonry bed joints, two mortar typologies were adopted
for the construction of the brick masonry panels (M1 and M2). They were pre-mixed natural
hydraulic lime-based mortars and they were subject to standard laboratory tests for the
mechanical characterization [28], obtaining the mechanical properties reported in Table 2 in
terms of compressive strength (fc,m), flexural strength (ffl,m) and elastic modulus (Em).
Table 2: Mechanical properties of the mortars

Mortar
M1
M2

fc,m (MPa)
4.8
2.6

CoV (%)
12
12

ffl,m (MPa)
1.5
1.2

CoV (%)
15
9

Em (MPa)
4590
4250

CoV (%)
17
18

2.2 Strengthening systems and layout
Two different FRCM retrofitting systems were investigated, constituted of bidirectional
symmetrical basalt fiber grids embedded in a natural hydraulic lime-based mortar matrix. The
grids were characterized by different density, equal to 200 g/m2 (B200) and 400 g/m2 (B400),
and equivalent thicknesses equal to 0.032 mm and 0.064 mm, respectively. Pre-mixed natural
hydraulic lime-based mortars were adopted as matrix (M3 and M4), characterized by the
mechanical properties reported in Table 3, evaluated through standard tests [28].
At the beginning of the experimental campaign, the adopted FRCM strengthening systems
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were subject to direct tensile tests in order to evaluate the tensile strength ft,f, the ultimate strain
εu and the fiber elastic modulus Ef. Moreover, direct shear tests [6] were also performed to
determine the bond strength fb,f. The experimental outcomes of tensile and bond tests are
reported in Table 4 and Table 5, respectively.
The efficiency η of the basalt FRCM systems was evaluated as the ratio between the bond
strength and the tensile strength (Table 5): the highest value (91%) was associated to the textile
failure due to fiber rupture (B200), while the lowest value (64%) was observed for the textile
showing a delamination at the matrix-fiber interface (B400).
Table 3: Mechanical properties of the mortar matrices

Mortar
M3
M4

fc,m (MPa)
12.6
13.1

CoV (%)
9
5

ffl,m (MPa)
2.9
3.4

CoV (%)
23
5

Em (MPa)
9100
8675

CoV (%)
14
11

Table 4: FRCM systems: results of the tensile tests

Textile

Fiber type

B200
B400

Basalt grid
Basalt grid

Specimen dimensions
(mm3)
400×40×10
400×40×10

ft,f
(MPa)
1160
960

εu
(%)
2.2
1.1

Ef
(GPa)
76
66

Table 5: FRCM systems: results of the direct shear tests

Textile
B200
B400

Masonry prism
(mm3)
120×120×445
120×120×445

Bonded length
(mm)
345
345

Bonded width
(mm)
50
50

Thickness
(mm)
8
8

fb,f
(MPa)
1060
620

η
(%)
91
64

3 DIAGONAL COMPRESSION (DC) TEST SETUP
The experimental setup used to evaluate the shear capacity of the clay brick masonry walls
was a standard setup, following the indications provided by the ASTM E519 and RILEM
LUMB6 Standards [22,23]. A servo-hydraulic actuator, equipped with a load cell having a
maximum capacity of 500 kN, was used for the application of the diagonal compression
displacement. The tests were, indeed, performed under displacement control with a rate equal
to 0.01 mm/s to analyze both the pre-peak and the post-peak behavior. The diagonal
displacements were measured by four linear potentiometers (50 mm stroke and 1100 mm gage
length), positioned on both sides of the masonry panels along the two principal diagonals. The
setup of the test is shown in Figure 2. In accordance with the elastic solution of a masonry panel
subject to a DC test [29,30], the stress state (σ, τ) in the center of the panel and the masonry
tensile strength ft can be evaluated as:
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σ = 0.56

P
An

(1)

τ = 1.05

P
An

(2)

𝑃𝑃�
An

(3)

ft = 0.5

where P is the diagonal load (Pf at failure) and An is the net area of the wall. In this configuration,
the directions of the principal stresses are known and coincident with the diagonals of the
panels. The shear strain γ can be determined as the sum of the deformations evaluated along the
principal directions (εc and εt), taken as the average between the deformations on the two sides
of the specimen. Considering the tangential stress τ vs shear strain γ diagram, the shear modulus
G can be evaluated as the secant modulus between 1/10 and 1/3 of the maximum tangential
stress.

Figure 2: Diagonal compression (DC) test setup.

4 EXPERIMENTAL RESULTS
The experimental results are presented and discussed in this Section in terms of shear
behavior, shear capacity and failure mode with the objective of discussing the improvements
given by the FRCM composites applied on unreinforced masonry.
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4.1 Failure modes
During the DC tests, two different failure modes occurred, reported in Figure 5. In particular,
the failure modes of the URM panels were characterized by an evident single fracture line along
the compressed diagonal, according to the panel stress state (Figure 5a). The FRCM
strengthened masonry walls, instead, showed a more widespread cracking pattern on the
external surfaces of the reinforcing layers, along the compressed diagonal. With reference to
the failure mode of the FRCM reinforcements, it was noticeable that the B200 basalt grid
(Figure 5b,d) was characterized by partial delamination and rupture of fibers along the cracking
lines (Figure 5f), while the failure of the B400 basalt grid was characterized by delamination
phenomena only. This different behavior can be related to the reduced spacing of the B400 grid,
which did not allow the mortar matrix to properly penetrate within the grid itself. The presence
of the mechanical anchorages did not significantly influence the overall behavior of the samples
in terms of failure mode, but it prevented the grid detachment at the extremities of the wall
panels, which was visible for the samples strengthened without the use of anchorages.

(a)

(b)

(c)

(d)

(e)

(f)

Figure 5: Failure modes in the DC tests: (a) URM panel; (b) B-M1_B200-M3-A; (c) B-M1_B400-M3-A; (d) BM2_B200-M4; (e) B-M2_B400-M4; (f) delamination and rupture of the B200 textile.
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4.2 Shear behavior and capacity of the FRCM strengthened panels
The load vs displacements graphs are reported in Figure 3 and Figure 4 for the B-M1 and BM2 panel series, respectively. A very similar shear behavior was noticed, characterized by an
initial linear branch and a first peak load, followed by a drop in the load bearing capacity and
by a second peak load. From the experimental observations, it can be stated that the reaching
of the first peak load corresponded with the appearance of the first crack in the mortar matrix.
The second peak load, instead, can be associated with the failure of the textiles.
The results of the DC tests are summarized in Table 6, in terms of diagonal load at failure
Pf, strength increment with respect to URM panel, masonry tensile strength ft, shear modulus G
and pseudo-ductility µ. The latter was determined as the ratio between the ultimate shear strain,
taken in correspondence of a 20% reduction in the load bearing capacity after the peak load,
and the shear strain corresponding to the same load value along the initial loading branch.
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Figure 3: DC test results for B-M1 panels: (a) Load vs vertical displacement graph; (b) Load vs horizontal
displacement graph
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Figure 4: DC test results for B-M2 panels: (a) Load vs vertical displacement graph; (b) Load vs horizontal
displacement graph
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Table 6: Diagonal compression test results.

Sample
code
B-M1_URM
B-M2_URM
B-M1_B200-M3-A
B-M2_B200-M4
B-M1_B400-M3-A
B-M2_B400-M4

Pf
(kN)
206.1
183.7
303.7
276.7
318.7
295.8

Strength Increment
(%)
47
51
55
61

τf
(MPa)
0.79
0.64
1.16
0.96
1.22
1.04

ft,M
(MPa)
0.37
0.30
0.55
0.46
0.58
0.49

G1/10-1/3

μ

2660
3056
2649
3216
2810
2705

4.0
4.4
13.9
13.3
10.9
10.9

(MPa)

(-)

With regards to the results obtained for the two URM panels, the differences observed in the
maximum load and, consequently, in the masonry tensile strength, can be associated to the
differences in the mechanical properties of the mortar used for the construction of the panels,
e.g. fc,m(B-M1) > fc,m(B-M2).
With reference to the results obtained for FRCM strengthened samples, it is possible to state
that, for both the masonry typologies, significant strength increments were obtained. In
particular, similar increments were observed for panels strengthened with the same FRCM
system, given that the mortar matrices M3 and M4 were characterized by similar mechanical
properties. It is worth mentioning that the strength increments obtained for the panels
strengthened with the B400 basalt grid were not as high as expected, given that the B400 grid
was characterized by an amount of fibers doubled with respect to the B200 grid. It should be
considered that the efficiency of the B400 textile was significantly lower, as reported in Table
5: the bond strength was approximately equal to half the tensile strength of the B200 grid. This
observation could explain why a similar strength increment was registered in the DC tests for
the panels strengthened with the two FRCM typologies.
The presence of the mechanical anchorages seems not to significantly affect the value of the
first peak load. However, they influenced the behaviour after the first peak. Indeed, the
mechanical anchorages, and generally the fiber grids, started working in the second reloading
branch. More in detail, the panels strengthened making use of anchorages experienced a higher
load increment after the first peak, reaching a second peak load similar or even higher than the
first one.
Values of the shear modulus G for the masonry panels were quite similar, demonstrating that
the structural performances were enhanced by the application of the FRCM retrofitting systems
without considerable changes in terms of stiffness, with values ranging between 2649 and 3216
MPa.
Finally, the displacement capacity of the FRCM strengthened samples was significantly
higher than the one of the URM samples, which experienced a quasi-brittle failure. Quite high
values of the pseudo-ductility factor µ were, indeed, evaluated for all the FRCM strengthened
panels. In particular, similar results were obtained for walls strengthened with the same FRCM
system. The pseudo-ductility was higher for the panels strengthened by the B200 textile, most
probably for the same reasons introduced above: failure mode and efficiency of the grid.
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5 ANALYTICAL FORMULATION
The evaluation of the shear capacity of strengthened walls (τt,r) can be carried out through
the anaytical formulation provided by the Italian CNR Guideline for the design of strengthening
interventions using FRCM systems [31]. The formulation is based on an additive approach,
considering the contributions of unreinforced masonry (τf,URM) and of the dry fibers (τt,f),
according to Equation (4):
τt,r = τf,URM + τt,f = τf,URM +

nf ·tVf ·lf ∙αt ∙ Ef ∙ εfd
γRd ·An

(4)

where τf is here considered equal to the shear strength of the correspondent URM sample, nf is
the number of reinforcing layers, tvf is the textile equivalent thickness, lf is the width of the
FRCM system measured orthogonally to the shear force, αt is a coefficient, equal to 0.8,
accounting for a reduced tensile strength for fibers subjected to shear, Ef is the fiber elastic
modulus, εfd is the design strain of the FRCM system, γRd is a safety factor, considered equal to
1 here, and An is the net area of the panel cross section. In detail, the design strain is considered
equal to the ratio between the bond strength and the elastic modulus Ef of the dry fibers, for the
panels strengthened without using mechanical anchorages, while it is multiplied by 1.5 for the
panels reinforced with mechanical anchorages, to account for intermediate delamination
phenomena.
The analytical and experimental results are compared in Table 7, where the maximum shear
stress obtained in the DC test (τf,Exp) is reported together with the shear capacity of the
strengthened walls, calculated according to Equation (4). The analytical formulation generally
underestimates the experimental outcomes, even if a quite good agreeement can be noticed
between experimental and analytical results. However, it should be mentioned that the proposed
analytical formulation does not take into account the role of the mortar matrix, which was found
to be crucial in the experimental tests. Indeed, especially for the panel series B-M2, the
maximum shear stress was reached in correspondence of the first peak load, related to the
cracking of the mortar matrix and not to the failure of the textile.
Table 7: Shear capacity of FRCM strengthened panels: analytical vs experimental results.

Sample
code
B-M1_B200-M3-A
B-M2_B200-M4
B-M1_B400-M3-A
B-M2_B400-M4

6

τf,URM
(MPa)
0.79
0.64
0.79
0.64

τt,f
(MPa)
0.31
0.21
0.29
0.25

τt,r
(MPa)
1.10
0.85
1.07
0.89

τf,Exp.
(MPa)
1.16
0.96
1.22
1.04

Error
(%)
-5.2
-11.5
-12.3
-14.4

CONCLUSIONS
The present research deals with the study of the shear behavior of FRCM strengthened
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masonry panels through the execution of DC tests. Six masonry panels were built, and two
masonry typologies were considered. Four panels were then strengthened adopting two
different FRCM systems, both characterized by the use of basalt bidirectional grids, having
different densities, and a lime-based mortar matrix. The effect of the presence of mechanical
anchorages on the shear strength of the masonry samples was also analyzed.
The experimental results showed a good efficiency of the strengthening systems, with
strength increments ranging from 47% to 61%, with respect to the URM panels. The presence
of the FRCM systems did not determine significant stiffness increase of the panels but it
influenced their failure mode, which became more ductile if compared to the quasi-brittle
failure of the URM samples. The pseudo-ductility factor was indeed evaluated in the
experimental campaign.
In general, the shear behavior of the FRCM strengthened samples was characterized by a
first peak load, corresponding to the cracking of the mortar matrix, and by a second peak load,
associated to the failure of the textiles. The role of the mortar matrix was highlighted since it
was found to be crucial in the shear behavior of the strengthened panels. The presence of the
mechanical anchorages seemed not to significantly affect the failure mode of the panels and the
value of the first peak load. However, the anchorages allowed the textile to better redistribute
the tensile stresses and determined a higher load increment after the drop in the load bearing
capacity following the first peak load.
A comparison between the experimental results and the analytical formulation provided by
the Italian CNR Guideline was carried out, showing a quite good agreement. In particular, the
analytical results tended to underestimate the experimental ones. In general, it should be
mentioned that the important role of the mortar matrix is not taken into account by the available
analytical formulation. Further experimental results are needed to better analyze the matrix
contribution and maybe include it in an alternative analytical approach.
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Abstract. This paper presents the first results of an ongoing research in partnership with Kimia
S.p.A. company (Italy). In particular, experimental tests on masonry specimens reinforced with
Fiber Reinforced Cementitious Matrix (FRCM) have been recently conducted by Kimia
according to the up-to date guidelines: specifically the single-lap shear test. On the base of the
experimental results, a finite element model has been developed in order to reproduce the
actual behaviour of the specimens. The results, derived both by the experimental tests and the
FE model calibration, constitute the basis for planning an experimental campaign on masonry
walls strengthened by FRCM loaded in the plane. The constructive details of the experimental
set-up, conceived in order to create a self-balanced system and to bring the specimens to
failure, are described together with a preliminary numerical modeling based on the already
done test.
1

INTRODUCTION

It is well known that the level of knowledge and the in-depth investigations regarding ancient
masonry buildings are the mandatory conditions on which to base reliable structural safety
assessments. Those evaluations derive from an articulated and rather complex process
including, in general, historical investigations gathered by direct surveys of the building, also
by means of experimental campaigns. In order to assess the vulnerability condition of a
structure, the correct interpretation of the seismic behaviour in its current state is essential,
especially when dealing with historical constructions built with masonry elements often
characterized by structural peculiarities. Possible interventions for structural strengthening
derive from the knowledge of the constructive properties and the peculiarities of the buildings.
The conceiving of such design actions must prevent the occurrence of damages related to the
artifact’s survival without jeopardize the role and the meaning they stood for during the
centuries.
Nowadays new reinforcement methodologies are including the use of FRCM composite
materials that allow to fulfill the strengthening of ancient masonry structures in compliance
with the environmental, cultural and social context where the buildings are placed. The FRCM
composite system offers multiple benefits with respect to other composites or traditional
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reinforced plasters:
• good mechanical properties;
• reduced thickness (minor than 3 cm);
• easy installation thanks to the lightness of the mesh and the building work modalities
(e.g. FRP);
• reversibility of the intervention, being the inorganic mortar less aggressive than the
epoxy resins used in other composite materials;
• good performance against fire (resulting in part from their inherent non-combustibility);
• possible recyclability of the natural origin nets in function of the characteristics of the
matrix.
Even if some guidelines about the design rules have been proposed for the application of such
composite [1], the definition of effective numerical strategies is still an open issue, due to the
complexity of the interactions among fiber, matrix and masonry, requiring further studies with
special attention peculiar applications. Some recent contribution can be found in literature about
it based on numerical and/or analytical models [2, 3],
In a previous research, this new-gen. structural reinforcement has been proposed in relation
to the structural strengthening of the Vanvitellian Palazzo Murena [4], actual headquarters of
the University of Perugia. In this framework, indeed, the peculiar feature of the “in falso”
bearing walls, masonry panels built without a direct load path to the ground and laying on the
below vaults, has been highlighted as a recurrent circumstance in Italian Renaissance
architecture and marked as a possible risk factor, Fig. 1.

Figure 1: Cross-section of Palazzo Murena, in red are highlighted some of the “in falso” walls

That occurrence, in case of seismic action, could trigger a sort of domino effect, due to possible
collapse of the underlying masonry vaults, then compromising the safety of the entire structure.
In the perspective of its strengthening, the design of interventions has been necessary to act in
compliance with the valuable elements of the building such as marble floors and precious
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stuccos, without further increasing the existing structures with the weight of additional noncanonical gears, if compared to the structural genesis of the building. In this context, the
reinforcement of the masonry walls through FRCM appears an adequate solution.
This composite system proved many applications in relation to masonry structures and in
literature there are several experimental studies [5- 8] carried out on elements reinforced with
FRCM systems, as well as modeling strategies primarily based on the finite element methods
[2, 3]. However, it should be noted that the investigation for the mechanical behaviour of the
proposed application (wall beam) is not adequately investigated.
In order to improve the knowledge about such a technology and its application, an
experimental campaign, has been started in partnership with Kimia S.p.a.to evaluate the
effectiveness of the applications of FRCM to masonry walls regarding the prevention of inplane collapse.
2

EXPERIMENTAL INVESTIGATIONS

The research program consists in experimental tests to assess the mechanical characteristics
of the materials and the composite, and the development of numerical strategies able to
reproduce the behaviour of the structural system. In this chapter are partially reported the first
tests recently conducted by Kimia S.p.a. company for the preliminary characterization of such
composite materials at the mesoscale level. The results have been used to calibrate a numerical
model described in the following.
2.1 Single-lap shear test
According to the specific guidelines provided by the Reluis [9] single-lap shear tests have been
conducted on rectangular walls samples reinforced with FRCM, which geometrical
characteristics are reported in Tab. 1. Concerning the composite materials, the fiber net
Kimitech BS ST 200 and the matrix MALTA M15/F have been used; the nominal mechanical
properties are reported for the net in Tab. 2, and in Tab. 3 for the masonry. The test method
(also called bond test) consists in applying increasing shear forces between the composite and
the support in order to assess the quality of the bonding and of the interaction between the fiber
and the matrix.
The sample’s preparation required:
• the cleaning of the surface of the masonries substrate and its saturation and wetting
(condition s.s.a.);
• application of a first layer of mortar Basic MALTA M15/F;
• positioning of the fiber net Kimitech BS ST 200;
• application of a second layer of mortar Basic MALTA M15/F. After the curing period
(at least 28 days) the traction device installation procedures were carried out, Fig. 2;
• the specimen is positioned vertically in a steel support, with a free portion of the fiber
net, of a length in the range between 221 and 245 mm, facing downwards and secured
in a vice;
• a mechanic vice keeps the mesh tab stationary, while the crossbar of the test machine
goes up, and therefore the reinforced wall, pulling the fiber and engaging the
reinforcement with a shear actions.
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Table 1: Geometric features of the reinforcemnt net samples: B [mm] the witdh, L [mm] the total length, Le
[mm] the effective length, Lf [mm] the free length, T [mm] the thichness, M [mm x mm] the network sizes, Lt
[mm] the reiforcement net witdh, N the number of yarns

Fiber

B

Lf

Le

Lf

T

M

Lt

N

B_01

153,3 305,0 300,0 254,0 10,00 20x20 135,0

7

B_01

156,6 308,0 302,0 220,6 10,00 20x20 135,0

7

B_03

154,0 307,0 304,0 245,3 10,00 20x20 135,0

7

(a)

(b)

Figure 2: Sample’s preparation: a) Application of the fiber net on the first layer of matrix, b) Fulfilment of
the implementation with the second mortar layer according to a reference thickness
Table 2: Mechanical properties of the basaltic fiber: Te [mm] the equivalent thichness, Q [N/mm] tensile
breaking load of the warp, E [GPa] elastic modulus, ε strain, G [kg/m2] grammage, D [kg/m3] density, σu [MPa]
ultimate tensile strength

Fiber Texture
B

bidir.

Te

Q

0,035 78

E

ε

89 ±2 <8

G

D

σu

0,24

2670

3100

Table 3: Mechanical properties of the matrix

Element

Material

Mortar Matrix

Lime
inorganic
mortar
M15/F

Particle
size
distribution
maximum
1,20 mm

Compression
strength
[MPa]
at 7 dd >9
at 14 dd >12
at 28 dd >15
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Bending
strength
[MPa]
at 7 dd >3,8
at 14 dd >3,9
at 28 dd >4

Shear
strength
[MPa]
0,15
(with
masonries
- EN 711)

E
[MPa]
9600

R. Liberotti, N. Cavalagli and V. Gusella

(a)

(b)

(c)

Figure 3: Experimental set-up: a) Testing machine, b) Detail of the pulling vice with the location of one LVDT
sensor on the net, c) Cracks’ appearance on the external layer of the matrix of one of the samples

Fig. 3 illustrates the experimental set-up carried out through a universal testing machine, on
which the installation of LVDTs allowed to obtain the displacement describing the progressive
shear failure of the composite. In the present paper the data related to a sensor located at the
lower side of the sample are reported, in particular the one attached to the net (Fig. 3 b), with
respect to three tests (Tab. 4).
Two tests (Test 01 and Test 02, Fig. 4) have been characterized by the breaking of the fiber
while the sample (Test 03, Fig. 4) failed according to a mixed collapse mode. For all the tests
the maximum resistance corresponds to the breaking of the fiber within the reinforcement
(Failure Mode - FM F – Fig. 4) and with specific reference to third test this condition is preceded
by a matrix-substrate detachment to which subsequently followed a break of the fabric on the
free scrap; indeed, the matrix-substrate detachment is the cause of the observed ductility
(Failure Mode – FM (B/E) F – Fig. 4b). The elaboration of the data gathered by the experimental
observation permitted to create a load-displacement diagram for FRCM with basaltic fibers in
relation the failure modes reported by the guidelines [9], Fig. 4.
Table 4: Experimental tests’ data

Test 01

Fiber
resistant area
[mm2]
5,37

Test 02

5,48

5,93

1081,46

F

81

Test 03

5,39

6,79

1259,74

(B/E) F

129

Maximum Maximum
Load
stress
[kN]
[MPa]
6,48
1207,45
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Mode
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F

Age of
testing
[dd]
74
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(a)

(b)
Figure 4: Experimental outcomes: a) Load-displacement diagram for FRCM with basaltic fibers, b) FRCM
failure modes (FM) for single-lap shear tests [1]

3

NUMERICAL MODELLING OF THE SINGLE-LAP SHEAR TEST
In order to describe the mechanical behaviour of the FRCM strengthening system, a
preliminary FE numerical modelling has been developed aiming at reproducing the
experimental tests.
The elements that make up the specimens have been modeled as follows:
• bricks, mortar M10 (masonry joints) and mortar M15 (matrix) with 8-node solid
elements:
• the fiber basaltic net (20x20 mm mesh) with 2-nodes linear elements.
Internal constraints have been applied between the mortar joints and bricks, and between the
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wallet and matrix, preventing any relative displacement. In this way, the interaction between
the matrix and the support has been condensed in the nonlinear behaviour of the matrix itself.
Similar kinematic constraints have been applied for the interaction between the matrix and the
fiber, which lies embedded into the matrix layers. In relation to the external constraint, in order
to reproduce the test modalities, the end portion of net free from matrix has been completely
constrained while to one of the terminal surfaces of the masonry wallet incremental
displacements has been imposed, Fig. 5.

(a)

(b)

Figure 5: a) External constraints; b) Modeling hypothesis

In order to better reproduce the response of the composite (Fig. 6) different models for all
the materials composing the sample have been calibrated, especially in the post-peak behaviour,
being some mechanical properties known in their nominal values, provided by the Kimia
company. Following the approach proposed by [2] an elastic-plastic model with softening has
been used for the fiber net, while a concrete model for bricks, mortar joints and the matrix. For
the matrix also a tension damage model has been used to describe the evolution of damage
observed during the test.
In addition, with the aim of evaluating the effect of each parameter on the structural response,
a sensitivity analysis has been carried out by varying the mechanical parameters which
significantly affect the response of the specific problem analyzed. Two analyses (FEM_Test_01
and FEM_Test_02) have been conducted in order to simulate the structural behaviour of Test
01 and Test 02; the first has been calibrated in total agreement with the nominal mechanical
values and integrated with literature parameters, while the second with reduced stiffness values
compared to the nominal ones, Tab. 5-6.
With the aim of further describe the damage behaviour, expressed contextually to Test 03,
the damage for mortar matrix has been introduced according to the literature data [8] and the
observations gathered by the experimental tests. Also in this case a sensitivity analysis has been
carried out, in order to evaluate the influence of the nonlinear and damage parameter on the
numerical response. Two models have been considered, FEM_Test_03 and FEM_Test_04
which differ in the mechanical properties according the values reported in Tabs. 7-8.
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(a)

(b)

(c)
Figure 6: Constitutive laws in tension used for the constituent materials in terms of σ (stress) [kN/m2] and ε
(strain): a) Basaltic fiber, b) Dash-dotted line bricks, straight-mortar M10; c) inorganic matrix M15
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Table 5: Mechanical properties for the FE modelling: ρ [t/m3] the mass density, E [KN/m2] the Young’s
modulus, ν the poisson’s ratio, θ [°] the dilatation angle, e [KN/m2] the eccentricity, fb0/fc0 the ratio of initial
equibiaxial compressive yield stress to initial uniaxial compressive yield stress; k the ratio of the second stress
invariant on the tensile meridian to that on the compressive meridian

ν
0,1

θ
10

e
0,1

fb0/fc0
1,16

K
0,667

1,85 1,06x107 0,2
1,9 1,06x107 0,2
2,67 8,9x107 0,26

10
10
-

0,1
0,1
-

1,16
1,16
-

0,667
0,667
-

Material

ρ

Brick

1,7

Mortar M10
Matrix M15
Basaltic net

E
8x106

Table 6: Mechanical properties used in FEM_Test_01 and FEM_Test_02 regarding the nonlinear characteristics
of the concrete model. The Yield stress and the Displecemtent are reported respectively in [kN/m2] and in [m].
Between brackets are indicated the values used in FEM_Test_02

Compression hardening
Material
Brick
Mortar M10
Matrix M15

Yield
stress
1000
10
6000
60
9000
15000

Cracking
strain
0
0,0085
0
0,017
0
0,0067

20000
12600
90

0,0026
0,01185
0,017

Tension stiffening
Yield
stress
350
1,3
50 (20)
1,6
50 (20)
1,6

Strain
or *Displ.
0
0,000325
0
0,00064
*0
*0,00224
(0.0005)

The outcomes (Fig. 7) revealed to be promising and quite consistent to the conducted
experimental tests, also with respect to the collapse modes observed during the third one;
anyway a better description of the progressive damage of such composite can be obtained
through the characterization of the interfaces between the matrix and support.
Table 7: Mechanical properties used in the FEM_Test_03 and FEM_Test_04 (same units of measure of Tab.
5) regarding the elastoplastic behaviour for the numerical models with damage parameter matrix. Between
brackets are indicated the values used in FEM_Test_03

θ
10

e
0,1

fb0/fc0
1,16

K
0,667

1,85 (1,06x107) 0,2 10
1,5x107
1,9 (1,06x107) 0,2 10
1,5x107
2,67 8,9x107 0,26 -

0,1

1,16

0,667

0,1

1,16

0,667

-

-

-

Material

ρ

Brick

1,7

Mortar M10
Matrix M15
Basaltic net

E
1.5x106

ν
0,1
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Table 8: Mechanical propertiesused in the FEM_Test_03 and FEM_Test_04 (same units of measure of Tab.
6) regarding the concrete damage model. Between brackets are indicated the values used in FEM_Test_03

Compression hardening
Material
Brick
Mortar M10
Matrix M15

Yield
stress
1000
10
3000
30
3000
5000

Cracking
strain
0
0,0085
0
0,0017
0
0,0067

4200
30

0,01185
0,017

Tension stiffening
Yeld
stress
40
1,3
60
1,6
(80) 60
1,6

(a)

Displ.
0
0,000325
0
0,00032
0
(0,001)
0,00024

Tension damage
Damage
parameter

Strain
or *Displ.

0
0,8

*0
(*0,001)
0,00024

(b)

(c)
Figure 7: Comparisons between experimental and numerical outcomes. a) Models without damage parameters;
respectively in red and orange lines FEM_Test 01 and FEM_Test 02 with respect to Tabs. 5-6; b) Models with
tension damage model in the matrix, respectively in light-blue and blue lines FEM_Test 03 and FEM_Test 04
with respect to Tabs. 7-8; c) Progressive increasing of the damage pattern in the inorganic matrix (in red the
most damaged areas)
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4 DESIGN AND PROCEDURE FOR THE EXPERIMENTAL CAMPAIGN ON
MASONRY WALLS
The final aim of the experimental campaign planned in partnership with Kimia S.p.a. is to
evaluate the incidence of the application of those new-gen composite materials regarding the
prevention of the dangerous in plane wall’s collapse. On this, a specific set-up has been
designed in order to engage life-sized unreinforced and reinforced masonry walls with action
similar to the ones ascribed to the condition of “in falso” walls. The tests will be conducted on
three rectangular walls samples characterized by the same start traits about geometry features,
masonry texture and material’s mechanical properties: the first one in unreinforced masonry,
the second enhanced by a widespread application of the composite material and the last
presenting a FRCM strips of in order to configures as a truss beam. Also the experimental setup
in terms of loads’ application and constraint modalities were equal. With the aim of bringing
the specimens to failure, a steel contrast system has been designed to make a self-balanced
assembly and the respective breaking loads were applied by mean of a hydraulic flat jack.
Furthermore, a monitoring system has been to record the increasing of the applied load and the
structures’ deformations in relation to the duration of the tests which had as a final moment the
complete breaking of the masonry panels, Fig. 8. In addition, the breaking load will be also
evaluated in relation to increasing of cracking pattern, (given the presence of the plaster)
surveyed thanks to the use of a thermal camera combined with a previously implemented postprocessing algorithm aimed at the wall texture damage analysis [10, 11].

Figure 8: Design details of the steel contrast frame conceived for the near-future experimental campaign

5

CONCLUSIONS
-

The results have clarified the experimental behaviour of the FRCM systems, in good
compliance with the one of this preliminary numerical modeling referred to the
nominal mechanical characteristics of two different materials composing such
composite;
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-

The topic of this ongoing research is to create a model inclusive of the interface
between net and matrix in order to replicate the complex failure modes;
The just planned experimental campaign will be useful to correlate the in-work
implementation, time and the skills required for their fulfillment, to the mechanic
behaviour of such composite material with respect to the strengthening of masonry
walls; subsequently the collected data will be used for a more in deep calibration of a
numerical model.
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Abstract. The study presents an assessment of externally bonded Fibre-Reinforced
GeoPolymers (FRGPs) as strengthening material for masonry structures. Thanks to
their tailored chemical and mechanical characteristics, geopolymer matrices can fulfil the
restoration criteria for Built Heritage (BH) with the benefit of heat-resistant performances
better than those of organic and inorganic matrices used in Externally Bonded FibreReinforced Polymers (EB-FRP) and Fabric-Reinforced Cementitious Matrix (FRCM)
materials, respectively. This work is built on the outcomes of a previous investigation that
proved the suitability of the developed geopolymer matrix for applications on clay bricks,
revealing a good adhesion to masonry substrates and to embedded reinforcements. The
behaviour of three FRGPs, including either a bi-directional basalt mesh, a bi-directional
carbon mesh or a unidirectional Ultra High Strength Steel (UHSS) fabric, was explored
by means of local tests on masonry sub-assemblages made of soft-mud clay bricks and
hydraulic lime mortar. In overall, 9 single-lap shear tests on single bricks with a bonded
length of 200 mm and 9 three-point bending tests on 2-brick slices, connected by a mortar
joint and reinforced at the bottom face, were carried out. Lastly, the behaviour in alkaline
environments of each reinforcement was investigated through tensile tests on coupons
immersed for 28 days in alkaline solutions simulating the conditions of the geopolimeric
matrices. Results confirmed the interesting potential of FRGPs for strengthening
masonry elements, highlighting a good performance of steel and carbon
reinforcements. On the other hand, precautions should be taken with basalt meshes that,
as expected, were more sensitive to alkaline environments.
1

INTRODUCTION
Existing masonry buildings and Built Heritage (BH) require a permanent maintenance
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process to withstand the effects of hazardous natural events and mitigate their effects. This can
be accomplished by devoted activities of restoration and structural repair adopting traditional
and innovative materials and intervention techniques [1–3]. In the last three decades, the use of
Externally Bonded Fibre Reinforced Polymers (EB-FRPs) has grown to be one of the reference
interventions for existing buildings and for BH [4–6]. The main advantages of EB-FRPs that
fostered their widespread application on existing structures, including also those belonging to
the BH, are for instance: their ease and flexibility of application, their fast curing and the related
ability in carrying tensile stresses in few hours or days, low weight in comparison to many
traditional materials (e.g. steel rods/plates), the high tensile strength and stiffness-to-weight
ratio, enhanced fatigue and endurance in aggressive environments [3,5,7]. Nevertheless, FRPs
have some compatibility and removability issues with existing and BH masonry structures,
mainly due to the adoption of organic matrices [3,8]. In the last decade, research has
investigated the replacement of organic (e.g. epoxy) with inorganic matrices made of cement
or lime-based mortars [9–13]. The combination of fibres, usually in the form of meshes, with
inorganic matrices is currently often labelled with the acronym of Fibre Reinforced
Cementitious Matrix (FRCM) [14,15], acronym that also covers for cement-free matrices,
while in several former publications the acronym Textile Reinforced Mortars (TRM) was
used [3,11,13]. Advantages of FRCMs over FRPs include: better compatibility with masonry
substrates and traditional craftsmanship, reversibility, better behaviour under high temperatures
and lack of toxic vapours in case of fire, resistance to Ultra-Violet (UV) radiation, water-vapour
permeability, applicability over moist substrates, greater deformability and potential lower
cost [3,6,8,12,13]. Moreover, inorganic matrices appear particularly suitable for applications to
masonry structures, where the bond strength of epoxy matrices can hardly be entirely used due
to the inherent mechanical characteristics of the substrate, and for a better compliance with
restoration criteria, especially when cement-free matrices are adopted [3,6,12,13].
Nevertheless, traditional lime-based inorganic mortars compatible with BH often show low
adhesion to masonry substrates and between the FRCM layers [3,6,13]. To overcome this issue,
geopolymers were studied as possible efficient and compatible inorganic matrices for existing
masonry substrates and BH [16]. Indeed, geopolymer can meet the dedicated restoration
requirements of BH, thanks to their typical chemical composition and porosity which are similar
to that of clay bricks [16], while delivering physico-mechanical performances exceeding those
of the best inorganic matrices used in FRCMs [16,17].
Geopolymers are relatively recent and emerging inorganic cement-free binders that present
a combination of the best characteristics of ceramic and cement-based materials [16,17].
Moreover, they have a clear advantage over EB-FRPs and FRCMs as non-inflammable and
heat-resistant matrices for inorganic composites designed to reach temperatures of
1000°C [16,18]. Geopolymers are inorganic quasi-fragile materials produced from
aluminosilicates typically activated with alkali hydroxide and/or alkali silicate solutions
[16,17]. Several aluminosilicate or calcium-aluminosilicate raw materials can be used, such as
dehydroxylated aluminosilicate clay mineral (e.g. metakaolin) and industrial by-products
resulting from high temperature processes such as fly ash or ground blast furnace slag, among
others [17]. They are also materials suitable for a greener economy, since they can be derived
from by-products or from the recycling of industrial waste materials, and they can be produced
with up to ten times lower CO₂ emission than Portland cement [17,19]. Geopolymer grouts and
mortars can be obtained by charging the geopolymer binder with sand or fine
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aggregates [16,17].
Fibre Reinforced GeoPolymer (FRGP) is the combination of a geopolymer grout with fibre
meshes or fabrics, similarly to Fibre Reinforced Cementitious Matrix (FRCM) [16]. Several
studies were done on geopolymer fibre composites as final product made with both short
fibres [20–22] and multiple laminated layers of fabrics [18,23,24], fewer investigations exist on
FRGPs for retrofitting structural elements, and most investigations focused on strengthening
Reinforced Concrete (RC) beams [25–28]. Whereas, very little contributions on the use of
FRGPs as strengthening materials for existing masonry structures are present [16,29]. The
mechanical models and the design procedures available for FRCMs [14,15,30,31] can be
adopted owing to the inherent quasi-fragile behaviour of the geopolymeric matrix. Lastly, for a
successful application of FRPs, their durability should be evaluated. Geopolymers have already
shown good resistance towards acid and alkaline environments [16,17]. Therefore, the main
durability issue is connected to the endurance of the fibres when embedded in a geopolymeric
matrix, which provide an alkaline environment that might result corrosive for certain
reinforcements as glass or basalt fibres [32,33]. Indeed, this is a common issue for the glass
fibre laths embedded in lime or cement plasters and for any fibre mesh embedded in the
cementitious matrices of FRCMs [34].
In this framework, the behaviour of three FRGPs was explored by means of local tests on
masonry sub-assemblages made of soft-mud clay bricks and hydraulic lime mortar. The three
FRGPs embedded a bi-directional basalt mesh, a bi-directional carbon mesh and a
unidirectional Ultra High Strength Steel (UHSS) fabric, respectively. In total, 9 single-lap shear
tests on single bricks with a bonded length of 200 mm and 9 three-point bending tests on 2brick slices, connected by a mortar joint and reinforced at the bottom face, were carried out to
evaluate the bond behaviour and the flexural strengthening performances of the three FRGPs.
Lastly, the behaviour in alkaline environments of each reinforcement was studied through
tensile tests on coupons immersed for 28 days in alkaline solutions, tentatively simulating the
pore solution of the geopolymeric matrices.
In this paper, the experimental results about the materials, the durability, the bond behaviour
and the flexural behaviour of the strengthened masonry sub-assemblages are presented and
discussed. Results confirmed the untapped and interesting potential of FRGPs as strengthening
materials, highlighting a good performance of steel and carbon reinforcements. On the other
hand, precautions should be taken with un-sized basalt meshes that, as expected, were more
sensitive to alkaline environments.
2

MATERIALS AND METHODS

Low-strength 250 × 120 × 55 mm³ soft mud clay bricks, intended to simulate a typical
historical masonry unit, were adopted. Their average performance (coefficient of variation –
CoV – in brackets) was 17.7 N/mm² (6.2%) in compression and 4.43 N/mm² (10.3%) in
bending [35], whereas their apparent density was 1.63·10³ kg/m³ (1.0%).
The mortar forming the joint of the 2-brick slice bending specimens was a commercially
available pre-mixed cement-free pozzolana lime mortar with siliceous sand aggregates,
category M15 according to Eurocode 6 [36], with a 28-day average strength of 14.7 N/mm²
(2.5%) measured according to standard EN 1015-11 [37].
The geopolymer matrix, extensively described in [16], was prepared with metakaolin and
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ground granulated furnace slag as solid precursors, and sodium silicate with molar ratio
SiO₂/Na₂O of 1.5 and concentration of 41.3% as liquid activator. The binder embedded fine
siliceous sand and wollastonite as inorganic aggregates, resulting in a grout with density of
2.0·10³ kg/m³ (1.0%), after hardening. The cylinder compressive strength was 44.6 N/mm²
(3.0%) and the splitting resistance was 4.4 N/mm² (7.1%) in average, measured on cylindrical
specimens with diameter of 35 mm and aspect ratio of 2.
The geopolymer matrix was coupled with 3 types of fibre reinforcements, either a
unidirectional steel fabric or two balanced bidirectional fibre meshes, i.e. carbon or basalt, thus
generating three Fibre-Reinforced GeoPolymers (FRGP).
The unidirectional steel fabric (STL) was composed by Ultra High Strength Steel (UHSS)
strands, mounted on a mesh support, approximately 6 mm spaced apart. The datasheet reports
a characteristic tensile strength of 3070 N/mm², an average elastic modulus of 190·10³ N/mm²
and an equivalent thickness of 0.075 mm.
The carbon reinforcement (CAR) was a bidirectional balanced mesh made of uncoated yarns,
having a centre-to-centre spacing of about 9 mm, with a surface density of 200 g/m². It has a
characteristic tensile strength of 2500 N/mm², an average elastic modulus of 230·10³ N/mm²
and an equivalent thickness of 0.048 mm, according to its technical datasheet.
The basalt reinforcement (BAS) was a bidirectional balanced mesh made of un-sized yarns,
having a centre-to-centre spacing of about 8 mm, with a surface density of 300 g/m². It has a
characteristic tensile strength of 1735 N/mm², an average elastic modulus of 90·10³ N/mm² and
an equivalent thickness of 0.053 mm, according to its technical datasheet.
The experimental program herein presented envisaged 3 types of tests, specifically: (i) direct
tensile tests carried out on coupons of fibres, either in pristine state or subjected to a 28-day
conditioning in 3 different alkaline solutions; (ii) single-lap shear tests performed on FRGPs
longitudinally applied to single bricks; and (iii) 3-point bending tests executed on specimens
made of 2-brick slices bonded by a mortar joint, either unreinforced or with the FRGP applied
to the bottom surface.
2.1 Tensile tests on fabric coupons
Either single strand, in the case of steel, or 2-yarns coupons, in the case of carbon and basalt,
were tested in tension in a 25 kN electro-mechanic universal machine. Specimens were 380 mm
long to allow a free length of about 280 mm after the application at each end of 2 aluminium
tabs (or sleeves in the case of steel) 50 mm long, glued with epoxy resin, which were clamped
by the test machine. Carbon and basalt yarns were impregnated with a small amount of epoxy
resin to load uniformly the yarns and obtaining the full resistance of the mesh, thus preventing
or limiting possible uneven distribution of stresses inside the reinforcement.
Tests were carried out either on pristine samples of reinforcements (C0 condition) or on
fibres immersed for 28 days in 3 alkaline solutions to investigate their possible degradation in
environments simulating the possible pore solution of the geopolymer matrix. C1 consisted in
a 5% aqueous solution of NaOH (corresponding to 1.25M), as provided by the standard
ASTM E2098/E2098M [38]. Aqueous solutions of either sodium (the same used as binder
activator) or potassium silicate were adopted for C2 and C3. The formulation of the potassium
silicate had a molar ratio SiO₂/K₂O ~ 1.5, equal to the silica/sodium one, with a solid matter
concentration of 46.0%. Silicates were dissolved in water to achieve the same concentration of
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Na (or K) atoms of the C1 solution. At least 4 samples for each type of reinforcement and
conditioning solution were tested. After the immersion, fibres were rinsed and dried to measure
the weight loss by means of an analytical balance.

(a)

(b)

(c)

Figure 1: Samples of steel (a) and basalt (b) reinforcement for tensile tests, and a coupon ready for testing (c)

2.2 Single-lap shear tests
Specimens consisted in a single brick with the FRGP applied longitudinally onto the wider
surface (Fig. 2a) with a bonded area 200 mm long and 60 mm wide, delimited by masking tape
during casting. A protruding portion extending for about 220 mm beyond the edge of the brick
was used for the connection to the test machine. The reinforcement was embedded inside the
geopolymer matrix for the whole length, except in the case of steel strands that were kept bare
beyond the edge of the brick. The area of the reinforcement varied according to the type, since
the FRGP included either 8 steel strands, 5 carbon or 7 basalt yarns to achieve the desired width.
The test setup (Fig. 2b), designed for a universal electro-mechanic machine, was the same
already adopted in several former researches [6,39]. It consisted in two steel plates 50 mm thick
connected by 4 threaded bars, two of which fastened to the bottom head of the test machine.
The specimen was inserted between those plates, taking care to alignments and contacts, and
the protruding reinforcement was glued with quick setting resin to a steel part connected to the
upper head of the test machine by means of a ball joint. Four potentiometers were used to
monitor displacements, two positioned at the beginning of the bonded length, one in the middle
and one at the unloaded end of the FRGP. Tests were carried out in displacement control, with
a rate of the movable loading beam progressively incremented from 0.3 mm/min to 1.2 mm/min
in the last stages of the tests. Load and displacement values were recorded by an external
acquisition system at 10 Hz.
Three specimens per type of reinforcement were tested, for overall of 9 samples.
2.3 Bending tests on 2-brick specimens
Three-point bending tests were carried out on specimens made of 2 slices, about 32 mm
thick, cut from single bricks. Those slices were longitudinally aligned and connected by a
10 mm mortar joint, thus obtaining samples approximately 510 mm long (Fig. 3a).
Subsequently, the FRGP was centrally applied to the bottom side, extending for about 330 mm.
The reinforcement comprised 3 strands or yarns for each type of fibre. The geometry of the
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specimens was a trade-off between representativeness and materials availability.
A 50 kN electro-mechanic universal machine equipped with a commercial setup for bending
(Fig. 3) was used. The span between the bottom supports was 380 mm, slightly greater than the
length of the FRGP. Contacts between sample and steel supports were improved by small
rubber inserts. Tests were carried out in displacement control, with a rate of the movable loading
beam of 0.5 mm/min. Load and displacements were recorded by the embedded data acquisition
of the universal machine.
Three specimens per type of reinforcement were tested, for overall 9 samples. In addition, 3
unreinforced specimens were tested twice at 0.1 mm/min with a 2.5 kN load cell, repairing the
failed joint with epoxy resin and testing again the same specimen to measure also the resistance
of the strongest mortar-to-brick interface.

(a)

(b)

Figure 2: Sketch of a shear test specimen with dimensions in mm (a) and sample ready for testing (b)

(a)

(b)

Figure 3: Sketch of a 3-point bending specimen, with dimensions in mm (a) and sample ready for testing (b)

3

RESULTS AND DISCUSSION

3.1 Tensile tests on fabric coupons
Failure was generally as expected, with a fibre tensile rupture localised inside the free length
between the anchoring, in some cases close to the tabs. Although few specimens showed an
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irregular failure, due to slippage problems at the connection with the test machine or to an
imperfect alignment, at least 4 suitable results were included in calculations.
The average tensile strengths ft,avg, grouped by fibre and conditioning type, are listed in
Table 1 together with their coefficient of variation (CoV). Measured values of weight loss are
shown in Figure 4a, whereas tensile strength retentions are shown in Figure 4b.
Steel strands were substantially not affected by the alkaline environment, with a strength
loss always lower than 3% that can be considered within a common experimental variability,
despite a weight loss that exceeded 3% in two cases, probably due to the loss of the protecting
coating without impairing the resisting cross-section. Carbon fibres presented a strength
retention of about 93% in sodium hydroxide and sodium silicate solutions and were slightly
more sensitive to potassium silicate solutions as proved by a lower strength retention of about
86%. Conversely, they showed the lowest values of weight loss of about 0.2–0.3%. Finally, as
expected, the un-sized basal fibres showed the worst degradation, with a strength loss of about
25% in silicate solutions and 45% in sodium hydroxide solution, with a weight loss comprised
between 0.7–1.9% (the lowest was measured in NaOH). Strength conversion coefficients for
aggressive environments proposed by the Italian guidelines CNR DT200R1 [40] (0.85 for
carbon and 0.50 for glass fibres) and CNR DT215 [15] (0.70 regardless of the fibres type),
compared to the present experimental results, appear reasonably close where applicable. As
observed in [32], there is no apparent correlation between weight loss and strength retention.

(a)

(b)

Figure 4: Weight loss (a) and tensile strength retention (b) measured on conditioned fibres
Table 1: average tensile strength in pristine condition (C0) and after treatment in alkalis, with CoV in brackets

Specimen
STL
CAR
BAS

C0 – ft,avg
N/mm²
3125 (0.5%)
2854 (7.9%)
1845 (3.2%)

C1 – ft,avg
N/mm²
3033 (2.4%)
2675 (9.7%)
1013 (6.3%)

C2 – ft,avg
N/mm²
3053 (1.9%)
2663 (4.3%)
1367 (7.5%)

C3 – ft,avg
N/mm²
3086 (0.7%)
2464 (9.7%)
1434 (6.8%)

3.2 Single-lap shear tests
Failures were substantially different for each type of FRGP. Steel strands failed in tension
in 2 specimens (Fig. 5a), while in one case a partial debonding, about 2/3 of the bonded length,
occurred (Fig. 5b). Carbon yarns generally slipped inside the matrix (Fig. 5c), with minor signs

2570

Enrico Garbin, Matteo Panizza, Sergio Tamburini, Marco Natali, and Gilberto Artioli

of tensile failure in the most external fibrils and several cracks in the protruding FRGP, about
25-30 mm spaced apart. On the other hand, basalt yarns showed a rather clear tensile rupture
with no remarkable sign of slippage (Fig. 5d).
Results, in terms of failure mode, maximum load Pmax and maximum stress σmax, are given
in Table 2, together with the exploitation coefficient ηST calculated as the ratio of σmax and the
fibre tensile strength ft,avg measured in pristine conditions (C0). As expected, the effectiveness
of the FRGP was in all cases lower than 1, confirming that shear tests, although excluding bond
failures, cannot achieve the reference strength of the fibre reinforcements when embedded in
inorganic matrices. Nonetheless, in the case of steel, the exploitation was not lower than 0.8,
thus suggesting that steel strands are less sensitive to this type of test. Carbon fibres slipped at
values comprised between 0.41 and 0.47, while basalt failed at 0.23 and 0.32, cracked specimen
excluded. Similar exploitation coefficient ηST are currently obtained for optimal FRCM
systems [6,12,13,34].

(a)

(b)

(c)

(d)

Figure 5: Failure modes of shear tests: (a) tensile failure and (b) partial debonding of steel FRGP; (c) slippage of
carbon fibres and diffuse cracking of the matrix; and (d) tensile failure of basalt mesh
Table 2: results of single-lap shear tests

σmax
Pmax
ηST
N
N/mm²
ST-STL-1 tensile break
12764
2966 0.95
ST-STL-2 debonding
9214
2141 0.69
ST-STL-3 tensile break
10678
2481 0.79
ST-CAR-1 tensile break/slippage 3271
1140 0.44
ST-CAR-2 tensile break/slippage 3480
1213 0.47
ST-CAR-3 tensile break/slippage 3030
1057 0.41
ST-BAS-1 tensile break (*)
804
271 0.15
ST-BAS-2 tensile break
1285
433 0.23
ST-BAS-3 tensile break
1737
585 0.32
Specimen

Main failure

* specimen cracked during handling before the test

3.3 Bending tests on 2-brick specimens
The failure of the 3 unreinforced specimens was always located at the mortar-brick interface
(Fig 5a). They were tested twice, the second time after repair of the failed joint, and showed a
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remarkably variable resistance comprised between 37 and 129 N, corresponding to a bond
strength, calculated as the ratio of maximum bending moment and section modulus, comprised
between 0.22 and 0.81 N/mm². The average strength of the weakest joint of each specimen was
0.41 N/mm², while the average of the strongest ones was 0.62 N/mm².
In the case of steel FRGP, failure was due to a shear crack of the brick that started close to
the end of the reinforcement (Fig 5b), after a wedge-like cracking of the portion beneath the
applied load. Carbon FRGP failed due to slippage of the fibres (Fig 5c), whereas basalt FRGP
broke in tension (Fig 5d), in all cases in correspondence of the main crack that opened at the
mortar-brick interface.
Results are listed in Table 3 in terms of failure mode, maximum load Pmax and maximum
stress σmax.sb, the latter calculated through a section analysis based on the assumption of a stressblock 0.8·x high, being x the neutral axis depth. The exploitation coefficient ηBT was calculated
similarly to the case of ηST. Steel-reinforced specimens could not attain a fibre effectiveness
close to shear test samples, due to the earlier shear failure of the brick. In the case of carbon
FRGP, which also showed one shear failure mode, the exploitation ηBT of 0.41–0.44 was
comparable to ηST. Conversely, basalt FRGP reached relatively high values of ηBT (0.60 and
0.71), more than twice the ηST of ST-BAS-2 and ST-BAS-3, probably thanks to the reduced
number of yarns and to the bending specimen that allowed an evener stress distribution. Similar
exploitation coefficient ηBT are currently obtained for optimal FRCM systems [6,10,13,34].

(a)

(b)

(c)

(d)

Figure 5: Failure modes of bending tests: (a) joint failure of unreinforced specimens; (b) brick shear failure in
case of steel FRPG; (c) slippage and partial rupture of carbon fibres; and (d) tensile failure of basalt mesh
Table 3: Results of 3-point bending tests

Specimen
BT-STL-1
BT-STL-2
BT-STL-3
BT-CAR-1
BT-CAR-2
BT-CAR-3
BT-BAS-1
BT-BAS-2
BT-BAS-3

Pmax σmax,sb
η
N N/mm² BT
brick shear
1289
1591 0.49
brick shear
1425
1799 0.56
brick shear
1515
1919 0.59
slippage
1218
1257 0.44
slippage
1119
1170 0.41
slippage / brick shear 1199
1258 0.44
tensile break (*)
321
434 0.24
tensile break
798
1114 0.60
tensile break
927
1302 0.71
Failure

* mortar joint cracked before the test, probably due to drying shrinkage of the FRGP
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4

CONCLUSIONS

The paper presented an assessment of the adhesion and durability properties of FRGPs as
strengthening material for masonry buildings. The FRGPs were made of an eco-efficient and
heat-resistant geopolymeric matrix that has a chemical composition and porosity similar to that
of soft-mud clay bricks simulating a typical historical masonry unit. Therefore, the matrix is an
interesting inorganic bonding agent for the implementation of removable and compatible
composites suitable, not only for exiting masonry buildings, but also for BH. The three FRGPs
studied were reinforced either with a bi-directional balanced basalt mesh, a bi-directional
balanced carbon mesh or a unidirectional UHSS fabric.
The adhesion and mechanical performances of the three FRGPs were investigated by means
of local 9 single-lap shear tests on single bricks with a bonded length of 200 mm and 9 threepoint bending tests on two brick slices, connected by a mortar joint and reinforced at the bottom
face. The exploitation coefficients derived from the shear and the bending tests are in
accordance with the best performances currently obtained by the FRCMs. Nonetheless, FRGPs
are provided with an undoubtedly more innovative inorganic matrix.
On the other hand, further studies are necessary to investigate the durability of the FRGPs.
In fact, the behaviour in alkaline environments simulating the pore solution of the geopolymeric
matrices highlighted the possibility of undesired corrosive outcomes on the fibres, especially
when they are un-sized (or they lost part of the sizing) as the basalt mesh used in this paper.
The results confirmed the untapped and interesting potential of FRGPs. In particular, The
FRGPs reinforced with the carbon mesh and the UHSS fabric shown interesting result as
potential inorganic composites suitable for strengthening exiting masonry buildings and BH.
Acknowledgements. Several industries provided free of charge part of the materials used in
this research: Fidia s.r.l. (Perugia, Italy) the basalt mesh, Kerakoll s.p.a. (Sassuolo, Italy) the
Ultra High Strength Steel fabric, BASF CC Italia (Treviso, Italy) the carbon mesh and the
pozzolana lime mortar, San Marco Terreal Italia (Noale, Italy) the soft mud clay bricks.
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Abstract. Retrofit of unreinforced masonry (URM) structures is incessantly attracting
interests of masonry professionals. Because there are enormous URM structure stocks in
different parts of the world that have shown vulnerability to damage against out-of-plane
actions due to having limited flexural strength and deformation capacity [1]. As such, there is
a global trend of promoting the development of sustainable retrofit techniques for URM
structures. The authors' previous study [2] has introduced the application of oriented strand
board type 3 (OSB/3) as a prospective sustainable retrofit material for URM wall with
evidence of improving the flexural performances. This paper presents, for the first
time,experimental works on 1115 x 1115 x 215 mm double wythe single leaf URM walls.
Specifically, quasi-static out-of-plane loading tests were carried out on two plain specimens,
two single-sided retrofitted walls and two double-sided retrofitted walls. The flexural and
displacement capacities were evaluated in both plain and retrofitted specimens, and the
results substantiated that OSB/3 application improves the flexural capacity of masonry wall.
Therefore, the application of OSB/3 for retrofitting URM buildings can be considered as an
inexpensive, efﬁcient and sustainable retrofit technique.
1

INTRODUCTION

Unreiforced masonry structures are among the oldiest type of constructions, and has seen
usage worldwide. However, masonry is a complex construction material and the assessment
of its structural response and mechanical properties is a challenge [3]. Its behaviour is often
influenced by the quality of materials used, workmanship, and the bond pattern [4]. It is
quasi-brittle in nature, hefty in self-weight, contains loose components, has low tolerances to
oscillation and thus undergoes sudden brittle failure without much warning to the occupants
[1 & 5]. Therefore, in case of sudden failure under out-of-plane loading, occupants of URM
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structures do not have enough time to run for safety. Hence, detail consideration for retrofit of
old URM structures is highly encouraged to ensure that they can perform their highly sought
energy absorption and force relieving roles against failures.
The failure of URM wall is mainly against horizontal forces resulting in flexure due to outof-plane bending and in shear due to in-plane bending [6 & 7]. URM walls have considerable
compressive strength under vertical loading, but they are relatively weak in tensile strength to
resist lateral (out-of-plane) loads. They are weak against overpressure from blast effect
induced by explosion or earthquake, snow-avalanche for habitation in a mountain area,
extreme wind, and mostly lateral (out-of-plane) loading. Specifically, the work presented in
this paper aims to improve the out-of-plane capacity of URM walls against out-of-plane
loading.
Previously, the authors have introduced the application of oriented strand board (OSB)
type 3 to retrofit URM walls to increase their structural capacity and flexural resistance [2, 8].
Before the application of the proposed retrofit scheme, an understanding of the mechanical
properties of the constituents (i.e. solid fired clay brick and cement-lime mortar) that were
used to construct the masonry walls for investigating the efficiency of the proposed retrofit
technique was carried out and reported [9, 10]. After that, small-scale test on 215 x 102.5 x
665 mm masonry prisms in the form of four-point bending test was performed to determine
the out-of-plane flexural strength [2]. The flexural bond strength test was carried out to
provide a simplified means of gathering data on the flexural strength of plain URM prisms
and URM prisms retrofitted with 18 mm thick OSB timber panel and the two selected
connection types. The test was carried out to help in understanding the behaviour of masonry
and the connection between masonry prism and the proposed OSB timber retrofit technique.
The test provided an insight into the effectiveness of the OSB panels on the flexural
behaviour of masonry prisms. Thus, it is a pedestal for the design and implementation of the
larger-scale tests described in this paper and to validate the effectiveness of the proposed
retrofit technique.
This paper presents experimental works on a larger-scale (1115 x 1115 x 215 mm)
masonry walls to discuss the application of timber-masonry composite in the retrofit of URM
walls. The overall experimental program for investigating the proposed techniques includes
the first two stages of work that has been described in [2, 9 & 10]. Here, an experimental
program involving subjecting both plain and timber retrofitted URM walls to out-of-plane
loading using quasi-static (monotonic) loading scheme is presented. The results of the
experimental works are also presented and analysed to evaluate the performance of the
proposed OSB retrofit techniques of URM walls.
In addition to the introductory information in section 1, this paper entails four other
sections, including section 2 for the material properties, section 3 for the test program and test
setup. Afterwards, the results of the experimental works were presented and analysed in
section 4. The paper ends with conclusions and recommendations in section 5.
2 MATERIALS
The full experimental characterisation of mechanical properties of masonry components
(i.e. UK fired solid clay bricks and mortar) has been presented in [9, 10]. The reasons for
selecting each material used in this study have also been highlighted in the referenced paper
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[9, 10]. However, the most significant properties, brick strength and water absorption for the
brick unit and consistency value and compressive strength of mortar are reported hereafter.
2.1 Masonry Components (Brick Unit and Mortar)
The Masonry test specimens were built using an engineering class B fired solid clay bricks
with UK standard size 215 x 102.5 x 65 mm (length x thickness x height). The brick unit has
an average strength of 88 N/mm2 (CoV of 2%) and 4% water absorption (CoV of 5%). The
unit strength affects the behaviour of the specimens under loading, and the water absorption is
important for the bond between the brick and mortar. If the brick water absorption is too high,
the mortar dries up quickly causing dry shrinkage in the mortar, and if the bricks absorb more
water than recommended it reduces the strength and durability of the specimen. For these
reasons, it is important to clarify these two significant properties (brick strength and water
absorption).
The mortar used for the construction of all specimens is type N (general purpose) mortar
mix with a ratio of 1:1:6 (Type II Cement: aerial lime: sand) by volume. The mix ratio gives
an average dropping value of 10.2 mm and average cube strength of 7.1 N/mm2 at 28 days.
For conformity, the mortar was sampled during the construction of all specimens and gave
comparable results.
2.2 Retrofit Material (Oriented Strand Board and Connections)
For the retrofit materials, 18 mm thick engineered wood-based panels (OSB type 3) were
selected for this study. The board has an average density of 650 kg/m3, internal bond strength
of 0.3 N/mm2, and modulus of elasticity of 3500 N/mm2 and 1400N/mm2 for both bending in
major and minor axis respectively [11]. Also, adhesive anchor connections [9], were used.
The adhesive anchor connection is a combination of styrene-free vinylester-hybrid injection
mortar and A4 anchor rod. The styrene-free vinylester-hybrid mortar is a high-performance
injection mortar which is largely used for fixings in both perforated and solid brick. The
diameter of the anchor rod is 8 mm with a permissible tensile load of 1.29 kN.
3

METHODS

3.1 Test Program
Six 1115 x 1115 x 215 mm single leaf, double wythe solid URM walls were tested in the
laboratory under four-point bending test using quasi-static monotonic loading scheme. The
experimental campaign (Table 1) involved testing: (a) two samples as plain wall (PW1115) to
serve as reference to measure the effectiveness of the proposed retrofit techniques, (b) two
samples each retrofitted with 18 mm thick OSB using adhesive anchor connections on the
face in tension (1SRW1115) and, (c) two samples each on both sides of the wall
(2SRW1115). The specimens were labelled as follows (table 1):
PW stands for Plain masonry Wall
1SRW stands for Wall Retrofitted with OSB panel on one Side
2SRW stands for wall Retrofitted with OSB panel on two Sides
1115 indicates the wall height,
Suffix number (1 or 2) represents the unique specimen ID.
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Table 1: Test program specimen identification

Specimen ID

Description

PW1115-1
Plain masonry wall
PW1115-2

1SRW1115-1

One-sided retrofitted wall
1SRW1115-2

2SRW1115-1

Two-sided retrofitted wall

2SRW1115-2
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3.2 Test Setup
The specimens were tested under four-point loading test arrangement [12] to assess their
flexural behaviour. The test was load controlled, and the load was applied to each tested
specimen using a hydraulic ram and was distributed through a steel spreader arrangement in
the central area of the wall (Fig. 1). All specimens were tested with simply supported
boundary condition and a vertical pre-compression load (305 x 305 x 240 UC section
amounting to 3 kN load) on top of the wall. The specimen constructed on reinforced concrete
footing was rested on 50 mm diameter cylindrical roller with the axis of the roller parallel to
the face of the specimen. At the back of the wall, 5mm thick metal plate was fixed across the
middle of the top and bottom course of the wall to provide contacts for the simply supports.
Similarly, 5mm thick metal plate was fixed at 1/4th and 3/4th of the specimen height at the
front side to provide contacts for which the loading rollers rest.
The loading scheme was such that an initial load was applied continuously at a rate of
1kN/min for up to 5kN and then maintained for 5mins period. The purpose of maintaining the
applied load was to allow the wall assembly to come to substantial rest before taking the next
set of reading [11]. Also, this helped to observe any time-dependent deformation and load
redistribution. The load steps were repeated continuously for 10kN, 15kN, 20kN, 25kN, and
30kN load and maintained for 5mins period at each load step. After that, the load was
increased continuously to the failure of the specimens. In order to obtain the maximum
capacity of the retrofitted walls, the applied load was increased continually after the first crack
until additional cracks were formed in the retrofitted specimens and ultimately the timber at
the back of the masonry walls were broken. During testing, the applied load on the wall were
monitored using a 200KN capacity ring load cell. Also, 8 LVDTs were used to record the
deflections of the test specimen along the wall centre, mid-top and the bottom.

Figure 1: Test set up
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4

TEST RESULT

4.1 Load-Displacement Curve
The net out of plane displacement in the mid-height of the wall was estimated by deducting
the mean displacement recorded at the top and bottom of the specimens from the average midheight displacement. This deduction accounted for the unexpected displacement at the top and
bottom of the wall. Figure 2 shows the load-displacement curves obtained from the
experiment. The inference from figure 2 shows that the plain specimens PW1115-1 &
PW1115-2 have a quasi-linear behaviour up to about 15000 N loads, which corresponds to the
onset of crack formation in the plain wall. After that, the load continuously increased with
small increments in the out-of-plane displacement before the specimen failed. At the failure
point, the displacement suddenly increased. This increment is due to the brittle nature of the
failure pattern. The maximum load attained by PW1115-1 and PW1115-2 is 38330 N and
39720 N respectively. The average of these two value (39025 N) was chosen as a baseline to
evaluate the effectiveness of the proposed timber-retrofit technique in both single-sided and
double-sided retrofitted walls. For the retrofitted wall specimens, the first crack appeared at an
average load of 52750 N and 68714 N for 1SRW1115 and 2SRW1115 respectively. Finally,
the average peak load and out-of-plane displacement at the specimens mid-height were
estimated as (114622 N, 25.88 mm) and (120559 N, 12.61 mm) for 1SRW1115 and
2SRW1115, respectively. Figure 2 reveals that the proposed retrofit technique has
substantially increased the out-of-plane load capacity of retrofitted walls by almost three
times when compared to the plain wall.
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Figure 2: Load vs Displacement curve for specimens
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4.2 Failure Pattern
The observed failure pattern in the plain walls is characterised by the sudden formation and
rapid opening of the crack in the unit/mortar joint interface throughout the whole wall
specimen thickness. The failure of the plain masonry wall is quasi-brittle and always started
with the formation of a crack opening in one bed joint at the tensile face of the specimen (i.e.
the side opposing the loading face). Subsequently, the crack occurred in the bed joint was
propagated through the perpend joint to the next bed joint. The crack occurred throughout the
whole thickness of the wall so that the unit-mortar interface was completely separated (Fig 3).
The behaviour of single-sided retrofitted masonry wall (1SRW) shows that the net out-ofplane displacement of the specimens increased with the applied out-of-plane load from the
beginning. This behaviour indicates that 1SRW specimens started to deflect while remaining
undamaged. The failure of 1SRW began from the tensile face with the first crack occurred in
the unit-mortar interface at 54600 N and 50900 N for 1SRW1115-1 and 1SRW1115-2
respectively. But the application of the OSB timber panel at the back of the wall specimens
kept the specimens un-separated after the first crack. Therefore the loading increased
continuously until other cracks appeared in the bed joints parallel to the first crack still within
the inner bearing for 1SRW and 2SRW (Fig. 3b & 3c).
Meanwhile, the double-sided retrofitted wall (2SRW) shows approximately no
displacement (0.25 mm) before the first crack occurred in the masonry part at an average load
of 68714 N. This implies that the addition of the timber panel on the compression face (i.e.
the face where the load was applied) in 2SRW improved the lateral resistance of the 2SRW
specimens. So, double-sided application means that the specimen remained undamaged before
the first crack occurred at an average load and displacement of 68714 N and 4.18 mm
respectively.
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c)

2SRW1115-1

2SRW1115-2

Figure 3. Failure pattern of retrofitted masonry wall

5

CONCLUSION

This paper has presented a larger-scale experimental study to propose the application of
oriented stranded board (OSB) type 3 to retrofit masonry wall. In particular, it focused on the
effectiveness of the proposed timber-based retrofit technique against out-of-plane failure.
Here, six tests have been performed on 1115 x 1115 x 215 mm single leaf, double wythe solid
masonry walls. Two of the walls were tested as plain wall (PW), two as single-sided
retrofitted masonry wall (1SRW), and the last two as double-sided retrofitted masonry wall
(2SRW).
Out-of-plane bending test in the form of four-point loading test was performed on all the
six specimens. The aim was to obtain the response of both the plain and retrofitted masonry
walls against out-of-plane loading to evaluate the performance of the proposed technique. The
aim was achieved by assessing the load-carrying capacities and displacement capacities of
both plain and retrofitted walls.
The main conclusion from this study is that oriented strand board (OSB) type 3 can
considerably increase the flexural capacity of masonry walls when subjected to out-of-plane
loading. An astonishing increase of about 300% load capacity can be achieved in a double
wythe masonry wall and can be up to about 500% increase in a more weaker wall such as
single leaf masonry wall as previously demonstrated in the earlier study [2].
A limitation of this study is that the results and observations are based on specimens with
free boundary conditions that replicate masonry walls without returning walls at the corner,
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which is a rarity. However, many experimental works in literature [6,7,12] have shown that
tests on panels without corners are a good indication in assessing the out-of-plane capacity of
URM wall. Hence, in the future, an extension of this study would be beneficial to investigate
the performance of the proposed technique on typical load-bearing walls together with corner
walls.
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Abstract. The conservation work carried out on the “Santa Maria degli Angeli” Orphanage
in Castelgrande (Potenza, Italy) following the earthquakes of 1980 and 1981 is a good example
of the need to evolve and refine the concept of seismic consolidation and upgrade of
monumental heritage; this, considering not only the needs of the current structural calculation,
but also those related to the design of durability and overall technological quality. Built from
1878 around the original nucleus of a chapel, the seminary, then an orphanage, kindergarten,
nursery school, sewing workshop and school, and summer mountain colony, constitute a
precise landmark in the landscape of the ancient town of Castelgrande. Severely damaged by
the earthquakes, it was declared unfit for use and evicted, and is still abandoned today.
Immediately afterwards, radical refurbishment works were carried out on it, with the creation
of sub-foundations, injections and tackles with reinforced concrete slabs for the load-bearing
walls, replacement of the floors in steel beams and bricks with reinforced concrete floors,
replacement of the wooden roofs with others of the same configuration, but in steel beams and
clay tables, with a reinforced concrete slab above. The workings were not completed due to
lack of funds and those performed so far show today serious pathologies (in particular the
corrosion of the reinforcement of the joist of the floors and of the steel beams) as result of the
lack of attention to fundamentals of materials science and of durability. Based on the current
legislation and calculation methods, the research verified the seismic vulnerability of the
building and proposed the necessary corrective actions: in particular, the replacement of the
roofs with others, lighter and more durable, made of laminated, conditioned local Quercus
cerris wood. A new destination has been proposed, linked to the presence of the Astronomical
Observatory, and its upgrade to nZEB has been designed, in respect of its monumental features.
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1

METHODOLOGICAL FRAMEWORK AND RESEARCH OBJECTIVES

The role of structural consolidation in the context of conservative restoration of heritage
monuments, through discussions that spanned a period of two hundred years [1], has been
enshrined in numerous Conservation Charters 1, of national and international importance.
Nonetheless, the debate around how to carry out these consolidation interventions is still lively,
at least in Italy. On the one hand, there is he who defends the need to safeguard, above all things,
the meaning of the work [2, 3]. And, therefore, he urges the use of the same construction
techniques used in the construction of historic buildings, refined over millennia of history. And
he deepens, also through the Manuals of the time, the ways in which every single component
was originally created by pushing himself, for example, to rediscover the use of hot beeswax to
waterproof Venetian plaster [4]. On the other, the mainstream philosophy, according to which,
after praising Camillo Boito and his "religious scruple" to be adopted towards monuments,
every opportunity is good to fill castles, towers and churches with injected armed perforations,
micro-piles and Fiber Reinforced Polymers [5].
Thus, while the Conservation Charters prescribe the conservation of the "sacrifice layers"
(plasters, stuccos) and the coloring of the heritage buildings, then in reality in many Italian
regions (but also in other Countries) it has become normal practice that of removing the plaster
on churches, monasteries and castles to show facing stones that have never been exposed. And
doing so with the approval of the Heritage Protection Bodies, and thus accelerating the
degradation and / or ruin of buildings [6, 7]. Likewise, many innovative structural solutions
should only be allowed on historic buildings if they are scientifically proven and experienced
(according to the provisions of art.10 of the Venice Charter 1964: “Where traditional
techniques prove inadequate, the consolidation of a monument can be achieved by the use of
any modern technique for conservation and construction, the efficacy of which has been shown
by scientific data and proved by experience”). Instead, they are nonchalantly tested, and prove
(after a few years) incompatible with the elements they should consolidate, not bearing the test
of that time which the elements to be strengthened resisted. Exemplary is the risk of formation
of Ettringite, hydrated sulpho-aluminate, expansive salt, due to the injection of cement grouts
inside walls, bonded with lime mortar. A phenomenon known since the 80s, but ignored by
those who continued, even after (and in part continues) to inject churches, towers and castles
with these products and to publish their reports, as if it were something to boast about [5].
Similarly, for the consolidation of structural elements in wood or stone with epoxy resins,
whose fire resistance is almost non-existent [5].
The aim of the research was therefore to document, through a concrete case study, the
effectiveness and durability of the structural recipes currently used after the 1980 and 1981
earthquakes in Campania and Basilicata for the consolidation and anti-seismic adaptation of
heritage buildings, and propose the necessary modifications and implementations, as part of a
general project of reuse of the heritage buildings, economically viable. The methodologies
adopted are those offered by the Building Science and the Building Construction Technique,
Ministerial Decree of 21 July 1882 and related Fiorelli Circular; Athens Charter 1930; Venice Charter 1964;
Italian Restoration Charter 1972; Amsterdam Charter 1975; Charter of Conservation and Restoration of objects
of art and culture 1987, proposed but never made mandatory; Washington papers 1987; Krakow 2000 and Faro
2005. And, of course, the most recent Italian standard on the matter, Legislative Decree no. 42/2004, Code of
cultural heritage and landscape.
1
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the Materials Science [8] and the works of the CIB Commission W86 Building Pathology [9,
10] and of the joint Commission CIB W80 / RILEM 175-SLM Methods for service life
prediction of building materials and components [11]. Commissions in which some of the
Authors have participated and whose indications are already been used for a general publication
on the topic [12] and for many other specific contributions on other case studies.
2 THE “SANTA MARIA DEGLI ANGELI” ORPHANAGE IN CASTELGRANDE
(POTENZA, ITALY)
The building object of the research is one of the most relevant monuments and a precise
landmark (Fig.1) of an ancient city, Castelgrande (40 ° 46'00 ”N, 15 ° 25'00” E), on the border
between Basilicata and Campania, and which owes its name to a medieval castle, unfortunately
not survived earthquakes.
The Municipality now has about 900 inhabitants (decreasing) and is perched at 950 m a.s.l.
on the crest of a hill. The building was built, starting from 1878, at the expense of individuals
(the Cianci family and others) on private land, which in previous centuries (1661) housed a
cemetery and a small chapel, further downstream than the current Church. The first nucleus of
the complex was the easternmost part of the Church, made of brick masonry, consisting of a
square-plan room (with a roof of double-pitched bent tiles supported by wooden beams, set on
the walls above the transverse arches of a lowered dome) and a small entrance narthex. The
building of the Rectory and then of the main building followed immediately afterwards: in 1890
it was under construction as for the ground floor (in stone masonry, vaulted) and the
construction of the upper floors (in stone masonry with wooden or steel suspended floors) was
authorized, to be used for religious and welcoming purposes. The reconstruction of the roof
destroyed in the Second World War was an opportunity to equip the Church with a second span,
identical to the first, thus making the nave longer and completing its decoration in continuity
with the existing one. Further, a clear expression of the respect, in those years, of the concept
of concinnitas, as for the reconstruction of the Abbey of Montecassino, of the bridges over the
Adige in Verona or of S. Trinita in Florence.
In the years between 1970 and 1980, a new building was built in the south-east end,
perpendicular to the main one, raising an existing basement with two floors above ground
(Fig.2). It was built with a reinforced concrete frame and placed, without seismic joints,
adjacent to the main building. In this period, a house located to the west was annexed to the
complex and was then raised by one floor.

Figures 1 and 2: South panorama of Castelgrande and east view of the building object of the research
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3 EARTHQUAKES OF 1980-81: DAMAGES AND SUBSEQUENT
CONSOLIDATION INTERVENTIONS
The earthquake of 11/23/1980 (90 seconds, 6.9 degrees on the Richter scale) and those of
1981, of less intensity, caused serious damage to the building and to the Church: the collapse
of the oldest dome, the pediment and the cornice on the facade (for the hammering of the roof
ridge beam); cracks on the main facade and the side walls (for disconnection of the corners and
thrust of the transverse arches), with the threat of collapse due to overturning towards the
outside; widespread subsidence of foundations. The damage was amplified by a series of
contributing factors: the lack of regularity in the plan and in the section of the building; the
eccentric position of the stairwell; the absence of bracing walls at the large rooms for
dormitories and common activities; the presence of the southeast building, of a different and
more deformable structure and not separated by seismic joints; the poor quality of the walls;
the lack of retaining elements between floors and walls; the deformability of the floors
themselves, in wood and steel; the absence of a roof slab (replaced by a simple false ceiling)
and top curbs; the presence of a pushing wooden cover; the absence of effective lintels at the
openings and the disordered presence of openings cut into the walls to house wardrobes,
fireplaces and more.
An overall anti-seismic consolidation and recovery intervention was necessary. The design
was approved by the Heritage Protection Body with the obligation of rigorous maintenance of
the existing typological and structural organization, and the elimination of superfetations (the
part built in the 70s which, however, was neither demolished nor detached from the main
building through a seismic joint). The project therefore envisaged (Fig. 3) the construction of
sub-foundations to enlarge and stiffen the seabed of most of the load-bearing walls of the
building, through micro-piles and reinforced concrete curbs measuring approximately 0.40 x
0.60 h, connected to each other, under the walls, every 1.5 - 2.00 m. A huge reinforced concrete
wall was also built, up to 10 meters high and more than 80 m long, to increase the external
space available to the lower basement, which has become an element of strong alteration and
degradation of the surrounding urban landscape. The load-bearing walls were consolidated by
closing the openings in them, with solid brick walls, with injections of cement grout and with
the application of "10 cm thick concrete slabs reinforced with welded mesh Ø 8 20 x 20 cm,
connected to the walls by "dovetail" couplings or simply with steel rods Ø 12" (from the Project
Report [14]). For the vaults of the ground floor, “by reinforced stitching of the same and
subsequent casting on the extrados of a concrete hood with electro-welded mesh Ø 8 20 x 20
cm, effectively anchored, with metal bars, to the perimeter walls and, on the side upstream, to
the rock by means of small diameter traction poles" [14].
For the floors, they were all "demolished and redone with “Bausta type” joists at a distance
of 50 cm with interposed light brick pots and overlying r.c. slab, not less than 4 cm thick [14]
(Fig. 4). It was foreseen that the floors of the building buried on the mountain side were tied to
the rock with traction poles placed at the height of the horizontal floors, so as to block them.
And that the floors were connected to the walls with curbs of a height not less than that of the
floor itself, made in traces or, wherever possible, for the entire width of the walls. As for the
roofs, both of the Church and of the rest of the building, the wooden ones were demolished and
replaced with pitched floors made of IPE 140 steel beams every meter, clay tables and upper
r.c. slab (Fig. 5).
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Figure 3: Plans and sections of the consolidation intervention done

Figures 4 and 5: Details of the “Bausta type” floor (left) and of the new pitched roof that replaced the original
wooden roof (right), realised in the consolidation intervention

A chain was placed on the extrados of the great central arch of the Church to harness its
thrust; the corners were stitched through steel bars in concrete injected perforations. On the top
of the main building, the false ceiling was replaced by a reinforced concrete floor, tied to the
perimeter curb. All the lintels of the openings were reinforced by applying IPE steel beams
"tear" or, when possible, by demolishing the existing arches and replacing them with reinforced
concrete castings, connected to the curbs of the floors. The stairs were redone in reinforced
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concrete, redesigning them to decrease the height of the steps.
The works were carried out on several occasions and only partially, limited to most of the
structural works, and the construction works aimed at the realization of the distribution scheme
of an important religious, cultural and social assistance center, according to the building
program for: a small seminar; a female and male orphanage with annexed laboratories; a
kindergarten and an elementary school; rooms for the summer reception, such as "mountain
colony", of n. 60 children. In the end, the public funding provided for by law no. 219/1981 for
the reconstruction and development of the territories affected by the seismic events of
November 1980 and February 1981 ended and the works were suspended, without the plants
and finishing works having been carried out. The building has thus remained completely
abandoned and open to the weather since the early 90s. Today the building, owned by the
Municipality since 2000, is listed in the municipal list of real estate properties to be disposed
of and valorized through a specific intervention plan for it.
4 CURRENT STATE OF THE BUILDING COMPLEX AND OBSERVATIONS ON
THE EFFECTIVENESS AND DURABILITY OF THE INTERVENTIONS
Any current recovery hypothesis of the building must start, with all evidence, from the
effectiveness of the interventions carried out for the purposes of anti-seismic safety, according
to current standards. Preliminarily, it must be observed how at the time the Italian legislation
[14] provided for the interventions already carried out, and also provides today, that for the
monumental buildings it is not necessary to achieve, in the consolidation interventions, a real
"adjustment", i.e. the achievement of the safety levels foreseen by the current standard; but it is
sufficient to achieve an "improvement", increasing structural safety, even without necessarily
reaching the levels required by the Italian legislation. It must be underlined that, in this regard,
the Italian legislation does not set precise values, but they are agreed each time by the designer
and by the client according to the performances they intend to achieve.
4.1 Assessment of seismic vulnerability
The study of the structure's seismic vulnerability was carried out by resorting to the use of
nonlinear static analysis (Pushover). This choice of analysis was dictated by the fact that it lends
itself better to describing the real behavior of masonry structures, unlike linear analyzes. In
addition to this type of analysis, which concerns the overall behavior of the structure, local
analyzes were also carried out on possible collapse kinematics. The CDmaWin software of the
STS Company was chosen and used, a structural CAD aimed at masonry structures and whose
calculation module uses a finite element solver [15]. The checks were carried out following the
technical standards for construction NTC 2018 and considering a limited "level of knowledge",
of the LC1 type, achieved, with the analyzes made on the structure of the building. From the
reliefs made, they consist of two types of walls, one of disordered stone type and the other in
solid bricks and lime mortar.
The demolition of the south-east building was hypothesized, because it is built in a mixed
structure, in adherence to the main building, built in masonry. As foreseen in the 1986
authorization from the Heritage Protection Body, his conservation is not justifiable both for
being an element of neglect of the formal apparatus of the building, and for its bad conditions
of conservation, and the need to demolish it partially in every case to make seismic joints. The
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remaining part of the structural complex was divided into three parts (the Church, the main
body and the basement body downstream) and modeled separately. Before performing the
nonlinear static analyzes, the dynamics of these three structural bodies were studied; relative
modal forms and their own periods were identified (see Fig. 6: above, the three of the Church;
in the center, the three of the main building; below, the three of the basements), and the limit
equilibrium analysis for local mechanisms in all the most delicate points.

Church - first modal form
Period: 0.53437 sec

Main building - first modal form
Period: 0.21935 sec

Basements - first modal form
Period: 0.23261 sec

Church - second modal form
Period: 0.33221 sec

Main building - second modal form
Period: 0.19194 sec

Basements - second modal form
Period: 0.15127 sec

Church - third modal form
Period: 0.27042 sec

Main building - third modal form
Period: 0.17256 sec

Basements - third modal form
Period: 0.13505 sec

Figure 6: Modal form and periods of Church, main building and basements

After studying the dynamics and calibrating the structural models, we moved on to nonlinear
analyzes (Pushover). The structural interventions already present on the building and built after
the 1980 Irpinia and Basilicata earthquake were also considered in the modeling. From the study
of the capacity curves, the seismic vulnerability indices relating to the three structural bodies
were determined. The seismic vulnerability indices express the relationship between the
acceleration of capacity of the structure and the acceleration of demand relating to the site in
question. The site falls in an area with high seismic risk, the subsoil falls into the A type of the
NTC 2018 (rock masses with Vs > 800 m/s2) and the topography in the T3 type (slope with an
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inclination between 15 and 30 degrees). The PGA acceleration corresponding to the SLV (life
safeguard limit) is equal to 0.31g, considering a nominal life of 50 years and a class of use III.
The seismic vulnerability indexes are respectively 0.51 for the church, 0.55 for the main body
and 0.52 for the basement: all slightly greater than 0.5, a value which in any case can be
considered acceptable for the type of destination of the structure. Therefore, the interventions
carried out have raised the safety level of the entire building complex. Finally, as regards the
analysis of the local mechanisms of collapse out of the plane, conducted using the limit analysis
method, there were no significant critical issues, as the structures have both covering curbs and
metal anchoring bars in the hammer’s walls and chains in the arches of the Church.
4.2 Interventions for improving seismic behavior and building durability
Through the analysis, it became clear that the intervention carried out well could have been
softer, more rational, and even cheaper, if he had renounced to place the two heavy floors on
the top of the main building, the one above the third level and the other the sloping roof slab:
they increase significantly, and in the least suitable position, the masses that undergo seismic
acceleration. In relation to the conditions of severe exposure to atmospheric agents in which
these elements have been found in these thirty years (with the penetration of rainwater through
the badly placed bituminous membrane) (Fig. 7) both are severely corroded.

Figure 7: Accelerated degradation of structures due to the design errors illustrated in the text

On closer inspection, there are blatant design errors: the floor in Fig. 4 shows an insufficient
concrete cover to ensure its durability, even if it divides internal environments [9]; and that of
Fig. 5, in the presence of IPE profiles without any protection, is destined to corrode quickly by
differential aeration [9]. The same mistake was repeated for the roofing of the Church, where
the heavy roof was built, when light wooden trusses could have been chosen. It is therefore
appropriate to remove these heavy floors, leaving only the perimeter curbs in place, which
would otherwise be problematic to remove without destroying the upper cornices of the
buildings, subject to a specific protection rule. Light reticular wooden trusses can be placed in
their place. In this regard, the Authors have devised and developed [16][17][18] a particular
thermo-hygrometric conditioning method for a species of hardwood widespread in Basilicata,
the Quercus cerris (Turkish Oak), which allows the production of laminated wood beams with
exceptional static performances [17] (Fig. 8). In this regard, even if the latest Standard UNI EN
14080:2013 only reports strength classes from GL 20h to GL 32h, remark that the reference to
the resistance class GL 36h "refers to laminated wood obtained from specific hardwood species
based on some provisions of the current European standard" and following the results of the
tests carried out on the Quercus Cerris laminated wood specimens typed as a number and size
of the lamellas and glue used [16].
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Figure 8: Performances of the elements developed by the Authors [16] [17], in laminated wood of Quercus
cerris thermo-hygrometrically conditioned

The relative pitched floor is provided in the same wood, insulated and ventilated and covered
with double-roof tiles as well as the original one (see below, Fig. 10). Other interventions are
necessary to drain the surface waters at the boundary and under the buildings and limit the
phenomena of capillary rise, favoring the evaporation of the water contained in the ground
through cavities and floors permeable to steam (see below, Fig. 11).
5

THE REHABILITATION AND REFURBISHMENT HYPOTHESIS

In "Toppo di Castelgrande", at 1250 m asl, in a site particularly favorable for observation
due to the absence of light pollution, one of the most important national astronomical
observatories has been built since 2007, equipped with a 156 cm diameter mirror telescope and
many other related equipment, managed by the National Institute of Astrophysics (INAF). An
observatory for amateurs is also operating in a nearby location, equipped with a smaller
telescope (Ø 40 cm), which can be used by all astronomy enthusiasts, managed by the Pro Loco;
and work is underway for the construction of a Theme Park, entitled "Journey to the Cosmos",
which will host a planetarium that will allow a playful-scientific approach to astronomical
phenomena. The area of the Municipality of Castelgrande is of great naturalistic interest, for
the richness of its chestnut and broad-leaved forests in general, for birdlife and for the intact
landscape. We have therefore studied the methods by which to develop religious and welfare
hospitality (the reason why the building complex was built), towards the hospitality of the
international scientific community and naturalist tourists.
And this with the creation of an "Astronomical Study Center", divided into offices, study
rooms, meeting and conference rooms and a library, in addition to the dining area and the hotel.
On the first basement floor there would be the main parking lot, deposits and rooms for thermal
and electric power plants and systems. It would be connected by a ramp on the ground level
(Fig. 9a, top left), which would house the parking for the handicapped, pantry and cellar,
kitchen, restaurant in the room covered with cross vaults, the staircase and the elevator for the
access to the upper floors. An external walkway, which passes under an arch, connects this
level with the higher ones, up to the square around the former church. At the first level (Fig.
9b, top right) would be located: the hotel reception, the internet point, offices and meeting room,
toilets, stairs and lift. At the second level (Fig. 9c, bottom left) they would find n. 7 hotel rooms,
for n. 13 beds; the library in the former church, with related services; the conference room and
its offices and services; stairs and lift. At the third level they would find n. 9 hotel rooms and
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one suite, for n. 20 beds and two storage rooms (Fig. 9d, bottom right).
5.1 The thermal upgrade in nZEB
As a result of the Directive 2010/31/EU of the European Parliament and of the Council on
the energy performance of buildings, after 31 December 2018 buildings occupied and owned
by public authorities, on which ‘major renovation’ is done, must be ‘nearly Zero Energy
Buildings’ (nZEB). That “means a building that has a very high energy performance…The
nearly zero or very low amount of energy required should be covered to a very significant extent
by energy from renewable sources, including energy from renewable sources produced on-site
or nearby” (Article 2, Definitions, of the Directive). The challenge that arises today, when
working on cultural heritage buildings, is to reconcile the theories on conservation [1, 2, 3] and
the new needs for energy efficiency refurbishment, but not only [7, 19].

Figure 9: Plans of the refunctionalization project in an "Astronomical Study Center" and annexed hotel

The most efficient way to isolate a building is undoubtedly the one from the outside [20]. It
avoids the thermal shocks that are produced with the insulation from the inside, following the
sudden change in temperature in the insulation thickness, in correspondence with the
connection between plug walls or vaults and facade walls. The Ancients had already solved the
problem by applying plaster crusts, based on aerial lime and pumice and crushed earthenware
chips, one palm thick (8 cm) and beyond, with λ also of 0,5 W/mK. As has happened in many
regions of southern Italy, especially in volcanic areas, such as the Anaktoron of Torre di
Satriano (530 b.C.), a few tens of kilometers from Castelgrande [21]. The industry has
developed even more performing mineral insulating plasters (λ = 0,066 W/mK and less), which
can be considered the legitimate heirs of the ancient ones, and whose finishes are the lime-based
mineral ones of historic buildings. This choice was combined with that of “open diffusion”
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insulation from the inside, in expanded perlite (λ = 0,045 W/mK), which is aimed at minimizing
energy consumption and contributing decisively to transforming the building in an nZEB. With
limestone walls 60 cm thick, plated with the existing reinforced concrete counter-wall, 15 cm
thick, the current transmittance is U = 1.93 W/m2K. By adding 10 cm of insulating plaster on
the outside and 8 cm of expanded perlite on the inside, the transmittance after the hypothesized
intervention becomes U = 0.265 W/m2K (Fig. 10). Cornices and stone windowsills are
safeguarded, dismantled and reassembled ten centimeters further out, in order to maintain the
same previous ratio with the plane of the walls, connecting them with stainless steel shelves for
balconies, like Halfen type. The ground connection of the heated rooms is assumed to be
drained, insulated and ventilated through the internal environment (Fig.11) in order to be
dehumidified. Its transmittance, which is now U = 3.549 W/m2K, would become U = 0.208
W/m2K. The whole building is assumed to be equipped with Controlled Mechanical Ventilation
systems divided by zones and equipped with dehumidification batteries, since the average
relative humidity of the external environment only in July and August drops below 60%, and
for the rest of the year is much higher, reaching an average of 80% in the winter months. These
systems would also dissipate the moisture transmitted by the soil through the ventilated cavities
and the wall or floor coverings. The roof, which currently has a transmittance U = 2,723
W/m2K, with the new package, insulated with 20 cm of wood wool and ventilated, would
assume a U = 0.176 W/m2K. Photovoltaic tiles substantially indistinguishable from the
traditional ones are expected to be placed on the roof slopes correctly oriented to South, for a
surface equal to 327.5 m2, with the possibility of producing 20 kWp. Passive house wooden
frames have been hypothesized, with Uw = 0,82 W/m2K.

Figures 10 and 11: Details of the vertical closure-cover node (left) and the ground connection (right)

At present, the building if it still had the original fixtures and heating system, would have a
very bad energy classification, in Class G, the worst, with a primary energy index for heating
and domestic hot water EPi + EPacs = 696.8 kWh/m2 year. Following the planned changes, it
would go into Class A4 with EPi + EPacs = 24.7 kWh/m2 year, 28 times lower, and would be
fully classified as nZEB. Thanks to the insulation from the outside, it would have a great useful
thermal inertia, which would allow it to face the summer seasons without air conditioning
systems.
5.2 Lighting and acoustic upgrade
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A meticulous study was conducted on the quantity and quality of lighting provided by the
existing windows, in relation to the intended destinations, through the study of the Average
Daylight Factor (FLDm), referred to by the relevant national regulations (in particular UNI EN
12464-1), and experimental tests were carried out using a Delta OHM luxmeter mod. 4D8501.
This has resulted in valuable indications regarding the need in many rooms to integrate existing
windows by means of reflective blinds inside the frame and reflective ceilings, translucent overdoors for corridors, Solar tubes and Solar Spots, so as to reduce as much as possible the use of
artificial lighting of the rooms. Given the large mass of the wall elements and the high acoustic
efficiency of the external fixtures, in a space with little external noise, the attention from the
acoustic point of view has turned to the insulation from internal noises, from trampling and
from plant and machinery, and to control the reverberation times of the largest and most
common rooms. Light multi-layer walls have been provided with internal rock wool insulation,
with high and proven efficiency in reducing airborne noise, and heavy doors equipped with
effective seals; absorbent floors and screeds on resilient layers with low dynamic rigidity to
reduce impact sounds. The widespread use of sound-absorbing plasters with α-Sabine 0.8 and,
where necessary (former Church, restaurant, meeting rooms), suspended ceilings with specific
characteristics and acoustic performance has been envisaged.
5.3 Sewing of the injury constituted by the large wall against ground
The need to reconstruct the relationship of the building with its environment, altered by the
construction of the large wall against the ground downstream, has led to the proposal to create
a natural cladding creeper (Hedera helix, Hedera Hibernica, Trachelospermum jasminoides) on
a cable network and a layer of non-woven fabric fixed to the wall.
5.4 Color and surface texture
As said, the characteristic color of the building (except the stone frames or the "romanelle"
of the upper cornice, destined to remain unchanged) has always been white. There are at least
300 whites, and each of them may appear whiter or grayer, depending on the texture with which
it is spread (smooth, with a more or less fine grain size, applied with a float or trowel, with
parallel movements or crossed, orange peel or scratched, and so on almost endlessly). The
proposed restoration of the original appearance of the building foresees the use of only the white
color on the outside, available in two versions: perfectly smooth, and therefore lighter, for the
architectural elements (pilasters, cornices), present above all on the external surface of the
former church; trowel treated, with a grain size of 2-3 mm, with crossed movements, and
therefore more full-bodied and slightly more gray, due to the fields between the architectural
elements and the facades of the main building. Just as, moreover, it results from the historical
photographic documentation.
6

CONCLUSIONS

The anti-seismic consolidation interventions generally carried out in the 80s-90s of the last
century have very often privileged the aspect of pure calculation, rather than considering the
technological correctness and durability of the works.
And, the works that involved "Santa Maria degli Angeli" Orphanage of Castelgrande, which
are a good example of this way of operating, have not escaped this logic. Thirty years later, the
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result is buildings that meet current anti-seismic standards but on which it is necessary to
intervene heavily, to ensure its conservation. A vision, at the same time more complex and more
precise, extended to the consideration of the relationship with the ground in the different points
of the building, of the waterways, of the individual injuries and of the individual subsidence,
would probably have allowed to operate in a “lighter” way. Without a single recipe for all parts
of the building, but certainly saving resources to use them in the drainage and hydraulic
arrangement of the area. The choice to build the downstream wall and the two roofs was
undoubtedly useless and harmful, and burned resources that could have been more usefully
used to complete or at least cover perfectly and close the building.
More and more, the design tasks ask designers for an overall strategic vision, within which
to implement the most appropriate tactics, to be evaluated in cross-comparisons, through which
to decide the best one. The search for sustainability pushes to invest in the quality of the
solutions and in their durability. It is no longer admissible for a designer to decide on a concrete
cover or the technique of using a steel section without asking the question of the durability
inherent in the solution.
Authors’ contribution. F Lembo coordinated and provided the research objectives. FPR
Marino has developed the various aspects of research, the methodological and operational tools
and verified the accuracy of research results. G Auletta and FC Ponzo studied the structural
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Abstract. Adana-Tepebağ settlement is located in the south-east part of the Anatolia close to
the Mediterranean Sea. This settlement is located in the center of the city, composed of unique
architectural heritage with different plan typologies of historical structures, used of varied
materials such as timber, brick, and stone. Traditional timber structural systems are widely
used in this area.
In this research, proposing a consolidation method for traditional timber structures with
modern prefabricated systems in the frame of technological prefabrication criteria. Such as
several joint details, lifting and storage properties, and fabrication state of the construction
element and minimum waste ideal of the timber material [2].
This research is done in a historical settlement in Adana-Tepebağ. The state of the timber
structures is in a high damaged condition as a result of the lack of maintenance in an extended
period. Consequently, there is a need for a consolidation method for the maintenance of
historical structures in that area. These analyzing criteria are applied to a historical timber
structure in that settlement on a case study for showing the progress of this methodological
approach.
The progress of the methodology is composed of three main steps;
1-The damage and corrosion analysis of skeleton timber structure.
2-The decision method within the frame of technological prefabrication criteria of modern
timber prefabricated elements on the damaged parts of this structure.
3-Data’s, which are collected from the previous two stages, are analyzed and compared.
This methodological approach expected to be a rational decision method for the consolidation
of historical structures in the Tepebağ settlement. Significantly partly damaged timber
structures consolidation is very critical in the frame of budget and the authenticity of the
building.
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1

INTRODUCTION

Tepebağ settlement is located in the center of Adana city, which is placed in the southeast
part of Anatolia near the Mediterranean border. This settlement is an important historical area
of traditional Turkish houses and Tepebağ tumulus, which is the first settlement of Adana city.
In the historical period, Tepebağ is very dominant in Adana city’s economic, social, physical,
social development. The location is very significant related to its history and the civilizations
which are passed through. The first known localized civilization in Adana city is Hittite’s in
B.C. XV. After this period, one after another, Assyrians, Egyptians, Romans, Seljuks, and
Ottomans are settled in Adana [7].
The first organized construction facility of the Adana was done in the Ramazanoğlu seignory
period (1352-1517). The most symbolic buildings were constructed at that time. Natural
catastrophes of the floating of the Seyhan River and the nomad population were adverse effects
of the development of the built environment until the economic revolution of Adana in the 19th
century [5,7].
Before the 19th century, adobe construction was frequently used in Adana houses. After the
second half of the 19th century, the construction quality of traditional Adana houses was
developed, and the traditional architectural style of the region was defined. Durability of the
structures get important; therefore, timber skeleton system with masonry walls was used instead
of adobe construction [5,7].
The historic urban site of this area is losing its authentic characteristics and importance for
the lack of maintenance of the houses in an extended period. The conservation projects of this
settlement are prepared with traditional construction techniques that need considerable amounts
of workforce, construction cost, and time. Therefore, there is a need for a consolidation method
for these historical houses. Prefabricated timber systems and their application on historical
timber houses proposed a rational methodology for the consolidation and renewal of those
houses.
2 THE PLAN TYPOLOGY AND CONSTRUCTION TECHNIQUES OF
TRADITIONAL HOUSES IN ADANA-TEPEBAĞ SETTLEMENT
Until the mid of 19th century, the traditional Adana houses are built upon one-floor mudbrick with earthen built flat roof. With the help of industrialization and commercial movement,
street development and housing construction is progressed. At the end of the 19th century and
beginning of the 20th century, magnificent traditional houses are built near the Seyhan river and
extended all around the area. Tepebağ settlement was located in the historic commercial center
of the Adana city (Figure 1). Therefore, the housing units are located around this area. This
settlement is very significant and catchy with its narrow adjacent oriented traditional timber
houses on curvilinear streets [4,5].
Traditional Tepebağ timber houses were built upon the historical commercial area; for this
reason, the units of the houses were changed according to the functional needs. The ground
floor is used for storage and cellar. The upper part of the house is used for a residential unit.
Some houses are designed with a mezzanine floor which called ‘Cihancuma’. The idea of
planning ‘Cihancuma’ is getting a vista from the Seyhan river [4,5].
The houses are designed according to the number of family members. The most important
aspects of designing Turkish houses are socio-cultural and socio-economical aspects, as well
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as local construction materials and climate. Thus stone, timber, and mud-brick material are
frequently used in those buildings. Beside of this, the temperature is another factor for
organizing the functional units. Therefore, traditional Adana timber-framed houses are
designed and planned in the direction of the prevailing wind. Rooms and sofas are the main
functional units that had an identical design and layout of the house. The place of the rooms on
the plan is determined by the location sofas [4].
The plan typology of traditional Adana houses is classified according to the placement of
the sofa. The functional interpretation of the sofa is an entrance hall for the bedrooms. Gathering
activities and entertainment are the main functional specifications of the sofa in the traditional
Turkish living routine.
The first type of house; the sofa is located inside of the plan. In this type, the sofa is
surrounded by rooms. The balconies are placed in front of the sofas, which are the common
space for the family members and common areas for distribution between the functions. In
general, in those types of houses, there are leisure spaces for summer on the top of the sofas. In
the second type of house, the sofa is located outside of the plan and oriented to the north-south
direction. The upper part of the sofas is open to the exterior without any barrier; therefore, the
occupants can benefit from the sunlight and prevailing wind. The sofa expanded to the street
from its adjacent wall by doors and windows, which brought a visual enrichment to the facade
[6,12].

Figure 1: Adana-Tepebağ settlement, the city plan prepared and drawn by Hermann Jansen in 1940 [11]

There are two types of construction systems in traditional timber houses in Adana-Tepebağ.
In the first system, the load-bearing stone walls are constructed on the ground floor with 50 cm
to 60 cm thick. On the upper floor, the wall is built with a timber-framed filled with mixed
brickwork. In the second system, the load-bearing walls are constructed on the ground floor
with 50 to 60 cm thick with mixed brickwork masonry supported with timber beams. On the
upper floor, the timber-framed walls are filled with mixed brickwork masonry. The height of
the masonry walls is approximately 3.5m to 4m. The lap joints are used with timber tie-beam
and timber frame elements which are used inside the load-bearing walls [1,10].
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Some unique architectural elements, such as cantilevered floors, balconies, oriels, decorative
elements, and eaves, are used in traditional Turkish houses in Adana. Oriels are used for visual
integration of interior spaces through the street. Besides, cantilevered floors are used for
creating an enlarged space in interior areas (Figure 2). In traditional timber Adana houses, the
parts of the building, such as staircases, doors-windows, roofs are constructed in unique timber
design and construction techniques [1,10].

Figure 2: Adana-Tepebağ case study house, inventory number of the house is 152 [1].

3 DECISION APPROACH OF PREFABRICATED TIMBER SYSTEMS IN
HISTORICAL BUILDINGS
The critical argument in the preservation of architectural heritage is to conserve the historical
buildings with rational and minimum consolidations. For preserving them against the effects of
time, the unique characteristics of the buildings, such as structural features, materials, and
construction details, are getting crucial. The necessary starting point of consolidation is to
criticize and analyze those features.
The conservation projects of historical timber buildings in Turkey is strictly coherent with
the authenticity of building materials and techniques. For the consolidation projects, all the
characterization and the analyses are essential parameters. Without those parameters, the
consolidation work is not coherent with the authenticity of the building, and it will corrupt the
unity of its historical identity. Therefore, consolidation and assembly time for historical
buildings with traditional construction techniques are excessively high. Besides, the
construction craft needs high professional expertise. Thus, prefabricated timber systems could
be a new approach for the conservation of historical timber buildings.
Prefabricated timber construction systems are classified into four types. Post and beam,
balloon, structural isolated panels, and platform are the prefabricated timber systems that are
used in modern construction assemblies. All those systems have positive and negative
technological points that had to be considered while deciding to use them. Historical timber
structures have unique construction details and different structural problems. By the direction
of this methodological approach, rational timber structural system is decided according to the
specific construction details and structural issues of historic timber structures.
For determining the rational prefabricated timber system by the direction of this
methodological approach, the damage analysis of the historic building must be identified.
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Besides, technological parameters of prefabricated timber structures are compared and
examined according to the data of the historic building.
The technical principles of prefabricated timber structures are classified under the headline
of four main timber prefabricated structural systems. The technological aspects and their
relation with timber structural systems are listed as follows.
3.1 Production of the timber parts
In this criterion, timber parts of the structure are assembled in the construction site or a
factory. This criterion affects the construction time and the quality of the details. Factory based
production of timber building parts always brings high craft with quality control and
minimizing assembly time in construction sites. Besides, adverse atmospheric conditions are
not affected by timber parts and not occur any deformations. Also, timber waste material
management is done in factory assembly. The suitability of the production criteria of the
prefabricated timber structure is parallel with its factory assembly rate [2,8].
3.2 Assembly of the timber parts
The number of prefabricated timber panels which are joined in a construction site or factory
and their lifting ease determined the assembly criteria. The number of features and the joint
details are increased the time of the construction. Post-beam and balloon systems are mostly
constructed in site. Those systems composed of small elements that need a considerable amount
of time for assembly. However, structural isolated panels and platform timber systems
composed of big construction units such as walls and floor slabs. Assembly work for
construction parts of walls and slabs is done in a factory, therefore, joining big construction
units in site needs less time compared with other timber prefabricated systems. Besides, lifting
ease of prefabricated timber elements are a critical factor for construction. Crane’s working
area and the dimensions of the timber parts are essential for the assembly [2,8].
3.3 Transportation and storage of the timber parts
According to the construction system, prefabricated timber parts are assembled in factories
or construction sites. If the timber parts are joined in a factory, the transportation limits of the
highway correlatively the size of the timber parts have to be considered. Besides, if the timber
parts are joined in a construction site, the closed storage area and size of timber elements get
their importance.
The storage area of the timber parts inside of the construction site is brought an additional
cost for the construction. Hence, the prefabricated timber systems which need storage place
inside of the construction site are not or less suitable to this parameter [2,8].
Technological parameters of the prefabricated systems and their suitability are compared
and matched on the table 1. There are three main considerations for prefabricated timber
elements related to technical parameters. If the parameter fills the requirement, it is labeled as
‘respected’; if not, it is marked as ‘not respected’. If the parameter fills the requirement by
preconditions, then it is labeled as ‘depended’.
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Table 1: Prefabricated timber systems and their suitability with technological parameters [2,8].

Parameters

Post-beam

Production
Assembly
Lifting ease
Transportation
Storage

Not respected
Not respected
Respected
Respected
Depended

Prefabricated timber systems
Balloon frame Structural
isolated panels
Not respected Respected
Not respected Respected
Depended
Depended
Depended
Depended
Depended
Respected

Platform
Respected
Respected
Depended
Depended
Respected

4 CASE STUDY CONSTRUCTION SYSTEM AND DAMAGE ANALYSIS
For examining and receiving appropriate data for the methodological approach, general
structural condition of the case study building, damage status for each floor was analyzed.
4.1 Structural System
The case study of this research is chosen from the historical timber house in Tepebağ-Adana.
The inventory number of this building is 152 in the archives of the Adana endowment office.
This building is composed of ground, mezzanine and first floor with load-bearing walls. The
load-bearing wall is composed of 20cm x10cm x5cm mixed brickwork with 10cm x10cm
timber tie beams. Each floor is constructed with timber beams covered with timber finishing
plate materials (Figure 3).

Figure 3: Adana-Tepebağ case study house: On the right, system detail, and on the left timber floor, loadbearing wall and oriel joint detail are shown [1,13].

4.2 Damage Analysis
When we examine the structure, there is no clue for the not decadence of the structure.
However, from the past to the recent time, the house is faced so many catastrophic events such
as Adana-Ceyhan earth-quake in 1998. Therefore, dynamic forces are directly affecting the
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structure, and some of the load-bearing walls got damaged. Timber elements inside of the
structure, such as staircases, windows, and doors are decay in time. The structure of the roof
got damaged, and the form of the roof is deteriorated as a result of the dynamic forces.
On the ground floor, two rooms are designed on the sides of the plan. The thickness of the
masonry walls of the rooms is 40cm thick, constructed with mixed brickwork with timber tiebeam support. There is no structural damage to the load-bearing walls. The ceiling is
constructed with a timber structure. Primary timber beams are placed parallel to each other with
3,40cm. distance. Secondary beams that are placed above and perpendicular to the primary
beams are constructed 25cm parallel to each other. In initial inspection, there is not decadence
on the primary and secondary timber beams. However, there is a considerable humidity
exposure inside the structure. Therefore, it could be some decay on the corners of the timber
beams which are inside of the masonry walls. Also, on the surface of the floor timber finishing
material, there had some decay related to humidity. In areas A, B, C, and D, which is marked
with red lines, there is decay on the surface of the masonry walls related to humidity. Also, in
area D, which is marked with blue circular lines, four poles connection detail with ground floor
had some decay related to humidity (Figure 4-8). Inside the courtyard, there is a reinforced
concrete structure that is built afterward of the historical building [1].

Figure 4: Adana-Tepebağ case study house ground floor plan [1].

On the mezzanine floor, there are cracks and decay on the plasters of the walls, which is
marked with red lines. Besides, above the windows and the doors, some deep cracks are related
to the load-bearing structure.

Figure 5: Adana-Tepebağ case study house mezzanine floor plan [1].

The cracks on mezzanine floor are related to the forces which are come in sight with
horizontal loads such as seismic activity. Most of the staircases, which are connected ground
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and mezzanine floor, had a considerable decay. Therefore, it needs to be renewed. The timber
floor of the courtyard had decay related to humidity, which is marked with a red rectangle [1].
The first-floor slab is supported with timber posts that are located inside of the courtyard.
These posts are started from the ground floor and continue to the beneath of first-floor slab
timber primarily beams. On the first floor, two brick masonry walls are rested on a timber slab,
and there is a critical bending that happened on those beams, which are shown in a purple
rectangle (Figure 6-8). The walls which are marked with the light blue line have deep cracks
and partially collapsed (Figure 6). There are cracks and decay on the plasters of the walls, which
is marked with red lines (Figure 6-7) [1].

Figure 6: Adana-Tepebağ case study house first-floor plan [1].

On the ground floor, three spaces that are surrounded by masonry walls had some cracks.
Those cracks are on the plaster, and they are not getting inside of the load-bearing structural
system. However, the masonry walls, which are located on the first floor, especially the north
wall, had deep cracks. Those cracks are affected the stability and bearing capacity of the firstfloor load-bearing system (Figure 6). The north wall and the side walls are separated from each
other, and it caused instability of the structure. These cracks and separations are occurred by
seismic activity. Nevertheless, against the seismic forces, diagonal timber beams are used on
the north loadbearing brick masonry wall (Figure 2) [1].

Figure 7: Adana-Tepebağ case study house: On the right section C-C and the left, timber slab, and load-bearing
wall joint detail are shown [1].
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The structural timber elements of the roof were decayed as a result of water, humidity, and
solar radiation. The water on the roof is not drained adequately and get out of the building.
Therefore, the whole structure, especially timber, is under the effect of corrosion [1].

Figure 8: Adana-Tepebağ case study house: On the right section C-C (Adana endowment office) and the left
timber slab and load-bearing wall joint detail are shown [1].

5 METHODOLOGICAL APPROACH OF THE CASE STUDY
Damage analysis of the three-floor load-bearing structure constructed with a timber frame
filled with mixed brickwork is done in the previous chapter. The proper conservation approach
is decided according to data received from damage analysis and technological parameters of
the contemporary timber prefabrication with the principles of conservation of wooden built
heritage by ICOMOS international wood committee in December 2017, Delhi, India.
According to the ICOMOS, the international wood committee, two main points are entirely
related to this research. The first point is an intervention, and the second point is using presentday materials and technologies. Some crucial interventions and present-day materials and
technologies criteria of the timber structures by the international wood committee are listed on
the following sentences [9].
A-“The strengthening of the structure using traditional or compatible materials and
techniques” [9].
B-“Interventions should follow the criteria of the minimal interventions capable of ensuring
the survival of the construction, saving as much as possible of its authenticity and integrity, and
allowing it to continue to perform its function safely” [9].
C-“Be the minimum necessary to ensure the physical and structural stability and the longterm survival of the structure or site as well as its cultural significance” [9].
D-“Be reversible, if technically possible,” [9].
E- “Repairs carried out-in situ and on original elements would require an unacceptable
degree of intervention” [9].
F-“As much as possible of the existing members should be retained” [9].
G-“New members or parts of members may be discreetly marked, so that they can be
identified at a later date” [9].
H-“Present-day materials and technologies should be chosen and used the greatest caution
and only in cases where the durability and structural behavior of the materials and construction
techniques have been satisfactorily proven over a sufficiently long period” [9].
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The methodology of conservation with prefabricated timber elements is analyzed with
technological criteria’s and their suitability with ICCOMOS timber committee ideals. As it is
mentioned, in Adana-Tepebağ settlement, traditional historical houses have specific
construction details. The structural system of those houses is generally composed of a timber
skeleton system with a mix of load-bearing walls. Some of the structural systems are under the
effect of big moments, which caused a failure of the parts of those structures. Modern timber
prefabricated systems are composed of construction units such as walls, floors, and roofs.
Fabricated composite timber beams and columns are considered as prefabricated elements. The
units and components can be fabricated in different dimensions and specifications, such as
durability and strength. Prefabricated timber systems are essential for decreasing the cost of
construction as well as for the conservation in terms of rapid assembly and reaching the high
construction quality.
In this methodology, original materials and joint details of the structure are trying to keep.
However, for the deteriorated and the loss parts, replacements are done with modern
prefabricated units. Modern prefabricated systems are not fit for the compatibility and
traceability criteria of the structure. For the reversibility criteria, modern prefabricated
structures have possibilities of permeability of intervention with the original one [3].
Using original joints and material is essential for keeping the authenticity of the structure.
Modern prefabricated systems are not compatible with this ideal. However, under the risk of
loss of significant cultural heritage, this methodology could be a solution. The deteriorated
elements could be replaced, and the continuity of the structure is maintained with the use of
prefabricated units and components [3].
The proposed intervention for the damage analysis within the frame of technological criteria
of prefabricated timber structures and international wood committee principles are shown on
the following table 2-4.
Table 2: Proposed intervention of damage ‘A’

Damage Analysis ‘A’
Proposed intervention

Technological
principles of
prefabricated timber
structures
ICOMOS,
International Wood
Committee Principles

Highly damaged first floor walls on the front elevation of the house.
On the mezzanine floor, masonry has deep cracks on critical points
of the walls, such as the upper part of windows and doors.
Therefore, first floor damaged walls are proposed to replace with
structural insulated panel or platform wall systems for providing a
lightness to the entire structure. Also, the proposed wall system
provides high strength with adequate thermal isolation parameters,
which provide comfort criteria.
Those systems are compatible with technological principles;
however, lightness and the durability of the prefabricated walls are
the essential points for decision.
Coherent with the principles.
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Table 3: Proposed intervention of damage ‘B’

Damage Analysis ‘B’
Proposed intervention

Technological
principles of
prefabricated timber
structures
ICOMOS,
International Wood
Committee Principles

Deflection of first floor primarily timber beams and decay of
secondary beam’s corners within the sockets of loadbearing
structure.
Masonry on the first floor is occurring o pointed load up on the
timber beams and caused deflection. Therefore, replacing them with
structural insulated panel wall or platform wall systems is proposed.
This deflection occurs a deformation on primarily timber beams.
Deflected primarily timber beams replaced with timber ‘I’ beams
that have high strength ratio and durability. Timber ‘I’ beams can
support secondary timber beams, floor finish materials, and walls
that are rested on them.
Decay of secondary beams which are lost their support function are
replaced with similarly specified beams.
Those systems are compatible with technical regulations. The usage
of timber ‘I’ beam is brought and present-day material look and high
strength and durability. Besides, lightness and the durability of the
prefabricated walls are the crucial factors for structure.
Coherent with the principles.

Table 4: Proposed intervention of damage ‘C’

Damage Analysis ‘C’
Proposed intervention

Technological
principles of
prefabricated timber
structures
ICOMOS,
International Wood
Committee Principles

Deep and shallow cracks and decay poles.
The shallow cracks on the walls are on the plaster, and they are not
related to structural behavior. They can maintain easily. However,
deep cracks are entirely associated with masonry load-bearing
structures. Therefore, replacing timber tie beams are an essential
intervention to prevent those cracks.
Decay of timber poles are risky for providing a long-term strength
for the structure. Those timber poles are very critical for the
structure, which is supporting half part of the first floor. Therefore,
it is necessary to replace them with impregnated timber beams.
Timber tie beams can be impregnated for atmospheric conditions.
Therefore, they can process in a factory. Thus, timber tie beams and
poles are compatible with technological principles.
Coherent with the principles.

6 CONCLUSIONS
The historic urban site of the Tepebağ settlement is losing its authentic characteristics and
importance for the lack of maintenance of the traditional timber houses in a long time. The
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conservation projects of this settlement are prepared with traditional construction techniques
that need considerable amounts of workforce, construction cost, and time. Therefore, there is a
need for a consolidation method for these historical houses. According to the methodology, the
findings of damage analysis and their examination under the comparison charts, building plans
and sectional layouts, judgment about the losses, and their causes are clearly defined. The
technological parameters and their comparison chart give a general format and decision method
for proper structural systems. All those findings provide a general idea for the conservation of
historical structure. However, principles for the conservation of wooden built heritage by the
ICOMOS international wood committee, gives the borderlines of conservation. With all of
those analysis, parameters, and principles, the proposed materials for maintain and conserve the
historical timber structure is decided.
This research is significant and unique for its approach related to contemporary timber
materials, assembly techniques, and their usage for conserving traditional load-bearing timber
frame houses of Adana-Tepebağ. In the future, this research topic can be expended with
instrumental analysis of humidity, temperature, decay of structural elements, and their
conservation and maintenance with contemporary timber materials.
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Abstract. The adoption of effective strengthening techniques of historical constructions is one
of the most widely debated aspects in structural engineering. Within this topic, the application
of steel fiber reinforced mortar (SFRM) has been recently proposed as a low invasive and
effective way to obtain a considerable structural benefit in the safety of existing masonry
structure. To this purpose, in this paper the experimental results obtained on a circular masonry
arches are presented. The considered specimens, subjected to a vertical increasing static load,
is tested in the unstrengthened and strengthened configurations, and is part of a wider
experimental campaign. After presenting and discussing the experimental results, they are
compared with those relative to numerical simulations conducted by means of a discrete macroelement (DME) strategy, based on a simple mechanical scheme, able to model the nonlinear
behavior of masonry structures with a limited computational effort. Such an approach is here
extended to model the SFRM strengthening technique accounting for the main failure
mechanisms associated to the combined presence existing masonry and the additional
strengthening layer applied at the intrados of the arch. Numerical and experimental results
demonstrate the efficacy of the proposed retrofitting strategy both in terms of bearing capacity
and increase of ductility.
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1

INTRODUCTION

Masonry arch bridges still in use in the world roadway and railway network represent an
important portion of the entire bridge stock and most of them were built more than 100 years
ago. Due to their age, the restoration and the conservation of masonry bridge is an important
aim of the infrastructure’s owners. In many cases, a repair intervention is needed in order to
bring the bridge to an adequate structural safety level required by National Standards. Different
actions are responsible of the decrement of the structural safety level of the masonry arch
bridges; for example: the increased traffic loads, the environmental actions, soil settlements,
lack of maintenance, seismic events, etc... Many (traditional and innovative) strengthening
techniques [1, 5] have been investigated by scientific community with the aim to
repair/maintenance masonry bridges.
Recently, the use of reinforced mortar with short steel fibers as strengthening system applied
to concrete or masonry has caught the attention of many researchers. In fact, this composite
material has high value of compressive and tensile strengths with a good tensile ductility due
to the steel fibers.
In this paper, the effectiveness of steel fiber reinforced mortar (SFRM) for the strengthening
of masonry arches is evaluated. A masonry arch previously loaded in order to achieve a
specified damage level, was strengthened with a SFRM layer at the intrados and then retested
[3]. Numerical simulations have been performed in order to describe the non-linear behavior of
the masonry arch in unstrengthened and strengthened condition. The HiStrA software based on
a discrete macro-model, already available in the literature, has been used for the numerical
analysis that show good agreement with the experimental results.
2

EXPERIMENTAL CAMPAIGN

A single masonry arch (Fig. 1) was tested (UN.ND) under a monotonic force concentrated
at the arch crown then it was retested (UN.LD) in order to evaluate the residual strength of the
specimen after the first loading. Subsequently, the arch was strengthened using a 30 mm layer
of SFRM (Fig. 2) applied at the arch intrados and it was tested again (SFRM.LD).
The arch specimen was comprised of 29 clay bricks disposed in a single layer. The arch rise (f),
span length (L), thickness (S), and width (W) were 610 mm, 1430 mm, 110 mm, and 245 mm,
respectively as reported in Fig. 1. Standard clay bricks were used in this investigation with
nominal dimensions equal to 245x110x60 mm.

Figure 1. Arch geometry and brick-joint numbering.
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A low strength cementitious mortar was used for the arch joints in order to replicate the current
condition of existing arches. Standard clay bricks were used in this investigation with nominal
dimensions equal to 245x110x60 mm. The SFRM is comprised of a high strength mortar fiberreinforced with around 2% of hook end steel fibers in volume. The mechanical parameters
experimentally evaluate are reported in Simoncello et al 2019 [3].

a)
b)
c)
Figure 2. Strengthening procedure: a) SFRM dimension, b) Formwork, c) SFRM pouring.

The load was applied through a hydraulic manual jack connected to a load cell with a maximum
capacity of 20 kN. The load cell was placed on a 20 mm thickness steel plate on top of brick
b.15, as shown in Fig. 2. During tests UN.ND and UN.LD, the arch was loaded past the peak
load until the load dropped to 0.25 kN and then unloaded. Test SFRM.LD was ended when
failure of the arch was attained. During testing, vertical and horizontal displacements of the
arch were monitored by means of seven linear variable differential transducers (LVDTs)
positioned as shown in Fig. 3.

Figure 3. Test setup: applied load system and displacement monitoring.
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3

DISCRETE MACRO ELEMENT-BASED NUMERICAL STRATEGY

In this work a numerical strategy based on a discrete macro-model, already available in the
literature, is employed for the nonlinear numerical simulations of the considered dome.
According to this approach, the masonry is modeled by an equivalent mechanical scheme
constituted by a hinged quadrilateral endowed with one or two diagonal links to rule the
diagonal shear cracking, and interacting with contiguous elements along its four edges by means
of nonlinear discrete interfaces, which govern the flexional and the sliding behaviour. Each
discrete interface is made of a single or multiple (according to the model) rows of transversal
links for the flexional behaviour and single or multiple (according to the model) sliding links.
The different stages of this discrete element are reported in Figure 4. This approach was
originally introduced for modeling the in-plane behavior of unreinforced masonry structures [6]
(Figure4a). This plane element possesses four degrees of freedom, a single row of transversal
links and a single in-plane sliding link, and is able to model the main failure mechanisms of the
masonry in its own plane, as long as a proper calibration procedure of the links is adopted. Two
subsequent upgrades were achieved to expand the potentialities of the approach. First, the outof-plane (spatial) behavior, typical of historical constructions, was added [7] by considering
additional rows of transversal links and two additional out-of-plane sliding links (able to govern
the out of plane shear behaviour and the torsion), thus enabling the out-of-plane degrees of
freedom (Figure 4b). Subsequently, a further upgrade was introduced considering a shell macroelement characterized by an irregular geometry, variable thickness along the element and skew
interfaces [8] in order to deal with structures with a curved geometry, such as vaults and domes,
Figure 4c. The calibration procedures, concerning the mechanical properties of the links, were
properly extended in order to account for the more complicated geometry of the element, but
keeping the same general philosophy.
Numerical and experimental validations of the proposed approach, with reference to full scale
historical structures can be found in [9, 10]; a specific study devoted to the investigation of
arched structures is reported in [11].

(a)

(b)

(c)

Figure 4. Layout of the macro-element adopted for masonry at its three stages: (a) plane element, (b)
spatial regular element and (c) three-dimensional element for curved structures.

In all the above referenced paper applications in the nonlinear static field where proposed. More
recently, the proposed approach has been upgraded to account for the presence of fiberreinforced reinforcements [12], Figure 5. However, none of the studies focused on strengthened
structures was devoted to SFRM; in this paper, the proposed methodology is applied for the
first time with reference to curved structures reinforced with a SFRM technique.
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Figure 5. Layout of the interaction between flat FRP discrete element and masonry substrate [9].

4

COMPARISON BETWEEN EXPERIMENTAL AND NUMERICAL RESULTS

The maximum load Pmax, the ratio between the test maximum load and that of the test UN.ND
(Pmax/Pmax,UN.ND), and ductility for each test are summarized in Table 1. In this paper, the
ductility is computed as the ratio between the ultimate displacement (the displacement at
ultimate load, taken as 85% of the maximum load in the descending branch of the applied load
vs. arch crown displacement curve) and the displacement at the end of the elastic branch [3].
Table 1. Summary of test results.

SPECIMEN
UN.ND
UN.LD
SFRM.LD

Pmax
[kN]
0.44
0.34
14.15

Pmax/Pmax,UN.ND Ductility
1.00
0.76
31.87

12.77
11.72
2.90

The unstrengthened specimens exhibited a typical mechanism characterized by the formation
of four alternate hinges, as shown in Fig. 6. For both tests, the location and sequence of the
hinges remained the same. Moreover, it is important to underline that due to the randomness of
the material the hinge configuration is not symmetrical as well-known from equilibrium theory.

Figure 6. Collapse mechanism for the strengthened condition
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A numerical model was implemented in the software environment HiStrA (Historical Stuctures
Analysis) which employs the numerical approach described in the previous section. The model
is made of 29 elements (which are associated to 116 inplane degrees of freedom), for which the
adopted mechanical properties are summarized in Table 2. In particular, the flexural constitutive
law is characterized by the Young’s modulus E, the compressive c and tensile t strengths and
the compressive Gc and tensile Gt fracture energies; the shear diagonal behavior is considered
elastic and associated to the shear modulus G; no sliding can occur among the blocks.
Typology
Masonry
arch
SFRM

Table 2. Mechanical properties adopted in the numerical model.

[MPa]

c

Gc
[N/mm]

[MPa]

t

Gt
[N/mm]

G
[MPa]

c
[MPa]

Gs
[N/mm]

w
[kN/m3]

1000

7.22

3

0.014

0.04

400

-

-

18

15000

91.02

1000

10

5

6000

0.2

0.13

24

E
[MPa]

In Figure 8a, a comparison between numerical and experimental results in terms of capacity
curve, is depicted. The results show a good agreement in terms of initial stiffness, peak load
and softening branch. The agreement is encountered also in terms of failure mechanism, Figure
8b, which is characterized by the opening of five flexural hinges with symmetric locations. The
progression of the opening of the flexural hinges is also identified in the capacity curve.

(a)

(b)
Figure 8. Numerical results of the unstrengthened arch in terms of a) load–arch crown displacement and b)
failure mechanism

Since the thickness of the SFRM strengthening is not negligible with respect to the arch
thickness, in the numerical model of the strengthened arch it is modelled with an inner ring of
29 discrete elements, which lead to a total amount of degrees of freedom equal to 232. The
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inner ring of elements is associated to the mechanical properties reported in Table 2. In
particular, the sliding between inner SFRM ring and external masonry arch is enabled and
associated to an elastic-plastic behaviour with softening associated to the cohesive strength c
and fracture energy Gs. In Figure 9 the results in terms of capacity curve and failure mechanism
are reported; as expected, the failure mechanism involves the sliding between the masonry arch
and the SFRM reinforcement, which also delays the opening of the flexural hinges. Again, the
sequence of opening of the hinges is summarized in the capacity curve thus allowing to
reconstruct the progression of the damage in the arch. The numerical results, which are in good
agreement with the experimental ones, are able to grasp the beneficial contribution and the
effectiveness of the SFRM technique.

(a)

(b)
Figure 9. Numerical results of the strengthened arch in terms of a) load–arch crown displacement and b) failure
mechanism

5

CONCLUSION

In this paper, the destructive experimental tests of a masonry arch (in the unstrengthened
condition and in the strengthened with SFRM layer applied to arch intrados condition) have
been reported. Results show an increase in term of load-carrying capacity of around 40 times
respect to the unstrengthened condition. A simplified numerical strategy based on a Discrete
Macro-Element approach, previously adopted for modelling masonry structures, and other
strengthening techniques, is here applied for the first time to model arches reinforced with
SFRM. The numerical simulations, using a HiStrA software based on a discrete macro-model,
show the load-arch crown displacement curve with a good agreement respect to the
experimental curves. The failure modes as collapse mechanism for the unstrengthened
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condition and the detachment of the SFRM strip for the strengthened condition are in according
with the experimental results.
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Abstract. Strengthening with composite materials is becoming more and more an effective
solution for increasing the structural safety of masonry buildings, often subjected to severe
degradation or potentially vulnerable to seismic events. Structural retrofitting can be
performed according to different techniques, based on Fiber Reinforced Polymer (FRP) or
Fiber Reinforced Cementitious Matrix (FRCM) strengthening systems. The second group of
composite systems is usually preferred nowadays thanks to some important advantages such
as better compatibility with the substrate, applicability on wet surfaces, fire resistance,
permeability and reversibility. Several experimental and numerical studies can be found in
literature concerning masonry panels strengthened with FRP and FRCM systems. The
knowledge about the use of the latter, nevertheless, is still partially limited, in particular if the
out-of-plane behaviour of walls is taken into account, with the experimental and numerical
database available resulting mainly restricted to monotonic cases. In this framework, results
of an experimental campaign devoted to the study of the out-of-plane behaviour of tuff and
brick masonry walls strengthened with different types of FRCM systems will be presented and
discussed in this paper, performing also a comparison with available predictive formulas.
Experimental results showed, in general, good performance of FRCM composite materials,
with a proper exploitation of their tensile capacity, proving their effectiveness for the out-ofplane strengthening of historical masonry walls.
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1

INTRODUCTION

Historical buildings and civil constructions are commonly made, especially in the Southern
Europe area, with stone, brick or tuff elements coupled with hydraulic lime-based mortars, for
realizing different types of masonries. The masonry panels behaviour, primarily as a reaction
to horizontal actions triggered for example during a seismic event, represents a key issue to be
investigated, in order to improve structural safety of the constructions, avoiding local and
global failure mechanisms.
In the last years, several studies have been carried out on masonry elements retrofitted with
composite materials such as Fiber Reinforced Polymers (FRPs) or Fiber Reinforced
Cementitious Matrix (FRCM) systems, highlighting advantages and drawbacks of these two
kinds of strengthening techniques, starting from applicability on wet surfaces until fire
resistance or compatibility and removability of the strengthening materials used [1-12].
However, only few works are focused on the out-of-plane behaviour of masonry walls built
with different masonry substrates and strengthened with composite materials [13-17].
In this framework, the objective of the present study is to improve the knowledge about
failure modes and performances of two particular masonry substrates (made with tuff stones
and clay bricks) when retrofitted with FRCM systems comprising basalt, aramid-glass fiber
grids and steel fiber sheets, using also different layouts during their application to masonry
panels. A specific, purposely made experimental set-up, validated during previous laboratory
flexural tests [15,16], was used to simulate the effect of a distributed out-of-plane load, such
as that generated during a seismic event and the outcomes coming from retrofitted samples
were then discussed in terms of maximum bending moment capacity and displacement at
failure, highlighting the effects of the FRCM strengthening systems with respect to the
reference unreinforced panel.
Finally, predictive formulas, expressed in accordance with ACI 549.4R-13 guideline
approach [18], were compared with the experimental outcomes, starting from the preliminary
mechanical characterization of the materials used for retrofitting the masonry walls.
2

MATERIALS AND SAMPLES PREPARATION

The experimental campaign carried out for the evaluation of the out-of-plane behaviour of
tuff and brick masonry walls strengthened with FRCM composites is summarized in Table 1,
where each specimen type is identified with a simple code containing the wall substrate (B =
brick or T = tuff masonry), the applied FRCM system (basalt G2, aramid-glass R1, steel G6
or steel G12) and the number of FRCM plies. For each sample type, a single test repetition
was performed, for a total number of 12 out-of-plane flexural tests.
Details and mechanical characterization of masonry walls and FRCM strengthening
systems will be discussed in the following.
2.1 Masonry walls
The masonry walls tested were built with both clay bricks and tuff blocks using the same
low strength natural hydraulic lime (NHL) mortar for bed joints. Clay brick masonry samples
were double-leaf panels with dimensions of 1.20×0.25×2.70 m3, fabricated from standard clay
bricks with nominal size 250×120×55 mm3, adopting a mortar joints thickness of about 10
mm. Tuff block masonry instead was built starting from tuff blocks with nominal size
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370×245×105 mm3, resulting in a masonry panel with total dimensions of 1.13×0.245×2.70
m3. The samples were cured in laboratory-controlled conditions after construction and before
the application of FRCM strengthening systems. Materials characterization was carried out by
testing masonry prisms [19] and mortar cubes [20] in compression after 28 days of curing.
The obtained average compressive strength of masonry prisms was 8.50 MPa and 2.08 MPa,
respectively, for clay brick and tuff masonry, whereas the mean 28 days mortar cubes
compressive strength was 2.52 MPa.
Table 1: Experimental campaign.

Specimen ID
B_URM
B_G2-1
B_R1-1
B_R1-2
B_G6-1
B_G12-1
T_URM
T_G2-1
T_R1-1
T_R1-2
T_G6-1
T_G12-1

Substrate type

Brick (B)

Tuff (T)

FRCM system
Basalt G2
Aramid-glass R1
Aramid-glass R1
Steel G6
Steel G12
Basalt G2
Aramid-glass R1
Aramid-glass R1
Steel G6
Steel G12

n. of plies
1
1
2
1
1
1
1
2
1
1

2.2 Strengthening systems and layout
Four different types of FRCM strengthening systems were used for performing wall
flexural tests on both clay brick and tuff substrates, comprising steel, basalt and aramid-glass
fibers. All the strengthening systems were applied using the same natural hydraulic lime
(NHL) mortar as FRCM matrix, characterized by a nominal compressive strength of 15 MPa.
Steel G6 system is a unidirectional sheet made of ultra-high strength galvanized steel
micro-cords (SRG) characterized by a total mass (inclusive of thermal welding) of 670 g/m2
and by an equivalent fiber thickness of 0.084 mm.
Steel G12 system is another unidirectional SRG system made of the same ultra-high
strength micro-cords, but characterized by a different density (1200 g/m2) and by an
equivalent thickness of 0.169 mm. Steel G6 and G12 systems were applied to the wall by
using a discontinuous layout (see Figure 1a), adopting three vertical 100 mm-wide strips,
whereas all the other FRCM systems were applied by following the continuous layout shown
in Figure 1b.
Aramid-glass R1 system is a bi-directional grid with a nominal spacing of 15 mm and a
density of 250 g/m2 (equivalent dry fiber thickness along the tested direction is 0.031 mm),
applied according to two different configurations: single ply (R1-1) or double-ply (R1-2)
layout.
Basalt G2 system is instead characterized by the use of a basalt grid with a total density of
200 g/m2 and a nominal spacing of 17 mm (equivalent dry fiber thickness along each direction
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SRG SYSTEMS

20

20

20

20

is 0.032 mm). All the FRCM/SRG systems were mechanically characterized at University of
Miami according to AC 434 Annex A [21], performing tensile tests in order to evaluate the
ultimate tensile strength, the cracked and uncracked moduli of elasticity and the ultimate
tensile strain of the strengthening systems. The obtained average values, which will be used
for comparison between experimental results coming from wall flexural tests and predictive
formulas [18], are summarized in Table 2.

SRG SYSTEMS
ARAMID-GLASS AND ARAMID-GLASS
BASALT
AND BASALT
FRCM SYSTEMS
FRCM SYSTEMS
NHL MATRIX

450

(a) (a)

450

1000

(b)

(a)

1000

(b)

20

450

20

450

NHL MATRIX

(b)

Figure 1: Strengthening systems layout: (a) SRG systems; (b) aramid-glass and basalt systems.
Table 2: Materials characterization: results of tensile tests on FRCM systems according to AC434, Annex A.

Strengthening
system
G6
G12
R1
G2

Ultimate stress
[MPa]
884.1
617.5
1188.0
685.2

Cracked modulus Uncracked modulus
of elasticity
of elasticity
[GPa]
[GPa]
58.51
452.9
37.27
400.9
30.63
2054.5
46.65
1784.5

Ultimate strain
[%]
1.42
1.08
2.93
1.86

3 OUT-OF PLANE TEST SET-UP
The experimental set-up used for evaluating the flexural capacity of clay brick and tuff
masonry walls was a purposely designed set-up, able to test full-scale samples, previously
validated during several experimental campaigns carried out on FRCM-strengthened masonry
panels [15,16].
The set-up, shown in Figure 2, allowed to place the walls following a simply supported
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static scheme, adopted to induce flexural failure, and to apply horizontal loads together with a
constant uniform vertical compression axial stress (σ = 0.2 MPa for clay brick masonry walls
and σ = 0.15 MPa for tuff samples). Out-of-plane forces were applied along four
symmetrically distributed positions, generating a bending moment distribution quite similar to
that produced by a uniform distributed load. Test walls were anchored to the reaction wall and
to the laboratory strong floor by means of steel elements, allowing the panels to bend in the
out-of-plane direction.
Pressure transducers were used to measure independently the out-of-plane forces and the
vertical stress, applied by using two independent hydraulic circuits. Horizontal displacements
at the top, bottom and mid-height of the walls were measured by means of draw-wire
displacement transducers (WDTs). Two additional displacement transducers (LVDTs) were
used to measure rotation of the bottom hinge.
Further details on the adopted experimental set-up can be found in [15].
Tests were performed under horizontal force control at a rate equal to 2 kN/minute,
adopting a data acquisition rate of 2 Hz.

Figure 2: Experimental set-up.

4 EXPERIMENTAL RESULTS
Experimental results in terms of failure modes, maximum capacity and moment-deflection
curves will be presented and discussed in this section.
4.1 Failure modes
Table 3 and Table 4 show the results obtained for both clay brick and tuff brick walls.
The two different failure modes identified during out-of-plane tests are shown in Figure 3:
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a) flexural failure with fiber tensile rupture (Figure 3a) or b) shear failure of the strengthened
wall (Figure 3b). In more detail, flexural failure always occurred due to the tensile failure of
the FRCM fabric in proximity of the panel mid-height, in a portion of the wall where the
bending moment was constant and maximum, and it was always located in correspondence of
a previously cracked section of the masonry wall. Shear failure were observed from walls
strengthened by high density steel fabric (B_G12-1, T_G12-1) or with low substrate
mechanical properties (T_G6-1).
Table 3: Out-of-plane test results: clay brick substrate specimens.

Specimen

Failure mode

B_URM
B_G2-1
B_R1-1
B_R1-2
B_G6-1
B_G12-1

Flexure
Flexure
Flexure
Flexure
Flexure
Shear

Maximum capacity
Mmax
[kN m]
9.80
14.56
22.99
31.76
32.35
30.69

Increment

Maximum deflection
δmax
[mm]
6.66
12.08
44.94
47.00
63.92
34.07

[%]
+ 48.57
+ 134.59
+224.08
+230.10
+213.16

Table 4: Out-of-plane test results: tuff brick substrate specimens.

Specimen

Failure mode

T_URM
T_G2-1
T_R1-1
T_R1-2
T_G6-1
T_G12-1

Flexure
Flexure
Flexure
Flexure
Shear
Shear

Maximum capacity
Mmax
[kN m]
7.77
15.85
19.33
24.53
20.80
16.91

Increment

Maximum deflection
δmax
[mm]
31.39
61.69
63.26
50.17
47.60
19.77

[%]
+ 103.99
+ 148.78
+ 215.70
+ 167.70
+ 117.63

(b)

(a)

Figure 3: Test results: typical failure modes: (a) flexural failure with fiber tensile rupture; (b) shear failure.
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4.2 Out-of-plane capacity and moment-deflection curves
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The maximum bending moment Mmax reached during the out-of-plane experimental tests,
in comparison to the unreinforced masonry (URM) walls is indicated in Table 3 and Table 4,
respectively, for clay brick and tuff walls, together with the maximum deflection δmax.
Steel (G6 and G12) and aramid-glass (R1) strengthening systems showed the best results,
with an optimal efficiency moving from one ply (R1-1) to two plies (R1-2) in the case of
aramid-glass samples. All the samples, except for B_G12-1 wall, proved to be able to reach
the maximum strengthening system capacity without premature debonding phenomena or
shear failure of the substrate. The capacity increment, in comparison to the unreinforced
sample, was remarkable for all the brick walls tested, ranging from a minimum of 48% to a
maximum of 230%.
The same comparison made for tuff masonry walls highlighted some differences: the
premature shear failure of the substrate limited the maximum capacity of SRG strengthened
samples, whereas G2 and R1 bidirectional grids reached their mechanical capacity. As for
brick samples, a good increment was found passing from one ply to two plies in the case of
R1 strengthening system. The difference between strengthened and URM walls was included
in the 104 - 216% range, highlighting again the good efficiency of FRCM strengthening
systems also in case of substrates with lower mechanical properties.
Figure 4 shows the moment-deflection curves obtained during flexural tests for all the
walls tested, including clay brick (Figure 4a) and tuff substrate (Figure 4b). As a general
remark, all the strengthened samples showed a typical bilinear behavior, with a first almost
linear phase until the onset of cracking (which can be identified as a short non-linear phase
characterized by a progressively decreasing slope) and a second branch with an almost
constant positive slope. The curves, in general, highlighted not only the remarkable increment
in terms of maximum bending moment measured from strengthened samples, but also an
evident increment in displacement capacity (see Figure 4 and Tables 3,4).
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Figure 4: Out-of-plane test results: moment-deflection curves: (a) clay brick walls; (b) tuff masonry walls.
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4.3 Discussion of experimental results: comparison between brick and tuff masonry
If moment-deflection curves obtained from the two different substrates are compared,
considering the same strengthening system type, some general trends can be observed (see
Figure 5). First of all, since the out-of-plane capacity depends both on masonry mechanical
properties and on the strengthening system efficiency, retrofitted clay brick walls showed, as
expected, higher out-of-plane flexural capacity if compared to strengthened tuff masonry
walls. If initial stiffness of moment-deflection curves is analyzed, again tuff masonry,
characterized by weaker mechanical properties, showed the worst results, independently from
the FRCM system type considered. Analyzing maximum displacement capacity of basalt and
aramid-glass FRCM systems (Figure 5a), the maximum deflection registered during
experimental tests was generally similar or higher for tuff masonry walls. When dealing with
G6 and G12 steel systems instead (see Figure 5b), the premature shear failure of masonry
substrate caused a completely different trend, with a reduced displacement capacity for tuff
samples when compared with similarly strengthened clay-brick walls.
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Figure 5: Comparison between moment-deflection curves on different substrates: (a) basalt G2 and aramid-glass
R1 systems; (b) G6 and G12 steel systems.

5

COMPARISON WITH PREDICTIVE FORMULAS

Out-of-plane flexural capacity Mn of masonry walls has been also estimated by
following the ACI 549.4R-13 approach [18], starting from the definition of the effective
tensile strain and stress levels of the composite at failure. Results have been then
compared with experimental findings Mmax.
The effective tensile strain of the FRCM composite material can be evaluated from
tensile tests performed according to AC 434 Annex A (Table 2). Since the purpose of the
comparison is not to calculate design values, but to compare predictive formulas with
experimental results, ultimate strain values reported in Table 2 will be considered as effective
tensile strain values εfe, without the strain limitation εfe ≤ 0.012 contained inside ACI 549.4R13 [18], suitable for design of the strengthened elements.
Following this approach, the effective tensile stress level at failure ffe is:
ffe = Ef ∙εfe
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where Ef is the tensile modulus of elasticity of the cracked FRCM composite material (see
Table 2) and considering the stress limitation ffe ≤ ffu , where ffu identifies the experimental
ultimate tensile strength of the FRCM composite.
Starting from the effective tensile stress at failure and assuming the stress block factors
β1 = 0.7 and γ = 0.7, respectively for the extension of the part under compression and the
intensity of the uniform stress, equilibrium of forces can be used to calculate the neutral
axis depth c. If the failure mode is governed by FRCM failure:
𝑐𝑐 =

Q+nf ∙A ∙ ffe
f

γ ∙ f'm ∙β1 ∙B

(2)

where Q is the applied axial force, nf the number of plies of the FRCM system, Af the
FRCM composite area per ply, f’m the compressive strength of masonry and B the width of
the masonry wall. After calculating the neutral axis depth, and indicating with tw the wall
thickness, the nominal flexural strength Mn can be determined as:
tw
c
tw
Mn = γ ∙ f'm ∙β1 ∙ c ∙B∙ ( - β1 ∙ ) +nf ∙Af ∙ ffe ∙
2
2
2

(3)

It should then be verified that the compressive strain in the masonry does not exceed
the ultimate value εmu, generally assumed equal to 0.0035:
c
εm = εfe ∙ (
) ≤ εmu
tw - c

(4)

Otherwise, if crushing of masonry is the governing failure mode, in order to calculate
the neutral axis depth, the following equation is needed:
c2 (γ ∙ f'm ∙β1 ∙B)+c∙(εmu ∙Ef ∙Af - Q)- εmu ∙Ef ∙Af ∙ tw =0

(5)

and the nominal flexural strength can be determined as:

tw
c
tw
Mn = γ ∙f'm ∙β1 ∙ c ∙B∙ ( - β1 ∙ ) +nf ∙Af ∙Ef ∙εf ∙
2
2
2

(6)

Finally, if this second failure mode occurs, it should be verified that the tensile strain in
the fiber does not exceed the ultimate strain value εfu, determined through mechanical
characterization of the FRCM material (see Table 2):
εf = εmu ∙ (

tw - c
) ≤ εfu
c

(7)

The out-of-plane nominal capacity Mn, calculated according to this theoretical
formulation, is reported in Table 5 and Table 6, respectively, for clay brick and tuff
masonry walls and compared with the experimental capacity Mmax.
As can be observed from the tables, ACI 549.4R-13 approach provides results that are
on the safe side, with ratio Mmax / Mn ranging from 1.26 to 2.79 for clay brick masonry
panels and from 1.88 to 2.75 for strengthened tuff masonry walls. Figure 6a, where
experimental and theoretical values of each clay brick masonry specimen are compared,
shows, in more detail, a good approximation for G2 basalt samples, but a completely
different result, with a larger underestimation of experimental outcomes, in the case of
steel and aramid-glass samples with 2 plies. The same trend can be also observed for tuff
walls strengthened with basalt and aramid-glass FRCMs (Figure 6b), but cannot be
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confirmed for those retrofitted with G6 and G12 steel strengthening systems, where shear
failure occurred in masonry before reaching the maximum out-of-plane flexural capacity.
Table 5: Comparison with predictive formulas: clay brick masonry walls.

Specimen
B_URM
B_G2-1
B_R1-1
B_R1-2
B_G6-1
B_G12-1

Experimental capacity M max
[kN m]
9.80
14.56
22.99
31.76
32.35
30.69

Nominal capacity M n
[kN m]
7.25
11.55
9.99
12.72
11.61
12.24

Mmax / Mn
[]
1.35
1.26
2.30
2.50
2.79
2.51

Table 6: Comparison with predictive formulas: tuff masonry walls.

Maximum Capacity M (kN m)

T_URM
T_G2_1
T_R1-1
T_R1-2
T_G6-1
T_G12-1

Experimental capacity M max
[kN m]
7.77
15.85
19.33
24.53
20.80
16.91

35

Nominal capacity M n
[kN m]
4.56
8.40
7.03
9.41
8.45
9.00

Experimental
ACI 549

30
25
20
15

10
5

Maximum Capacity M (kN m)

Specimen

0

Mmax / Mn
[]
1.70
1.89
2.75
2.61
2.46
1.88

35

Experimental
ACI 549

30
25
20
15

10
5
0

Specimen

Specimen

(a)

(b)

Figure 6: Comparison between experimental results and predictive formulas (ACI 549.4R-13): (a) clay brick
masonry walls; (b) tuff masonry walls.

6

CONCLUSIONS

The paper presents the results of an experimental campaign focused on the evaluation of
the out-of-plane behaviour of clay brick and tuff masonry walls retrofitted with FRCM
composite materials.
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Flexural tests were performed by using a purposely design set-up, able to independently
apply an axial force and out-of-plane horizontal forces on a full-scale masonry panel,
evaluating failure modes and capacity of the strengthened walls. The experimental results
showed a good efficiency of the strengthening systems, with capacity increments, in
comparison to the URM wall, ranging from 48% to 230% for brick masonry samples and
from 104% to 216% for tuff specimens.
The most common failure mode was flexural failure of the wall with final tensile failure of
the FRCM reinforcement, with only a few cases of shear failure, involving high density steel
strengthening systems.
Tests were also performed on aramid-glass fibers, investigating the effect of a different
number of plies and highlighting that a remarkable capacity increment is possible passing
from one to two plies, at least for low density fabrics, without changing the failure mode of
the strengthened wall.
Finally, starting from mechanical characterization of the FRCM systems, a comparison
between experimental capacity and nominal capacity, calculated according to ACI 549.4R-13
[18] approach, was performed, obtaining values of their ratio ranging from 1.26 to 2.79 for
clay brick masonry walls and from 1.88 to 2.75 for strengthened tuff specimens and therefore
concluding that theoretical values are always on the safe side, with an underestimation of
experimental outcomes.
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Abstract. Steel Reinforced Grout (SRG) is a mortar-based composite recently developed for
structural retrofitting, which provides high tensile strength with limited increase in mass and
in stiffness, and whose effectiveness relies on the good interaction between steel cords and
inorganic matrices. Many companies already supply SRG systems for rehabilitation activities
and the scientific community has been working intensively on experimental and numerical
investigations to demonstrate their effectiveness for structural applications, which also led to
the inclusion of SRG in national and international standards for product qualification and
design. However, a clear view of the mechanical properties of these systems is still lacking, due
to their variability, which, in turn, strongly depends upon cord layout, textile architecture, and
characteristics of the matrix. This paper provides an overview of the mechanical properties of
SRG composites on the basis of the tests carried out at Roma Tre University and of the other
experimental evidences available in the literature. The results of tensile tests on bare textiles
and SRG coupons with different inorganic matrices, and of bond tests on masonry and
reinforced concrete substrates are collected and the performances of the different SRG systems
are compared. The influence of the mortar matrix on crack spacing, ultimate strain and tension
stiffening in tensile tests is analysed. The capacity of the steel cords to ensure a proper shear
transfer through interlocking within the matrix and the effect of cord density on failure
mechanisms in bond tests are also discussed.
1

INTRODUCTION

Steel Reinforced Grout (SRG) is a class of innovative mortar-based composites, named as
Fabric Reinforced Cementitious Matrix (FRCM), developed for structural rehabilitation, as
externally bonded reinforcements of existing reinforced concrete and masonry constructions.
They can enhance structural capacity without alterations of geometry, mass and stiffness.
Similarly to other FRCM systems, SRG may represent a valid solution to traditional techniques,
such as the installation of steel tie-bars, the construction of crowning beams or the laying of
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reinforced concrete plater overlays, which may be invasive, non-reversible, more expensive and
inappropriate for applications to historical buildings. Therefore, they actually are an effective
strengthening system first at all for cultural heritage thanks to their high compatibility between
mortar matrix and masonry substrate.
SRG specific benefits have been demonstrated by a number of investigations carried out in
different application fields. More specifically, experiments showed that the use of steel as
reinforcement in FRCM composites provides an improvement of mechanical properties thanks
to the ductility [1, 2] and the high tensile strength [3] of the textile. The layout of the cords also
ensures a particularly efficient interlocking with mortar matrices, improving the bond at their
interface [4, 5, 6, 7]. Finally, connection and anchorage systems can be effectively added to
SRG overlays [8, 9, 10], allowing their installation on various structural members [11, 12, 13,
14] and ensuring particularly high gains in load carrying capacity as well [17,18]. On the basis
of such investigations, SRG composites are currently included in the testing [19], acceptance
[20] and design [21, 22] guides.
This paper collects the most recent research studies on SRG carried out in Roma Tre University
according to EAD certification procedure [23], which followed those performed within the
RILEM TC-250 CSM (Composites for the Sustainable Strengthening of Masonry) [22]. The
most significant mechanical characteristics are compared to discuss the effect of the following
parameters: architecture of the single cord, density of the textile, characteristics of the matrix
and the substrate materials (concrete, clay bricks and tuff units).
2 MECHANICAL PROPERTIES OF STEEL TEXTILE AND SRG COMPOSITE
UNDER DIRECT TENSILE TEST
In this paragraph, results of direct tensile test on bare steel textile and on SRG coupons are
collected from Roma Tre University tests and others experimental investigations.

Figure 1.1: Experimental set up
for tensile tests on dry textile

Figure 2.2: Experimental setup for tensile
tests on SRG coupons

Figure 3.3: Experimental
setup for shear bond tests

2.1 Tensile behaviour of steel textile
Direct tensile tests (Figure 1.1) on steel textiles are carried out to obtain peak stress,
corresponding strain, and Young’s modulus. In particular, in this case are collected properties
and results from Roma Tre University(†)[24] and RILEM TC 250-CSM(*) [25, 26, 27]
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experimental studies on four typologies of steel textiles:
S1) Galvanized Steel textile, consisting in Ultra High Tensile Strength Steel (UHTSS) cords
with 6.35mm spacing, 0.084mm design thickness and 670g/m2 surface mass density (low
density). Each cord (Area=0.538mm2) is obtained by twisting 2 wires around 3 rectilinear ones,
having 0.108mm2 cross section area.
S2) Galvanized Steel textile, consisting in Ultra High Tensile Strength Steel (UHTSS) cords
with 3.18mm spacing, 0.169mm design thickness and 1340g/m2 surface mass density (lowmedium density).
S3) Steel textile, characterized by AISI 304 stainless steel made of cords, with 3.18 mm
spacing. Each cord (cross section area=0.595mm2) is obtained by twisting 5 wires having 0.119
mm2 cross section area; 0.188mm design thickness and 1500g/m2 surface mass density.
S4) Steel textile, characterized by AISI 316 stainless steel made of ropes, obtained by
twisting several small wires; ropes have a cross section area of 0.69mm2 each and are spaced
5mm.
Table 1: Geometrical properties and mechanical characteristics of steel textile under direct tensile test

Specimen label
S1*
S2†
S3*
S4*

c
[cords/mm]
0.157
0.314
0.315
0.200

i
[mm]
6.35
3.18
3.18
5.00

γ
[g/m2]
670
1340
1500
1057

t
[mm]
0.084
0.169
0.188
0.138

fs
[N/mm2]
3191
3005
2084
1150

Es
[kN/mm2]
186
184
130
147

εs
[%]
2.19
1.90
2.29
1.18

c = cord density; i = spacing; γ = surface mass density; t = equivalent (design) thickness
fs= peak stress; Es= secant Young’s modulus ; εs =strain corresponding to peak stress;
*
= RRT by RILEM TC-250 CSM experimental tests [25, 26, 27]
†
= experimental tests recently carried out in Roma Tre University according to EAD [24]

Table 1 reports the main results of direct tensile tests on bare textiles: galvanized steel
achieves the maximum tensile stress (around 3000N/mm2). Stainless steel tensile behaviour
assumes Young’s modulus lower than galvanized one, which could depend not only on the steel
treatment (galvanized vs stainless) but also on the different cord architecture, causing a limited
easy handling as well.
2.2 Tensile behaviour of SRG coupons
Direct tensile test provides also the constitutive behaviour of SRG (Figure 1.2). The main
mechanical parameters in the un-cracked, cracking, fully cracked stages are collected in this
paragraph [22, 23]. In order to make SRG coupons for direct tensile tests, the four
abovementioned textiles are combined with the following mortars:
ML) Lime based mortar with geopolymeric binders.
MG) Geopolymeric mortar.
MP) Lime and pozzolana based mortar.
MR) Fibre-reinforced cement mortar with polymeric additives.
Table 2 summarizes and compares the experimental results and failure modes (Figure 2.1),
of six SRG systems, from Roma Tre University (†) [24] and Rilem TC 250-CSM (*) experimental
investigations [25, 26, 27].
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Table 2: Properties of mortars and mechanical characteristics of SRG coupons under direct tensile test

Steel
textile
Label
S1*
S2†
S1*
S2†
S3*
S4*

Inorganic mortar

SRG direct tensile results

fcm
Ecm
ftm
ft
[N/mm2] [kN/mm2] [N/mm2] [N/mm2]
3461
ML
20.6
11.42
5.42
2918
3365
MG
56.3
22.01
10.31
2964
MP
6.4
6.31
1.24
2448
MR
22.7
10.0
11.2
1045

Label

εt
E1m
E3m
[%] [kN/mm2] [kN/mm2]
2.03
914
184
1.82
1063
187
1.90
1718
186
1.92
1352
195
1.75
547
178
1.23
892
102

Failure
mode
A-AB
A
A-AB
A
A-AB
B

fcm = compressive strength; Ecm = Young's modulus from tests on cubic specimens; ftm = tensile strength from
three-point bending tests; ft= peak stress εt =strain corresponding to peak stress; E1m= Young’s modulus in
un-cracked stage; E3m= Young’s modulus in cracked stage.
*
= RRT by RILEM TC-250 CSM experimental tests [25, 26, 27]
†
= experimental tests recently carried out in Roma Tre University according to EAD [23, 24]

Figure 2.1: Failure mode in direct tensile tests
(Rilem procedure)

Figure 2.2: Failure mode in shear bond tests
(Rilem procedure)

Experimental data collected in Table 2 show that peak stress values (ft) and Young’s
modulus at third stage (E3m) are generally very similar to those of bare textiles (fs , Es – Table
1). For instance, in SRG systems made by “S1” steel textile, the mortar contribution is
calculated up to 8%, definitely more than ones made by “S2”.
This phenomenon can be attributed to the fact that the low density of cords well-establishes a
stress transfer among mortar layers, promoting the mechanical interlocking between cords
surface and mortar. At the same time, the maximum contribution of mortar is detected for “S3MP” system, in which the SRG peak stress value increases by 18% with respect to the dry steel
textile. In this case, mortar improves the loading distribution between steel cords. For each test
on SRG carried out under direct tensile, the ultimate strain corresponding to peak stress value
is very close to that calculated for bare textiles, with the only exception of “S3-MP”.
Concerning the failure modes (Figure 2.1), in general the main failures occur near the gripping
areas (Failure mode “A”) because of local stress concentration, anticipated by a progressive
cracking development along the entire length of the coupon. Ruptures took place in the middle
(Failure mode “B”) of the coupon only for “S4-MR” system. Failure “C”, characterized by
cracking in the length of the specimen and fibers slippage, in any case is not observed.
From this test type, tension stiffening could be also clearly observed thanks to the distributed
crack pattern. For both systems made by “S2” steel textile, crack spacing (Figure 3) is similar
and as a result, the failure mode does not depend on the type of the mortar.
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Specimen label

Stress-strain average curve
Tensile behaviour

Failure mode

S2-ML

Stress [N/mm2]

S2

S2-ML†

Strain [%]
S2-MG

Stress [N/mm2]

S2

S2-MG†

Strain [%]

Figure 3: Failure mode in systems with “S2” steel textile (low-medium density). † = experimental tests recently
carried out in Roma Tre University according to EAD [23, 24]

3 SRG-TO SUBSTRATE BOND BEHAVIOUR
Single-lap shear bond test (Figure 1.3) allows studying the SRG-to-substrate stress transfer
behaviour, which is represented by the following properties: stress at peak load (fb), exploitation
ratios (ηdry= fb/fs, the amount of dry textile tensile strength that is exploited at bond failure;
ηcomp= fb/ft, the amount of SRG tensile strength that is exploited at bond failure). Failure
modes are also recognized (Figure 2.2): failure mode “A” corresponds to debonding with
cohesive failure of the substrate; failure mode “B” happens when debonding occurs at the
matrix-to-substrate interface. For debonding at the textile-to-matrix interface, failure mode is
named “C”. Failure mode “D” identifies the textile slippage within the mortar matrix. Failure
mode “E” occurs when textile slippage within the matrix and cracking of the outer layer of
mortar are observed. Tensile rupture of the textile (out of bonded area) is classified in failure
mode “F”. In the following paragraphs shear bond performances of SRG composites bonded to
different substrates (concrete, clay brick masonry and tuff blocks) are discussed. The following
sections collect the experimental data provided by Ascione and co-authors [30] for concrete
substrate, Round Robin Test RILEM TC 250-CSM procedures [25] for brick masonry, and
finally others research documents for tuff substrate [31, 32].
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3.1 SRG-to-concrete bond behaviour
The analysis of SRG-to-concrete substrate bond behaviour is illustrated in a recent research
available in literature [30], in which different parameters have been investigated. Herein, tests
with manufacturing and curing characteristics of SRG similar to Round Robin Test TC 250CSM procedures are selected. Regarding geometrical dimensions of strengthening strip, the
bonded interface length is 300mm, the width dimension is 100mm and the number of layer is
chosen equal to 1. The SRG curing is carried out in room temperature for 28 days and then wet
clothes are placed on the top of composite surface each day for two weeks. Inorganic mortar
assumes these properties: >50MPa is the strength in compression, the tensile strength in
bending is evaluated >8 MPa (28days in curing) and the elastic modulus in compression is
comprised in a range from 20 to 22GPa. In addition, the properties of concrete prisms are
comparable to reinforced concrete in existing buildings (concrete cylindrical strength after 28
days in the range of 13-25MPa). The surface finish (bush hammered and sandblasted) and the
density of steel reinforcement (“S1” an “S2”) are the only variable parameters.
Table 3: Shear bond tests results for SRG-to-concrete substrate

Specimen label

Substrate – surface finish

S1-ML
S2-ML
S1-ML
S2-ML

Concrete – bush hammered
Concrete –bush hammered
Concrete – sandblasted
Concrete – sandblasted

fb
[N/mm2]
2705
1035
2847
899

ηdry ηcomp
Failure mode
[%] [%]
85 78
C or F
34 31
C
89 82
C or F
30 28
C

In Table 3, shear bond test results on concrete substrate are collected: stress values at peak
load depend on the steel density and not on the surface finish. Indeed, the global response of
SRG made of low-density steel textile (“S1”) is mainly provided by steel reinforcement and the
subsequent failure mode corresponds to steel cords tensile failure. On the other hand, steel
textiles with higher density fail at a peak load value which is the half of that achieved by lower
density textiles, thus not exploiting all the strength properties of the SRG composite. This is the
reason why, in “S2” systems, failure occurs by matrix debonding (“C”) within the system, at
the steel-mortar interface. For systems made by “S1” steel textile, failure mode “C” is
associated to steel cords rupture in the unbonded region (“F” mode).
3.2 SRG-to-masonry bond behaviour
Steel Reinforced Grout-to-masonry substrate bond behaviour was deeply studied in the
Round Robin Test initiative organized by the Rilem TC 250-CSM, with laboratories of several
research centres from all Europe involved [25].
The maximum value of stress at peak load was recorded for SRG strengthening made by
“S1” galvanized steel and lime mortar (Table 4). Failure occurred in the unbonded textile (“F”
mode), therefore both exploitation ratios are very close to 100%. S4-MR system also exhibited
a good bond performance, as shown by the high values of the exploitation ratio. In this case,
textile slippage within the matrix took place (Failure mode “D”).
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Table 4: Shear bond tests results for SRG-to-masonry substrate

Specimen label

Substrate

S1-ML*
S1-MG*
S3-MP*
S4-MR*

Clay brick masonry
Clay brick masonry
Clay brick masonry
Clay brick masonry

fb
[N/mm2]
3023
2457
1169
939

ηdry ηcomp
Failure mode
[%] [%]
95 87
F
77 71
B or C
56 48
D
82 89
D

3.3 SRG-to-tuff bond behaviour
In order to investigate the SRG-to-tuff bond behaviour, test data from De Santis and de Felice
[31] and Bilotta and co-autohors [32] are analysed in this paragraph. From the first document
published in 2015, shear bond test performances regarding tuff unit strengthened with two
systems (“S1-ML” and “S1-MG”) are reported in this study. At the same time, other two cases
are provided by the second research: in particular, two typologies of SRG systems applied to
tuff units are analysed. Both the systems are made of the same mortar, named “MH”, which is
a bi-component premixed pozzolan-based grout also including hydraulic natural lime, sand,
polymeric additives and short glass fibers spread in the matrix, having 12.4N/mm2 compressive
strength and 6.2N/mm2 flexural strength. Two galvanized steels are used: three specimens are
manufactured with “S5” steel textile and other three with “S6” steel type. Their properties are
reported in Table 5.
Table 5: Geometrical properties and mechanical characteristics of steel textile

Specimen label
S5
S6

c
t
φ
ff (s)
Ef(s)
εf(s)
2
2
[cords/mm] [mm] [mm] [N/mm ] [kN/mm ] [%]
0.100
0.149 1.38
1570
200
1.10
0.200
0.138 0.93

c = cord density; t = equivalent (design) thickness; φ = cord diameter; ff= nominal tensile stress of dry fibers;
Ef= Young’s modulus ; εf = ultimate strain; (s) = data provided by supplier
Table 6: Shear bond tests results for SRG-to-tuff substrate

Specimen label

Substrate

S1-ML
S1-MG
S5-MH-1
S5-MH-2
S5-MH-3
S6-MH-1
S6-MH-2
S6-MH-3
S6-MH-4

Single tuff block
Single tuff block
Single tuff block
Single tuff block
Single tuff block
Single tuff block
Single tuff block
Single tuff block
Single tuff block

fb
[N/mm2]
1676
1876
183
414
414
1118
1159
476
421

ηdry
[%]
52.6
58.9
12
28
24
71
74
30
27

ηcomp
[%]
110
114
47
41

Failure mode
C
A-C
B
D
D
F
F
B
B

From Table 6, experimental data show the high variability of single-lap shear bond tests
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carried out on tuff substrate. SRG systems made by “S1” galvanized steel textile achieve the
maximum bond value: in particular, “S1-MG” exhibited a higher value of the bond strength
with respect to “S1-ML”, because geopolymer mortar is stronger than lime one. On the other
hand, the maximum exploitation was achieved only for two tests (ηdry=71-74% ηcomp=110114%). Generally, in the other tests, a relatively lower bond capacity was observed, because
of the weakness of the substrate and inappropriate surface preparation (debonding at tuffmatrix interface, failure mode “B”).
3

CONCLUSIONS

The critical review of existing experimental evidences leads to the following observations
on the tensile and bond behaviour of SRG composites:
The rough surface of the steel cords provides an effective load transfer capacity with
the mortar, as demonstrated by the distributed cracks developing under tensile loading;
on the basis of available results, this is independent from the type of mortar matrix;
The good interaction between steel cords and mortar matrix contributes to the
efficiency of the SRG-to-substrate shear transfer capacity, as demonstrated by the high
values of the exploitation ratios (about η=80%) detected in shear bond tests, with
failure occurring by either detachment at the textile-to-matrix interface or tensile
rupture of the cords.
On the other hand, the smoother surface of steel ropes may lead to the slippage of the
textile associated with a lower bond capacity (about η=50%);
The development of adequate interlocking between textile and mortar matrix highly
relies on the spacing between the steel cords.
The following issues still deserve further research efforts:
influence on textile-to-matrix bond capacity of diameter and surface of steel cord;
influence on substrate-to-SRG bond behaviour of substrate preparation, especially on
irregular masonry surfaces and on weak substrate materials;
long-term durability, in terms of both test protocols and results, to be developed in
parallel with the research on other mortar-based composites [32, 33, 34, 35, 36].
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Abstract. Fibre Reinforced Cementitious Matrix (FRCM) composites have been proved to be
a suitable strengthening material for masonry structures in the last years. Moreover, basalt
fibres are increasingly used as reinforcement of composites as a more sustainable alternative
to glass fibres. The goal of this work is to investigate the effectiveness of basalt FRCM to confine
masonry circular columns. A total of eighteen clay brick masonry cylinders were tested in
compression. The specimens were cored from two different masonry assemblies and wrapped
with one or two layers of BFRCM composite. The stress-strain curves and the gains of strength
and strain capacity of confined cylinders compared to the control specimens are reported
together with a description of the failure modes.
1

INTRODUCTION

Recent earthquakes occurred in the Mediterranean area pointed out the high vulnerability of
masonry building heritage, especially when structural details and quality of materials are not
adequate. Masonry constitutes the main construction material of a wide part of the world
building historical heritage and many of these structures need to be preserved for their cultural,
historical and architectural values. Particularly vulnerable structural members are columns or
piers, which usually sustain mainly axial loads. When a structure is affected by structural
deterioration or undergoes change of designed use causing a variation of the acting compressive
forces on columns, brittle crushing failure can arise. As a consequence, the need to repair and
upgrade masonry columns constitutes an ongoing demand.
In this context, the use of external wraps made by composite materials represents one of the
most popular techniques proven to be effective in upgrading the performance of weak masonry
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members [1, 2]. The goal of this method is to increase the axial capacity and the local ductility of
the material, producing a passive confinement action. In the last years growing attention has
been paid to Fibre Reinforced Cementitious Matrix (FRCM) composites [4, 5], which proved to
be suitable for strengthening masonry. The composite inorganic matrix makes the composite
compatible to the masonry substrate and ensures durability in aggressive environmental
conditions, vapour permeability and low sensitivity to high temperatures.
In regard to reinforcement, basalt textiles proved to be a promising alternative to the most
common synthetic fabrics [6], such as carbon or glass fibres.
Currently the majority of published experimental works on FRCM strengthening of masonry
columns focuses on square/rectangular columns [1-8]. Although less common, testing of circular
columns can provide useful data on the effect of pure confinement. Moreover, the effect of the
number of reinforcing layers on the stress-strain response of FRCM-confined columns is
investigated only by few studies [8] as the most of experimental works consider only specimens
reinforced with one or two grid plies [1-7].
The present paper presents the results of a set of axial tests on clay brick masonry cylinders
confined with BFRCM. A preliminary investigation was carried out on the mechanical
properties of constituent materials of masonry and the strengthening system. The cylinders
were assembled using two different brick arrangements in order to test the influence of the
joints on the masonry capacity. The role of the reinforcing ratio was also studied by considering
the confining effect of one or two layers of basalt FRCM. The results in terms of compressive
strength and strain increments allow drawing some conclusions on the effectiveness of this
strengthening system.
2 EXPERIMENTAL PROGRAMME
2.1 Specimen description and preparation
A total of eighteen clay brick masonry cylinders were prepared and tested under uniaxial
monotonic compression. The specimens had a diameter of 94 mm and height of 190 mm, and
were cored from two different assembly schemes, Scheme I and Scheme II (see Fig. 1). Both
schemes provided cylinders with three rows of pressed bricks and 8 mm thick mortar joints.
Cylinders cored from Scheme I had only one vertical joint in the middle third (Fig. 1a) while
cylinders cored from Scheme II had three staggered vertical joints, one at each level (Fig. 1b).
The samples were cored after a curing period of 30 days and then wrapped with one or two
BFRCM layers.
The tested specimens were very small in this study. It may be noted that what is important
is the confinement pressure, not the surface to volume ratio. Existing studies on FRP-confined
concrete columns have shown that there is no significant size effect for circular columns [9].The
only issue which might have some effect is that the overlapping zone is more significant
compared with circumference in very small columns than larger ones, which would require
further research.
Table 1 gives a summary of all the specimens. The tested cylinders were named as CN_SXL,
where C stands for cylinder, N refers to the specimen number, S indicates the assembly scheme
(W and C for Scheme I and Scheme II respectively), X refers to the number of confinement
layers (1 or 2), L means layer. For unconfined samples, the last two letters were substituted by
“Un”.
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Table 1: Compressive tests on BFRCM-confined cylinders
Number of
vertical joints

Assembly scheme

Specimen

Scheme I

C1_WUn
C2_WUn
C3_WUn
C4_WUn
C1M_W1L
C2M_W1L
C3M_W1L
C4M_W1L
C1M_W2L
C2M_W2L
C3M_W2L

Scheme II

C1_CUn
C2_CUn
C1M_C1L
C2M_C1L
C3M_C1L
C1M_C2L
C2M_C2L

Number of
BFRCM layers
None

1

1

2
None
3

1
2
94 mm

190 mm

CORING OUTLINE

a)
94 mm

190 mm

CORING OUTLINE

b)
Figure 1: Assembling schemes of cylinders: a) Scheme I (wall); b) Scheme II (column)
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2.2 Materials
2.2.1

Components of masonry

Pressed bricks with nominal dimensions 50x100x210 mm were used for assembling walls
and columns from which cylinders were cored. In order to characterize the mechanical
behaviour of the clay brick units, six cubes with side equal to 50 mm were tested under uniaxial
compression (Fig. 2a) according to EN 772-1 [10]. The bricks showed an average compressive
strength equal to 42.53 MPa (COV=8.75%).
The mortar used for assembling walls and columns was composed of cement and sand, with
a weight ratio of 1/5. Water was added in order to reach the minimum workability. Three-point
bending tests were performed on six standard 40x40x160 mm mortar prisms (Fig. 2b) and
uniaxial compressive tests were carried out on obtained twelve halves, according to EN 101511 [11]. The mortar had an average compressive strength equal to 20.93 MPa (COV=5.52%) and
an average tensile strength equal to 5.33 MPa (COV=5.13%).
2.2.2

BFRCM system and components

The grid used to wrap the cylinders was a primed bidirectional grid, having nominal cell size
of 6x6mm and equivalent thickness of 0.039 mm. The nominal mechanical characteristics
provided by the manufacturer were: unit tensile strength of 60 kN/m, ultimate strain of 1.8%
and Young’s modulus of 89 GPa. To characterize the tensile behaviour of the basalt mesh,
monotonic tensile tests were carried out on a series of twelve strips [13, 14] (Fig. 2c), according
to ISO 13934-1 [12]. The recorded average values of strength, strain and Young’s modulus are
reported in Table 2, along with the coefficient of variation (COV).
The mortar used as matrix of the BFRCM system was a bicomponent cement-based mortar,
enriched with short glass fibres. According to the technical data sheet, the mortar had flexural
strength of 8 MPa, compressive strength equal to 25 MPa and Young’s modulus of 10 GPa.
Three-point bending tests were performed on six standard 40x40x160 mm prisms according to
EN 1015-11 [11]. The recorder average flexural strength and COV are reported on Table 2.
Additionally, the mechanical behaviour of the composite was characterized under tension.
Fourteen BFRCM coupons were manufactured using different reinforcement ratios, according
to available regulations [15]. Specimens were tested under displacement control, with a rate of
0.2 mm/min and using Digital Image Correlation (DIC) technique for recording the strain field
[13, 14]
.
Table 2: Mechanical characterization of basalt grid and mortar matrix
BASALT GRID

MORTAR

Average Tensile
strength [MPa]
and COV

Average Tensile
strain [%]
and COV

Average Elastic
modulus [GPa]
and COV

Average Flexural
strength [MPa]
and COV

2045
10.55%

2.55
8.21%

81.91
3.48%

7.18
2.80%
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a)

b)

c)

Figure 2: Characterization tests on components: a) compressive tests on brick cubes; b) three-point bending test
on mortar; c) tensile test on basalt grid

2.3 Test procedure and instrumentation for compression tests on cylinders
A 600 kN electro-hydraulic loading frame was used to perform monotonic compressive tests
on the cylinders. Tests were carried out in displacement control, using a loading rate of 0.002
mm/sec, after applying three loading/unloading cycles under load control up to 40-50 kN.
Six Linear Voltage Differential Transducers (LVDTs) were installed, four to monitor the
displacement of the upper loading platen and two at the lower platen (Fig. 3). In order to record
the local axial strain in the middle half of the specimens, three extensometers connected to two
steel rings placed around the cylinders were also used.
Furthermore, the DIC technique was used to analyze the strain field on the surface of the
cylinders [14]. Outcomes of DIC measurements are not reported in this paper for the sake of
brevity.

Figure 3: Test setup for compressive tests on masonry cylinders
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3

RESULTS AND DISCUSSION

3.1 BFRCM system
The average experimental results of the tensile tests on BFRCM coupons are summarized in
Table 3 for the three series of samples reinforced with one, two and three layers respectively.
In particular, the outcomes are presented with reference to the three stages typical of the
response of FRCM composites tested under tension: un-cracked Stage I, crack development
Stage II and cracked Stage III [13].
Table 3: Average results of tensile tests on BFRCM coupons
Series

Stage

Peak load [kN]

Strain [%]

1 Layer

I
II
III

1234.11
1398.03
2054.93

0.030
1.019
2.322

2 Layers

I
II
III

1448.22
1855.26
3538.20

0.035
0.448
1.912

3 Layers

I
II
III

1437.38
1821.68
4633.19

0.044
0.229
1.466

3.2 BFRCM-confined cylinders
The outcomes of monotonic compressive tests are presented in terms of axial stress-strain
curves in Fig 4, for unconfined and BFRCM-confined cylinders from Scheme I and Scheme II
respectively. The axial strain up to the peak load was obtained considering the displacement
recorded over the central half of the cylinders. For the post-peak branch the LVDT readings
from top and bottom plate were used since the rings fixed on the cylinders had to be taken off
during the last part of the tests. For unconfined cylinders C1_WUn, C2_WUn, and C3_WUn,
the strain was evaluated using the LVDTs on the top and bottom plates as the readings in the
central area of the cylinders were lost during testing. This explains the different measured value
of stiffness of these cylinders in Fig. 4a. The strains of these specimens were not taken into
account for the calculation of εm0 and εm0u in Table 4.
The stress-strain curves of unconfined cylinders present a brittle behaviour, characterized by
an almost linear ascending branch and a steep load drop after the peak.
The stress-strain curves of BFRCM-confined cylinders show a linear branch followed by a
stress drop due to the failure of the inner masonry core and the formation of first cracks in the
external jacket. Afterwards, the curves show a new stress increase up to the peak, which is
followed by a descending branch ending in a plateau region (Fig. 4). The full stress-strain curve
of cylinder C3M_W2L is not available due to a technical problem during testing.
Table 4 reports the average peak axial stress (fm0 - fmc), the axial strain at peak stress (εm0 εmc) and the ultimate axial strain corresponding to a 15% stress reduction with respect to the
peak value (εm0u - εmcu) of tested cylinders, along with the COVs.
In the case of unconfined cylinders, the average peak stress values were 25.19 MPa and
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19.85 MPa for Scheme I and Scheme II respectively, pointing out a considerable detrimental
effect of the vertical mortar joints.
For one-layer confined cylinders, the average strength increases were equal to 27% and 66%
for Scheme I and Scheme II specimens respectively, compared to unconfined cylinders. For
cylinders confined with two BFRCM layers, the average strength gain was 38% for Scheme I
and 85% for Scheme II. As expected, the effectiveness of BFRCM jacket was higher for the
weakest masonry, i.e. in the case of Scheme II cylinders having three vertical joints.
Regarding the strain at peak stress, one-layer reinforced cylinders from Scheme I and
Scheme II exhibited the same increase of average strain at peak stress, equal to 45%, compared
to control samples. Two-layer strengthened specimens from Scheme I showed an average
increase of 57%, while specimens from Scheme II presented an average strain gain of 75%.
In terms of ultimate strain, cylinders from Scheme I showed an average ultimate strain
increase of 72% and 97% for one and two-layer confined specimens respectively, in comparison
to unconfined ones. For cylinders from Scheme II, the average ultimate strain increased by 96%
and 121% respectively for one and two-layer reinforced specimens.
SCHEME I

SCHEME I

b)

a)
SCHEME II

c)

SCHEME II

d)

Figure 4: Stress-strain curves of masonry cylinders: a) Scheme I - 1 layer; b) Scheme I - 2 layers; c) Scheme II 1 layer; d) Scheme II - 2 layers
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3.3 Failure modes of masonry cylinders
Figure 5 presents unconfined and confined cylinders at the end of the compression tests.
As expected, the unconfined specimens showed a brittle behaviour and the failure was
characterized by the formation of almost vertical cracks along the height. Vertical joints created
preferential routes for the development of cracks and the failure involved crushing of masonry
with spalling of material through the height of the cylinders (Fig. 5a and b).
Confined cylinders showed similar failure modes and no substantial difference was observed
between the different schemes. In all the cases, the ultimate condition was reached by failure
of the basalt textile. Vertical cracks developed for the entire length of the samples, producing
detachment of the external mortar layer of the jacket in those parts and the loss of material in
some areas (Fig. 5c and d).
Table 4: Average results of BFRCM-confined cylinders
Assembly

Confinement

Scheme I

Unconfined

Scheme II

Unconfined

Scheme I

Scheme II

1 Layer
2 Layer
1 Layer
2 Layer

a)

Peak axial stress
[MPa] and COV

Peak axial strain
[mm/mm] and COV

Ultimate axial strain
[mm/mm] and COV

fm0

εm0

εm0u

25.19
17.60%
19.85
17.14%

0.0040
12.41%
0.0034
8.88%

0.0043
15.91%
0.0038
13.56%

fmc

εmc

εmcu

32.04
(17.40 %)
34.78
(10.35 %)
32.98
(9.60 %)
36.73
(9.58 %)

0.0058
(21.27 %)
0.0062
(2.75 %)
0.0050
(18.78 %)
0.0060
(12.16 %)

0.0074
(13.37 %)
0.0085
(6.76 %)
0.0075
(7.07 %)
0.0085
(8.90 %)

b)

c)

d)

Figure 5: Cylinders after failure: a) unconfined (Scheme I); b) unconfined (Scheme II); c) one-layer BFRCMconfined (Scheme II); two-layer BRFCM-confined (Scheme II)
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4

CONCLUSIONS

This paper presented the results of an experimental study on small scale clay brick masonry
cylinders, tested under axial compressive load. The cylinders had two different assembly
schemes and were confined with one or two BFRCM layers. Considering the experimental
results and for the range of variables examined, the following conclusions can be drawn:
 Unconfined cylinders with three vertical mortar joints (Scheme II) presented an average
strength reduction of 20% compared with those having one vertical joint (Scheme I);
 For one-layer BFRCM-confined cylinders, the average strength increased 27% and 66%
for Schemes I and II specimens respectively, compared to unconfined cylinders. Twolayer confined specimens had an average strength enhancement of 38% for Scheme I and
85% for Scheme II, respectively;
 The confinement due to BFRCM increased considerably the ductility of the specimens.
These last showed a softening branch in the compressive stress-strain curves;
 The ultimate condition of confined specimens was reached by failure of the basalt textile,
highlighting that the full capacity of the fabric was exploited.
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Abstract. Bed joint reinforced repointing is a strengthening method often used in the
Netherlands to counteract settlement damage. This strengthening technique consists of cutting
a slot in the mortar joint and installing twisted steel bars embedded in a high-strength repair
mortar. Due to the increase in seismic activities, triggered by gas extraction in the region of
Groningen (northern part of the Netherlands), it is of interest to investigate whether this
strengthening technique is efficient against seismic load.
In order to characterize the performance of the bed joint reinforced repointing using
twisted steel bars, an experimental campaign was conducted at Delft University of
Technology. A quasi-static cyclic in-plane test on a full-scale wall was performed; similar
tests on unstrengthened specimens were available from a previous experimental campaign
[1][2] and were used for comparison. Moreover, small scale pull-out tests were performed to
study the interaction between the steel bars and the repair mortar.
By comparing the response of unstrengthened and strengthened masonry specimens, it is
observed that the use of bed joint reinforced repointing can provide an increase in terms of
ductility and displacement capacity, but not in terms of force capacity. Regarding the
serviceability limit state, a reduction in crack width and an increase of load at onset of
cracking were observed. The preliminary information obtained for the presented case study
provides the ground for futher research as well as benchmark for numerical modelling.
1

INTRODUCTION

The bed joint reinforced repointing technique consists in the insertion of reinforcement
(steel, stainless steel or FRP bars) in shovelled mortar bed joints rifilled with repair mortar.
This technique does not influence the aesthetic aspect of the building and it can be applied
with limited invasiveness; for this reason it is often used to preserve the historical and the
artistic aspects of cultural heritage buildings. In the Netherlands, where the buildings' stock is
mainly composed of unreinforced masonry, this techniques has been largely applied to
counteract settlement damage. During the last years, the phenomena of induced seismicity,
due to the gas extraction, considerably increased in the region of Groningen (northern part of
the Netherlands), causing damage to the unreinforced masonry buildings. Therefore, it is of
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interest to investigate the performance of masonry strengthened with bed joint reinforcement
under seismic loading.
Previous studies on reinforced repointing mainly focused on evaluating its effictivness
against settlement and creep damage, while less attention has been paid to the seismic
performance of masonry strengthened with bed joint reinforcement. Previous researchers
[3][4], showed no significant improvement of the strength of masonry, but thanks to the
confining action provided by the bed joint reinforcement a reduction of the dilation and a
reduced cracks pattern were obtained. In literature, limited information on the seismic
performance of masonry strengthened with bed joint reinforcement is available. In this
respect, researchers mainly performed diagonal-shear compression tests on wallets. Ismail et
al. [5] made a comparison of the bed joint reinforcement with a near-surface mounted
technique made by placing steel bars in the vertical direction, being this often done to prevent
out-of-plane failure of unreinforced masonry buildings in countries prone to strong intensity
seismic events.
To this purpose an experimental campaign was conducted at Delft University of
Technology; a quasi-static cyclic in-plane test on a full-scale wall was performed. Within this
testing campaign also the performance against settlement damage was investigated by
performing four-point bending tests on strengthened and unstrengthened masonry wallettes
[6]; however in this paper only the results obtained from the cyclic in-plane test are presented
and discussed. The experimental results obtained from the test on the strengthened wall are
compared with the results obtained on similar unstrengthened walls obtained from previous
experimental campaigns [1],[2]. Section 2 provides a detailed description of the material used,
the type of specimen, the test set-up and the loading protocol. Section 3 shows the main
results that were obtained from the test on the unstrengthened and the strengthened walls. The
results are discussed in section 4 and Section 5 presents the main concluding remarks.
2

MATERIALS AND METHODS

2.1

Description of the specimen

To assess the performance of the bed joint reinforcement with twisted steel bars against
seismic load, a quasi-static cyclic in-plane test on a full-scale strengthened wall was
performed and compared with available data on unstrengthened walls tested in previous
studies [1][2]. Two different walls were considered: a pre-damaged wall TUD-COMP-45 [2]
and an undamaged and unstrengthened wall TUD_COMP-41 [1]. The geometry of the wall
was the same and was defined based on typical dimensions presents in Dutch detached house
[7] (Figure 1a). The walls were made of solid clay single-wythe masonry and built in running
bond, Table 1 lists the material properties of the single components and of masonry. Both
walls were tested under a cyclic loading protocol [1][2] up to a light damage state in which a
maximum crack width around 2 mm was obtained (light blue lines Figure 1a). To reproduce
the damage caused by settlement before an earthquake, in the wall TUD_COMP-45 [2] a pre
damage was simulated by creating un-bonded brick-joint interfaces using thin plastic strips
(orange lines in Figure 1a). Afterwards, only wall TUD_COMP-45 was strengthened (Figure
1a) and re-tested up to light damage state. Eventually, both walls were tested up to nearcollapse state. To evaluate the performance of the strengthening measures for the
serviecibility limit state, the comparison is made by considering the results obtained for the

2653

L.Licciardello, J.G. Rots, R.Esposito

light damage state on wall TUD_COMP-45 before and after the strengthening measure was
applied, while the considerations for near collapse limit state are drawn from the comparison
between the two walls.
The layout of the bed joint reinforcement mainly reflected the application in practice. The
areas above and below the window opening are the most prone to vertical damage due to
settlement. Consequently, to counteract the settlement damage two twisted steel bars were
installed in the mortar joints in the area above and below the window opening every three
mortar courses (green lines in Figure 1a); additionally one bar every five/six mortar courses
(pink line in Figure 1a) was installed in the piers (vertical masonry portion next to the window
opening) and diagonal ties (blue lines in Figure 1a) were installed in correspondence of the
existing diagonal cracks at the corners of the window opening. Figure 1b shows the detail of a
strengthened section and Table 2 lists the properties of the cement-based repair mortar,
twisted steel bars and diagonal ties used for the strengthening.

(a)

(b)
Figure 1: Overview of the adopted specimen and its features: (a) dimensions and strengthening
configuration; (b) detail of the strengthened bed joint and execution of the intervention.
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Table 1: Material properties of replicated clay brick masonry built in July 2018 [2].
Material properties

Symbol

Unit

Average

C.o.V

Normalised compressive strength of masonry unit
(210x100x50-mm)

No.
tests

fb

MPa

28.31

0.10

9

Flexural strength of masonry unit

fbt

MPa

6.31

0.11

8

Compressive strength of construction mortar
(cement:lime:sand ratio of 1:2:9)
Flexural strength of construction mortar
Density of masonry
Compressive strength of masonry in the direction
perpendicular to bed joints

fm

MPa

3.59

0.09

24

fmt



MPa
kg/m3

1.55
1628

0.10
0.01

12
-

f'm

MPa

12.93

0.07
3

Elastic modulus of masonry in the direction
perpendicular to bed joints calculated between 1/3
and 1/10 of the maximum stress

E3

MPa

3190

0.24

Flexural bond strength

fw

MPa

0.08

0.32

10

Masonry initial shear strength
Masonry shear friction coefficient

fv0
μ

MPa
-

0.13
0.82

-

6

Standard
EN 7721:2000 [8]
EN
6790:2015 [9]
EN 101511:1999[10]
EN 10521:1998[11]
EN 10525:2002[12]
EN 10523:2002[13]

Table 2: Material properties of the materials used for strengthening.
Cement-based repair
mortar
Compressive strength
of repair mortar
Flexural strength of
repair mortar
Twisted steel bar*
Ultimate tensile
Tensile
strength
strength
0.2% Proof stress
Diagonal tie*
Ultimate tensile
Tensile
strength
strength
0.2% Proof stress

*Data

provided by producer.

fm,r

MPa

46.42

0.09

16

fmt,r

MPa

7.68

0.24

9

fpu
Fpu
fpy

MPa
kN
MPa

1112
10
900

-

-

fpu
Fpu
fpy

MPa
kN
MPa

1398
13
1100

-

-

EN 12190: 2018[14]

The effectiveness of the bed joint reinforcement depends on the bond behaviour between
the mortar and the twisted steel bar, which can be studied with pull-out test [15]. Within this
study, the bond behaviour between the twisted steel bars and the repair mortar and between
the diagonal ties and the masonry is considered. In the first case, the standar EN 1766 [16]
was adopted by embedding the repair mortar and the twisted steel bars in concrete cubes with
dimensions 400x400x250-mm. In the second case, diagonal ties were vertically installed in a
masonry triplet with dimensions 210x170x100-mm. The set-up used for the two types of test
was the same and similar to the one adopted in a previous testing campaign [17]. For the two
types of test a monotonic load was applied; in addition for the diagonal ties cyclic pull-out
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tests were also performed [17]. Figure 2 shows the experimental results in terms of bondstrenght versus relative displacement curve. For the cyclic tests, the envelope curve was
calculated considering the force and the displacement in correspondence of the peak force and
in correspondence of a drop of 20% of the maximum force [17]. These curves can serve as
input for numerical analyses.
Pull-out twisted bars - Monotonic

Pull-out diagonal ties - Monotonic

2

Twisted bar - wet

Pull-out diagonal ties - Cyclic
1.5

Twisted bar - dry

2.5

Bond strength (MPa)

1

1.5

2
1.5
1

Bond strength (MPa)

Bond strength (MPa)

3

1

0.5

0.5
0

0

20

40

60

80

100

Relative displacement (mm)

120

0

0

10

20

30

40

50

Relative displacment (mm)

(a)

(b)

60

0.5

-40

-30

-20

-10

0

0

10

20

30

40

-0.5
-1

-1.5

Relative displacement (mm)

(c)

Figure 2: Bond-strength versus relative displacement curve: (a) monotonic test on twisted steel bars; (b)
monotonic test on diagonal ties; (c) cyclic test on diagonal ties.

2.2

Test set-up and loading scheme

Figure 3 shows the set-up adopted to perform the quasi-static cyclic in-plane test. An
overburden of 0.12 MPa was applied on top of the wall through two steel beams. The lateral
load was applied with a horizontal actuator with a capacity of 100 kN. The positive loading
direction is defined when the horizontal actuator is compressed (from right to left in Figure 3).
On the front side of the wall, which corresponds to the external side of the wall on which the
bed joint reinforcement was installed, Digital Image Correlation (DIC) was applied to detect
crack initiations and propagation; the backside of the wall was instrumented with contact
sensors.
The walls were tested under a quasi-static cyclic lateral in-plane load in a cantilever
configuration by controlling the horizontal displacement of the jack and the net horizontal
displacement was calculated as the displacement of the top beam with respect to the external
reference excluding possible rotations of the set-up and possible horizontal displacement of
the bottom beam with respect to the external reference. In Figure 4 the net horizontal
displacement is shown and it is similar for the unstrengthened and strengthened configuration.
The lateral load was applied in three phases: phase 1 and phase 2 up to light damage state
with the same loading protocol as used in Ref. [2]; phase 3 up to near collapse state with the
loading protocol derived from a previous study and representative of a Groningen type
earthquake [18]. In phase 1 and 2 each cycle was composed of 30 runs, in phase 3 the first
two cycles were composed on 2 runs and the remaning were composed of a single run (Figure
4). A cycle is defined as the time interval in which the same target horizontal displacement
was applied with the same rate. A run is defined as the time needed to impose the target
displacement in the positive and negative loading direction up to returning to the original
position of the wall. During the light damage phase, the lateral load was applied with a
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constant rate equal to 0.125 mm/s; during the near-collapse phase, the load-rate varied
between 0.03 to 1 mm/s so that each cycle lasted 5 min (except for the last cycle that lasted 4
min because the test was stopped as it is explained in section 3).

Figure 3: In-plane test set-up.

26.76

80.76

67.26

53.77

10

C19

-63.31

-67.28
C20

-53.80

C17

C18

-40.30

-13.29
C15

C13

Phase 3
C14

-70

-26.79

-50

C16

-30

-7.91

-10

-90

(a)

7.87

30

2.48

50

13.28

70

40.25

Phase 3 - Near collaspe

90

-2.52

Net horizontal displacement (mm)

1.72

1.53

1.33

1.13

1.93
C12

-1.98

-1.77

C11

C10

-1.58

C9

-1.37

0.92

Phase 2

C8

C7

-0.96

Phase 1

-1.15

C6

0.73

1.28

-0.75

-1

-2

C5

1.09

0.92

-0.5

-1.5

C4

C3

0

C1

0.5

0.73

1

C2

Net horizontal displacement (mm)

1.5

1.50

Phase 1 & Phase 2 - Light damage

2

(b)

Figure 4: Loading scheme: (a) light damage phases 1 and 2; (b) near collapse phase 3.

3

EXPERIMENTAL RESULTS

In this section, the results obtained from the in-plane test on the unstrengthened and
strengthened walls are presented in terms of crack pattern and base shear force versus net
horizontal displacement (Figure 5).
Considering the unstrentghened case, the response is analysed for specimen TUD_COMP45 [2] up to light damage state and for specimen TUD_COMP-41 [1][2] up to the near
collapse state. The initial stiffness, calculated in the first cycle of phase 1 (C1 d = 0.72 mm)
was equal to 29.06 and 26.88 kN/mm for wall TUD_COMP-45 [2] and TUD_COMP-41[1],
respectively. A similar response was observed up to the maximum base shear force. The
maximum base shear force was equal to 20.72 kN (C15 d=11.11mm) and to -19.54 kN (C14
d=-7.97mm) for the positive and negative loading direction, respectively. For wall
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TUD_COMP-41, the ultimate displacement was equal to approximately 40 mm in both
loading directions, corresponding to a ultimate drift of 1.61/-1.49 %. Both walls show the
formation of diagonal stepwise cracks from the window corners. To highlight the small
differences in crack position, for wall TUD_COMP-41 the subscript “a” is added to the crack
number. Crack 1 and 2 developed during phase 1 (orange color in Figure 5a) with a stepwise
configuration starting from the bottom right and the top left corner of the window opening,
respectively. The onset of cracking was in correspondence of cycle C1 (d = 0.72mm) at a load
equal to 19.6 kN. During phase 2 (red color in Figure 5a), crack 3 and 4 evolved with a
stepwise configuration from the bottom left and top right corner of the window opening,
respectively. During Phase 3 (blue color in Figure 5e), existing cracks mainly evolved by
increasing their length and width.
Considering the strengthened case, the response is analysed considering the wall
TUD_COMP-45 both for the light damage and the near collapse state. The initial stiffness,
calculated in the first cycle of Phase 1 (C1 d = 0.73 mm), was equal to 28.78 kN/mm. The
maximum base shear force was equal to 25.14 kN (C16 d = 23.08 mm) and to -23.46 kN (C14
d = -7.90mm) for the positive and negative loading direction, respectively. At the end of the
near collapse phase, the ultimate displacement was equal approximately to 80 mm and to 60
mm for the positive and negatve loading direction, corresponding to an ultimate drift of 2.99/2.34 %. The test was stopped because out-of-plane deformation occurred in both piers
(vertical masonry portion next to the window opening). Crack 1 developed during Phase 1
(orange color in Figure 5c), with a stepwise configuration from the bottom right corner of the
window opening; crack 2* developed horizontally at the top left corner of the window
opening in a mortar joint where the reinforcement was not present (a subscript is used to mark
the crack because it had a different shape/location with respect to the unstrengthened wall as
will be explained in Section 4). The onset of cracking was in correspondence of cycle C1 (d =
0.73mm) at a load equal to 19.7 kN. Crack 3 and 4 developed during phase 2 (red color in
Figure 5c) with a stepwise configuration at the bottom left corner and at the top right corner
of the window opening, respectively. During phase 3 (blue color in Figure 5g), the cracks in
the masonry portion above the window opening developed mainly horizontally in the mortar
joints where the reinforcement was not present, while in the portion below the window
opening the cracks propagated in the mortar joints forming an arch mechanisms triggered by
the bars. Approaching the end of the test, thanks to the progression of damage at cycle C18 (d
= 53.77/-53.80 mm) the cracks started also in the bricks at the bottom left corner and at cycle
19 (d = 67.26/-67.28 mm) at the bottom right corner of the window opening.
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Figure 5: Crack pattern and base shear force versus net horizontal displacement curve: (a)-(b) unstrengthened wall during light damage ph
phase; (e)-(f) unstrengthened wall during near collapse phase; (g)-(h) strengthened wall during near c
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4

DISCUSSION OF THE RESULTS

In this section, the comparison between the unstrengthened and the strengthened wall is
carried out in terms of crack width and length for the light damage phase, and in terms of
failure mechanisms and equivalent bilinear curve [19] for the near collapse phase
Figure 6 shows the comparison in terms of crack width and length for the four main
stepwise cracks formed at the window corners at the end of phase 1 (d = 1.50 mm) and at the
end of phase 2 (d = 1.93/-1.98 mm). A reduction in crack width between - 20 and 25% and in
crack length between - 25 and 56% was observed. Due to the different shape of Crack 2* for
the strengthened wall, horizontal crack rather than stepwise crack, this is not included in the
comparison. A delay at the onset of cracking was also observed: during phase 1 crack 2
started at cycle C2 (d = 0.91 mm) and at cycle C4 (d = 1.28 mm) for the unstrengthened and
strengthened wall, respectively; during phase 2 crack 3 started at cycle C7 (d = 0.94/-0.96
mm) and at cycle C8 (d = 1.13/-1.15 mm) for the unstrengthened and strengthened
configuration, respectively. For the near collapse phase a quantitative comparison in terms of
crack width and length cannot be performed since the accuracy of the DIC for crack width
larger then 2 mm is significantly reduced. In correspondence of cycle C18 (d = 53.77/-53.80
mm), which corresponds to the end of the test for the unstrengthened configuration, it can be
observed qualitatively that the crack width was smaller in the strengthened wall.
Figure 7 shows the failure mechanisms of the masonry components during the near
collapse phase (phase 3) for both unstrengthened and strengthened wall. Relevant load levels,
corresponding to the occurrence of failure mechanisms, are identified and indicated with
markers in Figure 5. Four main failure mechanisms are considered: rocking of one of the piers
(marker A), sliding between two part of the wall (marker B), arch mechanism below the
window opening (marker C) and toe crushing (marker D). Considering the unstrengthened
wall, until cycle C14 (d = 7.89/-7.97 mm) the rocking of the piers was the prevailing
mechanisms in both loading directions (point 14-A). At cycle C15 (d = -12.82 mm), sliding of
the top masonry portion with respect to the piers (point 15-B) started in the negative loading
direction. Until cycle 17 the prevailing mechanisms were rocking of the piers in the positive
loading direction and sliding of the top masonry portion with respect to the piers for the
negative loading direction. At cycle 18 (d = 43.63 mm) also sliding of the top masonry
portion and of the pier P2 occurred with respect to the pier P1 and the bottom masonry
portion in the positive loading direction (point 18-B). Considering the strengthened wall, until
cycle C17 rocking of the piers was the prevailing mechanism in both loading directions
(points 14-A and 15-A). At cycle C18 (d = 53.77/-53.80 mm) an arch mechanism formed in
the area below the window opening thanks to the presence of the bars (point 18-C). At cycle
20 (d = 80.96/-63.31 mm) toe crushing (Figure 8a) of the bottom right corner (point 20-D)
and sliding of the top masonry portion with respect to the piers (point 20-B) occurred for the
positive and negative loading direction, respectively. The test on the strengthened wall was
stopped due to excessive out-of-plane deformation of the piers (Figure 8b) .
Figure 9a shows the out-of-plane deformation versus the net horizontal displacement for
the unstrengthened (blue triangles) and strengthened wall (red circles). For the unstrengthened
wall a maximum out-of-plane deformation of 10 mm was observed in the last cycle C18. For
the strengthened wall a similar magnitude of out-of-plane deformation is observed at cycle
C15 (d = 13.28/-13.29 mm) especially for the narrow pier P1. In the last cycle (C20, d = -63
mm) both piers experience a significant out-of-plane deformation of approximately 40 mm for
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the negative loading direction. The cause of this excessive out-of-plane deformation can be
ascribed to the asymmetric position of the twisted steel bars in the thickness of the wall,
which becomes of relevance for extensive in plane damage
To compare the seismic performance of the strengthened and unstrengthened wall, the
equivalent bilinear curve was adopted [19] (Figure 9b). The strengthened wall showed a slight
increment (+15%) in terms of base shear force, but a substantial increment in terms of
displacement capacity (+40-45%) and ductility (+30-40%) was observed. The ultimate drift
increased from 1.61 to 2.99% and from -1.49 to -2.34% in the positive and negative loading
direction, respectively.
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Figure 6: Performance during light damage phase test in terms of: (a) crack width; (b) crack length.
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Figure 7: Relevant failure mechanism observed through DIC analysis at the end of the near collapse phase
(phase 3): (a)-(b) unstrengthened wall; (c)-(d) strengthened.

(a)
(b)
Figure 8: Detail of some mechanisms: (a) toe crushing and cracks in the brick at bottom right corner; (b) out-of
plane of the pier P1 and cracks in the brick at bottom left corner.
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Figure 9: (a) Out-of-plane deformation; (b) bilinear curve.

5

CONCLUDING REMARKS

The bed joint reinforcement is often used in the Netherlands against settlement damage in
historical unreinforced masonry buildings, because it does not influence the aesthetic aspect
of the buildings. In addition in the last years, the induced seismic events are increasing in the
region of Groningen and it is of interest to investigate whether this strengthening method is
efficient against seismic load.
To this purpose, a quasi-static in-plane test on a full-scale wall was performed at Delft
University of Technology. The selected wall was representative of residential rather than
historical buildings since it was single wythe, the adopted mortar was cement and lime-based
and the pre-compression load applied was very low; while in historical buildings the walls are
generally double wythe and the adopted mortar is generally lime-based. However, the results
aim to provide a first analysis of the use of bed joint reinforcement as strengthening method
as well as support the validation of numerical models to be used for further studies.
In order to investigate the efficiency of this strengthening method, the obtained results for
the strengthened wall were compared with the ones obtained for previously tested
unstrengthened walls [1][2]. The main findings can be summeried as follows:
• The presence of bed joint reinforcements prevent the formation of stepwise cracks at
window opening and triggers the formation of horizontal cracks in mortar joints where the
reinforcement was not present; for large in-plane displacement the twisted steel bars can
trigger an arch mechanism below the window opening. Approaching the end of the test,
thanks to the progression of damage the cracks developed also in the bricks at the bottom
corners of the wall.
• At the end of the light damage phase, crack width (-20÷25%) and length (-25÷55%)
reduction were obtained for the strengthened wall.
• For the strengthened wall, a minor increment in terms of base shear (+15%), but a
significant increment in displacement capacity (+40÷45%) and in ductility (+30÷40%)
was observed.
• The presence of the twisted steel bars leads to a different evolution of failure mechanisms.
For the unstrengthened wall the prevailing mechanisms were rocking of the piers together
with the masonry portion above the window opening, and sliding of both the masonry
portion above the window opening and the pier P2 with respect the rest of the wall. After
the maximum capacity of the wall was reached the steel bars started working, bringing to
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the formation of an arch mechanism in the area underneath the window opening and to toe
crushing at the bottom right corner. An important out-of-plane deformation also occurred
in the strengthened wall caused by the asymmetric position of the twisted steel bars in the
thickness of the wall.
Although the aforementioned outcomes are based on a limited number of tests and further
investigations are needed, the reduction of crack width and length and the significant increase
in displacement capacity and ductility of wall subjected to in-plane loading suggest that this
method can be suitable to strengthen unreinforced masonry buildings in areas with low
intensity earthquakes.
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Abstract. Traditionally, reinforcement and consolidation of masonry structures has been done
according to one of the following approaches, or a combination of them: By using materials with
a very different nature and behaviour from the original ones in the reinforced structure or by
increasing the section of those structures, increasing, therefore, their hardness. The first
approach could unleash serious setbacks in the original structure. Using materials with high
elastic modulus on more flexible elements might generate new tensions in the system, which
previously did not exist, compromising the reinforcement intervention. The second approach
implies increasing significantly the structural geometry and, therefore, its own global hardness.
The modern approach, which reinforcement and consolidation of masonry structures pursue, is
solving both, different nature of materials and sectional increasing. It is done by using compatible
materials with the original structure, combining the elastic behavior of them and assuring the
original breathability, and implementing low thickness interventions in order to do not modify
the original hardness.
The proposal of a reinforcement system compatible with the historic and architectonic nature of
the structure, is based on a mineral matrix of hydraulic natural lime, GeoCalce F Antisismico,
combined with basalt fiber fabrics (GeoSteel Grid) or galvanized steel unidirectional bands
(GeoSteel HardwireTM). With this system typology, it is ensured an improvement in the
mechanical resistances of the structure, based on a simple and low thickness application.
The aim of the exposition is introducing a reinforcement and consolidation system for masonry
structures developed by Kerakoll and showing several success cases, in Spain and Italy,
reinforced with this system. Each case will be explained from the initial study phase to the
execution of the intervention, including the calculations to determine the application to be done.
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1

INTRODUCTION

The last seismic events in Italy (L’Aquila 2009, Emilia 2012, Italy center 2017) have shown
the vulnerability of masonry structures. The majority of existing buildings in Europe were
designed without considering seismic loads and/or the changing of usage destination. From the
last 20 years, in some cases until now, engineers and architects, when they have worked in
existing structures, must have interrupted their structural usage due to two factors: the available
strengthening technologies are very invasive and, the most important one, they should use
solutions with a wide time of installation commonly related to concrete strengthening, heavy
steel profiles and sectional growths. FRCM (Fiber Reinforced Cementitious Mortar), mortar
matrix reinforced with fibers and SRG (Steel Reinforced Grout), mortar matrix reinforced with
steel fibers, those two systems have become the most popular ones thanks to their excellent
ratio strength – weight and their relatively easiness and quickness application compared with
traditional technics above-named.
The aim of the present document is demonstrating the validity of the systems already
explained on the presentation and developing different successful cases that are done with these
strengthening systems.
2 MATERIALS PROPERTIES
2.1 Galvanized steel fiber fabrics
The steel galvanized fiber fabrics are made with galvanized steel micro – cables of high
resistance, interlaced forming cordons and installed with welding on a special glass fiber mesh,
achieving a highly dimensional stability. This composition allows the fabric be similar to other
fiber types of unidirectional fabrics (carbon, aramida or glass), see Figure 1, in addition to their
application simplicity.

Figure 1: Page layout

Micro – cables and cordons are made accordingly to ISO/DIS 17832 standard, which describes
fabrication technics and the referential parameters. Micro – cables and cordons characteristics
are detailed in Table 1.
Table 1: Micro – cable and cordon characteristics

Material
Tensile strength (MPa) Elastic Modulus (GPa) Section (mm 2)
ε
Micro – cable
2900
87000
0,1076
Cordon 3x2
750
200000
0,538
>1,50%
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The micro – cable interlaced allows to maintain unchanged the elastic modulus of the cordon
in comparison with the micro –cables, empowering the high resistance and rigidity of steel.
Cordons are galvanized obtaining a material that is not affected by the corrosive agents and it
make them appropriate for different exposure environments. Zinc coating is ruled by EN 10244
– 2 being the zinc quantity great to 15,97 g/m2. In Figure 2, it shows a SEM image of the 40
times augmented filament to determine the thickness and the mineralogy of the zinc coating, in
order to do the process quality control.

Figure 2: sole cordon SEM image

Steel fiber fabrics are available in four different densities, based on the distances between
cordons. The two with the lowest density, 1,57 and 3,19 cordons per fabric centimeter
respectively, are adequate to be used with mineral matrix, whereas the two with highest
densities, 4,72 and 7,09 cordons per centimeter, must be installed with epoxidic matrix, Figure
3.

Figure 3: four different steel fiber fabrics densities, cordons per centimetre: a) 1,57; b) 3,19; c) 4,72 and d) 7,09

SRG systems present, among others, a great advantage in front of FRP composed systems:
they have a considerable shear resistance when they are subjected to perpendicular actions to
their guideline. This last characteristic is exclusively for this kind of fiber.
2.2 Basalt and stainless steel fiber fabrics
Biaxial equilibrated fabrics made of basalt fiber and stainless steel AISI 304 micro – wires,
with the same grammage in both directions. The special combination, basalt and stainless steel
micro – wires, ensures a high shear strength and abrasion.
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Figure 4: Stainless steel and basalt fiber fabric

Basalt fibers are the result of volcanic stone fusion and it ensures excellent mechanical and
physicochemical properties in aggressive environments. The hardness of basalt fibers
guarantees good tensile and shear strength, which are essential in masonry consolidation. Basalt
fibers, used in GeoSteel Grid fabrics, are ruled by the normative UNI 8746 and UNI 9409.
Stainless steel AISI 304 micro – wires are installed in both sides of the basalt fiber, besides its
mechanical contribution to the fabric; it balances and stabilizes the fabric in any direction.
Using stainless steel provides a greater ductility and shear strength to the fabric, allowing to the
strengthening system a greater energy dissipation and ensuring a better security coefficient in
the intervention.
Table 2: Stainless steel AISI 304 and basalt fibers characteristics

Material
Tensile strength (MPa) Elastic Modulus (GPa)
Basalt
2900
87000
Stainless Steel AISI 304
750
200000

GeoSteel fabrics are suitable as frame for low thickness extended structural reinforcements, in
combination with high resistance steel fiber connectors GeoSteel or helical stainless steel bars
Steel DryFix®. GeoSteel Grid fabrics are developed in three different density; from those
different densities, they receive their commercial name: GeoGrid 120, GeoSteel Grid 200 y
GeoSteel Grid 400. In Table 3, it is shown technical properties from these three different
densities:
Table 3: Technical properties of stainless steel AISI 304 and basalt fibers fabrics

GeoGrid 120 GeoSteel Grid 200 GeoSteel Grid 400
Technical Properties
Fabric dimensions (mm)
Density (g/mm2)
Tensile load per width unity (KN/m)
Tensile characteristic strength (MPa)

22 x 22
130
30
1600

17 x 17
200
55
1700

15 x 15
400
110
1700

The basalt fiber has a special alkali – resistant protector treatment, it consists in a resin in
aqueous basis free from solvent, which gives to the fiber an additional protection.
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2.3 Natural hydraulic lime matrix
The matrix election is based on the type of support where is going to be the reinforcement done, for
this reason, with masonry structures the selected matrix is natural hydraulic lime. The Table 4 shows
different mechanical properties of this matrix, being particularly indicated for structural reinforcement
in masonry structures. In them, due to their natural origin compounds, it is possible ensure the perfect
adhesion, porosity, hygroscopicity and breathability with the original support, achieving a highly
compatibility between the original structure and the reinforcement done.
Table 4: Mechanical properties of mineral matrix

Material
GeoCalce F
Antisismico

Compressive
strength (MPa)

Flexional
strength (MPa)

Elastic Modulus
(GPa)

Adhesion
(MPa)

15

5

9230

0,80

Table 5: Results of experimental tests (% increased in relation to non – reinforced specimens)

Single lap (Shear test) (ASTM D3163)
Masonry walls (diagonal compressive test)
Vaults (asymmetric load in a fourth part of
the span)
Masonry walls in U shape (test in vibrating
table, peak acceleration)

60% (4 cordons per inch), 30% (8 cordons per
inch) for the fibers tensile strength
From 230% to 527% (SRG)
355% (extrados SRG)
520% (anchored with SRG)

3 STUDY CASES
The following study cases represent, among others, FRCM and SRG typical applications of structural
reinforcement in masonry structures done in Spain and Italy in the last 5 years. Three study cases are
showed: one of them is an extrados reinforcement of the vaults in “Fira de Montjuïc”, other one is an
extrados reinforcement of the dome of San Vicenç Church in Saurí and the last one is a wall
reinforcement in the Botanic Garden in Pisa.

3.1 Vaults – Fira Montjuïc – Barcelona
The vaults are cracked, they are visible from its intrados and distributed along their ribs.
After the analysis, it is determined that the degradation cause is the lack of waterproofing in the
vaults affecting to their structural integrity. It is decided to do a structural reinforcement by the
extrados vault, due to their intrados can not be covered by esthetical reasons. Together with the
intervention, the cause of the degradation is removed by waterproofing the vault with materials
capable of ensuring the transpirability balance and with an elastic behavior similar to the
original structure.
The procedure for doing the structural reinforcement is as follows:
1. Removal of old coatings
2. Support preparation
3. Application of the structural reinforcement mortar, GeoCalce F Antisismico.
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4. Installation of the GeoSteel G600 fabric.
5. Fabric anchor > 30 cm.
6. Application of the structural reinforcement mortar, GeoCalce F Antisismico, in order to
cover the fabric.

Figure 5: Vaults extrados

In Figure 5, it is shown the different installation phases of the structural reinforcement and the
waterproofing system applied. This treatment ensures the transpirability of the support
materials.
3.2 Masonry wall – Botanic Garden - Pisa
The Botanic Garden of Pisa was found the 16th century by Cosimo I of Medici, its extension
is 27000 m2 approximately. It is located close to the Miracles Square. It is encircled by a
perimeter wall with a variable height, between 3,50 m. to 4,85 m., it goes through Via Roma
and its function is to protect the arboreal species. The structure is coated in both sides, it is a
wall made, mainly, with bricks with different constructive layers. The wall width is variable,
from 30 cm. in the south zone where we can find a framed structure with concreate, to 41 cm.
in the central zone as far as 50 cm. in the crossroads with via Galli Tassi.
The deformation’s diagram shows the tipping phenomena up to 9 cm, which are achieved due
to the hystoric vegetation located close to the perimeter. Their roots go through the wall
foundation and enter into the pavement, even breaking it. In these zones, where the vegetable
level is higher than 80 cm, there is humidity over the wall at the outside zone. It degrades the
coating and disaggregate the surface (Figure 6).

Figure 6: Perimeter wall status
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In July of 2010, a sudden collapsing event took place in a part of wall, in a bordering zone
between a private garden and the Botanical Garden. The prominent vulnerability accompanied
by the degradation and the clear tipping, mainly related to the vegetable species nearby, were
the precursor in the summer of 2011 for the implementation of anti-tipping interventions along
the street. It was installed, each three sections of 40 m. approximately, two inclined metallic
braces anchored to a micropiles foundation fitted in the Botanic Garden land. The structure
support is made by a metallic beams grid, installed over the wall surface.
In 2016, the consolidation intervention was done. The intervention was thought for ensuring
the static security of the wall against the tipping danger due to horizontal actions (seismic and
wind), meanwhile ensuring a ductile behavior of the masonry in front of plants roots
disaggregation actions.
With this purpose, the wall part that goes along Via Roma was reinforced with buttress built in
situ, installed every 6 m. in continuity with the original structure and consolidated over the
micropiles foundation.
The masonry walls between buttresses were reinforced facing flexional stresses supposing a
continue beam diagram. It was made with longitudinal bands, GeoSteel G600, installed with
natural lime hydraulic structural mortar, GeoCalce F Antisismico.
This tridimensional calculus model used for the structural analysis made with finites elements
is shown at Figure 7. Seismic forces are assessed as equivalent static forces; in the Figure 7, it
is also shown the stress diagram.

Figure 7: Structure modelling and stress diagram

With the intervention done is ensured the old wall stability of the Botanic Garden against wind
forces and it increases the security level against seismic forces.
3.3 Barrel vaults – San Vicenç de Saurí Church - Sort
San Vicenç de Saurí is the parochial church of Saurí village, in the municipal district of Sort,
in Pallars Sobirà region. The church construction is estimated around the year 852, its style is
Baroque. It is a church with a sole nave, built on stone; in addition, it has the typical Pyrenean
bell tower on an octagonal floor plan and a main deck. It is a protected building as a “Bien
Cultural de Interés Local”. Moreover, it was aesthetically restored on the inside by Santi Moix,
an international artist born in this village.
Together with the restoration work, they studied the old stone structure and its barrel vaults of
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an area of 25 m2 approximately in order to ensuring the structural building stability. From that
study, it was determined the need to strengthen the vaults due to its low thickness and the
existence of cracks on them.
The proposal done is the one on shown on Figure 8:

Figure 8: Extended extrados reinforced system for barrel vaults schema

The procedure schemed of the reinforced system is as follows:
1. Removal of old coatings
2. Support preparation
3. Application of the structural reinforcement mortar, GeoCalce F Antisismico.
4. Installation of the GeoSteel Grid 2000 fabric.
5. Overlap length > 30 cm.
6. Anchor length > 20 cm.
7. Overlap anchor length > 30 cm.
8. Mechanical connector done with GeoSteel G600 fabric.Application of the structural
reinforcement mortar, GeoCalce F Antisismico, in order to cover the fabric.
The reinforcement done helps to avoid the vaults from the collapsed produced by the plastic
joints due to the lack of tensile strength of the masonry. This typology of reinforcement helps
improving the structural performance of this kind of structure offering a ductile breaking
behavior, besides improving their mechanical resistance. The intervention was done in the
following phases, as shows Figure 9:

Figure 9: Phases done during the vaults reinforcement application

4

CONCLUSIONS

Since 2004, when using high – resistance steel fiber bands started on civil engineering
applications, several studies took place in order to study its mechanical properties and
effectiveness as external reinforcement elements. The benefit of installing steel bands or
stainless steel and basalt fiber biaxial fabrics in combination with mineral mortars, instead of
organic mortars, is that SRG/FRCM systems are a versatile reinforcement technology thanks to
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its compatibility with the original structure and its easy application. The interventions explained
through this document are a clear example of validity as a structural reinforcement system. It is
demonstrated that SRG/FRCM systems, improve the bearing capacity of the structure subjected
to different stresses, static as well as dynamic, which are not capable of stand design loads,
helping to preserve from deterioration. Moreover, they improve the structural ductility in
comparison with other more traditional structural reinforcements, such as FRP systems.
The studies done, as well as the different applications made with these systems, have
demonstrated, without doubt, that this new kind of composite materials must be included in the
range of composite materials intended for structural reinforcement. At the same time, these
systems are used with mineral mortars, offering a better response and compatibility with the
original structure.
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Abstract. The present paper describes the first steps of the research project by the title “Repair
connection with wooden wedged dowels. New and alternative repair method that meets the
demands of Monument Protection of built substance’s gentle care and material fairness”. The
project aims to develop guidelines for static-constructive use of wood-wood repair connections
with wooden wedged dowels.
In the research project, the first steps for the description of the mechanical model for the
wooden wedged dowels have been approached. Literature about wooden pegs and dowels and
built examples of wooden wedged dowels in existing buildings have been analyzed; more,
preliminary laboratory tests and FEM simulations have been implemented.
In this paper, the results of the preliminary laboratory tests and the parallel development of a
FEM model with the aim of describing the deformation behavior of the wooden wedged dowels
for the most used wooden species will be presented. The main aims are: a) Analysis of the
distribution of the strains / deformations in the dowel and in the connected building components
when inserting the wedge. b) Analysis of the risk of opening of cracks in the materials. c)
Analysis of distribution of stresses in the dowel and in the connected building elements utilizing
FEM modeling calibrated on the experimental results.
Thanks to the evaluation of deformation behavior in the proposed geometrical configuration
and material combinations of wedge, dowel and connected building elements, it has been
possible to understand the general framework of deformation behavior and failure modes for
different combinations of timber density of the connection components.
1

INTRODUCTION

The ICOMOS Charter of Mexico [1] – worldwide referenced document for the conservation
of timber architectural heritage – explicitly asserts that the intervention on traditional and
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heritage timber structures must follow traditional carpentry techniques or compatible modern
materials and techniques. The prioritization of traditional wood-wood connections aims to
protect the material authenticity and integrity of the building and to guarantee the principles of
reversibility and minimum intervention. In the Charter it is also specified that the new members
or parts of members should aesthetically resemble the whole, but at the same time may be
discreetly differenced from the original construction material, so that they can be identified at
a later date.
On one side, hand-carved wooden nails based on historic examples continue to be used to
secure the position of the half-timbered joints in one-to-one replacement of historical
connections. On the other side, the situation is different when it comes to replacing damaged
timbers, where historically no connection was in place. In these cases metal fasteners are used
very often, especially if the repair has to be designed for tensile-stressed structural elements or
if a clamping effect is required. In these load-cases, predestined solutions for strengthening
measures are based on the use of metallic nails, screws and bolts, mainly for shear and tensile
stressed wood joints, or of steel or plastic rods. In these cases, the choice of the metallic
mechanical fasteners is almost unique, while the structural engineers cannot provide proof of
the repair for alternative techniques or mechanical fasteners because there is no basis for
calculation. However, these latter fastening techniques are not to be favored from the point of
view of monument preservation’s principles [1, 2] for the conservation of wooden built
heritage.
The aim of the project is the development of technical knowledge for the repair connection
with wooden wedged dowels, alternative wooden mechanical fasteners for historical timber
structures. The specific aim of the project is to develop a guideline for the static-constructive
use of wooden wedged dowels, which will allow the appropriate retrofitting or upgrading in line
with the requirements of monument protection.
2 BASIC PRINCIPLES: STATE OF THE ART AND REQUIREMENT MATRIX
With the aim of development of suitable mechanical models for the wooden wedged dowels,
existing mechanical models and evaluation of load-bearing capacity for classical wooden nails
and dowels were analyzed; furthermore, selected existing built examples of wooden wedged
dowels were analyzed. For the analysis and evaluation of the wooden wedged dowels, which
can be found in built examples, experienced carpenters, who have been using repair connections
with wooden wedged dowels for decades, were asked about their properties, parameters for
manufacturing and construction (empirical values).
Extrapolating pieces of information from literature and built references, the most significant
parameters for the construction of a mechanical model for the wooden wedged dowels were
collected in a requirement matrix; furthermore, it was identified which parameters could be
fixed and which ones could make a significant contribution to a constructive evaluation.
Further boundary conditions were fixed basing on results of preliminary tests (TV).
2.1 State of the art
The majority of existing mechanical models are based on the analysis of historical dowelshaped wooden fasteners, mainly wooden pegs. The function of such fasteners was to secure
the position of the half-timbered joint (withdrawal) and absorb tensile forces perpendicular to
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the fastener’s axis. The development of dowel-shaped fasteners according to [3] and [4] starts
from the 10th century onwards with the development of wooden keys, wedges, pegs, pins, nails,
trenails, head nails, up to dowels and plugs developed in the 19th century. Dowel-shaped
wooden fasteners differ for shape in the sense of longitudinal development (slight tapered or
cylindrical) and geometric adaptation of the cross section in the peg hole diameter
(quadrangular, octagonal or round with or without nail head). Nowadays dowel-shaped
fasteners are roughly divided into two categories: “wooden nails” for fasteners with octagonal
cross-sections and “dowels” for ones with round cross-sections. On the subject “wooden nails”
there are many publications [5,6,7,8,9,10,11,12], which refer to the assessment of the loadbearing capacity of wooden pegs, pins, nails in the historical connection. In his research report,
Müller [13] summarized the results of Ehlbeck, Hättich, Kessel, Augustin, Görlacher, Blaas,
Ernst, Werner [5-12]. Furthermore, European Standards [14] and [15], provide further design
proposals and load-carrying capacity for some kind of dowel-shaped wooden fasteners.
From the résumé of the state of the art, it is important to conclude that some mechanical
models for dowel-shaped wooden fasteners are valid for specified boundary conditions
(minimum spacing, minimum thickness, and fixed diameter or timber species) for connections
in single or double-shear. The existing, most complete and flexible mechanical model, suitable
for the adaptation for the wooden wedged dowels, is the one proposed in [15] based on the
approach of [6]. On the basis of preliminary tests, the mentioned model will be implemented
with relevant parameters and made suitable for the verification of repair connections with
wooden wedged dowels.
2.2 Defined parameters for the wooden wedged dowels: the requirement matrix
[K]

[N]

[D]

[K]

Figure 1: Abbreviations for the parameters in the wooden wedged dowels

From the analysis of existing mechanical models and existing built examples of connections
with wooden wedged dowels, some basis parameters were defined. The representation of
following described parameters is also depicted in Figure 1 and Figure 2.
DOWEL [D]:
- Wooden species: European ash (Fraxinus excelsior, L.) (kiln-dried); European oak
(Quercus sp.) (kiln-dried).
- Direction of the fibers: longitudinal direction of the fibers = length of the dowel.
- Length of the dowel [𝑙𝑙𝐷𝐷 ]: Variable, equal to the height of building components’ cross
section [𝑙𝑙𝐷𝐷 = ℎ𝐵𝐵 ].
- Diameter of the dowel [𝑑𝑑𝐷𝐷 ]: 𝑑𝑑𝐷𝐷 = 16 − 20 − 24 − 30 𝑚𝑚𝑚𝑚
GROOVE [N]:
- Centered on the diameter of the dowel
- Length of the groove on Side 1 (S1) [lN,1] and groove on the Side 2 (S2) [lN,2]:
each max. lN ≤ 1⁄4 ∙ lD and lN,1 = lN,2
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Thickness of the groove [𝑡𝑡𝑁𝑁 ]: 𝑡𝑡𝑁𝑁 = 1 − 3 𝑚𝑚𝑚𝑚
(according to production rule: 𝑡𝑡𝑁𝑁 = 1⁄10 ∙ 𝑑𝑑𝐷𝐷 )
- Length of dowel’s core [𝑙𝑙𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 ]: 𝑙𝑙𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 = 𝑙𝑙𝐷𝐷 − lN,1 − lN,2
- Distance between groove’s bottom and shear line [𝑙𝑙𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝐷𝐷 ⁄2]
- Angle θ (parameter T1 in Table 1) between orientation of the groove and direction of
annual rings on dowel’s cross section: Fixed combination: = 𝑇𝑇1 = 0 . According to [16,
17, 18] the maximum strength between tangential and radial is – at least for Quercus sp.
– along the radial direction, because of the presence of medullary rays.
- Angle φ (parameter T2 in Table 1) between the orientation of the groove on S1 [N,1]
and fibers’ direction in the building component: Variable orientation for different
building component‘s wooden species.
 Variable probed in preliminary tests TV1.
- Angle β (parameter G in Table 1) between the orientation of the groove on Side 1 [N,1]
and groove on Side 2 [N,2]: Fixed combination: 𝛽𝛽 = G1 = 0 .
Variable probed in preliminary tests TV1.
WEDGE [K]:
- Wooden species of the wedge: Oak (Quercus sp.) (kiln-dried).
- Direction of the fibers: longitudinal direction of the fibers = length of the wedge.
- Length of the wedge [𝑙𝑙𝐾𝐾 ]: fixed: 𝑙𝑙𝐾𝐾 = 𝑙𝑙𝑁𝑁 + 10𝑚𝑚𝑚𝑚
- Width of the wedge [𝑏𝑏𝐾𝐾 ]: 𝑏𝑏𝐾𝐾 = 𝑑𝑑𝐷𝐷
- Thickness of the wedge (correspondent to dowel’s opening) [𝑡𝑡𝐾𝐾,D ]: 𝑡𝑡𝐾𝐾,D ≅ 5.2𝑚𝑚𝑚𝑚 .
- Thickness of the wedge at the tip (correspondent to groove’s bottom) [𝑡𝑡𝐾𝐾,1 ]:
𝑡𝑡𝐾𝐾,1 ≅ 0𝑚𝑚𝑚𝑚
- Angles in the wedge: [𝛼𝛼𝐾𝐾,𝑎𝑎 ; 𝛼𝛼𝐾𝐾,𝑏𝑏 ; 𝛼𝛼𝐾𝐾,𝑠𝑠 ]. With 𝛼𝛼𝐾𝐾,𝑠𝑠 = 8°-10° (at the tip).
- Practical manufacturing rule for the angle of the wedge: “per cm length of the (pointed)
wedge, the width is up to 2 mm”.
- The form of the ideal wedge represented in Figure 2 differs from the real one, because
of the easiness of manufacturing: in the first case 𝛼𝛼𝐾𝐾,𝑎𝑎 = 𝛼𝛼𝐾𝐾,𝑏𝑏 , while in the second case
𝛼𝛼𝐾𝐾,𝑎𝑎 ≠ 𝛼𝛼𝐾𝐾,𝑏𝑏 , and 𝛼𝛼𝐾𝐾,𝑎𝑎 = 90°.
BUILDING COMPONENTS [B]:
- Connection only in single shear
- Wooden species of repair building component (must be same or similar to the in-situ
timber, which bulk density & moisture content have to be proofed):
 Hardwood: Oak (Quercus sp.) or similar density, minimum 5 year air-dried;
 Softwood: Spruce (Picea abies), silver fir (Abies alba), European redwood (Pinus
sylvestris) or similar density, can be kiln-dried.
- Timber moisture content ideally constant: hypothetically fixed at: 𝑢𝑢 ≅ 12 − 13%
- Minimum width of the building component [𝑏𝑏𝐵𝐵,𝑚𝑚𝑚𝑚𝑚𝑚 ]: 𝑏𝑏𝐵𝐵,𝑚𝑚𝑚𝑚𝑚𝑚 = 120𝑚𝑚𝑚𝑚
equivalent to 1x row wooden wedged dowels 𝑑𝑑𝐷𝐷,𝑚𝑚𝑚𝑚𝑚𝑚 = 20𝑚𝑚𝑚𝑚 with 𝑎𝑎4,𝑚𝑚𝑚𝑚𝑚𝑚 = 2,5 ∙ 𝑑𝑑𝐷𝐷 .
- Minimum height of the building components [ℎ𝐵𝐵 ]: ℎ𝐵𝐵,𝑚𝑚𝑚𝑚𝑚𝑚 = ℎ𝐵𝐵,1 + ℎ𝐵𝐵,2 ≥ 120𝑚𝑚𝑚𝑚 i.e.
connection in single shear with ℎ𝐵𝐵,1 ≥ 60𝑚𝑚𝑚𝑚 & ℎ𝐵𝐵,2 ≥ 60𝑚𝑚𝑚𝑚
equivalent to minimum length of dowel’s core [𝑙𝑙𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚 ]: 𝑙𝑙𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚 = 60mm
-
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MINIMUM SPACING / DISTANCES IN THE CONNECTION:
- Minimum distance to timber edges [𝑎𝑎4 ]: 𝑎𝑎4,𝑚𝑚𝑚𝑚𝑚𝑚 ≥2.5∙𝑑𝑑𝐷𝐷
- Minimum distance to timber end [𝑎𝑎3 ]: 𝑎𝑎3,𝑚𝑚𝑚𝑚𝑚𝑚 ≥4∙𝑑𝑑𝐷𝐷
- Minimum spacing among fasteners [𝑎𝑎1 = 𝑎𝑎2 ]: 𝑎𝑎1 =𝑎𝑎2 ≥2∙𝑑𝑑𝐷𝐷
- Minimum spacing between fasteners and checks (or cracks) in building components [𝑎𝑎𝑟𝑟 ]:
𝑎𝑎𝑟𝑟 ≥2∙𝑑𝑑𝐷𝐷 .

Figure 2: Parameters in the repair connection with wooden wedged dowels

3

RESULTS OF EXPERIMENTAL PRELIMINARY INVESTIGATIONS

In order to adapt the already existing models for „wooden nails“ and „dowels“ for the
wooden wedged dowels, further important constructive and static parameters were analyzed in
the preliminary experimental investigations (TV1) and afterwards implemented in the
requirement matrix.
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3.1 Aim
Aim of TV1 was to determine some significant parameters that play a major role in the
formation of cracks in the wooden wedged dowel and on components’ surfaces and to bring
forward the most favorable wood and geometrical combinations.
The initial parameters for the design of test specimens for the TV1 were fixed based on the
empirical values and some relevant constructive parameters were considered as variables.
Specific aims of the preliminary tests TV1 were:
- Analysis of the distribution of strains in the dowel and in the building components as a
consequence of introduction of the wedge in the groove;
- Analysis of cracks and failure modes in the materials;
- Fixing relevant parameters;
- Fixing relevant manufacturing rules;
- Collect data for the construction of a FE-Model
3.2 Geometry of specimens
The geometry of test specimens for the TV1 was prepared according to the parameter defined
in paragraph 2.2. Some specific parameters and variables for TV1 are listed below.
Fixed geometric parameters:
- Dimension of building components: (𝑏𝑏 𝑥𝑥 ℎ 𝑥𝑥 𝑙𝑙) 120 𝑥𝑥 (60 + 60) 𝑥𝑥 220𝑚𝑚𝑚𝑚3
- Timber species: Dowel: oak; Building components: oak, spruce.
- Dowel diameter: 𝑑𝑑𝐷𝐷 = 20𝑚𝑚𝑚𝑚
- Dowel length: 𝑙𝑙𝐷𝐷 = 120𝑚𝑚𝑚𝑚
- Thickness of the groove: 𝑡𝑡𝑁𝑁 = 2𝑚𝑚𝑚𝑚
- Length of the groove: lN,1 = lN,2 = 30𝑚𝑚𝑚𝑚
- Wedge parameters’ 𝛼𝛼𝐾𝐾,𝑎𝑎 ≠ 𝛼𝛼𝐾𝐾,𝑏𝑏 , and 𝛼𝛼𝐾𝐾,𝑎𝑎 = 90° were produced according to real form.
- 𝜃𝜃 : angle between orientation of the groove with respect to the direction of annual rings
on dowel’s cross section. For TV1 the parameter was fixed as: = 𝑇𝑇1 = 0° .
Variable geometric parameters:
The analyzed variables are described in detail in Table 1, and briefly listed below:
- H: Timber combinations:
 H1: Dowel: oak (HW) / Building component: spruce (SW)
 H2: Dowel: oak (HW) / Building component: oak (HW)
- T2: angle between orientations of the groove with respect to fiber direction of the
building component on S1.
- G: angle between orientation of the groove on S1 and on S2. In the existing built
examples the dowels were always rotated of 𝛽𝛽 = 90° to avoid the feared risk of dowel’s
core splitting. In the current research project, both the rotated (𝛽𝛽 = 90°) and parallel
(𝛽𝛽 = 0°) arrangement of the groove are probed.
3.3 Materials and methods

The tests consist of the insertion of the wedge on both S1 and S2 by means of a universal
testing machine with a strain-controlled test (velocity = 1 𝑚𝑚𝑚𝑚⁄𝑠𝑠 ) (Figure 3). The wedge was
not introduced – as in real conditions – by means of a hammer. The reason is the attempt to
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BSa
D05a

BQ

BSb
D05b

repeat – for every specimen – the same boundary conditions: velocity, load amount, direction
of the load (without natural direction’s corrections of a human operator) and centered load on
the wedge (in the real form: asymmetrical wedge).
Before the tests, the specimens were conditioned minimum 24h in a climatic chamber
T=20°C and RH=65%.
Mechanical properties of the test specimens (bulk density, moisture content and bending
E-module) were determined for both building components and dowels. Test specimens were
divided into groups: specimen produced from the same original initial cross section belonged
to the same group. The properties were determined using reference samples for each group.
The superficial visible and non-visible deformation/strain during the tests were recorded
with the optical measurement system WM.
Test Steps:
- Step 0: In a first stage, the dowel is installed in the building component.
- In a second stage, the wedge is inserted in the dowel’s groove as follows:
- Step 1: introduction of the wedge in the groove up to the maximum depth of penetration
(ǤǤ) equal to groove length. 𝐸𝐸. 𝑇𝑇.𝑚𝑚𝑚𝑚𝑚𝑚,𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆1 = 30𝑚𝑚𝑚𝑚 = 𝑙𝑙𝑁𝑁 );
- Step 2: further introduction of the wedge up to a defined failure mode (buckling of wedge).

a)

b)

Figure 3: Test setup and optical measurement system WM for measurement of deformation/strain:
a) Scheme b) Picture
Table 1: Abbreviations for the variable parameters of the wooden wedged dowel in TV1
H
Timber
combinations

T1Angle θ between
orientation of the
groove and the
direction of the annual
rings on the dowel’s
cross section

H1 = SW-HW
H2 = HW-HW

T1-0  θ = 0°
T1-45  θ = 45°
T1-90  θ = 90°

T2Angle φ between the
orientation of the
groove on Side 1
[N,1] and fibers’
direction in the
building component
on S1
T2-0  φ = 0°
T2-45  φ = 45°
T2-90  φ = 90°
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G
Angle β between the orientation of
the groove on Side 1 [N,1] and
groove on Side 2 [N,2]

G1  orientation of the groove on S2
parallel to orientation on S1
G2  orientation of the groove on S2
perpendicular to orientation on S1
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Table 2: Tested geometric combinations and repetitions for timber combination
Geometric
combinations
T1-0_T2-0_G1
T1-0_T2-45_G1
T1-0_T2-45_G2
T1-0_T2-90_G1
T1-0_T2-90_G2

φ
φ
φ
φ
φ

S1

= 0°
= 45°
= 45°
= 90°
= 90°

T2 on:
φ
φ
φ
φ
φ

S2

= 0°
= 45°
= 135°
= 90°
= 0°

Repetitions for timber combination
H1
H2
1
4
4
0
5
5
5
5
5
5

3.4 Conclusion
After testing, some specimens showed presence of cracks in the dowel in correspondence of
groove’s bottom and/or on building components’ surface(s). Furthermore, for some specimens
the penetration of the wedge was registered beyond 𝐸𝐸. 𝑇𝑇. = 𝑙𝑙𝑁𝑁 . Therefore, dowel’s core length
after tests [𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 ] is to understand as the 𝑙𝑙𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 minus crack and penetration length in the
dowel after testing. The results of TV1 are following discussed for three cases “results for H1”,
“results for H2”, “general conclusions”, and resumed in Table 3.
Results for H1:
T2-0_G1:
- Dowel’s core length 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 average after testing is 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 30.00𝑚𝑚𝑚𝑚.
- Occurrence of failure in dowel’s core is 100%. Occurrence of cracks on the building
components’ surfaces is 50%.
T2-90_G2 :
- Dowel’s core length 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 average after testing is 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 33.25𝑚𝑚𝑚𝑚.
- Occurrence of failure in dowel’s core is 75%. Occurrence of cracks on the building
components’ surfaces is 38%. It is important to emphasize that the occurrence of failure on
building component’s surface increases by 60% and in the dowel by 92% when only S2,
i.e. φ=0° is considered.
- The configuration T2-90_G2 will be abandoned because on the average: frequent
occurrence of failure (tension perpendicular to the grain) on building component’s surface
S2 (φ=0°), and reduced dowel’s core 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 (deep crack generation at S2 (φ=0°)).
 In conclusion, all configurations with φ=0° will be abandoned for the timber combination
H1 (T2-0_G1; T2-0_G2; T2-90_G2).
T2-45_G2:
- Dowel’s core length 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 average after testing is 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 46.30𝑚𝑚𝑚𝑚.
- Occurrence of failure in dowel’s core is 17%. Occurrence of cracks on the building
components’ surfaces is 50%.
T2-45_G1:
- Dowel’s core length 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 average after testing is 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑛𝑛,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 60.00𝑚𝑚𝑚𝑚.
- Occurrence of failure in dowel’s core is 0%. Occurrence of cracks on the building
components’ surfaces is 13%.
- Observation: higher bulk density induces on average smaller probability of opening of
cracks in dowel’s core: T2-45_G2: cracks in dowel’s core: 6/12 - 𝜌𝜌𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 =
0.560 𝑔𝑔⁄𝑐𝑐𝑐𝑐3 ; T2-45_G1: cracks in dowel’s core: 0/16 - 𝜌𝜌𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 0.715 𝑔𝑔⁄𝑐𝑐𝑐𝑐3 .
 In conclusion, the configuration T2-45_G1 will be kept for next investigations, the

2680

E. Perria, S. Siegert, X. Li and M. Sieder

configuration T2-45_G2 will be abandoned.
T2-90_G1:
- Dowel’s core length 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 average after testing is 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 60.00𝑚𝑚𝑚𝑚.
- Occurrence of failure in dowel’s core is 70%. Occurrence of cracks on the building
components’ surfaces is 0%.
- Explanation: because of different E-moduli of the timber species in the connection, cracks
occur in the dowel but not on the building component’s surface. It is assumed that spruce
has a higher elasticity and a higher capacity to absorb deformations compared to oak.
 In conclusion, the configuration T2-90_G1 will be kept for next investigations.
Results for H2:
T2-0_G1:
- Dowel’s core length 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 average after testing is 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 60.00𝑚𝑚𝑚𝑚.
- Occurrence of failure in dowel’s core is 0%. Occurrence of cracks on the building
components’ surfaces is 0%.
T2-90_G2:
- Dowel’s core length 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 average after testing is 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 60.00𝑚𝑚𝑚𝑚.
- Occurrence of failure in dowel’s core is 19%. Occurrence of cracks on the building
components’ surfaces is 33%. It is important to emphasize that the occurrence of failure on
building component’s surface increases by 60% and in the dowel by 25%, when only S2,
i.e. φ=0° is considered.
- Observation: higher bulk density induces on average smaller probability of opening of
cracks in dowel’s core: T2-90_G2: failure of dowel’s core on S2: 2/8 - 𝜌𝜌𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 =
0.569 𝑔𝑔⁄𝑐𝑐𝑐𝑐3 ; T2-0_G1: failure of dowel’s core: 0/16 - 𝜌𝜌𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 0.721 𝑔𝑔⁄𝑐𝑐𝑐𝑐3 .
 In conclusion, the configuration T2-0_G1 will be kept for next investigations, the
configuration T2-90_G2 will be abandoned.
T2-45_G2
- Dowel’s core length 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 average after testing is 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 46.30𝑚𝑚𝑚𝑚.
- Occurrence of failure in dowel’s core is 0%. Occurrence of cracks on the building
components’ surfaces is 17%.
T2-45_G1
- Dowel’s core length 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 average after testing is 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 60.00𝑚𝑚𝑚𝑚
- Occurrence of failure in dowel’s core is 0%. Occurrence of cracks on the building
components’ surfaces is 13%.
- In the configuration T2-45 𝐸𝐸. 𝑇𝑇.𝐾𝐾,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 17.25𝑚𝑚𝑚𝑚 i.e. 𝑡𝑡𝑁𝑁 = 𝑏𝑏𝐷𝐷 > 2𝑚𝑚𝑚𝑚. Possible
disadvantage: zero expansion of the dowel and no clamping-effect.
 In conclusion, the configuration T2-45_G1 will be kept for next investigations, the
configuration T2-45_G2 will be abandoned.
T2-90_G1
- Dowel’s core length 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘 average after testing is 𝑙𝑙′𝐷𝐷,𝑘𝑘𝑘𝑘𝑘𝑘𝑘𝑘,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 42.40mm.
- Occurrence of failure in dowel’s core is 70%. Occurrence of cracks on the building
components’ surfaces is 0%.
- In the configuration T2-90 𝐸𝐸. 𝑇𝑇.𝐾𝐾,𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = 20.75𝑚𝑚𝑚𝑚 i.e. 𝑡𝑡𝑁𝑁 = 𝑏𝑏𝐷𝐷 = 2𝑚𝑚𝑚𝑚. Possible
disadvantage: zero to low expansion of the dowel in T2-90 and no or low clamping-effect.
 In conclusion, the configuration T2-90_G1 will be kept for next investigations.
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Table 3: Results of TV1 for timber and geometric combinations.

T2-90_G1

T2-90_G2

T2-45_G1

T2-45_G2

T2-0_G1

T2-90_G1

T2-90_G2

T2-45_G1

T2-45_G2

𝒍𝒍′ 𝑫𝑫,𝒌𝒌𝒌𝒌𝒌𝒌𝒌𝒌,𝒎𝒎𝒎𝒎𝒎𝒎𝒎𝒎
[mm]
Dowel’s core failure
[%]
Building components‘
surfaces failure
[%]

H2

T2-0_G1

H1

30.00

60.00

33.25

60.00

46.30

60.00

42.40

60.00

60.00

46.30

100

70

75

0

17

0

70

19

0

0

50

0

38

13

50

0

0

33

13

17

General conclusions:
- Disadvantage of configuration G2: greater effort in manufacturing.
- Advantage of configuration G1: less effort in manufacturing.
- In correspondence with dowel’s core presence of a torsional stress in G2 vs. no-torsional
stress in G1 (later confirmed by FEM simulations)
- Dowel’s core remains sufficiently free of cracks independently from β.
 In conclusion, the geometry G1 is preferred.
- T2-90 higher stiffness of the building component (higher strength properties in tension
parallel to the grain), i.e. lower penetration depth of the wedge.
- T2-0 smaller stiffness of the building component (smaller strength properties in tension
parallel to the grain), i.e. higher penetration depth of the wedge.
- Observation: during the insertion of the dowel in the building component (Step 0), a
deviation respect to the intended angle φ is possible. Strength properties of HW are
generally higher than SW ones; therefore, the building component of HW offers more
resistance, and the deviation is here more probable than in one of SW. The approximated
deviation from the intended angle is 𝜑𝜑 = ∓45°.
4

FEM SIMULATIONS

The data collected during the TV1 were used for the development of a FE-Model of the
repair connection with wooden wedged dowels. FE-simulations were performed with the
software COMSOL.
4.1 Aim
The aim of the development of the FE-Model is to obtain a large number of virtual test results
that realistically represent the stress / strain in different geometric and material configurations
of the repair connection; therefore, a statistical evaluation of the parameters from the totality of
the experimental and virtual results is possible. Specifically, in this first simulation series, the
model was calibrated on the specimen H2_T1-0_T2-90_G1:d, and the presented results are a
comparison between the results in the developed model and experimental results.
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4.2 Geometry of the specimen
The geometry of the model was chosen according to geometrical properties of the test specimens
TV1 (see Paragraph 3.2). In the FE-Model the wedge has no correspondent geometrical element, but
is simplified as a change in volume in the groove.
4.3 Materials and Methods
The actual material properties Young's modulus (𝐸𝐸𝑚𝑚,0 ) and bulk density (𝜌𝜌) of the specimen
H2_T1-0_T2-90_G1:d were determined. Unknown material properties for the specimen were
assigned based on the experimentally ascertained 𝐸𝐸𝑚𝑚,0 . According to [16], timber strength class
D35 was assigned to building components and D27 to the dowel. In the specimen there is a
difference between actual and theoretical properties. The correlation between 𝐸𝐸𝐵𝐵,𝑚𝑚,0,𝐸𝐸𝐸𝐸338 and
𝐸𝐸𝐵𝐵,𝑚𝑚,0,𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎 is 96%, while the correlation between 𝐸𝐸𝐷𝐷,𝑚𝑚,0,𝐸𝐸𝐸𝐸338 and 𝐸𝐸𝐷𝐷,𝑚𝑚,0,𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎 is 99.5%.
Furthermore, difference in density between components and dowel is according to [16]
properties: ∆𝜌𝜌 = 40 𝐾𝐾𝐾𝐾⁄𝑚𝑚3 ; however, according to actual material properties, the difference
in density is approx. ∆𝜌𝜌 = 100 𝐾𝐾𝐾𝐾⁄𝑚𝑚3. The linear elasto-plastic behavior of materials was
assumed according to [17-19]. Based on bevor mentioned material properties, further unknowns
in the material model (𝐸𝐸𝑐𝑐,0 ; 𝐸𝐸𝑐𝑐,90 ; Poisson ratio) were determined by the iteration procedure
FEM-updating. The material behavior of materials in the FE-Model was calibrated according
to the optical measurement results for the test specimen H2_T1-0_T2-90_G1:d (See Figure 3
and Table 4) for following cases:
- (Piston) displacement / deformation perpendicular to the fibers (BQ) on building
component’s surface;
- (Piston) displacement / deformation parallel to the fibers (BS) on building component’s
surface;
- (Piston) displacement / deformation perpendicular to annual rings on dowel’s cross section
(D05).

0.07

1.6

0.06

0.06

1.4

0.05

0.05

1.2

0.04
0.03
0.02

0.04
0.03
0.02

0.01

0.01

0

0

0

0.5

1

1.5

deformation [mm]

0.07

deformation [mm]

deformation [mm]

Table 4: Displacement/ deformation diagrams in the specimen H2_T1-0_T2-90_G1d. Comparison between
optical measurements and the results of the simulations.
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Table 5: Results of FE simulations for H2_T1-0_T2-90_G1 - Case study TV1.
𝑥𝑥106

2.6
2.4

6.0

1.0

5.0

0.8

4.0

0.6

3.0

0.4

2.0

0.2
𝑁𝑁⁄𝑚𝑚2

Global deformations in the dowel as a consequence of
expansion of wedge’s volume in the groove
∆𝑙𝑙 = 1.5𝑚𝑚𝑚𝑚 (x-direction) each side.
𝑥𝑥108

8.0
7.0

2.2

𝑚𝑚𝑚𝑚

9.0

1.0

Global stress in the dowel as a consequence of expansion of
wedge’s volume in the groove
∆𝑙𝑙 = 1.5𝑚𝑚𝑚𝑚 (x-direction) each side.

0.0

𝑥𝑥106

-0.1
-0.2

3.0

2.5

-0.3
-0.4

2.0

-0.5
-0.6

1.5

-0.7
-0.8
𝑁𝑁⁄𝑚𝑚2

1.0

-0.9
-1.0

𝑁𝑁⁄𝑚𝑚2

Stress in the building component (x-direction) as a
consequence of expansion of wedge’s volume in the groove
∆𝑙𝑙 = 1.5𝑚𝑚𝑚𝑚 (x-direction) each side.
0.20

Stress in the building component (y-direction) as a consequence
of expansion of wedge’s volume in the groove ∆𝑙𝑙 = 1.5𝑚𝑚𝑚𝑚 (xdirection) each side.
0.20

0.18

0.18

0.16

0.16

0.14

0.14

0.12

0.12

0.10

0.10

0.08

0.08

0.06

0.06

0.04

0.04

𝑚𝑚𝑚𝑚

0.02
0.00

Strain in the building component (x-direction)

𝑚𝑚𝑚𝑚

Strain in the building component (y-direction)
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The simulations were performed under following assumptions: 1) The “action” in the
experimental tests is the application of a load that permits through a displacement of the piston,
the introduction of the wedge in the groove. In the FE-Model the introduction of the wedge is
simulated as a change / shift in the volume of the groove. The maximum volume-change
corresponds to the maximum (x-direction) displacement of the wedge in the performed test
2) The presence of friction and imperfections on the contact surface between wedge and dowel
are neglected; 3) Radial and tangential material properties of the wood are the same.
4.4 Conclusions
Results of simulations for the geometry H2_T1-0_T2-90_G1:d are represented in Table 5.
Here, distribution of stresses (exceeding 𝑓𝑓𝑡𝑡,90 ) and deformations in the dowel and building
component is depicted. The correspondence between simulations and experimental results is the
best possible. Nevertheless, due to engineering assumptions in the material model, test results and
simulations differ under some aspects: as soon as a crack occurs in the material, FEM results
differ from the experimental ones because the idealized linear elasto-plastic behavior of the model
(based on Navier theory) does not take into account the loss of energy after failure.
5

CONCLUSIONS

Results of experimental preliminary investigations TV1 permitted to identify the significant
parameters that play a major role in formation of cracks in the wooden wedged dowel and on
components’ surfaces. Similarly, it was possible to compose the requirement matrix, which
contains all determinant constructive and static parameters for the implementation of a
numerical model for design of repair connections with wooden wedged dowels. Furthermore,
results of experimental preliminary investigations permitted to identify the most favorable
wood and geometrical combinations for the definition of the axial load-carrying capacity of
wooden wedged dowels. This second step is already in process with the experimental
preliminary investigations TV2. Furthermore, the results of the first FE-Model will be further
implemented. In the second update of the FE-model mechanical properties 𝐸𝐸𝑚𝑚,0, 𝜌𝜌, 𝐸𝐸𝑐𝑐,0 , 𝐸𝐸𝑐𝑐,90
for building components and dowels will be determined in laboratory conditions according to
[20] for different timber species. Actual material properties, together with actual elasto-plastic
behavior of structural components and dowel will be used for the generation of more, realistic
results for different timber combinations.
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Abstract. Historical masonry structures with a greater thickness can often be made as socalled multi-leaf masonry with outer leaves lined with the application of some of the masonry
bonding methods and with the inner leave of the so-called cast core formed by fragments of
stones of different sizes that are bonded with more mortar. The load capacity, stiffness and the
failure mechanism of multi-leaf masonry are influenced by the interaction of individual leaves
with different deformation and physico-mechanical properties and the nature of the mutual
connection of individual leaves of masonry. The performed analyses showed a significant
influence of especially the cast core masonry tensile strength and the contact joint strength
between the core masonry and the outer leaves.
1

INTRODUCTION

Failure mechanism of multi-leaf masonry with outer layers (facing leaves) of coursed
masonry of regular (dressed) stone blocks, or of roughly coursed masonry with irregular,
partially treated (roughly dressed) quarry stones and with an inner layer, the so-called cast core,
consisting of fragments of stones differing in sizes and shapes, which are laid in a larger amount
of mortar, is different from the failure mechanism of coursed stone masonry or roughly coursed
irregular masonry [1,2]. The determination of the residual compressive loadability of multi-leaf
masonry is a demanding task at which the calculation procedures used for single-leaf masonry
cannot be fully applied.
Due to the nature of the inner leaf containing a larger amount of binder (e.g. 40-60% of the
generally more flexible binder) than the outer masonry leaves (e.g., 15-30% binder), different
deformation properties, a different load capacity and failure mechanism of this type of masonry
can be expected [3]. The “bonding” of the outer leaves with the inner leaf contributes to the
increase in the coherence and integrity of multi-leaf masonry. Also, the natural irregularity of
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the inner surface of the outer (facing) leaves made of undressed stones improves the bonding
of the outer and inner leaves and increases the resistance of the multi-leaf masonry structure to
“splitting”, which usually precedes complete failure of masonry.
The process of multi-leaf masonry failure under concentric compressive loads is
characterized by the detachment of individual masonry leaves, damage to the masonry crosssection due to transverse (expanding) tensile forces usually caused by the different stiffness of
the cast core and the facing leaf masonry [4,5,6].
Historical masonry is characterized by considerable heterogeneity and different properties
of its individual components [7,8,9,10]. The study of the influence of different material
properties of individual parts of multi-leaf masonry on its failure mechanism is therefore a basic
prerequisite for its reliable stabilization and consolidation design.
2 THEORETICAL AND EXPERIMENTAL RESEARCH INTO THE BEHAVIOR OF
MULTI-LEAF MASONRY UNDER COMPRESSIVE LAODING
The research projects (NAKI DF12P01OVV037 and NAKI DG16P02M055) involved the
theoretical and experimental analysis of the failure mechanism of multi-leaf masonry under
concentric compressive load exerted by force or by forced deformation was performed. The
theoretical and experimental analysis was carried out on a model of multi-leaf masonry (Fig. 1)
with outer (facing) leaves approx. 150 mm thick made up of roughly dressed sandstone blocks
(approx. size of 170 x 150 x 120 mm, compressive strength approx. 40 MPa) and a core masonry
leaf approx. 300 mm in thickness made up of sandstone fragments with a lime mortar binder
(mortar compressive strength of facing leaves of 1.15 MPa in the case of bonded leaves and
1.08 MPa in the case of non-bonded leaves, mortar compressive strength of cast (inner leaf)
masonry of 0.92 MPa in the case of bonded leaves and 0.97 MPa in the case of non-bonded
leaves).

Figure 1: Multi-leaf masonry specimens

Numerical analysis (2D linear finite element analysis) included a total of 7 different
arrangements of segments (bodies) of multi-leaf masonry loaded at the upper free end by a
uniform vertical compressive load and 7 segments (bodies) loaded at the upper free end by
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forced vertical deformation (Fig. 2, Tab. 1). The numerical analysis covered different
alternatives of computational models (single-leaf, multi-leaf, bonded and non-bonded leaves)
as well as computational load models (force, forced deformation).

Figure 2: a) Multi-leaf masonry with full bond between leaves, b) Multi-leaf masonry with no shear bond
between leaves (*horizontal stresses are transferred), c) Single-leaf masonry
Table 1: Overwiev of theoretically studied cases of multi-leaf masonry

Geometry

Em,f [GPa]

Em,c [GPa]

1

3.8

1.6

2

3.8

1.2

3.8

3.8

4

1.6

1.6

5

1.2

1.2

6

3.8

1.6

7

3.8

1.2

3.8

3.8

9

1.6

1.6

10

1.2

1.2

3.8

1.6

3.8

1.2

3.8

1.6

3.8

1.2

3

8

11
12
13
14

Load type

Force

Deformation

Force
Deformation

The experimental research was carried out on a total of 6 test specimens of the same
dimensions as in the theoretical analysis (width x depth x height - approx. 500 x 600 x 720 mm)
loaded by a monotonically increasing compressive force exerted by a hydraulic press with a
digital pressure sensing center (manufacturer MFL Germany, load range 0 - 10000 kN, Fig. 3).

2689

Jiří Witzany, Jiří Brožovský, Tomáš Čejka, Jan Kubát and Radek Zigler

Based on the theoretical and experimental analysis of multi-leaf masonry segments, two
different failure mechanisms of multi-leaf masonry under concentric compressive load were
formulated.

Figure 3: Test specimens of multi-leaf masonry under compressive load

3

MULTI-LEAF MASONRY FAILURE MECHANISM

The failure mechanism of multi-leaf stone masonry of the "coursed facing masonry leaf cast masonry leaf – coursed facing masonry leaf" composition is characterized by the
development of transverse (horizontal) tensile forces with the maximum value in the middle of
the masonry and shear forces with the maximum in the joint between the facing masonry leaves
and the cast core leaf (Fig. 4).

Figure 4: Results of numerical analysis – a) Horizontal stresses, b) Vertical stress, c) Shear stresses

Based on the results of the numerical analysis, deflection of stress trajectories in multi-leaf
masonry loaded by concentric compression due to the higher stiffness of facing masonry leaves
Em,f (lower compressibility) compared to the stiffness of the core masonry leaf Em,c can be
observed. This deflection of the stress trajectories (change from the vertical trajectory in case
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of single-leaf masonry or masonry where Em,f ≈ Em,c to more complex or inclined stress pattern
in case of Em,f ≠ Em,c) is accompanied by the formation of horizontal stresses which increase
in size with the increasing difference in the stiffness of the facing and core masonry leaves (Em,f
> Em,c).
In the case of Em,c/Em,f ration equal to 0.42, the horizontal stresses +σx reached 646% and
861% in case of facing leaf or core leaf, respectively, compared to a single leaf masonry. In the
case of Em,c/Em,f ration equal to 0.32 these stresses reach 769% and 1028% in case of facing
leaf or core leaf, respectively, compared to a single leaf masonry (Fig. 5). These additional
horizontal tensile stresses, combined with no uniform distribution of vertical stresses +σz (Fig.
6) can lead to significant crack formation and masonry failure. This mechanism is further
enhanced by the increase in shear stresses +τxz reaching up to 775%, depending on the Em,c/Em,f
ration (Fig. 7).

Figure 5: Horizontal stresses +σx in multi-leaf masonry – a) Ratio of Em,c/Em,f = 0.32, b) Ratio of Em,c/Em,f = 0.42,
c) Ratio of Em,c/Em,f = 1, d) Change of horizontal stress due to the Em,c/Em,f ratio

Figure 6: Vertical stresses +σz in multi-leaf masonry – a) Ratio of Em,c/Em,f = 0.32, b) Ratio of Em,c/Em,f = 0.42,
c) Ratio of Em,c/Em,f = 1, d) Change of vertical stress due to the Em,c/Em,f ratio

Figure 7: Shear stresses +τxz in multi-leaf masonry – a) Ratio of Em,c/Em,f = 0.32, b) Ratio of Em,c/Em,f = 0.42,
c) Ratio of Em,c/Em,f = 1, d) Change of shear stress due to the different Em,c/Em,f ratio
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Based on the experimental results (Fig. 8 and Fig. 9, Tab. 1 and Tab. 2), it can be stated that
the characteristic failure of multi-leaf masonry depends on the tensile strength of the cast core
masonry and the strength of the contact joint between the facing and the core masonry leaves.

Figure 8: a) Scheme of experimental specimens, b) Ultimate compressive stress, c) Transverse and longitudinal
horizontal strains for un-bonded masonry, d) Transverse and longitudinal horizontal strains for bonded masonry,
Note*: Due to test setup, longitudinal strains were not measured up to ultimate load

Figure 9: a) The change of tensile stresses due to the Em,f/Em,c and tensile strength of the core leaf (rubble)
masonry, b) The change of shear stresses due to the Em,f/Em,c ratio and shear strength of the core/facing leaf contact

In terms of the response and the type of failure of multi-leaf masonry loaded by concentric
compressive force, which precedes reaching the limit load, the loss of stability and bearing
function of multi-leaf masonry, two different failure mechanisms of multilayer masonry can be
distinguished:
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a) Failure mechanism of multi-leaf masonry due to reaching the ultimate strength of the
core (cast) masonry. This failure mechanism of multi-leaf masonry can be observed in
cases where the ultimate tensile strength of the cast core masonry is exceeded due to
vertical tensile cracks, which gradually extend from the middle third of the height of the
compressed masonry (walls, columns) towards the heel and head. The formation of
vertical tensile cracks in the masonry core is subsequently accompanied by an uneven
distribution of normal compressive stresses across the cross-section of multi-leaf
masonry, which precedes reaching the limit load. The reduction of the stability - buckling
strength - of the masonry parts (columns) delimited by individual vertical tensile cracks
contributes to the progressiveness of the multi-leaf masonry failure mechanism.
b) Failure mechanism of multi-leaf masonry due to reaching the ultimate shear strength in
the contact joint between the facing masonry leaves and the core masonry leaf. This
failure mechanism of multi-leaf masonry can be observed in cases where the ultimate
shear strength in the “facing leaf – core leaf – facing leaf” contact joint is exceeded and
individual masonry leaves become detached. The ultimate compressive strength of
multi-leaf masonry at this stage of failure depends primarily on the intensity of the
uneven distribution of normal stresses and the buckling strength of the facing leaves.
Table 2: Overview of experimental multi-leaf and single-leaf masonry specimens and their material properties

Masonry type
Multi-leaf,
un-bonded
Multi-leaf,
bonded
Single-leaf,
coursed
Single-leaf,
rubble*

Dimensions [mm]

Masonry units comp.
strenght [MPa]

Mortar comp.
strenght [Mpa]

Width

Depth

Height

46.4

0.95-1.10

510

580

710

46.4

0.93-1.13

510

590

740

46.4

1.01

485

595

730

19.51

1.68

540

540

1710

Note: *Test specimen from another test series (full height specimens), included for comparison
Table 3: Results of experimental testing of multi-leaf and single leaf masonry specimens

Masonry type
Multi-leaf,
un-bonded
Multi-leaf,
bonded
Single-leaf,
coursed
Single-leaf,
rubble

Ultimate strains ε [-]

Ultimate vert.
stress σz [MPa]

Vertical (εz)

Transverse
horizontal (εx)

Longitudinal
horizontal (εy)

2.37

0.0117

0.0302

0.0073*

2.61

0.0164

0.0143

0.0057*

2.89

0.0109

0.0169

x

1.99

0.0201

0.0342

x

Note: Strains at approx. 75% of ultimate load level (*), strains not measured (x)
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4 STABILIZATION AND CONSOLIDATION OF MULTI-LEAF HISTORICAL
MASONRY
Stabilization and consolidation measures should be based on the failure mechanisms
characterized by masonry splitting accompanied by reduced stability and compressive load
capacity. In terms of prevention of the appearance of premature tensile cracks, which result in
multi-leaf masonry splitting, the most effective methods that can be recommended, based on
the research conducted and authors’ experience of in-situ applications, are:
• In the case of insufficient contact joint strength or damage
- Reinforcement of multi-leaf masonry by transverse anchors (connectors)
designed on the principle of the so-called “nail” grouting. After the insertion of
steel bars (e.g. with periodic surfaces) into transversally drilled holes (slightly
sloping inwards – approx. 5°, reaching to approx. 1/2 of the core thickness),
pressure grouting (with lime, cement or polymer based binders, resins etc.) is
performed. The optimal spacing of individual grouted nail anchors (connectors),
which can be arranged in one or several rows one above the other, is less than or
equal to the thickness of the facing masonry leaf (Fig. 10a).
- Pressure grouting aimed at reinforcing the contact joint with grouting mixtures
based on polymer or epoxy resins or grouting mixtures based on lime or cement
binders. The grouting hole should reach into the core leaf to a maximum depth
equal to the thickness of the facing masonry leaf (Fig. 10b).
• In the case of insufficient strength or quality of the core leaf masonry
- Grouting of the cast core masonry with a suitable grouting mixture, depending
on the pore system, voids or cavities. In order to increase the efficiency and
reliability of grouting, it is advisable to carry out two-stage grouting aimed at
increasing the stiffness and strength of the core masonry. Grouting holes should
reach to 2/3 - 4/5 of the thickness of the core masonry leaf (Fig. 10c).

Figure 10: a) Stabilization of multi-leaf masonry by “nail” grouting, b) Stabilization of multi-leaf masonry by
contact joint grouting, c) Stabilization of multi-leaf masonry by core grouting

5

CONCLUSIONS

The determination of the residual compressive load capacity of multi-leaf masonry and the
design of remediation and reinforcement methods of damaged multi- leaf masonry requires a

2694

Jiří Witzany, Jiří Brožovský, Tomáš Čejka, Jan Kubát and Radek Zigler

specific approach based on the results of detailed research, diagnostic investigations and
theoretical analysis. Massive multi-leaf masonry usually shows sufficient reserves in the load
capacity due to the magnitude of real loads. The tests and analyses performed, in contrast,
pointed out the risk factors of multi-leaf masonry that may be the cause of its sudden failure
(collapse).
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Abstract. This paper reports the experimental campaign for static tests performed on
unreinforced (URE) and mesh retrofitted (RRE) full scale rammed earth building. Amongst
varying building patterns of traditional rammed earth houses found in Bhutan, a two-storied
building with a full solid wall (small openings) on the first floor and larger opening in the front
facade of the second floor was chosen. The proposed mesh–wrap retrofitting of the walls
involved the use of standard mild steel welded mesh as the main mesh, M–Mesh (Ø 1.8 mm and
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34 mm c/c spacing) and light and galvanized welded mesh as a lapping mesh, L–Mesh (Ø 1.45
mm and 28 mm c/c spacing) provided at the corners and along the height of the walls. The
static test loading protocol involved the displacement controlled loading with drift-control over
the building. Cracks and damage observations were made at the storey drift ratios of: 1/2000,
1/1000, 1/750, 1/500 for URE building. The same URE building was retrofitted afterward and
retested as RRE to storey drift ratios of: 1/2000, 1/1000, 1/750, 1/500, 1/250, 1/150, 1/100 and
1/75. The mesh retrofitting is found effective in both damage control as well as strength
enhancement over the unreinforced one. The URE specimen showed a clear opening of shear
and vertical cracks in the in-plane loaded walls near the openings and Jugshing holes. For the
RRE specimen, cracks dispersed over a large region of the in–plane loaded walls. No
delamination of mesh–wrap was observed, showing the effectiveness of the proposed technique.
The RRE specimen showed enhancement in base shear by 2.5 times, ductility 2.3 times, and
energy absorption 12 times the URE counterpart.
1

INTRODUCTION

Rammed earth (RE) construction is one of the most dominant traditional and historical
construction practices and is mainly popular in the western part of Bhutan. These traditional
buildings represent not only the unique architecture of Bhutan but also expresses the social and
economic viability of the community. However, the past earthquake of magnitude M6.9, which
occurred on September 18, 2011, near Nepal–India border destroyed remarkable number of
rammed earth structures in Bhutan. Several past research works studied the behavior of RE wall
components in both in–plane [1,2] and out–of–plane directions [1,3–5]. The research works
clearly state the vulnerabilities of RE walls, but the works are limited to element tests of RE
wall components.
The present work tries to assess the behavior of a full–scale two–storied rammed earth
building through drift–controlled push–over static tests. A clear definition of the limit state for
RE is presented to identify the different damage levels in RE building based on the full scale
tests. Further, an effective mesh–wrap retrofitting strategy is also proposed to improve the
seismic resilience of RE. The proposed work will help to contribute towards strengthening the
existing traditional and historical rammed earth houses, which comprises a significant
percentage of the current building stock in the country.
2 TEST PROGRAM
2.1 Materials
2.1.1

Rammed earth

The rammed earth (RE) material used in construction was from the nearby local site. The
earth soil used for ramming included reddish-white clay with small pebbles. The grain size
distribution of the RE used showed a particle size range of 0–10 mm. More details on the soil
materials and particle size distribution can be found in Wangmo et al. [3]. For material
characterization, RE cylindrical core samples were extracted from the test specimens using core
drilling machine with diamond core bits for dry core drilling. In total, twelve of these cylindrical
core samples for each specimen type were tested to measure compressive strength (ASTM C39)
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and splitting tensile strength (ASTM C496). Table 1 lists the properties of RE from material
characterization.
Table 1: Material characterization of rammed earth block

Specimen
Unit
Mean
Std. Dev.

ρb
(kg/m3)
1837
33

URE
fc
ft
(MPa) (MPa)
0.94
0.12
0.12
0.02

E
(MPa)
249
58

ρb
(kg/m3)
2024
13

RRE
fc
ft
(MPa) (MPa)
1.65
0.17
0.15
0.03

E
(MPa)
389
55

2.1.2 Timber
Wooden beam joists, 125 mm wide 150 mm deep of mixed conifer found in Bhutan, were
used at the floor levels. The material properties for timber can be found in Shrestha et al. [5].
2.1.3

Mesh retrofitting components

Two types of wire mesh were used, standard mild steel welded mesh as the main mesh, M–
Mesh (Ø 1.8 mm and 34 mm c/c spacing) and light and galvanized welded mesh as a lapping
mesh, L–Mesh (Ø 1.45 mm and 28 mm c/c spacing) at the corners and along the height of the
walls. A cement (OPC) plaster of ratio 1:3 (cement: sand) was applied to the RM wall substrate.
The average compressive and tensile strength of the cement plaster was 17.38 MPa and 1.59
MPa, respectively. It should be noted authors are already working towards the use of stabilized
mud plaster over the cement plaster in their future work. Cement plaster was chosen over
stabilized mud plaster for the present work primarily due to limited curing time for the test
specimen during the winter season. It may be argued that since the strength of cement plaster
(30 mm thick) is far greater than that of rammed earth, there can be a mechanical incompatibility
between the two materials. It should be noted that the results reported are for the first set of
series of planned tests, and authors will focus their future works to scrutinize these arguments
further.
For material characterization of the retrofitting components, test coupons (Figure 1a) 200
mm long, 50 mm wide, and 30 mm thick were prepared for M–Mesh and tested under tensile
loading with clevis type grip as shown in Figure 1b. Figures 1c and 1d show the test results for
the tensile coupon tests. The plot in Figure 1c shows an initially high stiffness and drop in load
at around 0.6–1 MPa stress representing the initial cracking in the mortar. Afterward, the
stiffness reduces significantly, and the crack widens with further slip along the length of the
coupon (Figure 1d). The authors will generalize these tensile test coupon tests to incorporate in
the material characteristics for finite element modeling generation in their future works.
2.2 Test specimen details
2.2.1 Prototype unreinforced rammed earth specimen (URE)
The full–scale tests were carried out on a prototype Bhutanese traditional house. The
building represents a traditional residential house of Bhutan following the typical architectural
pattern with limited openings at first floor level and a large opening on the second floor of the
building’s front facade. The prototype has a floor area of 8.1 m × 5.4 m as shown in Figure 2,
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with three rooms on each floor. The second floor level has a large opening in the front facade,
termed as rabsey. The URE specimen was tested after four months of drying. The drying period
was decided based on the authors’ previous works [6].

(a)
(b)
(c)
(d)
Figure 1: Material characterization tests for mesh retrofitting component: (a) Test coupons epoxy-bonded at the
ends to steel plates, (b) Test set–up with clevis type grips, (c) Tensile stress versus strain plots for tensile coupon
tests of M–Mesh, (d) Typical failure mode at the end of coupon test

2.2.2

Mesh–wrap retrofitting and retrofitted rammed earth specimen (RRE)

Figures 2 and 3 show the details of the retrofitting works carried out on the specimen. It
should be noted that the retrofitting was started after completion of the first series of tests on
the unreinforced specimen, URE. Two types of wire mesh were used, standard mild steel
welded mesh as the main mesh, M–mesh (Ø 1.8 mm and 34 mm c/c spacing) and light and
galvanized welded mesh as a lapping mesh, L–mesh (Ø 1.45 mm and 28 mm c/c spacing) at the
corners and along the height of the walls. A lapping length of 300 mm was provided in the
vertical direction in regular intervals, while 600 mm lap was provided in the horizontal direction
at the corners. First, the mesh was placed on the walls using U–hooks. This was followed by
clamping of mesh to the walls using 12 mm diameter rods inserted through the jugshing holes
and bolted with nuts, as shown in Figures 2 and 3a. Finally, a 30 mm thick cement plaster
(cement and sand at 1:3) was applied over the mesh. Prior to plastering, the wall’s surface was
pretreated using cement slurry (thin mix of cement and water). For the floor joist, X–bracing
with timber of size 75mm×75mm was provided to connect the floor joists. The X–bracings
were bolted to the floor joists at the center and the ends. It should be noted that only the in–
plane loaded walls (east and west elevations) were retrofitted as shown in Figure 2, with an
extension of the L–mesh to the north and south elevations up to 600 mm. The RRE specimen
was tested after three months of curing.
2.3 Test set–up and instrumentations
The test set–up for the static test is illustrated in Figure 4a. Two 1000kN capacity jacks were
positioned at the second–floor level (2FL), and the other two of 500kN capacity were placed at
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the roof–floor level (RFL). One end of the jack was connected to the reaction wall through the
built–up section and the other end to the test specimen’s wall face through a 9.5 m long H–
section. There were two 9.5 m long H–sections installed at each floor level, resting on support
systems that allow them to slide along the support with the jacks. The static jack is a hydraulic
system that was manually operated. The instrumentations are illustrated in Figure 4a. The
instrumentation involves load cells installed on hydraulic jacks to measure the applied forces.
The displacement was measured using 14 displacement transducers: ten laser transducers
(Keyence, IL–300) and four strain gauge type transducers (TML SDP–100C, SDP–50C) at
three different levels (base, 2FL, and RFL) of the test specimen both at the loading and the free
side. A multi–channel dynamic strainmeter DS–50A was used for data logging with the LAN
interface setting. The data sampling rate was set at 100 Hz.

Figure 2: Prototype retrofitted rammed earth building specimen (RRE)

(a)
(b)
(c)
(d)
(e)
Figure 3: Retrofitting work process: (a) Placement and anchorage of mesh, (b) Application of cement slurry as
pretreatment, (c) Cement plastering, (d) Wooden brace for floor rigidity, (e) Final specimen after retrofitting

The static test loading protocol involved the displacement controlled loading with control
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over the drift in the building. Each floor level of the specimen was subjected to displacement
controlled loading to a specified target storey drift value, followed by observation of cracks and
damages to the building. Here, the storey drift ratio, θ, is the ratio of the lateral displacement to
the floor height. Cracks and damage observations were done at the storey drift ratios of: 1/2000,
1/1000, 1/750, 1/500 for the prototype unreinforced rammed earth specimen (URE). For
retrofitted prototype specimen (RRE), in addition to above drift values, the building was
subjected to storey drifts of 1/250, 1/150, 1/100, and 1/75. It should be noted that the loads
applied in each storey levels, 2FL and RFL, were displacement controlled through manual
synchronization, maintaining the target storey drifts through the monitoring of the drift records
at the real–time data logging system. Figure 4b shows the target and the actual storey drifts for
the static test, and the actual loading history can be considered satisfactorily closer to the target
drift. The load cell measurements and the absolute displacement readings were collected to
draw the capacity curves for each test specimen.

(a)

(b)
Figure 4: (a)Test set–up and instrumentation, (b) Actual and target storey drifts

3

RESULTS AND DISCUSSION

3.1 Micro–tremor measurements for dynamic characterization
Micro–tremor measurements for the test structures were made using three–component
velocity sensor Model–2205B by Showa Sokki Corporation. The measurements were made to
assess the vibrational characteristics of the prototype specimen before the test (no damage) and
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after the test (post damage) and also to study vibrational characteristics’ changes after the
retrofitting process. The data sampling was done at a frequency of 200 Hz with a recording time
of 300 seconds. The measurements were done where the sensor pick–ups were placed at the
1FL, 2FL and RFL of the building specimen. Table 2 lists the first two natural frequencies for
both the test specimens estimated using the Stochastic Subspace Identification (SSI) method.
The first mode natural frequency for URE (before test) was 5.29 Hz, and this reduced to 4.64
Hz after the test with moderate damage at maximum storey drift of 1/500. Similarly, with the
retrofitting measures, the first mode natural frequency increased to 6.03 Hz, which
alsosubsequently reduced to 5.22 Hz after the test.
Table 2: Results from micro–tremor measurements

Specimen
URE
RRE

Natural frequency (Hz)
Mode 1
Mode 2
Before test After test Before test After test
5.29
4.64
7.48
6.83
6.03
5.22
8.49
6.91

3.2 Capacity curve
Figure 5a shows the capacity curves in each floor correlated to the load cell readings for 2FL
and RFL static jacks of both the prototypes, the unreinforced specimen, URE, and the retrofitted
one, RRE. The presence of a large opening on the second floor and less contributions from the
wall in load sharing means that the load recorded for the load cells in RFL was comparatively
lower to the ones in 2FL. The first floor level, on the other hand, houses solid walls all around
the building, hence, contributing to the higher load cell readings from the static jacks.

(a)
(b)
Figure 5: (a) Capacity curves in each floor for both prototype unreinforced and retrofitted specimens, (b) Global
capacity curves for both prototype and retrofitted specimens

Figure 5b shows the global capacity curves with cumulative base shears of URE and RRE
specimens. It should be noted that the drift (θ) shown in the capacity curves is the roof storey
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drift, defined as the absolute displacement of the roof (Sensors 12–14 in Figure 4a) divided by
the height of the sensor from the ground. From the global capacity curves, the ultimate strength
for RRE specimen (714 kN) was about 2.4 times URE specimen (294 kN), an increment of 420
kN. Further, the roof displacement for RRE (38.5 mm) at the maximum base shear was about
4.2 times for URE (9 mm).
Indian Standard Code IS 1893 [7] provides simple formulations to compute design base
shear for unreinforced masonry in the Indian subcontinent, which was for comparison purposes
in Figure 5b, represented by dotted lines. The design base shear [7] is given by:
(1)

VbD = AhWt

where, Ah is the design horizontal base shear coefficient given by (ZISa/g)/(2R) and Wt is the
seismic weight of the building. Here, Z is the zone factor taken as 0.36 for very severe seismic
zone, I is the importance factor taken as 1 for a residential building, Sa/g is the spectral
acceleration coefficient taken as 2.5 for a natural time period of 0.2 second, and R is the
response reduction factor taken as 1.5. The cumulative base shear of URE was below the design
base shear value, and the retrofitted specimen RRE exceeded the design value by 1.8 times.
There were also significant enhancements in ductility and energy absorption for the RRE
specimen, as shown in Table 3. Here, the energy absorption (ψ) is given by the area under the
global capacity curve until the ultimate base shear, and the corresponding top storey
displacement. Ductility is the ratio of top storey displacement at the ultimate base shear to yield
displacement. It should be noted that the results reported for unreinforced specimen URE were
until the storey drift of 1/500; hence the values reported for energy absorption and ductility for
URE can be slightly underestimated.
Table 3: Test results for the prototype unreinforced and retrofitted specimens

Specimen
URE
RRE

Ultimate base
shear, Vb (kN)
294
714

Energy absorption,
ψ (kN–mm)
1813
22680

Ductility,
µ
3.4
7.7

3.3 Damage observations and definition of the limit states
Real–time manual crack documentation was done during the test at the predefined target
storey drift ratio through visual observations, and detailed drafting of the cracks was done at a
later stage with the support of video recordings. The damage observations for the test specimens
are illustrated in detail in Figure 6 for URE and Figure 7 for RRE. Here, cracks for in–plane
walls in the loading direction are presented, and relatively smaller cracks for dispensable walls
in out–of–plane are excluded.
The damage observed during the tests is also reflected in terms of limit states defined by five
different predefined damage states, as illustrated in Table 4. The limit states in Table 4 are
modified form of the same proposed by Nabouch et al. [8] for rammed earth walls, based on
in–plane shear tests on individual rammed earth walls. Since the present study is on a full–scale
structure, the proposed limit states are also more practical and representative of the actual real
scale building.
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Table 4: Limit states for rammed earth building

Limit states
LS1
LS2
LS3

Damage
No damage
Slight damage
Moderate damage

LS4

Extensive damage

LS5

Total collapse

Observations in the building
No crack observed
First appearance of cracks
Cracks near openings (diagonal cracks); Toe crushing;
First observation of fall of earth particles
Extension of diagonal cracks; Extensive crushing;
Extensive fall of earth particles
Excessive damage not economically reparable; Visible
residual drift

3.3.1 Unreinforced rammed earth specimen (URE)
For URE specimen, the crack documentation, as illustrated in Figure 6 are presented for
three storey drifts, 1/1000, 1/750 and 1/500. As reported earlier, the test was stopped at the drift
of 1/500 for later retrofitting purposes and re-testing of the same building. The first few hair–
line cracks originated near door openings and below the loading point in east elevation, and
near lintel and jugshing holes of west elevation when the storey drift was up to 1/1000 (Limit
sate: LS2 Slight damage). For the storey drift of 1/750, there was an extension of cracks in the
in–plane walls and new cracks were visible within the rammed earth blocks in 1FL (Limit sate:
LS3 Moderate damage). At 1/500 storey drift, there was a widening of the previous cracks and
new inclined shear cracks within the rammed earth blocks in west elevation. A vertical crack
about 1.5 m long also appeared at the far end in west elevation with some earth particles even
falling (Limit sate: LS3 Moderate damage). The authors felt the specimen experienced
substantial damage to warrant its repair, and the test was stopped at this point since the main
aim was to retrofit this building for re-testing purposes.. There was a negligible increment in
cumulative base shear for URE specimen with further increment in drift. Therefore, based on
authors’observations, limit state of LS4 representing “Extensive damage” will possibly occur
for URE at storey drift of 1/250, which may not allow effective retrofitting of the specimen.
3.3.2 Retrofitted rammed earth specimen (RRE)
The crack documentation for RRE specimen is illustrated in Figure 7 for six different storey
drift levels with their corresponding damage states defined. There were no cracks observed up
to storey drift of 1/1000 (Limit sate: LS1 No damage). At storey drifts of 1/750 and 1/500,
hairline cracks started to appear near the lintels of openings. There were also numerous small
vertical cracks below the rabsey opening corner, and horizontal cracks also initiated in both
floor levels (Limit sate: LS2 Slight damage). It should be noted that all the cracks were hairline
cracks up to this load level. For storey drift of 1/250, there was widening and extension of
previous cracks at the corner of rabsey opening and clear vertical cracks at the far end from the
loading point. There was also crack due to toe crushing near the base of the south face (Limit
sate: LS3 Moderate damage). At storey drift of 1/150, there were extensive cracks and slight
spalling of plaster (Limit sate: LS4 Extensive damage), with a clear long horizontal crack along
the sill level, possibly the lapping region of the mesh. The previous cracks kept extending for
storey drift of 1/100, followed by extensive spalling of plaster above the door opening (2FL)
and also near the window opening (1FL). There was also plaster crushing at the toe near the

2704

Kshitij C. Shrestha, Takayoshi Aoki, Mitsuhiro Miyamoto, Noriyuki Takahashi, Jingyao Zhang, Phuntsho
Wangmo, Noboru Yuasa, Sangchul Shin, Pema and Kunzang Tenzin

base of the south face (Limit sate: LS4 Extensive damage). At storey drift of 1/75, the cracks
opened up significantly wide, and these relatively wide cracks were extending over the whole
length of the wall. The spalling of plaster continued, and clear rocking of the entire building
was visible. A sharp splitting sound possibly due to the dislocation of timber components was
heard. Furthermore, the building also showed clear residual drift post the release of load. Based
on the observation, this limit state level was defined as LS5 Near collapse. It should be noted
that there was no delamination or separation of the mesh from the specimen throughout the
whole test, showing the effectiveness of the anchor rods in keeping the mesh intact even at such
adverse damage levels.

Figure 6: Crack evolution for unreinforced rammed earth (URE) specimen at different load levels and their
respective limit states
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Figure 7: Crack evolution for mesh–retrofitted rammed earth (RRE) specimen at different load levels and their
respective limit states
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4

CONCLUSIONS

In the context of understanding the vulnerabilities of traditional rammed earth structure and
proposing an effective retrofitting strategy, a full–scale static test was designed on a typical
prototype two–storied Bhutanese rammed earth building. The test program involved two phases
of testing, with the first test on unreinforced rammed earth specimen (URE) and the second
phase with the test on the same building after mesh–wrap retrofitting (RRE). The ultimate base
shear for RRE was 2.4 times of URE. The energy absorption and ductility index were also
significantly enhanced for mesh–wrap retrofitted specimen by 12 and 2.3 times, respectively.
Damage limit states for the prototype rammed earth building is also presented to understand
the evolution of damage in rammed earth structure at different storey drifts based on real-scale
test results. A set of five limit state values are proposed as a function of storey drift ratios, with
a clear definition of the damage levels and damage states visually understandable for both
unreinforced and retrofitted rammed earth building.
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Abstract. The coal mine is located in the town of Labin, Istria peninsula, Croatia. Restoration
of the tower is a part of the project that includes thorough restoration and re-use of the Labin
mining complex for cultural, tourist and educational purposes. The tower was built in 1938 by
Italian authorities as part of the pre-war campaign. It is a 32.5 m high steel structure that once
enveloped the elevator to a 200 m deep mine shaft. The structure is a built up Vierendeel truss
with four columns / chords connected with horizontal moment resistant beams. Two large
steel inclined struts were resisting elevator rope forces connected to the elevator machine
building. The mine was shut down in 1988. The assessment of the tower consisted of
geometry measurement, cross-section shape determination, steel quality determination,
condition of members and connections (rivets and bolts), protective coating condition and
underground supports condition. Two samples were taken to laboratory to determine the steel
grade with tensile yield test. Structural model with existing members has also been analysed.
Different loads were considered comparing the original purpose of the tower and the planned
representational purpose. In addition, structural member verification according to Eurocode
standards has been done. Load bearing steel structure is geometrically sound, mostly with no
visible deformations, deflections or drifts. Foundations are crack free and with no visible
subsiding. Lack of maintenance of the anticorrosive coating from 1988 until today caused
most of the damage. Due to the significantly aggressive environment, anchoring part of the
structure was severely ruined. Lower part of the above ground structure was in the similar
condition. Water retention and salt carried from the lower part of the shaft caused significant
damage to the steel structure in these areas. Replaced members were built in with original
riveting technique. Anchoring structure replacement called for a temporary support structure,
which represented the most demanding operation in the whole restoration process. The
temporary support structure was a steel truss structure in pyramidal form that allowed
complete removal of the lowest segment and reconstruction of the anchoring elements and
concrete foundation. According to the evaluation, existing galleries that surrounded the tower
had to be completely removed and redesigned with new loads. Future use of the tower with its
galleries is primarily of representational purpose. Moreover, a new elevator with its own
structure inside the existing tower is considered and it has no influence on the existing
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structure. Since the tower is registered as an architectural heritage by the Croatian Ministry of
Culture, specific demands regarding structural restoration were issued. The principles of
structural analysis and restoration together with multidisciplinary approach have been applied
in this project.
1 INTRODUCTION
The coal mine is located in Istrian town of Labin, region that was well known for its
mining potential in the past. The tower was built in 1938 by Italian authorities as part of the
pre-war campaign. Shaft above which the tower was built was part of the underground
complex with pertaining tunnels and shafts that connected nearby mining towns and small
ports in that region. The mine was shut down in 1988 and tower rests unused and exposed to
weather conditions since then. Restoration of the tower was part of the project that included
thorough restoration and re-use of the Labin mining complex for cultural, tourist and
educational purposes.

Figure 1: Mine shaft with nearby tunnels 200 m below the surface

Structural restoration of the tower included replacement of corroded members of
underground anchoring structure and lower part of the above ground structure which
sustained damage too severe to be repaired. Temporary support structure was built to enable
removal of the lowest segment and reconstruction of the anchoring elements and concrete
foundation. Replaced members were built in with original riveting technique. Existing
galleries that surrounded the tower had to be completely removed and redesigned. Installation
of the new elevator that leads 200 m down the shaft was also a part of the restoration project
in conceptual design phase. The new structure of the elevator inside the existing tower has no
influence on the tower structure.
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Figure 2: Mine tower and the connecting bridge, as originally built - photo taken in 1942. on the left, mine
tower nearly 30 years after shutting down – photo taken in 2015. on the right

Purpose of this paper is to present the results of detailed inspections, laboratory testing and
software analysis of tower’s condition prior and after restoration. In addition, temporary
support structure design and detailing is shown in further text as the most challenging part of
the restoration.
2 STRUCTURAL CONCEPT
Tower is a 32.5 m high steel structure that once enveloped the elevator to a 200 m deep
mine shaft. All load carrying elements were constructed as riveted built up members. The
structure is a built up Vierendeel truss with four columns/chords connected with horizontal
moment resistant beams. The tower itself is anchored beneath terrain to the steel transfer
beams which directed reactions to the concrete wall of the shaft. Vertical truss structure is
22.0 m high. Layout dimensions of the truss are 4.5×3.7 m. Vertical distance between
horizontal beams is 2.4 m – 3.0 m. Inclined part of the structure is connected to the main truss
through the pinned joint at the top of the truss and anchored in the concrete footing with bolts.
Inclined struts resisted the elevator rope forces connected to the elevator machine building. K
form bracing is installed in plane of the struts. On the horizontal top part of the struts, at the
height of 24.2 m two pulley wheels (sheaves) with the diameter of 5,0 m were installed.
Wheels were constructed as riveted and welded built up members. The top structure above
pulley wheels is 7,0 meters high and consists of four columns connected at their top with
beams with the inspection deck. Gallery with 2,0 m wide walking deck surrounded the tower
at the height of +4.65 m above the terrain level with layout dimension 8.4x7.6 m. Its primary
function was to enable communication with miners’ building and their transportation via
elevator. Steel stairway with pertaining platforms served for inspection and maintenance. It
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started at the base of the tower and reached the sheaves level from where the vertical ladder
led to the inspection deck on top.

Figure 3: Mine tower drawing prior to restoration on the left, structural scheme with the forces imposed by
the elevator mechanism on the right

3 VISUAL INSPECTION
Thorough visual inspection of the tower structure was conducted. Comprehensive
photographic documentation was produced for every tower level together with the series of
evaluations determining coating conditions elaborated below. Thickness of the protective
coating was measured with PCE- CT 28 instrument. Measurements were carried out on five
bearing elements partially corroded and they have shown mean value of protective coating
thickness of 107.8 μm. The results were taken with reserve given that instrument measured
thickness of the coating along with corrosion byproducts. Together with measuring coating
thickness, cross hatch adhesion test was conducted with Elcometer 107 cross hatch cutter.
Results showed that structure elements above level +11.70 m fall into class 2 and elements
below into class 4 determined by ISO 2409 standard. Furthermore, evaluation of the
degradation of the coating was made according to standards HRN EN ISO 4628-(2-6).
Table 1: Assesed degree of degradation according to standardards HRN EN 4628-(2-6)

Standard
HRN EN ISO 4628-2 Blistering

Above +11.70 m
4(S5)

Structure level

Below +11.70 m
5(S5)

-3 Rusting

Ri 3(S3-5) and Ri 4(S4-5)

Ri 5(S5)

-4 Cracking

3(S4)c

5(S5)c

-5 Flaking

4(S4)b

5(S5)b

-6 Chalking by tape method

2(S2)

5(S5)
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It was concluded that the underground support structure and the lower part of the structure
were in extremely deteriorated condition. Therefore, these sections were selected for complete
or partial replacement. Members of the upper part of the structure were selected for
restoration of the protective coating and minimal repair actions.

Figure 4: Coating condition – lower part of the structure on the left; upper part of the structure on the right

Figure 5: Structure defects and repair actions classification on the left; tower during sandblasting of the
upper part of the structure on the right
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4 LABORATORY TESTING
In addition to the on-field inspection, tensile test and chemical analysis in laboratory were
conducted. The specimens were taken from the field into laboratory for analysis. Although
specimens satisfy tensile test for hot rolled type of steel S235 in line with EN 10025:2002,
toughness not being tested, chemical analysis has shown that the concentration of impurities
is higher than allowed - concentration of P, S and Cu, respectively. Taking the results of
chemical analysis into account together with age of structure, built in 1938., specimens fall
into St33 type of steel according to DIN 17100, unkilled steel. The aforementioned type of
steel matched S185 type of steel according to HRN EN 10025 with remark that lesser welding
capability should be taken into account when choosing welding technology. Therefore, only
bolted connections were used.

web plate t=10 mm

L 50×5

web plate t=10 mm

L 50×5

Figure 6: Specimens for chemical analysis on the left and tensile test specimens on the right
Table 2: Results of tensile test

Specimen
No.

1
2

Specimen
description

Assumed
class of
material

(mm)
Legitimate for S235 JR
web plate t=
St 33
10mm
L=50x5mm
St 33

Cross
sectional
area of the
specimen

Elastic limit
(yield
strength)
Re

Tensile
Strength

Strain

Rm

A5

(mm2)
50

(N/mm2)
min. 235
256

(N/mm2)
360-510
368

(%)
min. 26
29

141

249

357

45
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Stress in N/mm2

Strain in %

Figure 7: Stress- strain diagram for tested specimens
Table 3: Results of chemical analysis on LECO spectrometer

Specimen No.
1
2
Legitimate for
S235 JR
according to
HRN EN
10025-2

C
0.035
0.123
Max.
0.17

Si
0.000
0.003
-

Chemical composition in %
Mn
P
S
0.354
0.044
0.020
0.460
0.048
0.042
Max. 1.70
Max.
Max.
0.035
0.035

Cu
0.018
0.086

Al
0.000
0.002
Min.
0.020

5 CORROSION PROTECTION
Future corrosion protection, as well as existing anticorrosive coating condition was one of
the main concerns at the time of the inspection. Due to the condition of the coating, especially
in the lower part of the structure, sand blasting to Sa21/2 according to EN ISO 12 944 was
proposed. Execution and supervision of the protective coating was done according to EN ISO
12944-1-8:1999. Atmospheric corrodibility category was determined as C5 very high (80-200
µm for a year of exposure). Anticorrosive protection coating was proposed as a combination
of two component priming coat with high zinc share (80 µm NDFT), epoxy based
intermediate coats (80 µm NDFT) and polyurethane topcoat (80 µm NDFT). Overall nominal
dry film thickness was designed as 240 µm.
6 STRUCTURAL ANALYSIS
Structural analysis of existing tower structure was performed with reduced (actual) crosssection dimensions and according to Eurocode standards with loads predicted for the future
use. Imposed loads were significantly smaller compared to the loads that the tower was
initially built for. Influence of the horizontal loads, wind and seismic loading, was taken into
account during design checks. Analysis of the members had shown sufficient load bearing
capacity. As the most challenging part of the restoration, temporary structure that enabled
reconstruction and replacement of severely damaged sections of the tower, was further
elaborated.
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6.1 Temporary support structure

Figure 8: Temporary support structure model on the left; diagrams of longitudinal forces on temporary truss
structure on the top right and the same structure constructed on the site on the bottom right

As part of the reconstruction, temporary support structure was designed. Neighbouring
structure and existing roads around the site also determined the final outline of the temporary
structure. Steel space truss in the form of truncated pyramid was chosen as the optimal
structure for given purpose. Truss elements were bolted with circular hollow sections
273.1x10.0mm.
Transfer of the gravitational and horizontal loads from tower to temporary structure was
enabled via bolted connection. Forces between two structures were transmitted through 24
M24 bolts and 20 mm thick plate with side stiffeners into the members of the temporary truss
structure.
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Figure 9: Isometric view of the temporary support structure model in Bentley Prosteel software in the top
centre, model of the connection detail of the existing tower structure and temporary support structure on the left,
and constructed on-site on the right

Hydraulic pump was installed in the steel bearing connection. Pumps enabled lifting, load
releasing and lowering of the structure as well as its accurate positioning. In the course of the
design of the temporary structure it was important to properly assign boundary conditions of
the supports. Three out of four bearings were designed as movable in horizontal directions
while fourth bearing was fixed so the forces in members of the truss could be correctly
triggered.

Figure 10: Software design of the steel bearing connection on the left and construted on-site in the right
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7 CONCLUSION/RECONSTRUCTION PHASE
The tower structure was severely deteriorated due to years of negligence, deficiency of
protective coating and significantly aggressive environment of the underground structure. The
principles of structural analysis and restoration of historic steel structures together with a
multidisciplinary approach was applied in this project. In addition, unique temporary structure
that allowed replacement of the base of the tower was designed and successfully constructed.
The next phase of the restoration project is elevator installation.
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Abstract. Wood can represent a valid and important alternative to the most commonly
used structural materials for the restoration of masonry buildings, with a view to efficient,
effective and "conscious" renovation. Today, the modern technologies allows to
overcome the structural limits of solid wood due to its own anisotropy. The use of composite
wood elements makes possible to obtain excellent mechanical performances that consent to
evaluate aspects such as the use of low environmental impact retrofit strategies. The aim
of this work is the analysis of mechanical parameters related to CLT (cross laminated
timber) panels in order to determine their possible use in the structural restoration of
masonry buildings. The CLT panels consist of solid wood planks superimposed so that
each layer has the fibres rotated ninety degrees with respect to the adjacent layer. The
layers (always in odd number and at least three) can be connected by discrete joints,
pins and nails, or glued together. This configuration enables to product large structural
elements with considerable thickness. Two different experimental test campaigns were
carried out on samples of panels with three and five glued layers. The purpose of
experimentation activities was to evaluate the bending deformation of the wooden
elements and shear strength of the bonding sections. All the tests were processed according
to the provisions contained in the UNI standards. The test results were then compared
with different theoretical calculation models to determine the one that best represents the
tested
material.
The tests outcomes have shown that some characteristics of the material, such as
the remarkable ductility, open different scenarios of use for the CLT panels in the
field of structural restoration of masonry buildings.
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1. INTRODUCTION
The purpose of this work is to provide some assessments of the possibility of using
structural wood-based products such as CLT panels, for the restoration of existing masonry
buildings both ordinary that monumental ones. The CLT panels consist of a series of layers of
solid wood lamellas placed with the fibres rotated by 90° with respect to the adjacent layers,
therefore by their own nature these elements are suitable for interventions to reinforce of the
structures in their own plan. It is also considered that these elements can be a valid solution to
the reinforcement of the structural elements for actions out of their own plan in order to
increase both their resistance than their ductility, using for example prestressing techniques
such as PressLam® [2,4], performing fully reversible interventions.
In this note, we intend to study the possible applications of CLT panels in the restoration of
masonry buildings both in relation to the techniques used to date than in relation to other
future perspectives.
These structural wood-based panels are to date widely used in the structural reinforce of
the timber floors in order to increase their strength to the actions that operate in their own
plan [5,6,7,8,9,10,11,12,13]. It is considered essential to better know the mechanical
properties and laws that govern the behaviour of this material subjected to stress, in order to
evaluate the possibility of extending its use to other field of application.
The working group conducted a campaign of tests on CLT panel taking as reference the
technical regulations to evaluate the bending resistance (UNI EN 408:2012) and the sliding
resistance of the gluing sections (UNI EN 392:1997).
The results of these campaigns are summarised in the following paragraphs.
2. TECHNICAL REGULATIONS
Laminated wood and CLT panels have long since provided a new way of using wood in
structures. This means, as with other structural materials, that specific product standards must
be drawn up. These standards define the types of structural material, their mechanical
properties and estabilish how to determine them.
Below are the regulations in force which seem to be relevant in this case.
2.1. Strutture
-

-

UNI EN 1995-1-1:2014 - Eurocodice 5 - Progettazione delle strutture di legno - Parte
1-1: Regole generali - Regole comuni e regole per gli edifici. (Design of wooden
structures - Part 1-1: General regulations - Common regulations and regulations for
buildings)
ETAG 007 - GUIDELINE FOR EUROPEAN TECHNICAL APPROVAL of TIMBER
BUILDING KITS
Norme tecniche per le costruzioni (NTC 2018). D. Min. Infrastrutture e Trasporti 17
gennaio 2018 (Technical standards for construction (NTC 2018))
CNR-DT 206/2007 Istruzioni per la Progettazione, l’Esecuzione ed il Controllo delle
Strutture di Legno (Instructions for Design, Execution and Control of Wooden
Structures)
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-

-

Circolare 21 gennaio 2019 n.7 ” Istruzioni per l’applicazione dell’«Aggiornamento
delle “Norme tecniche per le costruzioni”» di cui al decreto ministeriale 17 gennaio
2018″ (Circular January 21, 2019 n.7 ”Instructions for the application of the «Update
of the “Technical standards for construction”» referred to in the Ministerial Decree of
17 January 2018)
Direttiva del Presidente del Consiglio dei Ministri 9 febbraio 2011 Valutazione e
riduzione del rischio sismico del patrimonio culturale con riferimento alle Norme
tecniche per le costruzioni di cui al D.M. 14/01/2008. (Assessment and reduction of
seismic risk of cultural heritage with reference to the Technical Standards for
constructions referred to in D.M. 14/01/2008.)

2.2. Materials
-

-

-

-

-

ISO 16572:2008 Timber structures -- Wood-based panels -- Test methods for structural
properties
ISO 16696-1:2019 Timber structures -- Cross laminated timber Component
performance, production requirements and certification scheme
UNI EN 13017-1,2 :2001 - Pannelli di legno massiccio - Classificazione in base
all’aspetto delle facce - Conifere/Latifoglie; (Solid wood panels - classification
according to face appearance - coniferous/hardwood)
This standard is the official Italian version of the European standard EN 13017-1
(edition November 2000). The standard specifies general requirements and appearance
classes for both single-layer solid wood panels and multi-layer solid wood panels, the
latter having a minimum thickness of the outer layers of 3,5 mm, made from
coniferous/hardwood.
UNI EN 12775:2002 - Pannelli di legno massiccio - Classificazione e terminologia
(Solid wood panels - Classification and terminology)
This standard is the official Italian version of the European standard EN 12775
(January 2001 edition). The standard provides a classification for solid wood panels
and defines the terms used.
UNI EN 13353:2011 - Pannelli di legno massiccio (SWP) – Requisiti. (Solid wood
panels (SWP) – Requirements)
This standard is the official English version of the European standard EN
13353:2008+A1 (May 2011 edition). The standard specifies the requirements for solid
wood panels as defined in UNI EN 12775, with a maximum thickness of 80 mm, for
use in dry, humid and outdoor environments, as defined by service classes 1, 2 and 3 of
UNI EN 1995-1-1.
UNI EN 14081-3:2012 - Strutture di legno - Legno strutturale con sezione rettangolare
classificato secondo la resistenza - Parte 3: Classificazione a macchina; requisiti
aggiuntivi per il controllo di produzione in fabbrica. (Structural wood with rectangular
cross-section classified according to strength - Part 3: Machine classification;
additional requirements for factory production control)
UNI EN 14080:2013 - Strutture di legno - Legno lamellare incollato e legno massiccio
incollato – Requisiti (Wooden structures - Glued lamellar wood and glued solid wood –
Requirements)
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-

-

-

UNI EN 14081-2:2013 - Strutture di legno - Legno strutturale con sezione rettangolare
classificato secondo la resistenza - Parte 2: Classificazione a macchina - Requisiti
aggiuntivi per le prove iniziali di tipo. (Wooden structures - Structural wood with
rectangular cross-section classified according to strength - Part 2: Machine
classification - Additional requirements for initial type tests.)
UNI EN 14081-1:2016 - Strutture di legno - Legno strutturale con sezione rettangolare
classificato secondo la resistenza - Parte 1: Requisiti generali (Wooden structures Structural wood with rectangular cross-section classified according to strength - Part 1:
General requirements)
UNI EN 338:2016 - Legno strutturale - Classi di resistenza (Structural wood Resistance classes)
UNI EN 14358:2016 Strutture di legno - Calcolo e verifica dei valori caratteristici
(Wooden structures - Calculation and verification of characteristic values)

2.3. Laboratory Tests
-

-

-

ISO 8375:2017 Timber structures -- Glued laminated timber -- Test methods for
determination of physical and mechanical properties.
UNI EN 313-1:1997 - Pannelli di legno compensato. Classificazione e terminologia.
Classificazione. (Plywood panels. Classification and terminology. Classification.)
UNI EN 392:1997 - Legno lamellare incollato. Prova di resistenza a taglio delle
superfici di incollaggio. (Glued laminated wood. Resistance to shear test of gluing
surfaces.)
UNI EN 314-1:2005 - Pannelli di legno compensato - Qualità dell'incollaggio - Parte 1:
Metodi di prova (Plywood Panels - Gluing Quality - Part 1: Test Methods)
This standard is the official version of the European standard EN 314-1 (December
2004 edition). The standard specifies the methods for determining the quality of gluing
of plywood with veneers, planing boards and lamellar panels by cutting test. The
relevant requirements are specified in UNI EN 314-2.
UNI EN 408:2012 - Strutture di legno - Legno strutturale e legno lamellare incollato Determinazione di alcune proprietà fisiche e meccaniche. (Structural wood and glued
lamellar wood - Determination of certain physical and mechanical properties.)
UNI EN 384:2016 - Legno strutturale - Determinazione dei valori caratteristici delle
proprietà meccaniche e della massa volumica (Structural wood - Determination of
characteristic values of mechanical properties and density)
Linee Guida per la certificazione dell’idoneità tecnica all’impiego di materiali e
prodotti innovativi in legno per uso strutturale (DM 14.01.08 – Norme Tecniche per le
costruzioni paragrafo 11.1, lettera C) - Guidelines for the certification of technical
suitability for the use of innovative wood materials and products for structural use
UNI EN 16351:2015 Strutture di legno - Pannello di tavole incrociate – Requisiti
(Wooden structures - Cross board – Requirements)
EN 13354:2008 - Solid wood panels (SWP) - Bonding quality - Test method;
This European Standard specifies a test method for determining the bonding quality of
single-layer and multi-layer solid wood panels by a shear test.
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From the analysis of the regulations losted above, in order to know the mechanical
parameters of the CLT panels, it was considered appropriate to apply the following standards:
- UNI EN 392:1997 - Glued lamellar wood. Trimming resistance test of gluing surfaces.
- UNI EN 408:2012 - Wood structures - Glued structural wood and glulam wood Determination of certain physical and mechanical properties.
It should be noted that the standards chosen for the tests are not specific for CLT panels.
3. APPLICATIONS
The overcoming of the problems related to the anisotropy of the raw material, and the
possibility of reaching remarkable thicknesses and dimensions, have made these panels an
important business reality which is forcefully emerging in various construction sectors.
Willing to investigate the possible applications in the structural restoration field, was noted
that these panels have often been used for the refurbishment and reinforcement of existing
wooden floors and roofs [5,6,7,8,9,10,11,12,13].
Verifications carried out on masonry buildings located seismic areas often reveal a
criticism about the timber ceilings, because in order to guarantee a uniform transfer of the
loads to the lateral resistant elements, it should be ensured a diaphragm behavior of floors and
inclined rooftops. But instead the real condition is that the wooden horizontal structures had
a remarkable deformability, and therefore their behavior is clearly far from a diaphragm one.
Consequently there is a need to intervene with reinforcement and stiffening measures on these
structures. Clearly the possibility of operating on ancient structures carrying out as possible
by reversible and dry interventions, becomes increasingly important in structural retrofit
strategies.
With this perspective the CLT panels provide an innovative solution to the problem while
matching the reinforcement needs with those related to a philosophy of reversibility and low
invasiveness of interventions. Numerous scientific studies, experimentations and realizations
have demonstrated the effectiveness in terms of reinforcement in the own plan of the
structures. This allow therefore to consider at date these panels as a valid alternative to the
traditional techniques of reinforcement.
In the literature, several research groups have shown that for CLT-reinforced horizontal
structures, increasing loads apllied, the crisis of the system is reached with the crisis of the
connection sections. So it were obtained resistance values 7 times higher than the traditional
slabs. The reinforcement of wooden roofs both planar or inclined, represent another possible
application of CLT panels in structural restoration. In the literature there are several studies
about this topic, in particular in order to evaluate the different possibilities of modelling these
kind of structures in relation to the potential dissipative effects that the reinforcements with
these panels determine. A plausible modelling hypotesis is to consider the connections
between panels and trusses as springs characterized by linear or not linear propreties
according on the type of analysis carried out [9]. Regardless of whether the dissipative effects
are evaluated, also in this case this reinforcement strategy is effective both in terms of seismic
response and in terms of reversibility and low invasiveness.
However, studies conducted on other plausible interventions involving the use of CLT
panels are very rare.
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This type of panels could probably be used for the consolidation of the masonry walls by
operating a sort of tackle inside the walls themselves [3]. This type of intervention would
allow the original appearance of the buildings to be preserved by operating with an almost
complete reversibility perspective in full compliance with the buildings both from the
aesthetic that from the constituent materials point of view .
4. EXPERIMENTAL TESTS
4.1. Bending Resistance
In order to investigate the behaviour of the panels, several tests were carried out on
samples of panels consisting of 3 and 5 lamellas layers. The 3-layer panels have a height of
100 mm and consist of external lamellae of a height of 25 mm, while the inner layer is made
up of a lamella of a height of 50 mm. The 5-layer panels have a height of 120 mm with slats
of equal thickness of 24 mm. In both types of panels the lamellae are 300mm long. The
results of the experiments were compared with theoretical calculation models. All tests were
carried out according to UNI EN 408:2012. The panels used for the tests are made of wood
classified C24 according to UNI EN 338 with the following mechanical characteristics:
E0 = 110000 N/mm2; E90 = 3700 N/mm2; G = 690 N/mm2
The tests were performed by placing the samples on two known centre distance supports
by progressively applying the load in the centre.

Figure 01: Test load scheme (UNI EN 408:2012)

Figure 02: Load test
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Below one of the Force-Displacement diagram is shown:

Figure 03: 3-layer panel force-displacement diagram

When the test phase are finished, the theoretical displacement in the centre was calculated
using three different models:
- Model 1: the calculation of the maximum displacement was performed by neglecting
the contribution of the transverse layers, but giving them the transfer of the shear effort
to the adjacent layers while preserving the flat sections;
- Model 2: in compliance with the technical regulations, the calculation of the maximum
deflection has been calculated taking into account the cooperation of the transversal
elements;
- Model 3: The calculation was performed taking moderately into account the
contribution of the transverse layers with their shear deformability.
The following table summarizes the values obtained from the test (with subscript sp) and
from the 3 different calculation models (with subscript t):
Table 1: Bending test results

EI
Vt
Vsp

3-LAYER PANEL
Model 1
Model 2
Model 3
2,40625E+11 2,41781E+11 2,37537E+11
24,67
24,55
24,99
50,5
50,5
50,5

5-LAYER PANEL
Model 1
Model 2
Model 3
3,72557E+11 3,72685E+11 2,37537E+11
13,28
13,28
13,44
27
27
27

The comparison between the experimental values and the theoretical ones show that the
displacements values found during the tests are much higher than those obtained from all the
theoretical calculation models. This could be due to an incorrect attribution of the EI value to
the material in the three calculation models considered. If it was, starting from the
experimental data found, it would be necessary to create a model of the CLT material more
responsive to reality. The experiments shown in this work have been carried out on a specific
standard for lamellar wood which does not necessarily apply well in this case, it should be

2724

Prof. Ing. Giorgio Frunzio, Ing. Luciana Di Gennaro, Ing. Luigi Massaro, and Ing. Fabio D'Angelo

noted.
4.2. SLIPPING
In order to investigate the behavior of the gluing surfaces of the CLT panels, and in the
absence of specific technical regulations (ref. § 2), several tests were carried out on different
specimens in according to the provisions contained in the UNI EN 392: 1997 standard "Wood
glued lamellar. Shear strength test of gluing surfaces ".
This standard doesn't contain specific provision for the orientation of the fibres in relation
to the direction of application of the load. That because the field of application of the
regulation, is exclusively laminated wood which as is known, is made with lamellas oriented
in the same direction.
In order to considerate the mutual 90 degrees rotation of the lamellas, that is of the fibres,
constituting CLT panels, the working group carried out the tests by dividing the samples into
two families: the first characterized by the central panel fibres oriented parallel to the
direction of load application (SAMPLES TYPE A), the second one with the central panel
fibres orthogonal to the direction of application of the load (SAMPLES TYPE B).

Figure 04: Specimens type A (central layer fibers parallel to the load direction) and type B (central layer fibers
orthogonal to the load direction)

The test was carried out on the basis of the scheme described in the standard as shown in
the figure below.

a)

b)

Figure 05: a) Representation of the performed test (UNI EN 392:1997) - b) Laboratory test
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Ten tests were performed, five for each samples family. The results are shown in the table
below:
Table 2: Slipping test results
Specimen

Basis
[mm]

Width
[mm]

Height
[mm]

Mass
[Kg]

Specific Weight
[Kg/m3]

Thickness
[mm]

Breaking load
[KN]

τ
[N/mm2]

1A
2A
3A
4A
5A

60
60
60
60
60

119
119
119
119
119

60
59
59
60
56

0,178
0,185
0,175
0,176
0,179

415,500
439,159
415,420
410,831
447,679

3
6
5
5
4

15,273
20,223
10,888
12,512
14,987

4,243
5,713
3,076
3,476
4,460

1B
2B
3B
4B
5B

60
60
60
60
60

119
119
119
119
119

59
58
60
59
60

0,174
0,180
0,185
0,179
0,184

413,047
434,657
431,839
424,916
429,505

3
6
3
8
9

7,464
10,928
7,709
15,934
13,769

2,108
3,140
2,141
4,501
3,825

Analysis of results indicates that samples B resistance values are clearly lower than those
of A family. It means that the τ value for the group A samples are 33% higher than the B
group ones.
By studying the breakage mechanisms of the individual specimens, we can observe that
while for the A samples the crisis occurs with the failure of the gluing surface, for group B the
crisis occurs with the failure of the central layer of the panel and not of the bonding surface.
The results described are clear in the figure below

Figure 06: Post test specimens
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All in all, we can affirm that from the tests carried out it is clear that the individual layer
orientation assumes considerable importance both in terms of strength, Than in terms of
"quality" of breakage, when we want to analyze the parameters that govern breakage by
stressing the bonding surfaces.
5. CONSIDERATIONS AND CONCLUSIONS
The need to carry out structural restoration interventions that operate according to a
philosophy of maximum reversibility and low invasiveness is becoming increasingly
important.
In this perspective, the use of wood-based structural products and in particular CLT panels
could represent a valid alternative solution to traditional structural restoration methods. In
order to meet this requirement, in our opinion, it is necessary to introduce specific technical
From the results of the tests shown in this work, it is clear that to date there are still numerous
uncertainty factors linked both to the correct choice of the mathematical model to be used to
better describe the behavior of the material, than to the presence of a poor regulatory
framework related to the tests to be carry out on CLT panels. This work shows therefore that
CLT panels cannot be actually tested in the same way as laminated wood.
That is especially in the case with we have to consider the use of CLT panels in the
structural restoration for out of their own plan actions
6. REFERENCES
[1] Boscolo Bielo, Marco. La Progettazione delle strutture in legno. (the design of wooden

structures) ed. Roma: Legislazione Tecnica s.r.l. 2014

[2] Daniel Moroder, Tobias Smith, Andrew Dunbar, Stefano Pampanin, Andrew Buchanan.
[3]
[4]

[5]
[6]
[7]
[8]

Seismic testing of post-tensioned Pres-Lam core walls using cross laminated timber.
Engineering Structures ELSEVIER (2018)
Ivan Giongo, Gianni Schiro, Maurizio Piazza. On the use of timber-based panels for the
seismic retrofit of masonry structures. Conference: 3rd International Conference on
PROTECTION OF HISTORICAL CONSTRUCTIONS Lisbon (2017)
Sandoli Antonio, Pinto Mirko, Pampanin Stefano, Calderoni Bruno. Protezione sismica di
edifici esistenti in c.a. mediante l'utilizzo di pareti lignee post-tese. (Seismic protection of
existing buildings in reinforced concrete through the use of post-stretched wooden walls)
Pistoia: ANDIS 2017
Roensmaens B., Van Parys L., Carpentier O. and Descamps T. (2018) Refurbishment of
existing timber floors with screwed CLT panels, International Journal of Architectural
Heritage
Gubana, A. (2015) State-of-the-art report on high reversible timber to timber
strengthening interventions on wooden floors. Construction & Building Materials,
Gubana, A., Melotto, M. Experimental tests on wood-based in-plane strengthening
solutions for the seismic retrofit of traditional timber floors. Construction and Building
Materials.
Longarini, N., Crespi, P., Scamardo, M. Numerical approaches for cross-laminated timber
roof structure optimization in seismic retrofitting of a historical masonry church. 2019
Bulletin of Earthquake Engineering

2727

Prof. Ing. Giorgio Frunzio, Ing. Luciana Di Gennaro, Ing. Luigi Massaro, and Ing. Fabio D'Angelo

[9] Longarini, N., Crespi, P., Zucca, M. Dissipative cross lam roof structure for seismic

restoration of historical churches. 2018 REHABEND
[10] Ongaretto, E., Pozza, L., Savoia, M. Wood-based solutions to improve quality and safety
against seismic events in conservation of historical buildings. 2016 International Journal
for Quality Research
[11] Roensmaens, B., Van Parys, L., Branco, J., Descamps, T. Proposal of a CLT
Reinforcement of Old Timber Floors. 2019 RILEM Bookseries
[12] Unuk, Ž., Premrov, M., Žegarac Leskovar, V. Development of an Innovative Approach
for the Renovation of Timber Floors with the Application of CLT Panels and Structural
Glass Strips. 2019 International Journal of Architectural Heritage
[13] Riggio, M., Tomasi, R., and Piazza M. (2014) Refurbishment of a traditional timber floor
with a reversible tech-nique: importance of the investigation campaign for design and
control of the intervention. International Journal of Architectural Heritage
[14] Basile Andrea, Frunzio Giorgio, Nicolella Maurizio, Scognamillo Claudio, Analisi LCC
per componenti in legno lamellare esposti in esterni. (LCC analysis for laminated wood
components exposed to the outside) ISTEA-Re-shaping the construction industryMaggioli Editore (2017)
[15] Frunzio, Giorgio, Di Gennaro, Luciana: Seismic structural upgrade of historical buildings
through wooden deckings strengthening: the case of study of Palazzo Ducale in Parete,
Italy. Firenze CINPAR 2018 Structural Integrity PROCEDIA ELSEVIER (2018)
[16] Curlante D. - Progettare strutture in legno lamellare, Dario Flaccovio Editore, 2014.
[17] Bellomo V.- Strutture in legno lamellare , Grafill , 2015
[18] Bergamasco, I., Gesualdo, A., Iannuzzo, A. and Monaco, M. (2018) ‘An integrated
approach to the conservation of the roofing structures in the Pompeian domus’, Journal of
Cultural Heritage, DOI: 10.1016/j.culher.2017.12.006.
[19] Frunzio, G., D’ Agostino, S. (2015) ‘Between mechanics and architecture: the quest for
the rules of the art’, in Masonry Structures: Between Mechanics and Architecture, pp.119, Springer International Publishing
[20] Faggiano, B., Grippa, M.R. and Calderoni, B., 2013. Non-destructive tests and bending
tests on chestnut structural timber. In Advanced Materials Research (Vol. 778, pp. 167174). Trans Tech Publications.
[21] Piazza, M.; Modena, R.; Tomasi, R.., 2005 Strutture in legno. Materiale, calcolo e
progetto secondo le nuove normative europee. Hoepli Editore.
[22] De Matteis Gianfranco, Corlito Valentina, Guadagnuolo Mariateresa, Tafuro Anna. 2019.
Seismic Vulnerability Assessment and Retrofitting Strategies of Italian Masonry Churches
of the Alife-Caiazzo Diocese in Caserta. Int. J. Architectural Heritage – Taylor & Francis
[23] Russo Teresa,Tesi di laurea corso di laurea magistrale in architettura: Costruire con il
legno oggi. X-Lam: dal processo produttivo alla sperimentazione in laboratorio. (Master's
degree thesis in architecture: Building with wood today. X-Lam: from the production
process to laboratory experimentation.) Università degli Studi della Campania LUIGI
VANVITELLI 2017/2018 – Relatore Prof. Ing. Frunzio G.

2728

Treatment
J.
Dobon and
forM.A.
Rising
Soria
Damp and Natural Hydrodynamic Equilibrium in Masonry Walls

12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

TREATMENT FOR RISING DAMP AND NATURAL HYDRODYNAMIC
EQUILIBRIUM IN MASONRY WALLS
JOSE DOBÓN1*AND MIGUEL Á. SORIA2
1

Civil Engineer
Kerakoll Ibérica S.A.
Carretera de l’Alcora, Km. 10,450, 12006 Castellón de la Plana, Spain
e-mail: jose.dobon@kerakoll.es
Building Engineer
Kerakoll Ibérica S.A.
Carretera de l’Alcora, Km. 10,450, 12006 Castellón de la Plana, Spain
e-mail: miguel.soria@kerakoll.es
2

Keywords: Masonry, NHL mortar, Historic Heritage, Capillary Moisture, Damp Walls
Abstract. The water absorption, in the Historic Heritage Restoration, through porous materials
of the different constructive elements, is certainly one of the factors that constitute the basis for
most pathologies and degenerative phenomena on plastering and masonry walls. Particularly,
the most critical humidity comes from the soil, because it contains salts (chlorides, sulphates,
nitrates). Those salts impregnate the masonry and unleash humidity rises up to several meters.
Humidity varies the physical and chemical behaviour of the wall, increasing the thermic
conductivity and limiting the isolation power. In addition, due to surface crystallization of the
salts, early disintegration of the building materials and rapid destruction of the wall are
generated. A wall saturated with water diminishes its isolation power and favours the formation
of mould and bacteria, worsening the healthiness of the environments and the well-being of the
people who habit them. In nature, a natural hydrodynamic balance is established between the
water absorbed by building materials through capillarity and osmosis, and the water transferred
to the atmosphere through evaporation. The constant components within this equilibrium are the
absorption of water through capillarity and osmosis of the building materials, and the chemical
nature of the aqueous solution absorbed. The variable components are the temperature and
relative humidity of the atmosphere. The evaporation surface, composed by masonry mortar,
plastering, scraping and painting are the constructive elements on which we might make an
intervention. The traditional constructive systems, exclusively based on using natural lime for the
manufacture of masonry mortars and rendering, and on using lime paste for coatings and paints,
used to create the natural effects of the breathable hydrodynamic balance of the masonry. The
challenge is to reproduce today, on site, a range of natural lime products in order to carry out
interventions completely comparable to the original construction techniques. The range of
naturals products, ensures a natural balance between rising damp and surface humidity
evacuation, exploits the natural qualities of microporosity and hygroscopicity of the NHL, and
natural pozzolan. The lack of reaction with the salts ensures chemical stability of the rendering
and the duration of the entire dehumidifying system. The aim of the paper is to present real cases.

2729

Jose Dobón and Miguel Á. Soria

1 INTRODUCTION
Walls are all potentially absorbent and suffer from contact with water. In particular the most
critical form of humidity is that deriving from the ground, as it is loaded with salts (chlorides,
sulphates and nitrates) that impregnate the wall and trigger capillary moisture rising that can
reach heights of several meters.
Damp changes the physical and chemical behaviour of the wall, increasing thermal
conductivity and restricting the insulating capacity. Furthermore, due to the surface
crystallisation of the salts, it causes early crumbling of the construction materials and rapid
destruction of the wall. A wall that is saturated with water has a lower insulating power and
encourages the formation of moulds and bacteria, worsening the health of rooms and the wellbeing of those living in them.
2 DEHUMIDIFICATION HISTORY
Historically, different systems have been used trying to solve the moisture rising on walls.
Leaving aside the well-known “trasdosado” system due to its proven inefficiency, below we
chronologically list the different systems employed for dehumidify walls.
2.1 Moisture control with waterproofing (50's)
The first attempts to restore the surface of damp walls by capillary rise were focused on
waterproofing the surfaces with the intention of keeping the water inside the wall. The
waterproofing agents used were mainly the bitumen spread on the walls before plastering or
even the lining of the walls with lead plates to ensure total insulation of the plaster from the wet
and saline wall.
The ascending capillary force of the water was not considered which, due to the lack of
surface evaporation, went further up the wall until it reached a new level higher than the
previous one.
2.2 Mechanical cutting and aerator siphons (60's)
These systems, which seek to prevent moisture to climb the wall upwards, fail to desalinate
the wall and therefore leaves it highly hygroscopic, so it does not solve one of the factors that
causes mortars degradation.
2.3 Chemical cutting systems (70's)
This system consists of injecting resins into the base of the wall that waterproofs it. As
before, this system fails to solve the crystallization of salts on the wall surface and causes the
surface degradation of the building elements (renders, mortars, plasters, stons, bricks)
These systems are the precursors of sacrifice mortars
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2.4 Macroporous mortars for cortical dehumidification (80's)
A first attempt to dehumidify through the use of semi-breathable aerated cement mortars
involved waterproofing the surface of damp walls with the application of osmotic base mortar
to reduce (at least "50%") the contribution of humidity and salts. The operation of aerated
cement mortars was based on foaming additives which, during the mixing phase, generated
macroporosity intended for the crystallization of the salts inside the mortar.
The limited durability of the system depended on the clogging speed of the macropore
capacity which saturated allowing the reappearance of salts and moisture on the surface. This
is why they were called sacrifice mortars.
2.5 WTA dehumidifying systems (1985)
The technical requirements for cortical restoration mortars are established for the first time.
It includes both lime mortars and cement mortars.
2.6 CE mark (2000)
European standard EN 998-1, Specification for mortar for masonry - Part 1: Rendering and
plastering mortar. The Type R are the Renovation mortars (the cortical restoration mortars).
This standard establishes tests to determine parameters as: dry bulk density, compressive
strength, adhesion and fracture pattern, capillary water absorption, water penetration after
capillary water absorption, water vapour permeability coefficient, thermal conductivity and
reactions to fire.
2.7 Natural microporous mortars for cortical dehumidification (2005)
In 2005, thanks to the contribution of Kerakoll in research on natural limes and pozzolans, a
new naturally breathable, salt-resistant mortar was found which complies with the requirements
of the WTA and the EN 998-1 Type R, Biocalce Zoccolatura.
2.8 Biocalce MuroSeco: The first mortar that dries the wall in depth by dehydration (2016)
This special mortar for dehumidification guarantees a natural balance between moisture
rising and surface dispersal of the humidity, taking advantage of the natural micro-porosity and
hygroscopic qualities of pure NHL lime and natural pozzolan.
The fact that it does not react with the salts ensures that the render is chemically stable and
makes the entire dehumidifying system more long-lasting.
The birth of the first natural lime and puzzolan mortar/render for long-term cortical
dehumidification.
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3 BIOCALCE MUROSECO FEATURES
3.1 The pure natural hydraulic lime that breathes
Nature has taught us the secret of how to make walls breathable. This line of natural mortars
are a simple, natural materials whose porosity, breathability and hygroscopic qualities allows a
continuous interchange of air and vapour within the wall, keeping the house healthy and in
perfect equilibrium.
The quality of the natural hydraulic lime NHL 3.5 and selection of the natural elements gives
this mortars greater natural porosity, compared with cement based plasters and renders, acting
as a true “hygrometric lung” on the wall and providing a perfect balance between strength and
elasticity, making this line of natural products perfectly compatible with even deteriorated walls
and increasing indoor liveability

Figure 1. Natural Ingredients

3.2 Compatible with Historical Restoration
In the Historical Restoration, it is intended to return to the building its original conditions,
through the appropriate repair and restitution work. Therefore, the selection of suitable
materials is very important, so the best approximation regarding the classic binder of the
original mortars is natural lime.
Natural lime mortars are easily reversible materials. It will be necessary to take into account
when restoring, that this will not be the last, but that in the future there will be maintenance and
other interventions in the same heritage.
This naturals mortars is indicated for the Restoration of Historical Heritage since:
1. Respect tradition, ensuring complete affinity with the materials and construction
techniques of historical heritage.
2. Its high porosity, low capillary absorption and high breathability make it ideal for the
rehabilitation of historic buildings, even in the presence of moisture.
3. It is resistant to salts, thanks to the lime and pozzolan that make the NHL mortar
insensitive to the attack of disintegrating salts.
4. Recreate the original colors. Lime colors and natural earth and oxides return to the
original tones of the old colors guaranteeing an optimal and complete conservative
restoration.
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3.3 The secret of its active pore
The size of the ACTIVE MICROPORES in the special dehumidication mortar guarantee
high levels of breathability and very low capillary absorption. The small diameter of the
capillary channels blocks the passage of water, which does not get into the render, while it
allows free passage of the vapour molecules.

Figure 2. Avtive Micropore

3.4 The natural lime-pozzolan that is insensitive to sulphate attack
Kerakoll’s research technicians have managed to identify a natural pozzolan that, thanks to
its origin and grain size, makes the natural hydraulic lime nhl 3.5 insensitive to sulphate attack.
The chemical resistance of an hydraulic binder to attack by sulphate salts is determined using
an analysis method known as the “ANSTETT TEST”.
5. The method involves preparing test samples of binder (which is first hardened in water,
dried and then ground) with 33% gypsum (sulphate). Support preparation
6. The new powder mixture is then damped with 6% water and compressed in a special
mould to form a cylindrical pellet of standard dimensions (Ø 80 mm).
7. The test sample prepared in this way is placed on a porous septum (ceramic biscuit tile)
in permanent contact with water.
8. The reaction to sulphates is checked by measuring the diameter of the pellet at regular
intervals using a precision gauge (± 0.01 mm).
The measurement express the percentage increase in diameter from the start of the test.

Figure 3. Anstett Sample
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4 STUDY CASES
The following study cases represent some examples of works carried out with the micropore
dehumidifying system in 2004 and 2013. Two case studies are shown: one of them is a
dehumidification of the barrel vaults of the "Fuerte Victoria Grande" in Mellila (Spain), and the
other is a dehumidification of the "Limonaia" building of the Boboli Garden in the Pitti Palace
of Florence (Italy).
4.1 Barrel vaults – Fuerte Victoria Grande – Melilla
The Fort Victoria the Great (Military Engineer Juan Martín Zermeño, 1735-1736) and his
defensive perimeter is part of the system of the Fourth Precinct Fortified Melilla. It all starts
with the intention of rescuing the soul buried under the old prison's debris in the eighteenth
century Fortification, incorporating traces that allow us to know part of the life of the building
over the time. We develop a historical collage flavoured with the beautiful ruins found in the
present archeological finds and hue of contemporaneity that contextualizes the intervention of
rehabilitation.
The intervention with this dehumidifying system is concentrated in the barrel vaults that
form the galleries of the fort. These vaults are mixed with masonry base and brick arch, and
there was moisture, both rising and roof water filtration. After waterproofing the roof, the
strength of the support was evaluated and the suitability of the dehumidifying system was
confirmed.
After applying the pure NHL lime and pozzolan dehumidifying mortars a lime-based render
compatible with the system, was applied. As a decorative and projective layer, it was painted
with breathable paint based on pure silicate according to DIN 18363 that guarantees the
continuity of dehumidification.

Figure 4. Previous and current status of one of the vaults
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4.2 Masonry wall – “Limonaia” of the Boboli Garden – Florence
Built between 1777 and 1778 to a design by Zanobi del Rosso, the 'Limonaia' is the Boboli
Gardens most characteristic building, which has come to us almost intact, thanks to the
continuity of use that has been made. The building, in fact, is still used as a shelter of citrus
collections (about five hundred pots), highly appreciated by the Medici, both for the therapeutic
and aromatic qualities of the fruit, and for its beauty and singularity. The facade, one of the few
examples of rococo taste present in Florence, still preserves original mortars and fixtures.
The restoration of the 'Limonaia' involved the roof, the interior and the main facade of the
building and the elevations of the side rooms. Particular attention was paid to the restoration of
the main front mortars on which two surveys were carried out with stratigraphic tests in 1997
and 2002, which made it possible to draw up a careful mapping of the degradation and led to
the choice of an accurate methodology intervention for mortars and paints, conducted in the
same way that guides the restoration of the wall paintings. The philosophy of the intervention
was to consolidate and preserve all that was possible to save of the original mortar, avoiding
indiscriminate removal and subsequent remaking with new mortars.
It is for this reason that the project was chosen by the European Heritage Laboratory as an
example of methodological reference for any safeguard and conservation intervention of plaster
of historical value that still exists.
The building facade presented problems of moisture rising with presence of humidity marks,
saline efflorescence, fall of mortars and paints, disintegration of mortars, cracks and fissures.
After careful analysis, there natural lime mortars was approved and selected by the
“Soprintendenza per i Beni Architettonici ed il Paesaggio” of Florence, Pistoia and Prato as the
most appropriate solution to guarantee the recovery and conservation of the 'Limonaia' of the
Boboli Garden, in respect of the existing structures and of the original materials.
This natural line of products, based on pure natural lime NHL 3.5, has been proposed as a
suitable solution for the conservative restoration of the mortars of historical and monumental
buildings, thanks above all to its characteristics of porosity, breathability and hygroscopy that
allow a continuous exchange of air and steam inside the masonry.

Figure 5. Limonaia post-restauration 2004
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5 CONCLUSIONS
Since the 80's, sacrifice mortars have been used as the best solution available to try to reduce
the effects of moisture rising. Many times these mortars have been cement based which have
produced irreparable damage to the historical heritage. The use of sacrifice mortars of pure
natural lime NHL compatible with historic buildings, thanks to its behavior more similar to
the original materials, often managed to delay the appearance of the moisture rising without
damaging the heritage but requiring periodic maintenance of the mortars. Only the
combination of natural pure lime NHL wisely dosed with natural pozzolan and selected
aggregates achieve a highly breathable mortar with a micro-pore configuration that prevents
the mechanical attack of salts. On the other hand, this combination of elements is what also
makes the mortar resistant to the chemical attack of the salts, thus solving the moisture rising
problem in a lasting way without the need to carry out constant maintenance tasks and which,
with the over the years, dry the wall affected by moisture rising.
The studies and the different applications carried out with this micropore dehumidifying
mortars, have shown, after years of correct behavior in real cases, that this dehumidification
system is the most appropriate, not only to solve the problem of moisture rising, but also the
more compatible in historic buildings, thanks to its mechanical and performance characteristics
very similar to that of the original materials.
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Abstract. Two full-scale timbrel cross vaults subjected to vertical settlements in one of
their supports were tested at the ICITECH laboratories of the Universitat Politècnica
de València. In one of the vaults a support was moved downwards, while the other was
subjected to upward-downward displacements in one support. Both tests are described and
analysed in detail in Torres et al. [1,2]. Both vaults presented certain levels of post-test
damage in the form of cracks and significant displacements. In order to analyse the
effectiveness of the reinforcement of previously damaged vaults, both were strengthened
with TRM and subjected to further testing in which vertical settlements were applied to
one support. The TRM strengthening comprised an extrados layer composed of a 25x25
mm glass grid embedded into two approximately 5 mm thick layers of cementitious
matrix. The TRM strengthening was able to withstand higher peak loads and prevent
the formation of cracks along the extrados surface of the structure, while as
expected, ductility increased. A 3D macro-modelling FE strategy on Abaqus
commercial software was also adopted to study the behaviour of the vaults during the
tests.
1

INTRODUCTION

Most historical constructions are made of masonry [1]. During the centuries and depending
from the local availability of the row materials, masonry has been constructed using
different kind of blocks and type of mortars. As expected, its variety makes assessing a
masonry building’s safety particularly challenging. In addition, although most of the
masonry constructions being part of the architectural heritage have been constructed
following rules of thumb, they are currently subjected to different types of loads, for
example: overloading, dynamic actions, settlement, in-plane and out-of-plane deformations
[1]-[5]. In particular, the damage suffered by many historical churches and buildings
after the recent Italian earthquakes [2] has shown that masonry vaulted structures are
particularly vulnerable to supports distortion. Differential settlements in the supports
may result in deformations, cracking, and cause changes in their geometry, twist and
vertical alignment [2][4][5].
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Evaluating the consequences associated with foundation or support movements and proposing
innovative and compatible retrofitting solutions, are two of the main questions that have
attracted the attention of the architects and engineers who have to preserve historical and
other types of masonry constructions.
To this scope, cementitious based strengthening materials have attracted the attention of
the scientific community as an alternative to Fibre Reinforced Polymer (FRP) composites for
repairing historical masonry structures. Similar to FRPs, cement-based materials are
lightweight, easy to apply and represent an affordable solution because of their low cost, good
applicability to irregular and damp surfaces, resistance to high temperatures, good
breathability, low invasiveness [6].
The mechanical properties of the substrates where TRM strengthening materials are
applied, play a crucial role, since cement-based composites are often employed to reinforce
weak masonries [7]. Various studies have been conducted to identify TRM’s mechanical
properties [8][9]. Other studies assessed the effectiveness of TRM composites applied to
isolated structural elements [10][11]. Pioneering works on simple and biaxial bending TRM
reinforced panels were analysed in [12][13], whereas several studies assessed the behaviour of
TRM on curved weak masonry supports, including [14].
Due to their prohibitive cost, few studies have analysed the performance of TRM on fullscale structures. [15] studied the dynamic performance of a one-story masonry building tested
on a vibrating table and repaired by cement-based materials. Vaults have been found to be
particularly vulnerable [1][2] due to their remarkable interaction with their context, so that
large differences in lateral stiffness between piers and perimeter walls results in distortions in
the supports that have to be absorbed by the masonry vaults.
As no experimental studies have so far analysed the behaviour of TRM composites on fullscale cross vaulted structures, the present work was aimed at filling this gap with a double
experimental campaign on full-scale masonry timbrel cross vaults damaged by two types of
soil settlement and repaired with TRM materials.
2 EXPERIMENTAL INVESTIGATION & LOADING PROTOCOL
The experimental campaign investigated the behavior of two masonry timbrel vaults
reinforced with Textile Reinforced Mortar (TRM) composites when subjected to either
monotonic and cyclic vertical settlements. To this scope, two masonry vaults were built at the
ICITECH laboratories of the Universitat Politecnica de Valencia (Valencia, Spain). The vaults
were pre-damaged in a preliminary step by applying two types of vertical movements to one
of the supports [16][17].
The 4x4 m2 square plan vaults with 1.8 m high lateral arches were built with 230x110x26
mm3 clay tiles and approximately 10 mm thick mortar joints. Four cubic concrete supports,
S1, S2, S3 and S4, were built on steel bases. The arches were composed of four layers of clay
tiles with cement mortar, plaster paste and lime mortar joints. Two vertical support distortions
were applied to the damaged masonry cross vaults, i.e. a monotonic downward settlement up
to 80 mm and an up and down cyclical displacement. Both settlements were imposed on the
deformed vaults with a residual 40 mm downward displacement due to the need to
realistically reproduce and analyze in lab conditions the repairs of the damaged masonry
structures. Both excitations were imposed statically to support S1 (see Figure 1) by means of
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two manually synchronized mechanical jacks placed below the steel base. The remaining
supports were constrained as follows: support S3 was fixed to the reaction floor. S2 and S4
were only allowed to slide horizontally.

-a

-b

Figure 1: Comparison of displacement protocols applied to the as-built and TRM-reinforced
structures: Case A (-a) and Case B (-b).

A steel system composed of 140 mm high HEB girders formed the bracing frame
connecting all the supports and providing partial horizontal confinement of the vaults. The
girder frame also helped to avoid excessive diagonal distortions of the vault by hinging all the
steel bases and allowed the positioning of three load cells to monitor vertical reactions in
supports S1, S2 and S4.
The two vaults were strengthened by means of a 10 mm thick layer of TRM material. The
glass fiber netting comprised a 25 mm spacing glass grid with an equivalent resistant area of
35.27 mm2/m, ultimate tensile strength 45 kN/m and elastic modulus 72 GPa. The
strengthening technique comprised three phases: (i) injection and masonry repointing, (ii)
application of a 5 mm thick layer of cement mortar, (iii) placing the fiber glass fabric and (iv)
finishing off with the last 5 mm thick mortar layer. After the injection phase, the vault
extrados only was reinforced by 500 mm wide radially placed glass TRM strips. Glass strips
were not anchored to the concrete supports, nor were spike anchors or connecting devices
used.
3 EXPERIMENTAL RESULTS: MONOTONIC SETTLEMENT
3.1 Experimental Results
Figure 2-a depicts the reaction force-displacement curves obtained experimentally in
supports S1, S2 and S4. As can be seen in Figure 2-a, the vault’ behavior can be divided into
three phases: (i) the initial elastic response was obtained up to 10 mm, (ii) from 10 mm to 30
mm behavior was non-linear until the peak value (Rp), and (iii) in the third phase it became
less pronounced with lower reaction forces up to failure at 80 mm. The TRM had a twofold
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effect: (i) it helped to extend the elastic phase, which doubled from 5 mm to 10 mm and (ii)
considerably increased the displacement capacity at failure, which doubled from 40 to 80 mm.
Apart from a few differences, the initial reactions of the TRM-reinforced vault are similar to
those monitored at the end of the unreinforced vault test. Considering the as-built structure,
there are negligible differences between the three reaction values in all the monitored
supports, confirming an approximately equal re-distribution of the vault’s weight. Conversely,
the second test was performed starting from the deformed vault configuration obtained at the
end of the first test and then applying the monotonic settlement. As expected, since the test
started with a downward residual displacement of 40 mm in support S1, the equal distribution
of the reaction forces in the as-built structure were altered, especially in the initial reactions
(Ri) in S2 and S4, which increased almost symmetrically. Unexpectedly, the reaction force in
S1 was not altered by the initial deformed vault configuration.
Figure 2-b depicts the initial stiffness values calculated as the slope of the vaults’ elastic
response (until 5 mm for the as-built and 10 mm for the TRM-reinforced vault) of all the
monitored supports. The TRM helped re-establish the original stiffness in S1, while S2 and S4
slightly reduced their initial stiffness. A different trend was found in the effectiveness of TRM
on the peak forces throughout the tests. A comparison of the response of the as-built and
repaired structures is given in Figure 2-c, which shows significantly higher peak reaction
forces due to the TRM.

-a
-b
-c
Figure 2: Reaction forces vs imposed displacement curves obtained experimentally(-a). Comparisons
between as-built and TRM reinforced vaults: initial stiffness (-b) and peak forces (-c).

3.2 Crack Pattern
At the end of the first test (unreinforced vault subjected to monotonic settlement) [16], the
vault experienced: (i) cracks formed on mortar joints on supports S1 and S3 and on some
damaged bricks in S2, (ii) a diagonal curved hinge crack opened on the vault extrados and
propagated along the diagonal arch towards S2 and S4. As vault stability was seriously
threatened, the authors decided to stop the test and carry out repairs. Despite the injections,
the TRM-reinforced vault experienced: (i) the opening of one extrados curved hinge
connecting supports S2-S4 and (ii) traditional hinge mechanisms in the lateral arches. Hinges
were also detected near S2 and S4. The cracks in the extrados opened mostly in the
reinforcing mortar (see Figure 3-a). No debonding or fiber-to-matrix slippages were detected
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during the whole series of tests. The activated damage mechanism involved the reinforcing
mortar matrix but there was no tensile failure of the glass grid. It should be noted that the
cracks on lateral arches S4-S1 and S2-S1 attempted to join up with the diagonal hinge
between supports S2-S4. This peculiar failure mechanism also occurred in the unreinforced
vault [16] (Figure 3-b). In details, Figure 3-a gives the displacement read by the LVDTs
placed on the unreinforced vault (between 0 to 40 mm) and the TRM-repaired vault extrados
(between 40 to 120 mm). LVDT 5 monitored the formation of the hinged diagonal crack
along supports S2-S4 on the vault extrados, which doubled in size from 2.5 mm in the
unreinforced to 5 mm in the reinforced vault.

-a
-b
Figure 3: LVDTs placed on the vaults extrados (-a) and cracking mechanism formed on the TRM
reinforced vault intrados (view of diagonal arch S3-S1) (-b).

4 EXPERIMENTAL RESULTS: CYCLIC SETTLEMENT
4.1 Experimental Results
Figure 4-a depicts the reaction force-displacement curve obtained in support S1
considering the load increments produced only by the displacement protocols. The curve is
traced in the same color as the corresponding support number and superimposed on the
unreinforced counterpart. The ultimate bearing capacity of the TRM-reinforced vault is
significantly greater than that of the as-built structure, as are the corresponding ultimate
displacements. Elastic stiffness degradation (Figure 4-b) was computed as the slope of the
force-displacement curves monitored in all the cycles of the campaign up to 80% of the peak
reaction forces. As expected, in the TRM-reinforced vault the initial elastic stiffness
progressively degraded up to a maximum of four times at 80 mm in support S1. The initial
stiffness values in the first cycle were quite similar to those of the undamaged unreinforced
vault at the beginning of the test. Although negligible differences were detected due to
material heterogeneity, the consistency of the values from the beginning of the test confirmed
the effectiveness of TRM in recovering the structure’s original stiffness. Strength degradation
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is another important parameter (Figure 4-c). Strength degradation curves were drawn using
the peak forces obtained in each cycle of all the monitored supports. The as-built and TRMreinforced vaults were normalized with those obtained in the first cycle of the unreinforced
vault. As can be seen in Figure 4-c, the TRM strengthening dramatically changed the
unreinforced vault’s strength degradation trend found in [17]. Unexpectedly, both up and
down movements showed a clear increasing trend common to all the supports in all cycles,
except for the last cycle of S4. The reduced strength was detected in S4 before the other
supports, indicating a faster entry into the energy-consuming state. The TRM-reinforced
vault’s behavior was quite symmetric under upward and downward settlements.

-a
-b
-c
Figure 4: Reaction force-displacement curves (cyclic settlement) in supports: S1 (-a). Comparison between asbuilt and TRM reinforced vaults: stiffness degradation (-b) and strength degradation (-c).

4.2 Crack Patterns
Similarly to the monotonic case, the TRM-reinforced vault subjected to cyclic settlements
experienced the formation of hinges in the lateral arches and the widening of a diagonal crack
on arch S2-S4. Figure 5-a depicts the displacements recorded by the LVDTs close to
supports S2-S3 and S4 during the testing of the unreinforced and TRM reinforced vaults. The
cracks formed during the first test were relatively narrow (3 mm). In the reinforced vault
severe damage was detected on the extrados and intrados of support S2. The base of S2
experienced a deep crack which formed during upward movements. Furthermore, both lateral
arches S2-S1 and S2-S3 experienced wide cracks on the extrados which affected the vault’s
integrity. It is worth mentioning that, those on the former arch opened up to approximately 16
mm. In addition, the TRM experienced preliminary cracking of the reinforcing mortar,
followed by the progressive tensile failure of the glass grid. The same failure mechanism was
observed in lateral arch S2-S3. In this case, the crack, which propagated across the mortar
joints, caused the external layers of masonry to separate. Although a visual inspection showed
the crack was similar to the one in arch S2-S1, LVDT 3 could only partially detect it. Only
one LVDT tracked the formation of the diagonal hinge that opened between supports S2-S4
on both extrados and intrados due to the cyclic settlement. Thanks to the presence of the TRM
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strengthening, the premature separation of the vault into two independent parts was avoided
(Figure 5-b). Figure 5-b shows the crack patterns at the end of the cyclic test in the
reinforced vault. The cracks on the extrados were diverted by the reinforcing materials to the
masonry away from the retrofitted zones. The TRM radial configuration prevented the crack
on the top of the extrados from propagating. The cracks reached a maximum value of 8 mm at
the end of the test in the unreinforced vault, or approximately half the width of the opening in
the reinforced vault.

-a
-b
Figure 5: Comparison of displacements records by LVDTs placed close to supports S2-S3 and S4 (-a)
and crack pattern obtained at the end of the investigation (-b).

5 CONCLUSIONS
The present work describes a double lab test comprising the application of monotonic and
cyclic settlements in two masonry timbrel vaults constructed at the Universitat Politecnica de
Valencia (Spain). The results obtained allow us to draw the following conclusions:







The paper describes a repair technique to be used for severely damaged masonry cross
vaults composed of: injection, masonry repointing and application of TRM composites
in a radial pattern on the extrados.
TRM composites increased the load-bearing capacity of the masonry cross vaults,
almost doubling the peak reaction forces in both cases.
The proposed radial strengthening configuration almost completely restored the initial
elastic stiffness of the damaged vaults in both cases.
TRM strengthening doubled the vaults’ elastic phase and ultimate displacements.
TRM failure in case of monotonic downward settlement comprised the cracking of the
reinforcing mortar. No debonding, fibre-to-matrix slippage or tensile failures of the
textile grid were detected.
TRM failure in case of cyclic vertical movement was characterized by the opening of
wide cracks in support S2, with the cracking of the mortar matrix and tensile failure of
the glass grid.
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Abstract. Flooding is the most common and damaging of natural hazards at global level,
and in a context of climate change, flood risk is expected to increase. This has
prompted governments and international agencies to adopt measures towards the reduction
of flood risk in recent years. Among them is the development of flood risk assessments
and flood risk management plans, with particular emphasis on cultural heritage, not
only due to its significance for society, but also because of its particularly high vulnerability
to natural hazards, including floods. In order to quantify risk and define prioritization and
management plans for a given set of cultural heritage assets, vulnerability models that allow
estimating and comparing the impacts of floods at an asset-by-asset level are required.
However, there is currently a lack of approaches in the literature to achieve this. This study
proposes a component-based synthetic modelling framework to perform detailed vulnerability
analyses of cultural heritage assets. The framework is illustrated through an application to a
Portuguese church.
1

INTRODUCTION

Flood risk is expected to increase worldwide in the coming decades due to various
socio-economic and environmental factors, including climate change. Minimizing flood risk
across any given region requires robust risk management decision-making, which must
necessarily be supported by risk assessment studies. These combine flood hazard data for a
region of interest with information on exposed assets and models of their vulnerability (i.e.
the impact they are expected to undergo as a function of flood actions), and allow
computing consistent risk metrics.
The socio-cultural importance of cultural heritage calls for particular attention to this
asset type in any flood risk management plan. However, at present, there is a lack of methods
in the literature to quantify the flood vulnerability of cultural heritage assets, which
hampers the development of flood risk assessments, and consequently informed risk
management prioritization and optimization of mitigation measures. This gap can be
justified by various underlying difficulties. Firstly, cultural heritage assets tend to differ
considerably among themselves, precluding the development and application of common
vulnerability models to
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portfolios of assets, except in large-scale risk assessments for preliminary screenings of risk.
Secondly, empirical approaches commonly adopted for other asset types, such as common
residential buildings, are not applicable, because they require datasets of observed damage
and/or losses, which are not available for cultural heritage assets. Thirdly, there is no agreed
upon method to quantify the value of cultural heritage assets and, consequently, their degree of
damage or loss as a result of a disaster [1, 2].
This study aims to address the above issues by proposing a framework to model the flood
vulnerability of cultural heritage assets, so that this information may be used within risk
assessment studies where an asset-by-asset differentiation of risk is required. The proposed
approach is based on a component-based synthetic modelling framework, whereby hypothetical
flood scenarios are simulated and the corresponding potential overall damage is estimated as
the combination of damage to each component of cultural value comprising an asset. The
modelling framework is illustrated through an application to a church in Portugal.
2 METHODOLOGY
For each cultural heritage located in an area of interest, flood risk is defined as the probability
that damage will occur as a result of flooding, and is commonly expressed as a function of
hazard, vulnerability, and exposure. Within this conceptual framework, hazard represents the
intensities and probabilities of occurrence of flood scenarios, exposure expresses the assets’
overall values, and vulnerability links flood intensities to potential impacts. This paper
specifically addresses the latter, presenting a methodology for the quantification of the
vulnerability component of risk for cultural heritage assets. The approach is organized into three
steps that are described in the following subsections.
2.1 Surveying and value assessment of exposed components
The specific nature of cultural heritage requires an asset-by-asset characterization of
vulnerability when the objective is to develop risk management and prioritization plans with a
high level of granularity. This can only be achieved through on-site collection of information.
Therefore, the first step of the methodology involves the identification, documentation and
value assessment of all the relevant exposed components that comprise a cultural heritage asset
and contribute to its overall cultural value. The surveying process should allow collecting the
most relevant information for characterizing the flood vulnerability of an asset. Simultaneously,
it should also be a simple procedure that can be carried out efficiently without the need to
involve significant resources and/or specific engineering skills (to allow surveys to be carried
out by local non-technical stakeholders). In this regard, the two fundamental variables that need
to be collected are the main material of each component and the height at which it is located.
In order to facilitate the surveying process of a given cultural heritage asset and help ensure
that relevant components are not left out, it is useful to establish a taxonomy for such
components beforehand. Because this classification scheme could vary significantly between
different asset types, specific taxonomies should be defined for each type. For the case of
churches, a taxonomy is proposed in Table 1, which was developed to support the application
of the framework to the case study described in Section 3, a Portuguese church. The most
common material types for each component are also identified to further support the surveying
procedure.

2747

Rui Figueiredo, Xavier Romão and Esmeralda Paupério
Table 1: Proposed component taxonomy for churches, containing the most relevant components commonly
found in Portuguese churches and their respective materials.

Group

1. Building

2. Contents

Designation
1.1. External walls
1.2. Internal walls
1.3. Basement walls
1.4. Wall paintings and coverings
1.5. Floors
1.6. Roofs
1.7. Doors
1.8. Windows and stained glasses
2.1. Main retable and altar
2.2. Other retables and altars
2.3. Altar table
2.4. Main altar pulpit
2.5. Nave pulpit
2.6. Baptismal font
2.7. Statuary
2.8. Organ
2.9. Furniture
2.10. Light fittings
2.11. Tombs
2.12. Metal liturgical implements
2.13. Textile liturgical paraments
and implements
2.14. Books
2.15. Candlesticks and lamps
2.16. Porcelains

Common main materials
Stone, Concrete, Earth, Wood, Clay brick
Stone, Concrete, Earth, Wood, Clay brick
Stone, Concrete
Ceramic tilework, Gilded woodcarving,
Murals, Decorative plaster
Stone, Wood, Clay tiles
Concrete, Wood, Clay brick
Wood, Metal
Glass and Wood/Metal
Wood, Gilded woodcarving
Wood, Gilded woodcarving
Stone, Wood, Earth
Stone, Wood, Metal
Stone, Wood, Metal
Stone, Metal
Wood, Metal, Ceramic, Paper pulp
Various
Wood
Metal, Crystal
Wall, Stone
Gold, Silver, Brass
Textile
Book paper
Gold, Silver, Brass
Porcelain

After the component survey, it is then necessary to estimate the value of each of the selected
components. Given that such values cannot be expressed in absolute economic terms, within
the proposed framework, indices of value for the different components of the cultural heritage
asset are defined, which reflect their estimated relative value with respect to the other selected
components. It is recommended that at least three levels of significance are adopted:
- a low level, for components that are not unique and that contribute in a limited manner
to the overall cultural value of the asset;
- an intermediate level, for unique components that have significant cultural value;
- a high level, for unique components with exceptional cultural value, which are
determinant for the overall cultural value of the asset.
In order to expedite the surveying procedure, particularly in situations with a large number
of components, it is suggested that only components that can be affected by floods up to a
certain return period are documented, and that the relative value of those components with
respect to the whole set of components (i.e. floodable and non-floodable) is defined in
aggregated terms, based on expert judgement.
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2.2 Estimation of flood susceptibility for each component
The susceptibility of each component is defined as the level of impact it is expected to
undergo as a result of the action of flooding. In order to estimate the susceptibility of different
components, a literature review was carried out in order to characterize the effects of floodwater
on certain commonly found materials [3–12], taking the taxonomy shown in Table 1 as a
reference. A summary is presented in Table 2 for some materials. Based on this analysis, the
susceptibility of each material was translated into a scale of indices, as represented in Figure 1.
Note that for each material, besides a base level or range of susceptibility indices (represented
by the hatched shapes), there are also higher levels of possible impact that are determined by
amplifying factors related, for example, to the material condition, inadequate post-event drying
or treatment, or the level of floodwater contamination, according to the descriptions presented
in Table 2.
Table 2: Effects of exposure to flood water for some of the most commonly found materials in Portuguese
churches.

Material
Stone

Concrete
Earth
construction
Timber and
woodwork

Metalwork
Wall paintings
Book paper

Description
- Different types of stone can behave differently under the actions of flooding,
depending on their softening coefficient and hydric expansion.
- The susceptibility of most common types of stone to flooding is generally low.
- Negative impacts can increase if walls are not properly treated and dried after an
event, if they are in poor state of conservation, or due to harsh weather conditions.
- Concrete is not particularly vulnerable to flooding.
- Concrete floors may take a long time to dry if appropriate actions are not taken.
- Unbaked earth-wall constructions are particularly vulnerable to water damage,
especially if external plaster finishes that may exist are not well maintained.
- Wood generally presents high values of hydric expansion and may swell and
distort when wet. It is also vulnerable to fungal and insect infestations, causing
rot.
- Issues with wood may be minimized if appropriate action is taken following a
flood event, and wood is properly ventilated and dried. This is especially true for
sound structural timber.
- Floorboards and other elements that can buckle require specific post-flood
measures.
- Aluminium, bronze, copper and brass objects will not be damaged by immersion
in water as long as they are allowed to dry quickly. Iron and steel may rust and
expand, but damage can be limited through quick drying.
- Historic wall paintings, including frescoes, may be damaged by salt
crystallisation, paint flaking or mould growth, particularly if an inadequate drying
procedure is adopted.
- Paper is highly vulnerable to water and requires swift and appropriate post-event
recovery actions to prevent destruction. Negative consequences can include rapid
development of mould, physical damage, and bleeding of soluble inks and
colorants.
- Even if treated adequately (which requires expert knowledge), wet books and
records generally cannot be fully restored to their pre-damage condition.
- Contaminated water can exacerbate the negative impacts of floodwater on paper.
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Table 2: Effects of exposure to flood water for some of the most commonly found materials in Portuguese
churches (continued).

Paintings on
canvas

Textiles

- Exposure to water can cause immediate damage to most paintings, as well as
make the artwork more susceptible to short or long-term damage. Appropriate
drying is required to reduce negative impacts.
- Water can lead to flaking and loss of image layers, as well as expansion,
shrinkage and subsequent deformation of painting supports.
- Textiles can present significant variations that determine if and how they can
be salvaged after a flood. Damaged textiles can present colour change, bleeding
of dyes, shrinkage, watermarks from migrating finishes, and mould.
- Certain contaminants will require textiles to be discarded.

Figure 1: Examples of flood susceptibility indices considered for some materials.

2.3 Definition of the flood vulnerability function
The vulnerability function for a cultural heritage asset can then be defined as a function of
the value, susceptibility, and elevation of its components. Given that values and impacts cannot
be expressed in absolute terms, the vulnerability function should quantify impacts in relative
terms, i.e. as a fraction of the overall cultural value of an asset (which should be defined
independently of the quantification of vulnerability, based for example on its listed status). In
order to achieve this, a normalization of the above indices is required. The value indices of the
asset’s components should be scaled such that they sum to one. In this way, the resulting values
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will represent the fraction that each component is estimated to contribute to the overall value
of the cultural heritage asset. The susceptibility indices should be scaled such that ‘no damage’
corresponds to 0, while ‘damage that is not fully repairable’ corresponds to 1. The vulnerability
function is then obtained through a what-if analysis, based on a simulated step-by-step
inundation of the asset, and in the evaluation of the corresponding damage based on the features
described before. The level of damage at each step is given by

with

𝑓𝑓𝑓𝑓(𝑥𝑥𝑥𝑥) = � 𝑔𝑔𝑔𝑔(𝑥𝑥𝑥𝑥)𝑣𝑣𝑣𝑣𝑖𝑖𝑖𝑖 𝑠𝑠𝑠𝑠𝑖𝑖𝑖𝑖

(1)

𝑖𝑖𝑖𝑖

1 𝑖𝑖𝑖𝑖𝑓𝑓𝑓𝑓 𝑥𝑥𝑥𝑥 ≥ ℎ𝑖𝑖𝑖𝑖
𝑔𝑔𝑔𝑔(𝑥𝑥𝑥𝑥) = �
0 𝑖𝑖𝑖𝑖𝑓𝑓𝑓𝑓 𝑥𝑥𝑥𝑥 < ℎ𝑖𝑖𝑖𝑖

(2)

where x is the water depth, i represents each component of the cultural heritage asset, hi is
the height at which the component is located above a reference level (typically the external
ground floor level, from which the water depth is also measured), and vi and hi are their value
and susceptibility indices, respectively.
3

CASE STUDY

3.1 Description
The case study adopted to illustrate the proposed framework is the Igreja da Misericórdia de
Esposende (Figure 2), a church located in the municipality of Esposende, in northern Portugal.
The church dates back to the end of the 16th century, having received a number of interventions
over the centuries, and comprises mannerist, baroque and neoclassical architectural styles.
Despite its relatively small size, it contains a very interesting and coherent set of works of art,
and is listed as a building of public interest [13, 14].

Figure 2: Main façade of the church.
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Based on to the hazard maps developed for Portugal within the scope of the European Floods
Directive [15], the church is located within the extents of high-probability flood scenarios, and
the water depth associated with an extreme scenario of 1000-year return period (considered
herein as the maximum achievable water depth) is 1.38m (Figure 3).

Figure 3: Location of the case study church (Igreja da Misericórdia de Esposende) and hazard map showing
water depths for the 1000-year return period flood scenario (CRS: ETRS89 / Portugal TM06).

3.2 Vulnerability assessment results
The church was surveyed by the authors on 3 January 2020 following the general procedure
described in Section 2. A detailed inventory was developed for the ground floor only (shown
in Figure 4), given that the uppers floors are above the maximum flood level. Still, the entire
church was surveyed in order to establish the relative value of the floodable components.
The inventory comprises both building and contents; it includes a total of 79 components
and component assemblies, together with their materials, heights from the reference level, and
information on whether they are moveable. The latter allows establishing two separate
vulnerability functions that consider scenarios with and without the preventive evacuation of
moveable items. Three indices of value (1, 3 and 10) were considered for assets with low,
substantial, and exceptional significance, respectively. Table 3 presents the inventory referring
to the contents of the main chapel, and a photograph of this part of the church is shown in Figure
5. For brevity, only this part of the inventory is presented herein. Finally, the obtained
vulnerability function is presented in Figure 6.
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Figure 4: Ground floor plan.
Table 3: Inventory of contents of the main chapel.

Component
Plinths (set of 2)
Statue
Statue
Kneeling benches
(set of 2)
Altar table
Pulpit
Altar
Statue
Main altar
Main retable
Painting
Candlesticks (set of 2)
Candlesticks (set of 2)
Jugs (set of 2)
Individual benches
(set of 4)
Altar side table
Chair

Move- Material
able
family
Material
Stone
Granite
✓
Wood
Polychromed wood
✓
Wood
Polychromed wood

✓
✓
✓

✓
✓
✓
✓
✓
✓

Height
(m)
0.13
1.02
1.02

Value Suscept.
index
index
1
1
3
4
3
4

Wood
Wood
Wood
Wood
Wood
Wood
Wood
Canvas
Wood
Metal
Ceramic

Blackwood
Gilded woodcarving
Gilded woodcarving
Gilded woodcarving
Polychromed wood
Gilded woodcarving
Gilded woodcarving
Painting on canvas
Gilded woodcarving
Brass
Porcelain

0.13
0.64
0.69
1.29
1.64
0.64
0.64
2.49
1.84
1.84
1.84

1
3
3
3
10
10
10
10
1
1
1

4
4
4
4
4
4
4
5
4
2
5

Wood
Wood
Wood

Blackwood
Gilded woodcarving
Upholstered blackwood

0.64
0.64
0.64

1
3
1

4
4
4
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Figure 5: Photograph of the main chapel.

Figure 6: Vulnerability function for Igreja da Misericórdia de Esposende.
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4

DISCUSSION

This paper has illustrated a new framework to model the flood vulnerability of cultural
heritage assets based on a component-by-component analysis. The main objective of this
framework is to provide a vulnerability analysis for risk assessment studies that aim to
determine and compare levels of risk among cultural heritage assets, supporting the
implementation of risk management plans at a detailed level. Although this inevitably requires
site-specific surveying, the framework has been designed to achieve an adequate balance
between simplicity and accuracy. Nevertheless, the framework may still be expanded to account
for other flood properties besides water depth, such as flood duration and flow velocity, which
may be relevant for certain building components.
In this study, the proposed vulnerability modelling framework was showcased for a church
in northern Portugal, demonstrating its applicability. Further research will include applications
to other churches in order to perform a comparative analysis of risk levels. This is also expected
to provide insights about the practicability of aggregating asset-specific vulnerability functions
in order to derive functions for asset classes with similar characteristics and quantify the
associated uncertainty.
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Abstract. European historical city centers are particularly prone to natural disasters. This is
due to the fragility of structures that often times do not comply with seismic codes; the high
constructions’ density that causes induced damage; and the historical relevance of buildings
that makes difficult the enacting of mitigation strategies.
In Italy, major earthquake caused extensive damages over the last century. Seismic events have
a huge impact on the nation’s economy growth due to direct and indirect impacts, such as for
example the high reconstruction costs or the business interruption spread out over a long
period, respectively. In addition, the duration of recovery can affect the population wellbeing
and cause permanent displacement. For this reason, the preventive planning of disaster
management strategies are crucial to mitigate the damage and enhance resilience. Proposed
strategies have to be effective and economically sustainable.
In this paper, two towns affected by the 2012 Northern Italy Earthquake are chosen to analyze
the reconstruction process. Using information published on the town journal, relevant aspects
of the community resilience are highlighted. In particular, the housing recovery, i.e. the return
of displaced people to a permanent housing solution is investigated.
Then, a suite of seismic mitigation strategies is proposed for both cities, taking into account the
peculiarity of the built environment and the damage distribution available thanks to the postevent buildings’ inspection. The effectiveness of the proposed strategies is assessed through a
cost-benefit analysis, highlighting optimal solutions to reduce the economic and social losses.
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1

INTRODUCTION

Major earthquakes are among the deadliest and costliest natural disasters both worldwide [1]
and in Europe [2] in the past decades. In Italy, four major seismic sequences occurred since
2009 (L’Aquila 2009, Northern Italy 2012, Central Italy 2016-2017 and Ischia 2017) causing
more than 650 casualties and injuring almost 2400 people [3,4,5,6].
The high social impact can be associated to the high vulnerability of the built environment.
In fact, the first seismic zonation map, i.e. the identification of the potential seismic hazard and
probability of occurrence, covering the entire Italian territory was developed only in 2003 [7]
and adopted in the Design Code of 2008 [8]. On the other hand, the vast majority of buildings
were designed pre-2003 and therefore without following earthquake-resistant design (ERD)
concepts, see Figure 1 [9].

Figure 1. Percentage of Italian buildings per construction period (blue bar) and their comulative sum (red line).

This vulnerability led to significant direct and indirect losses in the occurrence of major
earthquakes. Direct losses include the repair and reconstruction costs [10,11], while indirect
losses may be referred to the business interruption [12] and the cost of providing temporary
housing for the people displaced [13].
In particular, when people are displaced from their home, two different solutions are
generally adopted: they are provided with a temporary shelter, called PMAR (Prefabricated
Adaptable and Movable Residences), or they are given a monetary contribution called CAS
(Contribution for Accommodation Self-determined) in case they decide to independently find a
housing solution. These housing solutions are defined as “temporary”, even if they may last for
several years, affecting the population wellbeing, causing identity loss [14] or, in extreme cases,
the depopulation [15].
All the aforementioned aspects highlight the need of preventive seismic risk mitigation
strategies at the urban scale, in order to reduce the socio-economic impact of earthquakes.
Recently, the Italian Government issued a tax break called SismaBonus [16] up to 85% in 10
years of the cost invested by owners of houses or flats in increasing the seismic performance of
the buildings they live in. To easily quantify the actual and target seismic performance of
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buildings, guidelines have been introduced that classify buildings into seven classes depending
on a safety index 𝐼𝐼𝐼𝐼 − 𝑉𝑉 [17], see Table 1. 𝐼𝐼𝐼𝐼 − 𝑉𝑉 is evaluated by performing structural
analyses according to the Code provisions [18].
Table 1. Risk classification depending on the Safety Index IS-V.

Safety Index
100% < IS-V
80% ≤ IS-V < 100%
60% ≤ IS-V < 80%
45% ≤ IS-V < 60%
30% ≤ IS-V < 45%
15% ≤ IS-V < 30%
IS-V < 15%

IS-V Class
A+IS-V
AIS-V
BIS-V
CIS-V
DIS-V
EIS-V
FIS-V

In this paper, the recovery process of two cities affected by the 2012 Northern Italy
earthquake (NIE) is presented. Data are collected through the cities’ municipal journal. Then,
the effect of preventive seismic mitigation strategies is investigated thanks to the post-seismic
buildings’ inspection. A cost-benefit analysis is performed considering both socio-economic
losses.
2 DOCUMENTING THE HOUSING RECOVERY
Two major seismic events hit the Emilia Romagna Region, Northern Italy on May 20th May
29 , 2012. These earthquakes caused 27 fatalities, injured approximately 400 people and left
almost 15000 homeless [19,20]. The high number of people displaced required the Civil
Protection Agency to provide PMARs, see Figure 2, or assign CASs so that temporary housing
solutions could be found.
th

Figure 2. PMARs installed after the 2012 NIE.

The area affected by the NIE is highly industrialized and it is reasonable to assume that this
aspect significantly contributed to the disaster recovery, as people were able to retain their job.
Yet, one of the most important aspects for the recovery is the return to their pre-event home or
a permanent housing solution. This is generally referred to as housing recovery [13]. Few
studies have already evaluated the trend of people living in a PMAR or being assigned a CAS.
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For example, Mannella et al. (2017) [21] analyzed the evolution of people displaced after the
2009 L’Aquila earthquake until the end of 2016. Then, Carnelli and Frigerio (2017) [22] studied
the number and social indicators of people living in PMARs in the city of Mirandola until mid2016. It is worth noting that, even considering a time span of seven years, the full recovery was
not observed, meaning that the issue of people displaced by major earthquakes may last for a
very long time after the event.
In this study, the housing recovery of Concordia sulla Secchia and Mirandola, two cities
affected by the 2012 NIE is documented. Data are collected through the municipal journals, the
“Concordia Comune” [23] and “Indicatore Mirandolese” [24], see Figure 3, which are freely
accessible online.

Figure 3. First issue of the (left) Concordia Comune and (right) Indicatore Mirandolese after the 2012 NIE.

The housing recovery is associated to the number of people either living in a PMAR or being
assigned a CAS. No information was found on the number of people staying in a hotel and
similar lodging establishments or that decided to move out from the city, and therefore are not
included in the study. Results are shown in Figure 4.
After the 2012 NIE occurrence, in the city of Concordia sulla Secchia slightly less than three
hundred people (94 households) lived in a PMAR and almost nineteen hundred people (756
households) were assigned a CAS. In the city of Mirandola, the number of homeless was
significantly higher, as almost a thousand people (286 households) lived in a PMAR and
slightly less than 7500 people (2964 households) were assigned a CAS. In 2017, approximately
five years after the NIE, all households living in a PMAR in both cities had returned to a
permanent housing solution. On the other hand, 13% and 7% of people displaced were still
assigned a CAS in Concordia sulla Secchia and Mirandola, respectively. These findings
highlight the very long process of housing recovery that may take several years, causing distress
in the population and affecting the community resilience, i.e. the return to the pre-event
performance [25].
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It is worth noting that, despite these data are considered reliable given that they are provided
by a journal issued by the municipality itself, they are scattered throughout the years, making it
difficult to understand the trends.

Figure 4. Housing recovery for (left) Concordia sulla Secchia and (right) Mirandola after the 2012 NIE.

Very few information are available regarding the cost of PMARs and CAS. A report states
that each PMAR cost approximately 26.000€ [26] while another puts the cost at 125.000€ [24],
probably including the money needed for the land expropriation and PMAR installation.
Regarding the CAS, some information is drawn again from the municipal journal “Concordia
Comune” [22], see Table 2. From 2012 to 2018, more than 6 million Euros have been assigned
to the people displaced, with a monthly contribution of approximately 400€ per households.
Table 2. CAS contribution for Concordia sulla Secchia between 2012 and 2018.

Period
May - July 2012
August - November 2012
December 2012 - January 2013
February - March 2013
April - May 2013
June - July 2013
August - September 2013
October - November 2013
December - January 2014
February - May 2014
January - March 2016
April - June 2016
July - September 2016
October - December 2016
January - March 2017
April - June 2017
July - September 2017
October - December 2018
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CAS [€]
545737
1458690
651074
546177
497894
411320
322162
309440
299510
441800
120168
119782
117950
114891
108920
96873
86341
71709

No. Households
756
735
612
506
466
411
292
282
273
194
142
140
137
132
126
108
105
101
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3

SEISMIC RISK MITIGATION AT THE URBAN SCALE

Given the high impact that major earthquakes have on affected communities, that require
several years to recover and have significant associated losses, preventive seismic mitigation
strategies become crucial. These strategies have to be effective but also economically
sustainable.
As for early 2020, 140.6 and 470.5 million Euros have been assigned for the repair and
reconstruction of residential buildings in the city of Concordia sulla Secchia and Mirandola,
respectively [27]. Considering the total area of buildings, it leads to an investment of
approximately 1500€/m2 to rebuild or retrofit a structure up to the current Code provision in
terms or ERD concepts (class AIS-V of Table 1). However, for existing buildings that were
designed without ERD concepts, the seismic retrofit may not be the optimal solutions in
monetary terms. For example, installing bond-beams and/or tied rods to guarantee the box-like
behavior of unreinforced masonry (URM) buildings or preventing the shear failure of reinforced
concrete (RC) columns with fiber-reinforced polymers may prevent collapse and therefore
guarantee a sufficient safety level. This concept can be referred to as class upgrade (CU). A
CU raise the considered building up a 𝐼𝐼𝐼𝐼 − 𝑉𝑉 class and it therefore is expected to undergo a
lower damage in the occurrence of an earthquake. Considering the five damage levels defined
in the European Macroseismic Scale (EMS-98) [28], CUs are described in Table 3.
Table 3. Summary and description of the considered class upgrades for buildings.

Class
Upgrade

IS-V Class

Expected
Damage

CU 1

EIS-V → DIS-V

D5 → D4

CU 2

DIS-V → CIS-V

D4 → D3

CU 3

CIS-V → BIS-V

D3 → D2

CU 4

BIS-V → AIS-V

D2 → D1

CU 5

AIS-V → A+IS-V

D1 → D0

Example
URM: Reinforced injections and crack repair [29]
RC: Concrete cover restoration and crack repair [30]
URM: Application of bond-beams or tie rods [31]
RC: FRP wrapping [32] and ETS application [33,34]
URM: Wall-to-wall connection with steel frame
RC: Infill walls strengthening [35]
URM: Reduction of in-plan slab flexibility
RC: Reduction of in-plan slab flexibility
URM: Walls reinforcement with TRM [35]
RC: Introduction of new resistant system [36]

Damage level D5 is associated to complete collapse and D0 is associated to no damage. Class
FIS-V of Table 1 is not considered as the very poor seismic performance makes it unfeasible to
undertake any strengthening work.
For each CU, a nominal cost of 300€/m2 is assumed based on the Authors’ professional
experience. Information about the buildings’ construction type, floor area and observed damage
are available thanks to the Da.D.O. (Database of Damage Observed) online database [37] that
collects data about the post-event inspections that assess the damage and evaluate the
accessibility. Only URM and RC buildings are considered, as they represent almost the entirety
of the sample. The structural type and damage distributions for Concordia sulla Secchia and
Mirandola are shown in Figure 5.
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Figure 5. Structural type and damage distribution for (left) Concordia sulla Secchia and (right) Mirandola.

Repair and replacement cost are assumed based on a recent study about the reconstruction
after the 2009 L’Aquila earthquakes [38] and are defined for five damage levels, see Table 4.
Table 4. Assumed repair and replacement costs.

Damage Level
D1
D2
D3
D4
D5

Repair/replacement cost [€/m2]
27
135
405
810
1350

A cost-benefit analysis of seismic mitigation strategies is performed for Concordia sulla
Secchia and Mirandola by considering the five CUs described in Table 3. At first, only most
damages buildings are reinforced and the cost of a preventive strengthening is compared with
that of the repair and replacement costs. The analysis is carried on until all buildings have been
retrofit so that they are expected not to undergo any damage in the occurrence of an event
similar to the NIE. Results of the analysis are shown in Figure 6.

Figure 6. Cost-benefit analysis of various CUs for (left) Concordia sulla Secchia and (right) Mirandola.
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Obtained results show that the optimal solution (the point where the strengthening and the
repair cost curves meet) is between the 2nd and 3rd CU. In terms of 𝐼𝐼𝐼𝐼 − 𝑉𝑉 Class, the optimal
solution is between class CIS-V (45% ≤ IS-V < 60%) and BIS-V (60% ≤ IS-V < 80%). These
findings are in line with provisions of Italian Guidelines [39] that suggest for existing buildings
to adopt strengthening works that allow them to withstand up to 60% of the expected seismic
actions.
In addition, it is noted that estimated repair and replacement costs for residential buildings
of Concordia sulla Secchia and Mirandola, obtained with values of Table 4, are comparable to
those actually assigned [27], see Table 5.
Table 5. Comparison between estimated and assigned repair and replacement costs for Concordia sulla Secchia
and Mirandola.

City

Estimated repair and
Assigned repair and
replacement costs [MIL €] replacement costs [MIL €]
Concordia sulla Secchia
131.8
140.6
Mirandola
412
470.5

The positive effect of seismic mitigation strategies is assessed also in terms of the social
impact. In particular, the expected number of injuries and fatalities is evaluated for the same
CUs of Figure 6. The casualty estimation is performed using the approach defined by Zuccaro
and Cacace (2012) [40]. Results are shown in Figure 7.

Figure 7. Injuries and fatalities estimation for (left) Concordia sulla Secchia and (right) Mirandola.

Obtained results show that with 2 CUs an event similar to the 2012 NIE is expected not to
cause any injury or fatality. These findings further support those obtained with the cost-benefit
analysis in Figure 6.
4

SUMMARY AND CONCLUSIONS

In this paper, the benefit of preventive seismic mitigation strategies at the urban scale is
presented and evaluated. In Italy, these strategies are crucial due to the age of the built
environment, that in most cases is not designed following ERD concepts and therefore may
undergo significant damage event with earthquakes of moderate intensities.
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Damage is considered in terms of both social and economic losses. Social losses include loss
of lives and injuries, but also the people displaced who are in need of a new housing solution.
In particular, people displaced may need several years to return to a permanent home, with
consequences on their wellbeing and the overall community resilience. Economic losses
include both the repair and replacement costs and the business interruption. In order to reduce
losses, preventive mitigation strategies have to be implemented. These could range from
localized strengthening works to a complete retrofit.
This paper presented a data collection of the housing recovery of two cities affected by the
2012 NIE thanks to the information included in the municipal journals. It is observed that, more
than seven years after the earthquake, a considerable portion of the population hasn’t returned
to a permanent housing solutions yet.
Then, the concept of class upgrade is introduced and used to perform a cost-benefit analysis
of a suite of mitigation strategies. By comparing the strengthening and the repair and
replacement costs, the optimal solutions is found. This solution is in line with the current Code
provision for existing buildings and may be used to enact policies at the Stakeholders’ level to
promote a “culture of mitigation”. A significant contribution in this way is given by the recently
introduced SismaBonus, a tax break in 10 years for the seismic strengthening of residential
buildings that could make the work more affordable. For this reason, the use of risk assessment
methods at the urban scale [41] is crucial to clearly identify the more vulnerable areas of a city
and in this way prioritize the strengthening works.
Acknowledgements. This work was supported by the University Fund for Research (FAR)
program of the University of Ferrara, 2015, “Historical Centers Livable and Sustainable” (HCLIVE)” and by the scholarship of the University “G. D’Annunzio” Chieti-Pescara, 2019, “Risk
Assessment of the Built Heritage at the Urban Scale” (Ref. Num. 0002299). The fourth Author
would like to acknowledge the Ministry of Science, Innovation and Universities (MCIU) of the
Spanish Government, the State Agency of Research (AEI), and the European Regional
Development Fund (ERDF) through the SEVERUS project (Multilevel evaluation of seismic
vulnerability and risk mitigation of masonry buildings in resilient historical urban centres, Ref.
Num. RTI2018-099589-B-I00).
REFERENCES
[1] CRED.
[2]
[3]
[4]
[5]
[6]

Natural disasters 2018. An opportunity to prepare. Available at:
https://www.cred.be/sites/default/files/CREDNaturalDisaster2018.pdf (2019).
PreventionWeb. Europe - Disaster Statistics. Region Profile for Natural Disasters from 1980
– 2008. Available at: https://www.preventionweb.net/english/countries/statistics/ind
ex_region.php?rid=3 (2008).
Alexander, D. and Magni, M. Mortality in the L’Aquila (central Italy) earthquake of 6 April
2009. PLoS Curr (2013) 5:e50585b8e6efd1.
Mucciarelli, M., and Liberatore, D. Guest editorial: the Emilia 2012 earthquakes, Italy. Bull
Earthq Eng (2014) 12:2111-2116.
Fiorentino, G., Forte, A., Pagano, E., Sabetta, F., Baggio, C., Lavorato, D., Nuti, C. and
Santini S. Damage patterns in the town of Amatrice after August 24th 2016 Central Italy
earthquakes. Bull Earthq Eng (2018) 16:1399-1423.
Briseghella, B., Demartino, C., Fiore, A., Nuti, C., Sulpizio, C., Vanzi, I., Lavorato, D. and

2765

A. Basaglia, A. Aprile, E. Spacone and L. Pelà

Fiorentino, G. Preliminary data and field observations of the 21st August 2017 Ischia
earthquake. Bull Earth Eng (2019) 17:1221–1256.
[7] Bellicoso, A. Italian Anti-Seismic Legislation and Building Restoration. Int Journal for
Housing Science (2011) 35: 137-147.
[8] Ministero delle Infrastrutture e dei Trasporti. Norme Tecniche per le Costruzioni. Gazzetta
Ufficiale (2008) 29. Italian.
[9] Istat. Edifici residenziali. Istituto Nazionale di Statistica (2011). Available at:
https://www.istat.it/. Italian.
[10] Di Giacomo, M. I costi dei terremoti in Italia. Centro Studi Consiglio Nazionale Ingegneri
(2014). Italian.
[11] Ufficio Valutazione Impatto. Terremoti. L'Aquila, Reggio-Emilia, Centro Italia: politiche
e risorse per ricostruire il Paese. Senato della Repubblica (2017). Italian.
[12] Rose, A. Defining and measuring economic resilience to disasters. Disaster Prevention and
Management (2004) 13: 307-314.
[13] Peacock, W.G., Dash, N., Zhang, Y. and Van Zandt, S. Post-Disaster Sheltering,
Temporary Housing and Permanent Housing Recovery. In: H. Rodríguez et al. (Eds):
Handbook of Disaster Research. Springer, Cham (2018), pp. 569-594.
[14] Giuliani, A.R., Mattei, A., Santilli, F. Well-Being and Perceived Quality of Life in Elderly
People Displaced After the Earthquake in L’Aquila, Italy. J Community Health (2014) 39:
531–537.
[15] Di Giovanni, G. and Chelleri, L. Why and how to build back better in shrinking territories?
Disaster Prevention and Management (2019) 28: 460-473.
[16] Agenzia delle Entrate. Sisma Bonus: Le Detrazioni Per Gli Interventi Antisismici.
Available at: https://www.agenziaentrate.gov.it/ (2019). Italian.
[17] Ministero delle Infrastrutture e dei Trasporti. Linee Guida Per La Classificazione Del
Rischio Sismico Delle Costruzioni. Decreto Ministeriale (2017) 65. Italian.
[18] Ministero delle Infrastrutture e dei Trasporti. Aggiornamento delle «Norme Tecniche per
le Costruzioni». Gazzetta Ufficiale (2018) 42. Italian
[19] Rossetto, T., Alexander, D., Verrucci, E., Ioannou, I., Borg, R., Melo, J., Cahill, B. and
Kongar, I. The 20th May 2012 Emilia Romagna earthquake (2012) EPICentre Field
observation report.
[20] Ioannou, I., Borg, R., Novelli, V., Melo, J., Alexander, D., Kongar, I., Verrucci, E., Cahill,
B. and Rossetto, T. The 29th May 2012 Emilia Romagna earthquake (2012) EPICentre
Field observation report.
[21] Mannella, A., Di Ludovico, M., Sabino, A., Prota, A., Dolce, M. and Manfredi, G. Analysis
of the population assistance and returning home in the reconstruction process of the 2009
L’Aquila earthquake. Sustainability (2017) 9: 1395.
[22] Carnelli, F. and Frigerio, I. A socio-spatial vulnerability assessment for disaster
management: Insights from the 2012 Emilia earthquake (Italy). Sociologia urbana e
rurale (2016) 11: 22-44.
[23] Municipality of Concordia sulla Secchia. Concordia Comune. Available at:
https://www.comune.concordia.mo.it/. Italian.
[24] Municipality
of
Mirandola.
Indicatore
Mirandolese.
Available
at:
http://www.comune.mirandola.mo.it/. Italian.
[25] Bruneau, M., Chang, S.E., Eguchi, R.T., Lee, G.C. et al. A framework to quantitatively

2766

A. Basaglia, A. Aprile, E. Spacone and L. Pelà

assess and enhance the seismic resilience of communities. Earthquake spectra (2003) 19:
733-752.
[26] Battista C. Ricostruzione, ecco quanto costano i moduli abitativi provvisori. ModenaToday
(2013). Available at: http://www.modenatoday.it/. Italian.
[27] Regione Emilia-Romagna. Open Ricostruzione. Monitora gli interventi per la ricostruzione
in Emilia-Romagna. Available at: https://openricostruzione.regione.emilia-romagna.it/.
[28] Grünthal, G. European Macroseismic Scale 1998. Cahiers du Centre Européen de
Géodynamique et de Séismologie (1998) 15.
[29] Modena, C., Valluzzi, M.R., da Porto, F. and Casarin, F. Structural Aspects of The
Conservation of Historic Masonry Constructions in Seismic Areas: Remedial Measures
and Emergency Actions. Int Jour of Architectural Heritage (2001) 5: 539-558.
[30] Biondini, F., Camnasio, E. and Titi, A. Seismic resilience of concrete structures under
corrosion. Earthquake Engng Struct Dyn (2015) 44: 2445-2466.
[31] Frumento, S., Giovinazzi, S., Lagomarsino, S. and Podestà, S. Seismic retrofitting of
unreinforced masonry buildings in Italy. In: Proceedings of the 2006 NZSEE Conference
(2006), Napier, New Zealand.
[32] Perrone, M., Barros, J.A. and Aprile, A. CFRP-based strengthening technique to increase
the flexural and energy dissipation capacities of RC columns. Journal of composites for
construction (2009) 13: 372-383.
[33] Breveglieri, M., Barros, J.A., Aprile, A. and Ventura-Gouveia, A. Strategies for numerical
modeling the behavior of RC beams strengthened in shear using the ETS
technique. Engineering Structures (2016) 128:296-315.
[34] Breveglieri, M., Aprile, A. and Barros, J.A. RC beams strengthened in shear using the
Embedded Through-Section technique: Experimental results and analytical
formulation. Composites Part B: Engineering (2016) 89: 266-281.
[35] Gulinelli, P., Aprile, A., Rizzoni, R., et al. A Fe Model for TRM Reinforced Masonry Walls
with Interface Effects. In Key Engineering Materials (2019) 817: 57-64.
[36] Zerbin, M. and Aprile, A. Sustainable retrofit design of RC frames evaluated for different
seismic demand. Earthq. Struct (2015) 9: 1337-1353.
[37] Dolce, M., Speranza, E., Giordano, F., Borzi, B., Bocchi, F., Conte, C., Di Meo, A.,
Faravelli, M. and Pascale, V. Observed damage database of past Italian earthquakes: the
Da. DO WebGIS. Bollettino di Geofisica Teorica ed Applicata (2019) 60: 141-164.
[38] De Martino, G., Di Ludovico, M., Prota, A., Moroni, C., Manfredi, G. and Dolce, M.
Estimation of repair costs for RC and masonry residential buildings based on damage data
collected by post-earthquake visual inspection. Bull Earthq Eng (2017) 15: 1681–1706.
[39] Il Presidente della Repubblica. Decreto legge 6 giugno 2012, n. 74: interventi urgenti per
le popolazioni colpite dagli eventi sismici nelle province di Bologna, Modena, Ferrara,
Mantova, Reggio Emilia e Rovigo il 20 e il 29 maggio 2012. Gazzetta Ufficiale (2012)
131. Italian.
[40] Zuccaro, G. and Cacace, F. Seismic casualty evaluation: The Italian model, an application
to the L’Aquila 2009 event. In: R. Spence et al. (Eds): Human casualties in earthquakes.
Springer, Dordrecht (2011), pp. 171-184.
[41] Basaglia, A., Aprile, A., Spacone E. and Pilla F. Performance-based Seismic Risk
Assessment of Urban Systems. International Journal of Architectural Heritage (2018) 12:
1131-1149.

2767

C. Jaeger-Klein,
Fire
Prevention in
A.Ottoman
Bajramovic
andand
Habsburg
L. Stampfer
Building Codes for Bosnia and their Application in
12th International Conference on Structural Analysis of Historical Constructions
Travnik
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

FIRE PREVENTION IN OTTOMAN AND HABSBURG BUILDING CODES
FOR BOSNIA AND THEIR APPLICATION IN TRAVNIK
A. CAROLINE JAEGER-KLEIN1,2*, B. AJLA BAJRAMOVIC2 C. LUKAS STAMPFER1
1

Institute of History of Art, Building Archaeology and Restoration
Technical University if Vienna (TU-Wien), Karlsplatz 13/251-1, 1040 Vienna, Austria
e-mail: jaeger-klein@tuwien.ac.at (*corresponding author), lukas.stampfer@tuwien.ac.at,
www.baugeschichte.tuwien.ac.at
Department of Art History
University of Vienna, Garnisongasse 13, Campus courtyard 9, 1090 Vienna, Austria
e-mail: ajla.bajramovic@univie.ac.at, http://ercbos.univie.ac.at
2

Keywords: Fireproof Material, Building Regulations, Modernization, Building by Plan, TypePlanning, Identity and Architecture
Abstract. The city of Travnik, located in central Bosnia, served as an administrative center of the
Ottoman province between 1699 and 1851, with only short interruptions. In 1878, the Congress of
Berlin awarded the Austro-Hungarian Monarchy rights of occupation for this Ottoman province.
The following year, the new administration already faced its first big fire, which wiped out a major
part of downtown Sarajevo. A new building code, which tried to minimize future hazard risks and
was soon valid for all of Bosnia, was established in 1880.
In September 1903, two major fires hit Travnik. The Ottoman administrative building used by the
new officials was already fire-improved, so it survived the fires without sustaining any serious damage. The same cannot be said for the traditional residential neighborhoods at the foot of Travnik
castle, which burnt down to their foundations. The mosques in Travnik that were constructed mostly
of wood were damaged severely. Austro-Hungarian administration officials identified the traditional
way of building as a serious risk for all of Bosnia and tried to counterbalance by implementing the
new regulations rigidly in their post-fire reconstruction program. They seem to have developed a
more secure ‘mosque building model type’, which they implemented in the re-erection of the
Lončarica, Zulići, Kahvica and Šumećka mosques. While rebuilding the Varoška and Lukačka
mosques, the distinct ‘official’ style of Habsburg-Bosnia [1], a blend of various architectural elements associated with ‘the Orient’ that the literature tends to name ‘pseudo-Moorish’, was used.
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INTRODUCTION

Located in central Bosnia, Travnik is a charming but sleepy midsized town that, according to the
Austro-Hungarian census of 1895, had a population of ca. 5,933 [2]. Travnik enjoys a favourable location on the Lašva River, situated along an important north-south trade, and served as administrative centre of the Ottoman province of Bosnia Herzegovina from 1699 to 1851, with short interruptions in 1827-28 and 1832-36. Ottoman viziers and the consuls of Austria and France left traces in
Ivo Andrič’s Nobel-prize-winning literature as well as several buildings. The viziers resided and carried out their official duties in a distinct type of building called konak, and were buried in various
mausoleums, called türbe in Turkish. After the take-over of Ottoman-Bosnia by the Habsburg monarchy in 1878, Travnik maintained its role as the capital of one of the six districts (in German named
Kreise) into which Bosnia and Herzegovina was divided under the former rulers. After the arrival of
Austro-Hungarian officials in Travnik, several modern building complexes intended for military, social (health-care, education) and religious infrastructural use were fitted into its existing city-scape.
However, the old administrative building, the historic konak, was kept as the main administration
centre. In October 1893, the Lašva-Donji Vakuf-Jajce/Bugojno railroad project reached Travnik. Its
completion meant that Travnik was better connected with nearby towns, but it was exactly this railway’s construction that caused a disastrous fire in September 1903.
The Austro-Hungarian government’s interesting response to this serious catastrophe, and the previously initiated efforts to implement modern fire-proof building structures according to Austrian
standards, are the subject of the following paper. The ERC project titled “Islamic architecture and
Orientalizing style in Habsburg Bosnia, 1878-1918” (PI: Maximilian Hartmuth, University of Vienna) intends to identify the specific technical as well as regulatory measures implemented by the Austro-Hungarian authorities. A brief visit to Travnik in the fall of 2018 made clear that this town’s legacy in central Bosnia would merit further attention. In May 2019, a joint TU-Vienna and ERCproject research team, together with architecture students, documented the rebuilt mosques destroyed
in the great fire of 1903 using combined laser-scan, photogrammetry and hand measurement techniques, with the aim to extract the resilience strategies of the Austro-Hungarian administration for
the place. Hence, the post-procession phase is still ongoing.
2

BOSNIAN FIRE HAZARDS AND THE AUSTRIAN BUILDING CODE

The Austro-Hungarian monarchy took over administration of Bosnia and the Hercegovina in the
summer of 1878. For complicated matters of foreign and internal politics, “the chief architects of
Austria’s colonial policy were … civil servants rather than legislators” [3]. The undoubted mastermind of that policy, Benjamin von Kallay, who governed the province from 1882 until 1903, stressed
in an interview given to a British newspaper that “rational bureaucracy was the key to Bosnia’s future … Administration is our only politics” [4]. In accordance with that motto, officials rapidly implemented new urban planning and structural engineering rules and regulations as soon as they identified the major building security threat caused by Bosnia’s traditional construction techniques. The
capital of the Habsburg-Empire, Vienna, served as role model.
2.1 A brief history of Austria’s building regulations and its fire-care approach
One crucial aspect of security that officials in urban areas have always faced has been to safeguard
lives and property threatened by fires in densely populated neighborhoods, sometimes entire cities.
Vienna, as the residence of Habsburg emperors since the 16th century and of the Austro-Hungarian
Empire since 1866, had overcome a series of city fires between the years 1252 and 1330. Forty percent of its then majority wooden houses were destroyed. In order to avoid the repetition of such disasters, as early as 1534 the authorities implemented systemic regulations in order to counterbalance
this specific threat [5]. In the 1720’s, a new generation of fire-security regulations laid the grounds
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for a first Viennese Building Code. The great empress Maria-Theresa (1717-1780) again reformed
the valid fire-regulations. Wooden shingles used for the roofs and timbered staircases were forbidden. Additionally, the profession of the chimneysweeper was created. For the construction business,
those first regulations mandating the use of fireproof material meant a fundamental change. To accelerate that process, Maria-Theresa initiated the royal brick industries’ foundation at Wienerberg for
burnt brick production. Finally, her son, the great reformer Joseph II (1741-1790), launched further
fire-regulations in 1782. They were structured into the following four chapters: 1) how to prevent
fires, 2) how to deal with the risk of fire, 3) how to fight the fire and 4) what to do with fire-damaged
sites and properties [6].
In 1829, the first consolidated Building Code for Vienna was proclaimed; it specifically addressed
the administrative process related to building construction. The code regulated the obligations of the
building parties before the site was opened, during the erection-phase and after the construction was
finished. It also codified the maximum building-height, the minimum width of its corresponding
streets and established an office of supervision for all building activities [7]. The Building Code of
Vienna served as role model for all of Austria, a tradition that was continued in Bosnia and the Hercegovina. As soon as Sarajevo had its own building regulations, they were instituted for the entire
province.
2.2 The first big fire in Habsburg Bosnia and its consequences
Already during their first year of administration, Austro-Hungarian officials were confronted with a
fire catastrophe in Sarajevo, the capital. In the night from August eighth to ninth of 1879, the entire
western part of the market district (čaršija) burnt down to its foundations [8]. Prstojević has described the initial, more easily applied preventive measures concerning the storage of certain inflammable goods and placement of adequate equipment like water-filled buckets or long fire ladders,
which had to be available at critical sites such as the bazaar-area with the wooden shops (dućans) [9].
The new Austro-Hungarian administration quickly worked out a building code for Sarajevo and selected other towns and market places in Bosnia and the Hercegovina. On 14 May 1880, this new
building code replaced the Ottoman building regulations from 1863, which Habsburg-Bosnia had
immediately taken over and proclaimed in German, the new regime’s administrative language [10].
The Ottoman code already included directions similar to the Austro-Hungarian ones, but were insufficiently implemented and supervised. The Ottoman code’s §24 had already made fireproof chimneys obligatory. §25 forbid building guesthouses in timber structures and §28 required wooden roofcovers to be additionally protected by fire proofed material. For neighborhoods damaged by fire, the
Ottoman building code prescribed wider streets and more open places than the traditionally constructed urban fabric would have provided (§12). The Austro-Hungarian administration added to the
building code’s 1880 version sanctions for not building in accordance with the licensed plan (§14)
and completely banned dead-end streets (Sackgassen) for new quarters, in addition to the mandated
widening and straightening of the streets (§23).
Certainly, those regulations interfered fundamentally with the local town-planning tradition. Deadend streets were essential features of Ottoman-period residential neighborhoods (mahale in Bosnian)
and their social control mechanisms. The fire-fighting rationale claimed for such regulations was the
need for modern fire-fighting equipment and an adequate number of fire-fighting men to quickly
reach the fire’s heart and prevent its rapid expansion. Clearly, this was in contradiction to the traditional characteristics of Ottoman towns, where culture and climate ask for narrow, shadowed and
hidden, and partially covered semi-public street space. However, as mentioned, the 1863 Ottoman
building code already required the same measure as the Austro-Hungarian code from 1880. The ban
of dead-end-streets was not a novelty of the new European regime, nor fire-proofed chimneys and
roof-coverings.
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What was definitively new were regulations requiring the use of burnt brick in certain walldimensions or stone for public buildings and for residential- and commercial buildings. Existing
roofs had to be covered with fireproof material within fifteen years. Based on Vienna’s long-term
experience — Vienna had avoided major urban fires like the one Sarajevo suffered in 1879 — buildings now had to be separated from each other with fire-proof walls (Feuermauern) surpassing the
eves and space of the roofs. One stairway of fire-proof material (stone, for instance) had to run
through the entire building up into the roof-space. The roof-space had to be divided by an iron door
with a fireproof frame (§40, p. 259). Circulation corridors and the uppermost ceiling dividing the residential space from the roof-space had to be from fireproof material. It is not true that the regulations
banned wooden or wooden-framework structures. They still could be erected if some space between
the building and the neighboring structure was maintained. For structures with just a ground floor,
wooden staircases still were allowed.
The 1880 Building Code’s §23 regulated street (Gassen) width in four determined categories (Classen). To guarantee healthy conditions, in correlation to the width of the streets, the building-height of
the neighboring residential houses was fixed by §53. The amendment of 1893 [11] added a fifth class
of streets in §23 with a width of 15 meters. For the two widest street categories, permission for a
third floor above the basement is given in §48 if such a high building will not disturb harmony with
the neighboring structures or the architectural effect within the street-view. No other health or security issues are criteria for the building code, while the argument of aesthetics is added. In general, the
1893 Building Code is more oriented toward city regulation measures, and deals less with fireproof
materials and construction techniques. This may already show that the stricter supervision of an efficient administration had led to sufficient structural fireproofing.
Schmid and other contemporary commentators might be right if they described the building safety
reality in Bosnia and the Hercegovina before the Austro-Hungarian administration as insufficient.
Catastrophes were not the result of inefficient or non-existent Ottoman regulations, and were, instead, more a matter of inefficient Ottoman administration. Schmid summarized building conditions
before the Austro-Hungarian occupation by noting that official administrative buildings like the konaks, the residential representative buildings of the governors, consisted only partially of rubble
stone masonry and mostly of timber framework infilled with mudbrick [12]. Schmid described further that the chimney was often completely lacking and smoke had to exit through a roof hatch. A
ceiling did not separate the roof space, and its coverings consisted of straw, rete or, like in central
Bosnia, long wooden shingles.
However, many people avoided implementing the new building regulations. The governmentappointed building director, Edmund Stix, who was responsible for overseeing all building activities,
reported as early as 1887 that modern building regulations nearly led to a standstill in all private
building activities [13]. To counterbalance that, the provincial government on 18 May 1880 [14] released an order to exempt objects damaged or destroyed in the fire of 1879 from the housing-tax. If
they were repaired or re-erected by November 1, 1884, the tax-relief was valid for 30 years. The exemption from the housing-tax was also valid for new structures or reconstructions outside the before
mentioned scene-of fire, but with a more limited duration from five to twenty years. Schmid reports
further that with such measures, and through the influence of building companies from other parts of
the monarchy, finally the richer strata of Bosnian society could be convinced to equip their old buildings with modern and secure standards [15].
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3 AUSTRO-HUNGARIAN FIRE-PREVENTION FOR TRAVNIK AND THE GREAT FIRE
OF 1903
Travnik had – and still has – a well-preserved traditional building stock. After the ‘era of viziers’
ended there in 1851, few building activities took place in the town until the Austro-Hungarian district
and county administrations were established. The Habsburg district administration (Kreisbehörde)
finally settled in the existing Ottoman konak, referred to in the official plan documents as the ‘great’
konak (Großer Konak) because there also existed a smaller konak building. Obviously, the great konak needed some adaptations to fit the new administration’s requirements. The Travnik Canton’s district archive (Kantonalni arhiv Travnik) still holds an extant set of plans documenting this functional
as well as technical adaptation process. Here, just the enhancement of the structure’s fireproofing
will be described as it helped to keep the great konak intact during the devastating fires of September
1903.
3.1 Fireproof adaption of the existing Ottoman konak building
Travnik became the capital of the 1580-founded Ottoman province of Bosnia during the second Battle of Vienna, which started in 1683 and lasted until 1699, when the Treaty of Karlowitz established
peace. As the Austrian Prince Eugene of Savoy occupied and demolished Sarajevo in his 1697 assault, the Sultan Mustafa II decided to move the vizier’s seat to Travnik, which was safer and in a
better strategic position to defend the Ottoman Empire’s western border. Between 1699 and 1851, 77
viziers used the konak building as their home and operations base. It was erected on the city’s western side in the early eighteenth century, and first mentioned in written sources in 1749 [16]. For the
former Ottoman konak to meet the Austro-Hungarian administration’s requirements, the structure
needed to be modified according the standards of the 1880 Sarajevo building code. Because the
Habsburg administration re-used the former Ottoman structure, it needed to reflect the new government’s values; that need ultimately resulted in changes to the konak’s appearance.

Figure 1: Left: Reconstruction model of the konak building in Travnik under Ottoman rule, with the traditional Bosnian
steep roof silhouette, wooden roof-cover and hatches for the smoke (photo Jaeger-Klein, May 2019); Right: The building
in 1950 with the gently-sloped roof, the fire-proof brick covering and chimneys according to the regulations of AustroHungarian administration (photo from Sujoldžić, Stari Vodovodi, 2012, p.94)

A set of plans, which survived and are located in Travnik Canton’s district archive, give us some
hints about this adaptation process. From 1882 to 1886, the existing building, including its steep traditional Bosnian roof structure, gained a new brick-tile covering. This was implemented in several
phases. Additionally, a new heating system with fireproof chimneys was installed, maybe partially
already under Ottoman rule. Noticeable in particular is the roof-plan, which details the replacement
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of the traditional wooden roof-cover by brick-tiles, as the contemporary black-and-white photo
shows. Obviously, the government could not afford to change the cover into brick within one budgetyear. The plan gives evidence that it was done over four periods: 1882 first in dark red, and then
from 1884 to 1886 once a year another part, and finally for the last phase, marked in very pale red,
the figure of 177 m2 in total is given. Also visible are the new chimneys, which replaced the hatches
for smoke.

Figure 2: Left: The first adaptation phase (1882-86) of the ‘great konak building’ in Travnik under Austro-Hungarian
rule; the roof-cover was switched to burnt brick material in four stages (scan from the district archive of the Travnik Canton); Right: A contemporary photograph shows the freshly brick-covered konak from the rear (photo from Sujoldžić,
Stari Vodovodi, 2012, p.9)

In 1895, the plan documentation of the great konak’s existing structure seemed to show the first
phase of remodeling as finished. In the ground plans, someone noted in pencil the use of the reconfigured rooms, and the option for reducing the roof’s height. In 1906, a detailed construction plan
fixes this proposed height reduction and replacement of the traditional Ottoman-era roof-structure.
The photos from 1950, when the konak was destroyed, still document the results of that last adaptation phase. This series of plans matches the reports by Stix (1887) and Schmid (1914), who testify
that during the new administration’s early years existing structures were adapted to administrative
purposes. For financial reasons, they were equipped according to the new building-code standards of
Austro-Hungary, with minimal effort.

Figure 3: Some early considerations about the modified roof-structure, from the documentation plans of 1895 (left) and
the final solution from March 1906 (right); both scans from the district archive of Travnik Canton
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3.2 The great fire of Travnik in 1903
In September 1903, Travnik suffered a major fire. It started on September 3 as a result of a large
spark from a passing locomotive, igniting the hay in a building around the Hasanpašić Tower, in the
Šumeće mahala, at the eastern end of town. A precise plan, drawn by Austro-Hungarian clerks immediately after the fire, shows in detail how the fire spread and was rapidly transmitted from one
place to another due to strong winds. Firefighting teams consisting of volunteers from Jajce, Zenica
and Sarajevo had little success in extinguishing the fire, mainly due to a lack of sufficient equipment
but also due to the fast burning of densely packed wooden buildings. The wooden mosques, including the surrounding porches of wood and their wooden minarets directly attached to the steep-hipped
roofs, burned particularly well. The different firefighting lines, which the authorities documented
well in the mentioned plan, did not work well enough. Only the barrier of the railway managed to
keep the fire out of the town’s southern part.
There was, however, another fire, which started on September 10 of the same year. It spread across
the railway tracks and into the central parts of town. According to the various reports, half of the
population lost their homes and their income, since in addition to the 582 destroyed houses, 60 shops
and warehouses as well as 337 commercial buildings were lost or heavily damaged. The AustroHungarian government reacted quickly by investing in the town’s rebuilding. Building material like
timber, stone and sand were provided for free and, as after the 1879 fire in Sarajevo, taxes for the
newly built houses were exempted for ten years, for poorer citizens even twenty years [17].

Figure 4: The results of the 1903 Travnik fires in a photograph (Source: Sujoldžić, Sjećanje, 2019, p.135)
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3.3 The reconstruction of Travnik’s mosques under Austro-Hungarian administration
In the great fire of 1903 nine mosques were damaged. The state government (Landesregierung) supported the reconstruction of three mahale-mosques in the Šumećka, Kahvica and Zulići neighborhoods. Two other mosques of this type from the east end of town, Varoška and Lončarica, were rebuilt with private local donations. For Lukačka mosque, prominently located on the main street, the
Austro-Hungarian governor Stephan Burián personally financed its reconstruction. At first glance, it
is obvious that four mosques – Šumećka, Kahvica, Zulići and Lončarica – were built on the base of a
fixed model. So far, the ERC research team could locate only one plan set in Bosnian archives, the
blue-print of Kahvica mosque’s design.

Figure 5: Left: Blue-print of the new Austro-Hungarian model-plan design for Kahvica Mosque (from Archive of Bosnia
and Hercegovina, GDZVS, 1878-1918, Box 64b, obj 65), dated December 1907; Right: Section through a typical traditional wooden mosque of Travnik (plan of Osoje mahale mosque from Sujoldžić, Džamije, 2013, p.111). Kahvica
Mosque was one such typical wooden neighborhood mosque before the great fire of 1903 destroyed it.

At the end of the nineteenth century, the Austro-Hungarian government of Bosnia had popularized
an Orientalizing style through its architectural projects. This style mostly drew upon the Islamic artistic heritages of Andalusia and Egypt. The Kahvica mosque’s blueprint reveals that the administration’s architects, trained in the universities and academies of the monarchy, could design in the ‘Oriental aesthetic’. To implement it constructively, they stayed within their Austrian-based knowledge
and experience. Their Western training probably led to a smooth use of type planning, which could
come in handy for situations like the one in Travnik after the great fire. For many building types,
such as school-buildings, train stations and administrative structures, the central building administration of Sarajevo province seemed to have developed model-plans that district engineers could quickly modify according to local circumstances. The freshly rebuilt Lončarica, Zulići, Kahvica and
Šumećka mosques seem to follow such a model-plan. A group of master-students from Vienna University of Technology went to Travnik in May 2019 to survey the mosques in situ.
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Figure 6: Mosques built according to one model-plan in Travnik after the great fire: From the left: Lončarica, Zulići,
Šumećka and Kahvica (all photos by Jaeger-Klein in May 2019)

As preliminary results, the following can be stated: the footprint of the mosques and their size accords with the lost wooden mosques that they replaced. Their facades all follow a 3x2 module with
two levels of windows, but variations in ornament. For those ornaments, the local Austro-Hungarian
technicians developed a variation on motifs from the great representative structures like the Elči Ibrahim-paša medresa; that structure was built in the distinct Austro-Hungarian Orientalizing style in
1895 after designs by Ćiril Iveković (1844-1933), one of the prestigious architects employed by the
provincial government. The challenge was to fit the motifs into the ensemble, in size, volume and
decoration. Sitting at one flank of the entrance façade, the minarets no longer extend out of the roof,
and make the women’s gallery accessible through their winded staircase within the shaft. Stylistically, they now match the typical pencil-minarets of Ottoman architecture, but not the local wooden
minarets. The steep, tent-hipped roof covered with wooden shingles is replaced by a lower, brickcovered, but still tent-hipped roof. Finally, all the materials as well as the construction techniques
correspond with the modern building regulations.
Two of the reconstructed mosques certainly do not follow this model and were individually planned.
Varoška mosque, before the great fire of 1903 certainly a typical mahala-mosque constructed from
cedar wood with a traditional Bosnian roof, was ‘upgraded’ to a mosque with a, for Bosnia, highly
unusual onion-shaped cupola and extremely high minaret [18]. The reason for this upgrade is unknown. Maybe this is a tribute to the specific history of the Varoška mosque. It was Travnik’s first
mosque built in the suburb (Varoš) outside of the medieval castle’s defense-walls. With the generous
donation of a local lady, Ziba Hanuma Arnautović-Kopčić, the mosque was realized quickly in 1906,
according to Sujoldžić after plans by the architect Miloš Milosević [19], who is not listed as one of
the local Austro-Hungarian administration’s technicians. Varoška mosque’s new configuration clearly represents the Orientalizing style, which Austro-Hungary used as a kind of corporate identity. Distinct ochre-red horizontal stripes cover its façade. The entrance is marked by a monumentalized double-story porch, which reveals the Austro-Hungarian interpretation of in general oriental, but
certainly not local elements of architecture.
The second mosque, the shape and aesthetic of which does not correspond to the four type-planned
ones, is the Lukačka mosque. Located on the main-street of Travnik, this mosque needed only partial
reconstruction after the second great fire of September 1903. The 1821 configuration of this early
seventeenth-century mosque is described as a rectangular volume with a lower four-hipped roof and
a porch of six stone pillars that reached to the height of the eves.
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Its walls already consisted of a massive structure, with a brick-tiled roof and a minaret made of
stone, enabling the mosque to survive the conflagration. The Austro-Hungarian governor Stephan
Burián, who visited Travnik after the fire, privately financed its necessary retrofitting [20]. The
porch was lowered, and gained an Egyptian-Mameluke-inspired crenellation and extraordinarily slim
columns. Their shafts were from cast-iron, while bases and heads were from gypsum-mortar in
muqarnas-décor. The whole exterior was whitewashed, and some of the former colored, figurative
murals survived in the roof-structure of the new porch [21].
This illustrates the wide spectrum within the Orientalizing style, reinterpreted by the AustroHungarian architects and engineers. Lukačka mosque did not use any color other than white for its
facade. The materials used make for an interesting observation: apparently, all of the porch columns
were made of industrially produced rounded iron-profiles, which could have been used for railway
platform shelters. Other European architects working in the Near East, like Carl von Diebitsch
(1819-1869), used to pre-order iron casts or pillars for their constructions in Orientalizing styles and
assembled them in situ, which may explain why cast-iron columns were also used in Travnik.

Figure 7: Reconstruction of mosques in the style promoted by the regional government: Left: Varoška mosque in
Travnik: Monumentalized replacement of the former wooden, modest mosque (photo Jaeger-Klein, September 2018);
Right: Lukačka mosque in Travnik with its new porch replacing the former double-floor height one (historic photo from
Sujoldžić, Sjećanje, 2019, p.167)

2777

4

MAINTAINING THE TRADITIONAL CITY SCAPE AFTER DESCTRUCTION

The measures undertaken by the government to avoid fire tragedies of this scale were rather effective, if we consider that the Austro-Hungarian building stock remained pretty much intact into the
twenty-first century. Nevertheless, contemporary critique arose quickly even under the AustroHungarian officials. Edmund Stix, head of the Bosnian building department in Sarajevo, stated critically in 1887 that the picturesque “oriental character” of the towns was already fading [22]. Even
though the newly erected or renovated buildings followed the new building protocols, they lost authenticity. Later, in Travnik, the new buildings were not designed thoughtlessly. The mahalemosques, for example, kept their architectural footprint as well as their traditional scale. The big konak of the Ottoman viziers, which Austro-Hungarian technicians upgraded to their structural standards, stood in place until 1950, when it was demolished by the authorities with the goal of creating a
new city center in the global language of Yugoslav architecture [23].
CONCLUSIONS
-

-

When the Austro-Hungarian administration took over rule of Bosnia and Herzegovina, it already had long-term experience in fire-prevention from Vienna by means of building regulations and the rigid supervision of proper implementation.
The disastrous Sarajevo fire in 1879 led the authorities to take immediate action by implementing a modern Building Code for Sarajevo and other selected Bosnian towns. They supervised especially its proper implementation, but encouraged citizens to rebuild quickly according to the new standards through means of tax relief and tax exemption.
The 1903 fire-catastrophe in Travnik proved that buildings retrofitted according to modern
regulations, like the renovated Ottoman konak, survived even such destructive events.
Replacing the steep wooden roofs of traditional Bosnian architecture as well as rebuilding
wooden mosques with fireproof material was an effective measure against fire disasters but
it interfered heavily with the traditional cityscape.
To counterbalance this loss of cultural identity, the new authorities promoted an Orientalizing style.
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Abstract. Every year landslides occur as a consequence of ground conditions,
geomorphological, physical or man-made processes, often triggered by heavy rainfalls or
earthquakes. They affect buildings and infrastructures, causing economic and life losses. On
the Italian territory, more than 14,000 heritage sites interact with potentially unstable slopes.
This work investigates the effects of a landslide, occurred on the 26th of November 2018, on
the Monastry of Santa Scolastica in Subiaco (Rome), one of the most ancient and well-preserved
examples of medieval architecture in Central Italy. The geometry of the slope was reconstructed
based on aerial photographic survey and point-cloud processing, obtaining meshed surfaces
and extracting relevant sections.
The mechanical parameters and the specific hydraulic conditions triggering the failure
mechanism were first recognised by traditional limit equilibrium back-analyses and then
implemented in a 3D non-linear finite element (FE) model, which included both the slope and
the interacting portion of the ancient structure. Elastic-perfectly plastic constitutive
assumptions were adopted for the soil, while the structure was modelled by a three-dimensional
anisotropic elastic-perfectly plastic constitutive model, specifically conceived for masonry,
accounting for block dimensions and staggering joints effects.
Finite element approach proves to be very effective in the analysis of such a coupled
interaction problem, leading to a realistic representation of the interplay between the soil
displacements and their deformative effects within the structure. The numerical results have
been interpreted to highlight the structural response in terms of crack pattern and stress
distribution as induced by the interaction with the deforming slope, leading to a quantitative
evaluation of the landslide-induced damage. Several scenarios were simulated: first, the prelandslide existing crack pattern was reproduced, then the event was modelled as it occurred,
evaluating its consequences on the structure.
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1

INTRODUCTION

The evaluation of the impact of natural hazards on world’s architectural heritage is a
complex, though intriguing, task for the scientific community, which necessarily requires
interdisciplinary approaches to be analysed and solved.
Together with earthquakes, landslides are one of the most destructive geotechnical hazards
affecting constructions, economy and, more in general, the quality of life of the communities
populating the hit areas. In fact, though most of the landslides usually occur in rural districts,
they can cause significant damage to infrastructures [1] and have not rarely caused severe
damage to monuments.
Slope movements are essentially related to the instability conditions occurring once the
overall mobilised shear stresses along a slip surface equal the available shear strength. Such
conditions can be triggered by various phenomena, including modifications of the morphology
of the slope, groundwater effects leading to increased pore-water pressures or static and/or
dynamic actions affecting the soil mass. In some cases risk is increased by some predisposing
factors, such as land urbanization of the hill-sides.
Some well-known examples of UNESCO Sites subjected to landslides hazard or effects are,
among others, the right coast of the river Moskow (Russia), Machu Picchu (Peru) cultural
heritage site or some villages in Italy like Orvieto and Rocca Ripesena [2].
Italy, with reference to landslide hazard, is recognized as a very vulnerable country: 620,808
landslides have been identified on the national territory, constituting around the 80% of the total
number of landsides in Europe. In particular, Lazio and Umbria regions are the most affected
[3].
A number of studies deal with the definition or fragility curves at the urban scale, with
particular reference to slow moving landslides [4,5], while analyses at the scale of the building
have also been performed for both reinforced concrete [6] or masonry structures [7].
The Monastery of Santa Scolastica in Subiaco is a very well-preserved example of medieval
architecture and is the most ancient Benedict’s monastery in the world. It is located in a
landslide prone area and, due to exceptionally heavy rainfalls, a landslide occurred on the 25th
of November 2018 in the vicinity of the structure, causing fear and temporary closing of the
buildings where a monastic community is still settled. The event can be classified as a flowtype landslide, a fast phenomenon, typically triggered by altered hydraulic conditions, as in the
case under study, or earthquakes impulsive actions. Damage patterns had already been detected
in some portions of the structure well before the landslide: as such, it was essential to assess
whether or not the event had further compromised the safety conditions of the monastery.
As a first step, it was necessary to acquire an updated and well-defined sketch of both the
slopes and the structure geometries: this was achieved by modern geometrical laser-scanner
survey techniques. A classical decoupled approach was then adopted to back-analyse the
landslide, by means of two dimensional (2D) limit equilibrium methods. The results of these
calculations were then used to define the three dimensional (3D) finite element (FE) model,
which not only included the geotechnical details of the soil deposits surrounding and below the
monastery but also a fairly realistic representation of the structure. This mixed geotechnical and
structural model was used to investigate the whole interaction processes that occurred between
the monastery and the soil, including those related to the construction stages of the structure
and the ones induced by the landslide.
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In particular, the aims of the study are the following: first to identify and reproduce the
detected damage of the structure as induced during and after the construction stages, then to
analyse the effects of the subsequent landslide, thus assessing its role on the current safety
conditions of the building.
2 PROBLEM STATEMENT
The use of numerical methods (finite-element or finite-difference methods) in structural and
geotechnical applications is nowadays common, though their effectiveness strongly depends on
geometrical discretisation, initial conditions, correct representation of the construction stages,
constitutive hypotheses and numerical techniques (e.g.: [8]).
The adoption of elasto-plastic constitutive hypotheses within FE models can be considered
as a well-established approach to analyse slope stability problems, though the use of more
traditional methods, as those based on limit equilibrium, is still often preferred. This should be
ascribed to the aim of the analysis, which typically focuses mainly on failure conditions, thus
justifying the use of rather simple limit equilibrium reference conditions and related rigid plastic
constitutive assumptions. When used at this scope, the complexity of non-linear FE analyses
does not often lead to a gain in terms of accuracy of the solution. On the other hand, when the
focus is on the deformation behaviour, either in the pre-landslide stage or in relation to this
event, possibly including the interaction with an adjacent structure, FE models provide a far
more realistic representation of the phenomena. In fact, they not only satisfy local and global
equilibrium conditions up to failure, but also compatibility and constitutive assumptions, as
such reproducing the deformation patterns of any element in the domain, provided appropriate
constitutive assumptions are adopted based on carefully identified parameters.
2.1 Landslide modelling
As mentioned above, the modelled landslide has first been back-analysed by limit
equilibrium approach, to identify the combination of shear strength soil parameters and
hydraulic conditions, in terms of phreatic level, leading to failure. In the 3D FE analysis the
geometry and failure plane of the slope has been reconstructed in light of the survey data and
the results of the 2D back-analysis. This latter has also allowed the evaluation of the mobilised
strength parameters. The landslide was triggered in the 3D numerical model by imposing a
variation of the water table height, as possibly occurred at the time of the event due to heavy
rainfalls. In detail, the stages of the analysis are the following: model stress initialization,
structure construction and related interaction with the foundation soil, strength parameters
degradation of a thin soil layer located at the pre-defined failure slip surface, positive variation
of the water table level along the slopes to finally trigger the sliding. In the analyses here
discussed, the non-convergence of the solution was considered as a suitable indicator of failure,
as discussed in [9,10]. When the algorithm cannot converge within a specified maximum
number of iterations, no stress distribution can be found that is simultaneously able to satisfy
both the Mohr-Coulomb failure criterion and global equilibrium. Under these conditions, failure
is assumed to have occurred and it is accompanied by a dramatic increase in the nodal
displacements within the mesh.
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2.2 Constitutive models for soil and masonry
The constitutive models adopted for the soil and the structure are both formulated according
to classic rate-independent plasticity. The soil behaviour is modelled by a linear elasticperfectly plastic constitutive model, characterised by a no-traction Mohr-Coulomb yield
criterion and a null dilatancy angle. This is a relatively simple assumption, nonetheless it allows
to realistically estimate the main phenomena involving the soil in the slope movement, while
also reproducing with reasonable accuracy the interactions between the soil and the structure
throughout the whole construction sequence and landsliding processes simulated numerically.
In the analyses the bedrock stratum is assumed as rigid, thus not exhibiting any deformation or
collapse.
The constitutive model adopted for masonry is a three-dimensional anisotropic elasticperfectly plastic one [11], in which block aspect ratio and staggering joints effects are
considered. Macroscopic elastic properties are derived in the framework of homogenisation
theory of periodic media, while yielding is characterized by the intrinsic material anisotropy. A
set of (maximum) three sliding directions, on which failure is meant to occur, is defined in the
xyz space and described by means of dip and strike angles, representing, for each plane, the
positive rotation along the x-axis and the negative rotation along the z-axis, respectively [12].
In the analyses only two planes (head and bed joints) are activated. Yield functions are defined,
for each orientation, in terms of local stress components according to Coulomb’s and tensile
criterion as follows:
(1)
τ i + σ n ,i tan φi − ci
fi c =
=
f i t σ n ,i − σ t ,i

(2)

where i = 1,2,3 is the plane id, σ n ,i and τ i are the normal and the shear stress along each
orientation, φi is the friction angle, ci is the cohesion and σ t ,i is the tensile strength along the
joints. The interlocking effect is accounted by modifying the strength parameters on the headjoints plane, stemming from equilibrium conditions and considering the aspect ratio of the
blocks (being b and a their width and height respectively) their through the parameter β, which
depends on the friction angle of the bed joints:
b
β = tan φ2
(3)
2a
Tensile strength and cohesion on the head joints are hence calculated according to the
following expressions:
β
(4)
σ t ,1 =
σ t 0,1 − β σ n ,2 + c0,2
tan φ2

β 
c1 =−
c0,1  β σ n ,2 − c0,2
 tan φ1
tan φ2 


3

(5)

CASE STUDY

The Monastery of Santa Scolastica is the most ancient Benedict’s monastery in the world. It
is located in the Aniene river valley (Lazio, Italy), recognized as the cradle of the Benedict’s
community. It is an aggregate, developing around three cloisters, a church, a hostel for pilgrims
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and a library. Even if the first settlement dates back to the VI-VII Centuries, the structure has
undergone deep modifications during time, and the original configuration was outlined only
during the Sixties, thanks to the findings of an archaeological campaign.
In the following, the adopted strategy to reconstruct the geometry of the slope and the
structure, the back analysis performed on the slope and the mechanical characterization of the
structure are briefly outlined.
3.1 Geometrical reconstruction of the slope and the structure
Terrestrial laser scanner or closed range photogrammetry are modern and efficient tools to
reconstruct complex geometries; in some recent applications [13], they have also been adopted
to directly obtain three-dimensional finite element meshes through a semi-automatic processing
of the points-cloud.
In this study, a complete photogrammetric survey of the Monastery and the close
surroundings was performed. The points-cloud has been post-processed to determine the
detailed geometrical configuration of the structure, the slopes and of the area affected by the
earth sliding, all then introduced into the numerical 3D model used to study the interaction
between the landslide and the structure.
(a)
(b)

Figure 1: Aerial view of the selected sections of the points cloud (a) and result of the 2D post-processing of the
pre-event geometry (b)

The aerial view reported in Figure 1a shows the position of the selected sections, chosen
based on the following criteria: sections BB’, CC’, DD’ and EE’ have been used to determine
the landslide failure surface, while sections FF’ and GG’, which lie outside the landslide, have
been superposed to the others to reconstruct the morphology of the top soil layer prior to the
slope instability. Section AA’ was also considered in the 3D definition of the model as located
close to the borehole used to define the local stratigraphy. The resulting volume of the landslide
mass, equal to about 2000 m3 when estimated through the geometrical reconstruction described
above (Figure 1b), is in good agreement with the data reported by local authorities.
The points cloud model has also been adopted to build the structural model, for which
volumes have been extruded from horizontal sections, at different heights.
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3.2 Back-analyses of the slope
Two boreholes have been drilled in the vicinity of the Monastery, both indicating the
presence of a top layer of clayey soil, 4 to 5 m thick, overlaying the calcareous bedrock. A
limited number of laboratory tests were available, all referred to the intact state of the soil
stratum, while those acting along the failure surface have been deduced through a back-analysis
of the slope stability conditions. At this scope, 2D analyses were performed under the
hypothesis of plain strain conditions and referring to an equivalent simplified geometry,
adopting for the limit equilibrium approach the one proposed by Morgenstern & Price [14].
The laboratory investigations and the back-analysis lead to the definition of set of parameters
reported in Table 1; the 2D back-analysis also shows that the triggering hydraulic conditions
correspond to a water table located 4.0 m below the ground level and about parallel to it.
Table 1: Soil parameters

γ
kN/m
19

ν′

E′

3

MPa
50

φ′

c′

kPa
25

0.15

°
24

3.3 Structural damage and material characterization
The structures of the Monastery are in good preservation state, they have undergone several
maintenance interventions and some parts are currently under restoration. Only one portion of
the structure shows clear signs of damage, that is the front one, only recently constructed, during
the Seventies, and originally conceived as a warehouse, which has apparently never been used
at the scope.

1

3
Outcrop evidence
Cracks

2

Rock profile

1

2

Analysed portion

Landslide

Crack on the corner wall

Figure 2: Visual inspection in the warehouse building
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Thanks to a visual inspection of the structure, the main evidences of damage were located,
rock outcrop profile directly interacting with the structure was obtained through interpolation
of some outcrop points and masonry typology was identified in some parts of the building
(Figure 2). The structure has been constructed with poor-quality masonry with irregular stones,
covered by an external facing of regularly bonded calcareous stones.
Mechanical properties assigned to the masonry are reported in Table 2 and refer to the
Jointed Masonry model described in the previous section. In this case, an isotropic elastic
behaviour is assumed, and the strength parameters are assigned according to the identified
masonry typology (disordered rough stone masonry) and current code prescriptions [15].
Table 2: Masonry parameters

4

c0,i

σ t 0,i

φi

β

kPa
20

kPa
20

°
31

0.3

G
MPa
350

γ
kN/m3
19

NUMERICAL MODELLING

The three-dimensional model adopted to analyse the interaction problem has been
constructed in the software PLAXIS 3D and is made out of 63381 solid 10-noded elements.
Only the most recent part of the structure was included in the model, as the only one affected
by damage. In fact, the analysed portion of the Monastery is considered structurally independent
from the rest of the aggregate, since its construction dates back to 1970, and joint-sections are
clearly visible. The analyses were performed aiming first at identifying the causes of the
detected damage on the structure, then at understanding possible interaction phenomena during
the landslide event, which could have possibly worsened the pre-existing damage pattern.
4.1 Settlements induced damage and landslide scenario
The first analysed scenario does not consider the landslide occurrence but focuses on the
effects of the heterogeneous soil foundation conditions on the structure. In particular, the model
accounts for the fact that the building is partly founded on the stiff bedrock and partly on the
softer silty deposit; this condition is responsible of both the cracking of the first-floor slab and
the damage on the corner external wall, as indicated by the results summarized in Figure 3. This
crack pattern is expressed in terms of maximum tensile strain and plastic points distribution on
the horizontal slab and on the western wall respectively.
The landslide is then simulated according to the procedure described in Section 2, while
monitoring the configuration of the structure at the end of each stage. It is shown that no
sensitive change in tensile strain and plastic points distribution can be related to the occurrence
of the landslide.
The results are in line with the vertical displacement graph plotted on the monitored line
section, which has been chosen as running parallel to the floor on the most damaged wall. Figure
4a) reports the displacement measured on the section highlighted in bold in Figure 4b). The preand post-event scenarios are plotted together with a solid black line, outlining the correspondent
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quantities in the ideal case of rigidly supported foundations. This line shows that, albeit
negligible, a vertical displacement could be ascribed to masonry deformability.
These information allowed to conclude that a significant interaction between the structure
and the soil only took place during the construction stages, leading to the observed damage
pattern, while no further displacements occurred at the control points during and after the
landslide.

Figure 3: Results at the end of the construction of the structure

a)

5

b)
Figure 4: Vertical displacement in the three scenarios

CONCLUSIONS

In this work a fully coupled soil-structure interaction analysis was performed, in order to
determine possible effects of a landslide occurred near a monumental building. During postevent surveys some damage was identified and possible interaction with the slope, that might
have worsened the safety conditions of the structure, had to be evaluated and/or excluded.
A semi-automatic procedure, stemming from laser scanner survey, allowed to build a three
dimensional model in which the geometrical complexity of the structure and the interacting
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rock and soil strata was preserved and reproduced. A series of preliminary back analyses were
performed to get an a-posteriori definition of the mechanical properties of the soil and of the
triggering condition of the event. A fully coupled geotechnical and structural finite element
analysis was then performed in order to have an insight into the possible evolution of damage
to identify its causes. The analysis was carried out considering the different stages that
characterise the evolution of the site, from the construction of the structure to the occurrence of
the landslide. The results show that the structural damage detected in the survey should be
ascribed to foundation differential settlements occurred at the construction stages, due to some
remarkable heterogeneity of the local subsoil, thus excluding any landslide-related worsening
effect.
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Abstract. Post -earthquake reconstruction of the historic city Centre of L’Aquila, Italy, can
be considered as the largest building site now under operation in Europe. The earthquake that
hit the city of L’Aquila on the 6th April 2009 generated a so-called seismic crater that
comprises 56 municipalities and concerns an area of almost 2.400 Km2. The earthquake of
2009 destroyed or severely damaged all historic buildings of the city Centre. Nowadays, in
2020 there are more than 8.000 completed construction projects that produced almost
4.000.000 t of removed rubble. The reconstruction process of L’Aquila has been soon
defined as “the biggest construction site of Europe”. This experience of managing a
huge number of construction projects in the same town highlighted the need of a multiproject coordination of the re-construction activities, and a central co-ordination office has
been created. Problems concerning the co-ordination of many construction sites that are
located very close to each-other are many and are related to the organization and sharing of
different resources: space for tower cranes, access routes for vehicles, space for temporary
scaffoldings and space for debris storage and disposal. The programme management of
these production resources needs to be based on a General Management plan that is
proposed. In particular, the problem of rubble production, transport and storage has been
addressed in the plan proposition. In fact, the production, transportation and storage of
rubble produced by construction operations can be considered one of the main criteria of the
multi-project optimization process needed for the co-ordination of the city reconstruction. As
a pilot study, a simulation of project co-ordination of an urban area that includes eleven
building blocks under re-construction has been performed with the traditional resource
levelling procedure. Therefore, the reconstruction programme schedule of the area has been
optimized considering the process constraints due to quantitative limits of rubble
transportation and disposal.
1

INTRODUCTION
Reconstruction following a destructive natural hazard is of paramount importance for human
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life and built environment. The post - earthquake reconstruction of the historic city Centre of
L’Aquila, Italy, can be considered as the largest building site now under operation in Europe.
The earthquake that hit the city of L’Aquila on 6th April 2009 generated a so-called seismic
crater that comprises 56 municipalities and concerns an area of almost 2.400 Km2. The
earthquake of 2009 destroyed or severely damaged all historic buildings of the city Centre.
After the seismic event of 2009 the reconstruction phase took place in two times. Firstly, soon
after the earthquake, the reconstruction focused on timely interventions of safety works to
prevent additional collapses of damaged buildings. After this, in 2010 started the reconstruction
process concerning the renovation or reconstruction of damaged and collapsed buildings.
Nowadays, in 2020 there are more than 8.000 completed construction projects that caused the
removal of almost 4.000.000 t of rubble. The reconstruction process of L’Aquila has been soon
defined as “the biggest construction site of Europe” [1]. This experience of co-ordination of a
huge number of building project in the same urban area highlighted the need of multi-project
coordination of the reconstruction activities and a municipality project co-ordination office has
been created [2][3][4]. Therefore, a general construction site plan has been proposed, with the
aim of the co-ordination of the thousands of contemporary construction sites under operation
[1]. The co-ordination of many construction projects that are located in the same town and near
to each-other is needed to manage and share different and scarce resources: space for tower
cranes, access routes for vehicles, space for temporary scaffoldings and space for debris storage,
transportation and disposal. In particular, the problem of rubble productions, storage and
transportation has been addressed in the presented pilot study. A simulation of project coordination in an urban area (termed compartment by the municipality project coordination
office), composed by eleven building blocks under re-construction has been addressed. The
debris production, storage and transportation process has been optimized by application of the
traditional multi-project resource allocation process. Considering a specific time frame, the
rubble production process can be planned for each construction site. Then the multi-project
schedule is optimized considering the quantitative constraints of on-site rubble storage and
transportation to the sanitary landfill.
2 THE RECONSTRUCTION OF THE HISTORIC CITY CENTRE OF L’AQUILA
The approach adopted by the Municipality of L'Aquila for the reconstruction of the historic
city Centre after the earthquake of 2009 was based on extraordinary regulations that introduced
the Reconstruction Plan as an urban planning tool by establishing objectives such as: the socioeconomic recovery of the city, the redevelopment of the town and the return of the population
to homes damaged by the earthquake [3]. The Reconstruction Plan was defined as a technical
tool in order to establish some procedures for the reconstruction. The chosen strategy for the
reconstruction of the historic city centre and of the surrounding hamlets, entailed as a first step
the definition of the perimeter of the historic city of L’Aquila and of the surroundings.
Therefore, various reconstruction areas have been identified. The idea was of favoring the direct
and free action of restauration and building rehabilitation of single private owners, without
limiting their actions in the framework of the national and local building regulations. The
complete overview of the planned and in-progress construction projects of the city was provided
by a local project coordination office of the municipality, termed “Supercantieri” [3], [4], [5],
[6].
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The observation of the complicated development of the reconstruction process of the historic
City Centre of L’Aquila [1], has highlighted the need of a General Reconstruction Plan like the
one presented by the Municipality of Villa Sant’Angelo, a small town nearby L’Aquila. The
General Construction Plan of Villa Sant’Angelo [7] was developed with the aim of satisfying
the needs of the owners and of the construction companies that are operating simultaneously
for the town reconstruction. A need of coordination, indeed, arises when there are many
construction projects operating on nearby sites or in a single building block. For instance, the
operating area of tower cranes needs to be planned to avoid clashes and hazards in the
interfering areas of the lifting machines. Another case concerns the incorrect positioning of a
tower crane in a construction site that can hinder the installation of other construction equipment
in the adjacent construction sites.
The proposed general construction plan provides for a series of graphic layouts concerning
[7]:
• division of the town into transit areas with the aim of better organizing the layout of
construction spaces;
• identification of the entries to the historic center and of the main driveways, with the
indication of the minimum roadway dimensions;
• identification of the active construction sites;
• indication of the spaces to be allocated to individual construction sites and their
equipment and temporary facilities (cranes, storage areas, scaffolding);
• preparation of a plan for emergencies;
• detailed assessment concerning the dimensions of the roads and the consequent
maximum size of the scaffolding that can be installed to allow the passage of
vehicles.
Actually, without a detailed general construction plan the post-earthquake reconstruction of
L’Aquila was developed not without difficulties. The effect of this was that the choices of the
construction projects that first received the state funding and the notice to proceed, may have
hindered the process organization of the adjacent construction projects, therefore delaying the
execution of the other works.
3 THE GENERAL CONSTRUCTION PLAN OF RECONSTRUCTION: A
PROPOSAL
In the research work under this paper, the development of a General Construction Plan for
the reconstruction of the historic city centre of L’Aquila is proposed [1]. The aim is to develop
an approach and a tool that can give to construction companies and consulting professional the
fundamental technical indications to install and operate more efficient and more safe
construction projects.
A sector of the central axis of the historic center of the city has been chosen for the proposed
pilot application and study. The central axis is an area in the historic city centre of L'Aquila
which extends along the main street of the city (Corso Vittorio Emanuele). This is the fulcrum
of the city but at the same time the most problematic area, presenting almost all the
characteristics of all the historic city centres: narrow streets, structural units of buildings
belonging to different historical periods, different construction techniques etc. Then, new
earthquake – related characteristics have been added to this: the installation of general safety
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provisions as large shoring and scaffoldings, the presence of dangerous buildings, of ruins on
the ground and in the streets, of hazardous and forbidden areas. In addition to this, the
contemporary presence of a multitude of activities and different operators (Fire Brigade and
Army forces, private citizens, professionals, a large number of workers, etc.). In order to better
manage the reconstruction of the central axis, the Municipality has provided for the subdivision
of this area into the so called “compartments”, each of which has different dimensions and
characteristics [3]. The presented pilot study considers only one compartment (the A9) of the
ten of the urban sector (fig.1).
The proposed general construction site plan develops in two parts: a cognitive section and
an operational section.

Figure 1: compartments of the old town of L’Aquila [3] [5]

A) Cognitive section. The first step of the cognitive phase involves the identification of the
sector within the urban area of the historic city, the mapping of the building aggregates
that are inside it and their compliance to building safety standards. After this, the
following features are identified: the possible entries to the sector; the direction of travel
and the driveways (of which the minimum size is reported). In this way it is possible to
establish which roads should be closed because of construction works and which type of
vehicles can circulate (fig.2). In analyzing the urban viability, the plan detects the areas
that can be used as operational logistic centers for the construction sites of the sector due
to their size and accessibility. The same study includes all those areas of reduced
dimensions such as internal courtyards, open spaces, small squares that can be used for
the installation of any construction equipment and temporary infrastructure. The aim is
to produce a complete knowledge of the construction – related characteristics of the
urban sector.
B) Operational section. The operational section indicates the provisions relating to the
construction sites of the building aggregates. Firstly, the hypothetical positions of the
tower cranes of each building aggregate are defined, considering they are all
simultaneously operating. The interferences between the cranes are then evaluated: if
these are such as not to allow the activities to be carried out simultaneously, a priority of

2793

S. Di Marco, M.A. Bragadin

intervention between the construction projects needs to be assessed, eventually
indicating which project can start as first the project operations and which has to remain
idle or can only start after the completion of the preceding one. Therefore, a sequence of
construction operations can be defined because of the priority of installation of lifting
equipment, usually indicating two phases of construction: in the first step the predecessor
construction projects are executed, in the second step the successor projects starts the
operations (figure 3).

Figure 2: Sample of street categorization inside compartment no. A9

Figure 3: Compartment A9. Tower cranes general plan – phase 1

In the Cognitive section, the definition of the types of scaffolding is of capital importance to
allow easy and safe traffic to and from construction sites and to permit the passage of emergency
vehicles. Due to the presence of narrow roads, scaffoldings with a short span between the struts
at the basis are preferred. The contractors must therefore install scaffoldings that fit the
maximum overall basis dimension indicated in the general plan.
When the plan has set the admissible type of scaffolding for each building, the actual width
of the roads can be measured considering the space occupied by the temporary provisions.
Therefore, the type and size of the vehicles that can transit need be described in the plan. This
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is very important because the type of roll-off or site boxes for temporary containment of rubble
is planned based on the access roadways to the construction site and on the available space on
site.
An estimation of the quantity of debris produced by each building block is needed. The
quantity of debris produced by construction operations in each building block is of difficult
estimation. As a first estimate, it is possible to quantify the rubble produced by each building
block depending on the level of damage caused by the earthquake. A research by the “Istituto
per le Tecnologie della Costruzione” and the Italian national “Fire Brigades Corps” [8] found
that the quantity of debris caused by the Abruzzo earthquake of 2009 can be computed as a
percentage of the gross volume of the building depending on the level of damage. As the
complete data concerning the level of damage of each building as detected in the survey
performed after the seismic event with the AeDES data sheets [9] were not available for the
authors, an estimation of the maximum percentage of debris for each condemned building was
used based on the results of the Fire Brigades research [8]. Following the procedure proposed
by the Fire Brigades, the quantity of rubble produced by each condemned building having the
maximum level of damage (L5), is a rate of 1% of the gross volume of the building itself.
Therefore, after the having evaluated the gross volume of each building of the block, the
quantity of the rubble produced by each construction project can be quantified (table1). Note
that it is assumed that the rubble considered is completely produced by the construction project
instead of being produced by the seismic event.
Therefore, an evaluation of the space needed for debris storage on site is detected. The
number, the size and available dimensions of debris containers (roll-offs) that can be placed on
site is then detected, and then the maximum quantity of debris that can be stored before the
transportation to the disposal point can be assessed. The number and size of containers depends
on the available space on site, on the size of access roadways. The obstruction of roads due to
scaffoldings and shoring of buildings and the availability of maneuver area for trucks should be
also taken into account.

Figure 4: Building Block A9. Tower cranes general plan – phase 2

With these assumptions and data it is possible to estimate the maximum amount of rubble
produced by each building block. Based on these results, it is possible to estimate the size and
number of roll-offs required.

2795

S. Di Marco, M.A. Bragadin

4

THE TRANSPORT PLAN FOR RUBBLE DISPOSAL – PROPOSED APPROACH

One of the main problems in the management of post-earthquake re-construction is the
disposal of huge quantity of rubble. As before mentioned, L'Aquila had the greatest damage in
terms of volume of rubble compared to all the other municipalities of the seismic crater.
Approximately, a grand total of 1,500,000 m3 of rubble have been estimated. Two different
stages can be identified for the removal of rubble. The first one concerns rubble deriving from
earthquake collapses, or safety provisions and demolition of unstable buildings. In this phase
the rubble disposal is managed by state-owned agencies, Army – Corps of Engineers etc. The
second one entails the disposal of rubble produced by the renovation and rehabilitation projects
of private owned buildings, managed by contractors [10]. In the L'Aquila experience of 2009
and after that, in the experience of the seismic events that affected central Italy in 2016, both
phases required long waiting times, consequently slowing down the commencement and the
duration of re-construction projects. The causes can be found in bureaucratic issues and in the
long time needed to find the locations for rubble storage centers. In the L’Aquila case, the rubble
deriving from the reconstruction projects of private owned buildings was delivered to 90
collection points of which only 41 were located in the province of L’Aquila. The other ones
were located faraway in the Abruzzo region. The distance of the rubble collection points from
the historic city is one of the causes of the increase of time needed for reconstruction, and at the
same time caused a vehicular overload of roads [6] [7]. On the other hand, the management of
the rubble disposal caused by the 2012 earthquake in the Emilia region was considered a
success. Only one year after the Emilia main seismic event, 90% of the rubble had been
removed. This was possible because the Municipalities had prepared a plan with a precise
sequence of operating phases: with a "request to remove rubble" the owners of the buildings
were able to report to their municipal administration the presence of rubble; therefore, following
an inspection on site by officers, the waste service manager and the municipal administration
assessed the quantity and quality of the waste to be removed and planned the specific removal
operations, writing them down in a numbered list, so as to establish priorities [11].

Figure 5: compartment A9. Roll-offs locations

Therefore, it is proposed to apply a new approach to the L’Aquila management method, to
be simulated in the case study of the historic city center of L'Aquila. The method is based on
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the development of the following three strategic choices.
Table 1: rubble quantities evaluation and available storage on site
building
block

gross building
area

1
2
3
5
7
8
10
11
12
13
14

(m2)
1556
1753
866
1684
743
562
1143
135
722
427
729

mean
building
height
(m)
8
9
9
9
9
9
9
9
6
9
9

gross
building
volume
(m3)
12448
15777
7794
15156
6687
5058
10287
1215
4332
3843
6561

rubble
quantity
(m3)
125
158
78
152
67
51
103
12
43
38
66

skip dimensions

skip capacity

2,30 x 4,30
1,70 x 3,50
2,25 x 3,50
2,30 x 4,30
1,70 x 3,50
2,25 x 3,50
2,30 x 4,30
2,25 x 3,50
2,30 x 4,30
2,30 x 4,30
2,30 x 4,30

(m3)
6
2
4
6
2
4
6
4
6
6
6

skip
number

total quantity
of rubble
storage on site

2
2
2
3
2
2
3
1
2
2
2

12
4
8
18
4
8
18
4
12
12
12

4.1 Rubble transfer points
In order to limit as much as possible the vehicles overload of roads, it is proposed to
identify a set of temporary transfer points of rubble near the historic center. Each transfer point
can collect the rubble coming from a certain number of sectors. In these collecting points rubble
from the private owned construction projects will be stored and then transported by larger
vehicles to the local collection points identified by the Municipality. The central axis of
L’Aquila can be divided into transit areas and for each area a temporary storage site is indicated
in the plan. The plan introduces also a transport organization of the travelling paths of each
single vehicle that maintains the existing one-way streets and travelling directions that operate
before the seismic event. The size and the boundaries of the urban areas have been identified in
the plan based on a balance of the distribution of the quantities of rubble of each transfer point.
After the identification of the travel paths of vehicles, a traffic analysis of the compartment no.
9, included in transit zone 1 is performed. Therefore, the driveways that connect the
compartment with the temporary transfer point are studied. Two different paths are identified
based on the positioning of building blocks. The two path are the only possible routes for
vehicles used for the rubble disposal.
4.2 Rubble transport organization
The second strategic choice concerns the transport organization: only one vehicle is allowed
for each construction site. This provision helps surely the reduction of the environmental impact
caused by the traffic of construction vehicles for the reconstruction, but also the following
objectives related to the negative aspects of the traffic of construction vehicles in urban areas:
a) traffic congestion; b) noise and air pollution; c) car accidents. It should be observed that only
in sector 9 the plan indicates the contemporary presence of 11 construction projects in the first
phase, and approximately a similar number of projects can be forecasted for all other sectors of
the central axis. Therefore, it is clear that the issue of the rubble transport must be addressed
with the aim of limiting the traffic in order to manage the rubble removal in a better and safer
way. The proposed optimized schedule can be performed with only one vehicle per
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compartment.

Figure 6: Compartment A9. Transit zone no.1

4.3 Demolition and construction processes management
Finally, the project choices concerning the production of rubble on site is strictly connected
to the constraints and decisions previously mentioned. The provision concerning the possibility
of using only one vehicle per site, and the available size and number of roll-offs for the rubble
storage on site, indicates that a storage limit of debris needs to be set for each construction site
as a process constraint. Note that Italian law D.lgs. no. 152/2006 concerning waste management
allows a max quantity of 30 cubic metres of waste to be stored on site for a max duration of one
year. Therefore, the demolition and construction processes that produce rubble should be
optimized for each project, and the number of working crews and their productivity should be
planned and scheduled for each working day. This optimization process can be performed with
the following steps. Firstly, the type of vehicle and its load carrying capacity needs to be set for
each construction project. Then, the lengths of the routes from the site to the rubble transfer
point and back to the site should be assessed. The time taken to load / unload the rubble should
be estimated, together with the available storing capacity on site. With these assumptions it is
possible to determine the maximum amount of rubble that can be produced, stored and
transported on each working day and consequently, a multi-project schedule of the demolition
phase can be developed.
5

PILOT STUDY

The pilot study considers a simulation of a project coordination activity in the historic city
centre of L’Aquila. A compartment that includes eleven building blocks has been considered
and a proposed multi-project schedule has been developed with the aim of optimizing the reconstruction and demolition processes. The programme schedule, or multi-project schedule, has
been developed by optimizing the co-ordination of the single building blocks activities with the
traditional resource levelling technique [12]. Therefore, the storage and transportation of rubble
that needs to be removed or that is produced on site can be considered a basic criterion for the
multi-project optimization process.
Firstly, the programme constraints have been identified for each building block and for each
urban area (compartment). The maximum rubble quantity that can be stored on site can be
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computed by the analysis of the space availability for skips or open-top roll-offs or dumpsters.
Therefore, the size and quantity of skips for each size can be assessed (table 1). The project
constraints concerning the rubble transportation are then identified. The type of vehicle and
their load carrying capacity is indicated in the plan. Therefore, the number of trips per day
needed to haul the rubble stored on site can be computed (table 2). Those data indicate the
maximum productivity level that can be achieved by each re-construction project.

Figure 7: Compartment A9. Travel paths A and B
Table 2: Programme constraints
Constraints per area

area A9

max limit of rubble transportation
number of trips
quantity limit per working day

for each area
for each area per day
for each area
building block

max storage
roll-offs size and quantity

for each building block
for each building block

max limit of rubble transportation
for each building block
type of vehicle and load carrying capacityfor each building block
number of trips
for each building block
max quantity per working day
for each building block

Area A9
25
100

1

2

12

3
14

3

4

4,7

1
4,7

5

8

4,7

2
9,4

7

12

4,7

3
14

8

4

4,7

1
4,7

10

8

4,7

2
9,4

11

12

4,7

3
14

12

4

4,7

1
4,7

13

12

4,7

3
14

14

12

4,7

3
14

12

4,7

3
14

4,7

Secondly, the duration of project activities can be evaluated. It is assumed that all the rubble
to be transported is produced by the demolition of masonry structures for the reconstruction and
rehabilitation of building structures. The labor-days needed to complete each demolition
activity can be easily estimated. The number of masons allocated to each demolition activity is
set depending on the amount of work to be performed. Therefore, the duration of each activity
of the project can be evaluated. At the same time, the rubble produced in each working day by
each project activity can be estimated (table 3).
The optimization process can be performed with the traditional project resource levelling
procedure [12]. The multi-project optimization can be easily solved with the eleven
contemporary activities initially performed starting at the same time. The activity network
computations produce an output of 46 days to complete the programme, that is the duration of
the longest activity (B2) and the critical path (figure 8). The quantity limit of rubble that can be
produced per day by the entire multi-project programme can be set by assuming a maximum
number of 5 trips of load carrying vehicles. As each small truck can haul 4,7 m3 of rubble, the
max quantity per day is 23.5 m3. Then, by shifting non-critical activities with the priority
criterion of the max rubble quantity per day the programme levelling can be performed. After
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only 7 iterations the result is displayed in figure 8. The optimization process levelled the peaks
of rubble removal, achieving an even distribution of demolition works always under the max
limit of 5 trips per day per compartiment, causing no delays to the total multi-project duration
of 46 days.

1
B2

2

3

4

5

6

7

8

10

11

12

13

14

15

16

17

19

20

21

22

79%
79%
79%
79%
79%
79%
79%
79%
79%
79%
79%

23

24

25

€
€
€
€
€
€
€
€
€
€
€

26

27

14.479,71
18.302,36
9.035,34
17.607,33
7.761,13
5.907,72
11.931,28
1.390,05
4.981,02
4.401,83
7.645,29

28

29

30

€
€
€
€
€
€
€
€
€
€
€

31

200,00
200,00
200,00
200,00
200,00
200,00
200,00
200,00
200,00
200,00
200,00

32

33

34

35

rubble quantity
per day

18.328,75
23.167,54
11.437,14
22.287,76
9.824,21
7.478,13
15.102,89
1.759,56
6.305,09
5.571,94
9.677,58

activity duration

sum total €
18

€
€
€
€
€
€
€
€
€
€
€

72,4
91,5
45,2
88,0
38,8
29,5
59,7
7,0
24,9
22,0
38,2

3
2
2
3
1
2
3
1
3
3
3

25
46
23
30
39
15
20
7
9
8
13

5,00
3,43
3,39
5,07
1,72
3,40
5,15
1,71
4,78
4,75
5,08

36

37

38

39

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

42

43

44

45

46

3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39 3,39

B5

5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07 5,07

1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72 1,72

B8

3,4

3,4

3,4

3,4

3,4

3,4

3,4

3,4

3,4

3,4

3,4

3,4

3,4

3,4

3,4

B10

5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15

1,71 1,71 1,71 1,71 1,71 1,71 1,71

B12

4,78 4,78 4,78 4,78 4,78 4,78 4,78 4,78 4,78

B13

4,75 4,75 4,75 4,75 4,75 4,75 4,75 4,75

B14

rubble
55
50
45
40
35
30
25
20
15
10
5
0
Σ0
Σ7

41

5

B7

B11

40

3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43 3,43

B1

B3

9

146,63 €
146,63 €
146,63 €
146,63 €
146,63 €
146,63 €
146,63 €
146,63 €
146,63 €
146,63 €
146,63 €

number of
workers

125,00
158,00
78,00
152,00
67,00
51,00
103,00
12,00
43,00
38,00
66,00

men-days

Rubble quantity

m3
m4
m5
m6
m7
m8
m9
m10
m11
m12
m13

labor cost per
day

measure unit

Building Block 1
Building Block 2
Building Block 3
Building Block 5
Building Block 7
Building Block 8
Building Block 10
Building Block 11
Building Block 12
Building Block 13
Building Block 14

labor cost

activity
description

B1
B2
B3
B5
B7
B8
B10
B11
B12
B13
B14

labor
percentage %

Activity id.

1
2
3
4
5
6
7
8
9
10
11

unit price €

Activity number

Table 3: Activity durations and rubble production

5,08 5,08 5,08 5,08 5,08 5,08 5,08 5,08 5,08 5,08 5,08 5,08 5,08

1

2

3

4

5

6

7

8

9

10

11

12

13

14

15

16

17

18

19

20

21

22

23

24

25

26

27

28

29

30

31

32

33

34

35

36

37

38

39

40

41

42

43

44

45

46 giorni

before levelling

after levelling
LR 23,5

43,5 43,5 43,5 43,5 43,5 43,5 43,5 41,8 37 32,2 32,2 32,2 32,2 27,2 27,2 23,8 23,8 23,8 23,8 23,8 18,6 18,6 18,6 15,2 15,2 10,2 10,2 10,2 10,2 10,2 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 5,15 3,43 3,43 3,43 3,43 3,43 3,43 3,43
23,2 23,2 23,2 23,2 23,2 23,2 23,2 21,5 21,7 22 22 22 22 22 22 18,6 18,6 18,6 18,6 18,6 18,6 18,6 18,6 15,2 15,2 15,2 20,4 20,4 20,4 20,4 20,4 20,4 20,4 20,5 20,5 20,5 20,5 20,5 20,5 13,7 13,7 13,7 13,7 13,7 13,7 13,7

Figure 8: Compartment A9. Schedule optimization procedure

6

CONCLUSIONS

The lesson learned from the re-construction of the historic city centre of L’Aquila has been
studied, focusing on the problem of managing a huge number of contemporary building sites in
the same location. The study highlighted the need of a multi-project coordination approach of
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the reconstruction activities that has been implemented by a municipal project coordination
office. Anyway, as the co-ordination of many construction sites that are located very close to
each-other needs the managing and sharing of different scarce resources: space for tower cranes,
access routes for vehicles, space for temporary scaffoldings, space for rubble storage and
transportation, a more detailed General Plan is proposed. In particular, the General Plan could
address the problem of rubble production, storage and transportation, as a set of basic criteria
for the multi-project optimization process. A simulation of project coordination of an urban
area that includes eleven contemporary construction projects has been performed with the
traditional resource levelling procedure. Therefore, the reconstruction multi-project schedule of
the area can be optimized considering the constraint due to quantitative limits of rubble
transportation and disposal processes.
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Abstract. The small and medium Italian historical centres are characterized, among other
things, by reconstruction that have occurred over the centuries after earthquakes. While
earthquakes determine structural damages, human losses and loss of the functionality of an
urban system above all, they may create, at the same time, new opportunities if the urban and
socio-economical structures are improved during the reconstruction processes as a whole.
These processes and the optimal implementation of planning models within them is not
straightforward [1], due to that several issues emerge as a challenge of the reconstruction
programmes (decision-making processes, general vision for the entire urban system for
instance). According to the literature, although a unique definition has not still been coined,
resilience can be defined as the capacity of a system (a city) to withstand and restore after a
shocking episode (an earthquake). Mainly in the context of cities [2], some approaches have
been framed and experimented by other authors [3, 4, 5]. Starting from a short literature
review, focuses on theories and methodological approaches to evaluate urban resilience, this
work analyses – through an interdisciplinary approach – the case study of Nocera Umbra
twenty years after two devastating earthquakes occurred in 1997. The research represents a
first attempt that aims at analysing if the implemented reconstruction strategies have made
the urban system more resilient with respect to both the built and the socio-economic
environment.
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1

INTRODUCTION

Almost all the Italian peninsula is a seismic prone area where one third of the population
live into 5.4 million vulnerable buildings [6]. Controversially, an urban or territorial planning
project specifically oriented to seismic risk mitigation has not been yet consolidated in Italy.
The authors observed that interruption of the urban system functionality due to severe
structural damages is one of the most evident aspects in all the main Italian earthquakes [6].
Among the causes, the seismic vulnerability of existing buildings, the lack of risk mitigation
policies at the urban scale and the absence of a clear and robust recovery framework, affected
all the events. The authors believe that a good reconstruction programme depends not only on
improvements at single building scale, despite the common public and private trends, but also
on the recovery of the functionality of the urban system as a whole [7]. The relationship
between resilience and post-quake recovery is evident if resilience is assumed as the capacity
of a system to withstand shocks in terms of recovery or improvement of pre-event conditions
and of adaptation and reorganization of the new post-event configuration. Based on that, a
simple concept can be coined: as much the system responds positively to the shock as more
resilient that system is. On the base of this assumption, the knowledge of the pre-event
conditions, in terms of hazard, vulnerability and exposure, is fundamental to assess the
response capacity of the urban system after the seismic event. The town of Nocera Umbra,
that was hit by two destructive earthquakes the 26th September 1997, has been chosen as case
study for this research, that aims, through an interdisciplinary approach among urban
planning, engineering and geology, to explore two of the main aspects that contribute to
defining urban resilience: disaster’s severity (damage condition) and exogenous factors
(planning framework, reconstruction strategy and governance) [4].
2

LITERATURE REVIEW - FRAMING RESILIENCE

As a unique and shared definition of resilience is not yet coined, especially in the context
of spatial planning and engineering [2], a review of literature on the subject is needed. The
concept of resilience has been already developed in different disciplines (psychology,
ecology, social science, economics and engineering) since the 70’s. Due to the
multidisciplinary nature of resilience, mostly fragmented literature focused on natural risks
has been produced [4].
Resilience was initially used to define a measure of the persistence of systems and the
ability of a system to absorb change and disturbance and still maintain the same relationships
between population or state variables [8]. Later, it was defined as the ability of a system to
return to its optimal condition in a short period of time [9] or reach advancements [10], after
the shock. In the constellation of existing literature is possible to assert that the main
difference defining resilience emerges between the engineering approach and the ecological
one [3, 4]. The first perspective considers resilience as the ability of a system to recover
towards a previous or an improved stable state [11]; while the second perspective as a given
ecosystem capacity to reorganize and manage changes in order to maintain the same structure
and functions [12]. About this second perspective, an ambitious theoretical perspective was
framed by Holling [12] and Gunderson et al. [13], the adaptive cycle: a hierarchical crossscale structure where natural and human systems are linked in a continuous adaptive cycle of
growth (exploitation), accumulation (conservation), release (collapse) and renewal
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(reorganization). In their view resilience potentially depends on these four different phases.
What is interesting about the concept of the adaptive cycle, is the relation between space and
time scale, considering that in all systems adaptation and transformations occur as multiscalar (spatial and temporal) process [2].
However, in the hazard arena most of the resilience models involved engineered systems
[4] that consider robustness, redundancy, resourcefulness, rapidity as fundamental
characteristics that define the failure behaviour [11]. As claimed by Cutter et al. [4], these
frameworks often fail in capturing pre-event conditions that occur at the local level or to
account for the vulnerability or resilience of the environment. This work analyses the two
different approaches as separated but often linked theoretical perspectives. Sharing the
assumption that resilience has two different qualities: inherent (positive behaviour during
non-crisis period) and adaptive (flexibility in response during seismic events) [4], the authors
considers resilience as a dynamic process dependent on: 1) pre-event conditions, 2) disaster’s
severity (damage condition) 3) time(s), the temporal scale from the emergency response and
the long-term recovery phase, 4) influences from exogenous factors (planning framework,
governance and organizational capacity) during the temporal scale of interest.
3

THE CASE STUDY: NOCERA UMBRA

Nocera Umbra is a small historical town located within the province of Perugia (Umbria
Region), Italy. Within the municipality boundaries, an historical centre surrounded by recent
periphery and several little hamlets can be identified. This urban setting is typical of the
Apennine municipalities of central Italy. On 26th September, 1997, the area between Umbria
and Marche (two Italian regions) was hit by two strong earthquakes (MW = 5.7, at 00:33
GMT and MW = 6.0 at 09:40 GMT). In the Umbria region 76 municipalities were
considerably damaged. Nocera Umbra was one of the most affected towns (Figure 1).

Figure 1: Umbria Region in Italian territory and epicentral area of 1997-1998 Umbria – Marche seismic sequence. The
red circle represents the location of Nocera Umbra. [15]

During the decades before the earthquake, the municipality of Nocera Umbra, as well as other
small towns in that region and along the Apennines, was experiencing some socio economics
processes: the switch from an agricultural based economy until the ’70s to the current more
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industrial and tertiary (non-market services) economic profile. By analysing the variation
before and after the two seismic events, while the industrial sector did not experience a
significant variation, the agriculture sector decreased from 12,9% to 4%, while on the
opposite, the market service sector has incremented from 11,8% to 18,3%.
Nocera Umbra municipality has been affected by a depopulation process over decades. An
amount of 8.853 inhabitants in 1951 decreased up to the current number of 5.680 inhabitants
that corresponds to the population density of 36 inhabitants per square kilometre even if this
trend can be considered stable since 1971.

Figure 2 Prevalent economic sectors 1951-2011. 

3.1 THE DAMAGE CONDITION
The so-called Umbrian-Marchigiana sequence hit the Central Italy area between
September 1997 and April 1998. The reconstructed macroseismic field evidences peaks equal
to the IX degree of the MCS scale (Mercalli-Cancani-Sieberg), related to the two earthquakes
of 26th September 1997 (MW = 5.7, at 00:33 GMT, and MW = 6.0 at 09:40 GMT). Despite
of the relatively modest magnitude of the two seismic events and a more than 10 km distance
from two epicentres (13,2 km and 10,9 km respectively [15]), high values of PGA (Table 1)
were recorded close to Nocera Umbra as consequence of local seismic site amplifications due
to local geological conditions of the area.
Table 1: Main shocks records on 26th September 1997 [15]
Event
ID ITACA
Data
Lat.
Long.
Deep
ML
MW
Station
Soil Class EC8
Epicenter Distance
Azimuth
PGA
PGV
PGD

[Km]

[km]
[°]
[cm/s2]
[cm/s]
[cm]

1ST
IT-1997-0004
1997-09-26 00:33:11
43.02300
12.89200
5.7
5.6
5.7
NCR
E
13.2
138.3
387.399
12.676
1.893

2ND
IT-1997-0006
1997-09-26 09:40:24
43.03100
12.86200
5.7
5.8
6
NCR
E
10.9
144.8
492.165
32.574
2.601

Table 1 reports some of the properties of the two events. It is worth noting that the two
Seismic Stations are placed on Soil Class E (EuroCode8). The linear distance between the

2805

E.Cianci, C.Fontana, G.Occhipinti and G.Romagnoli

epicentre and the seismic station is expressed in km. The azimuth defines the strike of
seismogenic fault planes and it is expressed in decimal degrees. Lastly, the peak ground
acceleration (PGA), velocity (PGV) and displacements (PGD) are expressed in centimetres
and seconds.
Considering the map of the damages of Nocera Umbra and other close villages [17], a not
uniform damage distribution in the area is noticed. Moreover, the site amplification effects,
depending on the heterogeneous subsurface geological model structure, must be considered in
the damage analysis [16].
The seismic amplifications were estimated by seismic microzonation studies carried out in
Nocera Umbra [17, 18]. According to the data, relevant local seismic site amplifications
affected extended areas. As an effect of unfavourable geological conditions related to alluvial
and colluvial cover terrain, several buildings were heavily damaged or completely destroyed
(e.g. the Isola and Nocera Scalo hamlets). On the contrary, despite the historical centre of
Nocera Umbra was characterized by a high vulnerability of the buildings, no collapses
occurred, probably as a consequence of the discrete condition of the geological substratum.
Around the historical city centre collapses and damages affected historical structures and
modern buildings that were designed according to the seismic code of that period. The high
values of PGA registered by the NCR stations were caused by the amplification of ground
motion due to adverse geological conditions related to contact (about 7 m deep) between
alluvial cover deposits and weathered geological substratum on geological bedrock [19]. The
high damage levels of Nocera Scalo area, an inhabited centre severely struck by the seismic
sequence of 1997, is correlated also to liquefaction phenomena related to local geological
conditions consisting of recent alluvial sands, containing a shallow ground water table [20].
This data suggest a great influence of site effect on damage patterns, as evidence in other
geological context [30] In Figure 3 the earthquakes that affected the municipality of Nocera
Umbra are expressed in terms of pseudo-acceleration spectrum in the two components (black
continuous line HNN direction and dots line HNE) in comparison to those obtained by all the
other stations. As the figures show, even in vertical components, the area was affected by
extremely high pseudo acceleration values in range between 0 and 0,2 seconds that generally
mark small masonry buildings widely spread in all the Italian territory.

a)
b)
Figure 3: Main shock (2nd) response spectra in a) horizontal and b) vertical components

2806

E.Cianci, C.Fontana, G.Occhipinti and G.Romagnoli

Other authors carried out research on the damaged structures that were struck by the two
earthquakes [21]. The authors are aware that the seismic response of masonry structures
cannot be described by single structural detail but by the interdependency of all the structural
details. In this paper a novel approach is proposed. Each structure is considered in terms of
discrepancy from a structural prototype. The prototype is an ideal building characterised by
optimal properties that play a fundamental role in the seismic behaviour and can define,
ideally, small or neglectable seismic vulnerability. The surveys [22] that were carried out in
post-event condition identified the structural characteristics and damages by means of a fast
procedure. The procedure was based on a form that assigned different weights to all the
possible structural properties of the buildings. Some of these properties have been considered
as fundamental in this work and adopted in the next equation. The authors, inspired by basic
concepts of nature, namely genes and chromosomes, adopted the above mentioned terms for
defining an “optimal gene” that may represent a low vulnerable masonry building [23, 24].
On the other hand, on the base of the same “chromosomes”, each building can be defined by
its own genes. The aim is to establish a “discrepancy index” that can globally describe the
structures and their propensity to damage.
dj =

g ⋅ gTj

( g ⋅ g )( g
T

j

⋅ gTj )

In the previous equation the symbols g and gj are the “optimal gene” and the j-th
“building gene”, respectively. The index, that is part of an ongoing research, does not
consider different weights for each structural property. The aim is to understand if, globally,
all the elements can contribute to the level of damage and if the propension to damage can be
expressed without a-priori weights. The presence, or absence, of the following characteristics
has been considered: foundations, masonry typology, mortar quality, presence/absence of i)
edge beams at floor or roof levels, ii) corners , iii) connections between floors and walls, iv)
steel tie-rods at floor or roof levels, v) horizontal loadings, vi) masonry quality, vii) walls
geometry, viii) irregular walls distribution, ix) uniformity of the structural typology, x)
relevant structural defects. With regard to the buildings that were included in IRP acronym for
Integrated Recovery Programmes IRP (L. n. 61/98, L.R. n.15/9) project and on the base of
surveys [22] the following histograms show how the structures that were hit by the two
earthquakes were majorly marked by low discrepancy indices that represent structures with
non-optimal structural properties. The Damage Levels can be synthetized as in the following.
Level 1 or Significant Damage. This is defined by cracks and crushes that involve the 30% of
structural elements at least. Level 2 or Heavy Damage. Shear cracks in the 30% of structural
elements, compressive crushes in 5% of the structural elements, collapse of 5% of the entire
building area, out-of-plane displacements up to 5 cm, foundation failures, hydrogeological
issues. Level 3 or Extremely Heavy Damage. Shear cracks in the 30% of structural elements
of 10 mm, compressive crushes in 10% of the structural elements, collapse of 20% of the
entire building area, out-of-plane displacements up to 10cm, foundation failures,
hydrogeological issues. Level 4 or Collapse Damage. Collapse of more than 30% of the
building. All the analysed structures reported heavy structural deficiencies that probably
determined the collapses or damages even in case of unitary discrepancy index, as in Figure
4.b is evident in case of Damage Levels 1 and 2. All the structures that were part of the IRP
project were affected by heavy structural deficiencies. The index is part of an on-going
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research and the authors are aware that additional comparisons with other real cases are
necessary.

a)
b)
Figure 4: Discrepancy indices of the a) IRP buildings and b) divided in order to the reached damage levels

3.2 THE RECONSTRUCTION FRAMEWORK
Although some buildings collapsed as a consequence of the two earthquakes, there were no
casualties. Nevertheless, 80% of the population (4,499 inhabitants) was evacuated.
Immediately after the earthquakes, Umbria Region claimed that the reconstruction should
have been an opportunity to foster the recovery of the economic activities, improve the
quality of the urban fabrics and the connection among the settlements, and reduce the social
vulnerability of local communities [25]. After the 1997 earthquakes, the actors in charge of
the decision-making process have developed the reconstruction model around three main
ambitious goals [26]: 1) subsidiarity governance, 2) transparency and accountability, 3)
quality of the reconstruction. While the first two goals are linked to political and governance
issues, the third one is strictly related to spatial and physical reconstruction. Through this
goal the actors in charge of the reconstruction process aimed from the beginning at preserving
the urban legacy of the damaged settlements, together with the cultural and social identity of
their communities [26]. The paradigm was ‘how it was, where it was’. The reconstruction
strategies were based on three macro categories: i) Light reconstruction (OCD n.61, 1997)
(i.e. restoration of buildings that were relatively not massively damaged); ii) Heavy
reconstruction (L. n.61/98, LR n.30/98, DGR n.5180/98) (i.e. reconstruction of severely
damaged isolated buildings, limited to those located outside the integrated recovery
programmes); iii) Integrated reconstruction (L. n. 61/98) (i.e. restoration of the historical
cores, in terms of architectural and landscape heritage, and socio-economic conditions). The
latter represents the most interesting experience and involved more than 40% of the building
stock. The integrated reconstruction was implemented through the Integrated Recovery
Programmes (IRP). The IRP are planned as tools for programmatic and financial coordination
with two purposes: 1) ensure the unitary and coordinated implementation of intervention on
private and public buildings, the infrastructural setting and the public spaces; 2) prevent the
most affected areas, mainly inner areas or depopulated villages, from becoming abandoned
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and vacant. The Reconstruction Observatory that was established for monitoring all the
reconstruction process claimed that even though IRP programmes cannot be considered
directly as instruments for economic and social development, they can actually act as
flywheel to revitalize the villages towards a new economic recovery and re-settlement [14].
From these premise, Umbria Region activated 185 IRP in 22 municipalities of which 41 in the
municipality of Nocera Umbra (Figure 5.a). One of the IRP corresponded to the perimeter of
the entire historical centre (Figure 5.b).
In order to define the IRP perimeter, the area, any historical urban or rural core or village,
should have had at least one of three main features: i) historical and monumental value; ii)
landscape or environmental value; iii) socio-economic issues related to post-earthquake
needs. Every IRP projects area were composed of both private and public buildings and
infrastructures that hosted different urban functions: housing, public services and public
spaces, economic activities, social and cultural places and buildings. The interventions on
public, private or mixed properties, included within the perimeter area, were organized in
Minimum Intervention Units, whose sizing took into account the unitary needs of the
organization of interventions under the structural, technical, economic, architectural and
urban profile [14]. The innovative aspect of IRP programmes was the aggregation of single
buildings towards a systemic urban vision and the definition of recovery mechanism as a
dynamic process.

a)
b)
Figure 5: Spatial distribution of IRP within a) the boundaries of Nocera Umbra municipalities and b Nocera Umbra
Historical centre). (Reconstruction Observatory. Last access, January 2020. Modified)

4

NOCERA UMBRA TWENTY YEARS AFTER

After more than twenty year, some considerations on the reconstruction model and its
implementation can be framed: 623 interventions of heavy reconstruction (97%) and 220 of
the light (100%) have been concluded. According to the Reconstruction Observatory, 41 IRP
have been activated until july 2018, in the Municipality of Nocera Umbra, with an amount of
387 interventions activated, 429 started and 388 concluded (90%). In terms of public
buildings 20 upon 25 interventions (80%) have been concluded. While for the cultural
heritage the 11% still have to be activated (Figure 7). Generally, even some buildings have to
be still reconstructed, the process seems characterized by a satisfactory equilibrium between
quality and velocity of the reconstruction [25]. The paradigm “how it was, where it was” has
prevented, mainly in the sprawled environment and in the little villages, the triggering of
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further process of abandonment, in a territory already heavily affected by depopulation issues
[27]. The IRP programme, that was essentially a financial and programmatic project that did
not take directly into consideration spatial planning considerations, has represented one of the
most innovative reconstruction instruments.

Figure 7: State of the reconstruction. Elaboration by the authors on Reconstruction Observatory data

The Umbria reconstruction strategy produced a complex but coordinated series of
interventions, both on private and public building, having also considered the infrastructural
and public space systems. Moreover, for the first time after a major earthquake in Italy, the
complexity of the post-quake reconstruction of historical centres was recognized,
understanding that all the recovery operations should have been planned in an integrated way,
through the involvement of different aspects: private and public buildings, cultural heritage,
infrastructural systems, and geo instabilities [28]. In this sense the IRP experience could be
considered a valid effort in terms of reinforcing urban resilience and testing the response
capacity of the local actors involved in the reconstruction process. It is evident that the
coordination of IRP projects have functioned in a context made of small towns and villages;
moving the scale on a more complex and large urban system, the same structure could not
guarantee the same conditions. Additionally, even in the same region, in some municipalities
the IRP programmes have been recognized as best practices, while in some others, such as
Nocera Umbra, they could be considered not such a successful experience. Immediately after
the earthquake the historical centre was closed off to the population for two years, causing the
abandon of the old town. The main facilities were dislocated in the outskirts, where people
were temporarily living. The reconstruction of Nocera Umbra followed the same strategy of
all the other municipalities but experienced several delays due to different factors, such as the
lack of IRP coordination and the slow restoration of the historical centre that has been
concluded 15 years after only. The historical centre was totally renewed, but depopulated
[29]. According to other authors [26] several critical aspects influenced the reconstruction of
Nocera Umbra negatively: 1) the structural complexity of the interconnected buildings in the
historical centre, that increased the difficulty in establishing the owners unions required for
the constitution of the IRP perimeters; 2) the issue of private property owners, because many
of the building owners did not dwell in the Municipality of Nocera Umbra, so were not able
to follow closely the process; 3) the general lack of institutional capacity of the actors
involved in the processes.
5

CONCLUSION

The paper analyses the case study of Nocera Umbra that was hit by devastating
earthquakes in 1997 in order to provide a first assessment of the post- earthquake
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reconstruction considering two scale of analysis: the single building scale and the broader
urban one. Resilience offers a significant paradigm to gain a better understanding in reading
the capacity of a system to respond to shocks, mainly in terms of analysis of the damage
conditions and the exogenous factors (such as the reconstruction planning framework and the
reconstruction governance). Authors focused mainly on the analysis of the reconstruction
process and strategies, and their effects on the urban system. In terms of vulnerability of the
building heritage, the authors proposed a speditive vulnerability index. The idea is to compare
each building with a less vulnerable prototype by means of key features establishing a
discrepancy value. This is part of an on-going research and more data and validation are
needed. On the other hand, the index can be easily adapted and more terms can be considered
in view of geological effects on structures or, more generally, resilience porpoises. Since the
research is still ongoing, it is possible to outline only preliminary conclusions, and authors are
aware that additional data research, analysis and comparisons with other real cases are
needed. About data analysis, one of the issues is the poor quality and the absence in many
cases of data before 1997. The consequence is the difficulty to compare the pre- and postphase, both in terms of physical-spatial and socio-economic outcomes. Nevertheless, is
anyway possible to go to some preliminarily conclusive points. Nocera Umbra constitutes an
interesting case study that is worth observing. Beside the critical aspects that influenced
negatively the reconstruction of Nocera Umbra, the Umbria reconstruction experience was
important for post-earthquake Italian cases. It aroused attention to prevention and mitigation
seismic risk, in terms of urban and regional planning. For instance, the Regional Law
n.11/2005 obliges all the municipalities to enclose the SUM (Acronym for Minimum Urban
Structure) in the general regulatory planning tool [25]. This disposal derives from the IRP
programmes and, on one hand, facilitates the local governments to cope with seismic risk
mitigation issues and, on the other hand, on resilience in terms of relationship between
seismic risk mitigation and territorial planning. The obtained results encourage the authors to
consider critical the analysis of real cases as useful tool for the development of effective
resilience strategies that hopefully can be applied to entire urban areas for seismic mitigation
purposes.
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Abstract. The effects of the 2015 Gorkha earthquake in Nepal revealed deficiencies in
the most recent vernacular architecture, which no longer uses wooden reinforcements
due to national anti-deforestation laws. It also highlighted the shortcomings found in
reinforced concrete architecture, which is generally scanty and poorly reinforced due to the
high import cost of construction steel. The geography of Nepal has led to the
development of a wide variety of vernacular architecture using local materials such as
stone, brick or earth in the form of rammed earth and adobe walls [1]. Moreover,
although its tradition in the construction of vaults is not as prominent as in
neighbouring regions of India, Nepal has developed its own tradition in the construction of
vaults and domes, which are generally self-supporting and made of brick or adobe with lime
mortar. The design of a prototype of seismic house in Nepal aims to use a modular housing
unit with rammed earth walls and/or walls made of materials recycled from previous
earthquakes, as well as tile vaults with bamboo sleepers, and possibly vegetable fibre
grids. These avoid the use of imported materials, favouring km0 and sustainable
materials while following local tradition. Several potential housing units have
undergone linear seismic analysis on finite element models, with variations in
planimetric layout and the types of tile vault, from the simpler barrel vault to the sail vault.
Both are analysed searching for the best shape in terms of seismic efficiency,
evaluating stress and strain state. The results obtained from this preliminary study
clearly show that, under seismic actions, the response from the construction system using
depressed sail vaults and rammed earth walls with bamboo reinforcements is more
efficient and homogeneous in terms of tension and deformation. This is due to the
geometric symmetry which determines the same response in several directions,
unlike vaults with a characteristically strong directionality (barrel vault). The seismic
response of the prototype described is examined by assessing the influence in terms of
thrust and deformation of bamboo reinforcements inside the walls. For this, laboratory
tests are used to identify the mechanical characteristics of bamboo to be employed in
the finite element modelling and calculation, as the values found in the literature vary
depending on the physical and chemical characteristics of the material. This study therefore
proposes a more sustainable architectural model with greater antiseismic resistance, always
in keeping with local constructive tradition.
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1

INTRODUCTION

The project of an antiseismic dwelling in Nepal aims to merge the characteristics and needs
of an antiseismic structure with the architectural tradition of Nepal. The damage caused by the
earthquake has steered design towards a modernization of the vernacular architecture,
reproducing Western architecture and using reinforced concrete structures. However, these
are unsustainable both in environmental and economic terms, given high construction costs.
The design of a housing unit prototype is proposed in order to return to the language of
vernacular architecture using local materials, but avoiding wood which has become
considerably more expensive following the implementation of anti-deforestation legislation.
Therefore, a prototype of a dwelling with rammed-earth walls and bamboo reinforcements has
been studied. The rammed earth technique, which compacts the soil in formwork using a
rammer, is a highly sustainable practice already widespread in Nepal. This technique has been
largely researched in the last two decades due to its properties, including good hygrothermal
behaviour and low embodied energy. Numerous studies have been carried out on its
mechanical characteristics [2-9], seismic assessment [10-12] and energy efficiency [13,14].
The use of structural elements in bamboo (Bambusa Balcooa), plentiful in the region, was
decided in order to overcome the shortage of wood. Different studies have also been carried
out on the physical and mechanical properties of bamboo [16-23] and its application in
rammed earth structures [24,25]. The slabs are to be made of tile vaults, which are
increasingly gaining international recognition for their durability, economy and ease of
construction, as they require no centring [17-19]. Finite element models were created and
analysed before the prototype was built in order to identify the type of vaulted dwelling with
no fibre grid reinforcement in the type of vault most resistant to seismic stress. This paper
reflects this first study. In a second step, this project will focus on the potential improvement
of this vault with the insertion of a fibre grid reinforcement, in a departure from previous
experiences in the field [30,31].
2 BAMBOO CHARACTERISTICS
In Nepal, bamboo is the natural material most widely used for different purposes, such as
the production of tools or the manufacturing of construction elements. As a construction
material, bamboo offers many advantages, as it is sustainable and easily renewable, with
mechanical properties comparable to timber. One of the main advantages to bamboo is its
rapid growth, which means it can also be widely used in areas where there is a shortage of
wood for construction, as in Nepal, where the exploitation of forests has been restricted to
prevent deforestation [24]. Furthermore, although bamboo is a type of woody grass and not a
tree, bamboo forests display similar characteristics to tree forests in terms of their contribution
to the carbon cycle, as bamboo retains carbon in its fibres and soil through photosynthesis
[25]. Bamboo is part of the Bambusoideae grass family and its cellulose fibres, about 2 mm
long with an average diameter of 20 µm, are immersed in a wooden matrix. The number of
bundles of fibres and their scattering inside the bamboo culm affect the hardness of the
bamboo [26]. In order to evaluate the potential use of bamboo ties in the prototype walls, the
tensile strength of the bamboo (Bambusa Balcooa) samples taken in situ was assessed through
laboratory tests.
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Given the limited availability of specimens due to the distance from the site, these tests
were conducted to compare the tensile strength of the specimens with the values found in
literature [21-23], thus selecting proper values for the analysis.
Laboratory tests were carried out on three specimens from a bamboo culm from the
Bambusa Balcooa species obtained in situ (Fig. 1). Three specimens of different widths and
9.5 mm thick were obtained eliminating the outer skin of the culm to obtain a smooth regular
surface (Fig. 2). The first standard specimen [27] has a 20x9.5mm shaped section in the useful
segment; the second has a rectangular section of 25x9.5mm, and the third a rectangular
section of 50x9.5mm.

Figure 1. Bamboo culm.

Figure 2. Bamboo samples.

The first specimen, with a section shaped like a bowtie, was subjected to a direct tension
test at a velocity of 0.5KN/sec (Fig. 3).
In the test the fibres slid and broke due to shear (Fig. 4). At breaking point a tension of
20.34 KN had been reached, with a tensile strength of 107.2 Mpa.
Table 1. Stress trend. First specimen

Figure 3. Traction equipment. Figure 4. First specimen after
the break.
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The second direct tension test was carried out on the specimen with a 50x9.5mm rectangular
section. Under the same tensile velocity as that of the first test a break was also observed due
to the compression of the ties at the end (Fig. 5). The tension recorded at breaking point was
39.10 KN and tensile strength was 82 Mpa.
Table 2. Stress trend. Second specimen

Figure 5. Second specimen
t

Finally, a bending test was carried out on the specimen with the 25x9.5mm rectangular
section in order to indirectly obtain the tensile value which caused the inner fibres to break
during the test. The specimen was subjected to continuous compression at a velocity of 4
mm/min, until the inner fibres broke due to tension (Fig. 6). Bending strength at breaking
point was 118.9 MPa and, considering that the fibres under the neutral fibre reach breaking
point due to tension when the section is subjected to bending, this value was considered equal
to the tensile strength of the specimen.
Table 3: Stress-strain trend – Third specimen

Figure 6. Rupture of the fibres
of the third specimen.
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The mean tensile strength value is 102.7 Mpa. This value should be considered a minimum
tensile strength value as not all specimens broke due to the tension of fibres, but because of
shear or the pressure of the ties.
Given the difficulties in accessing the location to obtain specimens the number of tests
carried out may not be enough to obtain a population of values to define the characteristic
tensile strength value. Thanks to the tests carried it was verified that the values obtained are
within the range of values found in specialist literature [21-23]. Therefore, it was considered
necessary to use the characteristic tensile strength values and other mechanical characteristics
of bamboo as detailed by Kaminski et al. (2016), considered valid for all the species in the
scheme design phase for buildings with smaller floor plans and elevations.
3 CONCEPTUAL DESIGN OF THE PROTOTYPE
Preliminary analysis with the finite element method was crucial to the definition of the
type and shape of the vault to be used, given the extreme vulnerability of vaulted structures to
drift. When executing a finite element analysis, the materials must be exactly defined. In this
case, given the lack of experimental data, the mechanical properties considered for simple
rammed earth are those found in the literature [4-9], reported in Table 4.
Table 4. Rammed earth mechanical properties in the literature
Compression Tensile
[MPa]
[MPa]

Shear
[MPa]

E
[MPa]

G
[MPa]

Poisson ν

-

-

60

-

-

-

-

-

-

-

0.33

0.67

0.13

0.08

100-500
200

41-180
74

0.22-0.40
0.35

Author

Density
[kg/m3]

Lilley [6]
Jaquin [7]

1870-2170
-

1.80-2.00
0.60-0.70

Novamooz [9]

2000

Bui [4]
Gomes [5]

2000
1900

Specimen
[cm]
cube 15
10x10x30
cylinder
d=7 h=2
40x40x65
NZ4297 [15]

The mechanical properties for rammed earth and bamboo used for FE analysis are shown
in Table 5 and Table 6.
Table 5. Rammed earth mechanical properties used for the models.
E
[MPa]

Compression
[Mpa]

Tensile
[Mpa]

Density
[kg/m3]

250

2.00

0.20

2000

ºTable 6. Bamboo mechanical properties used for the models.
Author

E
[MPa]

Compression
[Mpa]

Tensile
[Mpa]

Flexure
[Mpa]

Shear
[Mpa]

Kaminski et al. [21]

17000

20

40

30

2
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Linear seismic analysis on finite element models was carried out on several prototypes of
housing units with different plans and tile vault types, from simple barrel vaults (Fig. 7) to
pendentive domes or sail vaults (Fig. 8). This assumed different values for the height of the
springer, rise and thickness, evaluating the tensile and deformative state, in order to establish
the best overall shape in terms of seismic efficiency. Since this is a preliminary analysis, no
non-linear analysis was carried out due to the highly variable data and computational
difficulty.

Figure 7. Models with barrel vault.

Figure 8. Model with pendentive dome.

Rammed earth walls (45 cm thick) and the tile vault were modelled as shell elements
defined by three and four nodes in space and five DOF (degrees of freedom) consisting of
three components of translation and two components of rotation in the plane of the element.
In addition, bamboo elements were modelled as beam elements defined by six DOF
consisting of three translation components and three rotation components, with a hollow
section with a 7.5 cm external radius and 6 cm internal radius.
The analyses were carried out by varying the thickness of the tile vault, from a minimum
of 7.5 cm to a maximum of 10 cm. Based on the incidence of bamboo reinforcements
assessed for the individual models it can be stated that, regardless of the shape considered, the
value of displacements significantly decreased when ties were used, improving seismic
response (Fig. 10).

Figure 9. Deformation. Fifth mode.
Unreinforced model.

Figure 10. Deformation. Fifth mode.
Reinforced model.
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The 2015 Gorkha earthquake had a magnitude Mw of 7.8, 15 km deep, the recorded
maximum PGA was ~ 0.25 g. The design PGA recommended by the Nepal building codes is
0.36 g (NBC-105, 1994). Based on the previous data, the acceleration response spectrum
shown in Table 7 was considered.
Table 7. Design acceleration response spectrum

0,7

S(T) [g]

0,6
0,5
0,4
0,3
0,2
0,1
0

0

1

2

3

4

5

T [s]

Tables 8 and 9 show the period and frequency values corresponding to the first 10 modes
of vibration.
Table 8. Modal analysis results-barrel vault model

Modes
1
2
3
4
5
6
7
8
9
10

Frequency
6.81
15.63
15.98
16.42
20.02
21.22
21.66
25.58
25.70
28.36

Table 9. Modal analysis results-pendentive dome model

Period
0.15
0.06
0.06
0.06
0.05
0.05
0.05
0.04
0.04
0.04

Modes

Frequency

Period

1
2
3
4
5
6
7
8
9
10

7.32
8.77
8.77
9.02
9.43
9.91
11.14
11.16
14.02
14.10

0.14
0.11
0.11
0.11
0.11
0.10
0.09
0.09
0.07
0.07

To better understand the seismic behaviour of the models, it is useful to observe the major
difference in behaviour between a simpler vault such as the barrel vault and the pendentive
dome. The seismic response of the barrel vault model is poorer than that of the model with a
pendentive dome. In fact, the deformation and the tensional state of a barrel vault are
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noticeably influenced in the direction of the earthquake, giving rise to greater deformation if
orthogonal to the direction of the axis. In addition, tensile stresses appear in the entire
structure which could lead to collapse. In Fig. 13 and Fig. 14, only tensions are highlighted, in
order to reflect the peak reached when the seism is orthogonal to the axis, with a maximum
value of 6.95 daN/cm2. In contrast, the response of the model with a pendentive vault is not
significantly affected by the direction of the earthquake, and the final deformation appears
more homogeneous. Likewise, the tensional state of this model is less critical, considering the
decrease of the tensile stresses, with a maximum of 2.12 daN/cm2.

Figure 11. Barrel vault.
Strain analysis. Seism:
30%X – 100%Y.

Figure 15. Pendentive
vault. Strain analysis.
Seism: 30%X -100%Y.

4

Figure 12. Barrel vault.
Strain analysis. Seism:
100%X – 30%Y.

Figure 16. Pendentive
vault. Strain analysis.
Seism: 100%X – 30%Y.

Figure 13. Barrel vault. Figure 14. Barrel vault.
Tension analysis. Seism: Tension analysis. Seism:
30%X – 100%Y.
100%X – 30%Y.

Figure 17. Pendentive
vault. Compression.
Seism: 30%X – 100%Y.

Figure 18. Pendentive
vault. Tensile strength.
Seism: 100%X – 30%Y.

CONCLUSIONS

Preliminary analysis of the models made it possible to identify the advantages and
weaknesses of the recovered construction system, in order to move forward with a design
which preserves traditional construction techniques while resisting seismic events, through
the use of ties. Bamboo ties were inserted in order to ensure maximum sustainability for the
project. It should be noted that tensile rupture of the test piece was not reached in any of the
cases, and therefore the resistance values obtained should be considered to be minimum.
Finally, the HouSe-Nepal project is imbued with the general spirit of the project of an
antiseismic housing module born from the reinterpretation of vernacular architecture, better
adapted to the environment both in terms of architecture and materials, and in terms of social
and economic impact. The dwelling modules and the construction techniques presented in this
paper are preliminary approaches to the design of a sustainable antiseismic dwelling in Nepal
trying to provide an alternative for Nepalese dwellings which are currently being built with
industrial materials such as cement blocks and metal sheets, which often generate unhealthy
spaces.
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Abstract. The seismic events that hit central Italy in 2016, causing extensive damage to
cultural heritage and the loss of entire villages, showed the extreme fragility of the Marche
territorial system with strong repercussions on the economic and social development. In
the historic villages, the high inherent seismic vulnerability of the building makes it
difficult to apply regulations oriented to the protection and preservation of historical
and cultural values: strategies for the recovery of the buildings seem very complex. The
historical building is generally characterized by a high building density, a scarcity of urban
voids and an articulated accessibility system. In recent years the Marche region has
developed, due to the intensification of earthquakes, a particular susceptibility to seismic
risk. The historic centres have shown a scarce capability to adaptation and difficulties in
hypothesizing new scenarios after the damage. In this context, we want to define an
analytical method of the systemic vulnerability in the historical centres; this vulnerability
is considered as a result of the complex interaction of individual structural units,
aggregates and urban spaces. The aim is to compare this vulnerability with the effects
that the earthquake really had on the buildings: the knowledge of the real behaviour in the
historic centres will guide the research towards the definition of actions aimed at the
mitigation of the seismic risk through the reduction of intrinsic vulnerabilities in the building
and the implementation of the capability to face the earthquake, in order to develop a “new
resilience”. The district of Camerino is taken as a case study; it’s a territorial hub of
services and activities as well as being one of the largest inhabited centres affected by the
2016-2017 earthquake.
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1

INTRODUCTION

The concept of resilience is used more and more frequently in the debate around risk
reduction and in processes of transformation, regeneration, development of the territory that
disasters force to apply efficiently.
The term resilience refers to the change of approach deemed necessary to continue
guaranteeing sustainability prospects related to changes. In research aimed at mitigating
territorial risks, the concept of resilience assumes a central role in the construction of strategies
aimed at disaster risk reduction with a plurality of objectives related to territorial quality. In the
urban context, it seems impossible to talk about resilience without investigating the aspect of
vulnerability [1]. The city, in particular the historical one, is an asset exposed to risk, weak and
vulnerable: the aim is the reduction of urban vulnerability through risk control and management
considered as the improvement of urban resilience as the ability to respond and adapt to the
phenomenon suffered by the urban system itself [2].
The earthquake that recently hit the regions of central Italy and in particular the Marche
hinterland requires the development of new observations. The enormous loss of human lives,
the seriousness of the destruction, the vastness of the affected area and the need for a rapid
reconstruction require reconsidering issues such in the process of the abandonment of the
internal area, already started before the earthquake. Although we are looking for references in
history, we are unable to trace a reconstructive model especially as regards the intervention in
historic centres which are generally more damaged by seismic events [3]. The main aim of the
research is, therefore, to identify an effective method aimed at strengthening the resilience
capacities of the historical centres of the Marche region, which are currently extremely fragile
and vulnerable, without a specific codification of the peculiar characteristics that should be
preserved and valued. An expeditious method is identified for the analysis and evaluation of
the typical and specific vulnerabilities of the historic centres starting from the estimate of the
damage actually immediately after the last earthquake, which allows us to have real feedback
on which to base forecasts and methodologies of intervention.
2 THE HISTORICAL CENTRES OF THE MARCHE REGION
The historical centres of the Marche region, like most of the Italian centres, are born with
typical structural concepts of the time of construction, however, they evolve over time
according to growth and transformation processes that change their original shape. These
evolutions often involve the presence of different construction materials and technologies.
These factors determine a certain difficulty in identifying the "assembly" processes of multiple
structural units interacting with each other. In fact, a building cluster is made up of multiple
parts that are the result of an articulated and non-unitary genesis, due to different factors
(construction sequence, change of materials, changed needs, changes of owners, etc.) [4].
Analyzing a building belonging to a cluster; therefore, it is necessary to take into account the
possible interactions deriving from the structural contiguity with the adjacent buildings,
connected or in adherence to it. This complexity makes the correct knowledge of the structural
system that composes it difficult, but necessary. As part of the research on the historic centres
of the Marche region, it is essential to deepen the issues concerning urban morphology
considered in its historical evolution. The absence of a recognized cognitive approach,
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unfortunately, makes the dissertation uncertain: an attempt has therefore been made to
characterize the historic centres of the Marche as far as possible. The identification of a
territorial type, intended as the recurrence of physical elements but also of culture and language
that link the settlements present in a given geographical context, arouses some interest. They
have the essential prerogative to have been built within the perimeter walls delimiting the urban
core which often had a natural defensive function [5]. In almost all cases, historical centres in
the Marche region can be differentiated into two main types:
1) Urban cores with pre-medieval phases:
- Pre-existence of an organized form of the current urban centre dating back to remote ages
(Roman or previous classicism);
- Subsequent urban development of the late ancient or early medieval period.
2) Urban cores with a new medieval foundation:
- Closely related to the morphology of the territory;
- Articulated morphological schemes;
- A propensity to use masonry cells organized in compact blocks.
The Marche Region is characterized by a territory that is divided into three bands parallel to
the Adriatic Sea. The inland areas are the most fragile. As a matter of fact. even before the
seismic events, the historic centres located in the hinterland had had to face a series of
difficulties, related to the phenomenon of abandonment, of depopulation of young people with
low generational turnover. These phenomena were also accentuated hydrogeological
instabilities and the presence of weak infrastructures. Three years after the earthquake, the most
affected historical centres, when not completely destroyed, are impossible to access, most of
the people who used to live there moved mostly along the coast where services and
infrastructures are more efficient; commercial activities are located and concentrated in
temporary structures, with an exponential acceleration of the depopulation processes that were
already underway. In this research, the historical centre of Camerino is analyzed, a city heavily
affected by the earthquake in Central Italy 2016.
3

BRIEF HISTORY AND SEISMICITY OF CAMERINO

The toponym Camerinum is attested by classical and medieval sources but some recent
studies have delineated its most ancient phases, identifiable in prehistoric and protohistoric
times, according to typical settlement models, entirely analogous to the nearby plestine context.
The hill where the historic centre of the city of Camerino rises, which dominates the
surrounding area, has been inhabited without interruption until today, creating a settlement
stratification; this, if on the one hand severely compromised the full understanding of the
previous phases, proves the favourable location of the site. Here the discoveries of prehistoric
and protohistoric age are rare, while more frequent are the discoveries that attest to proto-urban
forms starting from the fourth century. BC. Around the end of the 1st century BC a.C., perhaps
in conjunction with the territorial reorganization of the Augustan age, this urban area also seems
to have undergone a significant transformation with the construction of large domus, which
remain until the late ancient era. In the Roman age, Camerino assumed an important role, as
evidenced by the alliance agreement (aequum foedus) stipulated with Rome in 309 BC. The
religious tradition preserved the memory of the siege that Alaric placed in the city in 409. After
the defeat the Goths in 553, it became part of the Byzantine exarchate and in 592, with the
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Lombard conquest, Camerino gave the name to a duchy incorporated into the one of Spoleto
(VI-VIII century). It was already a bishopric in 465 and it had a vast ecclesiastical jurisdiction
for over a millennium. Carlomagno elected Camerino as the capital of the homonymous marca,
which extended from the Apennines to the Adriatic. After 1198 it became part of the domains
of the Church, maintaining its autonomy. During the first half of the century XIII fiercely
defended the Guelph side against the Swabians. It was destroyed by Manfredi’s troops (1259).
After a short period of abandonment, the area was recovered with new urban arrangements.
Under the Lordship of the Da Varano family, which lasted until the mid-sixteenth century,
Camerino knows a period of intense political and cultural vitality and economic prosperity with
a significant population increase. These positive factors, combined with a significant urban
transformation, changed the layout of medieval townhouses. From 1545 the city returned under
the direct dominion of the Church with the function of the capital of the Apostolic Delegation.
Thus, began a long phase of political and social stability, but also of silent decline. The bishops,
in the last decades of the sixteenth century, built their palace, facing the ducal one. Until the
French invasion, history was free of significant events. The history of the 1600s was articulated
with the multiplicity of particular statutes.

Figure 1: Anonimous artist, View of the city and the state of dressing room towards tramontana, painting from
around 1600 (Sala dei Priori, Palazzo Comunale in Camerino)

The state was divided into more than 100 communities, run by 3 vicariates. In the eighteenth
century, Camerino was reduced to a large agricultural village with a limited economy and some
industry in the area. During the French occupation, Camerino was aggregated to the Tronto
department. In 1799, due to the reaction of the insurgents, the city was at the centre of various
struggles, until on July 28, 1799, it was devastated by a serious earthquake that caused death
and destruction. In 1809, during the Napoleonic era, the city was incorporated with the other
marches of Fermo and Ancona, becoming the district capital. The Austrian invasion that
followed the Napoleonic government desolated the territory even more. The Return of the Papal
States was therefore welcomed with sincere enthusiasm; it gave Camerino a period of
tranquillity and order but was unable to recover the city from its decline. Famine followed
(1816-1817). In 1860 it was annexed to the Kingdom of Italy [6].
The historical events are intertwined with the changes in the urban layout of the city, starting
from the early Middle Ages, with evident medieval and Renaissance transformations; these are
works that go up to the modern age, also characterized by reconstructions following some
disastrous seismic events: this makes the identification of recurrent constructive methods more
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complex. The knowledge of the local seismic history is known only from 1279; there are
numerous events which confirm that the high seismic susceptibility of the area, which was also
affected by earthquakes with epicentres in the central and central-southern Apennines.

Figure 2: Salmon T., The Ancient City of Camerino in the State of the Church seen from the south
side, engraving from around 1750.

Figure 3 shows the most important events that affected the municipal area. The most
significant events, excluding the most recent, are those of 1279, recorded in the UmbrianMarche Appennines, the one of 1328 and 1703 in Valnerina, then the1799 earthquake with an
epicentre in the Camerino area, one in 1873 always in the Appennines, in 1979 in Valnerina
and finally the one in 1997 which once again struck the Umbria-Marche Appennines.
Most of the oldest buildings in the area and the infrastructures were seriously damaged by
the seismic events of 1997-98, with rare collapse phenomena of some more vulnerable
buildings.

Figure 3: List of historical Earthquakes by INGV site
http://www.mi.ingv.it/terremoti-storici/ [view on 28.01.2020]
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Starting from the historical sequence of the earthquakes that affected the territory of
Camerino, three events have been identified that caused significant damage; on them, it is
possible to perform a damage analysis, in order to have a map of the effects that every single
event had on the historical buildings. These are the earthquake of 1799, the one of 1997/98 and
the last one in 2016-2017. As regards the earthquake of 1799, historical research has been done
at the state archive of Camerino. The documents available refer to the reports drawn up by the
architect Andrea Vici in 1800, who compiles a careful description of the damage and
interventions to be performed on buildings of particular importance; in addition, associated the
evaluation of the costs related to the repairs of the damages occurred in the whole historical
centre. This information is also reported in the recovery plan drawn up for the city of Camerino
after the earthquake of 1997-98. The latter reports a precise mapping of the damages found and
an assessment of the specific vulnerabilities.
After the 2016 earthquake, all the Cultural Heritage was highly damaged and, in some cases,
collapsed with consequent loss of the building. The historic centre is seriously damaged so as
to make it inaccessible to citizens. The first shock, which occurred on the night of August 24th,
2016 with magnitude 6.0 and Accumoli epicentre (about 51 km from Camerino), caused about
300 victims in Lazio and Marche regions, devastating the inhabited centres of Amatrice,
Accumoli, Pescara del Tronto and Arquata del Tronto. In Camerino there were no victims and,
with the first shock, the damages were almost zero except for some injury or slight collapse of
some historic buildings such as the cathedral. On October 26th, two big shocks were detected,
both with an epicentre in Castelsantangelo sul Nera (about 28 km from Camerino): the first at
19:10 of magnitude 5.4, the second at 21:18 of magnitude 5.9. Fortunately, the first shock led
the inhabitants of the historic centre to abandon their homes, as the second shock, of greater
intensity, led to the collapse of various parts of the buildings of the historic centre, such as the
bell tower of the church of Santa Maria in Via, ruinously fallen on a building inhabited by some
families fortunately outside because of fear. Such shocks, like the previous one, did not cause
victims, but the intensity of the damage could not be recorded due to a further shock that
occurred after only 4 days. At 7.40 on 30 October 2016, in fact, there was a shock with a
magnitude of 6.5 with the epicentre between the hamlet of Campi di Norcia and Norcia itself
(about 28 km away from Camerino). This, fortunately, like the previous ones, did not cause any
victims, as the historic centre was almost empty and because the most important damages had
already been recorded in the previous days. A further earthquake seismic swarm hit the town
on January 18th, 2017, with its epicentre in Capitignano, in the province of L'Aquila, about 72
km from Camerino, causing a slight aggravation of the crack picture of some buildings in the
historic centre, also due to the considerable distance from the epicentre.
4 SPEDITIVE ANALYSIS OF DAMAGES IN THE HISTORICAL CENTER OF
CAMERINO
The first part of this work includes an analysis carried out through a rapid survey based on
visual investigations of the damage following the 2016 earthquake. These were then compared
with the data from the AeDES forms, the 1st level forms for compliance with safety standards
an detection of damages during the seismic emergency used for a quick detection of damages,
definition of prompt intervention measures and evaluation of the post-seismic safety of
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buildings with ordinary structural typology (masonry, reinforced concrete or steel or wood). An
inspection campaign was carried out in which 249 buildings were analyzed. The investigations
were carried out by completing a revised version of the STAP form used in the 1997 earthquake
in order to be able to compare it with the data relating to the damage levels detected in the
previous earthquake. For the types of damage and for the classification of the same, reference
was made to paragraph 2.2 of Annex B to the D.G.R. Marche region n. 2153 of 09/14/1998.
The observed damages can be classified into [7]:
- Damage to masonry
- Detachment between the structural elements
- Floors, arches and lintels collapses
- Foundation settlements
- Hammering
- Collapse, even partial, of the structural elements
For the definition of the damage levels, reference was made to the following table (Figure 4):

Figure 4: STAP form for the evaluation of the damage level

The damage levels are detected through the archiving method and provide a
classification based on 5 degrees from the most serious (total collapse) to the lowest (zero
damage). All visible damages were assessed - building by building - and classified according
to each damage level which is represented with a different colors. The mapping of the
damage levels (Figure 5) shows a difference in behaviour between the various areas of the
historic centre: most of the buildings (70%) are classified in the worst categories (serious
and very serious damage with partial collapse). These levels of damage justify the extent of
the red zone also following certain safety measures.
Some building clusters in the central area already restored following the 1997 seismic
events, resisted better than other clusters in which the consolidation interventions had not
been carried out or the works had been partially carried out. Furthermore, the most damaged
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buildings, as also occurred in other historic centres, such as in Norcia, the most damaged
buildings are special buildings, churches, monasteries and large historic buildings, such as
Ducal Palace, headquarters of the University. Specialist buildings have a particular
performance to seismic actions which can be described using studies that highlight typical
and specific vulnerabilities, recurring the abacus of damage mechanisms for non-ordinary
construction types, such as such as churches, fortifications or palaces [8].

Figure 5: Representation of the levels of damage detected through the filing method
(elaboration from QGis Platform, 2019)

5

PILOT STUDY OF A BUILDING CLUSTER

The second phase of the research proposes a different method of analyzing the damage
referred to the historical centre. In fact, starting from the assumption that it was not possible to
access the single structural units, the AeDES forms were used. They are first damage detection
forms made by professionals in charge who carried out an inspection to estimate the extent of
the damage and the safety of the buildings.
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A pilot building cluster was identified in which enough information was available to be able
to compare it with the damage map previously shown. In order to compare them, each structural
unit was evaluated on the severity of damage and the results of the AeDES forms. Specifically,
the results reported in the sheets are as follows:
A - safe building
B - building temporarily unusable (in whole or in part) but accessible with emergency
measures
C - partially unusable building
D - temporarily unusable building to be reviewed in-depth
E - unusable building
F - building unusable due to external risk

Figure 6: AeDES forms. Results.

Buildings with outcome A were assigned the “no damage” rating (figure 5 – grey), while for
buildings that reported B/C/D as a result, a “minor” damage level was generally assigned (figure
5 – light blue). With regard to outcome E, on the other hand, the level of damage was divided
into two: “significant” (figure 5 – yellow) and “serious” (figure 5 – orange), depending on what
is reported in the specific table regarding the damage identified.

Figure 7: AeDES forms. Evaluation of damages.

The identification of the damage is shown below, comparing it with the system used in the
previous paragraph with the pilot cluster. As can be seen from figure 8, the results obtained
from the two types of expeditious analyzes are consistent in the presence of the damage, but, as
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we can see, in the map on the upper right corner (the one relating to the global survey carried
out through external inspections) the damage appears to be underestimated. Specifically, there
are buildings that apparently have not suffered any damage outside, however, they are unusable.
From the investigations carried out on the whole historical centre of Camerino, this
inhomogeneity of the damage between inside and outside is due to the great inhomogeneity of
the elements constituting the masonry (mortar and brick). The walls are, in fact, mainly double
leaves walls, which cannot be analyzed as a monolithic wall as it is made up of three distinct
parts (the two leaves and the internal core generally made up of inconsistent material). The two
vestments, moreover, are often not connected to each other and this generates a different
behaviour between inside and outside. In clusters, moreover, the connection between the walls
is often non-existent or weak.

Figure 8: Comparison of the results of the two expeditious investigations. The global survey in the upper right
corner and AeDES forms analysis in the lower right corner.

All these changes over time are reflected in the various types of masonry. They have been
classified, following what established by the Ministerial Circular n.7/2019 (Instructions for the
application of the technical standards for buildings update).
The masonry works are listed according to 8 typologies, some well-built others with limited
respect for the “regola dell’arte” and therefore with a low Masonry Quality Index (IQM) [9]:
a. Chaotic stone masonry (pebbles, erratic and irregular stones);
b. Brickwork with rough-hewn segments, with uneven wall thickness;
c. Split stone masonry with good texture;
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d. Uneven soft stone masonry (tuff, calcarenite, etc.);
e. Smooth-block masonry of soft stone (tuff, calcarenite, etc.);
f. Squared stone block masonry;
g. Solid brick masonry and lime mortar;
h. Semi-solid brick masonry with cement mortar.
Each of them, recurring throughout the historic centre, systematically presents
modifications, fillings, changes of material, the result of the various interventions carried out
over the centuries.

Figure 9: The most common types of masonry in Camerino: 1 - f) Masonry with square stone blocks; 2- e)
Regular-block masonry of soft stone (tuff, calcarenite, etc.); 3 - c) Split stone masonry with good texture; 4 - g)
Solid brick masonry and lime mortar.

The masonry analyses are particularly complex and further interpolations are needed to
compare the data collected with the expeditious method for the recognition of the damage which
may not be sufficient to give a real response to quantify the seismic vulnerability in an urban
context, such Camerino historical centre.

Figure 10: Characteristic walls of the pilot cluster, consisting of terraced typological units, in some cases
recast into more complex buildings that show evident signs of transformations (Elaboration Barchetta, 2019).
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6 CONCLUSIONS
Starting from what is observed in this article, the analysis of local vulnerabilities should be
divided into three in-depth phases: knowledge, analysis and evaluation [10]. The assessment of
the damage suffered by the historic centre of Camerino after the aftershocks of the 2016-2017
seismic sequence is a good starting point for identifying the recurrent mechanisms. The
expeditious analysis of the damage that is proposed here is a good basic method but the actual
extent of the same is underestimated and therefore the results do not fully agree with what
emerges from direct observation. For an optimal response, however, the cross-reading of the
different information from various sources can allow a more precise assessment, to be put in
relation with the actions aimed at ensuring the development of a new resilience for the reduction
of vulnerability in historic centres, taking into account typical and specific peculiarities that
represent the identity value that characterizes the internal areas of the Marche, of which
Camerino is one of the most emblematic cases.
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Abstract. The paper presents decision support tools developed for municipalities and historic
city managers. These exploit the categorization of cultural heritage assets according to
their vulnerability in disaster situations. A manual guiding individual cultural heritage
owners, users and other citizens of historic areas provides advices on how to prevent or
reduce damage and loss to cultural heritage. The recommendations cover pre-disaster, during
as well as post-disaster situations and concern both built and moveable heritage. All
measures are illustrated with examples taken during real disaster situations. The
methodology has been tested during the international research project “ProteCHt2save”
supported under the Interreg CE program.
1

INTRODUCTION

The concept of urban resilience indicates the ability of a city to withstand shocks to
its survival. There exist various general definitions of resilience, such as the one by C. E.
Cloete [1]: resilience represents “the ability of a system to absorb changes without a
transition to a different state”. This can be expressed in other words as “the capacity of a
system or object to absorb disturbances and reorganize while undergoing change so as to
retain essentially the same function, structure, identity, and feedbacks” [2]. The concept
of resilience has been further developed within a network supported by the Rockfeller
Foundation, in 100 large cities. In this project, the urban resilience is defined as the
capacity of individuals, communities, institutions, businesses and systems within a city to
survive, adapt and grow no matter what kinds of chronic stresses and acute shocks they
experience [3].
The resilience of residential areas exploits, for the study of its behaviour and change, an
approach of so called complex adaptive systems [4,5,6]. Complex adaptive systems have
various characteristics which are focused on the important properties related to change and the
ability of a system to deal with change. First of all, the complex adaptive systems
have histories allowing learning from experience, which is decisive for adaptability as
well as
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resilience of a system.
The complex adaptive systems are alternatively also denoted multi-agent systems with its
components called agents [7]. Agents are autonomous individual components with a capacity
to play specific roles and an ability to interact with the others. Such interactions may result in
effects of an emergent nature with important resilience impacts.
Residential areas with cultural heritage assets, referred to as historic residential areas, are
considered as complex adaptive systems with specific characteristics. The resilience of built
heritage, intended as a substance or a set of elements of a historic city, takes into account
resilience of individual cultural heritage objects together with their interactive, dynamic,
emergent and adaptive roles. Therefore, the resilience-building approach envisaged in the
ProteCHt2Save project involves cultural heritage stakeholders into the development and
materialization of measures reducing possible damage from natural hazards and climate
change harming actions. It is based on the identification of controllable criticalities decisive
for improved resilience of cultural heritage affected by natural hazard risks and the associated
measures.
2

DIMENSIONS OF RESILIENCE MEASURES

The understanding of the multifaceted nature of the impact of disasters is an essential
prerequisite for an adequate assessment of vulnerabilities of cultural heritage assets as well as
for the design and implementation of effective risk reduction strategies in different hazard
scenarios. Resilience measures, in fact, present also a multidimensional characteristic which
needs to be carefully explored and evaluated. The most relevant dimensions can be
summarised as follows: 1) informational dimension; 2) managerial dimension including
decision making and actions; 3) physical dimension with socio-cultural, emotional and
economic aspects. These dimensions are presented in the next paragraphs.
2.1 Informational dimension
The informational dimension is a crucial one as it refers to data gathering and processing
activities and to the availability of risk related information enabling to determine the
distribution and magnitude of hazards and vulnerabilities of cultural heritage systems.
Reliable and solid data create the basis for planning and coordinating preventive measures,
rescue actions as well as post-disaster activities. Typical examples are constituted by
inundation maps which were introduced a decade ago as obligatory in all EU countries and
still exhibit serious deficiencies from the cultural heritage point of view. They are mostly
developed only for the river flood situations and typically do not contain information on the
location of heritage assets and especially on the condition of such assets, which may affect
approach to the resilience measures. Flash floods on small rivers and creeks due to heavy
rains and storms are partly predictable using interactive maps which are available in some
countries. Maps of flash flood inundation in plain like historic districts are mostly missing
even though their occurrence is more frequent in the recent time. This is a challenge for
development of future resilience methodologies. The problem has been recently identified as
important after an assessment of the impact of heavy storms on some American cities [8] and
it is also linked to information on a condition of infrastructure, namely rainwater drainage
systems and channels.
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Maps have a strong potential for emergent response of communities in the historic
residential areas. Even though remote sensing systems enable to a certain extent to include
time effect and thus to slightly upgrade the 2D character of the hazard maps, there is still
missing important information transforming visual data into 3D object or even 4D data
suitable and necessary for temporary preventive measures, rescue as well as post disaster
interventions and their evaluation. The authors believe that such a transformation can be
achieved by a larger involvement of the human community potential. The following
paragraphs present a possible approach focused mainly on the physical dimension of the
resilience measures.
2.2 Managerial dimension
The managerial dimension includes those decision making processes and actions which
dictate the major centrally managed resilience focused measures. However, any disaster´s
impact is usually unevenly distributed across the historic residential area territory. On the
other hand in some situations an adoption of mitigating measures can also be effectively
applied in a selective way. Therefore, a reasonable balance between centralized and individual
resilience improving actions is desirable. In the ProteCHt2Save project, selected elements of
cultural heritage have been categorized and ranked according to their vulnerability in hazard
situations [9]. These are denoted as serious criticalities and exhibit a capacity to be
controllable. A critical element can be defined as a factor or aspect of a CH system, intended
as the ensemble of its physical and managerial characteristics, which proves to be crucial for
the determination of its resilience to natural disasters and climate change actions.
Managerial critical elements relate to those aspects of a CH system which are not
connected to the physicality of the asset but rather to its operation, administration and care.
Managerial critical elements therefore include how CH environments are used and protected
involving social and economic as well as policy and regulation issues.
From the main findings of the project, transnational examples of managerial critical
elements include the lack of knowledge or information, negligence (lack of maintenance),
inadequate decision making, poorly designed emergency or post-disaster plans, missing funds
etc. [10]. All these represent fundamental controllable features of a CH system which can be
modified and adjusted by adopting appropriate management actions and measures. Each
managerial critical element is strongly context-specific and requires an accurate assessment
and thoughtful prioritisation in order to reduce the risks related to natural hazards and climate
change and improve the resilience of the overall CH system.
2.3 Physical dimensions
The physical dimension of the measures relates to those aspects of a CH system involving
its actual material composition and structural conditions. The sensitivity of historic structures
and structural elements to weather and disasters is influenced by material and structural
capability to resist exceptional loads and environments during disastrous situation. As
mentioned for the previous dimension, also physical critical elements are significantly
context-specific and require a thorough investigation of material characteristics and the
general environmental situation (e.g. hydrogeological conditions) before being adequately
evaluated. In some cases, in fact, it is not the historic structure itself that is sensitive to
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climatic conditions, but the surroundings and the supporting structure can also be affected. It
should be emphasised that it exists a wide range of historic structures and materials, and also a
wide range of types of damage. This makes it difficult to design widely applicable measures
and unified methods. In this research, physical critical elements are analysed considering a
ranking of historic structures, elements and situations according to their sensitivity to the
effects of weather and natural disasters. In order to facilitate preventive protection and
adaptation measures the authors suggested ranking of immovable heritage into five categories
according to their vulnerability during individual natural disasters [11,12]. The ranking helps
to identify the best practice and design decision making support tool. Criticalities are hence
categorised as follows: a) flood, b) fire due to drought, 3) wind and 4) heavy rain group.
3

RESILIENCE-BUILDING DECISION SUPPORT TOOLS

The number of historic structures in historic residential areas endangered by natural or
anthropogenic hazards is enormous and it is practically impossible to apply ideal permanent
measures to upgrade all historic structures to a level corresponding contemporary knowledge
and standards pertaining to the risks generated by earthquake, very strong windstorms,
landslides or floods. Most historic structures that collapse fatally during natural disasters do
so due to structural deficiencies, an inappropriate repair of minor faults or harmful structural
modifications. Neglectful or inadequate maintenance of historic structures is a frequent
phenomenon, to a large extent caused by the ignorance of the heritage owners or users
[13,14]. Even on the central level, knowing the threats applying to a specific context and the
related preventive measures necessary can be basically useless unless the actual measures are
implemented. Therefore, in the ProteCHt2Save project an innovative approach has been tested
transnationally among the users in Austria, Hungary, Croatia, Italy, Poland and Slovenia in a
simplified version with an aim to mobilize stakeholders and public for involvement in the
community resilience process.
The novelty takes advantage of a combined non-centralized and centralized approach to the
protection and use of cultural heritage. It is well known that CH sustainability is strongly
dependent on its condition as well as a mode of use. The both aspects are better controllable
by the stakeholders, namely owners, managers and users, than by centralized authorities.
The condition diagnostics of built heritage or the built environment is frequently compared
to the medical health investigations. The presented approach learns from the success in the
medicine in the recent decades when in relation to some diseases a self-investigation plays an
important role in preventive treatment and mitigation of fatal cases. Therefore, the approach
aims at development of tools for and a rise of awareness in a wide public concerning methods
of indication of critical conditions or even defects which endanger heritage objects and
decrease their sustainability and resilience in case of disasters.
The involvement of the “basic level” stakeholders has limitations in the necessary level of
their knowledge. The developed tools increase substantially this level, however, in some
situations a further step is necessary and then a more centralized approach is introduced. The
approach thus develops a hierarchy of steps which significantly increase the scope of
protection and resilience of heritage assets at reasonable costs, however, with a higher quality
and longer sustainability. There is no limitation for the type of tangible cultural heritage in
concern including intangible context when applicable. Moreover the full breadth of the
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“institutionalized” heritage is widened with a category of “family” heritage, i.e. the cultural
heritage of mostly regional or local importance, which is the most endangered group during
disaster situations and at the same time the category significantly influencing social strength
and resilience capacity of communities. The family heritage involvement approach further
increases a potential for safeguarding vanishing heritage, especially oral or unofficially stored
on fragile media, e.g. mg tapes. It also substantially contributes to the complexity of a spatial
scale of the resilience measures. The focus on resilience enhancement naturally supports the
temporal scale of approaching the protection and conservation of cultural heritage. According
to the modern resilience theories presented in the introduction only the communities with
history can represent complex adaptive systems ready for successful resilience after disastrous
events. The tools, briefly presented in the paragraphs below, are built as open to all forms of
cultural heritage expressions as well as to the plurality of values attached to heritage. It has
been explained above that one of the main principle accepts decentralization where possible
and centralization where necessary or beneficial for the protection and conservation of
cultural heritage.
3.1 Manual of good and bad practices for managers
The physical resilience of complex adaptive systems with cultural heritage assets to the
impact of natural and man-made disasters can be improved by means of four basic
approaches: i) preventive protection, ii) adaptation, iii) evacuation and iv) resilience
preparedness and their combinations.

Figure 1: Left: unprotected historic Troja district (Prague, Czech Republic) during flood in the year 2002; right:
the same area protected with a combined permanent and temporary wall during flood in the year 2013.

Preventive protection is cost demanding, not always feasible and it can sometimes lead
only to partial benefits, such as for example in the case of threat of landslides. As far as the
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scale is concerned, preventive protection can be designed and implemented at territorial,
building and material levels. Territorial protection, like barriers against flooding for example,
could beneficially influence the resilience capacity of a CH system; however, at the same
time, it should be considered that such large scale protection approach might induce a rather
significant impact on values of the area with heritage assets, in case when stable structural
measures are applied. It concerns namely landscape, visual and contextual values.
As an example let us present a case of a historic district in Prague Troja which was
affected seriously during the flood in the year 2002 when water depth reached some eight
meters. The so called historic “fishermen village” and an adjacent Baroque chateau were
damaged, Fig. 1 left. Then the area has been protected by a combination of the permanent and
temporary walls which effectively prevented inundation of the historic district during a later
flood in the year 2013, Fig. 1 right. However, the natural contact and context between the
village and the river was lost, Fig. 2. Fortunately, in this specific case the space between
barriers and river is sufficiently large and could be developed for recreational activities
substituting the historic attractions (sports, galleries, bars) less vulnerable to the impact of
present threats.

Figure 2: Construction phase of the combined earth levee, permanent reinforced concrete wall with columns
prepared for temporary metal barriers.

Preventive protection of buildings and complexes of buildings presents greater advantages
when implemented using temporary measures, which are removable after the event. On the
other hand, material protection is almost always irreversible, however for individual
immovable artefacts or buildings could be very effective.
Adaptation is also cost demanding and can influence negatively the cultural heritage
context and values. This approach is usually adopted in relation to climate induced risks or
similar largely distributed threats and it needs wider campaigns and appropriate largely
adopted financing.
Evacuation is the best protective measure suitable and applicable for moveable heritage.
However, it needs planning, fast action and a safe space for temporary storage of the replaced
artefacts. In the above mentioned case the river bank accommodates several objects with
artefacts of cultural heritage value. One of them is so called “Troja Horse gallery” and Fig. 3
presents a schematic logistics for its evacuation.
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Figure 3: Situation of the gallery to be evacuated, the evacuation road, protected crisis centre and storage space

Figure 4: Evacuation of sculptures and paintings from the Troja Horse gallery – a training exercise

The effective application needs appropriate learning of local stakeholders and a regular
training of the involved parties, Fig. 4. Resilience preparedness combines the all above
mentioned approaches, involving to a larger extent the public and proving to be effective in
complex situations such as in the protection of cultural heritage systems. Such resiliencebased approach is a core strategy for the INTERREG CE ProteCHt2save project, presenting a
clear potential to be cost effective at ensuring high benefits [9].
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3.2 Handbook for owners
The suggested centralised/non-centralised approach to resilience building, foresees the
participation of non-technical stakeholders to preventive and rescue activities. Fur such reason
a simple manual has been provided in order to help cultural heritage owners to identify
controllable criticalities in their neighbourhood. Fig. 5 presents a typical page of the manual.

Figure 5: Example of one page of the manual

The page informs about one critical feature called “criticality” of a structure, building or
object, which is observable by visual inspection. It is further illustrated with a typical damage
or defect which the criticality can initiate or intensify. Then possible typical resilience
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supporting measures are suggested following the time periods of a disaster – preventive
measures before the disaster starts, emergency actions during the disaster and post-disaster
measures reducing damage due to mostly ignorance and negligence. Additionally, it is
indicated which measures can be done by the owners or other stakeholders and which ones
need skilled craftsmen and specialized professional in engineering or conservation. The pilot
manual contains 40 pages of such guiding sets and covers problems typical for floods,
windstorms, landslides, harsh weather situations. Use of the manual needs a short training and
it is supported by consulting services, phone applications and an information system on
damage of cultural heritage – MONDIS [15].
4

CONCLUSIONS

The approach outlined in this paper considers the resilience of the historic city as that of
individual cultural heritage objects together with their interactive, dynamic, emergent and
adaptive roles. It endorses the engagement of cultural heritage stakeholders into the
development and materialization of measures reducing possible damage from natural hazards
and climate change harming actions. This is based on the identification of controllable
criticalities decisive for improved resilience of cultural heritage affected by natural hazard
risks and the associated measures.
The understanding of the multifaceted nature of the impact of disasters is an essential
prerequisite for an adequate assessment of vulnerabilities of cultural heritage assets. It helps
designing and implementing correct risk reduction strategies for different hazard scenarios. In
this perspective, the research individuates the most relevant dimensions of resilience measures
as well present a multidimensional characteristic which needs to be carefully explored and
evaluated, namely: 1) informational dimension; 2) managerial dimension including decision
making and actions; 3) physical dimension with socio-cultural, emotional and economic
aspects. The resilience-building decision support tools presented in this paper, available on
the ProteCHt2Save project website [9], include: the manual of good and bad practice and the
handbook for owners. These aim at strengthening the resilience of cultural heritage assets as
well as at enabling the participation of those users which are commonly excluded from the
decision making processes, such as owners for the sake of determining a beneficial balance
between centrally and non-centrally managed resilience measures.
Acknowledgements. This paper is based on the results of the research supported by the
Interreg CE 1127 ProteCHt2save project (Risk assessment and sustainable protection of
Cultural Heritage in changing environment) and the institutional project RVO 68378297.
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Abstract. Failure of masonry structures during earthquakes often occurs via specific, welldocumented collapse mechanisms, many of which involve partial collapse of the structure well
above ground level. Consequently, the elastic response of the structure needs to be considered,
which in the case of historic structures such as bell towers and churches often requires modal
analysis using finite element models - the generation of which can be labour-intensive and timeconsuming. This paper presents a new integrated modeling approach which combines finite
element analysis with rocking dynamics in order to model the seismic response of complex
structural geometries in a computationally-efficient manner. The modeling strategy is
implemented within COMPAS - an open-source computational framework that provides
geometry processing independent of CAD software, and is incorporated within the broader
framework of a tool being developed for the seismic collapse assessment of masonry structures.
The framework of this new tool is first outlined, and the utility of the new modeling approach
then demonstrated through application to the seismic assessment of a historic masonry tower
in North-Eastern Italy. The analysis results indicate that for the level of seismic hazard expected
on site, failure of the tower is most likely to occur via overturning collapse of one of the rampart
elements. The importance of accounting for elastic amplification effects, as well as the influence
of varying boundary conditions on the dynamic response, is also demonstrated.
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1

INTRODUCTION

Masonry structures are susceptible to collapse under the influence of seismic action. When
such structures fail, they often do so via specific, well-documented collapse mechanisms ([1],
[2]) – analysis of which can be conducted using either simplified analytical procedures (as
implemented in many building codes) or through the use of more complex numerical modeling
strategies (such as finite element analyses or discrete element methods). While the former can
be over-conservative, often underestimating dynamic capacity and leading to expensive - and
at times unnecessary - retrofitting solutions, the latter can be fairly computationally-expensive
and time-consuming, especially when trying to model collapse. As an alternative analysis
approach, rocking dynamics, whereby equations of motion describing different collapse
mechanisms are directly derived and solved, can be used instead ([3]–[6]). Such an approach
has the advantage of being less computationally-demanding than most numerical models, while
providing more accurate predictions than most simplified analytical methods.
However, assessment of real structures often requires consideration of numerous different
collapse mechanisms, many of which involve partial collapse of the structure well above ground
level. Thus amplification and filtering of the ground motion by the building – which depends
in turn on the natural frequency of the structure, also needs to be taken into account [7]. While
the natural frequency and modes of simple, regular structures can be determined analytically,
for many historic structures (e.g. bell towers, churches) consideration of the elastic response
requires modal analysis using finite element models ([8]–[10]), the generation of which can be
labour-intensive and time-consuming.
In this paper, a new integrated modeling approach - which requires only a 3D CAD model
of the structure as input - is presented, which combines finite element analysis with rocking
dynamics to model the seismic response of complex geometries in a computationally-efficient
manner. The modeling strategy is implemented within COMPAS - an open-source
computational framework that provides geometry processing independent of CAD software
[11], and is incorporated within the broader framework of a tool being developed for the seismic
collapse assessment of masonry structures [12]. To keep the solving strategy open-source,
modal analyses are conducted using the compas_fea package [13], which directly constructs the
FE model from the input geometry, and analyses it using the open-source finite element solver
OpenSees [14]. The results of the modal analysis are subsequently used to define an equivalent
single-degree-of-freedom (SDF) oscillator, which is subjected to different ground motion
records. The response of the oscillator is then scaled appropriately, with the scaled response
serving as the input signal at the base of the rocking mechanism. The procedure can be repeated
for a wide range of potential collapse mechanisms within a structure, to determine the most
vulnerable mechanisms for a given suite of ground motions. The utility of this new modeling
approach is finally demonstrated by applying it to the seismic assessment of a historic clock
tower in Lendinara, Italy.
2 METHODOLOGY
A flowchart outlining the functioning of this proposed tool can be found in Figure 1.
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Figure 1: Flowchart illustrating the functioning of the proposed computational tool/modeling approach
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2.1 Geometry and mechanism definition in the CAD interface
As stated in the introduction, the proposed modeling strategy only requires a 3D CAD model
of the structure as input. However, as this strategy is implemented within COMPAS, which is
a Python-based framework, it is crucial that the CAD program used is capable of editing and
executing Python-based scripts. To that end, the CAD program Rhino [15] was selected as the
preliminary interface for this tool, as it not only comes with its own Python interpreter, but also
works on both Windows and Mac computers.
Once the geometry of the whole structure has been defined in Rhino, the portion of the
structure involved in the collapse mechanism needs to be demarcated. The mechanism geometry
is then meshed in Rhino, and the compas_rhino.helpers package is subsequently used to convert
this Rhino mesh into its COMPAS counterpart – essentially converting the 3D solid into a
datastructure defined by a set of vertices and faces. The axis of rotation as defined by the user
is also saved as an attribute of this mesh so that it can be easily accessed in the next stage of
analysis. If the mechanism takes place above ground level, a second mesh comprising the entire
structure is also created and converted into its COMPAS counterpart. Attention must be paid to
the density of this second mesh as it serves as the basis of the finite element model used for the
modal analysis.
However, as the mesh datastructures as exported from Rhino comprises only 2D face
meshes, i.e. only the external faces of the solids are meshed, the meshes first need to be
converted into 3D tetrahedral meshes (i.e. internally meshed) before any operations can be
performed on it within the COMPAS framework. This is done using the package MeshPy [16],
which in turn provides a Python interface to program TetGen [17].
2.2 Calculation of equivalent rocking parameters
Once the mechanism geometry has been converted to the 3D mesh datastructure, geometric
operations can be directly performed on it within the COMPAS environment. These include
extraction of the various geometric properties (such as moment of inertia, volume and centre of
mass) that are used to define the rocking equation of motion, which assumes the following
general linearized form [4]:
" !! +M"
I"f!! - K" (f - fcr ) = - Bu
g

(1)

where 𝐼𝐼", is the moment of inertia of collapsed portion of the structure about the axis of rotation,
$ is the moment caused by the external static forces, ϕcr is the critical rotation, 𝐾𝐾
$ is the rotational
𝑀𝑀
stiffness of the system, and 𝐵𝐵' 𝑢𝑢̈ * is the moment provided by the ground motion applied to the
structure. Note that the linearization here has occurred about the point of unstable equilibrium
(i.e. ϕ = ϕ cr) in order to obtain local dynamic equivalence with the single rocking block. This
single equation of motion can then be used to describe a variety of different mechanisms,
ranging from the overturning of a single rocking block to the dynamic behaviour of more
complex two and three block mechanisms.
By using the following transformation of variables:
K!

q =f !
gB

Equation (1) can be rewritten as:
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(3)

where peq is the rocking frequency parameter and 𝜆𝜆 is an approximation of the static load
multiplier that activates the mechanism. Both these terms depend on the kinematic constants 𝐼𝐼",
$, 𝐵𝐵', 𝑀𝑀
$ and ϕcr, which in turn depend on both the geometry of the structure as well as the type
𝐾𝐾
of collapse mechanism; more detailed expressions for which can be found in [12].
Additionally, the overturning rotation ϕov, that is, the rotation upon the exceedance of which
the structure will overturn and collapse, can also be calculated using the aforementioned
kinematic constants as shown below:
$

𝜙𝜙78 = 𝜙𝜙9: − ;<$

(4)

Moreover, in the case of impact, energy dissipation by the block(s) is accounted for through
the coefficient of restitution h, which depends not only on the geometry of the blocks but also
on the type of rocking, i.e. one or two-sided – indicated in this paper by the term ns. For more
detailed expressions for the coefficient of restitution, please refer to [12]. Finally, the height hm
at which the mechanism occurs is determined by taking the average of the heights of the two
points defining the axis of rotation, previously saved as an attribute of the mesh.
2.3 Modal analysis using compas_fea
In the case of mechanisms that take place above ground level (i.e. hm > hg) modal analyses
need to be conducted to define an equivalent single-degree-of-freedom elastic oscillator, which
in turn is used to account for the amplification and filtering of the ground motion by the
structure.
Using the tetrahedral mesh of the entire structure as generated in Section 2.1, the compas_fea
package is utilized for the construction of the corresponding finite element model. To do this, a
Structure object is first created, with nodes corresponding to each of the points of the tetrahedral
mesh and elements corresponding to each of the tetrahedral elements. Material properties are
set through the assignment of a material type (for the purpose of this analysis, elastic isotropic)
which in turn is characterized by a user-defined Young’s modulus, Poisson’s ratio and density.
Boundary conditions are specified through the assignment of pinned displacements to
predefined node sets, which are applied through the addition of a Step object. A second Step
object, in this case ModalStep, is then added to instruct the finite element solver to conduct a
modal analysis, specifying the number of modes to be analysed.
After the Structure object has been constructed, it is written to a .tcl input file which is
subsequently sent to OpenSees for analysis. The analysis is conducted in the background and
once completed, the results - such as modal frequencies fn and nodal displacements u for each
mode - are returned. Post-processing of this data results in the structure being transformed into
an equivalent single-degree-of-freedom elastic oscillator, defined by the following equation of
motion:
where:

𝑚𝑚
? 𝑧𝑧̈ + 2𝑚𝑚
? 𝜉𝜉𝜔𝜔D 𝑧𝑧̇ + 𝑘𝑘'𝑧𝑧 = −𝐿𝐿'𝑢𝑢*̈
J
𝑚𝑚
? = ∑K
ILM 𝑚𝑚I 𝑢𝑢I ;

𝐿𝐿' = ∑K
ILM 𝑚𝑚I 𝑢𝑢I ;
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where mi is the mass lumped into each of the nodes of the model and ui their corresponding
displacements. System damping is specified through the term x, and is set to 5% for the analyses
conducted in this paper. Solving Equation (5) gives the response of the oscillator at the effective
modal height he, which is determined using the following expression:
ℎU =

∑Z
W[\ VW XW YW

(10)

∑Z
W[\ VW XW

where hi is the height of each node. However, for mechanisms that occur at a height above or
below he (i.e. hm ¹ he), the response needs to be scaled using the mode shapes, which are
extracted using the nodal displacements u. This is illustrated by Figure 2 for a sample tower
with varying boundary conditions, including the isolated case, that is, only base nodes pinned
and the “fixed” case, that is, nodes on either side of the structure also pinned up to a certain
height, to simulate the connectivity of the tower to adjacent buildings.

Figure 2: First mode shapes extracted by the tool for a sample tower, for both the isolated case as well as the
case where the tower is connected to the adjacent buildings (“fixed” case)

2.4 Full time-history analysis
In the case of full time-history analyses, Equation (5) is first solved for the unscaled input
ground acceleration ag (i.e. üg = ag, Figure 3a). The solution to the equation of motion yields the
filtered response of the structure ar – relative to the ground - at the effective modal height he
(Figure 3b). For mechanisms that occur at a height other than he (hm ¹ he), ar then needs to be
scaled using the mode shapes (Figure 2), to get the filtered and scaled response ar,sc at the
mechanism height hm (Figure 3c), as shown below:
𝑎𝑎:,^9 =

X(Y` )
X(Yb )

𝑎𝑎:

(11)

However, ar,sc is only the scaled and filtered response of the structure relative to the ground.
Thus to get the total acceleration experienced by the structure at the base of the rocking
mechanism, this acceleration ar,sc is added to the original input ground acceleration ag and the
final combined acceleration is illustrated by Figure 3d. This acceleration ag,rock serves as the
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final input signal for the rocking equation of motion (Equation (3), üg = ag,rock), which is then
solved to predict the response of the rocking mechanism in terms of rotation f over time.

Figure 3: Procedure for filtering and scaling of the input ground motion: (a) unscaled input ground acceleration
ag, (b) filtered relative acceleration ar at the effective modal height he, (c) scaled and filtered relative acceleration
ar,sc at the mechanism height hm and (d) final input signal at base of rocking mechanism ag,rock

3

CASE STUDY: CLOCK TOWER IN LENDINARA

To demonstrate this new integrated modeling approach, a clock tower in the city of
Lendinara, Italy was chosen as a case study. Full time-history analyses were conducted for a
predefined set of collapse mechanisms, and the results compared to the expected seismic hazard
in the region.
3.1 Geometry of the tower and seismic hazard of the area
The clock tower chosen for analysis is approximately square in plan and constructed entirely
in brick, with a height of 25.7 m and base dimensions of 7.2 × 8.0 m [18]. The walls are roughly
100 cm thick for the bottom 12.6 m, with this thickness reducing to 50 cm near the top [18].
Two large arches are present on the eastern and western façades at the bottom of the structure,
which enable the tower to connect the two small squares that it borders, while all four façades
have large double openings at the upper level of the structure, with merlon (rampart) elements
present at the very top [18].
The tower is located in North-Eastern Italy in a zone of low seismicity, with a maximum
PGA of 0.075 – 0.100g expected with a 10% probability of exceedance in 50 years. In this
analysis, the ground motion applied to the tower will thus be scaled to PGA = 0.1g (or some
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factor thereof) to gauge the vulnerability of the structure to collapse.
3.2 Mechanisms selected for analysis
As illustrated by Figure 4, three different collapse mechanisms were selected for analysis,
all of which occur high enough up so that amplification effects will not be negligible. These
include the overturning of one of the merlon/rampart elements at the very top of the tower
(Mechanism a1), as well as corner failure with cracks originating at the large double openings.
In the case of the corner mechanisms, the crack angles were chosen to represent both an average
value (αc = 45º, Mechanism b1) as well as an upper limit (αc = 70º, Mechanism b2) for a range
of different brick aspect ratios and bonding patterns.

Figure 4: Collapse mechanisms selected for analysis: (a1) single-block rampart overturning, (b1) corner failure
with a crack angle αc = 45º and (b2) corner failure with a crack angle αc = 70º

The meshed mechanism geometries were then exported to COMPAS to calculate their
equivalent rocking parameters, as listed in Table 1 for each of the different mechanisms. Note
that the coefficient of restitution h is negative for Mechanisms b1 and b2 as both undergo onesided rocking, that is, they rebound against the rest of the tower.
Table 1: Equivalent rocking parameters for the different mechanisms

peq (s-1)
𝜆𝜆 (rad)
fov (rad)
ns
h
hm (m)

a1
2.55
0.22
0.22
2
0.93
23.5

b1
1.22
0.33
0.33
1
-0.35
17.1

b2
1.12
0.20
0.20
1
-0.56
15.0

3.3 Modal analyses
As all three mechanisms take place at a height above ground level (hm > hg), modal analyses
were conducted using compas_fea. Note that as the mechanisms all occur in the same tower,
only one meshed model of the full structure was exported to COMPAS.
The bottom 8.55 m of the tower is connected to the adjacent buildings on its northern and
southern façades, but limited information is available about the type/level of connectivity.
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Therefore, two different boundary conditions were considered to provide a lower and upper
bound for this parameter. These are the isolated case (zero connectivity to the adjacent
structures) and the fixed case (tower completely restrained, i.e. pinned, to the adjacent
structures). The material properties assumed for both models were that of an elastic isotropic
material characterized by a Young’s modulus E = 0.84 GPa, a Poisson’s ratio n = 0.2 and density
r = 2000 kg/m3.
The results of the modal analyses were then used to define two SDF elastic oscillators,
characterized by average frequencies of 1.55 Hz and 2.74 Hz for the isolated and fixed cases
respectively, and first mode shapes as illustrated by Figure 2.
3.4 Full time-history analyses
Full time-history analyses were subsequently conducted for the three different collapse
mechanisms for a suite of earthquake ground motions. Using the PEER NGA-West2 ground
motion database, fifteen different ground motions were selected for this analysis, scaled to the
site-specific response spectrum as defined in Eurocode 8, assuming soil type C, and as
illustrated by Figure 5.

Figure 5: Elastic acceleration spectra (normalized by PGA) of the ground motions selected for analysis. Note
that the site-specific target spectrum is shown in black.

Equation (5) was then solved for the two SDF elastic oscillators (for the isolated and fixed
cases) for each of the ground motions, and the response scaled to get the final input signals at
the base of the three rocking mechanisms. The filtered and scaled input signals were then
substituted into Equation (3), which was solved to predict the response of each of the rocking
mechanisms to the different ground motions, for both the isolated (“iso”) and fixed cases, with
the predictions expressed in terms of rotation f over time. For each mechanism, the maximum
predicted rotation fmax normalized by the overturning rotation fov, was then compared for each
of the different ground motion records, for both connectivity cases (“iso” and “fixed”), as
illustrated by Figure 6 for Mechanism a1 (scaled to a PGA = 0.1g).
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As Figure 6 illustrates, for the isolated case, the tower fails via Mechanism a1 for 4 out of
15 of the earthquake records when the ground motion is scaled to PGA = 0.1g. Failure in this
case is defined as overturning collapse, with overturning taking place when fmax/fov = 1,
although failure would occur at lower rotations in reality. For the full suite of earthquake ground
motions, fmax/fov had a median value of 0.71. For the fixed case, i.e. for the tower connected to
the adjacent structures, the predictions of the rocking equation of motion are consistently lower
than for the isolated case (with the exception of RSN 4437 where the two predictions are equal),
with a median value of 0.30 for fmax/fov for the entire suite of ground motion records.

Figure 6: Mechanism a1: maximum rotation fmax (normalized by overturning rotation fov) recorded for each of
the different ground motion records, for both the isolated and fixed cases (PGA = 0.1g)

Figure 7: Mechanism a1: maximum rotation fmax (normalized by overturning rotation fov) recorded for each of
the different ground motion records, for both the case without amplification and with amplification (fixed case)
(PGA = 0.25g)

To demonstrate the importance of accounting for amplification effects, another set of
analyses were conducted on Mechanism a1, now including the case where amplification effects
were neglected, that is, the input ground motion üg for Equation (3) was set equal to the original
ground motion ag. For rocking to initiate in this case, the ground motion records were now
scaled to a PGA of 0.25g and the results of these analyses are presented in Figure 7. Note that
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only the fixed case results are provided for comparison here, as the isolated case resulted in
overturning failure for all considered ground motion records. As Figure 7 illustrates, this level
of scaling of the ground motion results in collapse of the mechanism for the fixed case (i.e. with
amplification) for 5 out of 15 of the selected earthquake records, with a median value of 0.74
for fmax/fov for the entire suite. Neglecting amplification effects (“no amp”) on the other hand
results in comparatively smaller rotations being predicted for the structure, with a median value
of 0.03 for fmax/fov for the entire suite.

Figure 8: Mechanisms b1 and b2: maximum rotations fmax (normalized by overturning rotation fov) recorded for
each of the different ground motion records, for both the isolated and fixed cases (PGA = 0.5g)

The final set of time-history analyses were conducted on Mechanisms b1 and b2, with the
ground motion now scaled to a PGA = 0.5g to initiate rocking for the relatively stockier
Mechanism b1. The results of these analyses are presented in Figure 8 for both the isolated and
fixed cases. As Figure 8 illustrates, this level of ground motion scaling results in failure via
Mechanism b1 for 5 out of 15 and failure via Mechanism b2 for 13 out of 15 of the earthquake
records for the isolated case, with median fmax/fov values of 0.56 and 1.00 respectively. It is
clear that in this case the slenderness of b2 (l = 0.20, as opposed to l = 0.33 for b1) controls
the response, resulting in the overturning of b2 more frequently than b1 – despite the fact that
both mechanisms are of similar scale, with b1 also occurring slightly higher up than b2 and
consequently experiencing a greater degree of amplification. Similarly, for the fixed case,
Mechanism b1 records smaller median fmax/fov values than Mechanism b2 (0.09 and 0.16
respectively). As in the case of Mechanism a1, the predictions for the fixed case are also
considerably less conservative than their isolated counterparts.
4

CONCLUSIONS

In this paper, a new modeling approach for the seismic collapse assessment of masonry
structures is presented, which integrates finite element analysis with rocking dynamics to model
the dynamic response of complex structural geometries in a computationally efficient manner.
This new modeling strategy, implemented using the COMPAS framework, is first described,
following which it is applied to the seismic assessment of a historic masonry tower in NorthEastern Italy.
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For the level of seismic hazard expected on site, failure of the tower is most likely to occur
via overturning of one of the merlon/rampart elements. The results also illustrated the
importance of accounting for ground motion amplification effects, as well as the influence of
varying boundary conditions (isolated vs fixed) on the dynamic response.
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Abstract. Seismic actions have been a great challenge for structures in the structural
engineering community, and the need for further developments has been approved by
catastrophic seismic events at each time. Reproducing the dynamic behavior of structures with
an acceptable level of accuracy is a complex task due to uncertainties related to the
geometrical, material and physical structural system, more particularly, in the case of existing
historical masonry structures. The use of dynamic analysis is a better choice than the use of
static or quasi-static approaches since it is a better representation of the dynamic response of
a structure by taking account of its energy dissipation capacity. The scope of the present paper
is focused on a seismic assessment of a historical masonry structure, Kütahya Kurşunlu Mosque
located in Turkey, before and after it has been retrofitted. The historical mosque is located in
a seismic prone zone where it is crucial to ensure seismic safety of structures and the local
community. Based on the condition of the structure reported from the site inspections, a seismic
retrofitting by using steel girder elements was implemented on the structural load-bearing
walls. The effectiveness of the seismic retrofitting to the seismic response of the mosque was
investigated by means of the finite element method. Three bi-directional nonlinear dynamic
analyses were performed by using real ground motion records aiming at the validation of the
nonlinear dynamic response of the numerical model in terms of damage patterns, and
demonstration of the contribution of the seismic retrofitting by comparing the representative
model with its retrofitted counterpart. The comparison has been carried out in terms of peak
displacement and damage patterns. It is found that the contribution of the seismic retrofitting
is considerable for the out-of-plane displacements of the load-bearing walls. Furthermore, a
good correlation between existing damage and the numerical damage is achieved, and,
therefore, the validation of the nonlinear response of the representative model is attained.
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1

INTRODUCTION

Throughout the history, national and cultural identity of society has been declared by
means of tangible and intangible cultural heritage. The Nara Document (1994) emphasizes that
“The protection and enhancement of cultural heritage and heritage diversity in our world should
be actively promoted as an essential aspect of human development”. Architectural heritage, i.e.
tangible cultural heritage, is the most concrete example of a culture that defines identity to the
community where it belongs, and, also, its legacy shares a particular creative quality,
uniqueness, originality, and authenticity that makes it a universal heritage of humankind
(Jokilehto, 1999). Furthermore, historic areas have been a catalyst for the regeneration of their
environment and contribute to the economy of cities (Orbaşlı, 2007). Therefore, conservation
of historical structures is significant to be conducted according to the principle of minimum
intervention, as admitted in ICOMOS (2013). Ancient structures have unique architectural,
material and structural properties owing to their complex geometry, variety in construction
materials, and, changes due to repair works, long-term effects, or damage (Roca (2006)). In this
sense, case-based solutions need to be developed for conservation, strengthening, and
retrofitting of heritage structures. Moreover, the seismic performance of such buildings is
highly dependent on its heterogeneous material distribution, sophisticated geometric features,
limited information regarding the connections between structural components, building
condition under long-term effects, and absence of global structural behavior (Lourenço et al.,
2011). The present study investigates a historical masonry mosque located in Turkey which is
situated in the Alpine-Himalayan Seismic Belt. There are destructive major fault lines such as
North Anatolian Fault (NAF), East Anatolian Fault (EAF), and Aegean Graben. Although the
prediction of an earthquake by day and time is impossible, past seismic events provide
significant information. For instance, NAF is experiencing a westward migrating earthquake
sequence as shown in Figure 1. The sequence has begun with 1939 Erzincan Earthquake
resulting in 360 km-length surface rupture and right-lateral displacements up to 10 m.
Following events happened in 1942 (M7.1, with 50 km rupture), 1943 (M7.7, with 280 km
rupture), 1944 (M7.4, 165 km rupture), 1951 (M6.8, 30 km rupture), 1957 (M7, rupture ranging
between 30 – 50 km), 1967 (M7.2, 80 km rupture), and finally, two earthquakes happened in
1999 (M7.5, 130 km rupture and M7.1, with 50 km of rupture)[4]. Consequently, approximately
1,000 km fault unzipped starting from Erzincan nearly to the Marmara Sea [4]. Rockwell (2013)
[4] states that a similar earthquake sequence happened a century ago was concluded regarding
the paleo-seismic site works and it is found that the current sequence, which has started in 1939,
has not completed yet. Therefore, another destructive earthquake is expected in the Marmara
Sea close to İstanbul in which 15 million people live. In addition, the western part of the country
is expected to be affected.

Figure 1. The westward migrating earthquake sequence along the NAF starting from 1939 [5]
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It is obvious that it is crucial to minimize the effects of earthquakes on the structures in
order to ensure the social and economic concerns of the society. However, the protection of
heritage structures still requires significant developments and collapse or severe damage of any
structure which promotes value for the society that should be prevented against earthquake
actions. Turkey has been home to many civilizations throughout history and consequently, the
culture of the country has been influenced and shaped by those periods of time. Therefore, there
is a wide range of cultural and built heritage belonging to different eras of time which forms
Turkey’s outstanding legacy of heritage. For instance, Turkey has 17 properties inscribed on
the UNESCO World Heritage List, and, additionally, 71 historical sites have been nominated
in the Tentative List of UNESCO World Heritage. In fact, the General Directorate of Cultural
Heritage and Museums of the Republic of Turkey Ministry of Culture and Tourism stresses that
there is approximately 107,000 immovable cultural property that requires preservation and
protection all around the country. Immovable heritage properties are defined according to their
service whereas types of the built heritage have been specified as a sample of civil architecture,
religious, cultural, governmental, military, industrial, commercial structures, cemeteries, ruins,
memorials and monuments, and, protected streets. Several cities with a high number of
immovable built heritage are listed in Table 1. The vast majority of the heritage construction
has been recorded in İstanbul, with nearly 31,000, followed by İzmir, Bursa, Ankara, and
Kütahya. It is emphasized that the given cities are only some that have high seismic activity.
Obviously, the majority of the architectural heritage is under seismic risk.
Table 1. Number of immovable cultural property in Turkey and selected cities in Turkey (Aşıkoğlu, 2018)
Type
Civil architecture
Religious structures
Cultural structures
Governmental structures
Military structures
Industrial and commercial
Cemeteries
Memorials and monuments
Ruins
Protected streets
Total

Number of immovable cultural properties need to be conserved
Turkey
İstanbul
İzmir
Bursa
Ankara
Kütahya
68114
25026
4623
3164
1215
1056
9876
1232
435
420
228
223
12118
2308
587
308
199
174
2889
521
227
86
187
29
1225
107
27
49
9
2
3992
532
708
49
90
27
5168
690
174
167
146
54
356
74
28
13
34
6
2552
691
94
72
19
13
69
10
6
1
106359
31191
6909
4329
2127
1584

2 HISTORICAL KÜTAHYA KURŞUNLU MOSQUE
Construction of Kütahya Kurşunlu Mosque dates back to 1377-1378, using ruins of a preexisting building, and the Mosque suffered several conservation and restoration interventions
between the 13th and 19th centuries. Although the mosque is standing for centuries, it is
inevitable that the structure has experienced human and natural originated damage during its
life span. In 2013, the Directorate General of Foundations of Turkey started restoration works
and seismic retrofitting actions on the Mosque to address architectural and structural concerns.
Thus, the present work examines the seismic behavior of the Mosque—located in Kütahya
province with a high seismic exposition—before and after it has been retrofitted.
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Kütahya Kurşunlu Mosque is located in the residential area of the city and being detached.
The Mosque has a rectangular plan with a length of 13.0 m and a width of 9.3 m (Figure 2).
The highest element of the Mosque is the minaret, with a height of 28.0 m, and it has a
rectangular base with a polygonal transition section to a circular body. In the main body, the
height of the load-bearing walls, which were constructed as three-leaf masonry, and the top
point of the dome are 7.8 m and 11.0 m, respectively. The construction material of the Mosque
is cut stone and brick, and the outer layer of the walls was built with cut stone, whereas rubble
stone was used for the inner layer and core of the load-bearing walls. The dome, which is
restrained by an octagonal drum, the vaults, pendentives, and octagonal drum were constructed
using brick. The minaret base and circular body are constituted with cut stone and brick,
respectively.

(a)
(b)
Figure 2. Structural description, (a) architectural plan, (b) steel girder application plan

Deterioration and cracks were noticed during the site investigations, as illustrated in
Figure 3. Some of the timber elements, which were obliged to prevent the development of thrust
at the arch elements, were deteriorated and some of them were missing. Additionally, loss of
wooden tie beams, that was supposed to be located inside the load-bearing walls along the
length, was reported. Various moderate vertical cracks were noticed mainly around the window
openings and at the intersection of two perpendicular walls. Moreover, moderate damage was
observed on the octagonal drum and the dome, both at the interior and exterior surfaces. It is
possible to say that the response of the structure and, also the dome seem to be dominated by
out-of-plane mechanisms and expansion of the octagonal drum due to lack of global structural
behavior. Based on the observed damage on the Mosque, it was decided to implement steel
girder retrofitting having a cross-section of U160, at the top level of the load-bearing walls to
achieve a better interaction between the walls (Figure 4). The connection between the steel
elements and the masonry walls were provided by steel anchor. Additionally, steel elements
were also inserted to the base section and top of the drum walls whereas timber elements were
used to be found. In this part, the steel elements were placed, welded, and then, the gap between
the elements and the masonry was filled with hydraulic lime-based mortar.
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(a)

(b)

(c)
(d)
Legend
Decay of wooden beam
Missing wooden tie beam
Structural crack
Deteriorated wooden tie beam
Figure 3. Damage map, (a) north elevation (b) south elevation, (c) east elevation, (d) west elevation

(b)
(a)
Figure 4. Application of single steel girder (U160) at the top and bottom of the drum, and double steel girder
(2U160) on the load-bearing walls

4

REPRESENTATIVE NUMERICAL MODEL

An optimized numerical model of the Mosque was prepared by using FX+ for DIANA
[6]. The representative model was constructed as a continuum element model assuming
homogenous material behavior throughout the structure [7]. The finite element model created
using beam, shell, and solid elements. Steel girder elements in the retrofitted model are
represented by a set of beam elements (L13BE) while shell elements (triangular T15SH) are
used to model the load-bearing walls, arcades, dome, and drum. On the other hand, a tetrahedron
(TE12L) solid elements were used to model the pendentives since they have a complex volume.
The continuum model of the retrofitted Mosque has 27,250 elements, having 428 beam, 22,978
shell, and 3844 solid elements, with a total number of 12,892 nodes and 72,950 degrees of
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freedom. The degrees of freedom located at the foundation of the structural system was assumed
as fully fixed. A detailed description of the numerical model is given in [8]. The constitutive
model of the masonry material was assigned as a total strain fixed crack model that has been
applied in several studies, such as [9] and [10]. The tensile behavior is defined by exponential
stress-strain relation in the post-peak regime while compressive behavior is assumed to be
parabolic for both pre- and post-peak response [11]. The material properties are listed in Table
2. The detailed description of the material properties is given in [8]. Accordingly, calibration
of the continuum model was carried out by changing the Young’s modulus of masonry material
considering the results obtained from Operational Modal Analysis. Thus, the modal response
of the representative model is given in Figure 5.
Table 2. Mechanical properties of the materials
Compressive
Tensile
Compressive Tensile fracture
 (Poisson
Material  (t/m3) E (MPa)
strength
strength fracture energy
energy
ratio)
(fc) [MPa]
(ft) [MPa] (Gc) [N/mm]
(Gt) [N/mm]
Cut Stone
2.1
1500*
0.2
2.6
0.1
4.2
0.012
Brick
2.0
2500*
0.2
6.0
0.1
9.6
0.012
Timber
0.7
11000
0.3
Steel
7.85
200000
0.3
235
235
*Obtained from dynamic identification

It is important to mention that the non-retrofitted model, in terms of geometrical and
material properties, is the same as the retrofitted model, the only difference being the existence
of the steel girders on the latter model. In fact, frequencies, mode shapes, and cumulative mass
participation ratios of the non-retrofitted model are quite similar to the retrofitted finite element
model, and there is no significant change in modal response, as expected. Therefore, the nonretrofitted model was used to represent the nonlinear response of the non-retrofitted condition
of the Mosque before the damage. The damage was not considered in the numerical model due
to the limited information about the internal damage and the lack of representativeness.

(b)
(a)
(d)
(c)
fnum = 7.87 Hz
fnum = 5.77 Hz
fnum = 11.32 Hz
fnum = 9.77 Hz
Sum_Mx (%) = 61.13
Sum_Mx (%) = 60.72
Sum_Mx (%) = 70.80
Sum_Mx (%) = 70.83
Sum_My (%) = 66.95
Sum_My (%) = 0.00
Sum_My (%) = 67.27
Sum_My (%) = 67.28
Figure 5. The modal response of the first four modes, (a) 1st mode, (b) 2nd mode, (c) 3rd mode, (d) 4th mode

5

NONLINEAR DYNAMIC ANALYSIS

In order to perform the dynamic analyses, three ground motions recorded from past
earthquakes occurred in Turkey were used. The location of the epicenter of each selected
earthquake and its ground motions’ seismological properties are given in Table 3. The vertical
component of the earthquakes was disregarded, and both horizontal components of each input
motions were applied orthogonally to the global coordinate axes of the mosque. The transverse
components of Erzincan and Bolu records and longitudinal component of Bingöl record were
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performed in the transversal direction (+X) of the mosque while the rest of the input were acted
in the longitudinal direction (+Y) (Figure 6). The application of the orthogonal components was
decided through the weaker axis according to the spectral acceleration values for the first mode
of vibration period. The response spectra of the input motions and the elastic design spectra
defined in TEC 2007 are given in Figure 7. The viscous damping ratio required for the Rayleigh
damping strategy was assumed as 3%. Due to the fact that nonlinear time history analyses
require high computational effort, only a part of the strong ground motions was considered in
order to reduce the computation time. Thus, the duration of each record was shortened
according to the cumulative energy duration [13] and only the first 20 s of each acceleration –
time series were considered. The seismic performance of the retrofitted and non-retrofitted
mosque was studied by means of bidirectional nonlinear time history analyses using the HilberHughes-Taylor method (α-method). The numerical procedure was carried out using the secant
method and energy norm convergence criteria with a tolerance value of 0.001 to solve dynamic
equilibrium solution at each iteration. Accordingly, the effectiveness of the seismic retrofitting
was investigated and presented in terms of out-of-plane displacements and principal tensile
strain distribution on the structure.
Table 3. Seismological properties of selected ground motions (TR-NSMN)
March 13, 1992 Erzincan
23
6.6
0.413
0.480
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Figure 6. Acceleration-time series (TR-NSMN), (a) longitudinal (N-S), (b) transversal component (E-W)

Displacement response of the non-retrofitted and retrofitted model is given in Figure 8
and Figure 9 for the out-of-plane direction of the investigated structural walls, transversal (X)
direction for East and West wall, longitudinal (Y) direction for South and North wall. It is found
that two nodes located on the parallel walls have similar trends, but residual displacements are
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in the opposite direction from their origin. Notwithstanding, the results obtained from the
retrofitted model exhibit that improvement in the global structural behavior is achieved due to
the fact that the residual displacement is considerably reduced. Indeed, the steel girder
retrofitting contributes to the seismic response. In general, a considerable decrease in the peak
displacement was observed in the Erzincan and Bingöl Earthquake cases. However, it is
important to notice that although there is a reduction in the peak displacement, for instance as
a result of the Düzce-Bolu Earthquake, the imposed displacement values are still high and might
be an indication of structural damage. Reduction in the out-of-plane displacements on the East
and West walls is nearly up to 55% while the difference in the South and North Wall reach 86%
and 66%, respectively. Above all, the expansion of the dome is reduced significantly by
implementing the seismic retrofitting, as shown in Figure 10.
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Figure 7. Elastic response spectra for Z3 soil condition, (a) longitudinal (N-S), (b) transverse component (E-W)
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Figure 8. Displacement response at east and west walls in the x-direction, (a) Erzincan, (b) Düzce, (c) Bingöl

2865

A. Aşıkoğlu, L.C. Silva, Ö. Avşar, and P.B. Lourenço

0
-50

0

5

10

15

20

Portico
North Wall
South Wall

-100

50
0
-50

0

5

10

15

20

Portico
North Wall
South Wall

-100
-150

0

5

10

20

Retrofitted

0

5

50

0

0

5

10

15

20

-100

15

20

-50

Time (s)

Retrofitted

50
0

0

5

10

15

20

-50

-100

Time (s)

10

100

100
0

Non-Retrofitted

-100

Time (s)

-200

Time (s)

15

-100

200

Retrofitted

100

0

-200

Time (s)

150

100

Displacement in y-dir (mm)

50

100

Non-Retrofitted

Displacement in y-dir (mm)

Displacement in y-dir (mm)

100

-150

Displacement in y-dir (mm)

200

Non-Retrofitted

Displacement in y-dir (mm)

Displacement in y-dir (mm)

150

Time (s)

9000

9000

8000

8000

8000

7000

7000

7000

6000

6000

6000

5000
4000
3000

5000
4000

3000

1000

t=4.01s
0

100

200

300

Displacement in x-dir. (mm)

1000
0

5000

East façade

4000
3000
2000

2000

2000

0

Height (mm)

9000

Height (mm)

Height (mm)

(a)
(b)
(c)
Figure 9. Displacement response at north and south walls and portico in the y-direction, (a) Erzincan, (b) Düzce,
(c) Bingöl

1000

t=7.15 s

0

40

0

80 120 160

Displacement in y-dir. (mm)

t=7.46 s
0

40

80 120 160

Displacement in y-dir. (mm)

West façade
(a)
(b)
(c)
(d)
Figure 10. Change in absolute displacement in the out-of-plane direction, at time-step when the west wall has
peak displacement, (a) Erzincan, (b) Düzce - Bolu, (c) Bingöl, (d) location of the section cuts

According to [15], the principal tensile strain distribution is a good qualitative damage
indicator. A fictitious homogenous material is adopted and, therefore, the strain values observed
on the numerical model does not correspond to the values that are expected on the real structure.
In this regard, strain distribution of the structural response was analyzed at the time step in
which the peak displacement was achieved on each structural component (see [16]). In the
present paper, the most critical plots are presented in Figure 11, Figure 12, and Figure 13.
Numerical simulation satisfactorily reproduced a crack pattern similar to the existing one. In
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particular, the numerical damage observed on the South Wall and the dome are compatible with
the moderate crack found on the real structure. According to the difference in strain
distributions of two models, the effect of steel girder retrofitting on seismic response is
observed. The non-retrofitted structure is dominantly subjected to vertical cracks, i.e. out-ofplane behavior, resulting in high tensile stresses on the significant portion of the structure.
Nevertheless, change in damage patterns is noticed and can be an indication of the limitation of
out-of-plane response. Still, even with the retrofitting, the structure experiences damage
depending on the dynamic input.

Non-retrofitted

(b)

Retrofitted

Non-retrofitted
Retrofitted
(a)
(c)
Figure 11. Correlation of (a) real damage; and total principal tensile strain distribution on the south façade, (b)
Erzincan Earthquake at time-step 3.43s, (c) Bingöl Earthquake at time-step 3.99s

(a)
(b)
(c)
Figure 12. Correlation of (a) real damage, and total principal tensile strain distribution on the west façade
subjected to the Bingöl Earthquake, at time-step 3.99s, (b) non-retrofitted, (c) retrofitted
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Non-retrofitted

Retrofitted
(b)

(a)
(c)
Figure 13. Correlation of the crack patterns, (a) real damage; total principal tensile strain distribution on the dome
(b) the Erzincan Earthquake at time-step 3.43s, (c) the Bolu Earthquake at time-step 6.12s

6

CONCLUSIONS

In the present study, a historical masonry mosque, namely Kütahya Kurşunlu Mosque
was investigated. Severe damage was observed on the mosque and several interventions and
retrofitting actions were carried out. Regarding the site observations, severe damage can be
attributed to the lack of connections and integrity of the overall system. Within this context,
steel girder elements were introduced to the structure and anchored at the top of the load-bearing
walls, and, bottom and top level of the octagonal drum (dome support). In order to study the
effectiveness of the introduced retrofitting technique, the finite element method was used. The
nonlinear dynamic analysis was conducted by using three different real ground motions in
which both horizontal components of the accelerograms were used. According to the analysis
results, the model without the retrofitting experiences high residual displacements whereas, in
the retrofitted model, the imposed residual displacements are limited. Thus, the steel girders are
effective in what concerns the out-of-plane behavior providing the so-called box behavior for
the historical structure. The validation of the performed analysis can be made by considering
the non-retrofitted model. Once the damage is known for this case, numerical damage verifies
the constituted hypotheses. Therefore, the response of the retrofitted case obtained from the
numerical analysis is assumed to be representative of the actual response.
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Abstract. Complex masonry monuments represent an important part of the built cultural
heritage and most of them are vulnerable to seismic actions. Their large scale, irregularity,
and heterogeneity makes it challenging to characterize their structural behaviour.
This work addresses the state of conservation as well as the structural behaviour and
seismic vulnerability of the most ancient body of the National Palace of Sintra, Portugal:
the Bonet building. This body was built on top of Arabic foundations during the reign of
King Dinis, around the year 1281, and since then few alterations were made to the building.
In order to minimize the multiple uncertainties usually existing in complex masonry
buildings, whether related to geometry or masonry mechanical properties, a detailed structural
survey was conducted together with different in-situ experimental tests. All the tests
performed were important to the adequate characterization of the building and the
calibration of the numerical models. The final values adopted for the mechanical properties
of the rubble stone masonry are presented and can be used as a reference for future works in
ancient Portuguese monuments of the same period.
Afterwards, nonlinear static analyses were performed in two different software (3MURI
and ABAQUS). Comparisons and discussion of the results are made. The differences in
modelling strategies and characterization of materials between the two software are considered
with regard to their realism, computational effort, data availability and applicability to large
scale structures. Efforts to calibrate and obtain the same behaviour of the building for the
different software were made, involving geometry, boundary conditions and
characterization of the material constitutive laws.
1

INTRODUCTION

This work is part of a research project which aims to evaluate the seismic safety of the
National Palace of Sintra, by identifying possible structural anomalies and vulnerability factors.
This project was developed by Instituto Superior Técnico, University of Lisbon and promoted
by Parques de Sintra – Monte da Lua, S.A. (PSML). The palace is an agglomerate of buildings
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of different volumes and styles added over time that presents a beautiful and harmonious unity,
characterized by its iconic chimneys, as can be seen in Figure 1.
N

Figure 1: On the left: North-facing top picture of the National Palace of Sintra. On the right: Northeast view
of the palace with the identification of the Bonet Building and the chapel (images captured by the drone of the
IST)

This study aims at the structural safety verification of the Bonet Building, one of the oldest
structures from the National Palace of Sintra, built over the foundations of an ancient Arab
palace. At the request of King D. Dinis, whose reign took place between 1261 and 1326, the
Bonet Building was expanded, and the adjacent Palatine Chapel building was built from scratch,
both identified in Figure 1 (right).
The palace is located in Sintra, a town of the Lisbon district, which is a zone of Portugal
mainland characterized by high seismic risk. The seismic assessment of complex masonry
structures such as this palace, in which the Bonet building is included, presents several
difficulties. One of them is the definition of the best numerical modelling option, where one
needs to choose between a rational computational effort and assuring a reliable structural
assessment able to characterize the building’s correct behaviour. Other adversity is the lack of
tools and consistent procedures to perform the seismic analysis and verification of such
complex masonry structures ([1], [2]).
For the complete characterization of the Bonet building, an experimental campaign was
carried out including in-situ experimental tests aiming for the mechanical characterization of
materials and/or structural elements, and the geometric and dynamic identification of the
structure [3]. A detailed geometric inspection was performed using a laser scanner that allowed
to obtain data with an accuracy of up to 1x10-6 m, thus constituting a suitable methodology for
cases of complex geometry. The data collection was aided by a UAV equipped with a Sony 7R
digital camera so that it was possible to obtain full information of the outside of the palace. The
set of data obtained gave rise to a three-dimensional point cloud (Figure 2, left), later treated
and used in Revit software for the development of an H-BIM model (Figure 2, right).
The GPR (Ground Penetrating Radar) test, a non-destructive method, aims to characterize
the masonry by detecting types of materials and anomalies (voids, cracks, water), using
different frequencies’ antennas. With this test, two major conclusions were obtained: i) “the
majority of the walls are composed of two interior-filled masonry leaves, and usually the outer
leaf is approximately 0.30m thick” [4]; and ii) the walls built around the rock are directly in
contact with it, without empty spaces in between.
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Figure 2: Bonet Building, North Facade: Point clouds (on the left) and Revit Model (on the right)

Flat-jack tests, considered to be semi-destructive, aim to characterize the mechanical
capacity of structural masonry walls. The fact that Bonet is a historical building increases the
difficulty of locating the experimental tests. Despite this, the wall to be tested should
accomplish still the following conditions: to present a certain level of compression and not be
located near doors, windows, or another singularity that can alter the stress field. With this in
mind, two locations were defined, one on the north facade of the building and the other on the
south. The results of the single test indicate that the Bonet structure is poorly compressed in the
tested areas, although the results may be considered with caution due to their punctual character
and the physical characteristics of the walls, which present high thicknesses. From the double
tests, the stress-strain curves were obtained and then the stiffness, maximum stress, and
Poisson's ratio were determined. Young’s Modulus values are high, justified by the boundary
conditions of the walls examined, which are built against the bedrock (the only possible
locations on the building to perform these tests). Therefore, this parameter obtained was taken
into account only as an upper limit value during the numerical model calibration.
In addition, samples were collected in the form of cores (semi-destructive test) near to the
locations were the flat-jack tests were carried out, in order to characterize the material and its
constituents. However, due to the heterogeneity of the masonry, the samples can only represent
the material locally. From this type of test, qualitative results were obtained, concluding that
the state of degradation of the masonry in the Bonet building is quite high, even one of the worst
of the entire palace [3].
The ambient vibration tests are non-destructive and suitable for the seismic assessment of
existing buildings, especially for historic and heritage buildings. By measuring the structure
vibrations subjected to external environmental inputs, it is possible to identify the modal
dynamic characterization parameters. The dynamic characterization of the structure is crucial
for the calibration of its numerical model. The processing of the obtained data was performed
with the ARTeMIS Modal Pro software [5] that allowed to obtain the fundamental frequencies
and the vibration modes of the structure. Results reached are available further on in Table 1 and
Figure 4.
3

NUMERICAL MODEL

The Bonet Building was modelled in parallel using two software, 3Muri [6] and ABAQUS
[7]. For both models, it was ensured that the structure geometry is identical, even with the
required simplifications, and consistent with the data collected by the Laser Scanner.
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Both ABAQUS and 3Muri models were defined based on the BIM model. It was decided to
export the Revit model [8] and to import it into ABAQUS, saving time and significant manual
effort. In 3Muri, this specific option is not possible. Nevertheless, one should be aware of the
usual excessive detailing in BIM models for the purposes of numerical modelling, with all the
architectural ornamentation, that cannot be directly used in FE software. Thus, as explained in
[9], in order to achieve an adequate FE model, several manual simplifications are required to
guarantee mesh compatibility, to avoid mesh local distortions or small elements, and to model
complex architectural objects. With that in mind, some geometric simplifications were adopted,
namely the use of the mean value of thickness in walls of variable thicknesses.
For the ABAQUS model, in solid FE elements, a 10-node tetrahedral finite element mesh
with a maximum size of 700mm was defined (Figure 3, left), thus ensuring for each thickness
the existence of three nodes. As presented in Figure 3 (right), the EF method is adopted in 3Muri
[3], defining the walls in macroelements that consist of piers (represented in orange), spandrels
(in green), and rigid nodes (in light blue).

Figure 3: Bonet Building (view of the North facade): on the left, ABAQUS Model with FE Discretization;
on the right, 3Muri model with macroelements discretization

One of the most difficult challenges when modelling complex structures is the definition of
the boundary conditions. Therefore, the necessary parts of the adjacent buildings were modelled
to account for the interactions and impact they have on the overall behaviour of the Bonet
Building.
3.1 Calibration
The calibration of the numerical models, in ABAQUS and 3Muri, is an important step and
fundamental to reach reliable results. In this phase, an iterative process was followed, in which
the values obtained in the experimental campaign [3] were considered as reference and in each
step special attention was taken to the:
• definition of the boundary conditions, considering the adjacent buildings;
• type of boundary conditions when modelling the structural walls in contact with the
bedrock;
• values adopted for the definition of the masses;
• values adopted for Young’s modulus (E) of the materials, in particular to the masonry
walls (significantly cracked on the top floor and not cracked on the other floors).
Table 1 illustrates the fundamental frequencies for the first three vibration modes obtained
experimentally (ARTeMIS) and numerically (ABAQUS and 3Muri), as well the relative error
obtained when comparing the numerical to the experimental results, in percentage. Figure 4
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presents the corresponding vibration modes: the first and second mode represent the
translational modes in the north-south direction (Y - transversal), and the third mode
corresponds to the vibration in the east-west direction (X - longitudinal). It is worth noting the
close similarity between the frequency values and deformed shapes obtained in the numerical
models and the experimental results.
Table 1: Frequencies of first vibration modes, Relative Errors of models in ABAQUS and 3Muri
(numerically) in comparison to the model in ARTeMIS (experimentally)
ARTeMIS

ABAQUS

3Muri

Mode:

f (Hz)

f (Hz)

Difference (%)

f (Hz)

Difference (%)

1st Y

5.00

5.05

0.96

4.98

-0.40

2nd Y

5.18

6.17

19.11

5.55

7.14

1st X

8.20

7.27

-11.34

7.03

-14.27

ARTeMIS

ABAQUS

3Muri

1st Vibration Mode – Y (transverse direction)

N

N

N

2nd Vibration Mode – Y (transverse direction)

N

N
N
1st Vibration Mode – X (longitudinal direction)

N

N

N

Figure 4 - Deformed shapes of the main vibration modes obtained experimentally (ARTeMIS) and
numerically (ABAQUS and 3Muri) – plan view

For the verification of the seismic safety of the structure, nonlinear static analyses were
performed. Different approaches were followed to model the nonlinear behaviour of the
masonry panels.
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For the Equivalent Frame (EF) models (3Muri program), the masonry panels were modelled
as nonlinear beams with lumped plasticity and a piecewise-linear behaviour, that are able to
describe the nonlinear response until very severe damage levels through progressive strength
decay in correspondence with assigned values of drift [10]. In the EF models, according to the
failure modes which can occur, it is possible to use specific failure criteria for the masonry
panels. It is highlighted that with this modelling technique only the in-plane behaviour of the
walls is considered, assessing the walls’ response in terms of global stiffness, strength and
ultimate displacement capacity by assuming a proper shear-drift relationship [6]. This
relationship depends on the different failure modes, which in turn depend on several parameters:
the geometry of the element, the boundary conditions, the axial load, and the mechanical
characteristics of the masonry constituents (e.g. mortar and units).
Regarding the FE model (ABAQUS), the masonry walls have been simulated by using the
Concrete Damage Plasticity Model (CDPM) and the stress-strain relationships defined
separately for compression and tension. The CDPM was designed to define the plastic
properties of concrete or quasi-brittle materials developed by Lee & Fenves [11]. This model
uses the concepts of damaged elastic isotropic material in conjunction with the compressive
and tensile plastic stress of isotropic material to represent the non-elastic behaviour of masonry,
as explored in the ABAQUS Theory Manual [12]. Therefore, it is recommended to be used in
masonry materials, despite being developed for concrete. The plastic model assumes that the
two main collapse mechanisms are tensile diagonal cracking and compressive crushing. The
evolution of the yield surface is controlled by the tensile and compressive strain, considering
different types of behaviour related to the failure mechanisms under load, as explained in the
ABAQUS Theory Manual. In this study, simplified constitutive laws for compressive and
tensile behaviour were based on [13] and [14], respectively.
The value assumed for the masonry compressive strength was defined proportional to the
calibrated Young’s modulus (E), according to MIT [15] reference intervals. The value adopted
for the tensile strength was defined as 3/2 of the value of cohesion. The mechanical parameters,
assumed in both software, ABAQUS and 3Muri, for rubble stone masonry of the Bonet and
adjacent buildings are presented in Table 2. In this table, E stands for the Young modulus, G
for shear modulus, ft for tensile strength, fc for compressive strength, and w for the specific
weight of the material.
Table 2: Rubble stone masonry mechanical properties
E (GPa)
G (GPa)
ft (MPa)
Disorganized irregular stone masonry
0.69 – 1.05
0.23 – 0.35
0.030 – 0.048

fc (MPa)

MIT (2009)
1.00 – 1.80
Bonet Building (Last
0.40
0.13
0.018
0.62
Floor) Cracked
Bonet Building
0.80
0.26
0.036
1.24
Irregular stone masonry with two external leaves and internal core
MIT (2009)
1.02 – 1.44
0.34 – 0.48
0.053 – 0.077
2.00 – 3.00
Chapel
1.44
0.48
0.080
3.00
Brasões Room
1.20
0.40
0.063
2.43

2875

ԝ (kN/m3)
19
18
18
20
19
18

M. Ponte, M. Malcata and R. Bento

In ABAQUS, damage variables for the compression and tension of each material are
necessary to define to control the loss of stiffness and resistance of the material that occurs upon
entering the plastic regime, increasing progressively with the stress decay. The damage
variables are fundamental to represent the real behaviour of the material during the nonlinear
analysis since the damaged masonry presents significant stiffness reductions. A linear
progression was adopted since entering the plastic regime until the maximum strain of decay,
when it was assigned the maximum damage value of 0.9.
To define the CDPM in ABAQUS, the values of the following parameters are assumed as
being the typical ones for masonry, as explained in [2]: (i) the dilation angle, equal to 10°; (ii)
the flow potential eccentricity, set equal to 0.1; (iii) the ratio between the initial biaxial
compressive yield stress and the initial uniaxial compressive yield stress, set equal to 1.16; (iv)
the ratio of the second stress invariant on the tensile meridian and the same on the compressive
meridian, set equal to 0.666; (v) the viscosity parameter, which defines visco-plastic
regularization, equal to 0.002.
5

NONLINEAR STATIC ANALYSES

5.1 Pushover curves
In this work, two distributions of lateral loads were considered: uniform – proportional to
the mass, and inverse-triangular (named triangular for simplicity) – proportional to the product
between the mass and the height of the building. The analyses are performed for the two main
directions of the building (longitudinal, X, and transversal, Y), including negative and positive
orientation.
Figure 5 presents the final pushover curves obtained with 3Muri and ABAQUS in terms of
base acceleration, and displacement divided by global height. The last point of the capacity
curves corresponds to the ultimate displacement divided by the global height. As expected, for
the initial phase, similar values of initial stiffness in pushover curves were obtained for both
software, since the dynamic characteristics obtained in the modal analysis were also very
similar.
On the other hand, some differences in terms of maximum base acceleration exist for the
curves in the X direction. For this direction, the curves in 3Muri present less acceleration, that
is translated into less strength capacity. This result can be related to the different constitutive
laws considered in each software; however, the most likely justification is the fact that in 3Muri
the entirely of the adjacent buildings were modelled, while in ABAQUS only small parts with
constraints at its extremities were modelled. The constraints do not allow to consider the
damages or even the collapse of the adjacent buildings suffered during the pushover analyses,
increasing the strength of the ABAQUS model. This modelling option was made taking into
account the computational capacity required to model the entire adjacent buildings in ABAQUS
software and the calibration of the model.
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Figure 5: Final Pushover Curves, X direction (left) and Y direction (right), ABAQUS and 3Muri

5.2 Ultimate displacement definition
The ultimate displacements of the pushover curves obtained in 3Muri were calculated based
on two-level multiscale approach: global damage, measured when achieving a decay of 20% of
the base shear force on the pushover curve; and local damage, defined when a collapse
mechanism occurs.
The CDPM implies that for each time increment the applied load is also increasing and,
regardless of the damage variables defined, the total strength of the structure does not decrease.
Thus, with the ABAQUS software, there is a difficulty in determining the ultimate
displacement, becoming necessary to define a criterion for its definition.
Since one of the main objectives of the ABAQUS model is to compare the results with the
3Muri model, in addition to performing the seismic evaluation of Bonet building, the ultimate
displacement calculated in 3Muri was used in the corresponding curves obtained in ABAQUS.
Subsequently, the ultimate displacement was verified using the Italian Standard [16] criterion the ratio between the ultimate displacement value and the yield displacement must be between
3 and 6 - and, if necessary, a correction was implemented.
5.3 Safety verification – N2 method
Safety is verified using the N2 method, as suggested in Part 3 of Eurocode 8 [17] and defined
in its Part 1 [18]. In this study, for the safety verification, the ratio of the maximum acceleration
compatible with the fulfilment of each limit state (𝑎𝑎𝑔𝑔,𝑚𝑚𝑚𝑚𝑚𝑚 ) and the reference ground acceleration
(𝑎𝑎𝑔𝑔𝑅𝑅 ) is evaluated and analysed. The ration between the ultimate displacement and the target
displacement was not analysed for the safety verification, since the definition of the ultimate
displacement is one of ABAQUS limitations. For the definition of the equivalent single degree
of the system (SDOF), a transformation factor needs to be evaluated; as opposed to 3Muri,
ABAQUS does not automatically calculate the transformation factor, for this reason, it was
obtained manually for each direction, which is a demanding process for complex structures
such as the Bonet Building. The degrees of freedom were considered at the floor levels of the
structure that are not restrained by the bedrock. The mass associated with each degree of
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freedom was calculated considering the displacements of each floor associated with the
vibration modes.
The seismic action was defined according to EC8-1 [18], complemented by the Portuguese
Annex. According to EC8-3, three limit states should be considered for the seismic safety
verification: Limit Damage (LD), Severe Damage (SD), and Near Collapse (NC).
Safety is verified when the ratio is greater than 1. Figure 6 shows the safety verifications for
the type 1 earthquake, the most demanding one, and the near collapse limit state (the one with
the highest requirements) of the equivalent SDOF system in ABAQUS and 3Muri. It is then
possible to state that safety is not verified for the Bonet Building, with Y direction being the
most vulnerable for both models. It should be added that, due to the restrictions of ABAQUS
when defining the ultimate displacement, it is more useful and interesting to compare the results
of both software in terms of damage patterns, as will be commented below.
1.5
𝒂𝒂𝒈𝒈,𝒎𝒎𝒎𝒎𝒎𝒎Τ𝒂𝒂𝒈𝒈𝒈𝒈

1

0.5
0

X + unif

X- unif

X + tiang

X - triang

Y + unif

ABAQUS

3MURI

Y- unif

Y + tiang

Y - triang

Figure 6: Safety Verification, NC, Earthquake Type 1

5.4 Damage pattern
A comparison is made between the damage patterns results obtainable from the FE model
developed in ABAQUS, and those obtainable from the Equivalent Frame approach, by using
the 3Muri software. Here only the most demanding case is presented: + Y, triangular lateral
load distribution (Figure 7 and Figure 8). The damage patterns depicted correspond to the
ultimate displacement.
According to the 3Muri results presented in Figure 7, it is possible to identify in the Bonet
building a concentration of damaged elements at the top floor, even with a pier collapsed due
to shear on the western sidewall. The walls of the top floors along the Y direction present
damage mainly due to shear behaviour. As expected, the type of collapse is severely influenced
by the height/length ratio; walls with lower values are controlled by shear, while walls with
higher ratio values tend to present flexural damage.
CHAPEL

BRASÕES
BONET

Undamaged
Shear Damage

Shear Failure
Bending Damage

Bending Failure
Compression Failure

Tension Failure
Failure during elastic phase

Figure 7: Damage Pattern, 3Muri (+Y, triangular distribution) – damage in Equivalent Frame Model
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East Facade

South Facade

West Facade

North Facade

Figure 8: Damage Pattern, principal inelastic Tensile strains, ABAQUS (+Y, triangular distribution)

Finite element analysis in the ABAQUS model allows studying the local evolution of the
damage in detail in terms of strains, which can be increased if necessary, with mesh refinement.
On the other side, refining the mesh will require more computational effort and time, which for
complex structures of this size can be unportable. Moreover, it is worth noting that ABAQUS
does not identify the type of damage or collapse the walls suffer as in 3Muri, making the
analysis less user-friendly. This program presents the damage through the separate
interpretation of the damage caused by tension or compression. Analysing the damage
parameter in ABAQUS for the tensile strains (Figure 8), it can be concluded that most of the
damage is also concentrated on the walls of the top floor. The diagonal inclination of the cracks
at the top floor walls along the Y direction clearly indicates the activation (or close to the
activation) of shear failure, as seen in 3Muri damage patterns. It is worth mentioning that the
maximum tensile damage is presented in the upper spandrels of the last floor walls, in both
facades, where the tie rods are located. This effect cannot be identified in 3Muri since a global
analysis is performed, without considering the out-of-plan behaviour.
In the past, some numerical comparisons have already been carried out for masonry walls
([19], [20]) and the results have shown generally good agreement in terms of damage pattern.
This is in accordance with the observed in the Bonet building analyses for FE and EF models.
6

CONCLUSIONS

Regardless of the numerical software used, the point cloud based on the laser scanner survey
is essential for the correct geometric characterization of a complex building. As the construction
of complex structures in ABAQUS is very difficult, it is suggested, whenever possible, to
import a BIM model of the structure directly into the software. Otherwise, it may not be
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advisable to use ABAQUS to assess this type of structures, as the effort of building the
numerical model will not be worthwhile. Moreover, the BIM model has to be architecturally
simplified and built in order not to create distorted finite elements when generating the mesh in
the FEM software. On the other hand, 3Muri is a program developed for masonry building
modeling and analysis, leading to a simplified process of construction and alteration of the
geometric characteristics of the structure.
In general, good correspondence is observed between the predictions of the two numerical
models considered. Note that ABAQUS presents a high graphical ability to observe the results.
In the modal analysis, it is possible to rigorously study the deformed structure for the various
vibration modes. The same conclusion can be drawn when interpreting the damage pattern since
one can observe the damage evolution for each finite element node, while 3Muri presents the
damage evolution for each macroelement. However, 3Muri designates the type of damage or
collapse in each element, which is very useful to the user.
In addition, 3Muri is a more suitable program for performing pushover analysis and
subsequent security verifications. The program proposes for each analysis an ultimate
displacement and automatically calculates the transformation factor of the models from MDOF
to SDOF. These two points are of high difficulty in ABAQUS, involving a complex calculation,
especially for complex buildings. On the other hand, in ABAQUS, non-linear analyses
performed with refined FE discretizations of the critical regions and with more sophisticated
material models, are useful to deepen the knowledge of the behaviour of complex structures
under seismic actions.
Lastly, 3Muri does not require the large computational effort and time that ABAQUS
requires, which is a very important aspect to take into account when dealing with very large
and complex structures. In the end, it will be necessary for the user to choose between more
geometry accuracy and detail with ABAQUS or less computational effort with 3Muri.
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Abstract. A brief description of the damages observed after the occurrence of the September
2017 earthquakes in some temples located in the states of Oaxaca, Puebla and Morelos is
presented. A total of 48 temples were visited where we observed partial or total collapses of
structural elements as: towers, roofs, buttresses, walls and arches in the temples. In some
cases, the level of the damage was so severe that compromised the stability of the temples.
1

INTRODUCTION

During September 2017, two high intensity earthquakes hit the central and southern region
of Mexico. At 23:49:17 local time on September 7, 2017, an earthquake of magnitude Mw
8.2 occurred in the Gulf of Tehuantepec, 133 km southwest of Pijijiapan, Chiapas and 700
km from Mexico City. According to the National Seismological Service (SSN), this
earthquake was catalogued as a normal fault [1]. The maximum acceleration recorded near
to the epicenter (PGA) was over 2.28 m/s2 [2]. Serious damage was reported in the states of
Oaxaca, Chiapas and Tabasco; mainly to housing, ancient buildings and some infrastructure
facilities.
On September 19, a second strong earthquake with a magnitude Mw 7.1 was felt at
13:14:40 local time. The epicenter was located between Puebla and Morelos states, 12 km
southeast of Axochiapan, Morelos and 120 km from Mexico City. According to the SSN [3],
the earthquake was a normal fault intraplate with a maximum acceleration recorded over 2.20
m/s2, measured near to the epicenter area [4].
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According to Meli [5], 2,340 historical buildings suffered some kind of damage, due to
the occurrence of the September earthquakes. Table 1 shows the number of heritage buildings
damaged in the different states by both September earthquakes, as well as the level of damage
reported by the National Institute of Anthropology and History, INAH [6]. INAH established
three levels of damage: minor, moderate and severe. In general, minor damage refers to
damage without effect in structural elements; moderate damage is when the damage is present
in some structural elements but without represent a risk to structural safety of the buildings;
the severe damage is when the damage affects the structural safety of part or all of building.
Table 1: Number of heritage buildings damaged by the earthquakes [5]
City

Type of damage

Total damaged
buildings

Severe
Moderate
Minor
Chiapas*
21
29
64
114
Ciudad de México
51
65
81
197
Guerrero
11
41
43
95
Hidalgo
2
6
5
13
Estado de México
52
135
92
279
Morelos
122
84
53
259
Oaxaca
34
308
245
587
Puebla
125
335
161
621
Tabasco
1
2
24
27
Tlaxcala
11
12
111
134
Veracruz
1
2
11
14
Total
431
1019
890
2340
*Note. The building damages only corresponds to the earthquake of September 7

Percentage of damaged buildings compared to the
total
4.9
8.4
4.1
0.6
11.9
11.1
25.1
26.5
1.2
5.7
0.6
100

Only three entities: Oaxaca, Puebla and Morelos concentrated 62.7% of the total
damages. Of these, Oaxaca and Puebla represented just over half of the damages (51.6%).
For this reason, a campaign of reconnaissance of damages was performed in order to
assessment the damage in historical temples in these states. A total of 48 temples were visited
(Fig. 1): 22 in Oaxaca, around of the Mixteca Alta and Tehuantepec regions; 11 inside of the
Mixteca region, Puebla; 15 in Morelos, along of the route called Ruta de los Conventos. Some
of them are included on the World Heritage List of the UNESCO, as “Earliest 16th Century
monasteries on the slopes of Popocatepetl”. The damage observed is describe in this paper;
according to the type of structural element of the temple. For this purpose, the temples were
divided into: façades and bell towers; domes and vaults; side walls and apse.

Figure 1: Location of the temples visited after the earthquake of September 19, 2017
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2

FACADES AND BELL TOWERS

The damages observed into the façades were produced mainly due to higher levels of
shear stresses into the plane of this element. These damages were displayed with the
formation of diagonal cracks and/or with the separation of the main body of the facade or the
separation of the side walls. However, some damages were associated with an out-of-plane
behavior. Mainly, due to the overturning of the frontispiece and belfries. The bell towers
were one of the most damaged elements. In most cases, partial or total collapse of the bell
tower bodies was observed.
Some examples are showed in figure 2. The façade of Tlaquiltenango temple, in Morelos,
present a separation between the façade and sidewalls; as well as, a diagonal crack in the
middle of this element (Fig. 2a). In Tlayacapan, some diagonal cracks were located over the
façade, near to the door and windows. The bell gable showed a partial collapse due to the out
of plane behavior of this element (Fig. 2b). A similar behavior was observed in the Sagrario
temple, in Huajuapan de León, Oaxaca (Fig. 2c). The façade of Chila de la Sal chapel showed
some cracks between the side walls, in the middle, and the towers (Fig. 2d).

a)

c)

b)

d)

Figure 2: Damages patterns in façades: a) Tlaquiltenago, Morelos; b) Tlayacapan, Morelos; c) Huajuapan de
León, Oaxaca and d) Chila de la Sal, Puebla

The towers were the structural element that more damages presented in temples located,
mainly, in Puebla and Morelos. In San Andrés de la Cal chapel, Morelos, the arches of the
lower body of the bell tower collapsed and horizontal cracks appeared in the upper and base
of the pilasters (Fig. 3a). Similar behavior was observed in the pilasters of the bell towers of
Santa Ana Jolalpan (Fig. 3b) and Pilcaya, (Fig. 3c) Puebla.
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a)

b)

c)

Figure 3: Damages patterns in bell towers: a) San Andrés de la Cal, Morelos; b) Santa Ana Jolalpan, Puebla
c) Pilcaya, Puebla

The temples Hueyapan, Jiutepec and Ocuituco located into the Ruta de los Conventos, in
Morelos, they have only a one bell tower. In all cases, this element presented a different level
of damage, from only cracks until partial or total collapse (Fig. 4). Hueyapan tower shown
cracks upper and the base of the pilasters of the first body of the belfry. This is because the
upper body, being more rigid and smaller, worked mainly as a rigid body with a considerable
mass, where the seismic shear was concentrated (Fig. 4a). The temples of Jiutepec and
Ocuituco presented collapses of the bell towers, while the main walls of the facades had slight
damage, which was concentrated in the opening of the window of the choir (Figs. 4b and 4c).

a)

b)

c)

Figure 4: Damage to facades of temples in Morelos: a) Hueyapan; b) Jiutepec; c) Ocuituco

Although most of the temples in Mexico have a vaulted roof, as stone o brick masonry,
some façades were damages due to presence of the out of plane behavior. For example, in
Pilcaya (Fig. 5), the facade was separated from the vault because a deficient anchoring of the
roof to the facade wall. Likewise, the frontispiece collapsed due to movement out of plane.
In Tlayacapan (Fig. 6) vertical cracking are showed between the façade and the side walls of
the nave, due to an out-of-plane behavior.
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a)

b)

Figure 5: Temple of Pilcaya, Puebla: a) turning of the frontispiece; b) separation of the facade from the body
of the nave
Vertical cracking

a)

b)

Figure 6: Facade of the Tlayacapan temple, Morelos: a) General view; b) Vertical cracking between the
facade and the wall of the nave

3

ROOFING SYSTEM

The roofing system of this kind of temples is mainly made by domes and vaults. The most
common are the barrel vaults without or with lunettes. Many cases of damages in this system
was observed, from longitudinal and transversal cracks until partial or total collapses. Figure
7 shows the typical cracking of continuous barrel vaults, where longitudinal cracks are
present along the vault. Usually a crack appears at the top of the vault, in the intrados and
extrados, ridding the fillings that commonly cover the kidneys of the vault in the extrados
(Fig. 7). In some cases, the cracks were large enough to cause the collapse of the vault and
arches.
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a)

b)

Figure 7: Damage in vaults: a) Tlayacapan, Morelos and; b) Tlaquiltenango, Morelos

About of the domes, typical damages were observed: radial cracks at the base of the dome
and meridians on the body of the dome (Fig. 8). In some cases, the damages were located
only in the drums. In others, the dome collapsed and the drum remained standing, apparently
undamaged (Fig. 9).

Figure 8: Radial and meridian cracks in the dome of the Jiutepec temple, Morelos

a)

b)

Figure 9: Damage to the main dome in temples in Morelos: a) Totolapan (sail vault); b) Zacualpan
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4

SIDE WALLS AND APSE

The temples are massive structures. The weight of their structural elements contributes to
the stability. The walls usually are robust and can hardly collapse. However, damage may
occur mainly by shear forces that the masonry cannot resist as shown in figure 10.

a)

b)

Figure 10: Damage in side walls: a) El Calvario temple, Huajuapan, Oaxaca; b) Ayoxutla, Puebla

In some cases, the side walls have horizontal cracks that cross the thickness of the wall
and generally are located below the windows (Fig. 11). This type of cracking is due to
bending moments outside the plane of the wall; which occur mainly in churches that have
other bodies attached to the side wall, such as convents, chapels or parish offices. These
attached bodies function as struts on the side walls.

Figure 11: Horizontal wall cracks in the temple of Tlayacapan, Morelos

Buttresses with added sections at different stages of construction collapsed by separating
mainly in areas with old cracks that had been repaired in previous works. In flying buttresses,
shear cracks occurred even when their arches had been bricked up, in addition to the
separation of the walls (Fig. 12).
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a)

b)

c)

Figure 12: Typical damage to buttresses in Morelos: a) Tlayecac; b) Tlayacapan and c) Totolapan

5

CONVENT BUILDINGS

The convents buildings visited have a central quadrangular cloister, with one or two
levels, surrounded by arcades with or without buttresses, and halls covered by masonry vaults
or wooden roofs. They were built during the 16th century. The damages were located in the
cloister arches and the roofs of the halls, as well as the walls and vaults of the rooms.
The barrel vaults in the corridors showed longitudinal cracks, located at the top and in
the kidneys of the roof; in a few cases they were located in the bases of the vault, as in the
Totolapan convent (Fig.13a). These cracks are located frequently next to the cloister, because
in this side, the structural elements are insufficient to contain the thrust of the vault, compared
to the opposite side, that contain the walls of the rooms, which are more rigid (Figs. 13a and
13b).

a)

b)

c)

Figure 13: Typical damages in Morelos convents: a) Ocuituco; b) Jiutepec; c) Totlolapan

In some convents, the arches of the upper cloister collapse because they have an important
opening and the poor quality of the material building. In particular, the convents of Jiutepec
and Totolapan, located in Morelos, were the most affected. In the first, the roof of the high
cloister was formed by wooden and tiles, with thickness arcades and without buttresses (Fig.
14a). In Totolapan, the damage was associated to the poor quality of the masonry, maybe for
a lack of maintenance. The low cohesion between the mortar and the stone induce the
crumbling of the masonry, which caused the collapse of the buttressed arch and the barrel
vault in the gallery of the high cloister, due to movement out of plane (Figure 14b).
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b)

a)

Figure 14: Damage to the upper cloister of Morelos convents: a) Jiutepec; b) Totolapan

The convent of Jantetelco presented severe damage due to the low resistance of the
masonry used for its construction; since it is made mostly of large pebbles and a low quality
mortar, causing an inadequate adherence between the mortar and the stone as well as for the
poor interlocking between the stones. Due to this, when the action of the earthquake induced
high levels of stresses on the convent, the masonry crumbling. Figure 15 shows the cloister
with debris of the masonry.

Figure 15: Damage to the cloister of the convent of Jantetelco, Morelos

6

BEHAVIOR OBSERVED IN PREVIOUSLY REINFORCED TEMPLES

Actually, it is difficult to find a temple without any process of intervention realized. In
some cases, these interventions are visible and others are hidden. When the intervention is
associated to improve the structural response of the temple, the earthquakes are the best test
to evaluate the effectiveness of the intervention. During the visits of recognition of damages,
some temples structurally intervened were find. Regardless if the intervention was made
according to the criteria of conservation of Heritage buildings or not, some cases are presents.
In Oaxaca are located some temples intervened with massive reinforced concrete
elements, because they were severely damaged for previous earthquakes. Figure 17 shows
two cases: Santiago Cacaloxtepec and San Andrés Dinicuiti, both with reinforced concrete
elements embedded in the walls and the vault (Figure 16 and 17). In San Andrés Dinicuiti,
the original vault was replaced totally by a reinforced concrete slab (Figure 17b). In both
temples, not damages by the earthquake of the September 19 were detected.
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a)

b)

Figure 16: Temple of Santiago Cacaloxtepec reinforced with concrete element: a) walls and b) vault

a)

b)

Figure 17: Temples of San Andrés Dinicuiti reinforced with concrete elements: a) walls and b) vault

Other cases were found where only the interventions of reinforcement were applied
locally in specific structural element, without intervening adjacent elements. Causing that the
damages were transferred to weakest regions that probably before the intervention had not
been damages. For example, Figure 18 shows the damage in the drum of the Huajuapan
Cathedral. In this case, the dome was rebuilt previously with reinforced concrete. Another
example is when reinforced concrete or steel elements are incorporated as structural
reinforcement. However, due to incompatibility of materials or an inadequate anchorage with
around structural elements, some damages were produced as show in Figure 19.

Figure 18: Damage in the dome of Huajuapan Cathedral, Oaxaca due to interventions before to the 2017
earthquakes
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a)

b)

Figure 19: Wall collapses due to interventions with concrete slabs in the convent of Jiutepec, Morelos: a)
Slab supported directly on the wall; b) Beams supported on the walls

7

CONCLUSIONS

The damages reported in this paper correspond to the observed in historical temples of
Oaxaca, Puebla and Morelos states due to the earthquakes of September 2017. The damage
patterns and mechanisms of collapse described are the same like observed in previous
earthquakes. The bell towers, vaults and domes still remain as the most vulnerable elements.
Lack of maintenance, poor quality of the masonry, structural modifications and inadequate
previous interventions are the main causes of the damages observed in this kind of structures.
Continuous and correct maintenance of the structure is indispensable to reduce the
possible damages due to earthquakes. A detailed structural assessment of the temples always
is necessary to performance an adequate intervention program according to the criteria of
restauration of Heritage Buildings.
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Abstract. A significant proportion of the built heritage in historic centres is constituted by
rubble stone masonry structures. Collapses by leaf separation and disaggregation observed
after earthquakes highlight their dramatic vulnerability, especially under out-of-plane loads.
Nevertheless, their dynamic response still needs to be fully investigated and their capacity may
be overestimated by assessment approaches based on rigid-body mechanics. Effective
retrofitting solutions are also needed to protect human lives and safeguard the built heritage,
while ensuring the conservation of its architectural value. This paper describes the design of a
shake table investigation on stone masonry walls, whose materials and arrangement reproduce
those surveyed in the villages of central Italy struck by the 2016-2017 earthquake sequence.
The test setup was conceived to induce out-of-plane vertical bending under earthquake base
motion and investigate the dynamic response of multi-leaf rubble stone masonry and the gain
in seismic capacity that can be achieved with mortar-based composite reinforcements, designed
to prevent the leaf separation and disaggregation of the wall without compromising its fair
face.
1

INTRODUCTION

A seismic sequence activated in central Italy in Summer 2016 and struck a number of historic
centres located in four regions (Lazio, Marche, Umbria and Abruzzo). The first event occurred
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on August 24th 2016, had a magnitude of MW 6.0 and its epicentre was in Accumoli (RI, Lazio).
Other events followed, the strongest ones being on October 26th 2016 (MW 5.9,
Castelsantangelo sul Nera, MC, Marche), October 30th 2016 (MW 6.5, Norcia, PG, Umbria)
and January 18th 2017 (MW 5.5, Capitignano, AQ, Abruzzo) [1]. In addition to the 299 fatalities
and almost one thousand people injured, several collapses occurred (the centres of Amatrice,
Accumoli and Arquata del Tronto were almost destroyed) and severe damages were surveyed
[2]
. Such scenario is associated with the building stock of the areas struck by the earthquake,
mainly constituted by old structures in rubble stone masonry (Figure 1) and ordinary reinforced
concrete buildings, including churches and palaces of architectural value [3].

(a)

(c)

(b)

(d)

Figure 1: Survey of masonry typologies in the centres struck by the 2016-2017 earthquake sequence

The 2016-2017 earthquake fostered a new boost to the scientific and technological research
devoted to the seismic assessment and protection of the building stock in earthquake prone
areas, with specific reference to historic structures and architectural heritage. Two research
projects have been recently funded by Lazio Region. SISMI (Technologies for the improvement
of the seismic safety and the restoration of historical centres) gathers the main research
institutions in the Region in a wide range of activities, including architectural survey of the built
heritage of the earthquake prone areas of the Region, seismological characterization of the
territory, structural assessment tools, smart materials for retrofitting, full-scale tests, and
monitoring. SICURA (Sustainable technologies for the seismic protection of the cultural
heritage) is coordinated by Roma Tre University and involves suppliers of reinforcement
systems, software houses, design companies and contractors. The project aims at developing an
advanced knowledge on the seismic retrofitting of architectural heritage with mortar-based
composites and includes experiments on small-scale specimens and on full-scale retrofitted
structures, and the development of advanced software tools and expeditious analytical methods
for the reinforcement design and the assessment of retrofitted structures. Both the projects
include shake table tests on full-scale structural members for investigating the seismic response
of historic masonry, validating numerical models and demonstrating the effectiveness of
strengthening technologies. This paper presents the design of this table test, starting from the
identification of the problems under study and including the collection of the materials, the
design of the setup, the selection of the inputs, and the development of retrofitting solutions.
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2 PROBLEM STATEMENT AND GOALS OF THE STUDY
Rubble stone masonry structures proved extremely vulnerable against seismic actions. Due
to their the irregular arrangement (Figure 1a,b), poor quality of the mortars, and weak
connection with orthogonal walls and horizontal structures (floor, roof), the perimeter walls
tend to separate from the rest of the construction and collapse out of their plane [4]. Not only
this, but also such type masonry generally fails by leaf separation (Figure 1c) and
disaggregation (Figure 1d), such that, on the one hand, tie-bars and crowning beams (possibly
installed after past earthquakes) do not effectively prevent collapse and, on the other hand, their
seismic capacity may be overestimated by the assessment approaches based on rigid-body
mechanics [5]. The surveys carried out after the events of the 2016-2017 earthquakes confirmed
such feature, highlighting the dramatic fragility of the territories struck by the seismic sequence.
Nonetheless, the dynamic response of this type of masonry still needs to be deeply investigated
to develop adequate assessment tools and effective retrofitting solutions. With these purposes,
a shake table test investigation was designed on four full-scale wall specimens, built with the
stones collected in a small village struck by the earthquake and a mortar developed on the basis
of the samples taken in the field. The programme includes a first test on one unreinforced wall,
followed by the tests on three walls retrofitted with different strengthening solutions. Each
specimen will be subjected to a sequence of seismic inputs at the base, along the horizontal
direction (out of the plane of the wall) and along the vertical direction, which will be
progressively scaled up to collapse. This allows following the development of damage,
although the test sequence is expected to affect the results and it is difficult to identify one
single input signal that corresponds to the whole sequence. The experimental setup was
designed to constrain the top horizontal displacement and leave vertical displacement and
rotation free, to induce vertical bending under earthquake base motion.
This experimental study requires important efforts for the construction of the specimens and
the setup, the implementation in the laboratory, the design and installation of the
reinforcements, and the acquisition, analysis and interpretation of test data. On the other hand,
it allows overcoming the drawbacks of simpler experimental methods and achieving results that
would be unavailable otherwise. First, the investigation of full-scale specimens makes it
possible to build the walls and apply the seismic inputs without scale effects. The use of original
materials makes it possible to represent the masonry types surveyed in the field, which is
essential to investigate their behaviour, replicate their failure modes and assess the effectiveness
of retrofitting strategies [6]. Placing full-scale walls in vertical (with the addition of masses on
top) makes it possible to apply a vertical compression in addition to the out-of-plane loads, thus
replicating the stress state experienced by masonry walls in the field, which is unfeasible when
medium-scale wall panels are tested with a three/four point bending test configuration [7].
Second, the careful design of the constraint that prevents the horizontal displacement of the top
of the wall (simulating the effect of a tie-bar or of a crowning beam) while leaving the vertical
displacement and the rotation free, aims at reproducing the actual boundary conditions of a
façade at the highest storey of a building. Indeed, it has been observed that the dynamic
behaviour of a masonry wall under out-of-plane bending is highly affected by the boundary
conditions and especially by the restraint imposed to the top vertical displacement [8]. Finally,
the use of a shake table infrastructure allows the application of acceleration time histories at the
base of the specimens, thus reproducing the actual distribution of inertial forces experimented
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by the wall under earthquake base motion, including their dynamic amplification and rapid
variation and reversal, which cannot be simulated in quasi-static tests [9]. Moreover, the
application of the vertical component of the seismic inputs makes it possible to take into account
its effects on the dynamic response, which cannot be neglected when unreinforced masonry is
under investigation [10].
With these premises, this shake table investigation aims to:
(i) develop a deeper understanding of the seismic behaviour of historic multi-leaf rubble
stone masonry walls under out-of-plane loads, with specific reference to boundary
conditions that prevent the onset of overturning such that disaggregation, possibly
combined with leaf separation, is the expected failure mode;
(ii) contribute to the development of seismic assessment methods that account for the
arrangement of masonry and its effect on the dynamic response and failure mode under
out-of-plane loads, overcoming the approaches based on rigid-body mechanics
recommended by standard codes [5], which may be unconservative if collapse occurs by
disaggregation;
(iii) investigate the effectiveness of innovative mortar-based composites for the seismic
retrofitting of architectural heritage and promote the development and the confident use
in rehabilitation practice of strengthening solutions that combine structural effectiveness
and fulfilment of conservation principles;
(iv) foster the fruitful cooperation between academia, industrial partners, institutions and
practitioners for the transfer of knowledge from the scientific community to engineers
and decision makers, as well as the involvement of citizens and local administrators in
the whole process of post-earthquake reconstruction.
3 WALL SPECIMENS UNDER INVESTIGATION
Four wall specimens, with a thickness of 0.50m, a width of 1.70m and a height of 3.70m,
will be tested on the shake table (Figure 2). The walls will be built using rubble limestone units
collected in Collespada, a village in the municipality of Accumoli (RI), where several buildings
collapsed after the event of October 26th 2016. A mortar with natural aerial lime and siliceous
aggregates will be used, having 1:9 binder:aggregate weight ratio and 02mm grain size range,
according to the physical and chemical analyses on mortar samples taken in the field [11]. To the
purpose of reproducing the arrangement of the masonries surveyed in the historic constructions
of central Italy, the walls will have two leaves without transversal connection, small and
irregular stones and mortar joints with irregular layout and thickness. Each wall will be built on
a reinforced concrete foundation beam, in order to be moved in the laboratory hall and fixed to
the shake table (Figure 2a). The first layer of masonry will be partially laid in the foundation to
prevent sliding. On top of each wall, a 0.30m high top beam will be built in reinforced
brickwork. Glass fibre meshes will be placed in the bed joints during construction to provide
the top beams with tensile and bending strength. Vertical connectors, inserted in drilled holes
injected with a lime-based grout, will ensure the connection with the stone masonry. The top
beams will represent a crowning beam built to contribute to their horizontal bending capacity
and improve their connection with other orthogonal walls, preventing the onset of out-of-plane
overturning mechanisms and providing the structure with a box type behaviour. Finally, a 15
kN weight will be applied on top to simulate the axial load of a floor or a roof.
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4 EXPERIMENTAL SETUP AND SEISMIC INPUTS
Steel frame and setup details
A steel frame structure will be fixed to the shake table, which is comprised of two braced
frames, placed at the two sides of the specimen, and two I-girders, bolted on top of the frames,
one on the front side and one on the back side (Figure 2b). Rubber rollers, fixed to the I-girders,
will be put in contrast with the top beam in order to constrain its horizontal displacement, while
leaving its upward displacement and its rotation free. This setup has already proved effective
in a recent experimental investigation [7]. The steel structure is designed to minimize the relative
displacements between the top beams and the reinforced concrete foundation even if it should
be noted that, due to the dynamic amplification of the seismic input over the height of a
construction, the dynamic actions at the base and on top are not expected to be identical.
Natural accelerograms selected for the shake table tests
The acceleration time histories of the main events of the 2016-2017 earthquake sequence
will be used in shake table tests. Input signals will be applied along horizontal and vertical
directions and progressively scaled up to collapse. The use of different accelerograms will make
it possible to investigate the correlation between the response of the wall and several intensity
parameters, including peak ground acceleration (PGA), velocity (PGV) and displacement
(PGD), Housner intensity, mean incremental velocity (MIV) and spectral acceleration. Data
acquisition will be continued for 20 seconds after the end of the input to record displacements
and accelerations under free oscillations and collect data for dynamic identification. For the
same reason, tests under white noise will be carried out before the beginning of the tests and
after each sequence of tests with the same scale factor. Clearly, the test sequence performed on
the unreinforced specimen will be repeated on the retrofitted specimens for comparisons.
Instrumentation
The tests will be carried out at ENEA Casaccia Research Centre (Rome) using a 4m×4m
shake table with six degrees of freedom. The accelerations will be recorded by piezoelectric
accelerometers placed on the table, on the reinforced concrete foundation, on the wall specimen
and on the top beam, in order to detect the actual base input experienced by the walls and their
response, including the dynamic amplification throughout the height. A high-resolution optical
system named 3DVision will be also used to record the spatial displacements of several
measurement points [12]. Near infrared digital cameras will be placed around the specimen.
LEDs will illuminate wireless retro-reflecting spherical markers and the reflected radiation will
be captured by the sensors of the cameras and processed. Displacement data will be filtered to
remove noise and analyzed to derive acceleration time histories [13] and calculate fundamental
frequencies and modal shapes through Multi-Input/Multi-Output (MIMO) experimental modal
analyses [7]. Data provided by accelerometers and 3DVision will be compared for mutual
validation and for calibrating filter parameters and will integrate each other for a comprehensive
detection and representation of test results. 3DVision offers the advantage that the spatial
displacement of a large amount of points can be measured during tests, overcoming the
limitations of traditional devices associated with encumbrance, range, cables, need of stiff
reference structures, and risk of damage to expensive instrumentation.
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(a)

(b)
Figure 2: Wall specimens under investigation an experimental setup.

5 RETROFITTING DESIGN WITH MORTAR BASED COMPOSITES
Different retrofitting solutions will be applied to three wall specimens, using mortar-based
composites, such as fabric reinforced cementitious matrix (FRCM) [7,14,15] and composite
reinforced mortar (CRM) [16,17]. These systems, which have been developed and introduced in
the market in the last decade, are comprised of an open mesh applied to the outer surface of the
wall with a mortar matrix. They can be seen either as an evolution of ferrocement [18], an overlay
of cement plaster applied over one or more layers of a thin steel net, or of Textile Reinforced
Concrete (TRC) [19], in which glass or carbon fabrics were used instead of steel nets, to precast
thin structural elements. Nevertheless, ferrocement and TRC have been mainly developed for
load-bearing new structural members, whereas FRCM and CRM systems are conceived for the
external reinforcement of existing structures. They proved effective for enhancing the ultimate
capacity of structural members with no increase of mass to the original structure, by the virtue
of their high strength-to-weight ratio. The installation is relatively fast and easy, even on uneven
or wet substrates, and they can adapt to a broad range of shapes and layouts. When lime-based
mortars are used, the retrofitting complies with the principles of conservation as it ensures
vapour permeability and physical/chemical compatibility with masonry substrates. In this case,
additional challenges are posed by the arrangement of the masonry and its expected failure
mode by disaggregation, as well as by the need of preserving its fair face on one side, in order
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to preserve the architectural value of the façade. For these purposes, a hybrid system will be
tested, which comprises an FRCM or a CRM overlay installed on one side (the interior one),
whereas, on the other side (the façade), mortar joints will be repointed with high strength
stainless steel wires [20]. On both sides, the retrofitting system will be installed over the whole
surface of the wall in order to prevent disaggregation and provide a distributed bending strength.
Transversal connectors will be also installed to contrast leaf separation and contribute to the
substrate-to-reinforcement load transfer mechanism. The reinforcements are designed in
accordance with the guidelines developed by the RILEM Technical Committee 250-CSM
jointly with the ACI (American Concrete Institute) 549 Committee [21]. The formulation is based
on a cross-sectional analysis and assumes ultimate strain values for the materials derived from
an acceptance procedure that combines direct tensile and shear bond tests. Tuning coefficients
and safety factors are calibrated on experimental databases, as recommended by Eurocodes [22].
6 FURTHER STEPS AND EXPECTED OUTCOMES
The outcomes of this investigation will contribute to the development of an improved
understanding of the seismic response of historic structures, built in irregular rubble multi-leaf
masonry, which, despite their architectural and cultural value, represent a dramatic element of
vulnerability in earthquake prone areas. The enhancement of tools for structural assessment as
well as of seismic retrofitting technologies will contribute to an improved approach to the
seismic protection of the building stock. The transfer of the scientific knowledge developed
within this project to engineers, private and public stakeholders, with the active involvement of
general public will foster the implementation of proper structural rehabilitation practices.
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Abstract. Roofs are complex elements of heritage structures which are not only meant to
protect the building from exterior methodological factors but are also defining the skyline of a
city while highlighting the importance and aesthetics of the building they belong to. However,
in seismic areas, roof structures prove out to either trigger the out-of-plane behaviour of
historic masonry buildings [1] or reduce the horizontal displacement, depending on their type
and their connection to the masonry walls [2]. The study is therefore aiming do highlight the
effect of common roof structure types from Timisoara, a city placed in the western part of
Romania, subjected to shallow earthquakes, on the seismic behaviour of a local type of masonry
structure, with a ground-floor and 2 upper floors, from the 18th century.
Throughout the study, three different types of roof structures were placed on the same masonry
building and the out-of-plane horizontal displacement, inter-story drift, damage level and
internal forces were assessed. The main scope of the study is to highlight how the chosen roof
structures from the 18th, 19th and 20th century, would influence the behaviour of a masonry
building during seismic events. Detailed numerical simulations using finite element models of
the building and the three roof structures were performed in order to obtain the four assessed
parameters, which prove that, depending on the connection to the masonry walls and the state
of conservation of the timber elements, roof structures would significantly improve the seismic
behaviour of historic masonry buildings in this area.
1

INTRODUCTION

Heritage buildings were built considering the local environmental factors, by taking all the
risks into consideration and adapting the structural features of the building in order to ensure
good structural behaviour during extreme events. This can strongly be observed in earthquakeprone areas, where various solutions were found in order to reduce the seismic vulnerability of
the heritage structures which are able to preserve the integrity of the building and ultimately
save the life of their inhabitants [3,4]. More recent studies also confirm that roof structures can
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influence the seismic behaviour of historic masonry buildings. More than that, they also
highlight that the connection between the roof structure and the state of conservation of the
timber joints is also significantly influencing the behaviour of the roof structure and ultimately
that of the masonry building during that seismic event [5,6]. It can, therefore, be stated that
timber structures can enhance the seismic behaviour of historic masonry building [7,8] but also
in a bad state of conservation trigger significant damage [9,10].
Considering this observations, a study has been performed in Timisoara, concerning the
effect of three representative roof structure types on the seismic behaviour of a characteristic
historic masonry building from the 18th century by evaluating the out of plane displacement of
the walls, their damage level and the internal forces by also highlighting the effect of the decay
of the timber elements on this behaviour [11].
2 NUMERICAL MODELING OF THE BUILDING AND ROOF STRUCTURES
Finite element numerical simulations have been performed using the structural analysis
software SCIA engineer [12]. By using the equivalent lateral forces method, the software is
performing a static seismic behaviour analysis of the model, based also on dynamic analysis
data like the defined seismic response spectrum and the distribution of the masses on each floor
of the building. Thus, for the numerical simulation, the local characteristics of the earthquake
were taken into consideration. The western part of Romania is the second seismic area of the
country regarding the seismic intensity [13] but is mainly influenced by rather shallow
earthquakes, which are only producing significant damage starting with 8 kilometres around
the epicentre [14]. 94 seismic events with a seismic intensity between V and VIII on the
Mercalli scale were recorded in the region [15,16].
2.1 Characteristics of the building
For the numerical simulations, a characteristic building from the historic part of the city was
chosen, which includes all the specific features of 18th century buildings (Figure 1).

Figure 1: Section of the 18th century building – marked area which was considered for the study

The building has an L shaped plan, with the main building placed parallel to the street and a
secondary wing placed towards the courtyard, perpendicular to the street. Therefore, for the
study, only the main building was considered. It has one underground floor and three levels
above ground each of them presenting a different functional purpose. Therefore, the ground
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floor was used for commercial purposes while the two upper floors where residential. The
structure is also changing with the height of the building, the width of the historic masonry
walls decreasing from 90 centimetres at the ground floor down to 45 at the top of the building,
while the floor structure is changing from cross vaults used for the ground floor to timber beam
flooring at the upper floors.
Unfortunately, due to low maintenance the building was partially demolished and an up to
date hotel is planned to be built instead.
2.2 Characteristics of the roof structures
The three chosen structures are not only the main roof structure types which can be found in
the city, until the beginning of the 20th century, they are also specific for the period in which
they were built. This is why a characteristic roof structure from the 18th, 19th and beginning of
the 20th century was chosen for the study (Figure 2). The three structures are all purlin roof
structures composed of main and secondary trusses, but they present completely different
approaches regarding the used structural elements, their cross-section and their position,
therefore influencing the seismic behaviour of the building in different ways.

Figure 2: Considered roof structure types (a) 18 th century; b) 19th century; c) 20th century)

The 18th-century roof structure (Figure 2a) is presenting a complex strutting device, specific
for structures built in this period, which is composed of a tie beam, a straining beam and two
compound rafters. Additionally, a second layer of structural elements was placed on the exterior
of the strutting device, composed of a collar beam and the two rafters meant to compose the
support of the roof envelope. At the same time, the roof structure is also presenting a complex
system of diagonal elements placed between the rafters meant to also increase its rigidity in the
longitudinal direction. The connection to the wall is made by a wall plate, partially inserted in
the historic masonry wall and connected to the tie beam through a traditional crafted lap joint.
The 19th century roof structure (Figure 2b) is rather peculiar since it is a queen-post structure
with inclined post and without a collar beam connecting the top part of the posts. Still, an angle
brace was placed in the upper part of the structure, connecting only the rafters. This roof
structure is also presenting a different type of longitudinal rigidity enhancing system, which is
composed of heathers and trimmers and placed above the masonry wall.
The beginning of the 20th century roof structure type (Figure 2c) is a typical queen and king
post structure with two queen posts placed in the inferior part of the structure and one king post
placed above the collar beam meant to increase the height of the roof. In this case, no additional
rigidity enhancing system was observed in the longitudinal direction.
For the 19th and 20th century roof structures passing braces were used to connect the posts to
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the tie-beam. At the same time, it was observed that the used cross-section of the timber
elements is lower than in the 18th century roof structure case. Except for the tie beam to wall
plate joint which is a lap joint, all the other joints are tenon and mortise joints with or without
additional wooden and steels pegs, depending on their position.
2.3 Characteristics of the models
Due to the significant height of the roof structures, it was impossible to assess their behaviour
in a laboratory and numerical simulations were performed by placing each of the three chosen
roof structures on the characteristic 18th century historic masonry building in SCIA Engineer.
For both the building and the roof structure, the surveyed geometric characteristics of the
structural elements were used in the models. For the models, the timber elements of the roof
structures were modelled 1D members and the masonry walls as orthotropic 2D elements.
Concerning the material properties, it was decided to use code-based mechanical properties for
the timber (D18) and the historic masonry [11], since only few laboratory tests have been
performed on historic timber and brick in Timisoara.
Previously performed studies concerning the behaviour of historic timber roof structures and
their effect on masonry structures are highlighting the importance of properly considering the
connection between the roof and the wall but also the significant effect of the joint axial stiffness
on the general behaviour of the roof structure. Therefore, during the study, three different
support types were taken into consideration: rigid, sliding and hinged and sliding, while the
joins were modelled using five principles: first using a more conservative approach and
modelling them as rigid and hinged and secondly considering their semi-rigid behaviour and
using three different methods: the component method [17,18], the Heimeshoff and Köhler
method [19,20] and the Hölzer method [21,22], thus resulting 15 different scenarios for each
roof structure model.
3

RESULTS

After modelling the building and placing the three roof structures, the behaviour of the
masonry building during local seismic events was analysed by comparing five parameters,
which could highlight if the roof structures are actually improving the seismic behaviour of the
chosen historic masonry building and which one is presenting the best effect (Figure 3).

Figure 3: The three models with roof structures (a) 18th century; b) 19th century; c) 20th century) (after [11])
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Therefore the horizontal out-of-plane displacement and inter-story drift of a selection of
points, placed on a longitudinal exterior wall in the area of each slab, but also the deformed
shape of the building, the damage level of the masonry wall on each floor and the internal forces
were considered.
3.1 Out-of-plane displacement
First in order to observe the effect of the roof structures on the seismic behaviour of the
masonry building the out-of-plane displacement of the building without roof structure was
compared with the results obtained for the same building with the three chosen roof structures.
While comparing the results, it was observed that the out-of-plane displacement is
approximately similar on the first floor of the building with variations reaching up to 10%
compared to the no roof structure building. The presence of the 20th century roof structure is
causing the most peculiar behaviour of the building since it presents the lowest horizontal
displacement at the first and second floor but the highest displacement at the top, decreasing it
with only 20% compared to the no roof structure case. Compared to this, the presence of the
18th century roof is presenting the most significant improvement of the top out-of-plane
displacement, reducing the displacement with about 50%, while the 19th century roof structure
is reducing it with around 40%. Still, in all the three cases, a difference between the obtained
displacements was observed influenced by the considered scenarios (Table 1, Figure 4).
Table 1: Mean displacement of the building without a roof and with the three roof structures without decay

No roof
1st
floor
2nd
floor
3rd
floor

Displacement [mm]
Compared to no roof
Displacement [mm]
Compared to no roof
Displacement [mm]
Compared to no roof

2.18
7.28
19.86

With roof structure
18 century
19th century
20th century
2.08
2.29
1.95
-5%
+5%
-10%
6.55
7.77
6.32
-10%
+5%
-15%
10.22
11.44
15.71
-50%
-40%
-20%
th

Figure 4: Horizontal out-of-plane displacement of the building without and with roof structures (a) 18th century;
b) 19th century; c) 20th century) without decay
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If, however, the timber elements are decayed, the numerical simulations highlight that the
effect of the roof structures is different (Table 2, Figure 5). It can be observed that the presence
of the 20th century roof structure is causing a slight increase of the horizontal displacement at
the first and second floor but still reducing the top horizontal displacement with about 30%,
more than is the case with the same roof structure in a good state of conservation. At the same
time, it could be observed that the 19th century structure is also increasing the horizontal
displacement on the first floors while significantly reducing the top horizontal displacement
with up to 40%. The 18th century rood structure, on the other hand, is still presenting a reduction
of the horizontal displacement at the first and second floor, but only a 40% reduction at the top.
Still, compared to the displacement recorded for the 19th and 20th century roof structure, where
the differences between the assessed scenarios are rather low, in the case of the 18th century
roof, a clear variation depending on the chosen to support and joined axial stiffness was
observed reaching up to 25%.
Table 2: Mean displacement of the building without a roof and with the three roof structures with 20%
decayed timber elements

No roof
1st floor
2nd floor
3rd floor

Displacement [mm]
Compared to no roof
Displacement [mm]
Compared to no roof
Displacement [mm]
Compared to no roof

2.18
7.28
19.86

With roof structure
18th century
19th century
20th century
2.15
2.42
1.20
0%
+10%
0%
7.05
8.69
7.62
-5%
+20%
4%
11.81
11.33
14.44
-40%
-45%
-30%

Figure 5: Horizontal out-of-plane displacement of the building without and with roof structure (a) 18 th century;
b) 19th century; c) 20th century) with 20% decayed timber elements

3.2 Out-of-plane inter-story drift
The analysis of the out of plane inter-story drift is once again highlighting the different effect
of each roof structure on the seismic behaviour of the building. The analysis clearly shows that
the 18th and 19th century roof structures are presenting a clear decrease of the inter-story drift
on the third floor of the building, the 19th century roof structure presenting a clear decrease
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between the 2nd and 3rd floor of 35%. The 20th century roof structure, on that other hand, is
presenting a steady increase of the inter-story drift starting with the first floor with a significant
increase at the last floor of 55% (Table 3).
Table 3: Mean inter-story drift of the building without a roof and with the three roof structures without decay

No roof
1st
floor
2nd
floor
3rd
floor

Interstory drift [mm]
Interstory drift ratio [%]
Compared to no roof
Interstory drift [mm]
Interstory drift ratio [%]
Compared to no roof
Interstory drift [mm]
Interstory drift ratio [%]
Compared to no roof

2.18
0.06
5.10
0.14
12.58
0.46

With roof structure
18th century 19th century 20th century
2.08
2.29
1.95
0.06
0.06
0.05
-4.72%
4.60%
-10.68%
4.47
5.48
4.37
0.12
0.15
0.12
-12.41%
7.56%
-14.34%
3.67
3.67
9.39
0.10
0.10
0.26
-70.82%
-70.80%
-25.37%

The decay of the timber elements is emphasizing these changes. The presence of the 19th
century roof structure is decreasing the top out-of-plane inter-story drift with 60% compared to
the second floor, while the presence of the 20th century structure is increasing it with only 20%,
compared to the previous 55%. The effect of the 18th century roof structure is not as visible at
the top of the building (Table 4).
Table 4: Mean inter-story drift of the building without a roof and with the three roof structures with 20%
decayed timber elements

No roof
1st
floor
2nd
floor
3rd
floor

Interstory drift [mm]
Interstory drift ratio [%]
Compared to no roof
Interstory drift [mm]
Interstory drift ratio [%]
Compared to no roof
Interstory drift [mm]
Interstory drift ratio [%]
Compared to no roof

2.18
0.06
5.10
0.14
12.58
0.46

With roof structure
18th century 19th century 20th century
2.15
2.42
2.20
0.06
0.07
0.06
-1.57%
10.96%
0.85%
4.90
6.27
5.42
0.14
0.17
0.15
-3.80%
22.88%
6.24%
4.75
2.64
6.82
0.13
0.07
0.19
-62.20%
-79.00%
-45.82

3.3 Deformed shape
As could be observed in the displacement and inter-story drift analysis, each roof structure
is causing a different type of deformation of the historic masonry building. While the building
without roof structure is clearly presenting a flexural deformation, the presence of the 18th and
19th century roof structure is causing a change to shear deformation for more than half of the
considered scenarios, while the other scenarios are still presenting flexural deformation. If
however, the timber elements are decayed, more scenarios are causing a flexural deformation
of the building. The presence of the 20th century roof structure, on the other hand, is presenting
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for both roof structure in a good state of conservation and 20% decayed timber elements, a clear
flexural deformation.
3.4 Damage level
Further, in order to better understand the effect of the roof structure on the seismic behaviour
of the building, the damage level, which would be recorded on the masonry walls was analysed
(Table 5). Three different limit state were taken into consideration, according to the Eurocode,
the Failure Mechanism Identification and Vulnerability Evaluation procedure (FaMIVE) and
based on previously performed experimental campaigns [23].
Since the building without any roof structure is presenting significant damage both in-plane
and out-of-plane but also considering the combined behaviour, the results show once again an
improvement of the behaviour of the building due to the presence of the roof structures. It was
observed that the presence of the 18th century roof structure, in a good state of conservation, is
presenting limited damage for almost all the limited states, both in-plane and out-of-plane. Still,
if the roof structure is decayed, significant damages tend to also appear in-plane at the second
and third floor of the building according to the FaMIVE limit state and at the third floor
considering the combined prevalent behaviour.
The 19th century roof structure is presenting a rather peculiar effect, since the presence of
the roof structure in a good state of conservation is causing significant damage on the second
and third floor of the building, considering the in-plane prevent behaviour but only on the third
floor if the timber elements are decayed. At the same time, the combined prevalent behaviour
for the decayed roof structure is presenting significant damage not on the third but on the second
floor. The 20th century roof structure, on the other hand, is presenting only a slight improvement
of the damage level, still presenting significant damage on the third floor of the building, but
not for all the limit state like in the case of the building without a roof. Once again, the decay
of the roof structure is leading to limited out-of-plane damage, and significant damage also on
the second floor considering the in-plane prevalent behaviour.
Table 5: Damage level of the building without and with roof considering the mean inter-story drift ratio

Without
roof
EC8 Part3
Inplane

FaMIVE
Experimental

Out-ofplane

EC8 Part 3
FaMIVE
Experimental

Combined

2nd floor
3rd floor
2nd floor
3rd floor
2nd floor
3rd floor
3rd floor
3rd floor
3rd floor
2nd floor
3rd floor

D.l.
S.d.
S.d.
S.d.
D.l.
S.d.
D.l.
S.d.
D.l.
D.l.
S.d.

Roof 1
100% -20%
D.l.
D.l.
D.l.
D.l.
D.l.
S.d.
S.d.
S.d.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
S.d.

2909

With roof
Roof 2
100% -20%
D.l.
D.l.
D.l.
D.l.
S.d.
S.d.
S.d.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
D.l.
S.d.
D.l.
D.l.

Roof 3
100% -20%
D.l.
D.l.
D.l.
D.l.
D.l.
S.d.
S.d.
S.d.
D.l.
D.l.
S.d.
S.d.
D.l.
D.l.
D.l.
D.l.
S.d.
D.l.
D.l.
D.l.
S.d.
S.d.
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3.5 Internal forces
Ultimately, the internal forces were analysed, along the wall facing the street (Figure 3) by
comparing the vertical axial forces (Nx), the shear forces perpendicular to the walls (Vz) and
the out-of-plane bending moments (My) and the differences between the building without roof
structure and with the three roof.
For the roof structures in a good state of conservation (Figure 6), it was observed that the
vertical axial forces are presenting only little changes on the first and second floor of the
building. The main differences are highly visible on top of the third floor, where the first and
third roof structure are presenting tensile axial forces and the presence of the second roof
structure is causing higher compressive forces than in the case of the building without a roof.
The shear forces perpendicular to the wall present the same trend, with clear changes rather
visible on the third floor where the 18th century roof structure is presenting a 45% increase of
the shear forces, the 19th century a 4 times increase and the 20th century an 40% increase.
Remarkable is the influence of the cross-vault on the recorded shear forces since in all the three
cases the forces are in the opposite direction compared to all the other floors.
The out-of-plane bending moment differences between the assessed cases, start to be visible
above the top part of the second floor. It can be observed that the bending moments are high at
the top part of the second floor, decrease at the base of the third and rise once again towards the
top of the building. At the same time, it can also be observed that the presence of the 20th century
roof structure is causing the highest bending moment at the top of the second floor and the
minimum at the top of the building while the 19th century roof structure is causing the highest
bending moment at the top of the building. The 18th century roof, on the other hand, is
presenting lower bending moments than the no roof structure case until the base of the third
floor, and slightly higher values at the top of the building.

Figure 6: Internal force diagrams of the building without and with roof structures (a) 18th century; b) 19th
century; c) 20th century)

The decay of the roof structures is also changing the recorded internal forces (Figure 7). The
axial forces are like in the case of the roof structures in a good state of conservation,
approximately similar until the top of the second floor. Above this, the effect of the three roof
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structures is clearly visible. Therefore, it could be observed that the 18th and 19th century roof
structures are causing tensile forces only at the top of the building, while the presence of the
20th century roof structure is causing tensile forces also at the base of the third floor.
The shear forces perpendicular to the wall also present similar values until the base of the
second floor, for all the four considered cases, but above this level, the effect of the roof
structures is visible. Therefore, it could be observed that all the roof structures are causing an
increase of the shear forces, of up to 30% for the 18th century roof structure, up to 40% for the
20th century roof and almost 2.5 times higher in the case of the 19th century roof structure. As
in the not decayed roof structure case, the presence of the cross-vault is still causing shear forces
in the opposite direction.
The bending moments are also similar until the base of the second floor. Above this level,
each roof structure is influencing the bending moments differently. The 18th century and 19th
century roof structures are presenting lower values than the no roof structure case at the top of
the second floor and base of the third. At the top of the building, the bending moments caused
by the 18th century roof is only slightly higher than the no roof structure ones, while the 19th
century ones are the highest when comparing all the four cases. The 20th century roof structure,
on the other hand, is presenting maximum bending moments at the top of the second floor and
only slightly higher bending moments than the ones recorded for the no roof structure case on
the top of the building.

Figure 7: Internal force diagrams of the building without and with roof structures (a) 18th century; b) 19th
century; c) 20th century) with 20% decayed timber elements

In both cases, for the roof structures in a good state of conservation or decayed, the obtained
axial forces presented significant variations influenced by the chosen support type and joint
stiffness.
4

CONCLUSIONS

The presented study is trying to bring forward that heritage buildings have to be regarded as
a whole when addressing their seismic vulnerability and that roof structures are playing an
important role.
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The numerical simulations performed on the 18th century masonry building has brought
forward that depending on the roof structure type, its state of conservation and the considered
properties of the supports and joints:
1. The out-of-plane displacement can be reduced with 10 up to 55%;
2. The inter-story drift can be reduced with up to 85%;
3. The deformation of the historic masonry building can be changed from flexural to shear;
4. The damage level of the building after the seismic event can be improved;
5. Tensile vertical forces can appear at the top of the building;
6. Shear forces perpendicular to the wall and out-of-plane bending moments can suffer an
increase at the top of the building.
7. Out-of-plane bending moments present a clear increase at the top of the building but lower
values at the base of the last floor.
At the same time, the effect of the cross-vaults on the shear forces perpendicular to the wall
was also observed, changing the direction of the forces.
Since roof structure types are diverse and highly influenced by local structural features,
further studies, both laboratory and numerical are needed to be able to properly determine how
various roof structure types are influencing the seismic behaviour of heritage buildings. In the
same time, it is important to how interlinked these two parts of buildings are and introduce these
new data in seismic vulnerability assessment methodologies developed for heritage buildings.
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Abstract. This paper explores the design profession’s evolving understanding of lateral
design. It shows how the United States building codes’ handling of seismic and wind forces
has changed over time, often in response to extreme events or technological developments.
Prior to the early 1900s most buildings were designed without an explicitly defined lateral
force resisting system. Up to that time period earthquakes and strong wind events produced
little in the way of code requirements to address lateral forces. It was the advent of steel and
high-rise construction in the late 19th Century that triggered a need to consider lateral loads.
During the early 20th Century little consensus existed regarding the lateral forces that
needed to be resisted. Wind loading provisions began appearing in the codes of large cities
in the early 1900s, but it would not be until the 1930s that seismic provisions started to be
codified, and then only in California. Throughout the 20th Century significant lateral events
have continued to expose vulnerabilities that have been subsequently addressed with changes
in construction detailing and code restrictions. In the mid-1900s regional building codes
developed, focusing on the lateral hazards present in their locality. By 2000 these regional
codes were replaced by a national code, and lateral design has now started to shift from
prescriptive requirements towards performance-based design. This paper will help structural
engineers better understand the historic building stock by exploring how lateral design has
evolved in the US over the last hundred years.
INTRODUCTION
Lateral design of buildings is a relatively new field within structural engineering. Until
recently, building codes in the United States and throughout the world included few, if any,
requirements for wind and seismic. In the early 1900s the education of engineering students
included little on the effect of wind on structures, and knowledge about earthquakes was very
limited. When looking at earthquakes and extreme wind events, it is interesting to examine
why lateral design took so long to evolve. Part of the reason is the perceived risk, which is
tied to the fact that such events occur infrequently. While gravity loads are always present, a
significant lateral load event might have a mean return period of over a hundred years. The
longer return interval means a large hazard database does not exist, and lessons learned were
often forgotten. “Gravity was always available to test construction and did so whether the
builders wanted their structures tested or not as they assembled their pieces.
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Refinements…incrementally proceeded as an applied research by-product of construction.
Even if one way of arranging material was a little more earthquake resistant than another there
was usually no feedback for the building, only an earthquake test that might happen a few
hundred years later.” 1
Unraveling the history of lateral design is a complex task – it comes to us as a web of
events, technological advances and contributions from across the engineering community.
Although the understanding of wind and earthquakes relies on contributions from individuals
around the world, this paper is focused on its evolution in the United States. The purpose of
this paper is to examine how lateral design for buildings has changed over time and give
examples from our own work on existing buildings.
EARLY HISTORY
Before the mid-1800s attempts to understand the source and nature of lateral loading were
limited. Regardless of the designer’s intent, gravity systems served to resist lateral forces.
While it is tempting to give credit to past engineers for development of lateral resistant
designs, it was often an unknown benefit of common construction practices. As an example,
Fort Point in San Francisco survived the 1906 Earthquake with little damage. This was a
secondary benefit of the extremely thick masonry walls common to fort construction. The Fort
was designed to provide protection against attack, not protection against earthquakes.2
18th Century European Developments
Many point to Europe for early developments of lateral design for buildings. “Portugal
and Italy are the first two countries where one can definitely point to evidence that earthquake
resistance was intentionally incorporated into traditional building construction practices, and
in both cases, it happened in the aftermath of earthquake disasters.” 3 The advances in Italy
were largely in response to the 1694 Melfi and 1783 Calabria Earthquakes, and in Portugal to
the 1755 Lisbon Earthquake. As the cities rebuilt, regulations were issued to address
vulnerabilities in unreinforced masonry construction. The use of iron tie-rods became a
recommended practice to restrain out-of-plane failure of masonry walls and building height
restrictions were passed. In both regions a construction system using heavy timber frames
with masonry infill was introduced. The construction was called “casa baraccata” in Italy and
“gaiola” in Portugal.4 In our work in the US, we often come across similar wood frame and
masonry infill construction from the 17th and 18th Centuries, which is known as brick noggin.
What makes Italy and Portugal unique is that the wood frame was clearly intended as a
seismic retrofit, whereas in the US, the system appears to have developed with less
consideration of lateral loads.
1811 New Madrid Earthquakes
In the winter of 1811 and 1812, a series of three earthquakes were centered around New
Madrid in what is now Missouri. Prior to the 20th Century these events were the most
powerful earthquakes in recorded US history. The entire town of New Madrid was destroyed,
but the effects were felt wider, as chimneys collapsed as far away as Cincinnati, and ground
shaking could be felt in Boston.5 While New Madrid was an incredibly powerful earthquake,
it had little impact on advancing earthquake engineering in the US. Its epicenter was in a

2915

Nathan A. Hicks and Edmund P. Meade

relatively undeveloped region of the young nation, so it is not surprising that no building
regulations came about as a result.
Early US Building Codes
Building regulations, in modern form, did not exist prior to the mid-1850s in the US.
When major cities started to establish building codes, they were focused on the frequent
hazard of fires and silent on the infrequent hazard of lateral events. “Loss of life and property
in several fires led to widespread support for development and enforcement of building
standards. The earliest building controls were enacted at the local level…urged by insurance
companies as a way of controlling financial loss.” 6 In the US, some of the first building
regulations arose in cities like Baltimore in 1859, New York with the 1867 Tenement House
Act, and in 1875 in Chicago following the 1871 Great Chicago Fire.7
LATE 19TH CENTURY
At the beginning of the 1800s, timber framing and unreinforced masonry comprised
almost all structures in the US. In the mid-1800s wrought iron and cast iron slowly started to
gain use in buildings as they became more economical. It was at this same time that
reinforced concrete construction also started to develop. Finally, in the late 1800s mild steel
started to take the place of iron, ushering in a new era of construction.8
Steel Frame Construction
The Home Insurance Building in Chicago was built in 1885 and is often regarded as the
first skyscraper – the beginning of a transition to high rise construction in Chicago, New York
and other cities. Steel along with the advent of the elevator were the technological
breakthroughs that allowed for greater efficiency and taller buildings in the 1890s. “The
ultimate step in the creation of the modern skyscraper came with the construction of the
second Rand McNally Building in Chicago between 1889 and 1890. Here the frame of the
high office building was wholly freed from its masonry adjuncts and built entirely of steel.” 9
Global annual output of steel output grew exponentially between 1870 and 1900, from 0.5 to
28 million tons.10 As buildings in the US abandoned their thick masonry walls and grew
taller, engineers realized they could no longer ignore the need to rationally respond to wind
and seismic lateral loads.
Beginning of Wind Design
Builder handbooks from the time period note that “when office and other building of six
to ten stories were built with solid masonry walls no attention was paid to the lateral strains
due to wind pressure, except, perhaps, to make the walls and partitions a little heavier. And as
such buildings were seldom built of a less width than 50 feet, no other precautions were really
necessary, for whenever buildings of ordinary construction have been blown down, it has
generally been due more to a poor quality of work…rather than to faulty design.” 11 The
consideration of wind loads was so foreign in these early years that a view persisted through
the early 1890s that high-rise buildings with “sufficient” plan dimensions relative to their
height did not need an explicit lateral force resisting system. Many early high-rises were
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designed without wind bracing, and our office has worked on several such buildings
throughout the Midwest and Northeast. Luckily, the early skeleton frame structures often still
had infill masonry between frames that stiffened the structure and improved lateral
performance.12
Finally, in the late 19th Century there was an acknowledgement that high-rise structures
needed to consider wind loading. A guidebook from the turn of the century puts it well, “the
modern steel buildings are built to such great heights, especially in proportion to their width,
and are so destitute of ordinary means of resisting wind pressures, such as solid walls and
partitions, that some efficient means of bracing the steel frame would seem to be a matter of
necessity. As a matter of fact, few if any skeleton steel buildings are now being erected
without some provisions for bracing the steel frame independent of the partitions. In some
buildings these provisions consist merely in using girders built of angles and plates of good
depth and use of riveted connections…while in others heavy sway-bracing, knee or portal
bracing, or both combined have been employed.”13
Steel manufacturers started to publish recommended wind bracing details, and common
builder guidebooks printed tables correlating wind velocity to pressures (see Figure 1).
Much of the early research into wind design was taken from the railroad industry and the
field of bridge design. While there was a diversity in practice for buildings, bridge engineers
were designing their structures to resist wind loads on the order of 30 to 60 psf.14

Figure 1: Typical Wind Bracing Details (left) and Wind Table (right)15

The West Coast
In most of the country, high-rise construction focused on wind, but on the West Coast
earthquakes presented a far greater risk. While earthquakes were known to occur in
California, they did little damage given the sparse population. While seismic concerns had
caused investors to initially balk at high-rises, several were built in San Francisco by the late
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1890s. “An earthquake shock which disturbed that locality in the spring of 1898 was reported
to have caused the buildings to rock and sway but to have left them practically uninjured.” 16
Small steps were made to improve lateral seismic loading resistance of buildings in the later
part of the 19th Century. For instance, following the 1868 Hayward California Earthquake,
changes were instituted to load-bearing masonry walls (built prior to the introduction of steel
and concrete frame buildings). Some of these buildings performed well during the 1906 San
Francisco Earthquake.17
1886 Charleston Earthquake
The most notable seismic event in the US from the latter half of the 19th Century was the
1886 Charleston Earthquake in South Carolina, which is still the largest record seismic event
for the Eastern US. Over 100 buildings were destroyed, and 90 percent of the buildings in the
city were damaged. Nearly every chimney in the city collapsed and ground shaking was felt
as far away as St. Louis, Chicago and Boston.18 The Charleston Earthquake represented the
first well studied earthquake in US history. The insurance industry went building by building
documenting observed damage, and Clarence Dutton of the US Geological Survey produced a
detailed report on typical failure mechanisms. Unfortunately, the Charleston Earthquake and
Dutton’s work did little to drive change in the US or advance earthquake engineering.19
EARLY 20TH CENTURY
At the beginning of the 1900s lateral design was still a relatively new concept, and
designers had a variety of approaches. Over the ensuing decades various jurisdictions
attempted to bring order by establishing building code provisions for wind and earthquakes.
Case Study
Our office recently completed the structural engineering design for the exterior restoration
of an early 20th Century office building. This building consisted of a riveted steel frame
substantially braced by its exterior load-bearing masonry walls. Based on our review of
existing drawings and investigations, we determined that the steel frame provided limited
lateral resistance due to the modest steel connections. No braced frames were present and
while the connections were well detailed, they had limited ability to act as a moment frame.
The building is surrounded by an exterior masonry wall that consists of exterior architectural
terra cotta, six to seven wythes of brick, and interior architectural terra cotta infill. Compared
to the stiffness of the masonry walls, the stiffness of the steel frame is almost negligible.
We evaluated the condition of the masonry walls by performing selective probes and nondestructive testing techniques. We used site-specific seismic force coefficients developed by
geotechnical engineers and the known characteristics of the building to begin our analysis.
Using code-prescribed formulas, we evaluated the effect of the removal of four to eight inches
of exterior terra cotta on the shear capacity of the walls. Our structural evaluation revealed
that with removal of the selective amounts of exterior terra cotta there would be a nominal,
acceptable increase in the maximum stresses within the masonry wall. Seismic loading
controlled over wind loading due to the weight of the building. Based on these findings, no
temporary or permanent seismic reinforcement was required to accommodate the proposed
alterations to the exterior masonry walls. The removal and restoration of the architectural
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exterior terra cotta proceeded without concern on the lateral load carrying capacity of the
structure. See Figure 2 for a depiction of a typical cross section through the exterior wall and
steel frame, and a view of the tightly integrated exterior terra cotta and backup brick masonry.

Figure 2: Typical Cross Section (left) and Probe into Exterior Wall (right)

1906 San Francisco Earthquake
In 1906 San Francisco was one of the largest cities in the US, and by far the largest on the
West Coast. On April 18th an earthquake hit the city and caused significant damage. The
initial shock was followed by an even more devastating fire killing over 700 people. The
portions of San Francisco built over landfill sustained the greatest damage from the ground
shaking.20 The earthquake was one of the first lateral load tests for skyscrapers. In 1906 there
were over two dozen steel frame buildings in San Francisco, and none collapsed. There was
damage at the exterior infill masonry walls and interior masonry partitions, but overall, the
steel frames performed relatively well. The performance led to a long-held belief these
systems were earthquake resistant.21 With these early high rises, San Francisco engineers had
put thought into how to resist seismic loads. The beam-column joints were heavily riveted and
many of the wind bracing techniques used in Chicago and New York were adapted for San
Francisco. While there were no mandatory seismic provisions at the time, most engineers in
the area used a high wind loading of 30 psf as a substitute for seismic loads.22
Although the 1906 Earthquake is still perhaps the most notable seismic event in US
history, its immediate impact on structural engineering was minimal. On the national scale,
earthquakes were viewed as a California problem. Even on the local scale, seismic loading
recommendations were lowered from 30 to 15 psf to permit quick reconstruction.
Unreinforced masonry construction, which had fared poorly, became even more prevalent
across the city.23 A couple decades later “some buildings in San Francisco were designed with
a seismic coefficient of 10%...however, one contemporary of that time estimates that in the
1920s a minority of engineers there computed any earthquake forces.”24

2919

Nathan A. Hicks and Edmund P. Meade

Code Provisions for Wind
At the turn of the century, building ordinances in larger cities started to bring uniformity
to wind design. To illustrate the earlier diversity, an engineer from the time mentions a 17story building in New York with a lateral force resisting system that relied on interior terra
cotta partitions, whereas a similar 17-story building a couple blocks away was built at the
same time with significant steel sway bracing.25 By the early 1900s both Chicago and New
York building codes required a wind pressure of 30 psf for buildings of skeleton construction.
Provisions also required the engineer to ensure the overturning moment due to wind did not
exceed 75% of the resisting moment due to dead load.26 Baltimore and Philadelphia passed
similar laws shortly thereafter. By the 1920s most major US cities had wind ordinances and
where they did not wind pressures of 20 to 30 psf were generally considered adequate.27
1927 Uniform Building Code
In 1927 the Pacific Coast Building Officials adopted the Uniform Building Code (UBC).
It quickly became the accepted standard throughout California and eventually the West. The
first edition had seismic provisions, but these were optional and included as an appendix. The
appendix was unique in that it applied a seismic coefficient rather than using wind pressures
as a pseudo-seismic force. Engineers at the time argued that the “force of an earthquake shock
depends on the mass of the building and its contents” 28 and pointed to the use of seismic
coefficients of 10% of gravity in Japan as an example. The 1927 UBC recommended a
seismic coefficient of 7.5% of the building’s weight, which varied slightly based on the site’s
soil type. It is deceptive to compare modern coefficients with these earlier ones as the weight
included significant live load. The appendix represented a shift to an equivalent lateral force
approach, which is still common in the US today.29
1933 Long Beach Earthquake
In March 1933 an earthquake hit Long Beach, California. Although much less powerful
than the 1906 San Francisco Earthquake, it proved to be a catalyst for change. California was
finally ready to implement seismic regulations. The Los Angeles Chamber of Commerce
spearheaded an effort to ensure that earthquake resistant construction became the standard in
California with new code requirements and limitations on unreinforced masonry
construction.30 The 1933 Long Beach Earthquake eventually led to the Field and Riley Acts.
These were statewide laws that applied to most structures other than single family residences.
Like the 1927 UBC, these acts applied seismic coefficients of between 2% and 10% as a
lateral load. They were the first codified examples in the US of varying lateral loads based on
the site’s soil type and the importance of the building occupancy.31
MID 20TH CENTURY
It was during the mid-20th Century that development of codes began to shift away from
cities to model building codes for specific regions. In the West, the International Conference
of Building Officials (ICBO) developed the UBC. In 1950 the Building Officials and Codes
Administrators (BOCA) published a model code to serve the Midwest and New England
regions. In the South, the Southern Building Code Congress International (SBCCI)
published
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the Standard Building Code (SBC) in 1945. From a structural perspective, each of these
model codes primarily focused on the hazards and lateral loads most common to their
geographic area. The UBC emphasized earthquakes, and the SBC and BOCA emphasized
wind.32
In 1945 the first national standard for Minimum Design Loads in Buildings and Other
Structures (ANSI 58.1) was developed. The standard was the precursor to the ASCE 7,
which is still referenced for lateral loadings in the US today. The standard introduced several
new concepts – wind pressure on a building surface increased with height, maps were
included with recommended design wind velocities, and a minimum seismic force of 5
percent of dead load was recommended for all buildings (see Figure 3). 33

Figure 3: Map from 1945 ANSI 58.1 Showing Design Wind Pressures Across US

Jurisdictions had the freedom to adopt as much, or as little, of the model building codes as
they felt to be appropriate. As a result of this freedom, large differences began to emerge in
between the seismic provisions of Northern and Southern California. Many of the changes
were quite forward thinking, but not universally adopted. The 1943 Los Angeles code lowered
base shear as the height of a building increased, associating longer period structures with
smaller seismic forces. In the 1949 many cities removed live loads from the effective seismic
weight and started to use an inverted triangle to distribute seismic loads up the height of a
building. In the 1950s certain jurisdiction required retrofit of unreinforced masonry buildings.
These are a few of the examples, which eventually led the Structural Engineers Association of
California (SEAOC) to develop the Recommended Lateral Force Requirements and
Commentary, more commonly known as the Blue Book. For several decades this Blue Book
would serve as the basis for seismic building codes across the US.34
Florida Wind Standards
As building codes in California led the way in seismic design, Florida building codes started
to lead the way in wind. Between 1940 and 1970 several hurricanes, coupled with
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booming population growth in the state led to increased wind requirements. In most parts of
the state the wind provisions were taken from the SBC, but in Dade and Broward counties, the
South Florida Building Code developed with additional wind provisions to cover the higher
risk. Florida codes were reactive and based on observed failures after hurricanes with
requirements focused on the main wind force resisting system.35
1964 Alaska Earthquake
The 1964 Alaska Earthquake is one of the most powerful earthquakes ever recorded. It hit
a relatively undeveloped region but still caused substantial damage. The earthquake exposed
previously unknown vulnerabilities with concrete construction. Specifically, it showed the
need to strengthen connections at tilt-up construction and reinforcement detailing at concrete
frames. The 1971 San Fernando Earthquake, while a much smaller at magnitude, highlighted
similar lessons with concrete construction.36
By the 1960s and 70s ground motion records had started to accumulate. While codes at
the time implied seismic accelerations on the order of 5%-20% g, instrumentation showed
accelerations over 100% g. The 1974 Blue Book stated that “design forces...are not to be
implied as the actual forces to be expected during an earthquake. The actual motion generated
by an earthquake may be expected to be significantly greater than the motions used to
generate the prescribed minimum design forces.”37 The code was in effect relying on the
dissipation of energy through inelasticity. This represented a large shift in thinking for
engineers. For other loadings, a structure is designed to remain elastic, but for a design level
earthquake, this is impractical. Over the 1970s and 80s the concept of ductility was slowly
introduced through an ‘R’ (or response modification) factor. The R factor was a way to
rationalize the reduction of ground motion accelerations based on the ductility of the
building’s seismic force resisting system.38
RECENT HISTORY
The two most prominent earthquakes in recent US history were the 1989 Loma Prieta and
the 1994 Northridge Earthquakes in California. These were the first significant tests of US
seismic engineering in major metropolitan areas. While there were failures, the loss of life and
structural damage were minor given the magnitude of ground motions. These earthquakes
showed that when strong engineering measures are in place, it can mitigate much of the risk
for extreme lateral events. Despite the relatively good performance of most structures, there
were still some critical lessons learned that have been incorporated into the code. Specifically,
during the 1994 Northridge Earthquake fractures were observed in several beam to column
connections for steel moment frames. Subsequent research showed the need to improve
detailing to ensure a strong column/weak beam response for moment frames. By forcing the
yielding of the connection in the beam member, the overall system’s ductility is improved,
which has now become standard in high seismic regions.39
Hurricanes
Over the last 30 years hurricanes in Florida and the Gulf Coast provided valuable lessons
for wind design. In 1992 Hurricane Andrew was the first major test for Florida following the
1970s population boom. Buildings did not perform as well as might have been expected.
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There were failures at gable end roofs, rooftop equipment, wood frames racking, and roof to
wall, and wall to foundation connection issues.40 The storm also highlighted the vulnerability
of building envelopes to wind-borne debris. Prior to the storm, there were no requirements for
storm shutters protecting glazing, which contributed to the high cost of the hurricane. The
poor performance led to the first statewide building code and significant changes in loading
and detailing requirements for wind.41
Between 2004 and 2005 a series of powerful hurricanes, including Charley, Frances,
Jeanne, Katrina and Wilma, all made landfall in the Southeast. Much construction had taken
place under codes written in the 1990s, so this increased storm activity gave engineers an
opportunity of evaluating the effectiveness of new code requirements. The storms highlighted
the need for additional mitigation measures to address building envelopes, roof soffits, and the
performance of essential facilities.42
Moving Forward
For much of the 20th Century there were three predominant model building codes in the
US. Beginning in the 1980s efforts were made to start improving the consistency between the
UBC, BOCA and SBC. Finally, in 2000 the International Code Council (ICC) published the
International Building Code (IBC), which has since been updated every three years. The
IBC represented the first national building code and brought a uniformity to lateral load
design that had been lacking with the regional codes.43 No longer could the West Coast
engineer only consider seismic and the East Coast engineer only consider wind.
With the IBC came the International Existing Building Code (IEBC), which covered
lateral loads applied to the existing building stock. Traditionally, existing buildings can
remain and continue to be used, with mandated changes only triggered by renovations or
changes in occupancy. This reflects the concept of nonconforming rights, which establishes
that while an existing building may not meet current code requirements, the increased risk has
been deemed acceptable. Occasionally, when a jurisdiction believes that the hazard is too
high, building laws are applied retroactively, but this is rare.44 An example of this is the
California requirements to retrofit unreinforced masonry structures.
Advances in computing technology have started to change the way existing buildings, and
all structures, are analyzed for lateral loads. We are now able to capture nonlinear behavior of
building materials, create finite element models, and apply dynamic loadings, such as
earthquake time histories. As a result, the industry has started to slowly shift away from
prescriptive requirements to performance-based design. For lateral loads, the idea is to pair an
established hazard level (based on a recurrence interval) with the desired performance
following the hazard (collapse prevention, life safety, immediate occupancy, etc.). This
permits the design of new buildings or reinforcement of existing buildings with an
understanding of the risk of casualties, occupancy interruption, and economic loss that may
occur as a result of a design-level wind or seismic event.45
The benefits of performance-based design were highlighted following the 2011 Mineral
Earthquake centered in Virginia near the nation’s capital. The seismic event was felt
throughout East Coast, and while not as large as other events highlighted herein, hit a region
unaccustomed to seismic events with far more historic unreinforced masonry structures. Our
firm studied numerous parapet and chimney collapses, along with several instances of failed
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facades due to poor connections with the backup structure. Some of the most notable damage
included tall, slender unreinforced structures such as the spires and towers on the Smithsonian
Castle. Significant damage was documented in the decorative plaster ceilings at Washington
Union Station. While little damage was reported to global seismic force resisting systems, the
Mineral Earthquake highlighted the vulnerabilities of non-structural components, which in
low to moderate seismic regions are often left unchecked by prescriptive codes.
CONCLUSION
Even today the profession learns something new after each major event; strong evidence
that the field has yet to stabilize upon a singular, broadly recognized approach towards lateral
design and construction standards. Our understanding of lateral loads and how to resist these
extreme events in our building design continues to evolve. As structural engineer George
Housner once stated, engineering for lateral loads “is a 20th Century development, so recent
that it is yet premature to attempt to write its history.46 While perhaps too soon, the hope is
that this short history has helped to explain how lateral design has evolved in the US, and that
by understanding that history, we can make more informed decisions about how to move
forward and how to address the past.
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Abstract. Single-leaf vaults are acknowledged among the most vulnerable components of
historical masonry constructions with respect to earthquake loads, particularly when featuring
large span to thickness ratios, as in the case of single leaf covering the main nave of churches.
These elements often require structural strengthening against seismic actions. In this paper,
two different extrados techniques are tested: lightweight plywood restraining elements and FRP
laminates embedded in a lime mortar layer. The techniques are tested on single leaf vaults
having a very unfavorable span to thickness ratio.
A previous study on less slender vaults, showed that lightweight plywood centerings,
applying passive confinement to the vault extrados, inhibit the onset of the typical four-hinges
failure mechanism. This lightweight, dry solution can be easily prefabricated, transferred and
assembled at the construction site. The technique is reversible and fully compliant with the
major preservation principles. FRP is also effective against the onset of the failure mechanism
but entails larger deformations of the retrofitted vault, which may be detrimental in the case of
possible decorations. The solution requires special man labor to ensure correct smoothening
and cleaning of the vault extrados and to trigger effective bond between the mortar and the
vault extrados. Both solutions are shown to enable small relative displacements of the vault
springing, which may follow the deformation of possible internal ties.
The effectiveness of these retrofit techniques was comparatively verified through
experimental tests on single-leaf barrel vault stripes at 1:2 scale subjected to cyclic distributed
unsymmetrical loads and through comparison with the seismic response of a reference
unreinforced single-leaf vault.
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1

INTRODUCTION

Single leaf vaults are thin vaults (about 50 mm thick) adopted in churches and historical
buildings all over the European territory [1-3] as lightweight false ceilings, typically decorated
with stuccos and frescoes. These elements, which are made of a single layer of bricks laid flat
and usually lacking any extrados backfilling material and lunettes, are acknowledged among
the most vulnerable components of historical masonry buildings with respect to earthquake
loads, particularly when featuring quite large span to thickness ratios. Single leaf vaults may
bridge spans ranging between 3 and 6m in residential historical buildings and between 6 to 10m
in the main naves of churches.
Considering single-leaf barrel vaults lacking backfill material, equilibrium is guaranteed as
long as the thrust line, associated with both static and seismic loads, develops within the vault
thickness [4-8]. Unsymmetrical load distributions may be detrimental for these structures
provided that the ideal resisting arch has a reduced possibility to shift and modify within such
a reduced thickness. This problem could be emphasized in the case the vault has not a catenary
geometry, but rather a circular geometry, in which case the thrust line in static conditions does
not overlap the centroid axis. As a result, these structures are particularly vulnerable even for
low-intensity earthquakes, as confirmed by the collapses observed after recent earthquakes [9].
As stated in [9-10], 3 mechanisms may be experienced by thin single-leaf vaults in the case
of a seismic event: (a) indirect differential bending of the vault crown caused by the rotation of
the vault springing due to the unconstrained rocking motion of the supporting wall (Fig. 1a);
(b) severe shear distortion stresses and distortions due to the onset of the differential rocking
mechanism along the nave ends – usually as a result of the different stiffness of the façade and
the transverse arches (Fig. 1b); and (c) direct differential bending with the onset of a four hinge
mechanism due to the distributed seismic actions associated to the vault mass (Fig. 1c).

a)

b)

c)

Figure 1: Main seismic vulnerabilities of single-leaf vaults: (a) indirect bending following rocking of the
abutments; (b) shear distortion following differential rocking; (c) direct bending of the vault due to its own mass
(from [17]). On the right: total collapse of the first bay (due to mechanism b) and partial collapse of the second
bay (due to mechanism c) of the main nave of S.Pietro Church, Vobarno, Italy, after Salò earthquake, 2004 [9].

The two former mechanisms can be limited or inhibited through global interventions, such
as either perimeter ties (mechanism a), or roof and floor diaphragms (mechanism a and b),
which reduce the vault impost rotation and relative displacement [11]. On the contrary, the
direct differential bending (mechanism c) cannot be inhibited, unless special targeted
interventions are carried out on the structural element. Possible collapse induced by direct
differential bending was addressed in a research carried out at the University of Brescia, in
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which a series of strengthening solutions were proposed and tested on full scale single-leaf
vaults having 1/100 thickness to span ratio and a span of 5m [12-17].
In the present paper, the study was extended to assess the effectiveness of some
strengthening solutions in the case of thinner single-leaf vaults, with 1/200 thickness-to-span
ratio, thus bridging larger spans up to 10m. Two different extrados techniques were proposed,
namely: lightweight plywood restraining elements, and FRP laminates embedded in a lime
mortar layer. To this end, 1:2 scaled single-leaf barrel vault stripes subjected to cyclic
distributed unsymmetrical loads were tested. Results were compared with the seismic response
of a reference unreinforced single-leaf vault.
2 STRENGTHENING TECHNIQUES INHIBITING DIRECT DIFFERENTIAL
BENDING MECHANISM
The strengthening of single leaf barrel vaults with respect to direct differential bending
mechanism usually adopts techniques derived from the traditional strengthening of masonry
vaults, selecting those which do not increase the vault mass and avoiding unsymmetrical load
sets [12]. The most common techniques entail the adoption of masonry spandrel walls [18] [10]
[12-13], RC extrados slabs, or high-performance lime mortar extrados slabs strengthened with
fiber mesh [12-13]. The former solution constrains the deformation of the vault crown and
allows the thrust line to migrate within the spandrel wall height. The latter techniques enforce
a composite structure behavior, allowing the ideal resisting arch to adjust within a higher
thickness, but increases the mass of the vault and, more importantly, in seismic conditions, the
migration of the thrust line may lead to a decompression of the vault crown, entailing the risk
of debonding and unthreading of bricks from the existing structure [17]. Innovative lightweight
ribs overlaying the vault extrados profile, made of lime mortar reinforced with inorganic matrix
grids and of an inner polystyrene core, were also proposed [14].
Extrados stiff lightweight plywood retaining structures (also referred to as ‘centerings’)
simply overlaying and not connected to the existing vault were also proposed [16-17]. The
adoption of extrados centerings is a passive solution, which is conceived to maintain the
structural role of the vault in static conditions and to provide the necessary passive confinement
in seismic conditions (Fig. 2 left). The system is designed as a 3-hinged arch overlaying the
existing vault extrados, hinged at the abutments and with an internal hinge at the vault key
section (Fig. 2 right). Connections along the centering-to-vault interface are avoided as to
prevent the decompression of the vault. This is a lightweight, dry and cost-effective solution,
fully reversible, minimally impairing, and not requiring any special man labor. The
effectiveness of the system against direct differential bending was verified on single-leaf vaults
having 1/100 thickness-to-span ratio [16-17]; in the tests, the collapse mechanism was inhibited
for accelerations up to 4 times those causing the collapse of the unreinforced vault, and the
stiffness of the vault was increased.
The use of fiber-reinforced polymer (FRP) strips is another efficient solution [19]. In this
case, failure of the strengthened structure may arise due to possible shear failure close to the
springing, as the technique enhances the sole bending capacity, or due to delamination of the
FRP strips, triggered either by the uneven surface of the vault or by failure of the bond between
the vault and the laminate. In order to solve durability issues and decay processes due to loss of
transpiration potential, steel-reinforced grouts (SRG) [20], or inorganic matrix grids (IMG)
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embedded in lime-based mortar are alternative techniques [21-22]. In the present study, FRP
laminates embedded in a lime mortar layer were considered.
dead
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The experimental campaign was aimed at assessing the effectiveness of lightweight plywood
centerings and FRP laminates for single-leaf vaults with very unfavorable thickness-to-span
ratio (1/200) and was inspired by the campaign carried out at the University of Brescia on
medium-span single-leaf vaults (1/100) [15-17]. The same testing bench was adopted, and the
thickness of the vault was reduced to resemble a 50mm vault bridging about 10m span.
3.1 Modelling hypothesis
According to the previous studies [15-17], the single-leaf vault was modelled as a series of
transversal adjoining vault stripes, thus disregarding the possible tridimensional confining
effects due the longitudinal arches developing between the head walls or transverse arches,
which is a conservative assumption.
In addition, it was assumed that both indirect differential bending and shear distortion
(mechanism a and b of Fig. 1) are inhibited through global interventions; so, it is considered
that the vault is affected by the sole direct differential bending (mechanism c of Fig. 1).
Based on these two assumptions, a single barrel vault stripe of unit width was modelled in
the experimental specimen, and the vault springing were assumed as fixed to the testing bench.
3.2 Description of the unreinforced experimental specimen
The experimental masonry vault specimen is a basic single-leaf barrel vault stripe of unit
width at a scale 1:2 with a polycentric profile (span L=5m, rise f=1.42m, thickness t=27mm)
(Fig. 3), thus representing a real vault of span L=10m, rise f=2.84m and thickness t=54mm.
A flat brick arrangement with a running bond masonry texture was adopted; the ultimate
capacity of possible plastic hinges is thus associated with the tensile resistance of the joints.
The vault stripe is embedded at the springing and pre-stressing clamps and anchoring bars were
installed to fix the vault abutments to the testing bench.
Mechanical properties of the adopted bricks and mortar (7.5% NHL 3.5, 8.5% lime putty,
34% 1.5mm aggregates, 34% 3.0mm aggregates, 16% H2O) are reported in Table 1.
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Table 1: Average mechanical properties of bricks and mortar

Solid Clay Bricks (27x120x250mm)
Compressive strength: 2.245 MPa
Flexural strength: 4.79 MPa
Young’s modulus: 10883.26 MPa

Mortar (bed joints 7-8mm)
Compressive strength: 0.337 MPa
Flexural strength: 0.180 MPa
Flexural strength (joint): 0.328 MPa

Figure 3: Side view (top) and geometry (bottom) of the unreinforced vault stripe layout (depth = 970mm)

3.3 Description of the experimental specimen reinforced with plywood centering
The single leaf vault specimen is strengthened by means of two extrados lightweight 3-hinge
wooden centerings, made of 30mm thick plywood panels, braced along the extrados edge to
avoid buckling (Fig. 4). The extrados reinforcement is designed as a 3-hinged arch. Such a
structural scheme enables small relative displacements of the vault springing, which may follow
the deformation of the possible internal ties or of the roof box structure. The effectiveness of
the system, both in the case of fixed supports and of a possible horizontal settlement of the vault
abutments, was studied in a previous research [17].
The centering physical hinges at the springing and at the vault key are located as close as
possible to the centering-to-vault extrados interface, as to reduce the offset of the vault centroid
axis with respect to the centering. This reduces the relative displacements of the two structures
both in the case of unsymmetrical load conditions (such as in the case of an earthquake) and in
the case of spreading supports. No shear transfer is allowed along the vault-to-centering
interface, whilst initial contact between the centering and the vault is enforced through thin
wooden wedges. More about the design of the strengthening intervention in terms of flexural
stiffness of the plywood centering may be found in [17].
Two tests were carried out on this specimen. In the first test, the wooden wedges were
positioned between the vault and the centering and were simply glued to the vault, to enable a
passive confining action; in the second test, the wedges were forced in correspondence of the

2930

S. Cominelli, C. Passoni, A. Belleri, A. Marini and E. Giuriani

vault-to-centering interface and were fixed in that position, thus leading to an active confining
intervention. The results of both the tests are reported and commented in the following.

Figure 4: Side and top view of the vault stripe reinforced with the plywood centering

3.4 Description of the experimental specimen reinforced with FRP laminates
The single leaf vault specimen is strengthened by means of FRP laminates embedded in a
pozzolanic hydraulic lime mortar layer (Fig. 5 left). The choice of an inorganic matrix was
aimed at improving the transpiration potential of the retrofit intervention with respect to a
polymer matrix, for the sake of durability.
A first layer of 3-4mm thickness was laid on the bare vault extrados and on the abutments,
the carbon fiber mesh was embedded and then covered with a second layer of mortar with equal
thickness (Fig. 5 right). The mechanical properties of the mesh and of the mortar are reported
in Table 2.

Figure 5: Side view of the vault stripe reinforced with the FRP laminates before the test (left) and top view of
the vault during the strengthening operations (right)
Table 2: Average mechanical properties of carbon fiber grid and mortar

Carbon fiber mesh
Ultimate tensile strength: 4830 MPa
Elongation at break: 1.9%
Young’s modulus: 240000 MPa

Mortar matrix
Compressive strength: 20.98 MPa
Flexural strength: 4.83 MPa
Young’s modulus: 10633 MPa
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3.5 Test set-up
The same test set-up proposed in [15-17] was adopted. The single leaf vault strip was
assembled on a special swinging steel frame (Fig. 6a). By swinging the testing frame, increasing
uniformly distributed inertia forces are applied along the vault crown. Rotation, and thus inertia
forces, can be increased either up to failure of the specimen or up to the maximum rotation
capacity of the testing bench. Dynamic effects cannot be considered.
The testing bench is composed by a rigid steel deck rotating both clockwise and counterclockwise about a pivot point A on a vertical frame fixed to the ground. The deck rotation is
applied through a mechanical transmission system, actuated by an electromechanical jack (Fig.
6a).
By assuming local reference fixed to the deck, the rotation of the specimen due to the
swinging of the testing bench causes the gravity acceleration to decompose into one component
parallel (horizontal, ax(θ)) and into a component orthogonal (vertical, ay(θ)) to the deck. For
increasing the tilting angle (θ) from 0 to 30°, ax(θ) increases, simulating earthquakes of
increasing intensity; on the other hand, ay(θ) slightly reduces, thus simulating a reduction of the
vertical load in static conditions ranging between 0 and 13.4%. The horizontal-to-vertical
spectral ratio α(θ)=ax(θ)/ay(θ) can be easily determined (box in Fig. 6).
During all tests, the vault ring differential deflection was monitored in five points through
vertical and horizontal displacement transducers, pinned to the vault mid axis and to a rigid
polystyrene arch fixed to the abutments (Fig. 6b). The deck tilting angle was monitored by two
one-direction accelerometers fixed to the specimen abutments and directed as the local
reference horizontal axis x. Further details may be found in [15-17].

ax = g
sin 

ay = g

cos

( ) =

For 0° ≤  ≤ +30°:
0.00∙g ≤ ax()≤ 0.50∙g;
1.00∙g ≥ ay() ≥ 0.87∙g;
0.00 ≤ ()≤ 0.58.

y
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=
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For -30° ≤  ≤ 0°:
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-0.58 ≤ ()≤ 0.00.
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Figure 6: a) Side view of the swinging testing frame in the tilted position (in the box: clockwise and counterclockwise maximum rotations and corresponding extreme values of relative accelerations and horizontal-tovertical acceleration ratio); b) instruments set-up: red arrows represent displacement transducers (dx, dy) and blue
arrows represent accelerometers (Acc.x) [17].
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4

EXPERIMENTAL TEST RESULTS AND DISCUSSION
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Four experimental tests were carried out. In the first test (Test 0), the tilting angles
corresponding to the first cracking and to the collapse of the unreinforced vault were determined
as reference values. Only counter-clockwise rotations were imposed to the specimen in order
to avoid damage on both sides of the vault crown. The test was stopped at the tilting angle
corresponding to the collapse of the vault (Fig 7a). Three tests on the reinforced vault were then
carried out: two tests on the vault reinforced by means of plywood centerings with unforced
(Test 1a) and forced (Test 1b) wooden wedges; and a test on the vault strengthened with FRP
laminates (Test 2). Applied rotation cycles are shown in Fig. 7. All tests were interrupted for
overcoming the rotation capacity of the testing frame (θ=30°), corresponding to an ax(θ) of
about 0.50g and α(θ) of about 0.58.

time [s]

b)

-30

time [s]

c)

Figure 7: Applied rotation cycles in the case of: a) the unreinforced vault (Test 0) (bold red line) and of the vault
reinforced with plywood centering with unforced wedges (Test 1a) (black line); b) vault reinforced with plywood
centering with forced wedges (Test 1b); c) vault reinforced with FRP laminates (Test 2).

In Test 0, the unreinforced specimen was rotated up to the onset of the first crack. For a
tilting angle θ=5.8° (corresponding to α=0.105), the windward vault segment collapsed leaning
against the construction framework kept beneath the specimen (Fig. 8). The testing bench was
then brought back to the horizontal position, and the vault restored the initial uncracked
configuration. In a second cycle, the tilting angle was increased up to a second collapse of the
vault. This time, the unreinforced vault collapsed for a tilting angle θ=2.4°, lower than that
experienced in the previous cycle, since the specimen was already damaged. The ultimate
horizontal-to-vertical spectral ratio was thus considered α =0.044 for the damaged vault.

Figure 8: Side view of the vault for a counter-clockwise rotation θ=5.8°, corresponding to the first collapse. The
red arrow and the figure on the right show the vault leaning against the construction framework.
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In the second phase of the experimental campaign, the vault was reinforced without repairing
the cracking triggered during Test 0, so as to be representative of a damaged existing vault.
The vault was first reinforced by means of plywood centerings with unforced wooden
wedges ensuring contact at the vault-to-centering interface. In this first test (Test 1a), the vault
did not collapse even for tilting angles up to ±30° (Fig. 9 left); however, deformations higher
than expected were recorded. Two corrective measures were thus applied as to reduce the vault
deformations (Test 1b): the wooden wedges at the vault-to-centering interface were forced as
to simulate an active strengthening intervention, and an additional restraint was positioned at
the centering ends as to limit possible vertical movements of the hinges. In this case,
substantially smaller vertical displacements of the reinforced vaults were observed (Fig. 10). In
both cases, the effectiveness of the plywood centerings in constraining the upward vertical
displacement was verified.
Finally, the vault was reinforced by means of FRP laminates embedded in the lime mortar
layer (Test 2). In this case, a crack opened in correspondence of the measuring point 2 (Fig. 6b)
for a tilting angle θ=25.9°; however, collapse of the vault was not triggered even for tilting
angles up to the testing bench capacity ±30°.
A side view of the vault strengthened with plywood centerings and FRP laminates in
correspondence of a counter-clockwise rotation equal to 30° is shown in Fig. 9.

Figure 9: Side view of the vault for a counter-clockwise rotation θ=30°, corresponding to the rotation capacity
of testing bench, for the vault strengthened with plywood centerings (left) and FRP laminates (right)

The deformed shape of the vault in the unreinforced condition is compared to the deformed
shape for a counter-clockwise rotation of 30° in Figure 10a. Figure 10b shows the comparison
of the deformed shapes of the vaults retrofitted with the three different strengthening solutions
for a tilting angle equal to a counter-clockwise rotation of 30°. Deformations are magnified by
a factor of 20. It should be noted that in Test 1b, the undeformed shape of the vault shown in
the figure is not representative of the actual initial shape of the vault since the forcing operation
of the wooding wedges was neither perfectly homogeneous nor symmetric along the vault
extrados.
In all tests, for increasing rotation, the leeward part of the vault moves upward whereas the
windward part moves downward. In case of centering strengthening, the leeward part of the
vault pushes on the centering whereas the windward part may detach from it, thus leading to
higher displacements in the windward part with respect to the leeward one. Displacements of
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the retrofitted vault are quite small even in correspondence of tilting angles approaching the
rotation capacity of the testing frame. In the case of FRP strengthening, the behavior is similar
meaning that the deformed shape shows the windward vault segment moving downwards, and
the leeward segment moving upwards, but, in this case, larger displacements are observed with
respect to the case of centering strengthening.
All the proposed techniques are proved to be effective solutions in improving the seismic
response of the single leaf vault. However, the compatibility of the higher deformations
exhibited by the vault strengthened with FRP laminates with the conservation of possible
frescoes or stuccos on the vault intrados needs to be verified.

a)

b)

Figure 10: Deformed shape of the unreinforced vault (a) and comparison of the deformed shapes of the vaults
retrofitted with the three different strengthening solutions (b) for counter-clockwise rotation of 30°

5

CONCLUDING REMARKS

In this paper the seismic strengthening of barrel single-leaf masonry vaults with large span
to thickness ratios, lacking lunettes and backfill material, is addressed. Such a typology is quite
frequently found in churches, where single leaf vaults cover the main naves. The three major
failure mechanisms of single leaf vaults subjected to earthquake were addressed, and focus was
made on the strengthening against direct differential bending, which was acknowledged as the
mechanism that cannot be inhibited by means of global seismic retrofit techniques (such as
perimeter ties and roof or floor diaphragms) but rather requires specific strengthening of the
vault. In particular, focus was made on vaults with large span-to-thickness ratios.
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An overview of possible strengthening techniques against direct bending mechanism was
presented, and two different extrados solutions were proposed and tested: lightweight plywood
restraining elements and FRP laminates embedded in a lime mortar layer.
Plywood centerings apply passive confinement to the vault extrados. The reinforcement is
designed as a 3-hinged arch to allow accommodating possible small relative displacements of
the vault springing, which may follow the deformation of internal ties or roof box structure.
The solution may be conceived as passive or slightly active, in the latter case wooden wedges
are forced along the vault-to-centering interface. FRP strengthening consists in embedding a
carbon fiber grid into an inorganic pozzolanic lime mortar matrix.
The effectiveness of the retrofit techniques was verified through experimental tests on
single-leaf barrel vault stripes at 1:2 scale, subjected to cyclic distributed unsymmetrical loads
and through comparison with the seismic response of a reference unreinforced vault.
Lightweight plywood centerings were shown to inhibit the onset of the typical four-hinges
failure mechanism. This lightweight, dry solution can be easily prefabricated, transferred and
assembled at the construction site. The technique is reversible and fully compliant with the
major preservation principles. FRP is also effective against the onset of the failure mechanism
but entails larger deformations of the retrofitted vault, which may be detrimental in the case of
possible decorations. The solution requires special man labor to ensure correct smoothening
and cleaning of the vault extrados and to trigger effective bond between the mortar and the vault
extrados. Both solutions are shown to enable small relative displacements of the vault springing,
which may follow the deformation of possible internal ties.
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Abstract. The two large-scale earthquakes that occurred on September 7 (Mw 8.2) and 19
(Mw 7.1), 2017 in Mexico left 2,340 damaged architectural heritage buildings
throughout the country. Due to the large amount of architectural heritage buildings damaged,
the government department responsible for protecting the architectural heritage and the
practitioners specialized in conservation was overwhelmed. Therefore, it was necessary to
incorporate practitioners who are not specialized in conservation, first to attend the emergency
works and later into structural intervention works. In this way, this paper presents some
examples of emergency work, as well as intervention proposals that have been inadequate. The
common errors observed in emergency works are discussed, as well as the application of
erroneous or inadequate concepts in intervention proposals. Comparison with correct
intervention works are also presented.
1

INTRODUCTION

The architectural heritage in Mexico is wide, rich and varied. It has more than 50,000
archaeological sites and 110,000 buildings built between 16th and 19th centuries; as well as 35
sites inscribed on the UNESCO World Heritage List. The two large-scale earthquakes that
occurred on September 7 (Mw 8.2) and 19 (Mw 7.1), 2017 in Mexico left 2,340 damaged
architectural heritage buildings throughout the country; which corresponds around 6% of
the total of architectural heritage buildings located in the affected area.
The earthquake of September 7, with a magnitude Mw 8.2, occurred at 23:49:17 local time.
The epicenter was located in the Gulf of Tehuantepec, 133 km southwest of Pijijiapan,
Chiapas and 700 km from Mexico City. This event was cataloged by the National
Seismological Service (SSN) as normal failure and is the largest recorded in the country. The
maximum accelerations recorded in the field were higher than 228 Gal [1]. On the other
hand, the earthquake of September 19 occurred at 13:14:40 local time, with a magnitude
Mw 7.1. The epicenter was located on the border between the states of Puebla and
Morelos, 12 km southeast of Axochiapan, Morelos and 120 km from Mexico City.
According to the SSN, it was an intraplate earthquake of normal failure. According to
official records, the maximum accelerations recorded in the field were greater than 220
Gal, in the epicentral zone [2].
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Due to the large amount of architectural heritage buildings damaged, the government
department responsible for protecting the architectural heritage and the practitioners specialized
in conservation were overwhelmed. Therefore, it was necessary to incorporate practitioners
who are not specialized in conservation, as well as volunteers from communities with little or
no supervision of engineers or architects, first to attend the emergency works and later into
structural intervention works. In this way, this paper presents some examples of emergency
work, as well as intervention proposals that have been inadequate. The common errors observed
in emergency works are discussed, as well as the application of erroneous or inadequate
concepts in intervention proposals. Comparison with correct intervention works are also
presented.
2 EMERGENCY WORKS
One of the first activities in a structure damaged by an earthquake is to carry out emergency
works, to avoid collapse of the damaged areas. The objective of emergency works are to
improve the stability conditions of the damaged structure, to resist, not only the own weight of
the structure, but also accidental loads that may occur before or during the restoration works,
such as the aftershocks [3-6]. For example, figure 1a shows the damage tower of the temple of
Pilcaya, Puebla after the earthquake. It can be observed that although the tower had severe
damage, it did not collapse. Few days later, before the emergency works began, the tower
collapsed, standing only part of the first body of the tower (figure 1b). It seems that the cause
of the collapse was the vibration inducing by passing trucks and vehicles on the streets adjacent
to the temple.

a)

b)

Figure 1: Damaged tower of temple of Pilcaya, Puebla: a) after earthquake; b) few days after the seismic event

Due to the urgency of keeping damaged structures standing, emergency work is often carried
out by volunteers from communities with little or no supervision of engineers or architects.
Because of this, solutions that do not increase the structural capacity of the building are often
implemented. In most of these cases, it is believed that emergency works only serves to support
the weak parts of the structure that are in danger of collapse.
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Figure 2 shows the Municipal Palace of Hueyapan, Morelos after the earthquake. The
building was made with unreinforced brick masonry. The loss of the lower archway is observed,
which puts the stability of the balcony at risk. In the upper part, diagonal shear cracks are
observed. It is noted that the balcony shoring system is not adequate, as the struts will not be
able to withstand lateral forces in case of an aftershock. In this particular case, the shoring
system was thought only for vertical forces.

Figure 2: Municipal Palace of Hueyapan, Morelos

When the building has two or more levels and the damage are located in superior levels, it
is necessary to ensure that the transmission of shoring system loads from the upper levels to the
foundation is carried out properly. This is particularly important when the shoring of the upper
levels rests directly on the slab, arches or beams of the lower level. In order to avoid overloading
and damage of the supporting structural elements, a shoring must be placed in the lower levels
in order to have a correct transmission of the loads. For example, figure 3 shows an example
where a shoring in the ground floor was set in order to take the loads of the upper shore.

Figure 3: Example of a correct transmission of shoring system loads of higher than lower levels
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The shoring system is a temporary system that must be removed when the intervention works
are finished. Wood is the most common material used for shoring system due its versatility,
manageability, ease of construction and cheap. However, good quality wood must be used; as
well as particular attention to the connections must be paid. The quality of the wood is with
regard to: material (use of structural wood), element (no slender elements or buckling elements)
and structural system (strength capacity). In the case of wooden elements, the most common
practice is to build a wooden truss support (figure 4a). In other cases, especially when the height
of building is considerable, as in churches, a steel shoring system (fig. 4b) or mixed system of
steel and wood are used (fig. 4c).

a)

b)

c)

Figure 4: Examples of shoring systems: a) wood; b) steel; c) mixed

a)

b)

Figure 5: Example of bad quality wooden elements: a) buckled element; b) slender elements

Figure 5 shows two example of a bad quality of wooden systems. In figure 5a, it can see that
one of the vertical element is buckling, reducing its structural capacity. Additionally, vertical
elements are not high enough, so brick pieces were used at the base, to increase their height.
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Figure 5b shows an example of a scarce shoring system, where slender elements are used. It is
clear that this system is unable to take lateral and vertical forces.
Due to the lack of experience and non-engineering criteria, there are cases in which there is
a waste of economic and material resources, as well as workmanship, which can be used in
other damage buildings. For example, there are cases with an excessive shoring, preventing
people from entering the building. In these cases, part of the scaffolding must be dismantled
before an intervention process, in order to have space to start the intervention works. There are
also cases, in which the shoring is placed directly over a crack, so it will be necessary to remove
it in case of an intervention (fig. 6). For this reason, it is important to make a preliminary
structural analysis to determine the characteristics of the shoring system and as far as possible,
place it so that it does not interfere with the intervention works.

a)

b)
Figure 6: Example of bad criteria of emergency works: a) excessive shoring; b) shoring over a crack

3

INTERVENTION PROPOSALS

As previously mentioned, due to the large amount of heritage buildings damaged, the
government and the practitioners specialized in conservation were overwhelmed. Therefore, it
was necessary to incorporate practitioners who are not specialized in conservation. This has
caused that some intervention proposal do not comply with the internationally accepted
conservation principles. In general, non-specialized professionals believe that heritage
buildings have a structural behavior similar to modern masonry or reinforced concrete
structures. In some cases, this has generated intervention proposals that are not compatible, both
structurally and conservation.
For example, some proposals to rebuild the belfry and to strengthen the bell tower of the
church shown in figure 1. One of the proposals consisted to rebuild the belfry with reinforced
concrete and strength the body of the tower with reinforced concrete walls (fig. 7). But this
solution is invasive and irreversible; as well as, change the structural authenticity. In addition,
there is incompatibility between the new and old elements. It is not clear how the union between
the elements of reinforced concrete and the original elements of stone masonry will be made.
The concrete walls do not reach the foundation, which will cause a concentration of stresses in
the non-reinforced elements.
Other proposal was to rebuild the belfry with perforated steel plates (fig. 8). In this solution,
there is mechanical incompatibility between the steel elements and stone masonry, as well as
difficulty of guaranteeing a good anchoring of the metallic elements. High possibility of failure
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of the masonry can occur in the part where the reinforcement ends, due to a local concentrations
of stresses in this region. There is a loss of the cultural, artistic and historical values of the
church.

Figure 7: Reinforcement of a bell tower with concrete walls

a)

b)
Figure 8: Reconstruction of the belfry with perforated steel plates: a) plan view; b) frontal view
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Finally, the belfry was reconstructed with similar materials (stone masonry) and geometry
(two bodies) as the original one. In this case, the cultural, artistic and historic values of the
church were conserved. However, as the belfry was reconstructed equal as the original, without
any structural upgrade (increase of the structural strength or reduce of seismic forces), it is a
high probability to have similar damages in future seismic events.
Another example is the intervention in a cloister of a convent. The cloister is a rectangular
two-level floor, attached to the west side of the temple. The vaults of the corridors showed
longitudinal cracks. Additionally, significant cracking occurred on the walls (fig. 9a), mainly
because the masonry have a poor quality. Rounded stones (pebbles) joined with a lime – sand
– soil mortar compose the masonry. These type of stones offer a very low bond with the mortar.
The consolidation of the cracks were realized by injection and the cusci-scusci technique
was used (fig. 9b). Similar stones (pebbles) and mortar (lime-sand-soil) was used. Thus, the
structural capacity was not upgrade. Furthermore, only the visible cracks due to earthquake
damage were repaired. The intervention only aimed to return the structure to its original state
regardless of the quality of the material, without improve the structural behavior of the building.

a)

b)

Figure 9: Damage on walls of a cloister: a) cracks; b) consolidation of the cracks

4

FINAL REMARKS
-

-

-

Two large-scale earthquakes hit Mexico on September 7 (Mw 8.2) and 19 (Mw 7.1),
2017 and both left 2,340 damaged architectural heritage buildings throughout the
country.
Due to the large number of damaged heritage buildings, it was necessary to incorporate
practitioners who are not specialized in conservation, as well as volunteers from
communities with little or no supervision of engineers or architects, first to attend the
emergency works and later into structural intervention works.
There were three main and common errors observed in emergency works were:
solutions that do not increase the structural capacity of the building; bad quality of
wooden elements, as seen by use of slender vertical elements and/or buckling of these
elements; and scarce or excessive shoring system.
Wood was the most commonly used material in the emergency works, due to its
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-

-

-

-

versatility, manageability and ease of construction. Steel shoring system or mixed
system of steel and wood are also used.
Scarce shoring system were found on isolated communities and excessive shoring
system were found on richer communities.
It has been detected that the economy of the community has a significant influence on
emergency works. In low-income populations, they seek savings in materials that
generally lead to poor shoring systems. On the other hand, in richer populations, there
may be excessive use of materials.
In the case of intervention proposals, three common errors were detected: take the same
reinforcement considerations as for modern buildings, use of concrete and/or steel
elements in order to increase the structural capacity, and reconstruct with the same
materials and characteristics as the original structure without increasing its structural
capacity.
If the structure is rebuilt with the same materials and characteristics, without increasing
its structural capacity, it will have the same weaknesses and problems. Therefore, it
will be expected that in future earthquakes there will be the same damages that have
occurred in the past.
Therefore, it is necessary to increase the structural capacity of the structure or seek to
reduce its seismic demand, in order to avoid future damages.
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Abstract. In the North-East part of The Netherlands, induced seismicity due to gas extraction
is affecting a local building stock consisting mainly of unreinforced masonry (URM) houses not
designed for earthquake resistance. Experimental and numerical studies conducted at
EUCENTRE, Pavia (Italy), have demonstrated that buildings with URM cavity-walls structural
systems are among the most vulnerable existing Dutch construction typologies. A light and
reversible retrofit system made of timber frames and oriented-strands boards was then designed
and tested to increase the in-plane and out-of-plane capacities of masonry piers and to enhance
their connections with the floor diaphragms. The development of modelling approaches able to
simulate the influence of the retrofit system is of fundamental importance for future applications
to real-case existing buildings and for vulnerability studies on different building stocks. Based
on two quasi-static in-plane shear-compression tests on two full-scale masonry piers, one in
bare and one in retrofitted configuration, a specific macroelement was calibrated to simulate
the bare pier lateral response and the effects of the retrofit on the in-plane flexural and shear
capacities. This paper discusses the adopted modelling strategies and the comparison between
numerical and experimental results.
1 INTRODUCTION
In recent years, human activities or natural phenomena (e.g. gas extraction [1,2,3] or slip of
unknown faults [4]) have demonstrated the possibility that areas historically considered not
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prone to seismic events can be subjected to earthquakes. Due to the unexpected nature of such
occurrences, they usually hit regions where buildings do not typically incorporate seismic
details, and therefore are highly vulnerable to lateral loads. Unreinforced masonry (URM)
buildings constitute one of the most sensitive structural typologies in these areas; moreover,
they usually include cultural heritage buildings and thus deserve particular attention.
Aiming at preserving these structures, several retrofit techniques have been developed for URM
buildings in seismic regions. Some of them are based on the application of an additional
material layer to the masonry [5,6], other ones on the application of steel profiles or of posttensioning [7]. Furthermore, the seismic behavior of URM buildings can be effectively
improved by enhancing the connections between masonry walls and floor systems[8,9].
However, structural strengthening in low-seismicity areas needs to be sustainable, light,
reversible, and cost-effective.
A new retrofit system consisting of timber frames and oriented strand boards (OSB) was
proposed and investigated through quasi-static in-plane shear-compression tests on two
identical calcium-silicate (CS) masonry piers, one bare and one strengthened [10]. The
experimental lateral responses of the specimens were then simulated with the software
TREMURI by means of nonlinear macroelements. This paper focuses on the basic assumptions
behind the nonlinear models and discusses the simulation of the response of the two piers. This
study is part of a comprehensive experimental campaign aiming at the assessment and
mitigation of the seismic vulnerability of URM buildings in the Groningen region of The
Netherlands [11], recently interested by induced seismicity.
2 QUASI-STATIC IN-PLANE SHEAR-COMPRESSION TESTS
Two CS masonry piers with equal geometrical and mechanical properties, one in bare and
one in retrofitted configuration, were subjected to quasi-static in-plane shear-compression tests
at the EUCENTRE laboratories in Pavia (Italy), under the same vertical stress 𝜎𝜎� = 0.5 MPa
and double-fixed boundary conditions. A detailed discussion on the strengthening intervention
and on experimental results can be found in [10]. The tests allowed investigating the influence
of the newly proposed timber retrofit system on the lateral capacity of the bare masonry pier.
The campaign was complemented by mechanical characterization tests on masonry, bricks, and
mortar.
2.1 Overview of the specimens and material properties
The specimens represented a first-storey loadbearing pier from the prototype of a URM
Dutch terraced-house end-unit tested at the EUCENTRE facilities [11]. The building prototype
consisted of URM cavity-walls, with a single-wythe internal loadbearing CS leaf and a singlewythe external clay veneer with no structural function. The specimens consisted of 33 courses
of CS bricks, with average dimensions of 210 x 100 x 70 mm, and 10-mm-thick mortar joints,
resulting in height H = 2.70 m, length L = 2.00 m, and thickness t = 0.10 m (Figure 1). The clay
outer-leaf was not included because irrelevant for the seismic capacity of the specimens. The
walls were built simultaneously and matured under the same environmental conditions, after
which, on one of the two was strengthened.
The retrofit system consisted of a timber frame made of vertical posts and horizontal blockings,
fastened to the masonry (Figure 1b, c and d). Horizontal top and bottom sill plates allowed

2947

M. Miglietta, N. Damiani, S. Bracchi, G. Guerrini, F. Graziotti and A. Penna

connecting the frame to reinforced concrete (RC) footing and top beam. All timber elements
had a section of 60 x 80 mm, where the 60-mm dimension was oriented perpendicular to the
wall. Steel tie-down connections were provided between posts and RC top and bottom elements
through the sill plates, to ensure in-plane flexural and sliding resistance. 18-mm-thick OSB
were nailed to the timber frame to enhance the pier shear capacity.
The masonry mechanical parameters of interest, obtained from characterization tests, are
reported in Table 1. The timber was red solid fir (Picea-abies) of class S10/C24 [12] with a
density of 517 kg/m3, mean Young modulus 𝐸𝐸�,���� = 11000 MPa and shear modulus
𝐺𝐺�,���� = 690 MPa, and characteristic tensile strength parallel to the fibers 𝑓𝑓�,� = 14 MPa. The
OSB were classified as OSB/3 [13] with a density of 572 kg/m3. Tie-down connectors had a
characteristic tensile strength of 11.6 kN [14].
2.2 Experimental results
The unstrengthened specimen exhibited a hybrid flexural and shear-sliding response (Figure
2a). The development of a full-length crack between the 32nd and 33rd brick courses at a drift
ratio (top displacement divided by H) of 0.20 % determined the transition from flexural rocking
to shear sliding. The lateral strength reached its peak of 78 kN at this drift ratio, then it decreased
to a residual value of about 65 kN. The test was interrupted when the specimen lost its vertical
load-bearing capacity at an ultimate drift of 0.75%.

Figure 1: Specimen geometries and details: a) bare pier; b, c, d) retrofitted pier.
Table 1: Masonry mechanical properties.

Mean
C.o.V.
Density ()
1836 kg/m3 0.01
Compressive strength (fm)
10 MPa
0.06
Young modulus (Em)
6593 MPa
0.09
Initial shear strength (fv0)
0.62 MPa
Shear friction coefficient (μ)
0.71
-
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The retrofitted specimen exhibited 35%-higher strength and 166%-higher displacement
capacity compared to the bare pier. The maximum lateral force of 105 kN was reached at a drift
ratio of 0.8%. The retrofit prevented shear sliding and forced a flexural rocking response up to
1.0% drift ratio. The pier strength decreased during the last two sets of cycles upon diagonal
shear cracking of the masonry. The test was terminated at a drift of 2.0% when the timber
system was supporting most of the applied vertical load. It is worth noting that both specimens
exhibited a first cracking drift ratio of 0.075%: the strengthening system did not have any effect
on the first cracking due to its lower stiffness compared to the masonry.
3 NUMERICAL SIMULATION OF THE TESTS
The assessment of the seismic vulnerability of buildings requires reliable numerical models
capable to capture the main features of the actual structural response. For this reason, twodimensional numerical models of the tested piers were built and validated against the
experimental results using the software TREMURI [15], which employs nonlinear
macroelements [16]. Each pier was discretized in a series of macroelements of equal length, as
proposed by [17] to model reinforced masonry. This strategy was adopted to capture the effect
of the timber posts (Figure 1) on the axial-flexural response of the pier: in fact, they act as
longitudinal reinforcement bridging cracks. The rotations of top and bottom nodes were
restrained to impose double-fixed boundary conditions.
3.1 Nonlinear macroelement
The macroelement implemented in TREMURI is capable to reproduce shear and flexural
failure modes, as well as the transition from one mode to the other one due to axial force
variations. The numerical flexural behavior relies on a nonlinear degrading model for rocking
damage, allowing consideration of finite masonry compressive strength and stiffness
degradation due to toe-crushing (Figure 3a).

Figure 2: Experimental hysteretic responses: a) bare pier; b) retrofitted pier.
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Figure 3: Nonlinear macroelement behavior: a) nonlinear flexural degrading model; b) role of parameter  on
the shear model; c) role of parameter Gct on the shear model.

The shear model is characterized by elastic, inelastic, and sliding ranges, with a post-peak
softening branch that tends asymptotically to a residual static frictional strength. Parameters 𝛽𝛽
(softening parameter, Figure 3b) and 𝐺𝐺𝐺𝐺� , (nonlinear deformability parameter, Figure 3c)
control the transition from peak to residual shear strength and the displacement at peak strength,
respectively. For all shear failure criteria presented in the following paragraph, 𝛽𝛽 and 𝐺𝐺𝐺𝐺� were
kept constant as 0.5 and 1.1, respectively.
3.2 Bare pier numerical model

The values of masonry mean elastic modulus (𝐸𝐸� = 6593 MPa) and compressive strength
(𝑓𝑓� = 10 MPa) obtained from material characterization tests were assigned directly to the
macrolement. The shear modulus was conventionally taken as 𝐺𝐺� = 0.35 𝐸𝐸� [10]. The masonry
shear resistance is implemented as a Coulomb failure criterion in TREMURI:
𝑉𝑉�� = 𝐿𝐿 ∙ 𝑡𝑡 ∙ (𝑓𝑓���,��� + 𝜇𝜇���� ∙ 𝜎𝜎� )

(3.1)

where L and t are the length and thickness of the pier; 𝑓𝑓���,��� is the equivalent initial shear
strength parameter; 𝜇𝜇���� is the equivalent friction coefficient; and 𝜎𝜎� is the mean compression
stress applied on the pier.
Four different strategies were followed to calculate the equivalent parameters 𝑓𝑓���,��� and 𝜇𝜇���� .
The first two cases were obtained by computing them from the diagonal shear failure criterion
for regular masonry, according to the Italian building code [18]:
𝑉𝑉�� =

𝐿𝐿 ∙ 𝑡𝑡
𝑓𝑓��
𝜇𝜇
∙�
+
∙ 𝜎𝜎 �
𝑏𝑏
1 + 𝜇𝜇 ∙ Ф 1 + 𝜇𝜇 ∙ Ф �

(3.2)

where b is a coefficient depending on the pier slenderness, which can by assumed equal to 1.5;
t is thickness of the pier; 𝑓𝑓�� is the initial shear strength of the masonry material; and 𝜇𝜇 is the
shear friction coefficient of the masonry material. Parameter Ф is the average slope of a stairstepped crack computed as:
Ф=

�������
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where 𝑏𝑏����� and ℎ����� are the length and height of a brick in the shear plane. Equivalent initial
shear strength and equivalent friction coefficient are then defined as:
𝑓𝑓���,��� =
𝜇𝜇���� =

𝑓𝑓��
𝑏𝑏 ∙ (1 + 𝜇𝜇 ∙ Ф)

𝜇𝜇
𝑏𝑏 ∙ (1 + 𝜇𝜇 ∙ Ф)

(3.4)
(3.5)

Two cases stemmed from this approach, using either the standard mechanical properties
suggested by the code or the actual values obtained through material characterization tests
(Table 1). Substituting the experimental masonry mechanical properties (Table 1) into
equations 3.4 and 3.5, values 𝑓𝑓���,��� = 0.28 MPa and 𝜇𝜇���� = 0.32 were obtained. In the second
case, the friction coefficient 𝜇𝜇 = 0.577 suggested by the Italian code [18] was adopted, while
keeping the experimental value 𝑓𝑓�� = 0.61 MPa; this resulted in equivalent parameters
𝑓𝑓���,��� = 0.3 MPa and 𝜇𝜇���� = 0.28.
Similarly, two other cases were derived based on the shear-sliding failure criterion, defined as
[19,20]:
𝑓𝑓�� ∙ 𝐿𝐿�
(3.6)
+ 𝜇𝜇 ∙ 𝜎𝜎� �
𝐿𝐿
where L is the pier length and 𝐿𝐿� the compressed length of the cracked cross-section. The latter
can be computed neglecting the tensile strength of bed-joints and assuming a simplified
distribution of stresses, with upper bound given by the entire pier length and lower bound by
the neutral-axis depth at ultimate flexural conditions [19]:
𝑉𝑉�� = 𝑉𝑉�,��� + 𝑉𝑉�,� = 𝐿𝐿 ∙ 𝑡𝑡 ∙ �

𝐿𝐿

𝜎𝜎�
3 ∙ 𝑓𝑓�� + 2 ∙ 𝜇𝜇 ∙ 𝜎𝜎�
≤ 𝐿𝐿� = 1.5 ∙ 𝐿𝐿 ∙ �1 − 𝛼𝛼�
� ≤ 𝐿𝐿
𝜂𝜂 ∙ 𝜆𝜆 ∙ 𝑓𝑓�
𝜎𝜎� + 3 ∙ 𝑓𝑓�� ∙ 𝛼𝛼�

(3.7)

where 𝛼𝛼� = 𝑀𝑀⁄(𝑉𝑉 ∙ 𝐿𝐿) is the shear-span ratio, assumed equal to 0.67; and 𝜂𝜂 and 𝜆𝜆 are the stressblock intensity and depth parameters, respectively equal to 0.85 and 0.80.
The equivalent friction coefficient (𝜇𝜇���� ) in this case coincides with the material one, while the
equivalent initial shear strength can be obtained as:

𝑓𝑓�� ∙ 𝐿𝐿�
(3.8)
𝐿𝐿
In one case, substituting the experimental initial shear strength (Table 1) in equation 3.8, a value
𝑓𝑓���,��� = 0.045 MPa was calculated, to be used in combination with experimental
𝜇𝜇���� = 𝜇𝜇 = 0.71. In the other case, the equivalent initial shear strength was still derived from
experimental properties as 𝑓𝑓���,��� = 0.045 MPa, while the equivalent friction coefficient
𝜇𝜇���� = 𝜇𝜇 = 0.4 was taken according to the Italian building code [18].
𝑓𝑓���,��� =

3.3 Retrofitted pier numerical model

Starting from the outcomes of the bare pier calibrated model, the simulation of the retrofitted
specimen experimental response required additional considerations. The connections between
masonry and timber grant deformation compatibility, with the actual mechanism controlled by
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the lower total strength of the combined masonry/timber system. Furthermore, the flexural and
shear strength contributions of the timber system need to be modelled separately since they are
provided by different components. While the former is governed by yielding of tie-down
connections between vertical posts and RC top beam and footing, the latter is given only by the
nailed OSB.
In light of these considerations, the vertical posts were modelled by nonlinear beam elements,
discretized in segments of equal length and connected to the same top, bottom, and intermediate
nodes as the discretized macroelements (Figure 4). The intermediate segments of each post
were assigned the timber member properties: mean elastic moduli (𝐸𝐸�,���� = 11000 MPa and
𝐺𝐺�,���� = 690 MPa), characteristic tensile strength (𝑓𝑓�,� = 14 MPa), and cross-sectional area
and moment of inertia (𝐴𝐴� = 4800 mm2 and 𝐼𝐼� = 2.56x106 mm4). Instead, the top and bottom
end-segments were modelled with equivalent elastic moduli (𝐸𝐸�� = 11732 Mpa and
𝐺𝐺�� = 4106 MPa) and strength (𝑓𝑓�,�� = 2.66 MPa), computed to restitute the actual axial forcedisplacement relationship of the tie-down connector over its free length between fasteners,
assigning cross-sectional area 𝐴𝐴� as for the timber members and zero moment of inertia. The
equivalence on the material properties was required by the different end-segment lenght and
cross-sectional area, compared to the actual free length and resisting area of the steel connector.
Before calculating 𝑓𝑓�,�� , a factor 1.1 was applied to the characteristic yield strength of the
connector to estimate its expected value [21].
The contribution of the OSB to the shear resistance was accounted through an equivalent
friction coefficient (𝜇𝜇���� ). Knowing the axial compression acting at mid-height of the pier
(𝑁𝑁��,��� ) and the shear resistance offered by the panels (𝑉𝑉��,���,� ), the equivalent friction
coefficient can be found by adding the contribution of the timber retrofit (𝜇𝜇���� ) to the one
calibrated for the bare pier (𝜇𝜇���� from section 3.2):
𝜇𝜇� ��� =

𝑉𝑉��,���,�
𝑁𝑁��,���

𝜇𝜇� ��� = 𝜇𝜇� ��� + 𝜇𝜇� ���

(3.9)

(3.10)

Given the axial compression 𝑁𝑁��,��� = 106 kN and the expected panel shear strength
𝑉𝑉��,���,� =45 kN [10,21,22], equation 3.9 resulted in 𝜇𝜇𝜇
� ��� = 0.42.

Figure 4: Retrofitted pier model.
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3.4 Calibration of the models
The results of both simulations based on the diagonal shear failure criterion showed very
similar numerical responses, initially governed by a flexural behavior followed by a shearsliding one (Figure 5a and b). While the flexural part approximates well the experimental
response, the transition to shear-sliding was predicted at an earlier drift ratio than in reality.
Moreover, the predicted residual shear strength was lower than the experimental one, and the
strength drop from rocking to sliding behavior appeared overestimated, denoting an excessive
influence of the cohesive contribution to the total strength of the pier.
Looking at the numerical results of the two models based on the shear-sliding failure criterion,
two essentially different outcomes were obtained. The use of the friction coefficient from
material characterization tests induced a flexure-only response (Figure 5c), denoting that the
model was overestimating the shear-sliding resistance. On the other hand, the use of the
equivalent friction coefficient suggested by the Italian code [18] led to a shear-only response,
due to a significant underestimation of the specimen shear strength (Figure 5d): the flexural
mechanism could not be activated in this case, since the shear-sliding resistance was too low
and governed the response from the very beginning. However, comparing all numerical results,
the models based on the shear-sliding failure criterion were deemed to be more appropriate
since the real behavior of the bare pier was hybrid, with a transition from rocking to sliding,
and no diagonal shear failure was triggered.
The experimental bare pier behavior was initially very similar to the numerical flexural
response of Figure 5c, then it switched to a sliding-shear behavior similar to the numerical one
of Figure 5d, but with higher residual strength. Accordingly, the equivalent friction coefficient
was selected to obtain the experimental residual shear-sliding strength: the ratio between the
residual strength (65 kN) and the applied vertical load at mid-height of the pier (106 kN)
resulted in an equivalent friction coefficient 𝜇𝜇� ��� = 0.60, which is 15% smaller than the one
obtained from material characterization tests. The initial shear strength 𝑓𝑓���,��� = 0.12 MPa was
then calibrated to match the switch of governing behavior at 0.20% of drift ratio. The final
outcome of the procedure is showed in Figure 6a. Negligible errors, less than 1% and 3%, were
obtained in terms of simulated maximum and residual strengths, respectively.
Figure 6b compares the numerical response of the retrofitted pier model with the experimental
one. The strategy adopted to simulate the influence of the retrofit system on the bare pier
capacity captured the experimental behavior with good approximation and did not require any
calibration or iteration. Negligible errors, less than 4%, were obtained in terms of specimen
strength. Combining the elastoplastic hysteresis of the beam segments simulating tie-down
connections, with the nonlinear elastic rocking response of the masonry pier, resulted in a flagshaped overall hysteretic behavior, which approached the actual dissipative response of the
retrofitted pier. Minor discrepancies were observed because the additional energy dissipated by
friction at crack interfaces and connections was not captured, as well as the initial accumulation
of small residual displacements. Furthermore, the model was not able to reproduce the
development of diagonal shear cracking beyond 1.0% drift ratio, which ultimately led to failure
of the retrofitted specimen. Overall, despite these small discrepancies, the simulation
successfully reproduced the experimental behaviour of the retrofitted pier.
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Figure 5: Bare pier numerical and experimental responses: a) diagonal shear failure criterion with friction
coefficient from material characterization; b) diagonal shear failure criterion with friction coefficient suggested
by [18]; c) shear-sliding failure criterion with friction coefficient from material characterization; d) shear-sliding
failure criterion with friction coefficient suggested by [18].
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Figure 6: Numerical and experimental responses after model calibration: a) bare pier; b) retrofitted pier.

4

CONCLUSIONS

This paper discussed the numerical simulation of two in-plane shear-compression tests
performed on two identical calcium-silicate masonry piers, one in bare conditions and one
retrofitted with a newly proposed timber system. The retrofit consisted of timber frames,
mechanically connected to the masonry and to top and bottom RC elements to increase the pier
flexural capacity, and OSB panels nailed to the timber frame to enhance also the shear strength.
The software TREMURI was used to simulate the experimental response, with discretized
nonlinear macroelements constituting the piers and nonlinear beam elements modeling the
timber frames and their connections to RC footing and top beam.
First, the macroelement properties were calibrated to reproduce the bare masonry pier
performance, starting from mechanical material properties and common failure criteria and
applying some corrections. Recognizing a hybrid failure mode which transitioned from flexural
rocking to sliding-shear, an equivalent friction coefficient was adopted based on the
experimental residual lateral strength and applied axial compression. Then, the equivalent
initial shear strength was calibrated to force the transition from rocking to sliding mode at 2.0%
drift ratio, as recorded in the experiment. The masonry elastic modulus and compressive
strength from material characterization did not require any adjustment. The peak and residual
lateral strength of the bare pier were then captured with errors of less than 1% and 3%,
respectively.
After calibration of the bare masonry pier, additional considerations were necessary to
reproduce the behavior of the retrofitted one. Vertical posts were explicitly modelled as
nonlinear beam elements, discretized in segments and connected to the same top, bottom, and
intermediate nodes as the discretized macroelements. The contribution to the shear resistance
of the specimen, provided by the nailed OSB, was simulated instead by increasing the friction
coefficient of the masonry macroelements. The numerical strength approached the experimental
one with an error of less than 4%, without any calibration or iteration, and reproduced with
good approximation the flag-shaped hysteretic cycles. However, the model did not capture the
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development of diagonal shear cracking beyond 1.0% drift ratio, which ultimately led to failure
of the retrofitted specimen.
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Abstract. Deep renovation interventions on existing buildings remain currently unattractive
due to technical, financial and cultural/social barriers. Now that the European Union 2018
Energy Performance Directive aims to “reach the long-term greenhouse gas emission goal and
decarbonize the building stock”, Member States may use their long-term renovation strategies
to address risks also related to fire hazards and seismic loads in addition to energy renovation.
This opens a wider market for innovative approaches in retrofit of existing buildings.
The current paper illustrates the primary outcomes of an ongoing multidisciplinary Horizon
2020 research project (called e-SAFE), tackling the integration of energy, seismic and
architectural renovation interventions through an innovative and combinable technological
solution, applicable to non-historic RC framed buildings (i.e. built after 1950) and easily
adaptable to specific climatic conditions, seismicity levels and other boundary conditions.
Hence, the proposed solution will contribute to the de-carbonization of the EU building stock,
reducing the occurrence of natural hazards related to climate changes, and, at the same time,
to the improvement of the social resilience against earthquakes and to the enhancement of
buildings architectural image.
The seismic retrofit technology consists in the external application of modular prefabricated
Cross Laminated Timber (CLT) panels on the existing perimetral walls. These panels are
connected to the beams of two consecutive floors by means of friction dampers and provide
additional lateral stiffness and strength to the existing structure, thus reducing the storey drift
demand in case of earthquake. The friction dampers cut the force transmitted by the CLT panel
to the structure and dissipate energy, which further reduce the drift demand. Strength, stiffness
and dissipation capacity provided by the system are controlled by modulating the thickness and
the number of CLT panels, as well as the friction dampers size.
In this research phase, friction damper prototypes have been designed in order to optimize
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both mechanical performance and production process. Detailed numerical models allowed to
investigate the stress distribution in the dissipative connections. The results of the preliminary
testing campaign will be presented and discussed in this paper, also in relation with the findings
of the numerical analysis and future tests.
1

INTRODUCTION

A recent issue in the building renovation sector is the need of innovative and holistic design
approaches, which combine both energy-efficient and anti-seismic interventions in order to
meet the current Energy Performance of Buildings Directive (EPBD) [1], meanwhile improve
the social resilience against earthquakes. In fact, in European seismic countries, most of the
existing buildings (around 50% of the residential stock) were built between the 1950s and
1990s, before the enforcement of the most recent energy and seismic codes [2]. Therefore, these
buildings are highly energy-intensive, thus contributing to the increase in greenhouse gas
(GHG) emissions and, consequently, to the climate changes and related natural hazards (e.g.
floods, hurricanes, torrential rainfall, windstorms). At the same time, they are extremely
vulnerable to seismic excitation, since only gravity loads were considered at the design stage,
according to the old standards. Typically, these buildings are multi-storey and have a reinforced
concrete (RC) frame structure with infill walls made of brittle hollow clay bricks. RC frames
are often oriented along one-direction and poor structural details usually characterize members
and joints, resulting in low strength, stiffness and deformation capacity of the structure in
relation to lateral actions. In the event of a severe earthquake, extensive damages or collapse of
these buildings are likely to occur causing considerable human and economic losses, as well as
environmental harm. For instance, in Italy, in the last two centuries, earthquakes have caused
about 160.000 deaths and, in the last 50 years, over €180 billion monetary losses [3] .
Combining energy-efficient retrofitting with seismic upgrading is then required in order to
reduce the seismic risk in the European territory, also contributing to improve the attractiveness
of deep renovation strategies on the existing buildings.
However, current techniques for seismic retrofitting of RC framed buildings are often very
expensive, time-consuming, invasive and not reversible. Furthermore, they also are highly
waste producers, resulting poorly accessible and low environmentally friendly, especially in
view of a renovation that should involve most of the existing building stock. These techniques
aim at increasing the strength, stiffness and deformation capacity of the structure or reducing
the seismic demand. They include the jacketing of the existing structural elements with steel,
RC, fibre-reinforced polymer (FRP) or textile-reinforced mortar (TRM) [4-7], the addition of
new RC shear walls or steel-braced frames, located inside or outside of the existing building
[8], and the installation of energy dissipation devices or base isolators [9-10].
Recently, several researches have proposed innovative integrated seismic and energy
renovation solutions based on external-dry installation and on the use of low-carbon recycled
or recyclable materials such as solid wood panels, e.g. Cross Laminated Timber Panels (CLT)
[11]. CLT panels coupled with an insulation layer and finishing materials have been
investigated in replacement of the existing masonry infill walls of RC framed buildings [12] or
in addition to the external walls [13], with the main purpose of increasing the overall lateral
stiffness of the structure. Special dissipative connections between CLT panels and building RC
frame have also been preliminarily examined in order to provide the existing structure with
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additional seismic energy dissipation capacity [13], but more comprehensive investigations on
new potential dissipative devices are required in order to optimize their structural efficiency,
durability and industrial replicability.
In this framework, the paper illustrates the first outcomes of an ongoing multidisciplinary
Horizon 2020 project, called e-SAFE (energy and Seismic AFfordable rEnovation solutions),
aimed at investigating innovative and combinable integrated retrofitting interventions. The
seismic technology (named e-CLT) that drives this intervention is based on the use of modular
prefabricated CLT panels equipped with innovative energy dissipation devices.
2 e-CLT SYSTEM
The e-CLT technology consists in the external application of prefabricated CLT structural
panels on the outer walls of the existing building, by connecting them to the RC beams through
innovative friction dampers (Figure 1a). In occurrence of moderate ground motions, the
dampers rigidly connect CLT panels to the RC structure, thus making available additional
lateral stiffness and strength. Conversely, friction dampers activate in occurrence of strong
ground motions, thus dissipating part of the input seismic energy (Figure 1b). These two
features of the e-CLT system reduce the storey drift demand of the structure and, consequently,
the damage to non-structural and structural components. Strength, stiffness and dissipation
capacity provided by the proposed system are controlled by modulating the thickness and the
number of CLT panels, as well as the damper size.
The integrated retrofitting intervention under investigation aims to combine the e-CLT
technology with non-structural pre-assembled panels made of wooden frames and provided
with high-performing windows that will replace the existing ones. Both structural and nonstructural panels integrate bio-based insulation materials and the desired finishing layer, in
order to improve also the energy performance and the architectural image of the renovated
building [14]. Cladding solutions integrated to both panels or separated string courses allow to
cover the RC beams and protect the dampers, while providing the building with architectural
uniformity. One important feature of the proposed system is that is can be applied from the
outside of the building, thus limiting the discomfort for internal users.

(a)

(b)

Figure 1: (a) Components of the integrated retrofitting system and (b) e-CLT technology under seismic loads
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3 PROPOSED FRICTION DAMPERS
Currently, the friction damper is under study with the main purpose of optimizing its shape to
meet the needs of structural, technological and industrial efficiency. Specifically, four
configurations of the proposed friction damper have been here investigated, in order to identify
potential limits and advantages for each one (Figure 2a-d).

(a)

(b)

(c)

(d)

Figure 2: Friction damper configurations under study: (a) STD, (b) STD-1H, (c) STD-R; (d) ALT.
(Abbreviations: STD=Standard; R=Reinforcement; H=Hole; ALT= Alternative)

In all the analysed configurations the damper consists of two cold bent steel profiles that
connect the CLT panels of two consecutive storeys with the existing interposed RC beam. The
upper profile is connected to the RC beam by anchor bolts. The bottom profile is provided with
slotted holes and is connected to the upper one by pretensioned high strength bolts. Common
timber screws connect both the upper and bottom profile to the CLT panels. The shear force is
transmitted between the two profiles by means of the friction exerted in the contact surface.
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During earthquake, when the force transmitted by the damper attains the value of the friction
force, the upper profile slides on the other one and dissipates seismic energy. The activation of
the sliding movement between the two profiles by a predefined force allows to control the
internal forces on both the damper components (steel profiles and fasteners) and CLT panels,
thus properly dimensioning them and limiting or avoiding damage of these elements and the
need of their replacement after the seismic event.
Specifically, in the standard configuration (damper STD in Figure 2a) the friction connection
consists of two pretensioned bolts located in parallel slotted holes and the CLT/steel
connections are on the front side of the CLT panels. The standard design has also been
investigated in two slightly modified additional configurations: with the two pretensioned bolts
located in a single centred slotted hole (damper STD-1H in Figure 2b), and with additional
welded steel reinforcements at the outer edges of the bent sections of both profiles (damper
STD-R in Figure 2c).
Instead, in the alternative configuration (damper ALT in Figure 2d) the CLT-steel
connections are on the back side of the CLT elements, the profiles cross section is reduced and
the two pretensioned bolts are in the same centred slotted hole, located closer to the vertical
edge of the upper profile, in order to decrease the eccentricity of the connection. For this design,
both the upper and bottom profile consists of two separate plates, welded together with a small
overlap to create a gap to fit the screw heads without risking rubbing between the profiles and
the RC beams. Countersunk holes in the steel plates for the screw heads have been avoided
because they make industrial production more complex.
In this work, the prototypes are 450 mm wide, 8 mm thick and are made of S235 steel.
Concrete/steel connection consists of four M14 concrete anchors with 90 mm spacing, while
the friction connection is provided by two M14 high strength pretensioned bolts.
The slotted holes are 240 mm long in the two-holes configurations and 370 mm in the singlehole one, assuming a building storey drift equal to 3% of the common RC building storey
height, i.e. 3 m, and additional 20 mm tolerance in both sliding directions. Furthermore, the
CLT-connections consist of 30 screws (8x80 mm) arranged on three rows of 10 screws each.
The spacing and edge distance of bolts and screws are in accordance with EN 1993-1-8:2005
and ETA-11/0030, respectively.
On an industrial scale, the innovative design of the proposed friction damper enables an easy
and efficient manufacturing process, since the upper and bottom steel profiles have the same
development in size and are produced by cold bending and welding of steel sheets.
The damper is also designed to allow a fast and simple external installation of the proposed
e-CLT technology, and to make it well adaptable to the most common RC framed buildings.
For instance, in buildings with external RC flat beams and balconies, the upper profile could be
directly fixed to the above overhang.
The damper configurations STD, STD-1H and STD-R allow to pre-assemble the CLT panels
off-site with only the upper profiles, while the bottom profiles are fixed on site during
installation in order to properly align and connect the friction surfaces of the two profiles. On
the other hand, the back fitting of the CLT-steel connections in the alternative configuration
ALT requires to pre-assemble the CLT panels off-site with both the profiles at the edges, and
then connect them to each other and to the RC beams on site. However, in this case high
precision in the damper production is required, since the adjustment of the friction surfaces
alignment cannot be guaranteed on site. Another main difference between the proposed designs
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regards the inspection and replacement of the dampers after a seismic event: a swift and
uncomplicated process in the first three designs, a bit more complex and time consuming in the
last case.
4 MATERIALS AND METHODS
4.1 Numerical modelling
FEM analyses have been performed for each damper design in Ansys® Academic Research
Mechanical, Release 19.2. Automatic meshing was used for the models, resulting in tetrahedron
meshing for all damper components, except the pretensioned bolts, where hex dominant
meshing was used, as shown in Figure 3a. Local mesh refinements were applied to the edge of
slotted holes.
The CLT elements and RC beam have been modelled with an area equal to the adjacent steel
plate one and a thickness of 100 mm, while pretensioned bolts and screws have the same
diameters as holes. A perfectly elastic material with modulus of elasticity of 210 GPa and
Poisson’s ratio of 0.3 was assigned to both the profiles and pretensioned bolts. A single elastic
modulus was estimated for the CLT-steel connections. Specifically, this simplified approach is
achieved by assuming the characteristic axial and shear screw strain equal to the characteristic
compressive CLT strain, perpendicular and parallel to the grain, respectively. The same
modulus of elasticity of 200 GPa was also used for the concrete-steel connection, as suggested
from the ETAG 001. Elastic analyses have been conducted on each numerical model in order
to preliminarily analyse the damper loading response. Damper loading consists of a shear load
Px of 30 kN, value chosen according to other testing campaigns of similar devices [15], and
vertical compressive or tension loads Pz resulting from the moment obtained by considering a
one-bay RC frame with a CLT panel 3 m tall and 4 m wide, as reported in Fig. 3b. This results
in two loading cases for each damper design. More details can be found in [16].

(a)

(b)

Figure 3: (a) Meshing of the STD damper model and (b) acting forces in the concept of e-CLT system
(Images used courtesy of ANSYS, Inc.)
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4.2 Test campaign
A preliminary testing campaign is currently ongoing, with the goal being the study of the
behaviour of the proposed friction connection. A specific setup was designed and built, in order
to include only the dampers and no CLT elements (Figure 4 a-b). The setup consists of a rigid
steel frame, namely the columns have a 12.5mm thickness and 100x200mm rectangular section,
the bottom profile of the specimen is attached to the right column, while the top profile is in the
central part of the frame and is free to slide, being connected to the actuator of the press. An
additional steel cap plate and two aluminium shim layers were inserted between the profiles, in
order to obtain an asymmetrical friction connection, as described by [17]. In this configuration
the top profile is moved up and down by the press machine, to simulate the movement applied
by the RC beam in a real building, and the bottom profile is fixed to the column, as it would be
fixed to the CLT panel in reality.

(a)

(b)

Figure 4: (a) Components of the testing setup and (b) testing setup

The damper designs considered for the test are four: the base configuration STD and STD1H (with two or one slotted holes for sliding respectively), the reinforced configuration STDR and the alternative configuration ALT. Each specimen presents minor modifications in
respect to the real configurations described in the previous sections, in order to fit the setup.
Namely the bottom profile was fixed to the column with bolts, and the top profile was simplified
to a C-shape, since its role in testing was only to transfer the load from the press.
The loading protocol is cyclic, adapted from ISO16670 and EN151229, which express the
protocol as a function of the ultimate displacement. In this case an ultimate displacement
vu=100mm was assumed, estimated as 3% of the interstorey drift of a common RC frame
building. The tests are conducted in displacement control. The load is measured by the load cell
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of the press, while the displacement of the top profile is recorded both by the press and by and
additional wire sensor. Two horizontal LVDTs were used to acquire measures of displacement
at the top and bottom of the right column, in order to verify the sufficient stiffness of the setup.
5 RESULTS AND DISCUSSION
5.1 Numerical modelling
Figures 5-7 show the results of the numerical analyses in terms of profiles stress distribution.
Regarding damper STD in compression load case, the results show a maximum equivalent vonMises stress of 658 MPa in the upper profile, specifically at the right edge of the friction
connection (Figure 5a). This stress is 2.8 times the characteristic yield capacity of the S235
steel. Stress concentrations in the innermost row of screws on both the upper and bottom
profiles are also observed. The second most critical stress is located at the left edge of the outer
bend of the bottom profile, with a critical stress of 469 MPa. This stress is likely the result of a
moment Mx.c of 1.7 kNm resulting from the high eccentricity of the vertical force acting in the
friction connection, as well as a torsion effect resulting from a large moment My,c of 4.4 kNm.
The bending and torsion effects also persist in the plate bends of damper STD in tension load
case (Figure 5b). In addition, higher tension reaction force is observed in the inner pretensioned
bolt compared to the outer one, resulting in a large vertical stress concentration of 687 MPa at
the vertical side of both the bends of friction connection. This could be a result of the inner bolt
being located closer to the vertical bend of the plate, resulting in greater stiffness compared to
the outer bolt.

(a)

(b)

Figure 5: Equivalent von-Mises stress [N m-2] on damper STD in compression (a) and tension (b) (Images
used courtesy of ANSYS, Inc.)

In damper STD-R lower stresses act on the bends of both profiles, compared to damper STD,
since they are concentrated in the steel welded reinforcements, as a result of the local stiffness
increase (Figure 6a). In particular, a critical stress of around 450 MPa is located above the left
reinforcement of the bottom profile in case of damper compression, while a critical stress of
628 MPa is on the bend below the same reinforcement in tension (Figure 6b).

2965

Tardo C., Boggian F., Hatletveit M., Marino E., Margani G., Tomasi R.

(a)

(b)

Figure 6: Equivalent von-Mises stress (a) and equivalent stress along Z-axis (b) [N m-2] on damper STD-R
(Images used courtesy of ANSYS, Inc.)

The design of damper ALT is the result of the above-mentioned preliminary numerical
outcomes. Lower stresses and a more even distribution are here observed, indicating a more
rigid behaviour of the connection plates (Figure 7). In this configuration, the lower eccentricity
of both friction and CLT-steel connections, compared to the other design, results in lower values
of bending moments Mx and Mz, which never exceed 0.4 and 0.7 kNm in compression and
tension, respectively. As a result, the stresses on the damper are always smaller than 150 MPa
for both load cases, except for local stress concentrations around the edges of the elongated
hole, where the stress is equal to 281 and 460 MPa for compression and tension load case,
respectively (Figure 7a-b).

(a)

(b)

Figure 7: Equivalent von-Mises stress [N m-2] on damper ALT in compression (a) and tension (b) (Images
used courtesy of ANSYS, Inc.)

5.2 Experimental campaign
The preliminary results of the testing campaign are presented for STD-1H and ALT damper
design, since STD and STD-R suffered from big deformations, as expected from the high
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stresses found in the numerical analyses, so more investigations are required. The load protocol
was applied with a speed of 0.5 mm/s, and after one initial cycle of 5mm amplitude then 3
cycles for 10-20-30-40-50 mm were applied. It is important to note that this was one of the
initial tests, directed at understanding the behaviour of the prototypes, and thus the input
protocol was set till 50% of the ultimate displacement capacity of the specimen.
Two tests were performed on both dampers: test A with a bolt preload of 24kN, and test B
with a higher preload evaluated from the results of test A, with the goal of reaching a friction
value of 30kN. This then translated in a preload of 45kN and 36kN during test B, for specimen
STD-1H and ALT, respectively. As seen from Figure 8, the graphs of test A exhibit a behaviour
that can be considered plastic, with a good stability of the hysteresis loops. Some corner
chipping is present in the loops, which is common for asymmetrical friction connections,
probably because of “dragging” phenomena of the cap plate not fixed to anything. Conversely,
test B highlights strong differences in the behaviour of the two specimens. Damper STD-1H
was subjected to big deformations in the bend of the bottom profile close to the column, which
were likely the cause of big spikes in measured force and brought the test to an end before
finishing all the cycles. Damper ALT exhibited better behaviour, reaching the designed 30kN
value for friction. In this case though the loops present a moderate level of stability, which is
worse than the case of test A with lower preload. This is in accordance with the findings of [17],
since a material with low hardness like aluminium was used as shim layer.

(a)

(b)

Figure 8: Force-displacement graphs for dampers (a) STD-1H and (b) ALT

7 CONCLUSIONS AND FUTURE WORK
This paper illustrates the first outcomes of an ongoing H2020 project aimed at investigating
the e-CLT technology, a new seismic retrofit solution for RC framed buildings. This solution
is part of an innovative and integrated renovation intervention also aimed at improving energy
performance and architectural features of the building.
The e-CLT technology consists in the external application of prefabricated CLT structural
panels on the existing outer walls, by connecting them to the RC beams through innovative
friction dampers. Specifically, four configurations of the proposed friction damper have been
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investigated, in order to identify potential limits and advantages for each one and, consequently,
to optimize both the mechanical performance and production process.
The four distinctive designs are: STD, the standard configuration; STD-1H, which has only
one elongated hole instead of two; STD-R, which presents additional reinforcements in respect
to the standard configuration and ALT, an alternative configuration with a different geometry
and mounting procedure.
3D FEM analyses were performed in Ansys® Academic Research Mechanical, Release
19.2, which pointed out the presence of great stress concentrations in all the STD
configurations, likely due to the eccentricity between the friction connection and the CLT-steel
one. Design ALT was then conceived and simulated to see the effect of reduced eccentricity,
and the stresses were lower than the previous cases.
A testing campaign is ongoing on the four dampers, which in part confirms what was
revealed by the FEM analyses. Specimens STD and STD-R suffered major deformations,
particularly in the outer bend of the bottom profile, while dampers STD-1H and ALT offered
more promising results. In particular, damper STD-1H provided satisfactory hysteretic
behaviour for low level of bolts preload, but experienced high deformations and loop instability
at higher level of bolts preload. Specimen ALT performed well in both cases of bolts preload,
with good and moderate loop stability, respectively.
New prototypes will be produced, with new geometry devised from the results illustrated in
this paper and from considerations regarding the need of easy installation and maintenance of
the e-CLT technology. The testing campaign will also be extended, by testing new materials as
shim layers.
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Abstract. The San Benedetto church complex is an iconic architectural heritage asset of
Ferrara, an attractive small city in the North of Italy. This paper investigates two separate parts
from the complex, respectively the church, and the bell tower. The construction of the church
dates back in the XV century, and many modifications were carried through years. During the
second world war the church was severely damaged and then was fully restored to the original
design. The bell tower instead is a typical tower of northern Italy, notably inclined by 3°. In the
last decade, severe earthquake sequences occurred in the nearby areas, and the occupancy and
safety of the structures were compromised. Several observed damages impelled upgrading
measures, and consequently, many different retrofitting interventions got executed. Advanced
numerical simulations are conducted in order to estimate the seismic vulnerability of each
structure, by means of non-linear dynamic analysis. A critical historical evolution of the
structure is considered, and two models for each structure are conceived respectively. The
church models consist of 1) post-war reconstruction modeled with two distinct materials; 2)
post-earthquake intervention with repointing technique and composites. The bell towers models
consist of 1) the non-retrofitted tower; 2) the model with steel hooping bars. A comparative
analysis is carried out based on the numerical results highlighting the pros and cons of each
modeling technique and the efficiency of each intervention. Structural stiffening incorporated
with a non-uniform distribution of the resisting capacities of the load-bearing elements
highlights the seismic vulnerabilities. The necessity for the advanced numerical simulation
emerges by the evidenced vulnerabilities in the performed simulations concerning the overall
structural safety.
Keywords: Masonry Structures, Seismic Vulnerability, Seismic Analysis, Retrofitting
1 INTRODUCTION
The conservation and preservation of cultural heritage are a topic of great interest in seismicprone regions, such as Italy [1–4]. Recent earthquakes in the Italian territory (Umbria-Marche
1997, L’Aquila 2009, Emilia 2012, Central Italy 2016) highlighted the vulnerability of old
masonry constructions to seismic excitations [5,6]. In particular, historical masonry churches
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proved to be highly vulnerable against horizontal loads [7–9]. Post-earthquake damage surveys
carried out after past seismic events highlighted that one of the main causes of vulnerability for
such structures is associated with local failure modes, mainly due to the out-of-plane response
of macro-elements [10,11].
It is a prevailing opinion, based upon vast research on their structural performance, that the
masonry towers are relatively very vulnerable against seismic loads, [12,13]. The low tensile
strength characterizes the masonry material and it is a paramount aspect that causes severe
damages to occur. However, the mechanical properties are only one aspect of their
vulnerability. Indeed, peculiar geometrical configurations, confinement with other
constructions, the soil-structure interaction, or the inclination plays a relevant role in their
performance [14–16].
This study is conceived as a comparative study between two different models of the church
and the bell tower of the San Benedetto Complex. As will be detailed in the following
paragraph, the studied structures represent complex futures, of geometry, materials and
restoration interventions. All these aspects influence the seismic vulnerability thenceforth a
detailed investigation is a step toward the knowledge of their actual safety level. Two models
have been conceived in this study, corresponding to the state before and after the carried-out
interventions. Non-linear dynamic analysis is the implemented numerical strategy to compare
the seismic performance of the structures in terms of the induced damages. This study is a
preliminary estimation of the efficiency of structural strengthening.
2 GENERAL DESCRIPTION OF THE SAN BENEDETTO COMPLEX
The San Benedetto church complex is an iconic structure belonging to the cultural and
architectural heritage of Ferrara, an attractive small city in the North of Italy. This paper
investigates two separate parts from the complex, which are respectively the church and the bell
tower. The construction of the church dates back in the XV century, and many modifications to
the original structure were carried through years.
2.1 San Benedetto Church
San Benedetto Abate Church in Ferrara was built between 1496 and 1553. During the Second
War World, the church was severely damaged and partially destroyed, see Figure 1. A
reconstruction process was performed according to the original drawings, and the works were
completed in 1954. The overall length of the church is about 60m and the height is almost 28
m. The façade, which is subdivided into three parts by decorative pilasters and has a large rose
window in the upper part. The church has the plan layout of a typical regular Latin cross with
three naves. The naves are separated by two rows of columns, and along the aisles, there are six
chapels in both sides symmetrically. The nave walls are approximately 18m high and present a
circular opening of diameter equal to 2.4m at about mid-length. The aisles' walls are 11m high,
while each side chapel is 8m high and presents high window openings. The transept of the
church is almost 45m long and 18m high similar to the nave. The nave and the transept are
covered with barrel vaults reinforced with ribs. The end part of the church consists of a semicircular apse and two small side apses, which have the same dimensions as the side chapels of
the naves. The apses and the transept have a radius of almost 6m, two elongated windows at the
end and two infilled circular windows aside.
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2.2 San Benedetto Bell Tower
The bell tower of San Benedetto Church as construction is newer compared to the church. It
was built in 1621 according to a design by Giovani Battista Aleotti. The main future is the
slenderness and the inclination. The last one is typical for all the towers in Ferrara, but this
tower is the highest and the most inclined one. The height of the tower is 54m, and the base
width is 7.1m. The tower is highly irregular in the upper part. It is composed of a regular tube
(30m) in the lower zone, and two blocks in the belfry zone. The wall thickness varies from
130cm at the base to 30cm at the top. The present inclination is 3.0° towards the West and 0.5°
towards the North. The inclination influence and the last earthquake has caused vertical cracks
passing through the openings. An intervention consisting of horizontal steel bars placed for
hooking effect along the height was carried out after the earthquake in 2012.

Figure 1: San Benedetto church after World War II (left image) actual state (right image)

3

NUMERICAL SIMULATION STRATEGY

3.1 FE models
The main focus of the research, to investigate the seismically induced damages, impose the
utilization of advanced numerical models. The literature offers different approaches towards
the modeling of masonry structures where its heterogeneity is emphasized and crucial aspect,
i.e. [10,17–19]. In order to mimic the non-linear behavior of the masonry material under seismic
cyclic loads and characterizing the damage of the material, the Abaqus CAE software is used
[20]. The constitutive modeling of masonry in the non-linear phase is approached according to
a Concrete Damage Plasticity material model distinct damage parameter for compression and
tension, [20]. The numerical models are discretized by means of tetrahedron elements that suit
best for meshing any irregular shape. The characteristic length of the element is lower than
28cm in all cases. Abaqus CAE automatically regularizes the fracture energy for each element
based on its corresponding h parameter, [20]. As mentioned in the previous paragraph, both
structures have undergone different retrofitting interventions. Herein, two different models are
conceived, respectively representing the state before and after retrofitting. As depicted in Figure
1, the church was rebuilt in approximately half of it. A simplified model, considering the old
masonry material and the newly replaced one is implemented as depicted in Figure 3. In the
absence of a detailed investigation of the material properties, a first investigation is made upon
recommended parameters. For masonry constructions built with regular bricks and lime mortar,
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the Italian code recommends some reference values to be utilized during the analysis, provided
in Table C8A.2.1, [21], while for the retrofitted material, by repointing or the undo-redo
technique, the data of Table C8A.2.2 are combined with Table C8A.2.1 in order to obtain the
mechanical properties. The Italian guideline CNR-DT215 [22], provides a reliable framework
on how to design the retrofitting of existing structures using high-performance materials.
According to those specifics, it is modeled the intervention of the vaults and dome with TRCM
(textile reinforced cementitious matrix). While the vaults built with hollowed bricks are not
modeled, A representative section of the structural elements is provided in Figure 2.
Hollowed
brick dome

Hollowed brick
barrel vault
Extradous TRCM
retroftitting of dome

Horizontal Hoops

Extradous TRCM
retroftitting of chapels

Figure 2: Section view of the San Benedetto Complex.

The masonry tower is modeled inclined, for both cases. In the retrofitted model, horizontal
steel bars are modeled with an applied pretension force, equivalent to compression stress in the
masonry of 0.2fcm. These bars were placed for closing the vertical cracks passing through the
opening of the north and south façade. A correct model of a tower should also consider the soilstructure interaction [23]. However, the reinforced concrete piles imply a rigid foundation
approach as a reliable one for the present case.
3.2 Seismic analysis approach
In the common practice of earthquake engineering, there are many strategies to address the
verification of the limit states for any structure. Still, the highest accuracy is achievable by
utilizing the non-linear dynamic analyses. Three real accelerograms are used instead, see Figure
4. Three real accelerograms obtained from Berkeley World Earthquakes Database
(//ngawest2.berkeley.edu/), by inserting the characteristic response spectrums of Ferrara, are
used. According to the Italian Code, the minimal number of pairs accelerograms to perform a
seismic performance estimation is equal to three, and the worst output is taken as a referential
response. The importance of the subjects imposes to verify the ultimate limit state of life safety
with earthquakes compatible with a return period spectrum of 715 years. Such demand results
to be very severe for masonry structures, thence, aiming to investigate the seismic vulnerability
primary to a structural safety estimation, a return period of 475 years is chosen in this study.
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Old Masonry
New Masonry

Old Masonry
Reinforced Masonry
TRCM
Seel

Figure 3: 3D view of the models:-before intervention (upper image);-after interventions (lower images)

Figure 4: Horizontal components of the utilized accelerograms.
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4

RESULTS

In the followings images are depicted the induced seismic damage at the end of the seismic
accelerograms prolonged for 30 seconds, as suggested by Eurocode 8, [24]. The damage
parameter in tension is visualized. This parameter is an adequate approach for showing the
initiation and the crack growth location for the concrete damage material. A relatively low value
of the “h” parameter on the element's dimensions ensures a reliable result. Due to the
acknowledged uncertainties and the role of accelerograms selection in the output results, the
comparison among the models is made primarily in terms of qualitative results than quantitative
ones. Also, it is well-known that the behavior of macroelements rules the vulnerability of
masonry structures.
Figure 5 depicts the damage pattern for the church before the retrofitting. The diffusion of
crack highlights some vulnerabilities, like severe damage of the interlocking between the
chapels and the church, in the arches, or the intersection of the nave with the transept. It is worth
noting that the traces of some damages follow the interface between the old masonry and the
new texture. It highlights the relevance of the mechanical properties and the lack of
homogeneity which brings to predefined failure surfaces which should be cured with special
attention. The vault ribs result to be very vulnerable. Even though their structural relevance is
negligible, its role in the operationality of the church and the aesthetic aspects is crucial.
The retrofitted church represents a lower level of seismic damage severity compared to the
non-retrofitted church, as depicted in Figure 6. The vaults ribs are still prone to be damaged
even they are retrofitted, an expected result due to their geometrical futures, [25]. To be
highlighted is the scarce interlocking between the chapels and the church, which heralds the
presence of this vulnerable joint. Careful observation should be paid to the façade system.
Although substantial damage is not registered for the conducted simulations, the retrofitted one
represents a similar level of damage which warns for earthquakes that might activate the rocking
of the façade due to a detachment.
From a critical point of view, retrofitting has improved the seismic performance of the
church. However, some drawbacks are worthy of being addressed. In such cases, other
strengthening strategies like tie rods could help transform the structural system into a safer one.
It could be a good motivation to investigate if such elements would not result in efficient ones,
as likely occurred to be those applied to the tower.
Figure 7 and Figure 8 summarizes the registered damages for the non-retrofitted and
retrofitted tower, respectively. At first glance, they represent the same picture, and it can be
concluded that in terms of vulnerability, the present retrofitting does not provide a relevant
contribution. The role of hooping steel rods into the incremented towers' capacity to withstand
horizontal loads is not reflected.
Due to the slenderness and the inclination, the base of the structure and the belfry are very
exposed to possible damages. The inclination has imposed the damage formation only on the
tension side of the tower.
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Earthquake 1

Earthquake 2

Earthquake 3
Figure 5: Seismically induced cracks in the church before retrofitting.
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Earthquake 1

Earthquake 2

Earthquake 3
Figure 6: Seismically induced cracks in the church after retrofitting.

2977

R. Shehu

Earthquake 1

Earthquake 2

Earthquake 3

Figure 7: Seismically induced cracks in the tower before retrofitting.

Earthquake 1

Earthquake 2

Earthquake 3

Figure 8: Seismically induced cracks in the tower after retrofitting.

5

CONCLUSIONS

This study provides a numerical insight into the seismic vulnerability and the effectiveness
of retrofitting interventions for the San Benedetto’s church and bell tower located in the

2978

R. Shehu

province of Ferrara, Italy. The structures were retrofitted, by means of a post-seismic repairing
of the damaged parts. Two different models were investigated and compared in terms of seismic
performance and the role of retrofitting for each structure. Both structures were tested under the
same level of seismic intensity. The bell tower, very slender and inclined, resulted to be more
vulnerable compared to the church, a massive construction with high wall thicknesses.
The results showed some present challenges on the efficiency of retrofitting solutions. The
bell tower was strengthened by horizontal steel bars which improved the interlocking of the
walls and compacting the shaft; however the rocking at the base and the flexible belfry remain
to be addressed in the future. The improved mechanical properties of the masonry for the church
resulted in being quite effective. Despite that two issues should be faced. The first one is related
to the quality of the intervention and the reliability of achieving such performance. The second
one is related to the upgrade of the structural towards a less vulnerable one.
REFERENCES
[1]

L. Binda, C. Modena, F. Casarin, F. Lorenzoni, L. Cantini, S. Munda, Emergency actions
and investigations on cultural heritage after the L’Aquila earthquake: The case of the
Spanish Fortress, Bull. Earthq. Eng. (2011). doi:10.1007/s10518-010-9217-3.
[2]
A. Borri, M. Corradi, G. Castori, A. De Maria, A method for the analysis and
classification of historic masonry, Bull. Earthq. Eng. 13 (2015) 2647–2665.
doi:10.1007/s10518-015-9731-4.
[3]
A.B. Habieb, M. Valente, G. Milani, Hybrid seismic base isolation of a historical
masonry church using unbonded fiber reinforced elastomeric isolators and shape
memory alloy wires, Eng. Struct. (2019). doi:10.1016/j.engstruct.2019.109281.
[4]
G. Milani, R. Shehu, M. Valente, Seismic Upgrading of a Masonry Church with FRP
Composites,
Mater.
Sci.
Forum.
866
(2016)
119–123.
doi:10.4028/www.scientific.net/MSF.866.119.
[5]
F. Mollaioli, O. AlShawa, L. Liberatore, D. Liberatore, L. Sorrentino, Seismic demand
of the 2016–2017 Central Italy earthquakes, Bull. Earthq. Eng. (2018).
doi:10.1007/s10518-018-0449-y.
[6]
M. Acito, E. Magrinelli, G. Milani, S. Tiberti, Seismic vulnerability of masonry
buildings : Numerical insight on damage, J. Build. Eng. (2019) 101081.
doi:10.1016/j.jobe.2019.101081.
[7]
M. Valente, G. Milani, Seismic response and damage patterns of masonry churches:
Seven case studies in Ferrara, Italy, Eng. Struct. 177 (2018) 809–835.
doi:10.1016/j.engstruct.2018.08.071.
[8]
A. Aşıkoğlu, Ö. Avşar, P.B. Lourenço, L.C. Silva, Effectiveness of seismic retrofitting
of a historical masonry structure: Kütahya Kurşunlu Mosque, Turkey, Bull. Earthq. Eng.
(2019). doi:10.1007/s10518-019-00603-6.
[9]
L. Sorrentino, L. Liberatore, L.D. Decanini, D. Liberatore, The performance of churches
in the 2012 Emilia earthquakes, Bull. Earthq. Eng. 12 (2014) 2299–2331.
doi:10.1007/s10518-013-9519-3.
[10] P. Roca, M. Cervera, G. Gariup, L. Pela, Structural analysis of masonry historical
constructions. Classical and advanced approaches, Arch. Comput. Methods Eng. 17
(2010) 299–325. doi:10.1007/s11831-010-9046-1.

2979

R. Shehu

[11]
[12]
[13]
[14]
[15]
[16]
[17]
[18]

[19]
[20]
[21]
[22]
[23]
[24]
[25]

S. Casolo, S. Neumair, M.A. Parisi, V. Petrini, Analysis of seismic damage patterns in
old masonry church facades, Earthq. Spectra. 16 (2000) 757–773.
doi:10.1193/1.1586138.
V. Sarhosis, G. Milani, A. Formisano, F. Fabbrocino, Evaluation of different approaches
for the estimation of the seismic vulnerability of masonry towers, Bull. Earthq. Eng.
(2017). doi:10.1007/s10518-017-0258-8.
M. Shakya, H. Varum, R. Vicente, A. Costa, Seismic vulnerability assessment
methodology for slender masonry structures, Int. J. Archit. Herit. 00 (2018) 1–30.
doi:10.1080/15583058.2018.1503368.
M. Valente, G. Milani, Effects of Geometrical Features on the Seismic Response of
Historical
Masonry
Towers,
J.
Earthq.
Eng.
(2017)
1–33.
doi:10.1080/13632469.2016.1277438.
G. Milani, R. Shehu, M. Valente, Seismic vulnerability of leaning masonry towers
located in Emilia-Romagna region, Italy:FE analyses of four case studies, AIP Conf.
Proc. 1790 (2016) 130002. doi:10.1063/1.4968720.
G. Milani, R. Shehu, M. Valente, Seismic Assessment of Masonry Towers by Means of
Non-linear
Static
Procedures,
Procedia
Eng.
199
(2017)
266–271.
doi:10.1016/j.proeng.2017.09.022.
P.B. Lourénço, R. De Borst, J.G. Rots, A plane stress softening plasticity model for
orthotropic materials, Int. J. Numer. Methods Eng. 40 (1997) 4033–4057.
doi:10.1002/(SICI)1097-0207(19971115)40:21<4033::AID-NME248>3.0.CO;2-0.
L. Gambarotta, S. Lagomarsino, Damage Models for the Seismic Response of Brick
Masonry Shear Walls. Part II: the Continuum Model and Its Applications, Earthq. Eng.
Struct. Dyn. 26 (1997) 441–462. doi:10.1002/(SICI)1096-9845(199704)26:4<441::AIDEQE651>3.0.CO;2-0.
S. Lagomarsino, A. Penna, A. Galasco, S. Cattari, TREMURI program: An equivalent
frame model for the non-linear seismic analysis of masonry buildings, Eng. Struct. 56
(2013) 1787–1799. doi:10.1016/j.engstruct.2013.08.002.
D.S. Simulia, Abaqus 6.14 documentation, (2014).
NTC, Aggiornamento delle “Norme Tecniche per le Costruzioni” - NTC 2018, Italy,
2018.
CNR-DT 215, Istruzioni per la Progettazione, l’Esecuzione ed il Controllo di Interventi
di Consolidamento Statico mediante l’utilizo do Compositi Fibrorinforzati a Matrice
Inorganica, 2018.
S. Casolo, V. Diana, G. Uva, Influence of soil deformability on the seismic response of
a masonry tower, Bull. Earthq. Eng. 15 (2017) 1991–2014. doi:10.1007/s10518-0160061-y.
EC-8-P-1, Eurocode 8 : Design of structures for earthquake resistance - Part 1, 2014.
G.L. Stockdale, V. Sarhosis, G. Milani, Seismic capacity and multi-mechanism analysis
for dry-stack masonry arches subjected to hinge control, Bull. Earthq. Eng. (2020).
doi:10.1007/s10518-019-00583-7.

2980

M. Pejatovic,
Numerical
Investigations
V. Sarhosis and
for Assessing
G. Milani the Seismic Performance of Multi-Tiered Nepalese Temples


WK,QWHUQDWLRQDO&RQIHUHQFHRQ6WUXFWXUDO$QDO\VLVRI+LVWRULFDO&RQVWUXFWLRQV
6$+&
35RFD/3HOjDQG&0ROLQV (GV 

180(5,&$/,19(67,*$7,216)25$66(66,1*7+(6(,60,&
3(5)250$1&(2)08/7,7,(5('1(3$/(6(7(03/(6

0,5.23(-$729,& 9$6,/,66$5+26,6*$%5,(/(0,/$1,






'HSDUWPHQW$%&7HFKQLFDO8QLYHUVLW\RI0LODQ
3LD]]D/HRQDUGRGD9LQFL0LODQ,WDO\JDEULHOHPLODQL#SROLPLLW




6FKRRORI&LYLO(QJLQHHULQJ8QLYHUVLW\RI/HHGV
/6-7/HHGV8.YVDUKRVLV#OHHGVDFXN





'HSDUWPHQWRI$UFKLWHFWXUH%XLOW(QYLURQPHQWDQG&RQVWUXFWLRQ(QJLQHHULQJ
7HFKQLFDO8QLYHUVLW\RI0LODQ
3LD]]D/HRQDUGRGD9LQFL0LODQ,WDO\PLUNRSHMDWRYLF#SROLPLLW


.H\ZRUGV1HSDOHDUWKTXDNH&XOWXUDOKHULWDJHEXLOGLQJV6HLVPLFGDPDJH0DVRQU\)LQLWH
HOHPHQWPHWKRG1XPHULFDOPRGHOOLQJ

$EVWUDFWIn this study, the seismic performance of old multi-tiered temples in Nepal has been
addressed using three different computational approaches, including a) linear elastic; b)
nonlinear static; and c) nonlinear dynamic analyses. Also, a sensitivity study was undertaken
to understand the influence of wall thickness and height of Nepalese temples on their seismic
behavior. Vertical oscillating modes using the elastic response spectrum of the Nepalese
Building Code were obtained using linear analysis. Nonlinear static analysis (NLSA) were
implemented to obtain the load carrying capacities of different in geometry temples e.g.
different thickness of central core walls and number of tiers. Additionally, nonlinear dynamic
analysis (NLDA) using the Finite Element Method (FEM) were performed to evaluate the
characteristic tensile damage patterns. The results comparatively indicate the weakest zones
depending on wall thickness, central core slenderness, opening distribution, box-like
confinement, vertical misalignment of walls and so forth. Also, the results of the NLDA affirm
high vulnerability of the multi-tiered temples showing extensive cracks at relatively low peak
ground accelerations. It is anticipated that outcomes of this study can help practicing engineers
to understand how these structures behave when subjected to seismic loads and provide insights
towards their strengthening and retrofitting.
 ,1752'8&7,21
7KH SUHVHUYDWLRQRI FXOWXUDO KHULWDJH LV D FUXFLDO LVVXH DOO RYHU WKH ZRUOG VXFK DV1HSDO
ZKRVHWHUULWRU\LVFKDUDFWHUL]HGE\ERWKVLJQLILFDQWVHLVPLFLW\DQGSUHVHQFHRIDODUJHDPRXQW
RIPRQXPHQWDOPDVRQU\FRQVWUXFWLRQVRIPDMRUKLVWRULFDOLPSRUWDQFHVXFKDVWHPSOHV'HVSLWH
WKHLPSRUWDQFHRIVXFKNLQGRIVWUXFWXUHVUHVHDUFKKDVUHFHQWO\EHHQPRUHIRFXVHGRQ
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DUFKLWHFWXUDOKHULWDJHEXLOGLQJVEHORQJLQJWR0HGLWHUUDQHDQFRXQWULHV LQGXVWULDOO\GHYHORSHG
EXW DW WKH VDPH WLPH LQ KLJK VHLVPLFLW\ UHJLRQV  DQG KHQFH RQ PDVRQU\ FKXUFKHV HJ >@
WRZHUV>@HWF7KHOHVVRQVOHDUQWIURPSUHYLRXVHDUWKTXDNHVWRJHWKHUZLWKGHHSVWXG\RI
VWUXFWXUDO ZHDNQHVVHV RI PRQXPHQWDO EXLOGLQJV OHDG WR SURSHU LQWHUYHQWLRQ GHVLJQ DQG WKHLU
FRQVHUYDWLRQ>@
0XOWLWLHUHGWHPSOHV 6HH)LJXUH EXLOWLQ1HSDODUHWUDGLWLRQDODQGPRQXPHQWDOVWUXFWXUHV
ZKLFK DSDUW IURP WKHLU DUFKLWHFWXUDO VLJQLILFDQFH SUHVHQW ERWK YDOXDEOH KLVWRULF DQG
DUFKDHRORJLFDOLPSRUWDQFH+RZHYHUWKH*RUNKD(DUWKTXDNHDQGLWVUHODWHGDIWHUVKRFNV
GUDPDWLFDOO\DOWHUHGWKHLFRQLFKLVWRULFVWUXFWXUHVLQ1HSDO$FFRUGLQJWR1HSDO¶V'HSDUWPHQW
RI$UFKDHRORJ\DURXQGKHULWDJHVWUXFWXUHVRIVLJQLILFDQWFXOWXUDODQGUHOLJLRXVYDOXH HJ
WHPSOHV DQG VKULQHV  ZHUH DIIHFWHG 'LVFXVVLRQV WR SODFH LW RQ 81(6&2¶V /LVW RI ³:RUOG
+HULWDJHLQ'DQJHU´DUHDOUHDG\XQGHUZD\






)LJXUH±0XOWLWLHUHGWHPSOHV1\DWRSROWHPSOH OHIW >@DQG*RSLQDWKWHPSOH ULJKW >@

,QSDUWLFXODU1HSDOHVHPXOWLWLHUHGWHPSOHVDUHFKDUDFWHUL]HGE\DFRPELQDWLRQRIEULFNZRUN
FRQVWUXFWHGZLWKPXGPRUWDU7KHVHVWUXFWXUHVDUHFKDUDFWHUL]HGE\D JHRPHWULFV\PPHWU\E 
DV\PPHWU\LQPDVVGLVWULEXWLRQDORQJWKHKHLJKWRIWKHVWUXFWXUHLHWKHPDVVRIWKHVWUXFWXUH
LQFUHDVHVIURPWRSWRERWWRPDQGF WKHWHPSOHVDUHUHVWLQJRQDKXJHDQGPDVVLYHSOLQWK RU
H[SRVHGIRXQGDWLRQ >@
0RGHOOLQJ PXOWLWLHUHG 1HSDOHVH WHPSOHV LV D YHU\ FRPSOH[ WDVN GXH WR QXPHURXV
XQFHUWDLQWLHVDQGODFNRIDFFXUDWHPDWHULDOFKDUDFWHUL]DWLRQ$OLJQHGZLWKWKH816XVWDLQDEOH
'HYHORSPHQW*RDO³6WUHQJWKHQHIIRUWVWRSURWHFWDQGVDIHJXDUGWKHZRUOG¶VFXOWXUDODQG
QDWXUDOKHULWDJH´DQG1HSDO¶VQDWLRQDOVWUDWHJ\IRUGLVDVWHUULVNPDQDJHPHQW  WKHUHVHDUFK
SUHVHQWHGKHUHLQDLPVWRDVVHVVVHLVPLFSHUIRUPDQFHRIROGPXOWLWLHUHGWHPSOHVLQ1HSDOXVLQJ
GLIIHUHQW FRPSXWDWLRQDO DSSURDFKHV LQFOXGLQJ D  OLQHDU HODVWLF E  QRQOLQHDU VWDWLF DQG F 
QRQOLQHDUG\QDPLFDQDO\VHV$VHQVLWLYLW\VWXG\LVDOVRXQGHUWDNHQWRXQGHUVWDQGWKHLQIOXHQFH
RIZDOOWKLFNQHVVDQGKHLJKWRI1HSDOHVHWHPSOHVRQWKHLUVHLVPLFEHKDYLRU
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,QLWLDOO\HODVWLFPRGHOVRIWKH*RSLQDWKDQG1\DWRSROWHPSOHVZHUHGHYHORSHGDQGPRGDO
DQDO\VLVZHUHXQGHUWDNHQLQRUGHUWRYHULI\WKHG\QDPLFSURSHUWLHVRIWKHVWUXFWXUHV(FFHQWULF
HIIHFWVRIWKHZDOOVDQGWKHWRSRIWKHWHPSOHVZHUHFRQVLGHUHG1XPHULFDOPRGHOVEDVHGRQWKH
PDFURPRGHOOLQJ DSSURDFK KDYH EHHQ GHYHORSHG LQ ZKLFK PDVRQU\ LV UHSUHVHQWHG XVLQJ WKH
&RQFUHWH'DPDJHG3ODVWLFLW\ODZ &'3 DYDLODEOHLQ$%$486VRIWZDUH,QDGGLWLRQIRUWKH
GHYHORSPHQWRIWKHQXPHULFDOPRGHOVLWZDVDVVXPHGWKDWD WKHSOLQWKLVULJLGE WKHIORRUV
DUHULJLGVLQFHWLPEHUEHDPVDUHDWWDFKHGWRZDOOVF WKHURRILVFRQVLGHUHGDVQRQVWUXFWXUDO
HOHPHQWDQGG WKHZHLJKWRIWKHZRRGHQSLQQDFOHLVQHJOHFWHGDWWKHYHU\WRSVLQFHLWVZHLJKW
LVVPDOOUHODWLYHO\WRWKHRWKHUSDUWVRIWKHVWUXFWXUH
'\QDPLFLGHQWLILFDWLRQRIWKHPXOWLWLHUHGWHPSOHV
,QLWLDOO\WKHPHFKDQLFDOSURSHUWLHVRIWKHPDVRQU\PDWHULDOWREHLQSXWWHGLQWRWKHQXPHULFDO
PRGHO FDOLEUDWHG 0DWHULDO FDOLEUDWLRQ ZDV SHUIRUPHG E\ GLYLGLQJ WKH VWUXFWXUH LQWR WKUHH
UHJLRQV$GLIIHUHQWPRGXOXVRIHODVWLFLW\KDVEHHQVHOHFWHGIRUHDFKFDVH VHH)LJXUH 










 D  E 
)LJXUH±7KUHHGLPHQVLRQDO)(PRGHOVRI D *RSLQDWKDQG E 1\DWRSROWHPSOHV'LIIHUHQWFRORUVUHSUHVHQW
WKHGLIIHUHQWPRGXOXVRIHODVWLFLW\DVVLJQHGWRWKHPRGHOV VHHDOVR7DEOHVDQG 
7KHQXPHULFDOIUHTXHQFLHVREWDLQHGIURPWKHQXPHULFDOPRGHODUHOHVVWKDQGLIIHUHQWWRWKHRQHVREWDLQHG
H[SHULPHQWDOO\&DOLEUDWHGPRGHVIRUERWKWHPSOHVDUHWKHILUVWWKUHHPDLQIOH[XUDOPRGHVLQRQHRIWKHSULQFLSDO
GLUHFWLRQV VHH7DEOHDQG

7DEOH 
7DEOH±&DOLEUDWLRQRISDUDPHWHUVIRU*RSLQDWKWHPSOH±( 03D( 03D( 03D
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 /,1($5$1$/<6(6
/LQHDUDQDO\VLVRIWKHWHPSOHVZHUHXQGHUWDNHQWRXQGHUVWDQGWKHORFDOG\QDPLFUHVSRQVH
DQGLGHQWLI\WKHSRVVLEOHORFDOIDLOXUHPHFKDQLVPVWKDWFDQRFFXUEHIRUHWKHLUJOREDOFROODSVH
,QWKHFDVHZKHQWKHWLPEHUOLQNVZHUHQRWSUHVHQW QRQH[LVWLQJDVVWUXFWXUDOHOHPHQWVRUEURNHQ
GXHWRH[FHVVRIORDGFDUU\LQJFDSDFLW\ WKHH[WHUQDOZDOOVZHUHQRWUHVWUDLQHGDORQJWKHXSSHU
HGJHDQGXQDEOHWRUHVLVWODWHUDOORDGVDORQH7KLVPD\OHDGWRRYHUWXUQLQJDVDUHVXOWRIRXWRI
SODQHIDLOXUHDVVRFLDWHGZLWKH[WHQVLYHFUDFNLQJSDWWHUQLQWKHYHUWLFDOGLUHFWLRQDWWKHFRUQHUV
*OREDO G\QDPLF UHVSRQVH RI WKH WHPSOH LV VLJQLILFDQWO\ LQIOXHQFHG E\ RVFLOODWLRQV LQ =
GLUHFWLRQWKDWKDYHPRUHRUOHVVVXEVWDQWLDOHIIHFWLYHPDVVDQGIDOODWWKHSODWHDXRIWKHHODVWLF
UHVSRQVHVSHFWUXP7KLVLVGXHWRWKHIDFWWKDWWKHWRSWRZHULVVXSSRUWHGE\WLPEHUEHDPVWKXV
EHLQJHFFHQWULFDOO\SRVLWLRQHGZLWKUHVSHFWWRWKHFHQWUDOPDVRQU\FRUH,WLVWKHHFFHQWULFLW\RI
WKHPDVRQU\ZDOOVZKLFKSURGXFHGLVFRQWLQXLW\LQYHUWLFDOVWUHVVWUDQVPLVVLRQ&RQVHTXHQWO\
VWDWLFDQGG\QDPLFHIIHFWVFRPLQJIURPWKHVWUXFWXUHDERYHDUHFRQFHQWULFDOO\WUDQVPLWWHGWR
WKHPDVRQU\FRUHEHLQJDSSOLHGDVSDWFKORDGVEHIRUHEHLQJVPHDUHGWKURXJKGLVWXUEHGUHJLRQ
7KLVHIIHFWFDQFDXVHORFDOFUXVKLQJRIPDVRQU\PDWHULDODWWKHSRLQWVRIVWUHVVFRQFHQWUDWLRQ
&UXVKLQJ RI PDVRQU\ DW WKH FRQWDFW EHWZHHQ WLPEHU OLQNVDQG H[WHUQDO PDVRQU\ ZDOO FDQ EH
REVHUYHG IURP WKH RXWFRPHV RI WKH SXVKRYHU DQDO\VLV SHUIRUPHG7KH UHVXOWV LQGLFDWH FUDFN
SDWWHUQGXHWRH[FHVVVWUHVVFRQFHQWUDWLRQV
 386+29(5$1$/<6,6
$ PDFURHOHPHQW PRGHO KDV EHHQ GHYHORSHG DQG WKH FRQFUHWH GDPDJH SODVWLFLW\ PRGHO
&'30  >@ LPSOHPHQWHG LQ $%$486 KDV EHHQ XVHG )LJXUH  VKRZV DFWXDO QRQOLQHDU
EHKDYLRURIPDVRQU\LQERWKWHQVLRQDQGFRPSUHVVLRQ
&RPSDUDWLYHSXVKRYHUDQDO\VHVKDYHEHHQSHUIRUPHGRQ*RSLQDWKDQG1\DWRSROWHPSOHVE\
YDU\LQJWKHLUKHLJKWDQGZDOOWKLFNQHVVHV7KHJHRPHWULFSDUDPHWULFFRQILJXUDWLRQXVHGDVSDUW
RIWKLVVWXG\LVVKRZQLQ)LJXUH
)LJXUHVKRZVWKHGLIIHUHQWJHRPHWULFDOFRQILJXUDWLRQVRIWHPSOHVREWDLQHGE\WKHYDULDWLRQ
RIWZRPDLQSDUDPHWHUV D WKHWRWDOKHLJKW + RIWHPSOHDQG E WKHWKLFNQHVVRIWKHZDOO G 
DWWKHFHQWUDOPDVRQU\FRUHDWWKHJURXQGOHYHO
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 D  E 

)LJXUH1RQOLQHDUXQLD[LDOVWUHVVVWUDLQDFWXDOEHKDYLRURIPDVRQU\ D LQWHQVLRQ E LQFRPSUHVVLRQ >@














1\DWRSRO

*RSLQDWK

+
+ PPP 

PPP
G

G PPPPPP

 PP

 PP

 PP

)LJXUH*RSLQDWKDQG1\DWRSROWHPSOHV'LIIHUHQWKHLJKWV + DQGWKLFNQHVVHV G RIPDVRQU\ZDOOV

)LJXUHDQG)LJXUHVKRZWKHFDSDFLW\FXUYHGLDJUDPVDQGWHQVLOHGDPDJHSDWWHUQVRIWKH
FRUUHVSRQGLQJ VWUXFWXUHV LQ WKUHHGLPHQVLRQDO YLHZ &DSDFLW\ FXUYHV JLYH LQIRUPDWLRQ DERXW
YDULDWLRQRIXOWLPDWHEDVHVKHDULQ;GLUHFWLRQOLPLWHGE\EODFNFLUFOHVDWWKHSRVLWLRQRIXOWLPDWH
GLVSODFHPHQWVZKLFKDUHHYDOXDWHGDFFRUGLQJWRWKH,WDOLDQ*XLGHOLQHIRU%XLOW&XOWXUDOKHULWDJH
DVVL[WLPHVWKHGLVSODFHPHQWVDWHODVWLFOLPLW>@
7HQVLOHGDPDJHSDWWHUQVFRQVLVWRIFUDFNVDWWKHEHJLQQLQJRIHDFKIORRU VHH)LJXUH 7KLV
LV HYLGHQW IRU WKH 1\DWRSRO WHPSOH VHH )LJXUH   ZKLFK SRVVHVVHV FKDUDFWHULVWLF S\UDPLGDO
FRQILJXUDWLRQDQGDEUXSWFKDQJHRIVWLIIQHVVDWHDFKWLHUZLWKYHUWLFDOPLVDOLJQPHQWVRIZDOOVRI
FHQWUDOPDVRQU\FRUH7DOOHUVWUXFWXUHVEHKDYHVLPLODUO\WRWRZHUVIRUPLQJSODVWLFKLQJHVDWLWV
EDVHVDFFRPSDQLHGZLWKKRUL]RQWDODQGGLDJRQDOFUDFNV)LJXUHVKRZVWKDWVWRFN\WHPSOHV
H[SHULHQFHVKHDUIDLOXUHZKLOHLQWKHFDVHRIVOHQGHUWHPSOHVIOH[XUDOIDLOXUHZLWKIRUPDWLRQRI
SODVWLF KLQJH DW WKH OHYHO RI VHFRQG IORRU ZDV REVHUYHG 7KH LQWHUPHGLDWH FDVHV ZKLFK ZHUH
LQYHVWLJDWHGIRXQGWRXQGHUJRDFRPELQDWLRQRIVKHDUDQGIOH[XUDOEHKDYLRUDWFROODSVH
)LJXUH  VKRZV WKDW 1\DWRSRO WHPSOHV ZLWK YDULHG JHRPHWULFDO SDUDPHWHUV VKRZ VLPLODU
FUDFNLQJWUHQGV)LQDOO\LQERWKJURXSVRIWHPSOHVSURJUHVVLYHFKDQJHRIIDLOXUHPHFKDQLVPLV
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HYLGHQW SDVVLQJ IURP VKHDU IDLOXUH IRU VWRFN\ WR IOH[XUDO IDLOXUH IRU VOHQGHU WHPSOHV
&RQYHQLHQWO\HVWDEOLVKHGIDLOXUHPHFKDQLVPVIRUFHUWDLQW\SRORJ\RIVWUXFWXUHVDUHFUXFLDOVWHS
WRZDUGV VLPSOLILHG DQDO\VLV XVLQJ SUHDVVLJQHG IDLOXUH PRGHV ZKLFK PXVW EH MXVWLILHG E\
QRQOLQHDUG\QDPLFDQDO\VLV
7KH XOWLPDWH EDVH VKHDU GHFUHDVHV DV WKH WKLFNQHVV RI ZDOOV RI FHQWUDO PDVRQU\ FRUH
GHFUHDVHVEXWSDUWLFXODUO\GHFUHDVHVLQWKHFDVHRILQFUHDVHRIWKHWRWDOKHLJKW,QSDUWLFXODUIRU
WKHFDVHRIWKH*RSLQDWKWHPSOHZLWKIL[HGYDOXHVRIWKLFNQHVVDWWKHJURXQGIORRUWKHWRWDOEDVH
VKHDUDWXOWLPDWHGHFUHDVHVIURPWRZKHQRQHIORRUZDVDGGHGDQGIURPWR
ZKHQWZRIORRUVZHUHDGGHG,QDGGLWLRQLQWKHFDVHRIWHPSOHVZLWKIL[HGKHLJKWVWKHEDVH
VKHDUGURSUDQJHVEHWZHHQDQGZKHQWKHWKLFNQHVVRIWKHZDOOVZDVUHGXFHGE\
PP DQG IURP  WR  ZKHQ WKH UHGXFWLRQ ZDV  PP 7KH EOXH FRORU VWDQGV IRU
XQGDPDJHGVWUXFWXUDOUHJLRQVZKLOHWKHUHGFRORULQGLFDWHVIXOO\GDPDJHUHJLRQV&RQWUROSRLQWV
DUHGHQRWHGDWHDFKVWUXFWXUH

G PP
G PP
G PP
&DSDFLW\FXUYHV

6KHDU

IDLOXUH
&3

+ P



6KHDUDQG

IOH[XUDO
&3

IDLOXUH

+ P



)OH[XUDO

KLQJH
&3

+ P




)LJXUH±7HQVLOHGDPDJHSDWWHUQVDQGFDSDFLW\FXUYHVIRU*RSLQDWKWHPSOHZLWKYDULHGWKLFNQHVVDWWKHJURXQG
IORRUG PPG PPDQGG PPDQGYDULHGKHLJKWV+ P+ PDQG+ P

5HJDUGLQJYDULDWLRQRIWKHWRWDOKHLJKWVLPLODUWUHQGFDQEHREVHUYHGLQ1\DWRSROWHPSOHV
EXW RSSRVLWHO\ ZLWK UHVSHFW WR WKH ILUVW JURXS RI WHPSOHV LI WKH KHLJKW LV UHGXFHG WKHQ WKH
XOWLPDWHEDVHVKHDULQFUHDVHV +RZHYHUIRUWKHVHFRQGJURXSRIWHPSOHVWKLFNQHVVUHGXFWLRQ
KDVEHQHILFLDU\HIIHFWRQWKHXOWLPDWHEDVHVKHDUH[SUHVVHGDVDIXQFWLRQRIJUDYLW\DFFHOHUDWLRQ



2986

03HMDWRYLF96DUKRVLV*0LODQL



J 7KHUHDVRQLVWKDWVWUXFWXUDOZHLJKWEHFRPHVVWURQJO\UHGXFHGZKLFKKDVDPRUHGRPLQDQW
LQIOXHQFHRQWKHJURZWKRIWKHUDWLR9:
5HJDUGLQJ1\DWRSROWHPSOHZLWKIL[HGYDOXHVRIZDOOWKLFNQHVVDWWKHJURXQGIORRUWKHWRWDO
EDVHVKHDUDWXOWLPDWHLQFUHDVHVIURPWRLIWKHWZRODVWIORRUVZHUHUHPRYHG$OVR
ZKHQWKUHHIORRUVUHPRYHGWKHQWKHWRWDOEDVHVKHDUDWXOWLPDWHLQFUHDVHVIURPWR,I
WKHKHLJKWVZHUHNHSWFRQVWDQWDQGWKHWKLFNQHVVRIWKHZDOOLVHTXDOWRPPWKHQWKHWRWDO
EDVHVKHDUDWXOWLPDWHUDQJHVIURPWRZKLOHZKHQWKHZDOOWKLFNQHVVLVHTXDOWR
PPWKHWRWDOEDVHVKHDUGHFUHDVHVIURPWR


&DSDFLW\FXUYHV
G PP
G PP
G PP

&3

)OH[XUDO
KLQJH
 + P



)OH[XUDO

DQGVKHDU
&3

IDLOXUH
 + P



6KHDU

IDLOXUH
&3
 + P



)LJXUH±7HQVLOHGDPDJHSDWWHUQVDQGFDSDFLW\FXUYHVIRU1\DWRSROWHPSOHZLWKYDULHGWKLFNQHVVDWWKHJURXQG
IORRUG PPG PPDQGG PPDQGYDULHGKHLJKWV+ P+ PDQG+ P

 121/,1($5'<1$0,&$1$/<6,6 1/'$ 
7LPHKLVWRU\QRQOLQHDUDQDO\VHVZHUHSHUIRUPHGXVLQJVSHFWUXPFRPSDWLEOHIRUWKHORFDWLRQRI
.DWKPDQGX9DOOH\DFFHOHURJUDPDVVKRZQLQ)LJXUH7KLVVSHFWUXPFRPSDWLEOHDFFHOHURJUDP
ZDV XVHG PDLQO\ IRU FRPSDUDWLYH UHDVRQV DQG WR DVVHVV WKH GDPDJH DQG SUHOLPLQDU\ ORDG
FDUU\LQJFDSDFLW\HYDOXDWLRQRIWKHWHPSOHVXQGHUFRQVLGHUDWLRQ
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)LJXUH±6SHFWUXPFRPSDWLEOHDFFHOHURJUDP3*$ J

,QWKH1/'$WKHSHDNJURXQGDFFHOHUDWLRQKDVEHHQWDNHDVJIRUDOOVWUXFWXUHVLQHDFK
JURXSRIWHPSOHVLQRUGHUWRFRPSDUHWHQVLOHGDPDJHV,QRWKHUZRUGVWKHDQDO\VLVZDVUHODWHG
WR FRPSDUDWLYH GDPDJH DQDO\VLV RI WZR JURXSV RI WHPSOHV ZLWK GLIIHUHQW G\QDPLF UHVSRQVHV
XQGHUWKHXQLIRUPVHLVPLFUHFRUGLQJDSSOLHGLQ;GLUHFWLRQIRUHDFKWHPSOH
)LJXUH  VKRZV WKH WHQVLOH GDPDJH SDWWHUQV DQG WLPH KLVWRU\ RIUHODWLYH GULIW IRU WKH ILUVW
JURXSRIWHPSOHV5HODWLYHGULIWKDVEHHQGHILQHGDVWKHGLVSODFHPHQWQRUPDOL]HGZLWKWKHWRWDO
KHLJKWH[SUHVVHGLQSHUFHQWDJHV:KHQGULIWDWWKHWRSRIWKHVWUXFWXUHLVJUHDWHUWKDQWKH
VWUXFWXUHIDLOV)URP)LJXUHLWFDQEHREVHUYHGWKDWIRUWKHRULJLQDOKHLJKWZKLFKLVHTXDOWR
PGDPDJHVDUHGRPLQDQWO\FRQFHQWUDWHGDORQJWKHSHULPHWHURIWKHFHQWUDOPDVRQU\FRUH
DWWKHOHYHORIWKHVHFRQGIORRULQGHSHQGHQWO\RIWKHWKLFNQHVVRIWKHZDOOV
)RUWKHVWUXFWXUHVZLWKWKHKHLJKWHTXDOWRPRULQRWKHUZRUGVZKHQRQHIORRUZDV
DGGHGLQWKHRULJLQDOJHRPHWU\RIWKHWHPSOHGDPDJHSDWWHUQVDUHWRWKHJUHDWH[WHQWVLPLODUWR
WKHRQHVREVHUYHGLQWKHJURXSRIVWUXFWXUHVZLWKWKHKHLJKWHTXDOWRP%HVLGHVWKHVH
WKHUH DUH LQFOLQHG GDPDJHV LQ WKH FDVH ZLWK WKH WKLFNQHVV RI  PP ZKLFK FRUUHVSRQGV WR
WUDQVLWLRQIURPVKHDUIDLOXUHWRIOH[XUDOIDLOXUHPRGHV
,QWKHFDVHZKHQWKHKHLJKWRIWKHWHPSOHZDVHTXDOWRPGDPDJHVPLJUDWHDWWKHOHYHO
RI WKH ORZHVW ZLQGRZ RSHQLQJV &UDFNV VWDUW IURP WKH HQG RI WKH ZLQGRZ RSHQLQJV DQG
SURSDJDWHWRWKHWRSDOORZLQJWKHXSSHUSDUWRIWKHWHPSOHWRRYHUWXUQ7KHWZRWHPSOHVZLWK
PKHLJKWH[SHULHQFHLQFLSLHQWFROODSVH GULIWVXUSDVVHVRIWKHWRWDOKHLJKW ZLWK
RYHUWXUQLQJRIWKHWRZHUOLNHXSSHUSDUWZKLFKFDQEHREVHUYHGLQWKHILQDOURZRI)LJXUH
(YLGHQWO\1/'$VKRZVWKDWSODVWLFKLQJHVIRUWKHPRVWVOHQGHU*RSLQDWKWHPSOHVRFFXUDWWKH
OHYHORIWKHORZHVWVHWRIZLQGRZRSHQLQJVZKLOHLQSXVKRYHUDQDO\VLVRYHUWXUQLQJWDNHVSODFH
DURXQGWKHKLQJHDWWKHOHYHORIVHFRQGIORRU
)LJXUHVKRZVWKDWLQVWRFNLHUVWUXFWXUHVRIWKHVHFRQGJURXSRIWHPSOHVYDULRXVGDPDJH
SDWWHUQVWKDWSUHFHGHVKHDUIDLOXUHVRIHQWLUHVWUXFWXUDOSDUWV H[WHULRUZDOOVDQGZDOOVRIFHQWUDO
PDVRQU\FRUH DUHYLVLEOH+RZHYHU1\DWRSROWHPSOHZLWKRULJLQDOKHLJKWZKLFKLVHTXDOWR
PLVFKDUDFWHUL]HGE\YHUWLFDOPLVDOLJQPHQWVDQGWKLFNQHVVUHGXFWLRQRIZDOOVRIFHQWUDO
PDVRQU\ FRUH DW HDFK IORRU 7KHVH DUH WKH UHDVRQV IRU WKHVH ]RQHV WR EH WKH ZHDNHVW LQ WKH
VWUXFWXUHZKLFKFDQEHMXVWLILHGREVHUYLQJFRQFHQWUDWLRQRIGDPDJHV VHHWKHILUVWURZRI)LJXUH
  +RZHYHU FHUWDLQ FORVHG FUDFN SDWWHUQV LQ WKH VKDSH RI HOOLSVH DUH YLVLEOH IURP WKH VLGH
SHUSHQGLFXODUWRJURXQGPRWLRQGLUHFWLRQ7KDWLVWKHFRQVHTXHQFHRIRVFLOODWLRQVRIWKHZDOO
IUHHVXUIDFHZKLFKLVIDUIURPLWVFRQVWUDLQW]RQHV7KHVHFUDFNVDUHSDUWLFXODUO\SURQRXQFHGLQ
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WKHFDVHRIWKHVPDOOHVWWKLFNQHVVRIWKHEDVHZDOOZKLFKHTXDOVPP7KLVLVLQRSSRVLWLRQ
ZLWKWKHGDPDJHPDSVREWDLQHGE\SXVKRYHUDQDO\VLVZKLFKIRUFHVIOH[XUDOIDLOXUHDWHDFKOHYHO
7KHUHDVRQLVLUUHJXODUS\UDPLGDOFRQILJXUDWLRQRIWKHVWUXFWXUHVZLWKSURJUHVVLYHUHGXFWLRQRI
FURVVVHFWLRQDORQJWKHKHLJKW6XFKLUUHJXODUFRQILJXUDWLRQLQGXFHVPRUHVKHDUUHVLVWDQFHLQLWV
EHKDYLRUWKDQUHJXODUVOHQGHUFRQILJXUDWLRQOHDGLQJWRVKHDUIDLOXUHVRIFHUWDLQVWUXFWXUDOSDUWV
&RQVHTXHQWO\ XQOLNH WRZHUV ZLWK VLPSOH DQG UHJXODU JHRPHWU\ VHLVPLF SHUIRUPDQFH
DVVHVVPHQWRI1HSDOHVHWHPSOHVZLWKQXPHURXVLUUHJXODULWLHVFDQQRWEHHYDOXDWHGE\DSSO\LQJ
SXVKRYHUDQDO\VLVKHQFHPRUHDFFXUDWH1/'$LVQHFHVVDU\IRUWKHHYDOXDWLRQRIWKHG\QDPLF
EHKDYLRU RI VXFK WHPSOHV 7KLV FRPSDUDWLYH GDPDJH DQDO\VLV VKRZV WKDW RQH KDV WR EH
SDUWLFXODUO\ FDUHIXO ZKLOH FKRRVLQJ DQDO\VLV PHWKRG LQ RUGHU WR REWDLQ FRQYHQLHQW UHVXOWV
)LQDOO\UHOLDEOHUHVXOWVDUHRIWKHXWPRVWLPSRUWDQFHIRULPSOHPHQWLQJLQWHUYHQWLRQVWUDWHJLHV
ZKLFKDUHHVVHQWLDOIRUWKHSUHVHUYDWLRQRIVXFKLQYDOXDEOHEXLOWFXOWXUDOKHULWDJH


7LPHKLVWRU\RI
G PP
G PP
G PP
GLVSODFHPHQWGULIW



+ P





+ P






+ P




)LJXUH±)LQDOWHQVLOHGDPDJHSDWWHUQVDQGWLPHKLVWRU\RIGLVSODFHPHQWGULIWRIWKHFRQWUROSRLQWVIRU*RSLQDWK
WHPSOHZLWKYDULHGWKLFNQHVVG PPG PPDQGG PPDWWKHJURXQGIORRUDQGYDULHGKHLJKW
+ P+ PDQG+ P

$FRPSDUDWLYHDQDO\VLVZDVSHUIRUPHGDVVXPLQJVWLIIDQGIOH[LEOHIORRUVDWVHFRQGIORRU
7ZR H[WUHPH H[DPSOHV LQ WHUPV RI JOREDO VWUXFWXUDO VOHQGHUQHVV LQYHVWLJDWHG D  *RSLQDWK
WHPSOHZLWKKHLJKWHTXDOWRPDQGE 1\DWRSROWHPSOHZLWKPRIWKHKHLJKWZLWK
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YDULHGWKLFNQHVV7KHPDLQJRDOZDVWRSURYHWKDWIDLOXUHPHFKDQLVPZKLFKRFFXUVLQVOHQGHU
WHPSOHVGRHVQRWGHSHQGRQWKHDIRUHPHQWLRQHGDVVXPSWLRQ7KHUHDVRQLVWKHIDFWWKDWWHQVLOH
GDPDJHVDUHFRQFHQWUDWHGDWWKHVHFWLRQZKLFKLVZHDNHQHGE\WKHZLQGRZRSHQLQJVDQGWKDW
WKHVWUXFWXUHKDVFKDUDFWHULVWLFIOH[XUDOIDLOXUHPHFKDQLVP
)RUWKHWHPSOHVZLWKKHLJKWHTXDOWRPGDPDJHVZHUHGRPLQDQWO\FRQFHQWUDWHGDORQJ
WKHSHULPHWHURIWKHFHQWUDOPDVRQU\FRUHIRUPLQJDIOH[XUDOIDLOXUHPHFKDQLVPIRUDOOWKUHH
GLIIHUHQWWKLFNQHVVHVLQYHVWLJDWHG$GGLWLRQDOO\LQFLSLHQWFROODSVHVLWXDWLRQZDVUHDFKHGZKLFK
ZDVYLVLEOHE\ORRNLQJDWWKHDPRXQWRIGULIWDWWKHFRQWUROSRLQWDWWKHWRSRIWKHWHPSOHV
)RUWKHWHPSOHVZLWKWKLFNQHVVRIWKHZDOOV G HTXDOWRPPFUDFNVLQLWLDWHGDWWKHORZHVW
VHWRIZLQGRZRSHQLQJVZKLOHDWWKHVHFRQGIORRUWKHUHZDVDVOLJKWLQGLFDWLRQRIGDPDJH/RZ
LQWHQVLW\GDPDJHVFDQEHREVHUYHGDWUHHQWUDQWFRUQHUVRIWKHORZHVWZLQGRZV,QWKHFDVHRI
ZDOOWKLFNQHVVHTXDOWRPPFUDFNSDWWHUQZDVSDUWLDOO\IODWRYHUWKHVHFRQGIORRURQVHWDQG
VWDUWHGWREHLQFOLQHGWRZDUGVWKHFRUQHUVRIWKHZLQGRZRSHQLQJ


G PP
G PP
G PP
7LPHKLVWRU\RI
GLVSODFHPHQWGULIW




 + P



 
 + P




 + P


)LJXUH±)LQDOWHQVLOHGDPDJHSDWWHUQVDQGWLPHKLVWRU\RIGLVSODFHPHQWGULIWRIWKHFRQWUROSRLQWVIRU1\DWRSRO
WHPSOHZLWKYDULHGWKLFNQHVVG PPG PPDQGG PPDWWKHJURXQGIORRUDQGYDULHGKHLJKW
+ P+ PDQG+ P

,I VWUHQJWKHQLQJ PHDVXUHV DUH QRW DOUHDG\ DSSOLHG WKH DVVXPSWLRQ RI ER[OLNH EHKDYLRU
LQFOXGLQJPHWDOSODWHVDWWKHWRSRIFRUQHUVRIH[WHUQDOZDOOVFDQQRWEHSUHVXSSRVHG
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G PP

G PP

G  PP



7LPHKLVWRU\RI
GLVSODFHPHQWGULIW




+ P


)LJXUH)LQDOWHQVLOHGDPDJHSDWWHUQVDQGWLPHKLVWRU\RIUHODWLYHGULIWRIWKHFRQWUROSRLQWVIRU1\DWRSRO
WHPSOHZLWK+ PZLWKIOH[LEOHIORRUDVVXPSWLRQ

,Q WKDW FDVH DQRWKHU PRGHOLQJ DSSURDFK ZDV DSSOLHG ZKLFK UHQGHUHG RXWRISODQH
RYHUWXUQLQJRIH[WHUQDOZDOOVHVSHFLDOO\ZKHQVWRFN\VWUXFWXUHVZHUHDWVWDNH,QRWKHUZRUGV
ZKHQ VOHQGHUQHVV ZDV KLJKHU HJ *RSLQDWK WHPSOH ZLWK +  P  WKH VWUXFWXUHEHKDYHG
VLPLODUO\ WR WRZHUV IOH[XUDO KLQJH RFFXUV  ZKLOH ZKHQ WKH VOHQGHUQHVV ZDV VPDOOHU HJ
1\DWRSROWHPSOHZLWK+ P FROODSVHPHFKDQLVPVLQFOXGHRXWRISODQHRYHUWXUQLQJRI
H[WHUQDO ZDOOV SHUSHQGLFXODU WR JURXQG PRWLRQ DFWLRQV DQG WKH ORVV RI LQWHUORFNLQJ EHWZHHQ
SHUSHQGLFXODUZDOOVZDVHYLGHQWDWERWK VHH)LJXUH 
 &21&/86,216
,QWKLVVWXG\WKHVHLVPLFSHUIRUPDQFHRIROGPXOWLWLHUHGWHPSOHVLQ1HSDOZHUHDVVHVVHG
XVLQJ GLIIHUHQW FRPSXWDWLRQDO DSSURDFKHV LQFOXGLQJ D  OLQHDU E  QRQOLQHDU VWDWLF DQG F 
QRQOLQHDUG\QDPLFDQDO\VHV$VHQVLWLYLW\VWXG\ZDVDOVRXQGHUWDNHQWRLQYHVWLJDWHWKHLQIOXHQFH
RIZDOOWKLFNQHVVDQGKHLJKWRI1HSDOHVHWHPSOHVRQWKHLUVHLVPLFEHKDYLRU$VHULHVRIPDFUR
PRGHOV EDVHG RQ WKH ILQLWH HOHPHQW PHWKRG RI DQDO\VLV ZHUH GHYHORSHG 0DVRQU\ KDV EHHQ
PRGHOHGEDVHGRQWKH&RQFUHWH'DPDJHG3ODVWLFLW\0RGHO &'30 DYDLODEOHLQ$%$486
&RPSDUDWLYHGDPDJHDQDO\VLVVKRZVWKDWWKHVHOHFWLRQRIWKHVXLWDEOHDSSURDFKIRUPRGHOOLQJ
VXFK VWUXFWXUHV LV FULWLFDO WR DYRLG PLVOHDGLQJ LQIRUPDWLRQ DERXW WKHLU VHLVPLF SHUIRUPDQFH
1/'$VKRZVWKDWS\UDPLGDOFRQILJXUDWLRQZLWKSURJUHVVLYHUHGXFWLRQRIFURVVVHFWLRQDWHDFK
IORRU DFWLYDWHV PRUH VKHDU UHVLVWDQFH LQ LWV EHKDYLRU WKDQ WKH IOH[XUDO RQH $SSOLFDWLRQ RI
QRQOLQHDUVWDWLFDQDO\VLVWKXVLVQRWMXVWLILHGVLQFHLWVUHVXOWVDUHLQSULQFLSOHPRUHRULHQWHGWR
IOH[XUDOWKDQWRVKHDUEHKDYLRUZKLFKLVQRWLQFRUUHVSRQGHQFHZLWKWKHPRVWDFFXUDWH1/'$
IRUWKLVW\SHRIVWUXFWXUHV&RUUHFWDVVHVVPHQWRIIDLOXUHPRGHVLVHVVHQWLDOIRUSURSHUGHVLJQRI
LQWHUYHQWLRQVWUDWHJ\ZKLFKLVQHFHVVDU\WREHGRQHIRUPDQ\WHPSOHV
8QGHUWKHDVVXPSWLRQRIVWLIIIORRUIDLOXUHPHFKDQLVPVGRQRWFKDQJHLQWKHFDVHRIWKHPRVW
VOHQGHU WHPSOHV DPRQJ DOO LQYHVWLJDWHG *RSLQDWK WHPSOHV ZLWK +  P ZLWK YDULHG
WKLFNQHVV FRPSDULQJWRWKHFDVHRIIOH[LEOHIORRU,QWKHFDVHRIWKHVWRFNLHVWWHPSOHV 1\DWRSRO
WHPSOHVZLWK+ P WKHIDLOXUHPHFKDQLVPLVUHDFKHGRQO\ZKHQIOH[LEOHIORRULVDVVXPHG
%HLQJFORVHUWRUHDOLW\LWLVHYLGHQWWKDWRYHUWXUQLQJRIWKHH[WHUQDOZDOOVWDNHVSODFH,QRUGHU
WRDYRLGWKLVSURSHUVWUHQJWKHQLQJPHDVXUHVDUHQHFHVVDU\WREHDSSOLHG
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$FNQRZOHGJHPHQW7KHDXWKRUVZRXOGOLNHWRDFNQRZOHGJHWKHIXQGLQJUHFHLYHGIURP%ULWLVK
$FDGHP\¶V*OREDO&KDOOHQJHV5HVHDUFK)XQG&LWLHVDQG,QIUDVWUXFWXUH3URJUDPWRFDUU\RXW
WKHUHVHDUFKWLWOHGµ5HGXFLQJ'LVDVWHU5LVNWR/LIHDQG/LYHOLKRRGVE\(YDOXDWLQJWKH6HLVPLF
6DIHW\RI.DWKPDQGX¶V+LVWRULF8UEDQ,QIUDVWUXFWXUH¶ &,  DQGWKHJHQHURXVORJLVWLFDO
VXSSRUWRIIHUHGE\WKH3DVKXSDWL$UHD'HYHORSPHQW7UXVWDQGWKH'HSDUWPHQWRI$UFKDHRORJ\
*RYHUQPHQWRI1HSDO
5()(5(1&(6


>@ 0%HWWL$%RUJKLQL6%RVFKL$&LDYDWWRQHDQG$9LJQROL&RPSDUDWLYH6HLVPLF
5LVN $VVHVVPHQW RI %DVLOLFDW\SH &KXUFKHV Journal of Earthquake Engineering,
22:sup1, 62-95, DOI: 10.1080/13632469.2017.1309602, 
>@ 9 6DUKRVLV * 0LODQL $ )RUPLVDQR DQG ) )DEEURFLQR (YDOXDWLRQ RI GLIIHUHQW
DSSURDFKHV IRU WKH HVWLPDWLRQ RI WKH VHLVPLF YXOQHUDELOLW\ RI PDVRQU\ WRZHUV Bull
Earthquake Eng (2018) 16:1511–1545.
>@ 09DOHQWHDQG*0LODQL(IIHFWVRI*HRPHWULFDO)HDWXUHVRQWKH6HLVPLF5HVSRQVHRI
+LVWRULFDO0DVRQU\7RZHUVJournal of Earthquake Engineering, 22:sup1, 2-34, DOI:
10.1080/13632469.2016.1277438, 
>@ $0'¶$OWUL*&DVWHOOD]]LDQG60LUDQGD&ROODSVHLQYHVWLJDWLRQRIWKH$UTXDWDGHO
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Abstract. Due to the characteristics of lower strength, anisotropy, heterogeneity and
poor ductility, historical masonry structures usually show poor seismic performance.
During earthquakes, the damage severity of masonry structural members varies with
their real capacity mostly. To avoid waste and save resources, the following retrofitting
strategies would be determined in comply with the cost-effective principles
corresponding to the severity level of the damaged buildings. The mechanical
properties as to the seismic performance of the critical load bearing walls in the damaged
buildings could be improved by retrofitting and repairing. However, how to reasonably and
effectively estimate the seismic performance of the retrofitted wall with some level of
damage could be the most critical and challengeable point. Based on the finite element
analyses, simulation method for the seismic performance of retrofitted masonry wall with
damage in earthquake is developed in this paper. The stress and strain hysteretic model for
the retrofitted wall element is proposed to consider the three stage effects: original damage,
retrofitting or repair, and reloading. According to relevant codes and research results, the
damage level of components is classified in terms of the loss level of the axial and shear
capacity as well as the deformability. Damage patterns, hysteretic relationships among
different retrofitting methods in terms of the external single side of reinforced mortar layer
and external single side of fibre reinforced lime mortar layer are compared and analyzed.
The seismic capacity and hysteretic skeleton curve of retrofitted masonry wall specimens
with different damage levels are developed and discussed. The operational cost-effective
retrofitting schemes for masonry walls with different damage levels are proposed.
1

INTRODUCTION

Historical buildings experienced many destructive uncertainties in their long histories. This
results in different degrees of damage and reduced bearing capacity to masonry structures,
which makes it difficult to continue to maintain the functionality. The long life of historical
architecture makes it have rich cultural mark, which is the mark of architectural history and
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cultural development history. The strength of masonry mortar in most brick masonry
historical buildings is relatively low, and the compressive strength of masonry mortar in most
brick masonry historical buildings is less than 1.0MPa or even close to 0.1MPa. At the same
time, due to the construction of brick masonry structure and the improper use of lots of
reasons historical buildings tend to demonstrate different kind of damage pattern (crisp,
mortar pulverization, wall cracks, wall moisture, etc.). These adverse factors weaken the
masonry strength and the deformability, thus the structural seismic performance is also
decreased.
The painful lessons learned from the Tangshan earthquake in 1976 made Chinese scholars
[1-3] paid much attention on the seismic reinforcement of the masonry structures and took a
lot of researches on the seismic reinforcement of masonry structures with reinforced (steel
mesh) mortar or concrete.
Traditional materials used in masonry structures are mostly brittle with little ductility to
resist natural disasters. Based on this point, scholars [4-6] started to study how to reinforce the
masonry structures with fibre reinforced materials in lab tests. Carbon fibre and basalt fibre
are the most typical fibre reinforced materials in most studies. Strengthening patterns are
given priority to use paste fibre cloth. The factors affecting seismic shear bearing capacity of
the wall after reinforcement include fibre material properties, paste form, the elastic modulus
and compatibility of fibre material, the consolidation time, etc. The results show that the
cracking load and ultimate bearing capacity as well as the seismic energy dissipation capacity
of the walls are increased to different degrees with factors change.
The height of historical buildings is generally short, so the vertical pressure on the walls is
relatively low. The reinforcement of brick masonry walls under low pressure usually adopts
the method of sticking fibre reinforcement or steel meshed mortar layer reinforcement.
Sticking the fibre can improve the ductility of the wall, and the external steel meshed mortar
layer can greatly improve the bearing capacity of the wall. Both methods are widely used in
engineering practice, but they are mostly not allowed to use for the brick masonry historical
buildings. For the wall has been broken seriously with uneven surface, it is difficult to paste
fibre cloth. At the same time, the fibre cloth and the original brick wall has a large visual
difference, it is difficult to accept by the architect. After reinforcement with steel meshed
mortar layer, the wall stiffness increases, but the wall ductility enhancement effect is not
significant. In fact, the original wall is disturbed greatly during construction, and the facade
effect is changed after reinforcement, these aspects are all shortcomings for historical
masonry structural buildings.
In order to reinforce the brick masonry historic buildings with low strength mortar under
low pressure, this paper proposes the method of replacing the steel mesh with natural linen
fibre bundles embedded in the external mortar layer. During construction, the cracked wall is
firstly repaired with mortar pressure grouting, then pasted with fibre cloth, and finally coated
with mortar, the effect is equal to the reinforcement method of the external steel mesh mortar
layer. In order to study the adaptability of the traditional mortar strengthening methods to the
earthquake damaged brick masonry structure, to determine the usable strength range of
masonry mortar for providing sufficient seismic shear bearing capacity after retrofitting, this
paper conducted series of numerical analyses about the seismic bearing capacity of damaged
low strength masonry walls retrofitted with masonry mortar with strength of 0.4 MPa under
axial pressure of 0.3 MPa as example.

2994

Biye Wu, Junwu Dai * and Wen Bai

2. NUMERICAL SPECIMEN MODEL
2.1 Specimen design
Historical buildings have experienced the aging effect of many natural factors such as
man-made damage, earthquake damage, differential settlement deformation and freeze-thaw
deterioration or temperature deformation etc. during their long service period. Before
strengthening the walls of masonry structure historical buildings, it is necessary to investigate
the existing damages of the buildings in detail, conduct sample extraction to detect the
degradation of materials and evaluate the strength. At the same time, based on the existing
degradation status of the buildings and the following usage purpose, appropriate
reinforcement methods should be selected based on the principle of repairing the old as old. In
this paper, brick walls are divided into five grades: undamaged, slightly damaged, moderately
damaged, severely damaged and nearly collapsed according to the degree of bearing capacity
loss of the existing buildings. The classification method is shown in Table 1.
Table 1: Damage grade of original brick wall
Embody
Lateral bearing
Lateral displacement
Performance
Story drift
capacity loss
at the wall top
of the wall
Undamaged (d0)
No loss
Slight damaged (d1)
loss<10%
3.5 mm
1/300
very slight
Moderate damaged(d2)
10% < loss< 20%
4.8 mm
1/220
Visible
cracks cracks
Serious damaged(d3)
20% < loss< 40%
6.0 mm
1/180
More fractures
Close to collapse(d4)
loss> 40%
7.0 mm
1/150
Penetrating
occur
Note: The results of wall state refer to the experimental results of some scholars [1-3]. Storycracks
drift isoccur
the
lateral displacement at the wall top to the wall height 1061mm.
Grade of damage

Table 2: Specimen parameters

Group

Specimen number
A/mm T/mm
Mortar grade Damage
σv/MPa
Ud-test
240
M0.4
d0
0.3
Ⅰ
Ud-simulation
EW-0.4-d1-0.3-0-WJG
EW-0.4-d1-0.3-S20-M**
20
240
M0.4
d1
0.3
Ⅱ
EW-0.4-d1-0.3-BFS40-M**
40
EW-0.4-d1-0.3-SMS40-M**
40
EW-0.4-d2-0.3-0-WJG
EW-0.4-d2-0.3-S20-M**
20
240
M0.4
d2
0.3
Ⅲ
EW-0.4-d2-0.3-BFS40-M**
40
EW-0.4-d2-0.3-SMS40-M**
40
EW-0.4-d3-0.3-0-WJG
EW-0.4-d3-0.3-S20-M**
20
240
M0.4
d3
0.3
Ⅳ
EW-0.4-d3-0.3-BFS40-M**
40
EW-0.4-d3-0.3-SMS40-M**
40
EW-0.4-d4-0.3-0-WJG
EW-0.4-d4-0.3-S20-M**
20
240
M0.4
d4
0.3
Ⅴ
EW-0.4-d4-0.3-BFS40-M**
40
EW-0.4-d4-0.3-SMS40-M**
40
Note: Ud-un damaged wall; T is wall thickness; σv is the vertical pressure at the wall top; A is the thickness
of side reinforcement surface layer; S20 is single side 20 mm lime mortar layer; S40 is single side 40 mm lime
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mortar layer; BF is the surface layer of fibre bundle mortar; SM is the surface layer of steel mesh mortar; M** is
the strength grade of surface mortar, classified as M2.5, M5, M7.5 and M10.

For studying of the reinforcement effect of surface strengthening methods to low strength
brick walls in different seismic damage degree and the effect of material degradation caused
by the aging and permanent deformation, five groups of 53 specimens of wall are designed in
this paper, including one piece of benchmark wall without any damage or any reinforcement,
4 pieces of damaged wall, 16 pieces of single side lime mortar reinforced damaged wall, 16
pieces of single side fibre bundle lime mortar reinforced damaged wall, 16 pieces of single
side steel mesh mortar reinforced damaged wall, The parameters of each specimen are shown
in Table 2.
In the following study, the specimen size, numerical simulation parameters are same with
reference [7], see Fig.1. In the numerical simulation, specimens are strengthened with 20 mm
thick of plain lime mortar surface layer, 40 mm of reinforced surface layer with
D=6mm@300mm steel mesh and same spacing fibre bundles respectively. The fibre bundle
area shall be equivalent to the fibre cloth area. The relevant parameters of the reinforcement
and fibre bundle materials are shown in Table 3. The strength grade of bricks is MU10 for all
specimens, the masonry mortar grade is M0.4 mortar mixed with water, cement and lime, and
the external strengthen mortar is M2.5, M5, M7.5 and M10 lime mortar respectively. The
strength of materials used in all specimens is shown in Table 3.
Table 3: Strengthening material parameters
Poisson's
Ultimate
Cross-sectional
Yield strength
ratio
strength
area
Rebar
7850
206GPa
0.3
335MPa
499MPa
28.3 mm2
kg/m3
Fibre
2820
105GPa
0.2
2303MPa
3.63 mm2
kg/m3
Note: The steel
reinforcement adopts HRB335 class ribbed steel bar with diameter of 6mm; the fibre bundle
is 0.121mm thick and 30mm wide with equivalent area of basalt fibre belt.
Type

Density

elastic modulus

The size of all specimens is the same height1061mm×wideth1645mm×thickness240mm
with aspect ratio 0.66. The test specimens are set between the base concrete beam and the top
loading beam cast in-situ with C30 concrete. In the numerical simulation, the top beam is set
in the model to facilitate load application, and the wall bottom is restrained. The bottom beam
is assumed to be the fixed boundary, see Fig. 2.

Fig.1. Geometry dimension of the test specimen [7].

Fig.2. Specimen in numerical simulation

2.2 Establishment of numerical model
In this paper, a numerical model is used to study the large deformation behavior of brick
masonry walls by using the explicit integration algorithm, and the general large finite element
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software LS-DYNA is used to analyze the bearing capacity and deformation capacity of the
unreinforced and reinforced walls. When the numerical model is established, solid elements
are used to simulate the brick wall and external mortar layer, while beam elements are used to
simulate the fibre bundle and steel mesh. The loading beam and the brick wall are connected
by tie elements among surfaces, while the brick wall and the surface mortar are connected by
tied nodes.
In the modeling of brick wall materials, mortar and brick blocks are not distinguished and
assumed as homogeneous material. The material constitutive model is a double-scalar threeaxis damage constitutive model developed based on the plastic damage mechanics theory in
literature [8]. At the same time, the maximum tensile stress theory Rankine (1876) was taken
into account in the model, enabling the model to consider permanent deformation in the
tensile state. Totally 12 parameters in the constitutive model needs to be determined
respectively, including the density R0, elastic modulus E0, Poisson's ratio PR, the ratio of
biaxial compression strength to uniaxial compression strength RATIO, tensile strength F0t,
compressive yield strength F0c, plastic flow constant Beta, fracture energy GF, compression
damage evolution equation model parameters Ac and Bc, tensile damage evolution equation
model parameters At, same with references [8-11], shown in Table 4. When the maximum
tensile stress of the element exceeds F0t or the maximum compressive strain exceeds 0.0023,
the element is considered to be failed.
Table 4: Constitutive model parameters of brick block materials
Type
Value
Type
Value

R0
2000
Beta
kg/m3
1.09

E0
0.8GPa
GF
240J

PR
0.2
Ac
1.1

RATIO
1.0
Bc
0.60

F0t
0.056MPa
At
0.01

F0c
0.91MPa

In this paper, *MAT_PLASTIC_KINEMATIC is used to simulate the reinforcement and
fibre
bundle
material.
The
parameters
were
defined
in
Table
3.
The*MAT_CONCRETE_DAMAGE_REL3 material in the finite element software library is
used to simulate the mortar layer material, while the hardening elastic modulus is not taken
into account. When the maximum compressive strain of the element reaches 0.0033 or the
main tensile stress, it is considered to be invalid, in which the main tensile stress is 1/10 of the
compressive strength of the mortar.
2.3 Establishment of damage mechanism and loading system
Masonry is one kind of the most important structural materials in construction of historical
buildings. In fact, structural masonry walls in historical buildings usually experience a long
term deterioration in strength, stiffness as well as bearing capacity caused by aging, erosion or
even kinds of natural or mankind damages. As matter of fact, existing stress and strain usually
remains at a certain level in the original parts of the retrofitted wall, while the latterly attached
new parts especially the externally reinforced mortar layer in retrofitting usually can’t share
vertical loads with the original wall together immediately after the retrofitting construction if
there were no new deformation or loading condition change of the retrofitted structure. Using
full restart analysis function in the finite element analyses, the above concern could be solved.
Full restart analysis is a continuation of the previous analysis. When restarted, latterly
attached parts could be added correspondingly. In the full restart analysis, the first step is to
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load damage to the wall, the second step is to retrofit the damaged wall, and then to restart
analysis, the original part of the model to read the results of the first step for stress
initialization. The entire analysis process is shown in the Fig.3.

(a) Wall pre-damage
(b) Reinforcement
(c) Restart loading
(d) Together destroyed
Fig.3. Reinforcement analysis procedure with completely restart in numerical simulation.

In the numerical simulation, the "displacement loading" protocol is used to for all
specimens. As well, a 0.3MPa constant vertical pressure is applied on the beam top of the
wall, and simultaneously a horizontal low cycle concentrated load is applied to the load beam
on top of the wall specimen. Starting from the
first stage of cyclic load with displacement of ±
1mm, each cycle increases by 1mm step by step,
and the load of each stage repeats once. The
displacement load protocol is shown in Fig.4,
where 0-6 seconds is the pre-damage loading
duration, and 6-16 seconds is the loading
duration of the reinforcement. Completely
restart at the 6.0th seconds, the external mortar
layer begins to participate with the same stress.
Fig.4. Displacement load - time curve of loaded beam

3. NUMERICAL MODEL ANALYSIS RESULTS
In the numerical simulation, the top loading beam and the wall are tied surface to surface
while the bottom node of the wall is directly restrained with fixed boundary. Shear failure is
the main pattern of all wall specimens together with loading beam slip, wall bottom slip
failure and slip plus shear failure, as shown in Fig. 5.

(a) Wall shear failure

(b) Loading beam slip failure (c) Wall bottom slip failure (d) Slip + shear failure
Fig.5. Failure pattern of wall specimen

The analysis results of 53 wall reinforcement specimens show that the damage of the
internal original part of brick wall is still the main failure pattern, and most specimens can
sustain the load bearing capacity even when the external mortar layer collapse, only partial
spalling or severe cracks. Brick wall damage mainly demonstrates as above four patterns
shown in fig.5, the only difference is the shape and size of cracks.
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3.1 Single side reinforcement with 20 mm lime mortar layer
In the numerical simulation, equivalent material grade M0.4 is used to simulate the original
masonry wall. All models are preloaded to form the initial conditions corresponding to
different damage levels, and then strengthened with the single side of 20mm lime mortar layer
in four strength levels of M2.5, M5, M7.5 and M10. The test results are shown in Table 4.Due
to the paper space limitation, only failure patterns are demonstrated here, as shown in Fig.6. It
can be seen that the X-type shear failure is the main pattern for the original wall both in lab
experiment and numerical simulation.
Results in Table 4 shows that: For wall with strength grade of M0.4, in case of the single
side of 20 mm lime mortar layer is used for reinforcement, the deformability of the original
wall is enhanced by about 20% at the slight damage level, while the horizontal ultimate
bearing capacity of the wall is not increased. Considering the perspective of residual bearing
capacity, M5 is the best. Compared with the unreinforced damaged wall, the deformability of
M5 wall used for the external mortar layer is enhanced by about 20% corresponding to the
moderate damage level of the original wall, and the residual bearing capacity before collapse
is higher. Corresponding to the severe damage level of the original wall, the mortar layer with
various strengths all can enhance the deformability by about 25%-30%. The residual bearing
capacity of the external mortar layer before M5 collapse is relatively high. When the original
wall is close to collapse, the effect of the external mortar layer reinforcement on the
deformability and horizontal ultimate bearing capacity of the wall is not obvious.
Table 4: EW-0.4-**-0.3-S20-M** numerical analysis results
Damage
level
d0

d1

d2

d3

d4

Specimen
number
Ud-test
Ud0-WJG
simulation
S20-M2.5
S20-M5
S20-M7.5
S20-M10
0-WJG
S20-M2.5
S20-M5
S20-M7.5
S20-M10
0-WJG
S20-M2.5
S20-M5
S20-M7.5
S20-M10
0-WJG
S20-M2.5
S20-M5
S20-M7.5
S20-M10

FP (KN)
+105.8/-89.2
+103.6/-94.5
+97.2/-91.1
+97.6/-95.8
+98.5/-96.1
+97.4/-96.3
+98.7/-97.2
+90.3/-85.5
+93.0/-85.7
+94.6/-89.7
+94.9/-84.8
+95.3/-89.1
+71.0/-64.4
+76.5/-71.1
+76.4/-73.6
+76.6/-74.2
+76.8/-75.8
+60.0/-55.4
+61.3/-52.4
+61.1/-54.3
+65.3/-52.3
+63.2/-56.8

Value
△P (mm)
△u ( mm)
+2.75/-1.96
+2.94/-2.90
+6.0/-6.0
+4.0/-3.92
+6.0/-5.0
+3.9/-3.95
+6.2/-5.7
+3.9/-3.96
+6.2/-6.0
+3.9/-3.96
+6.1/-6.0
+3.0/-3.98
+6.2/-6.0
+3.0/-3.93
+6.0/-5.0
+3.0/-3.98
+6.0/-5.8
+3.0/-3.98
+6.0/-6.0
+3.0/-3.90
+6.0/-6.0
+3.0/-3.99
+6.0/-6.0
+2.9/-3.0
+5.0/-5.0
+3.9/-3.95
+5.0/-5.0
+3.0/-3.94
+5.0/-5.0
+3.0/-3.99
+5.2/-5.0
+3.9/-3.7
+5.2/-5.0
+2.9/-3.90
+4.0/-4.0
+3.0/-3.94
+4.3/-4.0
+3.0/-3.99
+4.3/-4.0
+3.0/-4.0
+4.6/-4.0
+3.0/-3.94
+5.0/-4.2

FR (KN)
+62.8/-69.4
+65.6/-52.8
+74.1/-43.8
+28.8/-58.8
+14.7/-52.6
+31.2/-59.4
+59.1/-36.9
+60.8/-40.2
+71.6/-49.5
+66.9/-56.8
+66.4/-49.2
+64.8/-60.3
+62.6/-42.3
+63.6/-42.2
+27.8/-41.1
+39.3/-46.8
+41.0/-50.1
+32.2/-51.2
+32.5/-53.3
+38.7/-49.6
+41.2/-20.6

Failure pattern
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure

Note: Ud-un damaged wall, FP - horizontal ultimate bearing capacity of wall, △ P- displacement
corresponding to the horizontal ultimate bearing capacity, △u- refers to the wall's ultimate displacement value,
FR-wall residual bearing capacity, that is the peak bearing capacity before the ultimate displacement of the wall.
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(a) EW-0.4-d0-0.3-Ud-test [7]
(b) EW-0.4-d0-0.3-Ud-simulation
Fig.6. The failure pattern in numerical simulation and failure pattern lab test

For brick walls with masonry mortar grade of M0.4 and top pressure of 0.3MPa, when a
single side of 20 mm lime mortar layer is used for reinforcement, the attached mortar layer
has little effect on the horizontal ultimate bearing capacity of the wall, but it can improve the
deformability of the wall obviously. When the damage level is d1-d3, the most compatible
mortar strength grade is M5. When the damage level is d4, the effect of strengthening with a
single side of 20 mm lime mortar layer on the deformability is very weak, so the single side of
20 mm mortar layer reinforcement method is not recommended for this damage level.
3.2 Single side of 40 mm fibre bundle lime mortar layer reinforcement
The brick wall specimens with M0.4 masonry mortar reinforced with single side of 40 mm
fibre bundle lime mortar layer are numerically simulated in this part. The mortar strength is
set with grades of M2.5, M5, M7.5 and M10 respectively. The analysis results are shown in
Table 5, the load-displacement hysteretic curve is shown in Fig.7, and the comparison with
the skeleton curve of the undamaged wall is shown in Fig.8.
Table 5: EW-0.4-**-0.3-BFS40-M** numerical analysis results
Damage
level
d0

d1

d2

d3

d4

Specimen
number
Ud-test
Udsimulation
0-WJG
BFS40-M2.5
BFS40-M5
BFS40-M7.5
BFS40-M10
0-WJG
BFS40-M2.5
BFS40-M5
BFS40-M7.5
BFS40-M10
0-WJG
BFS40-M2.5
BFS40-M5
BFS40-M7.5
BFS40-M10
0-WJG
BFS40-M2.5
BFS40-M5
BFS40-M7.5
BFS40-M10

FP (KN)
+105.8/-89.2
+103.6/-94.5
+97.2/-91.1
+104.1/-101
+104.3/-101
+104.3/-103
+103/-111
+90.3/-85.5
+97.3/-89.3
+101/-89.9
+102/-91.6
+103/-98.2
+71.0/-64.4
+78.5/-76.2
+80.0/-80.3
+81.4/-80.0
+81.5/-80.0
+60.0/-55.4
+7.9/-66.8
+70.7/-60.5
+69.1/-53.8
+74.7/-63.6

Value
△P (mm)
△u ( mm)
+2.75/-1.96
+2.94/-2.90
+6.0/-6.0
+4.0/-3.92
+6.0/-5.0
+3.2/-3.7
+7.0/-7.0
+4.0/-2.9
+7.0/-7.0
+2.9/-3.4
+8.0/-7.0
+2.0/-3.5
+8.0/-7.0
+3.0/-3.93
+6.0/-5.0
+3.0/-4.0
+7.0/-6.0
+3.0/-3.7
+7.0/-7.0
+3.6/-4.0
+7.0/-7.0
+3.0/-3.7
+7.0/-7.0
+2.9/-3.0
+5.0/-5.0
+3.0/-3.0
+6.0/-6.0
+3.3/-3.0
+6.0/-6.0
+3.0/-3.0
+6.0/-6.0
+3.0/-3.1
+6.0/-6.0
+2.9/-3.90
+4.0/-4.0
+2.9/-3.7
+6.0/-5.0
+3.0/-3.4
+6.0/-5.0
+2.9/-3.2
+6.0/-5.0
+3.0/-3.5
+6.0/-5.0

3000

FR (KN)
+62.8/-69.4
+65.6/-52.8
+59.2/-21.3
+48.8/-45.6
+24.6/-51.6
+47.2/-70.1
+59.1/-36.9
+33.1/-65.4
+54.4/-16.1
+55.1/-27.1
+50.2/-31.6
+64.8/-60.3
+41.7/-20.1
+58.6/-43.9
+57.7/-50.2
+58.4/-43.9
+41.0/-50.1
+21.5/-47.6
+45.0/-54.9
+42.7/-22.5
+34.9/-56.6

Failure pattern
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
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The analysis results in Table 5 show that for brick walls with masonry mortar strength
level of 0.4MPa, the failure mode of all wall specimens remains unchanged and remains shear
failure even reinforced with single side of 40 mm fibre bundle lime mortar layer. In a variety
of damage states, the bearing capacity and deformability of the wall are enhanced after
reinforcement, but not significantly increased with the mortar strength increasing. Also, the
M5 grade lime mortar can be considered for reinforcement.

(a) BFS40 compared with WJG at d1 level
(b) BFS40 compared with WJG at d2 level
Fig.7. Load-displacement hysteretic curve of single side of 40mm fibre bundle lime mortar reinforcement

Fig.7 shows the strengthening effect of single 40 mm fibre bundle lime mortar layer
reinforcement. Compared with the unreinforced damaged wall, the deformability of the
original wall strengthened by M5 lime mortar was increased by about 15% and the horizontal
ultimate bearing capacity of the wall increased by about 7% at the slight damage level. While
at the moderate damage level of the original wall, the deformability of the wall strengthened
by M5 lime mortar increased by about 15-40%, and the horizontal ultimate bearing capacity
of the wall increased by about 14%.

(a) BFS40 compared with WJG at d1 level
(b) BFS40 compared with WJG at d2 level
Fig.8. Skeleton curve of single side of 40mm fibre bundle lime mortar reinforcement

As can be seen from Fig.8, for the damaged wall strengthened by the external layer of
single side of 40mm fibre bundles lime mortar, if the original wall is slightly damaged and
generally damaged, M5 lime mortar is adopted to reinforce the wall, the horizontal ultimate
bearing capacity and deformability of the wall can be restored to the level before the damage.
3.3 Single side of 40 mm steel mesh lime mortar layer reinforcement
Similarly, in this part the brick wall specimens are all set with M0.4 masonry mortar and
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strengthened with external single side of 40 mm steel mesh lime mortar layer. The mortar
grades also uses grade of M2.5, M5, M7.5 and M10 respectively. The corresponding
analytical results are shown in Table 6, the comparison with the skeleton curve of the
undamaged wall is shown in Fig.9.
Table 6: EW-0.4-**-0.3-SMS40-M** numerical analysis results
Damage
level

Specimen
Value
FP (KN)
number
△P (mm)
△u ( mm) FR (KN)
Ud-test
+105.8/-89.2 +2.75/-1.96
d0
Ud-simulation +103.6/-94.5 +2.94/-2.90
+6.0/-6.0
+62.8/-69.4
0-WJG
+97.2/-91.1
+4.0/-3.92
+6.0/-5.0
+65.6/-52.8
SMS40-M2.5
+105/-103
+3.7/-2.8
+7.0/-7.0
+58.7/-30.9
d1
SMS40-M5
+105.3/+3.9/-3.0
+7.0/-7.0
+57.3/-68.2
SMS40-M7.5
+107/-105
+4.0/-3.0
+7.0/-7.0
+41.6/-65.8
102.4
SMS40-M10
+112.2/-110 +4.0/-3.7
+7.0/-7.0
+46.2/-68.0
0-WJG
+90.3/-85.5
+3.0/-3.93
+6.0/-5.0
+59.1/-36.9
SMS40-M2.5
+98.7/-92.3
+3.0/-3.0
+7.0/-7.0
+60.8/-21.9
d2
SMS40-M5
+101.4/-93.0 +2.9/-3.0
+7.0/-7.0
+74.5/-44.4
SMS40-M7.5
+104/-95.7
+3.0/-4.0
+7.0/-7.0
+71.5/-54.7
SMS40-M10
+106/-96.4
+3.0/-4.0
+7.0/-7.0
+66.6/-53.5
0-WJG
+71.0/-64.4
+2.9/-3.0
+5.0/-5.0
+64.8/-60.3
SMS40-M2.5
+78.9/-75.2
+3.0/-3.0
+6.0/-6.0
+57.2/-35.1
d3
SMS40-M5
+82.7/-87.4
+3.3/-4.0
+6.0/-6.0
+36.9/-62.9
SMS40-M7.5
+82.5/-82.1
+3.0/-3.0
+6.0/-6.0
+66.6/-52.6
SMS40-M10
+83.6/-82.1
+3.0/-3.2
+6.0/-6.0
+60.3/-61.6
0-WJG
+60.0/-55.4
+2.9/-3.90
+4.0/-4.0
+41.0/-50.1
SMS40-M2.5
+69.0/-62.1
+3.0/-3.2
+5.0/-5.0
+58.3/-53.7
d4
SMS40-M5
+71.0/-61.4
+3.0/-3.8
+6.0/-5.0
+41.2/-55.7
SMS40-M7.5
+72.3/-65.3
+3.0/-4.0
+6.0/-6.0
+45.9/-47.6
SMS40-M10
+73.0/-66.8
+3.0/-3.4
+6.0/-6.0
-51.9/-32.8
Note: The related variables in the table have the same meaning as in Table 4.

Failure
pattern
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure
shear failure

The analysis results in Table 9 show that for brick walls with masonry mortar strength
level of 0.4MPa, the failure mode remains unchanged as shear failure after reinforcement with
single side of 40 mm steel mesh lime mortar layer. At all damage level, the bearing capacity
and deformability of the wall are enhanced. The higher the strength of the mortar used in wall
reinforcement, the more significant the growth of the deformability and the bearing capacity.

(a) SMS40 compared with WJG at d3 level
(b) SMS40 compared with WJG at d4 level
Fig.9. Load-displacement hysteretic curve of single side of 40 mm steel mesh lime mortar reinforcement
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Fig.10 shows the strengthening effect of single side of 40 mm steel mesh lime mortar
reinforcement. Compared with the unreinforced damaged wall, When the original wall was
seriously damaged, the deformability of the wall was strengthened with M10 lime mortar
increased by about 20%, and the horizontal ultimate bearing capacity increased by about
27.5%. When the original wall was close to collapse, the deformability of the wall
strengthened by M10 lime mortar increased by nearly 50%, and the horizontal ultimate
bearing capacity increased by about 21.7%.
It can be concluded from the comparative analysis in Fig.10 that for the damaged wall
strengthened by the external single 40mm steel mesh mortar layer, when the strength of
mortar is M10, the bearing capacity can reach or even exceed the bearing capacity of the wall
before the damage, and the deformability can be increased by about 15%. Under the condition
of severe damage or close to collapse, the horizontal ultimate bearing capacity of the
reinforced wall can reach 70-80% of the horizontal ultimate bearing capacity of the wall
before the damage, and the deformability can reach that of the wall before the damage.

(a) SMS40 compared with WJG at d3 level
(b) SMS40 compared with WJG at d4 level
Fig.10. Skeleton curve of single side of 40mm steel mesh lime mortar reinforcement

4. CONCLUSIONS
The brick masonry historical buildings are usually experience unexpected degradation and
conditions of the critical load bearing walls are complex. When choosing proper
reinforcement method, extensive investigations and tests should be conducted in considering
of the history and current situation of the building, so as to clarify the damage state of the
walls, and appropriate reinforcement methods should be selected in combination with the
architectural features.
From above studies, it can be seen that for the brick masonry historic buildings with
weathered and damaged surface, its deformability can be improved using the single side of 20
mm M5 lime mortar.
For the brick masonry walls with slight damage and moderate damage in historical
buildings, the single side of 40 mm lime mortar layer can be used for reinforcement, and the
reinforcement materials inside the mortar can be fibre bundle or steel mesh. When the fibre
bundle is used as the reinforcement material, the mortar strength should be selected as M5,
and the horizontal ultimate bearing capacity and deformability of the wall can be restored to
the pre-damage level with the reinforcement. When steel mesh is used as reinforcement
material, the strength grade of mortar can be selected as M10, the horizontal ultimate bearing
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capacity of the wall can exceed the bearing capacity of the wall before damage, and the
deformability can be enhanced by about 10%.
In the reinforcement and repair of historical buildings, for walls with serious damage or is
close to collapse, the effect of strengthening the bearing capacity and deformation capacity of
the wall by fiber bundle is not significant. When reinforced steel mesh is used as the
reinforcement material, for the wall with severe damage, the bearing capacity of the
reinforced wall can reach 81% that of the intact wall. The deformability can reach 100% that
of the intact wall. For a severe damaged wall which is close to collapse, the bearing capacity
of the reinforced wall can reach 70% that of the intact wall. The deformability can reach 100%
that of the intact wall.
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Abstract. This study assesses the earthquake performance of a historical masonry arch bridge
in Aizanoi ancient city, which is located in the mid part of Turkey near Kütahya. Aizanoi was
the capital of the territory called Aizanitis, located in the area of Phrygia. Historians agreed
that Roman settlement in this area started in 3rd millenium BC. The structure is made of stone
and has five arches of 5.40m, 6.70m, 7.30m spans. Rise of the arches are varying from
2.70m to 3.65m. Restoration works have completed in 2018. Before the restoration works
have been started the bridge was used for vehicles, even for heavy trucks. Today the bridge
is using only for pedestrians. After a detailed site investigation, material characterisation and
soil tests were performed, ambient vibration test was carried out on site, by placing
accelerometers at several points on bridge span to capture dynamic properties of the structure.
Different methods such as Frequency Domain Decomposition, SSI were used to extract
the experimental natural frequencies, mode shapes, and damping ratios from these
measurements. Experimental results were compared with those obtained by the linear finite
element analysis of the bridge. Good agreement between mode shapes was observed in
comparison, though natural frequencies disagree by 8-10%. The boundary conditions of the
linear finite element model of the bridge were adjusted such that the analytical predictions
agree with the ambient vibration test results. According to the total strain crack material
model, the calibrated linear FE model was extended into a nonlinear model then Nonlinear
Static Pushover analyses of the bridge along longitudinal and transversal directions were
performed. Obtained results are in good agreement with previous case studies’ results.
In order to compare collapse load of the bridge with pushover analysis results, kinematic
limit analysis procedure is used to assess longitudinal and transverse seismic capacities. The
capacity curves are obtained by means of limit analysis approach. The study is aimed to
identify on one hand the horizontal load multiplier that activates the kinematic mechanism, on the
other hand the collapse displacement. The numerical results of the structural capacity so found
have been compared with the results available in literature and acceptable agreement of the
results have been obtained.
1

INTRODUCTION

The assessment of the condition of historical bridges is an important issue in recent years.
This task is particularly difficult when dealing with historical masonry arch bridges due to their
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specificities as use of natural materials, lack of knowledge related to mechanical properties of
materials and their large variability, existing damage caused by increasing traffic loads, aging
and environmental factors and lack of maintenance. A very important approach is the use of
numerical models able to reproduce the structural response, both at serviceability and ultimate
limit states. In order to solve this problem several methods and computational tools are
available. Different types of constitutive models originate a sequence of models, which allow
the analysis to include more complex response effects. The most common idealizations of
material behaviour are elastic behaviour, plastic behaviour and nonlinear behaviour. In general
linear elastic analyses might not appropriate for masonry structures, namely masonry arch
bridges, however, in a first stage of analysis, the hypothesis of linear elastic behaviour can be
of great help. A linear analysis requires few input data, being less demanding, in terms of
computer resources and engineering time used, when compared with nonlinear methods.
Moreover, for materials with low tensile strength, linear analysis can provide a reasonable
description of the process leading to the crack pattern.
Plastic analysis, or limit analysis, is concerned with the evaluation of the maximum load that
a structure can sustain. The assumption of plastic behaviour implies that, on one hand, the
maximum load is obtained at failure and, on the other hand, the material should possess a ductile
behaviour. Apparently, this last requirement seems to be unrealizable since the plastic
deformations may exceed the ductility of the masonry. However, the limited ductility in
compression does not play a relevant role as collapses are generally related to the low tensile
strength. Thus, the assumption of a zero tensile strength renders the method of plastic analysis
adequate for the analysis of masonry arch bridges. Finally, nonlinear analysis is the most
powerful method of analysis, the only one able to trace the complete structural response of a
structure from the elastic range, through cracking and crushing, up to failure.
Several procedures have been formulated in last decades in order to predict the behaviour of
masonry arch structures: the difficulty in representing the behaviour of the material and the
resistant skeleton requires the use of simplified but effective structural models. In particular the
assessment could be based commonly on limit analysis [1,2,3] or nonlinear incremental
techniques [4,5,6]. The kinematic method, based on an adaptation of limit design for masonry
structures, has proved to be a conceptually simple and robust procedure to verify the safety of
masonry arch bridges under vertical loads. The method can also be applied for seismic
assessment, providing a limit of bridge capacity under horizontal loads. Since [7] noted that the
plastic theory, initially formulated for steel structures, could also be applied to masonry
structures, many studies have focused on limit analysis to assess the vertical load-bearing
capacity of single and multi-span masonry arches [1,8] adopted some simplifying assumptions
to perform aforementioned analyses: absence of sliding between voussoirs: infinite
compressive strength and no tensile resistance of masonry.
With these hypotheses, arch failure occurs when a thrust line can be found, lying wholly
within the masonry and representing an equilibrium state for the structure under acting loads,
which allows the formation of a sufficient number of plastic hinges to transform the structure
into a mechanism. Following Heyman’s assumptions, iterative methods to find the geometric
safety factor, related to minimum arch thickness under dead and live loads, were proposed by
[9]. Several authors have incorporated crushing of masonry, which cannot sustain infinite
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compressive stresses [9,10,11]. Sliding between adjacent blocks was introduced and evaluated
by [12], who successfully modelled multi-span brickwork arch bridges. Recent research has
been carried out on the application of limit analysis for assessing masonry arches under
horizontal (seismic) loads. In particular, research has focused on the longitudinal behaviour of
arched structures. Some papers [13] have studied the dynamic response of a single masonry
arch under base motion, providing the horizontal acceleration factor. [14] used discrete element
modelling to predict the combinations of impulse magnitudes and durations which lead
unreinforced masonry arches to collapse, and analysed the impact of rigid blocks over several
cycles of motion. [15] examined the activation of semi-global and global mechanisms involving
not only local arch failure but also the simultaneous formation of hinges in the arch and at the
base of abutments.
2

STRUCTURAL DEFINITION OF THE BRIDGE

This study assesses the earthquake performance of a historical masonry arch bridge in
Aizanoi ancient city, which is located in the mid part of Turkey near Kütahya. Aizanoi was the
capital of the territory called Aizanitis, located in the area of Phrygia. Historians agreed that
Roman settlement in this area started in 3rd millenium BC. The structure is made of stone and
has five arches of 5.40m, 6.70m, 7.30m spans. Rise of the arches are varying from 2.70m to
3.65m.

Figure 1. Pictures taken from during the restoration works

Figure 2. Elevation of the bridge
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3

ASSESSMENT OF THE STRUCTURAL SYSTEM

3.1.Damage mapping
After surveying studies were completed on site investigation was carried out. During the site
visit some damages were observed such as visible cracks on the surface of the abutments,
material losses, deterioration and also some detachment of joints.

Figure 3. Material losses and joint damages

Figure 4. Some damages on joints

3.2.Structural analysis
In order to assess the existing vertical and lateral load capacity of the structure and to give
possible intervention proposals, the structural and geometrical configurations defined have been
modelled using the software DIANA: for masonry structures, the best modelling technique is
usually chosen in function of the analysis objective between different modelling strategies and
modelling levels such as micro-modelling or macro-modelling. 3D models implementing a
macro-modelling approach have been adopted for finite element discretization, where masonry
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was modelled as an homogeneous continuum using six- and eigth-node elements, Figure 5.

Figure 5. 3D model of the bridge

The Total Strain Crack Model implemented in DIANA was used as constitutive law of
masonry. The masonry material exhibits isotropic properties prior to cracking and anisotropic
properties after cracking, the cracks being orthogonal to the directions of the main strains. The
main materials’ mechanical characteristics have been assumed according to literature,
considering masonry compressive strength fc equal to 5MPa, masonry tensile strength ft equal
to 0.3MPa and elastic modulus EM equal to 5000MPa. The filling material has been modelled
considering Drucker-Prager constitutive law with an elastic modulus EF equal to 500MPa,
internal friction φ=37o and cohesion c=10kPa [16]. For both materials (masonry and filling
material) a specific weight ρ of the stone equal to 26.5 kN/m3 weight of the infill equal to
18kN/m3 and a Poisson ratio ν equal to 0.2 have been assumed. The constitutive model used
for masonry has been considered elasto-plastic in compression and elastic with linear softening
in traction. Mode I fracture energy is taken as 50N/m. This constitutive model allowed to well
represent the arches’ failure mode where the typical four cracking hinges that arise in masonry
arches subjected to longitudinal seismic actions can be clearly observed.
3.3.System identification
System identification test was carried on under ambient vibration on the bridge to check if
the integrity of the structure is satisfied as defined in FEM model as a homogeneous modelling
technique. In the process, 4 high accuracies, low noise, 3 axial accelerometers were used. In
100 Hz, 10-20 min records were collected in setups by placing the sensors at 6 locations at top
of the bridge, Fig. 6.

Figure 6. Sensor locations on the bridge
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Natural frequencies were obtained and mode shapes of the bridge, the consistency of the
mathematical model was checked. Considering the frequency values, lower frequency in system
identification test might be the result of a lower modulus of elasticity. However, the differences
are in an acceptable range to rely on FEM model and assumptions to carry on further analysis
(Table 1). When the model shapes are compared, the amplitudes of modal displacements
obtained by system identification exhibits higher values then FEM model. Peaks in different
channels in spectral density graph might be referred to some local discontinuities or
irregularities at the inner sections, Fig.7. Mode shapes are depicted in Fig.8.

Figure 7. Spectral density diagram
Table 1. Comparison of the frequencies.
OMA
6.006
7.861
9.375

FEM
6.806
7.284
8.229

Difference %
13.32
7.34
12.22

Mode 1. 6.006Hz

Mode 2. 7.861 Hz

Mode 3. 9.375 Hz
Figure 8. Mode shapes of the bridge
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3.4.Nonlinear static analyses
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Figure 9. Capacity curve of existing bridge in a) longitudinal direction b)transversal direction
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Pushover analyses performed on 3D models have led to the assessment of peak ground
acceleration (PGA) which turn the structure into global and local failure mechanisms and to the
construction of the relative capacity curves. The results obtained from the analyses carried out
on the finite element models in longitudinal and transversal directions have been plotted in
terms of ratios between peak ground acceleration corresponding to the occurrence of a local
failure mechanism for the arch and PGA values related to the creation of a global mechanism,
Fig. 9,10. PGA values have been obtained with N2 method [17] and the spectra type adopted
in this work according to Turkish Earthquake Code (2007) for the ultimate limit state (10%
exceedance probability during 50 years). The failure mechanism substantially depends from the
height to width (H/B) and rise to span (f/L) ratios, and quite apart from the geometrical
dimensions: in some studies, it has been observed that masonry arches with higher f/L values
are more vulnerable than others characterized by lower f/L ratios. For semi-circular masonry
arch bridges, also in the case of slender piers, the four plastic hinges that define the collapse
mechanism are generally localized in the arches involving a local failure mode; masonry piers
characterized by low H/B values are instead substantially less vulnerable than the slender ones.
In transversal direction, failure mechanisms have been identified on the basis of a critical
evaluation of the results obtained from the pushover analyses. Capacity curves have been
expressed in the ADRS (Acceleration Displacement Response Spectrum) plane and
interpolated with an elasto-plastic curve, defined by the yielding displacement dy and the
ultimate displacement point represented by the displacement value du and the maximum peak
ground acceleration PGA, in both longitudinal and transversal directions.
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Figure 10. Capacity curve of restorated bridge in a)longitudinal direction b)transversal direction
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Figure 12. Collapse mechanisms along longitudinal and transversal directions
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3.5.Limit analysis
Various specialized analysis programs which rely on the theorems of limit analysis have
been developed over years. Currently available tools include ArchieM (Obvis 2007) and ring
2.0 (LimitState 2007b). ArchieM is based on a lower bound line of thrust methodology. The
program displays graphically a potential thrust-line for any given load. If a thrust-line cannot
be found which lies entirely within the masonry, then the bridge can be considered potentially
unsafe. In contrast ring 2.0 uses mathematical optimization to directly identify the collapse
state, computing the load factor which, when applied to the specific live load, will lead to
collapse.

Figure 13. Modelling of the bridge with ring software
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Figure 14. Collapse load of the bridge

Limit analysis with ring software is carried out and the result is obtained as 50kN for live
load which can be determined from Fig. 14.
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4 CONCLUSIONS
In this study the earthquake performance of a historical masonry arch bridge is assessed in
Aizanoi ancient city, which is located in the mid part of Turkey near Kütahya. Before the
restoration works have been started the bridge was used for vehicles, even for heavy trucks.
Today the bridge is using only for pedestrians. After a detailed site investigation, material
characterisation and soil tests were performed, ambient vibration test was carried out on site,
by placing accelerometers at several points on bridge span to capture dynamic properties of the
structure. Different methods such as Frequency Domain Decomposition, SSI were used to
extract the experimental natural frequencies, mode shapes, and damping ratios from these
measurements. Experimental results were compared with those obtained by the linear finite
element analysis of the bridge. Nonlinear Static Pushover analyses of the bridge along
longitudinal and transversal directions were performed. Obtained results are in good agreement
with previous case studies’ results. In order to compare collapse load of the bridge with
pushover analysis results, kinematic limit analysis procedure is used to assess longitudinal and
transverse seismic capacities with a software of ring. The numerical results of the structural
capacity so found have been compared with the results available in literature and acceptable
agreement of the results have been obtained.
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Abstract. The paper describes the seismic assessment of the San Felice sul Panaro Fortress
(Italy), focusing the attention on the activation of the out-of-plane response of the North
walkway, characterized by the presence of an apparatus of merlons which highlighted a
significant damage after the Emilia earthquake (2012). Nonlinear kinematic analyses have
been performed, referring to a macro-block model and considering both the original
configuration and two different possible strengthened strategies. For the definition of the
seismic input in terms of floor spectra, the analyses also benefitted from the results obtained
for the global response through a detailed 3D model of the whole fortress. The results were
coherent with the observed damage after the seismic event, highlighting in this way the
reliability of the adopted modelling strategies and analysis method, and allowed to outline
possible strengthening solutions targeted to minimize the impact on the monument and
guarantee its preservation.
1

INTRODUCTION

The seismic assessment and the protection of historical fortified buildings represent a very
challenging issue: firstly, because of their significant vulnerability, as testified by past seismic
events ([1], [2]); and secondly, due to the necessity to combine the need of safety with the
conservation aims. In particular, their complex configurations make them particularly
susceptible to the activation of local mechanisms, involving the out-of-plane response of
singular walls or protruding elements (called merlons), that are the solid standing part of
battlements or crenelated parapets, typical of these kinds of structures. The collection and
cataloguing of seismic damages on fortified architectures ([1],[2]) highlighted that merlons
are frequently damaged, even for quite low accelerations.
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Within this context, the paper illustrates the results obtained from nonlinear analyses
performed on the San Felice sul Panaro Fortress (Italy), focusing the attention only on the
activation of the out-of-plane response of the North masonry walkway, that is characterized
by the presence of an apparatus of merlons placed at its top, which resulted significantly hit
by the Emilian earthquake (2012).
In particular, nonlinear kinematic analyses have been performed referring to a MacroBlock Model (MBM). For the definition of the seismic input, and in particular for the
computation of the floor spectra, the analyses also benefitted from the results obtained for the
global response through a detailed 3D model of the whole fortress, as already illustrated in
[3]. Both the original configuration and some possible strengthened states have been analysed
in order to: firstly, validate the modelling strategy and the method of analysis adopted through
the comparison with the observed damage; secondly, verify the effectiveness of possible
mitigation strategies.
2 CASE-STUDY DESCRIPTION: THE SAN FELICE SUL PANARO FORTRESS
The San Felice sul Panaro Fortress ([4],[5]) is a medieval historical building dating back to
the 14th-15th century and located near the city of Modena in San Felice sul Panaro (Italy). This
fortress represents a typical example of Emilian fortified medieval architecture, composed by
a very massive main structure, characterized by a compact quadrilateral plan with an inner
yard and five towers: four of them are localized at the corners, while the other one is placed
on the north fortress façade (Figure 1a e b).

a.
b.
c.
d.
e.
Figure 1: Schematic floor plan (a) and general view (b); examples of collapse mechanisms exhibited by the
fortress: collapse of a minor tower’s roof (c), damage pattern in the Mastio (d) and collapse in the north tower (e)

The fortress was seriously damaged by the Emilian earthquake of May 2012 [1], which
induced: the collapse of the four minor towers roofs (Figure 1c); shear cracks on the main
body of the Mastio (Figure 1d) and of the other towers; and extensive collapse in the north
tower (Figure 1e), also promoted by some heavy interventions realized in the past [1].
Furthermore, a significant damage was concentrated in the merlons that exhibited different
failure mechanisms and different levels of damage, as a function of their position on the
fortress. In particular, some of them exhibited horizontal cracks at their base, others shear
cracks, while most of them were interested by an out-of-plane mechanism which even
induced in some cases the overturning of some elements. Figure 2 shows some pictures of the
occurred damage, mainly concentrated in the North walkway connecting two towers
(identified in Figure 2a).
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North
walkway
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22

a.
b.
c.
Figure 2: Damage pattern after the Emilian earthquake (2012) in the apparatus of merlons

3

SEISMIC OUT-OF-PLANE ASSESSMENT OF MERLONS

3.1 Adopted procedure
Non-linear kinematic analyses have been performed, by adopting a Macro-Block Model
(MBM) and using the software MB-Perpetuate, developed in the framework of the Perpetuate
Project [6]. The criteria adopted for the seismic out-of-plane assessment of the San Felice sul
Panaro Fortress are defined on the basis of the analyses illustrated in [7] and [8], regarding the
evaluation of the capacity curve, the definition of the assumed Limit States (LSs) and the
criteria adopted to provide the comparison with the seismic input. Regarding the first aspect,
Figure 3a shows the system capacity curve on which progressing Damage Levels (DLs) are
identified. These latter are then correlated to corresponding LSs. As it is possible to observe,
the curve is different from the ideal one of the rigid block, in order to consider a behaviour
characterized by a bi-linear trend, more coherent with the one exhibited by real structures [8]
and characterized by a first elastic branch defined by an initial elastic period Te.
The seismic assessment has been performed, considering the following correspondence
between DLs and LSs:
- DL2 assimilated to the Damage Limit State (SLD), corresponding to the mechanism
activation;
- DL4 assimilated to the Safeguard Life Limit State (SLV), corresponding to the
displacement dSLV=0.4d0, where d0 is the value corresponding to the load multiplier
α=0 (representative - under static condition - to the collapse for overturning).
Once defined the capacity curve and the LSs of the system, the capacity curve has been
compared with the spectrum in order to complete the seismic assessment (Figure 3b). In
particular, in the case of local mechanisms involving macroelements placed in the upper part
of the building, it has to be considered a proper modified response spectrum (floor spectrum)
aimed to take into account the filtering effect provided by the main structure. For the latter, in
this paper, the analytical expression recently proposed in [9] has been used, which allows
evaluating the floor spectra in different points of the building and at different levels by
considering the contribution of the more relevant modes, properly combined. It gives the
acceleration floor spectra at the level Z of the main structure (where the element to be verified
of period T and damping ξ is placed) as:
SaZ (T , ξ ) =

N

∑S
k=1

2
aZ ,k

(T , ξ )

( ≥ S (T ) η(ξ )
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where: Sa(T) is the acceleration response spectrum of the ground motion; N is the number of
considered modes, selected since they activate the out-of-plane response of the examined
element; SaZ,k(T,z) is the contribution of mode kth that is given by:
⎧
AMPk PFAZ ,k
⎪
1.6
⎪
⎛ T⎞
⎡
⎤
⎪ 1+ ⎣ AMPk −1⎦⎜1− ⎟
⎪
⎝ Tk ⎠
SaZ ,k (T , ξ ) = ⎨
AMPk PFAZ ,k
⎪
⎪
1.2
⎪ 1+ ⎡ AMP −1⎤⎛⎜ T −1⎞⎟
⎣
⎦ T
k
⎪
⎝ k ⎠
⎩

T ≤ Tk
(2)

T > Tk

where:
− PFAZ,k is kth Peak Floor Acceleration that depends on the modal parameters of the
main structure in terms of natural periods (Tk), modal participation coefficients (γk)
and modal shapes (ψk (x y z)) and its viscous damping ξk. Furthermore, it depends on
the ground spectrum Sa(Tk) calculated in correspondence of the structure natural
period Tk and properly reduced through the damping correction factor η(ξk) (which
can be calculated for example as proposed in [10]):

PFAZ,k = Sa (Tk ) η (ξ k ) γ k ψk (x, y, z) 1+ 4ξ k2

(3)

− AMPk is an amplification factor of the PFAZ,k, defined by two contributions: fk that
depends only on the viscous damping of the main structure, and fs that depends only
on that of the secondary element. The expressions proposed to calculate these latter
are:

fk = ξ k−0.6

()

fs = η ξ =

0.1
≥ 0.55
0.05+ ξ

(4)

(5)

In the examined case, the floor spectra have been determined taking into account the
contributions of the modes selected since considered relevant for the out-of-plane response of
the merlons. The definition of such dynamic parameters takes advantage of the results of the
modal analysis performed on a 3D Finite Element (FE) model of the entire structure (§3.3).
Moreover, the definition of the damping value ξk has been obtained by the non-linear analyses
previously performed on this global model that allowed taking into account the interactions
between the different towers (as already illustrated in [3]).
The final step of the procedure was the comparison between the bi-linear capacity curve
and the floor spectrum. According to [7], this latter has been made smooth in order to remove
all the indentations (see the dotted graph in Figure 3b), thus implicitly taking into account the
peaks present in the response spectra, which could affect the dynamic response of rocking
systems. From this comparison, it was possible to evaluate the values of the maximum peak
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ground accelerations (selected as the Intensity Measure -IM- aimed to describe the seismic
demand) compatible with the achievement of the above-defined LSs.
b. Floor spectra evaluation and seismic assessment
Sa

a. Definition of the capacity and of LSs

dDL1=0.7de
dDL2=de
dDL3=0.25d0
dDL4=0.4d0

T1,SLD

T1,SLV

LS
Tk,LSi

ag,SLV
ag,SLD
dSLD

dSLV

d0 Sd

Figure 3: Out-of-plane seismic assessment: sketch of the adopted criteria (compatible with the procedure
outlined in [7])

3.2 Considered MBM models
The analysis of the damage pattern occurred in the North walkway after the Emilian
earthquake (2012) mainly highlighted the activation of two kinds of mechanisms: the rocking
of single merlons - Figure 2b and the out-of-plane behaviour of the entire walkway - Figure
2c. Thus, two different models have been considered in the analyses (Figure 4):
the first one (named hereafter “Macroelement 1”), representative of the rocking
response of single independent merlons starting from the level of the walkway
parapet (Figure 4b);
the second one (named hereafter “Macroelement 2”) representative of the out-ofplane behaviour of the entire walkway and then characterized by the presence of two
blocks (one representative of the internal apparatus of merlons and the other
representative of the external one) connected through a timber beam of the roof
(Figure 4c). It is localized in blue in the plan presented in Figure 4a.
Figure 4 illustrates the two models considered in the analyses (the hinges are identified in
yellow). For both of them, the roof has been modelled as an external force PC, resulting from
the performed loads analysis, while WM is the gravity load of each masonry elements
(calculated as the product between the volume of each block and the masonry density equal to
18 kN/m3, representative of a masonry built with bricks and lime mortar).
Concerning the “Macroelement 1”, two different merlons have been considered (n.1 and
n.2 in Figure 4a). This choice is due to the occurred damage, which highlighted a different
damage pattern as function of the merlons position in plan along the walkway. In fact, while
the central merlon (n.1 in Figure 4a) collapsed, the merlons close to the walkway extremity
(n.2) did not overturn even if completely cut at the base (Figure 2b). This is coherent with the
flexural behaviour exhibited by the North walkway, as highlighted by the analysis of the
modal shapes on the 3D model of the entire fortress (see §3.3, Figure 5a) and it is probably
due also to a different punctual effectiveness of the roof connection, which in some cases
prevented the incipient overturning of merlons.
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a) North walkway plan

b) Macroelement 1

c) Macroelement 2

Macr 1
Macr 2

11
22

Figure 4: Macroelements considered in the analyses

3.3 Floor spectra definition
The San Felice sul Panaro Fortress is a complex monumental building, characterized by
different interacting units and flexible diaphragms; thus, it is characterized by many relevant
modes, which can be also close one each other and characterized by modal participation
coefficients which can be low, since they involve the response of limited parts of the entire
structure. This feature highlights the importance of the higher modes. For this reason, in order
to calculate the dynamic parameters for the floor spectra computation, it was firstly necessary
to perform a modal analysis of the entire structure. This latter has been realized by the
University of Bologna, developed by means of a non-standard mesh generation procedure
called CLOUD2FEM ([11], [12]). Once performed the modal analysis [3], only the relevant
modes – i.e. those activating the out-of-plane response of the considered mechanisms - have
been selected. Among them, in order to understand the ones characterized by a more
significant contribution in terms of PFA (thus, in terms also of spectral peak), it has been
sufficient to check the product γ k ψ k (x, y, z) and, as a function of them, identify the modes
that can be significant for the localization of the considered merlons. Figure 5a shows the
deformed shapes in plan of some modes that interested the out-of-plane response of the
examined mechanisms and with the most significant contribution. Figure 5b illustrates (for
sake of example for the SLV LS) the comparison between: the floor spectrum evaluated for
the “Macroelement 1”(merlon n.1) and “Macroelement 2” (black curve), respectively; the one
evaluated for the “Macroelement 1” (merlon n.2). They have been obtained combining the
contribution of the more significant modes through the SRSS modal combination.
Furthermore, it has to be specified that they have been calculated assuming a damping for
the main structure equal to ξk=15%, consistently with the post-earthquake damage pattern
which highlighted as the fortress was fully in a nonlinear phase. Concerning the damping of
the merlons apparatus, it has been assumed equal to ξ=5%. The input response spectrum has
been defined consistently with what prescribed by NTC 2018 [13] for the site of San Felice
sul Panaro. As one can see from Figure 5b, as function of the mechanisms position along the
fortress walkway and of its dynamic response (Figure 5a): the floor spectrum of
“Macroelement 1” (merlon n.1) is the same of “Macroelement 2”, since the position of these
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latter coincides (see Figure 2a); the floor spectrum of “Macroelement 1” (merlon n.1) is
higher than the one of “Macroelement 1” (merlon n.2). This is due to the fact that, while the
first one is placed in the central part of the walkway (where there is the maximum deformed
shape of the different modes), the second one, placed at the edges, can benefit of the restraint
action guaranteed by the perimeter walls of the tower. This result is also coherent with the
observed damage after the Emilian earthquake (2012) as already described (Figure 2b).
a. Modal Analysis results
Mode 4
Mode 6

b. Floor Spectra definition
25

Merlo 1
“Macroelement 1” (Merlon n.1) & “Macroelement 2”
Merlo 2
“Macroelement 1” (Merlon n.2)
Input
Input

20

x

Mode 8

Mode 12

Sa [m/s2]

y

15

10

5

0

0

0.2

0.4

0.6

0.8

1

1.2

1.4

1.6

1.8

2

T [s]

Figure 5: a) Deformed shapes in plan of some modes which interested the out-of-plane response of the examined
mechanisms; b) Floor spectra definition

3.4 Results
As above mentioned, kinematic non-linear analyses have been performed by using the
software MB-Perpetuate. In particular, the value of the maximum peak ground acceleration
compatible with the fulfilment of a given DL has been compared with the one obtained by the
design spectrum. Table 1 illustrates the results obtained in terms of: peak ground acceleration
corresponding to the fulfilment of the damage level DL2 (agSLD) and DL4 (agSLV); peak
ground acceleration of San Felice sul Panaro for the same DLs (agsite,SLD; agsite,SLV);
corresponding safety factors αSLD= agSLD/ agsite,SLD and αSLV= agSLV/ agsite,SLV. Safety factors
lower than 1 indicate that the seismic verification is not satisfied.
Table 1: Results for the examined mechanisms

“Macrolement 1” (merlon n1)
“Macroelement 2”

agSLD
[m/s2]

agSLV
[m/s2]

0.435
0.330

2.781
2.736

agsite,SLD
[m/s2]

agsite,SLV
[m/s2]

αSLD

αSLV

0.75

2.159

0.58
0.44

1.288
1.267

In particular, the table shows only the results of the mechanisms named “Macroelement 1”
– merlon n.1 and “Macroelement 2”, which are the ones turned out to be the most vulnerable
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with respect to the SLV LS. As one can see, while the verifications are satisfied with respect
to the SLV, they are not satisfied with respect to the SLD, highlighting the vulnerability
concerning the mechanisms activation.
4

PROPOSAL OF POSSIBLE STRENGTHENING INTERVENTIONS

4.1 Intervention description
The results presented in Table 1 highlight the necessity to define a strengthening
intervention for the North walkway. Two different proposals have been elaborated:
a) A more traditional intervention with two vertical tie-rods (Φ10, S275 steel and
prestress force equal to 10 kN);
b) A more innovative one realized with the insertion of the two vertical tie-rods
coupled in series to a device formed by springs and fixed at the top of each merlon
(Figure 6). This device aims to protect the tie-rods, in order to avoid its premature
plasticization. In particular, it has been designed in order to bear a maximum load
equal to the tie-rods yielding force and with stiffness equal to 1.18106 N/m. The
use of an elastic device in the tie-rods has been recently proposed by [14], but in
this paper the Authors have specifically proposed its application to vertical tie-rods.
LONGITUDINAL SECTION

TRANSVERSAL SECTION

TIMBER BEAM
STEEL PLATE

TIMBER BEAM
STEEL PLATE
DEVICE WITH
SPRINGS

DEVICE WITH
SPRINGS

10 TIE-ROD
HOLE IN MASONRY

MERLON

10 TIE-ROD
HOLE IN MASONRY

PASSIVE CONNECTION
OF TIE-ROD

PASSIVE CONNECTION
OF TIE-ROD

PLAN
DEVICE WITH
NUT TO CONNETC SPRINGS
STEEL PLATE AND TIE-ROD

DEVICE WITH SPRINGS
STEEL PLATE
HOOL IN MASONRY

Figure 6: Sketch of the strengthening intervention provided for the merlons
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Furthermore, a proper connection between roof and battlements has to be guaranteed. In
fact, the post-earthquake damage clearly showed that, sometimes, despite the high damage
occurred in some merlons, they did not collapse thanks to the restraint action of the roof. The
connection with the roof can be realized by means of the vertical tie-rods that strengthen the
merlons: in this way, merlons and roof creates an actual “rocking frame”. According to this
solution, the longitudinal timber beam at the top of each merlon has to be linked to the tierods, which are longer than the merlons height and cross the timber beam. Internally, a small
break has to be guaranteed in order to periodically restore the pre-stress in the bars. Finally,
since the modal shapes in this area highlighted a quite pronounced flexural behaviour of the
whole walkway, a double timber boarding at the roof level could be inserted, with the aim to
increase the flexural stiffness of the entire walkway.
4.2 Seismic assessment in the proposed design states
In order to quantify the effectiveness of the two alternative possible interventions, the
return periods (TR) inducing the Damage Limit State (SLD) and Safeguard Life Limit State
(SLV) have been computed. In the analyses, the two mechanisms already presented in Table 1
have been considered. In particular, tie-rods were modelled, according to the principles of the
nonlinear (incremental) kinematic analysis, as equivalent external forces, whose value is
function of: initial force in the tie-rod, tie-rod’s area, tie-rod’s stiffness, tie-rod’s yielding
stress, ultimate strain. It has to be pointed out that, for the strengthening intervention b), the
vertical tie-rods coupled in series with the device have been considered as an equivalent tierod with an equivalent stiffness. Table 2 presents the results of the design state. It has to be
underlined that the SLD LS is verified when TR is higher than 50 years, while SLV LS is
verified when TR is higher than 475 years.
Table 2: Results in the design state for the two alternative strengthening solutions

“Macroelement 1”
(merlon n1)
“Macroelement 2”

State

SLD – DL2

SLV – DL4

ISSLV

Actual state
Design state – sol. a)
Design state – sol. b)
Actual state
Design state – sol. a)
Design state – sol. b)

TR < 30 years
TR = 127 years
TR = 113 years
TR < 30 years
TR = 204 years
TR = 175 years

TR = 743 years
TR > 2475 years
TR > 2475 years
TR = 519 years
TR > 2475 years
TR > 2475 years

1.29
3.44
4.19
1.27
2.77
5.03

As one can see from Table 2, with both the strengthening interventions, both the LSs are
satisfied. However, the best choice seems to be the solution b), since it allows protecting the
tie-rod from a premature plasticization, as one can see from the comparison in terms of
capacity curves (Figure 7). In fact, while with the traditional solution (a) the DL4 occurs when
the tie-rod is already collapsed, with the more innovative one (b) this DL occurs when the tierod is just yielded.
Furthermore, the higher effectiveness of the solution b) is also highlighted by computing
the value of the peak ground acceleration corresponding to the beginning of the yielding
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(Table 3), from which one can see that with the SLV response spectrum (characterized by a
PGA equal to 2.16 m/s2), the traditional tie-rod (and not the tie-rod coupled in series to the
device with springs) would be already yielded imposing its replacing after the potential
occurrence of such a seismic event.
“Macroelement 2”

Design state – sol. b)

Design state – sol. a)

Actual state

“Macroelement 1” (merlon n.1)

Figure 7: Capacity curves in the actual and design states
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Table 3: Values of PGA corresponding to the yielding in the two solutions of intervention

PGAyielding [m/s2]
PGASLV [m/s2]

5

Sol. a)
1.75

2.16

Sol. b)
5.26

FINAL REMARKS

The paper pointed out that a reliable seismic assessment of atop single-block rocking
elements (that are the merlons in the examined case) needs the proper evaluation of the
filtering effect provided by the main structure. The analyses of the merlons n.1 and n.2
highlighted that it is important not only to properly quantify the seismic amplification, but
also its variation depending on the mechanism position as a consequence of the modal shapes
of the main structure.
The results obtained were coherent with the observed damage after the Emilian earthquake
(2012), demonstrating in this way the reliability of the assumed model and the analytical
expressions adopted for the computation of the seismic input.
Then, the different strengthening intervention strategies discussed in the paper clearly
pointed out that it is important not only to design in terms of strength (in order to prevent the
mechanism’s activation), but also in terms of stiffness and ductility of the inserted tie-rod, in
order to protect it from a premature plasticization and then avoid its replacing in the postearthquake phase. This strategy is compatible with the conservation needs and the criteria of
easy repairability that are concepts always more frequently highlighted by the recent Italian
earthquakes, also in terms of repercussions on the economic loss.
Finally, the two different presented hypotheses on the possible strengthening interventions
allowed outlining the most effective solution, able to minimize the impact on the construction
and guarantee its preservation.
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Abstract. In the last two decades, the province of Groningen, located in the North-East of the
Netherlands, has been subjected to an increasing number of earthquakes induced by gas
extractions. The existing building stock is mainly composed by unreinforced masonry (URM)
buildings not conceived to resist seismic loads. The need of reducing the vulnerability of these
buildings by means of retrofit interventions, led to the development and adoption of a new
guideline (NPR9998:2018). As regards the seismic assessment of URM buildings using
nonlinear static analysis, the guideline includes significant differences with respect to
Eurocode 8, which is adopted in other European countries. The more significant differences
lay in the description of failure mechanisms and constitutive laws of piers and spandrels, in
the identification of limit states and in the calculation of seismic demand. In the last years, the
assessment and retrofit in the region has been carried out using software based on an
equivalent-frame strategy: among these, the 3Muri software has been widely adopted. The
solver of this program is the research software TREMURI. In this work, a new version of the
solver adopted by the software 3Muri, complying with the requirements of the new Dutch
guideline, was developed; the tool was then validated with simple examples. To illustrate the
specificities of the new guideline, the seismic assessment of a building representative of one of
the most widely diffused URM building typologies in the area was performed.
1. INTRODUCTION
In the last decades the province of Groningen, located in the North-East Netherlands, has
been subjected to earthquakes induced by reservoir depletion due to gas extraction. The

3028

Stefano Bracchi, Francesco Graziotti, Francesco Messali and Andrea Penna

existing building stock is not designed to resist seismic loads and it is mainly composed by
unreinforced masonry (URM) buildings. To study the seismic response of construction
typologies similar to those of the Dutch practice, an experimental campaign has been recently
carried out. Among the various tests, a significant number of shake-table tests were performed
at the EUCENTRE laboratory on buildings representative of the most vulnerable and diffused
URM building typologies of the area [1].
In the meantime, Dutch engineering companies have been performing the seismic
assessment of residential buildings in the Groningen area. For the weaker structures, they
have also been performing structural retrofit to improve the seismic performance. To this aim,
several guidelines were developed by the regulator, starting from the guideline
NPR9998:2015 [2], followed by NPR9998:2017 [3], up to the most recent NPR9998:2018
[4]. The last two codes were written accounting for the results of recent research in the field
of seismic assessment of buildings; prescriptions regarding the global and local assessment
are described in Annex G and H, respectively. The various documents contain significant
differences with respect to the official European seismic code Eurocode 8-Part 1 [5] and 3 [6].
To perform the assessment, the engineers mainly use nonlinear static analyses carried out
with models based on an equivalent-frame discretization of the building, which is a widely
adopted technique for URM ([7],[8],[9]). The opportunity of performing the seismic
assessment of URM buildings with pushover analysis was considered in the first guideline
NPR9998:2015, but no specific recommendations were provided, and the analyst had to refer
to Eurocode 8–Part 1. On the opposite, the last version NPR9998:2018 contains specific
recommendations for the assessment by means of nonlinear static analysis. One of the
software used by the engineers is 3Muri [10], which was developed to fulfil the
recommendations included in Eurocode 8. It was therefore suitable to be used with
NPR9998:2015, whereas it needs some changes to fulfil NPR9998:2018.
This paper firstly identifies the specificities of the guideline NPR9998:2018 (called NPR
2018 in the followings). Then, a new version of the TREMURI research program [11] was
developed and validated. This represents the solver of the commercial software 3Muri.
Finally, the seismic assessment of a case study building was performed according to NPR
2018. This work focuses on global analysis only, i.e. local verifications are not considered.
2. SPECIFICITIES OF THE DUTCH PRACTICE GUIDELINE NPR9998:2018
As a first step, the differences between NPR 2018 and Eurocode 8 were identified, limiting
the study to the aspects relevant for the assessment of URM building by means of nonlinear
static analysis using equivalent-frame models. The main differences regard the constitutive
laws of the structural elements and the identification of displacement demand and capacity.
2.1. Constitutive laws of the structural elements
As regards piers, NPR 2018 defines three mechanisms: flexural and shear associated with
failure of masonry or with sliding along a damp proof course membrane DPCM. The strength
associated with the flexural mechanism Vp is:
Vp  F

 
l penant 
1  1.15 y 

f ma;m 
2h0 
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where F is the axial load acting on the critical cross-section, lpenant is the length of the pier, h0
is the distance between the section where the flexural strength is reached and the inflection
point, σy is the average compressive stress on the full cross-section and fma;m is the
compressive strength of masonry. The strength of the pier is the minimum between the one
calculated at the top and bottom section of the pier.
The rocking of a pier is limited by the crushing failure of masonry attained at the toes. This
mechanism is taken into account limiting the displacement capacity of the flexural
mechanism. In particular, the drift limit for the near collapse (NC) limit state θNC is:


 NC  0.01351  2.6


 y  href


f ma ;m  h penant

h penant
l penant

(2)

where σy is the average compressive stress at the base of the pier on the full cross-section,
hpenant is the height of the pier (in m) and href is the reference height (2.4 m). No indication is
given in NPR 2018 for the severe damage (SD) limit state; for consistency with the previous
guideline, the drift capacity is assumed to be equal to 75% of the drift capacity at NC.
The constitutive force/drift law is bilinear with an elastic branch up to the yielding drift θy
followed by a constant branch up to the drift corresponding to NC (Figure 1).

Figure 1: Capacity curve of a pier: flexural (left) and shear for failure of masonry (right) mechanism

The constitutive force/drift law associated with the shear mechanism of failure of masonry
is piece-wise linear, with a peak strength followed by a linear decay up to the residual strength
(Figure 1). The peak strength Vp is the minimum of the shear strength calculated at the two
ends of the element, each one with its axial load. At each end, the strength is given by:



V p  min V p,1 ,V p,2

where





V p,1  lC t penant f ma;v;0;m  ma;m y
V p,2  0.1 f blC t penant
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where lC is the length of the compressed part of the section, fma;v;0;m is the initial average shear
strength of masonry, μma;m is the average friction coefficient, σy is the average compressive
stress in the compressed part of the section, fb is the normalized average compressive strength
of bricks in the load direction and tpenant is the thickness of the pier. Eq. (4) is associated with
stepped cracks through the mortar joints, whereas Eq. (5) with cracks through the bricks.
Moreover, the length of the compressed part of the section cannot exceed a maximum value
equal to the length of the section, and a minimum value corresponding to a rectangular stress
block idealization of the compressive stress profile. For solid clay bricks NPR 2018 suggests
that the value of fb is generally at least 20 MPa. In case of calcium-silicate bricks and blocks,
the value of fb is at least 12 MPa, whereas for calcium-silicate elements fb is at least equal to
15 MPa.
The residual shear strength is equal to:





Vr  min lC t penantma;m y ;0.1 f blC t penant

(6)

The drift capacity at NC θNC is equal to 0.75% in case Eq. (4) governs and to the θNC of
flexural mechanism (Eq. (2)) in case Eq. (5) governs. The drift capacity at SD θSD is equal to
0.3% in case Eq. (4) governs and to 75% of θNC in case Eq. (5) governs, in analogy with the
flexural failure mode (even if NPR 2018 does not give indications for this last case).
In case a damp proof course membrane is present, it forms a potential slip surface that can
limit the shear strength of a pier. The strength associated with this slip-plane failure
mechanism is:
V p  lC t penantdpc y

(7)

The axial stress at the base of the element (i.e. where the membrane is usually located) has
to be considered, whereas the NC and SD drift limits are the same as the one for shear
mechanism of masonry in case of stepped cracks. The constitutive force/drift law is again
bilinear (Figure 2). The shear mechanism is attributed to the pier based on the minimum peak
shear strength associated with the failure of masonry or the slip-plane failure.
As regards spandrels, NPR 2018 defines two mechanisms: flexural and shear mechanism.
In both the cases, the constitutive force/drift law is piece-wise linear, characterized by a peak
and a residual strength (Figure 2).
The peak flexural capacity of spandrels Vp is given by:
V p   f t   borstw

2
hborstw
bborstw
3lborstw

(8)

where ft is the equivalent tensile strength of the spandrel, σborstw is the axial stress in the
spandrel assuming a uniform stress distribution, hborstw is the height, bborstw is the thickness and
lborstw is the length of the spandrel. Unless the spandrel is pretensioned, it is assumed that the
axial load in the spandrel is negligible when determining the peak shear strength. The
equivalent tensile strength of the spandrel ft is calculated as:
 p,left   p,right  f ma;b; per


f t  1.3 f ma;b; per  0.5 ma;m
 2
2
ma ;m



(9)

where fma;b;per is the bonding strength of the joint of masonry (equal to the cohesion fma;v;0;m, as

3031

Stefano Bracchi, Francesco Graziotti, Francesco Messali and Andrea Penna

specified in NPR 2018), μma;m is the average friction coefficient of masonry, σp,left/right is the
axial stress in the left/right pier adjacent to the spandrel.
When lintels are sufficiently anchored into the piers, the lintel contribution to the residual
flexural capacity of the spandrel should be considered. The residual flexural strength Vr can
be estimated as:
Vr 

2
 borstwhborstw
bborstw 

lborstw




1

 borstw 

0.85 f h;m 

 Vp

(10)

where fh;m is the compressive strength of masonry in the horizontal direction (equal to 0.5
fma;m) and Vp is the minimum between the peak flexural and shear strength of the spandrel.
The axial stress in the spandrel should be taken into account when calculating the residual
strength; an upper bound estimate of the axial stress σborstw in a restrained spandrel can be
determined as:
 borstw  1   borstw f ma;dt;m

lborstw
2
2
lborstw
 hborstw

(11)

where βborstw is the shear stress factor depending on the geometry of the spandrel and fma;dt;m is
the diagonal strength of masonry.

Figure 2: Capacity curve of a pier with slip-plane failure mechanism (left) and capacity curve of a spandrel with
flexural and shear mechanism (right)

The peak shear strength of a spandrel Vp can be estimated as the minimum between the
ones associated with two mechanisms: formation of cracks through head- and bed-joints over
almost the entire height of the spandrel (Eq. (12)) and cracks in the bricks (Eq. (13)). The first
mechanism takes place when mortar is weaker than bricks, whereas the second one
corresponds to the case of weaker bricks. Timber lintels do not give a significant contribution
to the peak shear capacity of URM spandrels and therefore they can be ignored.
Vp 

2
f ma;b; per  ma;m borstw hborstwbborstw
3
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V p  f ma ;dt;m  borstw 1 

 borstw

f ma ;dt;m

hborstwbborstw

(13)

When lintels are sufficiently anchored into the piers, the lintel contribution to the residual
shear capacity of the spandrel should be considered and the residual shear strength is
calculated with Eq. (10).
The drift limits for spandrels are common for both flexural and shear mechanism. The drift
capacity at NC is equal to 4θy, where θy is the yielding drift, whereas the drift capacity at SD
is equal to 3θy.
2.2. Global displacement demand and capacity
As regards the definition of displacement capacity and demand of the global analysis, the
new aspects of NPR 2018 consist in the definition of the equivalent single degree of freedom
(SDOF) system, of the equivalent bilinear curve and the adoption of the capacity spectrum
method to compute the displacement demand. In particular, the single degree of freedom
(SDOF) system equivalent to the building is defined as:
Vcap,base
n2

*
m
Sa  
V
 cap,base n  2
 m *

 u roof ,cap

S d   u roof ,cap
 

n2
n2

(14)

where Sa, Sd and m* are the acceleration, displacement and mass of the SDOF system, Vcap,base
is the base shear of the building, Γ is the modal participation factor, uroof,cap is the
displacement of the highest level of the building and n is the number of storeys.
The bilinear curve equivalent to the capacity curve of the SDOF system is calculated with
a standard approach based on equivalence of areas. However, although the equivalence of
area is performed up to the displacement corresponding to the 20% decay of the base strength,
the plateau of the bilinear is extended up to the displacement corresponding to the 50% decay
of the base shear, which represents the global displacement capacity at NC. To account for
soil-structure interaction, NPR 2018 suggests to increase the displacement of the SDOF
system (obtained from an analysis with fixed foundations), as a function of the acceleration of
the SDOF system.
As regards the calculation of the displacement demand, NPR 2018 suggests the use of an
iterative capacity spectrum method with over-damped spectra, discouraging, although not
precluding, other methods (e.g. N2 [12]). The iterative capacity spectrum method of NPR
2018 consists of firstly determining the global ductility of the equivalent SDOF system, μsys,
calculated as uduct,sys/uy;sys, where uduct,sys is the minimum between the displacement capacity
(ucap;sys) and the displacement corresponding to the intersection of the bilinear capacity curve
and the spectrum in Sa vs. Sd format and uy;sys is the yield displacement of the SDOF system.
Secondly, the hysteretic damping of the system ξhys has to be calculated as:


 hys  0.421 



0.9

 sys


 0.1  sys   0.15



(15)

where ξhys = 0.15 for μsys > 4, followed by the determination of the total damping (ξsys =
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ξ0+ξhys+β0 ≤ 0.4), where β0 is the contribution due to the soil. The reduction factor of the
spectrum can then be obtained as:
 

7
 0.55
2   sys

(16)

With the new ductility μsys, iterations can be performed until the initial and final ductilities
are similar. The displacement demand is the intersection between the bilinear and the reduced
spectrum. Figure 3 shows the application of the iterative capacity spectrum method.

Figure 3: Iterative capacity spectrum method of NPR 2018 [4]

3. DEVELOPMENT OF TREMURI NPR9998:2018 VERSION
A new macroelement, featuring the constitutive laws previously described for piers and
spandrels was developed and implemented in the TREMURI software. To test the efficiency
of the new element in reproducing the code force/drift laws, a series of nonlinear analyses in
displacement control were performed. In the case of single piers, a monotonically increasing
horizontal displacement was applied to the top of the element, whereas in the case of single
spandrels a vertical displacement was applied. Figure 4 and Figure 5 show the results of the
analyses in terms of force vs. drift curves and damage patterns for piers and spandrels,
respectively. In the damage pattern representation, different colors indicate different damage
mechanisms, whereas different markers identifies the level of damage (plastic, SD, NC) of the
element.
The new element was also implemented in the commercial software 3Muri [10], together
with the automatic calculation of displacement demand and capacity as described in the
previous section. This would allow engineers to perform the seismic assessment and retrofit
according to the considered guideline.
In the following, the seismic assessment was performed obtaining the global pushover
curve using the software TREMURI and calculating the seismic demand and capacity
according to NPR 2018 using properly developed tools external to TREMURI and 3Muri.
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Figure 4: Force vs. drift curves of single piers and damage patterns with the indication of the different
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4. EXAMPLE OF GLOBAL SEISMIC ASSESSMENT ACCORDING TO
NPR9998:2018
A simple case study building representative of one of the typologies of the building stock
of the Groningen area was selected (Figure 6). The specimen tested by [13] on the shake-table
of the EUCENTRE laboratory was considered: it is the end-unit of a terraced house building
with cavity walls, which is one of the most vulnerable building typologies of the area. The
structure is characterized by a weak direction (the one parallel to the openings) and a strong
direction characterized by no openings. In developing the TREMURI model of the case study,
a series of simplifying assumptions were performed in order to simulate the model built by a
professional engineer in charge of the assessment (e.g. roof and external leaves of cavity walls
modelled as additional masses only).

North
Figure 6: Case study building: North-West (left) and South-West (centre) view (adapted from [13]) and
TREMURI model (right)

As regards the mechanical properties, the typology “Calcium silicate brickwork with
general purpose mortar (1960-present)” described in NPR 2018 was considered. Material
properties of the clay leaf were not considered, since this was modelled as additional mass
only. The elastic moduli E and G were reduced by a factor 2 to account for cracked stiffness.
Table 1 reports the values of mechanical properties used in this study. Moreover, damp
proof courses were assumed not to be present; therefore, the slip-plane failure mechanism was
not considered. Floors were assumed to be rigid, with 100% of the acting load assigned to the
walls orthogonal to the spanning direction and 0% to the walls parallel to it.
Table 1: Values of mechanical properties

E
G
ρ
fm
fv0
[MPa] [MPa] [kg/m3] [MPa] [MPa]
2000
825
1834
7
0.25

μ
[-]
0.6

fb
[MPa]
12

When performing the assessment, soil-structure interaction was considered, whereas the
soil damping was neglected. The demand was maintained fixed and corresponded to the
spectrum of the village of Loppersum, obtained from [14] for a return period of 2475 years,

3036

Stefano Bracchi, Francesco Graziotti, Francesco Messali and Andrea Penna

corresponding to near collapse limit state (with agS = 0.1976 g, p = 1.919, Tb = 0.154 s, Tc =
0.664 s, Td = 0.909 s, ηel = 1). A more detailed study on the demand is reported in [15].
Figure 7 shows the pushover curve and damage patterns obtained with the TREMURI
element consistent with NPR 2018 for a selected analysis in the weak direction, compared to
the ones obtained with the Eurocode 8 element. From the damage patterns, it can be noticed
that NPR 2018 is predicting a shear behavior (attainment of shear strength of bricks) in some
elements with damage concentrated in the piers at the ground level. On the contrary,
Eurocode 8 predicts a flexural mechanism, again with damage concentrated in the piers at the
ground level. However, the displacement capacity obtained according to NPR 2018 tends to
be higher, due to the formulation adopted for the element drift limit at near collapse (NC)
limit state.
50
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40
30
20
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NPR 2018
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Top displacement [m]
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East wall
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West wall
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Figure 7: Pushover curve, plan deformed shape and damage patterns according to NPR 2018 and Eurocode 8 in
the weak direction - inverse triangular distribution of forces, positive verse, no eccentricity

Figure 8 shows the results of the assessment according to NPR 2018 for the considered
direction with reference to the critical analysis (i.e. the one with a mass proportional
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distribution of forces, applied in the negative direction and with positive eccentricity). The
building is verified, although in the nonlinear branch of the bilinear curve, as also confirmed
by the large amount of reduction of the demand spectrum in the capacity spectrum method.
4
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Figure 8: Results of the safety check according to NPR 2018 in the weak direction for the critical analysis

5. CONCLUSIONS
This paper presents the results of the seismic assessment of URM buildings performed
according to the Dutch practice guideline NPR9998:2018 by means of nonlinear static
analysis with an equivalent-frame model. Firstly, the main new aspects of the guideline with
respect to Eurocode 8 were identified: these consist in the constitutive laws of the single
elements (piers and spandrels), in the definition of the equivalent SDOF system and in the
adoption of the capacity spectrum method in the calculation of the seismic demand. Secondly,
a new macroelement including all the constitutive laws depending on the various failure
mechanisms was developed and implemented in the TREMURI research software. This
allows the performance of nonlinear static analyses according to the considered guideline.
Finally, the seismic assessment of a case study building was performed. After the calculation
of the capacity curve, the seismic demand and capacities were calculated according to NPR
2018, adopting a seismic action consistent with the seismicity of the area.
The whole assessment procedure, from the definition of the capacity curve to the
calculation of displacement capacity and demand by means of the capacity spectrum method
was then implemented in the commercial software 3Muri. The goal of the work is to provide
engineers with a simple software fully compliant with the adopted guideline to perform the
seismic assessment and retrofit of URM buildings.
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Abstract. Earthquakes are some of the most serious causes of degradation and destruction
of the heritage buildings. The earthquake can cause different damages, directly and indirectly
to the historical buildings and their elements. The biggest part of the heritage buildings
was built essentially following empirical rules, refining the proportions of structural elements
by an intuitive perception of the structural behaviour. In most cases, this trial took only static
actions into consideration, so, since seismic horizontal actions modify the behaviour in a
significant way, an earthquake may frequently produce cracks and local collapses. Seismic
assessment of heritage buildings is relevant for any preservation project. Using specific
investigations and checks, the best retrofit method can be chosen. Based on different case
studies, the aim of the paper is to recommend useful framework and easy applicable
assumptions for practicing engineers to evaluate the vulnerability of the historic structures
and the possibilities of further steps in their development. Seismic assessment of historic
buildings remains a challenging task. There is a high level of complexity compared with the
assessment of standard buildings. The assessment and the diagnosis of heritage buildings
in seismic areas require an extensive knowledge on the structural typologies and
behaviour of heritage buildings. The investigation on previous damages from earthquakes is
very important. Adequate and realistic computer modelling of complicated historic
structures requires significant designers’ expertise. It is probably best to start with the
simplest realistic model and then, if necessary, develop a model that reflects more structural
features and complexity. The presented paper investigates the challenges posed by, and
solutions needed, to ensure the structural longevity of historic structures. Finding the
potential for future development of heritage buildings is an important task of the
contemporary construction sector. The paper presents only 3 specific case studies but based
on the results it is possible to produce some more general recommendations
concerning the seismic assessment, the possibility to identify the vulnerability of historic
structures and to give the recommendations for extending the service life of Heritage
buildings.

3040

Marina D. Traykova, Alexander V. Traykov

1

INTRODUCTION

Buildings and structures may be classified as historic for three main reasons: they are
associated with acts of historical importance, they are old and a long time has passed since their
construction, and they are monumental and irreplaceable. What makes it an edifice that must
be preserved for future generations are one or more of its cultural, architectural, symbolic, social
or historic attributes. Studies of the seismic vulnerability of historic buildings and attempts to
mitigate the associated hazards [whether by retrofitting or other procedures] and improve both
the load resisting capacity and the longevity of such structures are therefore of great interest.
The assessment and the diagnosis of heritage buildings in seismic areas require an extensive
knowledge on the structural typologies and behaviour of heritage buildings. The investigation
on previous damages from earthquakes is very important. The presented paper investigates the
challenges posed by, and solutions needed, to ensure the structural longevity of historic
structures.
The main cause of the inappropriate choices of intervention techniques is due to the lack of
knowledge on the material and the behaviour of the peculiar type of structure. To provide the
best assessment and to collect properly the data, it is necessary to have enough information
concerning: 1) the geometrical, technological and constructive characteristics of the surveyed
structure; 2) the material properties; 3) past interventions; 4) the damage state, the possible
collapse mechanisms. The information above is possible to be collected after a special on site
investigation.
The survey on the site should identify the following details: 1) Age of the building; 2)
Structural symmetry; 3) Number of stories; 4) Total height of the building: 5) Foundations (type
and material); 6) Structural elements –walls, columns, floors; 7) Size and cross sections of the
structural elements; 8) Lateral resisting structural elements; 8) Materials, used for the structure,
characteristics; 9) Damages and interventions.
The steps to be followed for the assessment may therefore be summarized as follows:
- Identify the structural characteristics of the structure under consideration, that is, the way
in which it responds to the seismic excitation, and what its capacity might be.
- Diagnose the evidence of present structural condition, both visible and concealed. Do the
necessary investigations for this diagnosis, including assessment of foundation conditions.
- Make complementary assessment of the local seismic hazard.
- Decide whether temporary shoring is needed to safeguard a damaged structure before,
during and after rehabilitation.
- Propose and justify schemes for final repair and strengthening. Prepare the necessary
documentation for the selected scheme, in cooperation with other experts if necessary.
During the above architectural/structural survey, a detailed analysis of structural failures,
local or otherwise, a thorough study of cracks, the nature of the soil, faults in the original
structure, defects of construction, shifting of the foundations, signs of excessive stresses,
defective components, etc. should be carefully investigated. For most important edifices, a
photogrammetric survey utilizing laser technology may be appropriate.
2 SEISMIC RISK IN BULGARIA
Seismic hazard [1] represents the probability of seismic earth movements to exceed a given
seismic level over a certain period of time. The seismic hazard is presented through maps with
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expected seismic impacts for a different period of occurrence.
Seismic risk [1] is the probability of occurrence of given lossеs over a given period of time
for a given location as a result of an earthquake.
The assessment of the seismic risk establishes:
- the expected losses according to the seismic impact;
- whether sufficient preventive measures have been taken to reduce the impact of the seismic
actions.
Bulgaria is located in the central part of the Balkan Peninsula, which from the tectonic point
of view is an element of the Eurasian continental border. The earthquake activity on the territory
of the country and its surroundings is one of the most prominent manifestations of modern
regional geodynamics.
The seismic situation of the Balkans has some specific aspects. The origin of most of the
earthquakes that affect Bulgarian territory are shallow with focus that is less than 60 km in
depth. That fact significantly increases the effects of the earthquakes on surface.
According to the 1987 standard map of Bulgaria, 98% of the territory of Bulgaria can be
subjected to seismic impact with a magnitude of 7 and higher, of which magnitude 7 - 51%, 8
- 28%, 9 and higher - 19%. Maps of the seismic hazard in Bulgaria are generated at maximum
acceleration, soil type A (according to the EC8 classification) for two occurrence periods of 95
and 475 years. The seismic hazard of Bulgaria (for both periods of occurrence) was determined
mainly by seismic sources identified on the territory of the country and source Vrancea
(Romania).
Тhe most significant earthquakes in Bulgaria after 1900 are: Shabla (31.03.1901, magnitude
7,2), Struma (04.04.1904, magnitude 7,8), Gorna Oriahovica (14.04.1913, magnitude 7,0),
Chirpan (14.04.1928, magnitude 6,8), Shabla (30.06.1956, magnitude 5,5), Strajica
(07.12.1986, magnitude 5,7), Pernik (22.05.2012, magnitude 5,6).
Seismic design of buildings and facilities in Bulgaria over the years is regulated as follows:
1) Until the beginning of 1957, the buildings (including different categories of the Bulgarian
cultural heritage on the territory of the country) are not secured against earthquake effects;
2) 1957 –The "Regulations for the Design and Construction of Buildings and Engineering
Facilities in Seismic Areas" started, based on a seismostatistic zoning map, reflecting the
observed intensities of the documented previous earthquakes;
3) 1961 and 1964- The map has a new edition concerning the reducing of the areas of the
zones with intensity VII, VIII and IX;
4) 1977 - After the earthquake in Vrancea (Romania), new areas of VII and VIII intensity
were added in the Danube area of Northern Bulgaria;
5) 1987 – A new seismic zoning of Bulgaria has been introduced;
6) January 2012 - A seismic zoning of Bulgaria is introduced based on the reference
maximum acceleration.
It is possible to define five groups that account the year of design of the structure [2]:
- Very old (before 1919)
- Pre-code period (before 1920-1945)
- Low-code period (1946- 1964)
- Moderate-code period (1964- 1987)
- Moderate to High-code period (after 1987)
In analyzing the conditions of Bulgaria to face a strong earthquake, we must note the
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following serious problems: 1) A large percentage of the available building stock was
(including heritage buildings) designed and built before the new anti-earthquake standards of
1987, for very low levels of seismic provision; 2) There are no preventive measures taken for
the preservation of discovered, preserved and restored archaeological structures, buildings and
ensembles of national importance for the preservation of the movable historical and cultural
heritage from the impact of the risk factors in general (earthquakes, floods, wind, temperature,
etc); 3) Work is not being done to reduce or to stop the degradation of the existing building
stock.
3 SEISMIC PROTECTION AND STRUCTURAL INTERVENTIONS ON
BULGARIAN HERITAGE BUILDINGS
The paper is mainly dedicated to two groups of Heritage buildings: with masonry structure
and with reinforced concrete structure.
The buildings with masonry structure are typical representative of the building typology
from the end of 19th century and beginning of 20th century in the big cities of Bulgaria. Usually
the masonry buildings have: 1) Deformable floor: timber floor and “Prussian vault” (steel
structure) or 2) Reinforced Concrete floor. The first type has usually 1-4 storeys, the second
type- 1-5 storeys. Later, in the group of the Heritage buildings in the big cities, the reinforced
concrete structures appeared. These buildings are mainly with frame structure and masonry
infills.
As noted in [3] with regard to bridge renovation, two main types of interventions have to be
distinguished: rehabilitation and modification. In rehabilitation, the goal is to provide the
bearing capacity and the operational suitability of the building or the facility in the absence of
a change of function. These activities are related to the continuous maintenance and change of
insulation, joinery, flooring, plastering and other different secondary non-structural elements.
In rehabilitation, intervention on structural elements should be minimal and should be
summarized in the reconstruction of damages resulting from aging, cracks, spalling of concrete,
missing concrete cover, etc. In the case of modification, the structure is modified so that it meets
or performs the new load-bearing function. In this regard, it should be explicitly noted that this
approach encounters significant difficulties in providing the renovated structures with the
requirements of contemporary seismic standards. The requirements of the Bulgarian regulations
now set the conditions for the strengthened structure to meet the current standards. In practice,
this often leads to the need for costly structural intervention that in fact underestimates the
strengthening process and hence the maintenance of the existing building or facility.
4

EXAMPLES FROM THE BULGARIAN PRACTICE

The principles of the seismic assessment, outlined in the introduction of the paper, are illustrated
by the following examples of procedures and recommendations dedicated to the extension of
the service life of 3 Heritage buildings in Bulgaria. A very interesting example of the
investigation and choosing the most appropriate method for rehabilitation of an industrial
building structure is discussed in [4].
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4.1 Hotel “Lege Palace”, Sofia, Bulgaria
The first case study is dedicated to one of the emblematic buildings of Sofia –Lege Palace
(Figure 1.).

Figure 1: “Lege Palace” – actual view [11]

The analysed building is constructed in the period 1910-1914. The architectural design is
realized by three famous Bulgarian architects: Georgi Fingov, Dimo Nichev and Nikola
Uroukov.
The structure of the building has a typical masonry structure. The floors are constructed
according to the system “Prussian vault”: the main element is a steel double T flanged beam.
The concept of the system “Prussian vault” is to arrange beams (usually steel beams) and to fill
the space between them with bricks shaped as vault. Very often, just to provide the horizontal
stability of the structure, one part of the main beams is anchored in the wall with steel “anchors”
or if the support is an other steel beam, the connection is provided by steel profiles and rivets.
Figure 2 presents the architectural plan of the ground floor.

Figure 2: Plan of the ground floor (Lege Palace) [10]

The numerical analysis of the structure is provided by the program SAP2000 [5] based on
FEM and a 3D model is defined (Figure 3.). The first step in the modeling is the definition of
the characteristics of the materials. EC 6 [6] is the standard for the masonry structures and all
the characteristics of the bricks are adopted according to the prescriptions of the standard.
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Figure 3: Numerical model in SAP2000 (Lege Palace) [5]

The next step in the numerical analysis is the definition of the loads EC 1 [7]. Three main
types of loading are included: permanent loads G, variable loads Q, snow S and seismic load
E. Two basic combinations are considered: the fundamental and the seismic.
Concerning the model, shell elements are used for the definition of the computational model.
The contact of the structure with the foundations is assumed stiff. The thickness of the walls
and the size of the structural elements are adopted according to the available drawings and the
information from the site investigation. The floors are not a subject of the presented assessment
and for that reason they are involved in the model in order to account for better distribution of
the loading between the vertical elements and because of their specific behaviour in the
performance of the structure. The floors are modeled as diaphragms.
The main results obtained from the analysis are: 1) Modal periods (Table.1); 2) Normal
forces in the vertical elements; 3) Displacements from the seismic combination in the main
directions and axes.
Table 1: Modal periods and frequencies [5]

TABLE: Modal Periods And Frequencies
OutputCase StepType StepNum Period
Text
Text
Unitless
Sec
MODAL
Mode
1
0,9181
MODAL
Mode
2
0,7910
MODAL
Mode
3
0,5687
MODAL
Mode
4
0,3626
MODAL
Mode
5
0,2952
MODAL
Mode
6
0,2791
MODAL
Mode
7
0,2621
MODAL
Mode
8
0,2402
MODAL
Mode
9
0,2337
MODAL
Mode
10
0,2261
MODAL
Mode
11
0,2057
MODAL
Mode
12
0,2008

Frequency
Cyc/sec
1,089
1,264
1,759
2,758
3,387
3,583
3,814
4,163
4,280
4,424
4,860
4,980
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CircFreq
rad/sec
6,843
7,944
11,049
17,328
21,283
22,510
23,966
26,157
26,891
27,795
30,538
31,291

Eigenvalue
rad2/sec2
46,833
63,103
122,087
300,252
452,946
506,697
574,357
684,178
723,118
772,543
932,575
979,112
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According to the standards in use, the checks for the displacements are basic for the
assessment of the structural behaviour. Usually, for existing structures, the control of the
damages as a result from excessive displacement are definitive for the behaviour. The results
show that the displacements for the biggest part of the vertical elements (for the seismic
combination) are not in the limits given in the standard. Analyzing the normal forces in the
elements, it was found that the real value of the normal forces in the vertical elements also
exceeds the maximum capacity of the elements.
In addition, analysis according to the actual Bulgarian regulations [8] is done. The same
elements are checked. The results are similar but the safety according to EC8 [9] is lower than
the safety according to the Bulgarian regulations [8]. The difference in the value of the modulus
of elasticity of the bricks, defined in the two standards, leads to different stiffness of the walls.
The ground floor has some previous interventions and after the site investigation was clear that
some of the walls are removed in the past. This fact is related to the decreasing of the global
stiffness of the structure. All changes in the first floor (produced on site without any specific
design), representing removal of some brick walls, has unfavorable influence on the global
seismic performance of the building. The actual conditions of the vertical elements after the onsite inspection shows that there are cracks and damages in them and they need special measures
for strengthening.
The provided checks show that the building needs remedial measures for the damaged
elements but any future changes in the structure will affect significantly the safety. It is not
recommended to make any interventions without a special design for the strengthening. Special
care is necessary for the foundations. The observed high level of moisture in the basement
requires the execution of waterproofing insulation.
The results of the seismic assessment show that the bearing capacity of the vertical structural
elements is reached and for some elements even exceed the limit. The displacements of the
biggest part of the vertical elements are bigger than the prescribed limit value. That is the reason
to recommend to the Investors to keep the structure without further changes and to strengthen
the original structure using the results of the analysis.
4.2 Marine Station, Varna, Bulgaria
The Marine Station in Varna is the biggest on the Black Sea cost in Bulgaria (Figure 4). The
original design started in 1965. The construction of the building lasted from August 1966 until
the end of 1968. The structure of the building is a classic monolithic reinforced concrete frame
structure. The frames are designed in transverse direction. The distance between the frames is
9,00 m. In the longitudinal direction the frames are connected with beams. According to the
specific soil conditions, the foundation is realized with 150 driven piles. The length of the piles
is 15 m and their cross section is 35/35 cm.
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Figure 4: Marine Station, Varna - actual view [11]

For the structural seismic assessment a few numerical models in SAP2000 (Figure 5) are
analyzed, using finite elements. The first 3 modal periods according to EC8 and the Bulgarian
standards are practically the same. The elastic story drifts exceed the prescribed limits. The
comparison is done according to EC8 [9] and according to the actual Bulgarian regulations [8].
The main checks for the structural elements – columns, beams, slabs, etc. show that the
available reinforcement in some sections is not according to the contemporary standard
requirements. The detailing of the structure is also not according to the standards.

Figure 5: Numerical model in SAP2000 (Marine Station) [5]

Despite the overall relatively good condition of the building, the structure is seriously
endangered because of the very active processes of carbonization of the concrete and the
reinforcement (Figures 6). The high level of carbonization results from the high humidity and
the aerosol impact of seawater.
It is believed, that the building has exhausted its bearing capacity on the basis of the currently
applicable regulations for the design of reinforced concrete structures and future functional
changes are possible after strengthening of the existing structure.
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Figure 6: Actual condition of some structural elements [11]

It is believed, that the building has exhausted its bearing capacity on the basis of the currently
applicable regulations for the design of reinforced concrete structures and future functional
changes are possible after strengthening of the existing structure.
Adjusting the building structure according to the contemporary standards is not possible for
the following reasons: 1) Actual condition of the construction materials; 2) Lack of precise
information for the detailing; 3) The parameters of the seismic performance- modal periods,
story displacements, are not in accordance to the prescribed recommendations and limits; 4)
The numerical checks show that serious number of structural elements are at the limit of the
load-bearing capacity determined by the standards or even exceed it by the effect of the various
load effects and their combinations. Here, it is important to add that the assessment of the
physical condition of the construction materials and the actual condition of the elements limits
the future activities. The intention of investment should be based on the provided assessment.
4.3 Serdica building in Sofia, Bulgaria
The Serdica building (Figure 7) is situated in the historical center of Sofia. The building is
built in the 20ies of the 20th century. It is a typical brick masonry structure. The floors are
constructed according to the system of “Prussian vault” (Figure 8). The roof structure is a timber
structure. The foundation is a dry stone masonry.

Figure 7: Serdica Building- main façade [10]
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Figure 8: Strengthen floor structure “Prussian vault” (Serdica Building) [10]

After the visual inspection and according to the design documentation, the following
conclusion can be drawn: many changes are realized in the long life of the structure. The seismic
safety of the building is significantly deteriorated compared to the same at the time of
construction.
This is to a lesser extent due to a deterioration in the characteristics of building materials as
a result of aging and to greater changes, mainly in: 1) Increased weight of the structure, leading
to increasing of seismic forces (new internal changes and additional intermediate level); 3)
Contact between the new intermediate level with the existing structure; 3) Reduced stiffness
after reduced length of the brick walls (in comparison of the original design), additional
openings in the internal and external brick walls; 4) Unfavorable influence of the irregularity in
the geometry and the distribution of the stiffness.
Similar to the previous cases, the future intentions of the Investor are limited and need a
serious revision according to the provided assessment.
5

CONCLUSIONS AND RECOMMENDATIONS

The paper is presenting only 3 specific case studies, but based on the results it is possible to
produce some more general recommendations concerning the seismic assessment, the
possibility to identify the vulnerability of historic structures and to give the recommendations
for extending the service life of the Heritage buildings:
A greater problem lies in the fact that the vast stock of heritage buildings in the world
does not conform to the requirements stipulated by current knowledge as necessary for
seismic safety. The seismic upgrading of historic structures differs from that of more
modern structures in that historic buildings do not have to conform to design codes and
specifications which, thereby, are not applicable to such structures. More importantly,
all seismic retrofitting must be reversible. A considerable difficulty in the practical
application of the methodology for renovation of existing buildings and facilities of
historical importance in Bulgaria is the lack of specially developed regulations for
solving such problems. Some exceptions are the recommendations in Part 8.3 of the
EC 8, which however are of a general nature and do not treat historical buildings. This
complicates the work of structural engineers and forces them to apply existing rules
designed for new buildings in solving the specific task described. As a general rule,
the results are inadequate in relation to the intended purpose and the factual situation.
It is necessary to develop specific national methodologies that distinguish between the
design of new and the strengthening of existing buildings of historical importance.
Historic structures have generally been constructed with basic building materials such
as rock and stone, brick masonry and, in some cases, adobe or wood. The buildings
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-
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made from these traditional materials usually possess strength but lack ductility, i.e.
the capacity to undergo deformation without collapsing. Historic buildings tend to be
massive and stiff structures made of brittle material.
For some old structures, or buildings that may not allow major intervention, the
possibility of providing base isolation may be envisaged. For historic structures which
are not base-isolated, the necessity and economic feasibility of retrofitting (providing
additional strength by using pre-stressed tie-rods, thin plates, buttresses, etc.) for
seismic protection and risk reduction needs to be investigated.
Any structural intervention must not, if possible at all, create aesthetic conflict. An
unstated rule is that the retrofitting of historic structures be almost invisible.
Material properties from the structure to be protected need to be assessed on the basis
of accurate experiments. Sometimes for the initial assessment, it is possible to use
some practical recommendations for the characteristics of the construction materials
given in the standards.
Adequate and realistic computer modelling of complicated historic structures requires
significant designers’ expertise. It is probably best to start with the simplest realistic
model and then, if necessary, develop a model that reflects more structural features and
complexity. Important aspects and considerations about the process of numerical
modelling of structures that will be rehabilitated are presented in [12], despite that the
example is not a historic structure.
Seismic assessment of historic buildings remains a challenging task. There is a high
level of complexity compared with the assessment of standard buildings. The heritage
buildings are prone to collapse from seismic actions due to different types of seismic
vulnerabilities. It is very important to find these vulnerabilities for the different types
of structures and to find the specific mechanisms of failure.
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Abstract. This paper studies the seismic behaviour of La Merced temple, dating from the
beginning of s. XVII and is located in the historic center of the city of Morelia considering a
set of 9 real September 19, 2017, earthquake acceleration records obtained in seismic stations
located near the epicenter, which were used without any scaling factor and then applying a
scaling factor to reach the site maximum expected peak ground accelerations for probabilistic
return periods of 475 years and 975 years.
1

INTRODUCTION

The temple of La Merced in the historic center of the city of Morelia, Mexico, is located with
coordinates 19 ° 42'10``N, 101 ° 1149''W, Figure 1a, which, as seen in Figure 1b, adjoins to the
David G. Berlanga elementary school, which was formerly part of the conventual structure. At
the end of the 16th century the Order of Nuestra Señora de la Merced settled in New Spain,
which throughout the first century of colonial life had stood out in a remarkable way due to the
fact that its friars were part, by generally, of the army of conquerors, in which they normally
functioned as chaplains [1]. In 1604, Mercedarian friars Pedro de Burgos and Álvaro García
obtained a license from Viceroy Luis de Velasco and Bishop Juan Fernández Rosillo to found
a convent in the city of Valladolid, now Morelia, for which they acquired a house owned by
Melchor Pardo and his wife María Ortega, to which they later added two adjacent pieces of land
donated by the City Council. The founding friar of the convent, Felipe Gutiérrez, began the
work of the church and convent with the alms of the neighbors. However, in 1606, at the death
of Bishop Fernández Rosillo, the vacant headquarters council issued a suspension order of the
work trying to avoid the convent foundation. The mercedarios went for their defense before the
viceroy and subsequently obtained the support of the new bishop Friar Baltazar de Covarrubias,
who endorsed the respective license and suspended the Cabildo's order; the work resumed
around 1608-1609, under the direction of the new prior of the convent Friar Andrés de la Fuente
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[1]. The religious order of La Merced was the one that suffered the most economic difficulties
in the city, the most difficult situation for which the temple was concluded in 1736 with the
construction of its east or main façade, which at the day, retains its original door.

b)

a)

Figure 1: a) La Merced church. b) old convent cloister today David G. Berlanga elementary school

2 ARCHITECTONIC CHARACTERISTICS
The church has two façades as shown in Figure 1a, the main façade facing east was built in
the 18th century and the north or longitudinal façade, was built in the 17th century and is
stiffened by two buttresses with different heights. The bell tower, Figure 2a, has 31.33m height
and is attached to the main façade while the dome was added in the 18th century, Figure 2b,
and rests on an octagonal drum with baroque elements that is located on the false transept of
the nave which has a length of 35.39m with a height of 13.04m and an-interior 6.69m span as
can be seen in Figure 3. Figure 4 shows the vaults that are of lunettes between masonry rib
arches

a)

b)

Figure 2: a) Bell tower and east façade, b) XVIII century dome.
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6.69

Figure 3: Nave plan view and transversal section

Figure 4: Nave chorus and lunette vaults stiffened with rib arches

3

EXISTING DAMAGE

The church of La Merced presents different damages, which, qualitatively, can be related
more to seismic action than to another type of action, since the building was built on a stiff clay
which reduces the risk of ground settlement, situation which is verified in neighboring
buildings, which also do not present problems due to the service limit state.
3.1 East façade damage
It presents slight damage composed by a shear crack caused by the interaction of the facade
with the bell tower, which starts from the upper corner of the coral window and extends
vertically as shown in Figure 6.
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Figure 6: Main façade damage
3.2 Ribbed dome damage
The dome has cracks in each of its eight shells between ribs as shown in Figure 7. The cracks
reach the lantern ring, damage that can also be attributed to past seismic actions. On the outside,
the rocking effect of the pinnacles that are located on the drum ornamentation is evident, some
of which have failed due to shear as indicated in Figure 8. Without any doubt, the pinnacles
damages has been caused by historical earthquakes.

Figure 7: Cracks on the masonry dome
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Figure 8: Pinacles rocking and shear base damages
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3.3 Nave vault damages
The lunette nave vaults have Sabouret cracks, Figure 9, as well as shear cracks that have
practically been connected to each other in such a way that they can form rigid blocks that could
become unstable in future seismic events of importance as seen in the Figure 10. It is also clear
that such damage patterns can be associated without major error to the seismic action of the
past.

.
Figure 9: Vault Sabouret crack

Figure 10: Main nave vault cracks
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3.4 Rib arches damage
These arches are 0.96m wide and 0.40m height. One of these arches shows damage to the
intrados of one of it´s kidneys as shown in Figure 11a, so a safety mesh has been placed to
prevent damage to people who come to church every day. These arches have also lost their
mortar joints between dowels and in recent years mortar injections have been made to
consolidate them as shown in Figure 11b. Subjectively, it is not clear whether the damages
observed could have been caused by seismic action.

a)

b)
Figure 11: a) Daños en arco fajón and b) mortar injection nozzles

4

SEISMIC DEMAND

In order to better understand the seismic behavior for the Merced church, a seismic demand
composed by nine acceleration records obtained near to the most damaged zones in the Morelos
and Puebla States for the september 19, 2017 earthquake (Ms 7.2) were used. This records were
obtained in seismic stations located between 85 to 100km distance from the epicenter. The
normal focal mechanism of this seismic event produced spectral amplifications in a range of
periods of 0.18 to 0.54 seconds, reaching a maximum pseudoacceleration value of 1.01g for a
0.44 seconds vibration period, Figure 12.

Figure 12: Response spectra of the nine highest peak ground accelerations (Seismic stations Map from the
UNAM Engineering Institute)
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5

SEISMIC BEHAVIOUR

Two-dimensional Rigid Element macroelements were analyzed [2] for which the horizontal
ground seismic shaking component was considered in a first stage, and in a second stage, the
horizontal component acting simultaneously with the vertical component of the seismic record
were applied, both in the transverse and longitudinal directions of the nave. The seismic demand
was introduced with its original acceleration amplitudes and then scaling these amplitudes to
the maximum probabilistic 475 and 975 year recurrence peak ground accelerations, that is, for
96.9 and 139.24gals.
5.1 Macroelement definition

NORTE

Figure 13 shows the macroelements considered in the analysis; in the longitudinal direction
is the located over the nave south wall and in the transverse direction the one corresponding to
the nave connected to an existing flying arch, which, at the moment is inserted in the two old
cloister levels of the David G. Berlanga elementary school. This macroelement was considered
due to it has a high stiffness wich can concentrate major damages.

6.44

8.49

32.94

35.39

6.30
0.96
1.12

6.30

5.40

Figure 13: Macroelement definition. Transversal
macroelement (blue) and longitudinal macroelement (red)
PLANTA

a)

b)

Figure 14: a) Longitudinal macroelement and b) Rigid element mesh
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a)

6.61

10.34

b)

10.30

MACROELEMENTO

FigureTRANSVERSAL
14: a) Longitudinal macroelement and b) Rigid element mesh

5.2 Constituve model
An exponential constitutive model was used for nonlinear analysis [3], in which the
compression behavior is defined only by the initial stiffness of the material and the maximum
compression strength as indicated in Table 1.
Table 1: Constitutive model parameters

Material

R1
(Mpa)

R2
(Mpa)

R3
(Mpa)

R4
(Mpa)

Young
Modulus
(Mpa)

Poisson
Modulus

Density
(Kg/m3)

Masonry

10.8

-1.08

6.963

-0.32

1000

0.2

1800

Vault
infill

4.904

-0.49

0.314

-0.15

500

0.2

1600

5.3 Longitudinal macroelement
The longitudinal macroelement has a high resistance and a high lateral stiffness as shown in
Figure 15, and for the whole seismic demand no damages were obtained, so that the considered
seismic demand does not cause any traction, compression or shear damages.
Seismic record

Traction damage degree
H shaking component

Traction damage degree
H+V shaking component

SAPP1709

Figure 15: Longitudinal macroelement traction damage for one of the seismic records
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5.4 Transversal macroelement
In the nave transverse direction, the structural behavior was similar for all the considered
seismic demand in terms of damage distribution, with moderate to extensive damage degrees
at the key and springers of the vaults and arches. Such damages can be associated to the crack
pattern observed in the vaults, and it is appreciated that the damage pattern does not change
significantly when the earthquake vertical component is involved in the analyses, attributing
such a situation to the reduced span of the nave of only 6.69m.
Seismic
record

Original record

Tr = 475 year scalling

Tr = 975 year scalling

H earthquake component traction damage degrees

H+V earthquake components traction damage degrees

PZPU1709

H earthquake component dynamic deformation

H+V earthquake component dynamic deformation

Figure 16: Transversal macroelement traction damages and dynamic deformations

The maximum lateral displacements are indicated in Table 2 for the considered seismic
demand, finding that the greatest differences between introducing only one or two components
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of the earthquake ground shaking were only 13% of surplus and 7% in the opposite case.
Therefore, for this particular church, the vertical component was favorable in introduce
earthquake compression loads on the elements, which tended to close the produced cracks. For
the Rigid program, values with zero displacement equal compression failure in some zone of
the structure, which indicates that the maximum displacement that the temple vault can tolerate
is less than or equal to 0.663cm.
Table 2: Transversal macroelement lateral displacements
Seismic
Record
HMTT1709
PBP21709
PHPU1709
PZPU1709
RABO1709
RFPP1709
SAPP1709
SXPU1709
THEZ1709

Original record
(cm)
H
H+V
0.274
0.255
0.240
0.257
0.506
0.503
0.438
0.424
0.282
0.278
0.429
0.380
0.663
0.658
0.168
0.172
0.476
0.489

Tr = 475 year scalling
(cm)
H
H+V
0.163
0.158
0.463
0.491
0.319
0.318
0.265
0.265
0.178
0.207
0.206
0.205
0.572
0.559
0.151
0.161
0.379
0.389

Tr = 975 year scalling
(cm)
H
H+V
0.234
0.233
0.000
0.000
0.000
0.000
0.604
0.601
0.261
0.000
0.274
0.275
0.000
0.000
0.233
0.221
0.468
0.000

Regarding the dissipated hysterical energy in the structure for the seismic demand without
scaling and with scaling, Table 3 shows a small variation between the horizontal component
exclusively and the combination of the horizontal with the vertical shaking. The greatest
differences were found for the scaled 475 year recurrence with an 8.88% value, so it is verified
that the dissipated hysterical energy differences were small. The zero value again implies
compression failure in some macroelement area.
Table 3: Transversal macroelement histeretic disipated energy
Seismic
Record
HMTT1709
PBP21709
PHPU1709
PZPU1709
RABO1709
RFPP1709
SAPP1709
SXPU1709
THEZ1709

Original record
(J)
H
H+V
4.16E+05
4.19E+05
8.06E+05
8.66E+05
5.55E+05
5.27E+05
1.17E+06
1.15E+06
7.58E+05
7.07E+05
7.39E+05
6.22E+05
8.59E+05
8.51E+05
1.85E+05
2.07E+05
6.68E+05
5.32E+05

Tr = 475 year scalling
(J)
H
H+V
1.45E+05
1.67E+05
1.35E+06
1.47E+06
3.08E+05
2.98E+05
6.79E+05
6.85E+05
3.04E+05
3.73E+05
3.24E+05
3.25E+05
6.58E+05
6.54E+05
1.76E+05
1.85E+05
3.77E+05
3.78E+05

Tr = 975 year scalling
(J)
H
H+V
2.93E+05
3.19E+05
0.00E+00
0.00E+00
0.00E+00
0.00E+00
1.79E+06
1.78E+06
6.28E+05
0.00E+00
5.06E+05
5.07E+05
0.00E+00
0.00E+00
2.74E+05
2.94E+05
7.18E+05
0.00E+00

To have a better damage degree indicator in the transverse direction of the nave, Table 4
shows the damage index (D) for the considered seismic demand without scaling and with
scaling, which were calculated using the Park, Ang and Wen [4] formulation for masonry
structures:
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𝐷𝐷 =

𝑈𝑈𝑚𝑚
𝜀𝜀
+
∫ 𝑑𝑑𝑑𝑑
𝑈𝑈𝑓𝑓 𝑞𝑞𝑢𝑢 ∗ 𝑈𝑈𝑓𝑓

(1)

Where: 𝑈𝑈𝑚𝑚 is the maximum response deformation, ∫ 𝑑𝑑𝑑𝑑 the incremental dissipated
hysteretic energy, 𝑈𝑈𝑓𝑓 is the ultimate deformation capacity under monotonic loading, 𝑞𝑞𝑢𝑢 the yield
strenght and ε a non-negative experimental constant equal to 0.075. The damage index is a
normalized amount, whose value is, by definition, between 0 and 1. The value of D equal to
zero denotes an undamaged structure, that is, the linear elastic behavior of the structure during
the earthquake, while a value greater than or equal to 1 denotes the failure of the structure, that
is, local or general collapse of the structure.
Table 4: Damage Index (D) for the transversal macroelement
Seismic
Record
HMTT1709
PBP21709
PHPU1709
PZPU1709
RABO1709
RFPP1709
SAPP1709
SXPU1709
THEZ1709

7

Original record
H
H+V
1.90
1.78
1.91
2.05
3.38
3.35
3.32
3.22
2.14
2.08
3.02
2.66
4.51
4.47
1.12
1.16
3.27
3.26

Tr = 475 year scalling
H
H+V
1.07
1.05
3.57
3.81
2.11
2.10
1.99
2.00
1.25
1.47
1.44
1.43
3.84
3.39
1.02
1.08
2.51
2.57

Tr = 975 year scalling
H
H+V
1.59
1.59
1.00
1.00
1.00
1.00
4.68
4.65
1.94
1.00
1.95
1.96
1.00
1.00
1.57
1.51
3.24
1.00

CONCLUSIONS

La Merced church in Morelia city, Mexico, has a high strength and stiffness in their
longitudinal walls and did not show any damage against the seismic demand produced by the
September 19, 2017 earthquake, however, in its transverse direction, the nave would suffer
local or global collapse before this seismic demand with and without scaling factors, which
derives in a critical scenario for the building in the future since there are currently slight
damages that would undoubtedly increase. With the above, it is essential to take urgent
structural measures for the church, in order to achieve an adequate future seismic performance
of this structure listed as a World Heritage Site since 1991 by UNESCO and thus avoid any
social or cultural loss.
REFERENCES
[1] León, R. Los orígenes del clero y la iglesia en Michoacán, 1525-1640. Colección Histórica

Nuestra No. 16, Instituto de Investigaciones Históricas, Universidad Michoacana de San
Nicolás de Hidalgo, in Spanish, (1997).
[2] Casolo S. and Peña F. Rigid element model for in-plane dynamics of masonry walls
considering hysteretic behaviour and damage, Earthquake Engineering and Structural
Dynamics (2007), 36: 1029-1048.

3063

L. Mejia, G. Martinez, B. Olmos and J.M. Jara

[3] Peña, F. RIGID (v.0.4.1) Programa de Elementos Rígidos para en Análisis Dinámico no

Lineal de Estructuras de Mampostería, Instituto de Ingeniería, Universidad Nacional
Autónoma de México, México (2010).
[4] Y. J. Park, Y.J., A. H‐S. Ang, A. H-S., and Wen, Y.K. Damage‐Limiting Aseismic Design
of Buildings. Earthquake Spectra (1987), 3:1, 1-26.

3064

M.A. Parisi,
Seismic
Damage
Y. Anzilotti,
Mechanisms
G.I. Fuentes
for Churches
Rivera,
and
G. Damage
SferrazzaSequence:
Papa andConsiderations
S. Barbo
from a Case
Study
12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

SEISMIC DAMAGE MECHANISMS FOR CHURCHES AND DAMAGE
SEQUENCE: CONSIDERATIONS FROM A CASE STUDY
MARIA A. PARISI1*, YLENIA ANZILOTTI1, GRACE I. FUENTES RIVERA1,
GESSICA SFERRAZZA PAPA1, STEFANO BARBÒ1
1

Department of Architecture, Built Environment and Construction Engineering (ABC)
Politecnico di Milano
Piazza Leonardo da Vinci, 32, 20133 Milano, Italy
*e-mail: maria.parisi@polimi.it

Keywords: Churches, Masonry, Seismic damage, Damage mechanism, Progressive failure
Abstract. Several high-intensity earthquakes have occurred in Italy in the last
decades, causing considerable damage to architectural heritage and pointing out the
particularly high seismic vulnerability of masonry churches. A significant research effort
has been devoted to develop specific methods for the damage analysis and the seismic
vulnerability assessment of these assets. An abacus of damage mechanisms recurring in the
church structural components has been developed and has become an important reference in
rapid assessment procedures as well as in more detailed analyses. In this perspective, the
damage occurred to a church during the Pianura Padana Emiliana (Emilia) Earthquake
of 2012 is analyzed here. The damage pattern reproduced, indeed, situations listed in
the abacus of mechanisms. The seismic response of the church has been analyzed with
different numerical approaches, with complete and with partial models that have allowed an
appreciable understanding of the global behavior and of the modality of damage
progressing into the mechanisms. The use of vector graphics software tools for 3D
modelling that have become available in recent times has allowed to thoroughly
understand the constructional complexity of the asset and, consequently, to develop
simpler but structurally significant models for numerical analysis.
1

INTRODUCTION

The numerous high-intensity earthquakes that have occurred in Italy in the last
decades have caused considerable damage and losses to the architectural heritage. The
damage toll taken by earthquakes has been particularly heavy on historic masonry
churches, which are especially vulnerable to seismic action due to their structural
characteristics. These circumstances have conveyed a significant research effort into
studying specific methods for
-analysing the damage to churches,
-in a prevention phase, assessing their seismic vulnerability [e.g. 1],
-assessing the validity of interventions for damage repair and for structural improvement.
The method of limit equilibrium has proven to be a powerful tool for both damage and
vulnerability analyses. An abacus of possible limit mechanisms that recur in the church
structural components, or macro-elements, has been developed. It is founded on a very ample
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base of observational data derived from different earthquakes and in different regions, thus
covering differences in constructional traditions and typologies, and it has become a widely
used reference in rapid assessment procedures as well as in more detailed analyses.
Specifically, a survey form is used to collect information on what damage mechanisms have
developed; for each mechanism, damage is graded referring to a scale from 1 to 5, where 5 is
the collapse state [2]. Extensive use of this reference in recent earthquakes has proven its
general validity, but also indicated possible further developments. These may regard
consideration of additional damage cases as well as a deeper understanding of the progression
of mechanism development. To this purpose, the post-earthquake observation and analysis of
damage cases remains a fundamental step for improving this additive knowledge.
Within this context, the damage occurred to a church during the Pianura Padana Emiliana
Earthquake of 2012 that produced extended damage to these assets [3] is interpreted here. The
church, built in the 18th century and located in a village in the province of Mantova,
presented severe damage in different areas, especially in the vaults covering the three naves.
For these elements, the damage pattern reproduced situations listed in the abacus of
mechanisms. The church façade, with an imposing tympanum according to the style of the
time, instead, reported only initial damage from an out-of-plane rotation of the tympanum,
and some more extended damage from a rotation of the entire façade, an unusual situation
crossing two different mechanisms.
In order to investigate this case, a meaningful representation of the original ground motion
is necessary. Earthquake recordings taken in the vicinity of the church for the two major
shocks satisfied this requirement.
A different but equally important need for these structures is the possibility of their
accurate representation, both for a thorough understanding of their constructional complexity
and for the subsequent step, that is, to develop simpler but structurally significant models for
numerical analysis [4]. The recent development of high-power software tools for 3D
modelling allows to visualize the shape of the asset but also to understand in detail its
geometry and its building process to a level not easily reachable before. On this basis, the
seismic response of the church has been analyzed with different approaches, with complete
and with partial models that have allowed an appreciable understanding of the global behavior
and of the modality of damage development, as described in the following sections.
2 REFERENCE DAMAGE MECHANISMS FOR CHURCHES
One of the most frequent damage modes in churches concerns the façade, which may fail
in different and typical ways depending principally on its geometry, on the quality of its
connection with side walls, on the presence of thrusts from the roof or other elements behind,
and the main direction of motion. Figure 1 reports typical façade mechanisms, taken from the
abacus mentioned above, with out-of-plane rotation of the entire façade wall or of the
tympanum. These mechanisms will be found in the case study analyzed. In-plane shear modes
may also occur in the façade element.
Another dominant failure mode associated to the transversal response of the building is the
out-of-plane failure of the nave walls, summarized also in fig.1. This mode occurs particularly
in those architectural styles where the walls of the central nave of three-nave churches are
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particularly slender, possibly with the presence of a clerestory. This failure mode may be the
result of interaction with heavy roof trusses or be triggered by non-restrained thrusts from the
arches and vault covering the central nave. It is particularly critical, as collapse of the top of
the wall most often causes the collapse of the vault or deprives the roof trusses of support,
resulting in their fall.
Vaults, which are structural elements particularly suitable to carry vertical loads, are
particularly sensitive to lateral forces from seismic action: they develop crack patterns
depending on the vault geometry.

Figure 1: Reference mechanisms for analyzing churches; at the top, façade out-of-plane mechanisms;
at the figure bottom, nave wall mechanisms (left) and crack patterns for vaults (right)

3. THE EMILIA EARTHQUAKE OF 2012 IN THE PROVINCE OF MANTOVA
In the month of May 2012, the territory of Emilia Romagna and nearby regions in northern
Italy were hit by an earthquake sequence, with seven main shocks having a moment
magnitude Mw higher than 5. Five of them occurred between May 20 and May 29, 2012.
The region stricken by this earthquake had no history of frequent or strong earthquakes. The
most significant one dated back to 1570 in Ferrara, in the eastern part of the area, and was
estimated as of Mw 5.46. The seismic hazard of the region had been classified at a low-tomoderate level only since 2003, when seismic design of buildings was enforced. Thus, until
recently also the new buildings were not designed according to seismic requirements. Lack of
awareness of seismic risk seems to have affected the traditional constructional practice that
did not include provisions adopted in other parts of the country. This situation caused
extended damage to new and old buildings in the Emilia region as well in the adjacent
provinces of Mantova and Cremona, in Lombardy, where a signicant number of cultural
heritage buildings and churches was damaged.
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Figure 2: Map of the major events in the 2012 Emilia earthquake (top) and the isoseism map in the area of
Mantova in the event of May 29 (bottom); the church of this case study is shown with a red dot
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With reference to fig. 2, top, showing the major events in the sequence, the province of
Mantova is located NW. Here, the most damaging shocks have been those of May 29, which
had a closer epicenter and which found a building stock already weakened by the previous
events.
Several churches in the area were built in the local expression of the baroque style, having
elements and proportions that made them particularly exposed to seismic damage. The church
investigated here is representative of this typology. Its location is shown in fig.2, within the
isoseism map of the May 29, 9:00 02 a.m. event.
4. DAMAGE STUDY
The earthquake series of 2012 severely damaged 129 churches of the diocese of Mantova,
amounting to 42 percent of the total. Damage surveys that were carried out in the immediate
post-earthquake period to assess the situation over the territory made reference to the abacus
of possible mechanisms. While this reference has allowed homogeneity in treating and
comparing the many cases examined, some situations that were difficult to interpret have
suggested to investigate in more detail the damage occurred and the modality in which it
developed.
4.1 The church of San Bartolomeo at Quistello
The church of San Bartolomeo at Quistello has been chosen for a study because it is
representative of many similar assets both in terms of architectural characteristics and of
extension and type of suffered damage. The façade before the earthquake is shown in fig. 3.
Each space defined in the plan is covered by vaults, separated by arches, and by a dome at the
midplan, in a complex pattern shown in fig. 4.
Reports on the historical documentation was available and could be consulted for this church,
which permitted to retrace interventions and modifications carried out at different times. A
recent detailed study by diagnostic testing evidenced a good quality of brick masonry.
During the earthquakes of 2012, the many seismic shocks that occurred from the 20th and
particularly on 29th of May heavily damaged the church that reported collapses of the vaults
and wide cracks on many bearing walls of the central nave, as well as the collapse of the roof
behind the façade. The event of the 20th of May caused out of plane, overturning cracks on
the façade in the proximity of the gable and the overturning toward the interior of the marble
element supporting the cross, at the top of the façade, that collapsed into the roof. The fall of
such non-structural element caused damage to the roof behind the façade and to the counterfaçade vault underneath. This kind of damage was observed in other churches in the area.
The second important shock of the 29th of May, at 9:00 a.m., deteriorated further the
situation. Many of the vaults collapsed, causing additional damage to decorations and other
art elements below. The damaged vault behind the façade fell, entailing the collapse of the
organ, see fig. 5.
Other elements and parts of the church were also severely damaged. Important cracks opened
in the entablature above the arches along the central nave as well as in those between the
chapels. In many cases they reached the vaults above, as in fig. 6. The apse developed
numerous inclined cracks, which are frequently found in such element: a situation that has
been listed in the abacus of typical mechanisms.
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.
Figure 3: The church of San Bartolomeo Apostolo at Quistello

North

Figure 4: The plan and the vault system

The façade usually suffers severe damage, either locally due to overhanging parts and little
restrained areas, or globally, when the façade is badly connected to the nave walls. This
situation is frequent for architectural and construction reasons and usually evolves into the
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detachment and out-of-plane rotation of the entire façade wall [e.g. 5, 6]. Façade damage
modes, for their importance, are the first indicated in the abacus of mechanisms. Here they are
shown in fig. 1. Yet, in San Bartolomeo only some limited damage to the gable top was
found, together with an initial global rotation of the façade, that is, two façade mechanisms
seemed to have developed but the first only to a small extension. In order to investigate the
structural behavior of the church and follow the development of its seismic response that
brought to the observed damage, a series of numerical analyses were planned. A detailed
geometric model and different numerical ones were developed to this purpose.

Figure 5: Collapse of the vault behind the façade

.
Figure 6: Cracks in the arches along the nave and transversal to it.
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5 THE MODELS
The information available on the building was basically in traditional two-dimensional
formats. The creation of a three-dimesional (3D) model by vector graphics software [7] was a
fundamental step toward a thorough understanding of the church in its construction process,
its composition, as well as its present state. The correct representation of the vault system
requires particular effort, yet this process brings to a deep understanding of the system in its
complexity. In the development of the architectural model, attention was paid to select options
that would facilitate the subsequent translation to a numerical model for finite element
structural analysis. Figures 7 and 8 show global renderings of the architectural model and the
finite element model, which was formed with over 103000 nodes and 57100 elements. Shell
elements were used for vaults and solid elements for the other parts. The final model included
the roof structure, following damage observations that indicated its positive interaction with
walls in the response, [e.g. 8].

.
Figure 7: the vault system and a general view of the church model

Figure 8: the finite element mesh
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5. NUMERICAL ANALYSES
Different types of analysis were carried out on the model for an in-depth view of the
structural behaviour. In the elastic field, after a static analysis to assess the general stress
levels and distribution in normal loading conditions, a modal analysis was performed to
investigate the characteristics of the dynamic response. The first periods are around 0.3
seconds, a reasonable value for these structures. The first three modes are in fig. 9. While the
second mode is transversal and involves the main body of the church including the vault
system, the main mode and the third both concentrate mainly on the façade. Their modal
shapes resemble the corresponding damage mechanisms. The modes indicate, thus, an
enhanced out-of-plane deformability of the gable that could possibly evolve into the
corresponding damage pattern, which is somewhat inconsistent with the actual outcome that
saw little damage to this part. This question has been the particular focus of further analyses.

Figure 9: first and third modal shape (top) and second modal shape with two views (bottom)

In order to perform seismic analyses, reference has been made to recordings from the
station of Poggio Rusco, the closest to the area, in the EW direction, making reference to the
event of May 29 at 9: 00 02 a.m., which had been the most damaging. The response spectrum
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derived from the recording is shown in fig. 10, together with the elastic design spectrum with
return period of 475 years given by the Italian Design Code at the church coordinates.

Figure 10: response spectrum

The aim of a response spectrum analysis was to find the general distribution of
stresses and the most solicited elements, until damage would become significant. Once
more, the façade top appeared to concentrate the highest stress levels clearly showing
out-of-plane bending, as in fig. 11. Vaults and arches, especially those close to the
façade, also appeared in critical conditions.
In order to clarify the behavior of the façade, a limit equilibrium analysis modeling the
overturning of the gable was performed with non-linear kinematic approach. The
acceleration activating the mechanism resulted lower than the peak ground acceleration
and the spectral acceleration occurred during the earthquake, once more indicating
failure of this element.

Figure 11: tensile stress distributions, where blue is null and red the maximum value
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The analyses discussed so far could not consider the effect of duration of the
earthquake, and of possible variations in the structural behavior with time. In order to
shed light on this point, a nonlinear time-history analysis was performed. The
nonlinearity of the material was modeled through a concrete plasticity model available in
Abaqus [9] and calibrated for masonry, as several cases found in the literature suggested.
Nonlinearity and the size of the full model would require an unreachable computational
effort. Since the focus of this analysis was the front area, only this part has been studied,
with reference to the significant duration of motion [10].
In order to adopt a reduced but significant model, extension and boundary conditions
of the reduced models have been based on a calibration comparing periods and modes of
the reduced part with the full model. The final simplified model, shown in fig. 12, had
31336 finite elements, which made computations still demanding but feasible on a high
capacity computer.

Figure 12: reduced model for nonlinear analysis

Figure 13: development of displacements at the vertex (blue, dark line) and at the connection of façade and vault
(green, light line), see arrows, and model in damaged conditions along the red line

Results may be summarized making reference to fig. 13. An initial oscillation occurs
at the top, until the connection of the façade with the back part deteriorates; at this time,
the entire façade is weakly restrained and a trend toward a full façade rotation sets in.
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Meanwhile, larger displacements occur at the vault, now separated from the façade,
bringing to its collapse. A switch from an initial gable mechanism to a façade
overtopping one has avoided further development of the first; damage in the second has
also developed partially. The situation could not be described without a time history
analysis, but the reference to codified damage mechanisms has helped in pointing out
this particular situation.
7 CONCLUSIONS
-

-

The usefulness of making reference to a classification by mechanisms for damage
description has once more been confirmed.
For the façade, response spectrum and limit equilibrium analyses had indicated the
out-of-plane failure of the tympanum as the first mechanism likely to develop. The
real damage was better interpreted by a non-linear time-history analysis showing the
initial involvement of the tympanum subsequently controlled by the establishing of a
global façade mechanism.
Recent possibilities of geometric representation of 3D models with vector graphics
proved to be a step forward in the understanding of complex existing structures.
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Abstract. The Forbidden City, the former Chinese imperial palace, now houses the Palace
Museum. It is not only famous for its splendid wooden palace complex, but also prestigious for
the millions of precious artefacts stored. The Forbidden City is located in the center of Beijing,
which is a high seismic hazard zone. Wooden structures usually perform well during
earthquakes because of their large deformation and damping capacities. Meanwhile, most
artefacts are fragile due to their delicate shapes and aging issues, and also due to their
unanchored place form. Only a few of those artefacts are on exhibit, while most of the others
are placed in cabinets and stored in warehouses. This paper focuses on seismic protection of
these cabinet stored artefacts. Considering the tremendous amount and the rigorous
requirements for moving the artefacts, base isolation is not a favored method. Using base
isolation requires lifting the artefacts or cabinets while installing isolation bearings and this is
very time consuming because of the rigorous requirements for moving artefacts. Also, artefact
damage might happen during this process. Thirdly, much more spaces are required to
accommodate the potential isolation deformation. Considering all these adverse aspects, this
paper tries to use dampers to connect all adjacent cabinets to enhance the integrity and
increase the damping ratio and thus protect the stored artefacts. This method is applicable for
both new and existing cabinets. No artefact movement and extra space are required. All the
dampers are installed with mechanical buckles and the whole installation is reversible. In order
to validate the effectiveness of this method, shake table tests and finite element analyses based
on practical cabinet layout with and without this damping method are designed and conducted.
Ten ground motions are chosen and used to conduct fragility analyses. The cabinet sliding
displacements are chosen as the damage index. Seismic fragility curves of the cabinets with
and without dampers are plotted and compared. Results demonstrate the effectiveness of the
proposed damping method.
1

INTRODUCTION

The Forbidden City, the former Chinese imperial palace, now houses the Palace Museum.
Currently, more than 1.80 million pieces of artefacts are stored here. Dedicate shapes, brittle
materials and aging issues are the major reasons why many of the artefacts are fragile.
Meanwhile, Beijing, where the Forbidden City seats, is an earthquake prone area and thus the
seismic damage risks of these invaluable treasures are high. Past earthquakes have
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demonstrated that tremendous damage to artefacts might be caused due to earthquakes. For
example, during the 2008 Wenchuan earthquake, 4379 pieces of artefacts damaged, including
208 pieces of high value [1].
In order to reduce the potential adverse consequences caused by earthquakes, the dynamic
response characteristics of artefacts and related floating items under earthquakes have been
researched [2-11]. Many methods, both traditional and innovative, have been proposed and used
[12-20]. As illustrated in Figure 1, nylon lines are used to offer extra constrains. Side support
are added at the horse leg. Clamps are used to fix the vase and prevent the vase overturn.
Meanwhile, modern methods like base isolation have also been used. The acceleration
responses of the floating items could be significantly reduced.

(1) Nylon lines

(2) Side support
Figure 1: Traditional methods used to protect artefacts

(3) Base fixation

Both traditional and innovative methods have been demonstrated effective. The problem is
the awareness of taking seismic measures. The vast majority are just left there without any
seismic protections. As for the numerous treasures in the Palace Museum, most of them have
not been properly seismic protected. Another factor needs to be considered is that only a few
of these artefacts are exhibited while most of the others are stored in the warehouse. It is not
practical to take measure like nylon lines to protect each artefact because there is too much
work, and this will cost years to complete. Besides, there are the risks that damage might be
caused during the seismic protection process instead of earthquake itself. Base isolation has the
same issues. The artefacts need to be moved during the application.
To protect these artefacts while avoiding unnecessary movement of these artefacts, a
compromise method is advocated. Since most of the artefacts are placed in the cabinets and are
stored in warehouses, silicon dampers are used to connect these cabinets to increase the system
damping and integrity during earthquakes. The dynamic responses of the cabinets are expected
to be decreased and those cabinet stored relics are to be protected. Numerical simulations and
shake table tests are used to validate this method.
The numerical simulations are first presented and the shake table test results are then
discussed.
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2

NUMERICAL SIMULATIONS

In the numerical simulation, the cabinets are established with SHELL element. The dampers
are established with two-node combination damper element. The static friction coefficient is
set as 0.2 and related dynamic friction coefficient is set as 0.16. The models with and without
dampers are shown in Figure 2. The plane layout is plotted in Figure 3. The size of the cabinets
is 1200 mm × 600 mm × 2000 mm (height). There are two types of cabinets with different
masses, which are 200 kg and 400 kg, respectively. As for the damper parameters, the velocity
exponent θ is 0.25. The damping coefficient is set as 5.0 kN(s/m)θ.

(1) Without dampers
(2) With dampers
Figure 2: Numerical models with and without dampers

Figure 3: Plane layout of the cabinets
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Ten ground motions are chosen and used to conduct the fragility analyses. The information
is listed in Table 1. Related acceleration spectra at X direction are plotted in Figure 4.
Table 1: Ground motions in the numerical analyses

No.
01
02
03
04
05
06
07
08
09
10

Earthquake name
'Mammoth Lakes-01'
'Chi-Chi, Taiwan'
'Cape Mendocino'
'Imperial Valley-06'
'Kocaeli, Turkey'
'Imperial Valley-06'
'Chi-Chi, Taiwan'
'Chi-Chi, Taiwan'
'Kocaeli, Turkey'
'Trinidad'

Year
1980
1999
1992
1979
1999
1979
1999
1999
1999
1980

Station
'Long Valley Dam (Upr L Abut)'
'CHY036'
'Rio Dell Overpass - FF'
'Delta'
'Yarimca'
'Calipatria Fire Station'
'CHY034'
'NST'
'Duzce'
'Rio Dell Overpass, E Ground'

Magnitude
6.06
7.62
7.01
6.53
7.51
6.53
7.62
7.62
7.51
7.2

Focal distance
15.52
44.74
24.55
35.17
25.07
58
46.82
89.2
99.52
78.22

Figure 4: Acceleration spectra of the 10 input ground motions at X direction
Table 2: Damage states
Damage State
DS0
DS1
DS2
DS3

Description
Intact
Slight
Moderate
Severe

Residual lateral dispalcement (mm)
(0,10]
(10,100]
(100,200]
(200,above)

In the numerical simulations, IDA analyses are conducted. The resolution of the PGA
increment is 0.1 g. The residual lateral displacement is chosen as the damage state (DS). Four
DSs are defined and listed in Table 2. The numerical fragility results are listed in Table 3. In
the table, results at different DSs with and without the damping systems are listed,
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corresponding fragility curves are plotted in Figure 5.
It can be seen from the results that dampers are effective. The sliding distances are reduced
with the use of dampers. As the PGA increases, the effectiveness also increases.
Table 3: Fragility results of the cabinets
PGA/g
0.1
0.2
0.3
0.4
0.5
0.6
0.7
0.8
0.9
1.0
1.1
1.2
1.3
1.4
1.5
1.6
1.7
1.8
1.9
2.0
0.1
0.2
0.3
0.4
0.5
0.6
0.7
0.8
0.9
1.0
1.1
1.2
1.3
1.4
1.5
1.6
1.7
1.8
1.9
2.0

Damage probability without dampers
DS1
DS2
DS3
27.84%
0.00%
0.00%
62.54%
0.01%
0.00%
80.24%
1.02%
0.28%
89.01%
8.87%
2.92%
93.56%
27.53%
11.26%
96.06%
50.69%
25.56%
97.50%
70.42%
42.59%
98.36%
83.80%
58.72%
98.89%
91.67%
71.89%
99.24%
95.89%
81.61%
99.46%
98.02%
88.32%
99.61%
99.07%
92.74%
99.72%
99.56%
95.55%
99.79%
99.80%
97.30%
99.84%
99.90%
98.37%
99.88%
99.96%
99.02%
99.91%
99.98%
99.41%
99.93%
99.99%
99.65%
99.95%
100.00%
99.79%
99.96%
100.00%
99.87%
27.84%
0.00%
0.00%
62.54%
0.01%
0.00%
80.24%
1.02%
0.28%
89.01%
8.87%
2.92%
93.56%
27.53%
11.26%
96.06%
50.69%
25.56%
97.50%
70.42%
42.59%
98.36%
83.80%
58.72%
98.89%
91.67%
71.89%
99.24%
95.89%
81.61%
99.46%
98.02%
88.32%
99.61%
99.07%
92.74%
99.72%
99.56%
95.55%
99.79%
99.80%
97.30%
99.84%
99.90%
98.37%
99.88%
99.96%
99.02%
99.91%
99.98%
99.41%
99.93%
99.99%
99.65%
99.95%
100.00%
99.79%
99.96%
100.00%
99.87%

PGA/g
0.1
0.2
0.3
0.4
0.5
0.6
0.7
0.8
0.9
1.0
1.1
1.2
1.3
1.4
1.5
1.6
1.7
1.8
1.9
2.0
0.1
0.2
0.3
0.4
0.5
0.6
0.7
0.8
0.9
1.0
1.1
1.2
1.3
1.4
1.5
1.6
1.7
1.8
1.9
2.0
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Damage probability with dampers
DS1
DS2
DS3
20.25%
0.00%
0.00%
54.42%
0.00%
0.00%
74.63%
0.48%
0.12%
85.42%
5.10%
1.42%
91.28%
18.53%
6.26%
94.59%
38.56%
15.98%
96.54%
58.72%
29.44%
97.72%
74.64%
44.17%
98.46%
85.40%
57.95%
98.93%
91.97%
69.55%
99.25%
95.72%
78.60%
99.46%
97.77%
85.30%
99.61%
98.85%
90.06%
99.71%
99.41%
93.37%
99.78%
99.70%
95.61%
99.84%
99.85%
97.11%
99.88%
99.92%
98.11%
99.90%
99.96%
98.76%
99.93%
99.98%
99.19%
99.94%
99.99%
99.47%
20.25%
0.00%
0.00%
54.42%
0.00%
0.00%
74.63%
0.48%
0.12%
85.42%
5.10%
1.42%
91.28%
18.53%
6.26%
94.59%
38.56%
15.98%
96.54%
58.72%
29.44%
97.72%
74.64%
44.17%
98.46%
85.40%
57.95%
98.93%
91.97%
69.55%
99.25%
95.72%
78.60%
99.46%
97.77%
85.30%
99.61%
98.85%
90.06%
99.71%
99.41%
93.37%
99.78%
99.70%
95.61%
99.84%
99.85%
97.11%
99.88%
99.92%
98.11%
99.90%
99.96%
98.76%
99.93%
99.98%
99.19%
99.94%
99.99%
99.47%
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1.0

Probability

0.8
0.6
Non-Slight
Non-Moderate
Non-Severe
Damper-Slight
Damper-Moderate
Damper-Severe

0.4
0.2
0.0
0.0

0.5

1.0
PGA (g)

1.5

2.0

Figure 5: Fragility curves of the cabinets with and without dampers

3

SHAKE TABLE TESTS

Shake table tests are also conducted to validate the effectiveness of this method. Two types
of cabinet layout are tested and shown in Figure 6. Three sets of three-dimensional ground
motions at three different PGA levels are input. The PGA at 0.20 g, 0.40 g and 0.62 g are tested
[21]. The acceleration amplitude at three directions are set as X: Y: Z= 1.00: 0.85:0.65. Iron
blocks are placed in the cabinets to simulate the floating relics. The test phenomenon are
presented in Figure 7. The acceleration and relative displacement responses of the cabinets are
plotted in Figure 8.
It can be seen from the phenomenon that (1) the sliding distances of the floating brick are
smaller with dampers than without dampers. (2) The sliding distances of the cabinets are also
smaller with dampers than without dampers. (3) Less cabinet doors opened during earthquake
with dampers. Meanwhile, the response histories shows that both acceleration and relative
displacements can be reduced. The relative displacement is significantly reduced.

(1) Layout A

Figure 6: The shake table test layouts
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(1) Without dampers, Layout A, PGA 0.20 g

(2) With dampers, Layout A, PGA 0.20 g

(3) Without dampers, Layout A, PGA 0.40 g

(4) With dampers, Layout A, PGA 0.40 g

(5) Without dampers, Layout B, PGA 0.62 g
(6) With dampers, Layout B, PGA 0.62 g
Figure 7: Traditional methods used to protect artefacts
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Figure 8: Acceleration comparison at Layout A, 4# cabinet, PGA=0.62 g under Tangshan earthquake
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Figure 9: Relative displacement comparison at Layout B, 12# cabinet, PGA=0.20 g under Tangshan earthquake

4

CONCLUSIONS

Floating artefacts, as treasures to the whole society, have not been fully seismically protected.
With the increasing awareness of seismic protection, measures are expected to be taken.
Considering the potential work amount and the risk of artefact damage during the seismic
protection application, a compromise measure is proposed and researched for the cabinet stored
relics. The cabinets are connected with dampers to increase the system integrity and damping.
The stored relics are not directly touched or moved. Numerical simulation and shake table tests
are conducted to validate the effectiveness of this method. Fragility curves of the cabinets are
plotted. Results shows that the acceleration responses and lateral sliding distances of the
cabinets can be reduced. As the PGA of the input ground motion increases, the effectiveness
increases.
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Abstract. A “dozo-dukuri” is a type of traditional Japanese building characterized by a
box-shaped wall structure built with thick earthen walls. This structure is referred to as the
dozo structure in this paper. However, very little information on the seismic performance of
dozo structures have been provided in the literature. Therefore, we performed a horizontal
loading test on full-scale walls produced based on survey results and specifications of earthen
walls around the northern Kanto region to determine the walls’ structural performance when
receiving a horizontal force (e.g., an earthquake). As a case study, the seismic performance of
an existing building was evaluated using the test results. The case study results indicate that if
the maximum response deformation angle is equal to that in the calculation result or less, the
possibility of a building collapse due to the assumed ground motion is low.
1

INTRODUCTION

Methods of mixing soil with organic fibers, such as straw, and fixing soil on a substrate
knitted with bamboo or wood have been used for construction worldwide [1–7]. Earthen walls
have also been used in Japan since a long time ago. A type of traditional Japanese building is
the “dozo-dukuri,” which is a box-shaped wall structure built with thick earthen walls. The
structure is referred to herein as the dozo structure. Figure 1 shows examples of dozo structures,
including “misegura,” which are dozo townhouses intended to be multiuse shops or dwellings,
and storehouses, called “dozo.” The northern Kanto region and their surroundings form a
distinctive historical townscape because these traditional Japanese buildings built from the end
of the Edo Period to the early Showa Period (approximately 70–180 years ago) were constructed
in rows and clusters. Dozo structures have earthen walls that are 200–300 mm thick at their
outer circumference for protection against fire. Although originally used as warehouses, these
structures came to be used as stores, parlors, and other kinds of buildings in modern times.
The traditional townscapes and dozo structures of the Kanto region were seriously damaged
in the 2011 Tohoku Region Pacific Offshore earthquake [8,9]. The Kumamoto and Tottori
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earthquakes that occurred in 2016 also caused significant damage to the shear walls of the dozo
structures, and their restoration is still ongoing. Damage to historical structures not only creates
a safety hazard for people in and around them, but also strikes a blow to the vitality of a
community. Therefore, their seismic performance must be understood, and measures for
damage reduction must be taken. However, there is little information on the seismic
performance of dozo structures. Therefore, we must create an evaluation method of the seismic
performance of these traditional and existing houses and buildings.
This study performs a horizontal loading test on full-scale walls produced based on the
specifications of the earthen walls around the northern Kanto region to determine the walls’
structural performance when experiencing horizontal force (e.g., an earthquake). As a case
study, the seismic performance of the existing building is then evaluated using the test results.

(a) Misegura

(b) Dozo
Figure 1: Examples of dozo structures

2 SPECIFICATIONS OF THE EARTHEN WALLS USED IN DOZO STRUCTURES
Figure 2 shows a detailed view of the inner earthen wall after the sampling survey. Figure 3
depicts a detailed cross-sectional view around a pillar. Table 1 presents the specifications of the
earthen walls around the northern Kanto region observed from the surveys. The following
procedure was used to identify the details and processes of the walls. (1) We interviewed skilled
technicians (carpenters and plasterers); (2) conduct a field survey to measure features such as
the size and placement of the bamboo and penetrating tie beam inside the earthen wall from
walls where the mud had peeled off; and (3) cut out the wall of a storehouse to be demolished.
Two types of mud, namely, rough wall mud and intermediate coating mud, were used in the
earthen walls. The rough wall mud was clay mixed with straw that was approximately 50 mm
long and kneaded with water. The intermediate coating mud was clay mixed with sand and
fibrous straw that was approximately 20–30 mm long and kneaded with water.
Traditional Japanese wooden structures feature walls constructed with exposed timber pillars,
but in dozo structures, thick earthen walls were used to cover the outside pillar. Therefore, the
base layer bamboo was not split, and round bamboo was used. First, an inner horizontal bamboo
was hung between the pillars on both sides in a frame, and a vertical bamboo was installed on
the outside. An outer horizontal bamboo was placed into a sawblade-shaped bracket cut out of
the pillar, such that the weight of the mud was transferred from the outer horizontal bamboo to
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the pillars. The bamboo intersections were tightly tied with a straw rope to produce a solid
substrate.
In constructing parts of the wall, where the cross-section became smaller due to the timber
frame, the rough wall, longitudinal rope, barrel roll, and straw rope were densely arranged to
maintain mud integrity. Furthermore, when increasing the wall thickness, rough wall mud was
used with intermediate coating mud thinly plastered to reinforce the fixing of the rough wall
mud and smoothen the wall surface. Then, the walls were retouched, and the finishing materials
were plastered.

Figure 3: Detailed cross-sectional view

Figure 2: Details of the dugout wall interior

Table 1: Specifications of the earthen walls around the northern Kanto region
Materials
Penetrating tie beam

Specifications
Size

Thickness: 30 mm Height: 120 mm

Pitch

909 mm

Size
Inner horizontal bamboo (Furring of bamboo)
Outer horizontal bamboo
Vertical bamboo

Shape

Diameter: about 25-30 mm
Round bamboo
Inner horizontal bamboo: 2 (Between the upper and lower penetrating tie beams)

Pitch

Outer horizontal bamboo: about 100 mm
Vertical bamboo: about 120 mm

Mud

3

Thickness

about 150-250 mm
(The wall thickness changes according to the needs of the owner.)

STRUCTURAL PERFORMANCE EVALUATION OF THE EARTHEN WALLS

3.1 Specimen overview
This research included the construction and load testing of two specimen types, as described
in Figure 4. The Type A specimen, which was of the framework only, was used to confirm the
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effect of the penetrating tie beams. Meanwhile, the Type B specimen was used to clarify the
strength, deformation performance, and damage state of the original earthen wall of a dozo

(a) Type A

(b) Type B
Figure 4: Schematic of the specimens

Figure 5: Shapes and dimensions of the Type B specimen
Table 2: Outline of elements and specifications
Elements

Specifications
Material

Japanese cedar

Size

Width 130mm x Depth 130-150mm
(Bracket 20mm)

Pillar

Type A
Type B

Foundation
Beam
Penetrating tie beam

Type B

Material

White cedar

Size

150mm x 150mm

Material

White cedar

Size

Width 150mm x Depth 210mm

Material

Japanese cedar

Size

Width 30mm x Depth 120mm

Wedge

Material

White cedar

Surface protection of penetrating tie beam

Material

Rush (Ryukyu) L=250mm

Material

Long-jointed bamboo (Madake)

Bamboo
Mud wall

Size

Diameter: 20-30mm

Thickness

Plan: 200mm Product: 204mm
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structure. The Type B specimen was constructed based on the specifications clarified in the
earlier survey, such as including bamboo fitting in the wall, production process, and preparation
of the wall mud plaster (i.e., rough wall mud and intermediate coating mud).
Figure 5 shows the shapes and dimensions of the Type B specimen. Table 2 presents the
materials and specifications used. The specimen shapes and dimensions and the materials used
were basically the same (i.e., width: two 910 mm spans and height: 2730 mm). The joint
between the pillar and the horizontal frame was shaped such that the pillar end did not touch
the horizontal frame, even in the case of a significant deformation. By doing so, we ignored the
resistance caused by the pillar sinking into the horizontal frame; hence, we could observe only
the wall panel performance.
Table 3 lists the composition of the rough wall mud and the intermediate coating mud used
in the test specimens. Figure 6 illustrates the compression strength tests for the two types of
mud performed according to the method developed by the Japanese Housing and Wood
Technology Center [10]. Table 4 presents the compression strength test results. Figure 7 shows
the stress–strain curves with an average of six samples.
Table 3: Mud type and preparation
Rough wall mud
Intermediate coating mud

About 60-70 kg of straw per cubic meter of cray
Cray: 10kg, sand: 15kg, Fibrous straw: 300g, Water: 7-8L

Table 4: Compression strength test results of the mud
Maximum compression strength
[N/mm2]

Density

Min.

Max.

Average

[g/cm3]

43

0.371

0.391

0.378

1.30

41

0.700

0.801

0.758

1.62

Thickness
[mm]

Number of
samples

Age
[day]

Rough wall mud

70

6

Intermediate coating mud

70

6

Compressive stress (N/mm2)

Sample

Figure 6: Situation of the material tests

0.8
Intermediate coating mud

0.6

Rough wall mud

0.4
0.2
0

0

0.02

0.04
0.06
Strain

0.08

0.1

Figure 7: Stress–strain curves with an average of six samples

3.2 Load-measuring method
Measurement and loading were performed using the method in Figure 8. Positive and
negative alternating loading by displacement control was performed. The loading schedule of
gradually increasing the shear deformation angle to 1/600 rad, 1/450 rad, 1/300 rad, 1/200 rad,
1/150 rad, 1/100 rad, 1/75 rad, 1/60 rad, 1/50 rad, 1/40 rad, and 1/30 rad in three cycles was
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followed by one cycle of 1/20 rad loading. Finally, we applied loading (deformation angle:
approximately 1/7 rad) to pull up to the allowable jack stroke.
The measurement items common to all the specimens were horizontal load, horizontal
displacement of the beam and foundation, lifting displacement of pillar bases, and axial strain
of the pillar top/base fixing bolts. In the Type B specimen, we regarded the crack occurrence
and the main crack width when each controlled deformation was reached.
Anti-swing device
+

Disp. gauge

+

H=2730mm

Actuator
Disp. gauge

Anti-swing device
-

Actuator

Disp. gauge

Bolt

Bolt
Disp. gauge

Disp. gauge

(a) Outdoor side

Disp. gauge

1820mm

Bolt
Disp. gauge

(b) Indoor side

Figure 8: Methods of measurement and loading

3.3 Test results

40
30
20
10
0
-10
-20
-30
-40

Horizontal load (kN)

Horizontal load (kN)

Figure 9 displays the relationship between the horizontal load and the shear deformation
angle of the type A and B specimens as obtained from the loading tests. The strength of the
Type A wall was significantly less than that of the Type B specimen. However, as the
deformation increased, the proof strength, which continued to increase with the deformation,
was confirmed even if the deformation reached 1/7 rad or more because the resistance caused
by the penetrating tie beams sinking into the pillars became larger. The maximum proof strength
of the Type B specimen was 37.1 kN. The deformation angle at that time was 1/30 rad.
Figure 10 shows the skeleton curves during the positive loading of the type A and B
specimens and the restoring force of only the mud wall panel subtracting the Type A specimen
from Type B at the same deformation. After the maximum proof strength was obtained, the
resistance strength of the mud wall panel decreased; however, with Type A, the resistance
strength of the penetrating tie beams increased with the horizontal deformation. We confirmed

Type A
-75
-25
25
75
125
Shear deformation angle (x10-3 rad)

40
30
20
10
0
-10
-20
-30
-40

Type B
-75
-25
25
75
125
Shear deformation angle (x10-3 rad)

Figure 9: Relationship between the horizontal load and the shear deformation angle
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the toughness of the thick earthen walls by maintaining a proof strength of 84% or higher of the
maximum up to the final deformation by balancing the mud wall panel resistance and the
penetrating tie beam resistance.

40
35
30
25
20
15
10
5
0

1/15rad
Analysis model Wall panel + Tie beams
20
(TypeB)

0

25

Tie beams only
(TypeA)

15

Wall panel only
(TypeB-TypeA)

5

50
75
100
125
Shear deformation angle (x10-3rad)

10

150

Figure 10: Skeleton curve comparison during positive loading

Figure 11: Elevation view of the target building

(a) 1st floor
(b) 2nd floor
Figure 12: Plan view of the target building

3093

0

Horizontal load
per unit length (kN/m)

Horizontal load (kN)

1/50rad 1/30rad

Hajime Yokouchi, Yoshimitsu Ohashi

4

CASE STUDY ON THE SEISMIC PERFORMANCE OF THE EXISTING BUILDING

4.1 Target building overview
The building is a two-story dozo structure located in a city in Tochigi Prefecture. It has 10
spans in the X direction and six spans in the Y direction and was constructed more than 150
years ago. Figures 11–12 show the elevation and plan views of the building used as a case study
model, respectively. The building weight was evaluated using the weight per unit area shown
in Table 5. The weight of the first story is 279.1 kN, while that of the second story is 167.2 kN.
Table 5: Weight per unit area for the building weight evaluation
Elements

Weight per unit area
Tile-roofing

Roof

600N/m2

Per roof area

Roof truss

250N/m2
3204N/m2

Earthen wall
Outer wall

Per wall area

Framework

150N/m2
100N/m2

Weather-board
Cross member

2nd floor

Per floor area

Floor board

2nd floor fittings
Live load

(Evaluation only on the second floor)

170N/m2
150N/m2

Per elevation surface

200N/m2

Per floor area

600N/m2

4.2 Evaluation method of the seismic performance

Acceleration response (m/sec2)

We verified the seismic performance against extremely rare earthquakes (large earthquakes)
of the Japanese seismic design standard by calculating the response and the limit strength. the
evaluation of seismic performance by calculating the limit strength was performed following
the manual of the Japan Structural Consultants Association as a reference [11].
The acceleration response spectrum used for the seismic evaluation is a spectrum for an
extremely rare earthquake defined in the Japanese seismic design standard. Here, the ground
surface amplification was evaluated according to the simplified method of the Japanese seismic
16

h=5%

14

Ground surface

12
10
8
6
4
2
0

Open engineering bedrock
0

0.5

1
Natural period (sec)

1.5

Figure 13: Acceleration response spectra (h = 5%)
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Shear force (kN)

Shear force (kN)

design standard. Figure 13 shows the acceleration response spectra (h = 5%) at the open
engineering bedrock and the ground surface amplification.
All the horizontal strength resistance elements must be added to accurately evaluate the
restoring strength characteristics of a building. Examples of the horizontal strength resistance
element of the target building included the earthen and hanging walls and bearing of penetrating
beam and timber connection, among others. However, the contribution of the strength of the
full surface earthen walls arranged to surround the outer periphery of the building was very
dominant; hence, the restoring strength characteristic of the building was simply evaluated
herein considering only the full surface walls. Figure 10 shows the skeleton curve used for the
calculation in comparison with the horizontal loading test results. The restoring strength
characteristic of the target building was evaluated by multiplying the horizontal strength per
unit length, which was calculated by dividing the horizontal strength of the test result by the
specimen width of 1.82 m, by the wall length for each floor and direction. Figure 14 illustrates
the restoring strength characteristics of each story and the equivalent single degree of freedom
(SDOF) model in each direction. The base shear coefficients at the maximum proof strength
were 0.75 and 0.46 in the X and Y directions, respectively.

2nd story
1st story
SDOF model
0

10

20
30
40
50
60
70
Shear deformation angle (x10-3rad)

80

400
350
300
250
200
150
100
50
0

2nd story
1st story
SDOF model
0

10

20
30
40
50
60
70
Shear deformation angle (x10-3rad)

(a) X direction

80

(b) Y direction

Figure 14: Restoring force characteristics

4.2 Seismic performance evaluation results
Figure 15 shows the structural characteristic curves (Sa–Sd spectra) of the SDOF model.
Table 6 presents the maximum response deformation angle and the base shear coefficient at
that deformation. The maximum response deformation angles of the first story (i.e., 1/42 rad in
the X direction) were larger than those of the second story (i.e., 1/21 rad in the Y direction) in
each direction. The base shear coefficients at that deformation were 0.71 and 0.45 in the X and
Y directions, respectively.
Traditional timber frame structures in Japan can often be judged to have sufficient
deformation capacity up to the story deformation angle of approximately 1/15 rad. In addition,
the earthen wall performance confirmed in the test was observed at a certain strength level even
at a large deformation of 1/15 rad or more without brittle fracture. Furthermore, the planar shape
of the target building was rectangular, and the torsional vibration influence was small.
Considering these things, if the maximum response deformation angle is similar to that in the
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calculation results or less, then the possibility of a building collapse due to the assumed ground
motion is low. However, the response deformation exceeds the maximum proof strength, and
seismic reinforcement is deemed desirable for controlling the response deformation when
emphasizing restorability and continuity of use.
14
10

Structural characteristics

8
6
4

10
8
6
4

2

2

0

0
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8 10 12
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14

16

18

Earthquake response characteristics

12

Sa (m/sec2 )

Sa (m/sec2)

14

Earthquake response characteristics
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20

Structural characteristics
0

2

4

(a) X direction

6

8 10 12
Sd (x10-2m)

14

16

18

20

(b) Y direction

Figure 15: Structural characteristic curves (Sa–Sd spectra) of the SDOF model
Table 6: Maximum response deformation angle
Maximum response
2nd story
deformation angle (rad)
1st story
Base shear coefficient
at the maximum response deformation

5

X-dir.

Y-dir.

1/187
1/42

1/55
1/21

0.71

0.45

CONCLUSIONS
The following conclusions are drawn from this study:
We performed a horizontal loading test on full-scale walls produced based on the
survey results and the specifications of the earthen walls around the northern Kanto
region to determine the walls’ structural performance when receiving a horizontal force,
such as an earthquake. The maximum proof strength of an earthen wall was 37.1 KN.
The deformation angle at that time was 1/30 rad. We confirmed the toughness of the
thick earthen walls through maintaining a proof strength of 84% or higher of the
maximum up to the final deformation by balancing the mud wall panel resistance and
the penetrating tie beams resistance.
We conducted a case study on the seismic performance of the existing building using
full-scale wall test results. The maximum response deformation angles of the first story
(i.e., 1/42 rad in the X direction) were larger than those of the second story (i.e., 1/21
rad in the Y direction) in each direction. According to the case study results, if the
maximum response deformation angle is similar to that in the calculation result or less,
then the possibility of a building collapse due to the assumed ground motion is low.
Methods of mixing soil with organic fibers (e.g., straw) and fixing soil on a substrate
knitted with bamboo or wood similar to a Japanese dozo structure are used for
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construction worldwide. This study will be useful not only for Japanese dozo structures,
but also for the seismic evaluation of similar buildings outside Japan.
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Abstract. Masonry cross vaults are among the most widely used typologies of horizontal
structural elements for covering spaces of both ordinary and monumental buildings in the
European countries. Their seismic vulnerability has been proved by systematic damages and
collapses surveyed throughout the centuries. Therefore, the assessment of their structural safety
is a crucial issue for the conservation and preservation of historical buildings. Although
various methods have been developed and used to analyse both the stability (e.g. equilibrium
method) and the dynamic behaviour (e.g. finite and discrete element approaches) of vaulted
structures, experimental studies are constantly needed to validate and calibrate models. In this
regard, limited experimental studies to understand the dynamic response of vaults have been
done. The present paper describes the results of shake table tests on a 1:5 scaled cross vault
model made of 3D printed blocks assembled with dry joints, carried out at the 3D LNEC shake
table (Portugal). The main aim of the tests is to investigate one of the most typical seismic
damage for cross vaults: the shear failure. This type of mechanism frequently affects vaults of
lateral aisles and it is mainly caused by a significant difference in stiffness of vaults’ supports.
Indeed, the lower stiffness of the central nave colonnade compared to the external wall may
induce an in-plane shear distortion of the vault caused by a differential longitudinal
displacement of its opposite sides. Incremental seismic motions are conducted up to collapse
using Emilia Romagna earthquake. The results are analysed in terms crack pattern and damage
mechanisms.
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1.

INTRODUCTION

Masonry vaults represent one of the most widespread horizontal structural elements in
historical buildings. Systematic post-earthquake damage surveys in churches and historical
constructions have proved the vulnerability of vaults towards dynamic actions. Although
understanding the 3D seismic behaviour of vaults is of primary importance for preserving the
cultural heritage, the research in this field is still limited. Most of the works in literature were
focused on the 2D analysis of vaults modelled as a sequence of arches, under both static and
dynamic actions. Few researchers analysed the 3D behaviour of vaults by simulating seismic
actions as differential displacements applied to supports using both numerical and experimental
approaches [1]–[3]. The main aim of this paper is to investigate the seismic behaviour of a groin
vault with asymmetric boundary conditions, a typical configuration found for example in vaults
covering the lateral aisles of the churches or the loggias and porches of palaces [4][5]. During
seismic events, especially when the action is mainly acting along the longitudinal direction, the
lower stiffness of the central nave’s colonnade, compared to the external walls, can lead to
differential displacements along the longitudinal direction and, consequently, to the
development of a shear damage mechanism in the horizontal structural elements (Figure 1).
This failure is mainly identified by typical diagonal crack occurrence, as shown in Figure 1(a)
that is recurrently observed during post-earthquake surveys. This is due to the lower stiffness
of the central nave’s colonnade compared to the external walls can lead to differential
displacements along the longitudinal direction and, consequently, the development of a shear
mechanism in the horizontal structural elements [6]. This paper describes the experimental
campaign on 1:5 scale model of a groin vault tested on the shake table at the LNEC (National
Laboratory for Civil Engineering, Lisbon, Portugal) within SERA-(Seismology and Earthquake
Engineering Research Infrastructure Alliance for Europe) Transnational Access Project. The
mock-up’s geometry and boundary conditions can be representative of a central bay located in
the lateral nave of a three-nave church (in grey in Figure 1(a) and (b)).
The shake table tests’ results are compared with the results of the quasi-static tests carried
out by Rossi et al. [6], where the in-plane shear response of the small-scale model was
investigated by applying differential displacements on the abutments (Figure 1(b)).
During the shake table tests, the response of the mock-ups was evaluated as function of an
increasing intensity earthquake testing protocol, in which a pre-processed strong ground motion
component of the Mirandola station (MRN) was used, recorded on May 29, 2012 (Emilia
Romagna earthquake).

(a)

(b)

Figure 1. (a) Typical crack pattern of lateral naves vaults due to the shear mechanism caused by the longitudinal
seismic action (red arrow) [7]; (b) simple shear setting studied in [7] and [4].
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2.

EXPERIMENTAL TESTS

2.1 Physical model: geometry of the specimen and material
The tests were performed on a 1:5 scale model made by 3D printed plastic blocks with dry
joints. The same mock-up was already tested under static condition by Rossi et al. [6]. The
blocks were 3D printed with the SLS (Selective Laser Sintering) technology: an efficient
method to generate small-scale models with high geometrical accuracy (0.1 mm), low cost and
short time of production. Moreover, it allows for the production of blocks with high stiffness
(to take into account rigid block assumption and to guarantee the repeatability of the tests by
minimizing the damage due to impacts) and high friction (to inhibit sliding between blocks).
The shape and the geometry of the scaled model derived from the intersection of two semicircular barrel vaults, generating a squared base groin vault with a net span of 0.620 m and a
rise of 0.225 m. The model is made up of 1132 blocks (Figure 2a). The standard blocks (red
blocks in Figure 2a) were designed considering the typical dimensions of clay bricks, which are
0.06 × 0.12 × 0.24 m3 in order to keep a classic bond stereotomy of medieval groin vaults.
Blocks of other different dimensions are placed along the outer edges of the webs to guarantee
the offset of the joints. Blocks shape is slightly trapezoidal in order to compensate for the
absence of mortar between them. Special care was taken to design the stereotomy of the
elements located along the diagonals (Figure 2b) to guarantee the correct interlocking between
adjacent webs. Each block was identified by a numeric code, in order to easily rebuild the model
after each test.

Figure 2. Geometry of the small-scale vault and blocks (a); stereotomy of the diagonal blocks (b). [6]

Regarding the stereotomy of masonry brick vaults, the arrangement of the bricks can be
varied, as described in Figure 3 [8]. The selected arrangement corresponds to the easiest one to
be assembled [4] (Figure 3e). This configuration is called “orthogonal weaving”. It directly
transfers the thrusts to the supports and it is characteristics of medium and large vaults.
However, it needs a temporary timber structure to build the shell of the vault. Therefore, in
order to build the model, a temporary supporting structure (scaffolding), made of plywood, has
been designed. It consists of four pieces corresponding to the vault webs. Once the model is
built, the scaffolding is removed by let the pieces sliding on proper inclined rails, as illustrated
in Figure 4.
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The vault’s abutments can move freely on a flat surface thanks to four steel plates equipped
with some spherical wheels at their extrados. As an alternative, the plate can be anchored to the
flat surface by using bolts. The plates are linked to each other by aluminium rods hinged at both
ends with uniball joints.
The material density ρ = 0.55±0.02 g/cm3 and the friction angle μ= 39±2.46° of the blocks
have been determined by testing 12 samples. Since the quite low density of the material could
compromise the model stability under accidental actions, the weight of blocks was increased
by inserting a steel plate within each of block (Figure 5). The final weight of the whole structure
is about 43 kg.

a

b

c

d

e

Figure 3. Most common arrangements for masonry cross vaults [8].

(a)

(b)

Figure 4. (a) Details of the construction on the plywood scaffolding and (b) the end of the construction [6].

Figure 5. Details of the blocks and of the elements of the diagonals.
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2.2 Shake table test setup
The tests were performed at the National laboratory of Civil Engineering in Lisbon (LNEC),
which owns a large-scale experimental facility for seismic testing of structures, namely a three
axial shake table (Figure 6a). The setup was carefully designed in order to get the most
important outputs derived from the induced shear failure on the mock-up, with similar
conditions to the real prototypes and measure the relevant effects, which are necessary for the
performance assessment (Figure 6b). The abutments p1 and p2 were anchored to the ground
with bolts, while p3 and p4 were let free to move on the flat surface.

(a)

(b)

Figure 6. Shaking table: (a) plan with the location of the model in red; (b) Instrumentation setup: Top view.

The instrumentation of the small-scale groin vault was defined according to the expected
behaviour of this kind of mock-up under seismic actions. Therefore, the bases, the movable
plates and the lateral arch (west side) are of interest. Due to the reduced geometrical dimensions
of the model, specific equipment was implemented, as referred in Figure 6. One linear variable
displacement transducer (LDVT1), located at the N-W corner, measuring the relative
longitudinal displacement of the movable piers. Six piezoelectric accelerometers (named
PCB1x, PCB1y, PCB1z, PCB2x, PCB2y, PCB2z in Figure 6b) were placed at the bottom of the
vault to evaluate the response of the fixed plated, while five variable capacitance unidirectional
accelerometers (VCO1x, VCO2y, VCO3x, VCO4y, VCO5z) were placed on the vault itself, mainly
due to the fact that their dimensions and weight are compatible with the dimension of the blocks.
Moreover, two optical cameras were used to record the response of the key of the western arch
and of the movable piers respectively along the plane xy (H1xy) and yz (H2yz).
Two video cameras were placed to record the tests, one exactly at the top of the model using
the scaffolding pipes and one located in front of the East façade on a tripod outside of the shake
table. From those cameras, the collapse mechanism was evaluated (Section 3).
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2.3 Dynamic identification tests
Dynamic identification tests are useful to depict the modal properties of the structure.
Dynamic identification techniques can be divided in three main groups: (a) input/output
vibration tests, where the excitation applied on the structure and the vibration response are
measured; (b) output only vibration tests, where only the vibration response is measured during
the service conditions of the structure; (c) free vibration tests, where the structure is forced to
an initial deformation and is then quickly released [9]. In this work, only input/output vibration
tests were performed.
In the dynamic identification tests, a “pink noise” signal, with large frequency range and low
amplitude, was used, aiming at determining the modal parameters for the undamaged and
damaged configurations. The duration of this signal is 165 s, with an intense phase of about 60
s. The amplitudes of the inputs were increased, aiming at evaluating the influence of the
amplitude of the signal on the dynamic properties. The amplitude of the signals is here defined
in terms of nominal displacement. From Figure 7 it is possible to notice that the frequencies
range from 3.22 Hz to 4.5 Hz for a variation of the amplitude of the signal between 8 mm and
3 mm, respectively. As expected, the increase of the signal amplitude (nominal displacement)
causes a decrease in the frequency of the mock-up. Furthermore, the dynamic identification
tests carried out in different days and after different rebuilds of the mock-up present similar
frequencies for the same signal amplitude (5 mm), leading to the conclusion that the mock-up
keeps constant the modal frequencies, despite different construction processes or conditions.
Therefore, its replicability is a powerful tool that assure consistency in the interpretation of
the results.

Figure 7. Frequencies as function of the amplitude of signal of the dynamic identification tests.

2.4 Seismic tests: Emilia earthquake (Mirandola station)
The Emilia’s earthquake was selected for the seismic action, mainly due to the significant
presence of masonry groin vaults in the Emilia’s Region. In the post-earthquake survey
occurred in this region, several cases of shear failures on churches and palaces were observed.
Mirandola seismic station (MRN), located 4 km far from the epicentre, was adopted. It recorded
a macro seismic intensity of 7-8 EMS and PGA between 0.27-0.30 g in the North-South
direction (recorded during the main shocks; May 20th and May 29th, 2012) (Figure 8) [10]. The
seismic ground motion, whose entire duration is equal to 30 s, was cut in its intense phase and
then filtered, including a baseline correction.
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Figure 8 presents the peak ground-motion parameters, namely the PGA, the peak ground
velocity (PGV) and the peak ground displacement (PGD), for each component recorded at the
MRN station.

Figure 8. Acceleration time history recorded by Mirandola seismic station along the longitudinal (May 29th).
Table 1: Peak ground-motion parameters for each component recorded at the MRN station (May 29th) [11].
PGA [m/s2]
0.224
0.295
0.900

East-West (Transversal)
North-South (Longitudinal)
Vertical

PGV[m/s]
0.300
0.463
0.059

PGD [m]
0.081
0.105
0.018

In the shake table tests, the proper scale factor for the input signals was considered. Thus,
the total duration of 20 s was reduced using a factor equal to the square root of 5, resulting in
total duration of about 9 s.
Table 2 lists the sequence of shake table tests performed on the mock-up with the modal
frequency obtained from input/output dynamic identification tests (DIT), performed before and
after every percentage of seismic motion and a brief description of the damage. Here, the signal
with amplitude equal to 5 mm was adopted for all the tests. The results shows a maximum
frequency reduction, in the last dynamic identification test, of about 21% (3.22 Hz), with respect
to the initial frequency (4.10 Hz).
For the seismic tests, the spectral acceleration associated to the first period of the reduced
scale vault was calculated. The period varies between 0.24-0.25 s, which was obtained from the
frequencies obtained by the dynamic identification tests (Table 2).
Table 2. Sequence and brief description of the shake table tests with the reduction of the frequencies.
Date
14/01/20

15/01/20

Type of test
DIT
Seismic: 10%
DIT
Seismic: 25%
DIT

Frequency [Hz]
4.10

Description of the damage
Undamaged configuration
Middle blocks felt down (n°2)
Middle blocks felt down (n°3) and 1 central steel plate
No damage
Middle blocks felt down (n°3) and 2 central steel plates
Diagonal /shear failure.
Sliding in the corners (fixed piers East facade)
Middle blocks felt down and two central steel plates

4.10
4.00

Seismic: 50%
DIT

3.91
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17/01/20

Seismic: 75%
DIT
Seismic: 55%
DIT
Seismic: 25-Aftershock1
DIT
Seismic: 35-Aftershock2

Collapse
Undamaged configuration
Collapse of the centre and sliding of the corner
No additional damage
East side more damaged
East side more damaged
Collapse

4.00
3.42
3.22

Figure 9 presents the spectral acceleration for each seismic action applied during the
sequence of tests (Table 2). In comparison with the quasi static tests performed by Rossi et.al
[6] and also with the numerical analyses carried out by Gaetani et al. [12] (dot line in Figure
9), the results obtained from the shake table tests show that the same model can resist about 1.5
times more under dynamic actions than static ones.

Figure 9. Spectral acceleration as function of seismic actions (no-aftershocks). (Red color corresponds to the
collapse).

3.

EVALUATION OF THE COLLAPSE MECHANISM

As previously mentioned, the shake table tests involved several seismic tests with different
amplitude. In this Section, the collapse mechanism obtained for the 75% of the Mirandola
earthquake applied in the longitudinal direction (from North to South, Figure 6) is evaluated.
The collapse mechanism is discussed using a sequence of photos, where the number and
locations of the hinges is also evaluated. Figure 10 presents the more intense phase before the
collapse of the vault, recording five frames per second, with the camera placed at the top of the
central key of the model.
The centre of the vault is the first to collapse, due to geometrical configuration. The fall of
the blocks at centre of the vault do not interfere with the shear failure, which is the first to occur
at 2 s while the hinges are starting to appear. The external edges (North and West side) continue
to stand, even when the other sides already felt down. The location of the hinges was observed
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from the East façade, where it is possible to notice the similarities with the quasi-static tests
(Figure 11).

1s

1.2 s

1.4 s

1.6 s

1.8 s

2s

2.2 s

2.4 s

2.6 s

Figure 10. Damage progression of the mock-up during the intense phase of the seismic input 75% (5 frames/s).
(Left side: fixed supports; right side: movable supports).

The steel plates at the corners make the boundaries of the shell of the vault stiffer and,
therefore, two hinges take location where the steel plates do not act anymore. This is in
agreement with the prediction of Oppenheim and De Lorenzis et al. [13], [14], based on the
minimum energy formulations. The arch mechanism is clear (four hinges) and it is mainly
associated to the edge side where the supports are fixed and the response is more rigid (Figure
11).
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(a)

(b)

Figure 11. Comparison between the quasi-static [6] (a) and the shake table tests (b).

4.

CONCLUSIONS

This paper presents the first study on the behaviour of a brick masonry groin vault, namely
the first set of shake table tests. The tests aim at evaluating the shear failure of a vault composed
by 3D printed blocks and built at 1:5 scaled model with dry joints, previously used also in quasistatic tests. The shake table tests involved dynamic identification tests and seismic tests, where
the 2012 Emila’s Earthquake recorded in Mirandola station was adopted.
The dynamic identification tests allowed to evaluate the variations on modal properties of
the model as function of the construction process and amplitude of the seismic action. The
results of the shake table tests were evaluated and compared with the quasi-static tests, leading
to the following conclusions: (a) the location of the hinges is similar and there are more clear
from the side where the structure is more rigid (East side); (b) the shear failure was obtained
showing, as expected, the main concentrations of damage along the rib of the vault; (c) the
capacity of the structure is higher than the capacity obtained from the quasi-static tests, namely
about 1.5 times, showing a spectral amplitude at the collapse equal to 0.55 g. It is noted that
this value corresponds to the base of the vault and does not take into account the amplification
in elevation on the structure.
Further investigations should carried out, namely for other types of seismic motions, such
as artificial earthquakes and sine-pulse motions. Furthermore, a numerical work should be
performed, aiming at validating the results obtained in the tests and evaluating the response of
brick masonry groin vault taking into account the dispersion on their features.
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Abstract. This study investigates the behavior of “Hagia Sophia” church in Thessaloniki
under seismic loading. It is one of the greatest Byzantine churches in the city and it is
inscribed on the World Heritage List. The main scope of this work is to estimate the
seismic response of the historic structure accounting for the actual foundation and soil
flexibility at its base, to find the locations in need for retrofit and finally, to propose possible
intervention methods. We simulate numerically the soil - foundation - structure system,
and for the properties of the building materials we estimate their strengths with the use
of two codes; the EC6 and the Greek Regulation for the structural intervention of masonry
(KADET). We simulate soil-foundation flexibility using impedance functions under the
foundation according to NIST (2012) provisions. The influence of soil–foundationstructure interaction is investigated. As a reference case, we also consider a fixed-base
model to compare the output of the two analyses and highlight the influence of the soil and
masonry foundation flexibility on the dynamic response of the church. Finally, we further
analyze the intervention method of micropiles as a possible method of enhancement for the
foundation of the monument.
1

INTRODUCTION

Hagia Sophia of Thessaloniki is one of the oldest Byzantine temples in the city of
Thessaloniki, Greece [1]. Situated in the center of Thessaloniki, it still operates as the
Cathedral of the City. It was built in the middle of the 7th century A.D., on the wreckage of a
Christian basilica that was probably destroyed by an earthquake at the beginning of that
century. During the 4th Crusade, in 1205, the building was used as a cathedral and during the
Ottoman period, Hagia Sophia was converted into a mosque in 1430. It was reconverted to a
church upon the liberation of Thessaloniki in 1912. Four years later, in 1917, the church
suffered extensive damage due to the great fire and was gradually restored. The dome’s
restoration wasn’t
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completed before 1980 [2].
In this paper, ETABS is used to model and analyze a 3D model of the church of Hagia Sophia
accounting for the soil-structure interaction, using geotechnical data available from boreholes.
Pitilakis and Karatzetzou (2015) concluded that SSI is important for heavy historical masonry
structures [3] Two different types of springs are considered in order to compare the output of
the two analyses and examine the importance of considering the influence of the soil and
masonry foundation flexibility. The model is created in a simplified, yet accurate in terms of
the dynamic characteristics, manner.
2 DESCRIPTION OF THE STRUCTURE, BUILDING MATERIALS, AND
SUBSURFACE OF THE CHURCH.
Hagia Sophia is a heavy cubic building with internal dimensions 30.92m width and 28.90m
length. To the east of the temple stands the chancel. In some parts of the temple, its foundations
lay on arches, connected to the foundations of the pre-existing Christian basilica, on which it
was built (9th Ephorate of Antiquities of Thessaloniki City, personal communication, 2018).
The construction of the church is divided into 5 phases; 4 phases of the building and one of the
later subsequent interventions (Fig. 1). The first three chronological phases are analyzed below,
as they are present in the structural majority of the temple.

Figure 1: West view of “Hagia Sophia” church. [1]

Phase A: The foundations were made of stone known as gneiss, a green rock quarried from
the surrounding hills. The masonry was composed of bricks and stones. The rough carving
stones used were a mixture of limestone and sandstone in small proportion with a high content
of shellfish fossils. This rock is not considered as a good building material because of its organic
impurities. However, it’s a material quite soft and easy to extract and carve. It is believed that
it was imported from Chalkidiki, so it was a local material. This probably led to the use of this
rock, despite its poor quality.
The bricks used were of good quality, with several aggregate impurities in the clay mass.
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Their dimensions were usually 40-by-30÷32-by-4.5÷5cm. The mortar used for the construction
is kurashani, a strong pink mortar. The use of crushed tile was also significant, both for the
composition of cement in the form of brick powder and for the composition of aggregates,
which exhibited continuous grading gradient, ranging in size from coarse sand to grains 1÷2
cm in diameter.
Phase B: It is characterized by masonry that also forms brick and stone zones, but in this
case, the red brick zones are less uniform. The stone used was schist and the building’s mortar
was similar to the first phase but sometimes less robust.
Phase C: The masonry consisted of irregular stones with joints filled with smaller stones and
pieces of brick in horizontal layers. The exterior of the masonry had a rough appearance [1].
The following table shows the mechanical properties (modulus of elasticity E, specific weight
γ, density ρ, Poisson’s ratio ν, strength of material fb and of mortar fm) of the materials used in
the temple (Table 1).
Following geotechnical research in the surrounding area of the temple, the following soil
layers (Fig. 2) can be distinguished under the location of the temple [G.Penelis, personal
communication, 2018].
From the results of the NSPT test and the Pitilakis et. al (1992) [4] equation, the velocity of
shear waves is calculated from the relation: Vs = 132 (N60)•0.2271 (N60 is the corrected value
of N). Thus, the shear wave velocity for the first layer is Vs1=231,91 m/s for the second layer
is Vs2=274,98 m/s and finally for the third layer is Vs3=358,70 m/s. Finally, the mean Vs = 280
m / s is obtained for the foundation soil. The shear modulus G is calculated from the equation
G = ρ•Vs2 .
Table 1. Mechanical properties of the building materials.

E
(Gpa)
Gneiss
Kurashani

30
5

Limestone

30

Sandstone
Brick
Kurashani

20

Schist
Brick
Kurashani

50
40
5

Marble

80

5

γ
ρ
3
(ΚΝ/m )
(t/m3)
Foundation
27
2,25
1,5
Masonry – Phase A
18.7 ÷
26.9
1,8
22.0 ÷
27.0
20
1,5
Masonry – Phase B
28
20
1,5
Internal column
26.4 ÷
28.6
2,7
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ν
(%)

fb
(Mpa)

15
30

40

15

40

16

30
40

20
16

60
30

20

80

fm
(Mpa)
2

2

2
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0m

4m
7m

12,5m

Artificial landfill
NSPT=5-15
Clay sand - Silty clay
of medium plasticity
NSPT=13-20
Ash clay of medium plasticity
NSPΤ≥50

Figure 2. Territorial section of the subsurface, from the surrounding area of the temple. (Nspt is the value of
standard penetration resistance)

3

3D NUMERICAL MODELING OF THE TEMPLE

The strengths of the building materials were impaired with the use of the Greek Regulation
of the structural intervention of masonry (KADET) [5]. The purpose of the Regulation is to
establish criteria for assessing the bearing capacity of existing load-bearing masonry structures
formed by mortar-bonded stones for their anti-seismic design as well as for any interventions,
repairs or reinforcements.
Its purpose is to:
1. Provide criteria for evaluating the seismic behavior of existing individual buildings.
2. Describe the approach for selecting the necessary corrective measures.
3. Set criteria for the design of intervention measures
Regarding the church of Hagia Sophia, the masonry is unreinforced, meaning that it is
composed exclusively of stones and mortar. It’s also a three-layer masonry (see Fig. 3), which
means that there is a gap area between the two outer walls of the masonry consisting of filler
material. The filler consists of pieces of stone and/or mortar mixed with mortar (usually the
same as construction mortar) and spaced at intervals in height, without condensation. Thus, it
is usually a relatively loose material with a large percentage of gaps and very poor mechanical
properties.

Figure 3. Sketch of the three-layer masonry.
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The compressive strength of three-layer masonry can be estimated by the following relation:
𝑓𝑓𝑊𝑊𝑊𝑊 =

1 2𝜆𝜆𝑒𝑒 𝛿𝛿𝑓𝑓𝑐𝑐 ,𝑒𝑒 + 𝜆𝜆𝑖𝑖 𝑓𝑓𝑐𝑐,𝑖𝑖
𝛾𝛾𝛾𝛾𝛾𝛾
1 + 2𝛿𝛿

(1)

where, δ, is the ratio of the thickness of the outer side to the thickness of the filler, fc, e, and fc,
are the compressive strength of the outer walls and the filler respectively, λ e (<1,00) and λi (>
1,00) are empirical coefficients, which take into consideration the interaction of outer layers
and filler material, γRd, is an uncertainty index, which can be taken equal to 1.50. The
uncertainty ratio is taken as 1.25. The compressive strength of the filler is obtained equal to the
2/3 of the compressive strength of the outer walls [C. Ignatakis, personal communication,
2018].
The characteristic compressive strength of three-walled masonry is calculated by the equation:
fwck=fwc-1,645, and the specific modulus is 1000 times the characteristic compressive strength
of each wall. Finally, the introduced specific modulus in the program is equal to half of the
calculated (loss of material strength due to the age of construction) [5].
The table below (Table 2) shows the calculation that led to the values of comprehensive
strength fwc and modulus of elasticity Ewc of the masonry, which were input into the program.
The parameters shown on the equations are the following: fbc and fmc the compressive strength
of lithosomes and mortar respectively, γRd an uncertainty index, outer wall fc,e and filler material
fci comprehensive strength, the empirical factor ξ which takes into account the adverse effect of
the mortar joints’ thickness, coefficient λ which takes into consideration the interaction of outer
layers and filler material, the ratio δ of the thickness of the outer side to the thickness of the
filler and coefficient fo which takes into account the degree stone carving.
The first model examined does not take into account the soil-foundation interaction, so it is
a model fixed in the entire height and length of the foundation. In the second model created, the
foundation substrate was simulated by vertical and horizontal springs applied around the length
and height of the foundations of the construction. For the calculation of the spring constants,
the properties of the soil under the foundation were used.
The soil-foundation flexibility was simulated using impedance functions under the
foundation, according to NIST 2012 provisions [6]. The term “soil-structure interaction”
describes the differentiation in the dynamic response of construction when taking into account
the finite stiffness of the foundation and the underlying soil. More specifically there is:
•
•
•

Modified movement at the base of the construction.
Different dynamic oscillation characteristics of the building due to foundation
flexibility.
The oscillation of the structure imposes additional stresses and deformations on the base
resulting in increased damping of the system.

The model was made by making some simplifying assumptions. The assumptions and
simplifications lead to a rougher description of the church, however reliable enough to exclude
significant errors in its analysis. These assumptions were:
1. Not modeling the dome, whose loads were calculated and imposed on the perimeter
walls of the temple.
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2. Not modeling the upper floor whose impact is simulated by a diaphragm.
3. The curved surfaces of some elements, e.g. of the three-sided chancel and the arched
openings, were simulated with polygonal surfaces.
4. Ignoring the arched connection of the foundations of Hagia Sophia with foundations of
earlier periods.
5. Due to the large volume of the monument and its corresponding weight, the live loads
are considered negligible and are not taken into account in the solution.
6. Due to the similar mechanical characteristics of the masonry materials in the first and
second phase, it is assumed that the masonry up to the height of the masonry belongs to
one phase.
7. Firstly, five masonry sections were created, with different dimensions each one, to
simulate different thicknesses in each side of the temple and one frame section for the
simulation of the marble columns.
8. The model was created in 3 stages, first the foundation, after the first level until the
height of the upper room, and finally the second level until the height of the roof.
Thereafter, the model was discretized (meshed), in every 0,5m, and all the openings
have been designed (Fig.4). The influence of the upper room and the dome was
simulated by the entrance of two diaphragms, one at the end of the first and one at the
end of the second level, respectively.
Table 2. Mechanical characteristics of masonry.

Outer
walls
strength

Filler
compressive material
compressive Masonry compressive
strength
strength (average value)

2

fci (Mpa)

fwc=ξ·[{ fbc0,5-fo}+λ·fmc](Mpa)
Foundation
Masonry A,B
Masonry C

3

1,98
1,80
1,15

2,966370214
2,694053189
1,73142397

Modulus
(ΕC6)

Masonry compressive strength
Foundation
Masonry A,B
Masonry C

0,67·fwc (Mpa)
1,27
1,16
0,74

fwc=

Ewc=1000·fwc (Mpa)
1271,98
1155,21
742,43
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1,90
1,72
1,11
Modulus (final)
Ewc’=1/2·Εwc (Mpa)
635,99
577,61
371,22
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Figure 4. Plan view of the ground floor and 3D model design before the change of the three-sided chancel into
polygonal surfaces.

For the calculation of the spring constants, the properties of the subsoil according to the
geotechnical research in the surrounding area of the temple were used. Using the equations of
dynamic soil-superstructure interaction and soil parameters, according to NIST 2012, the spring
constants are calculated on the x, y, z axes.
Stiffness is denoted kj, and is a function of foundation dimensions (B, L), soil shear modulus,
G, Poisson’s ratio of the soil, ν, dynamic stiffness modifiers, aj, and embedment modifiers, ηj.
kj= Kj · aj · ηj

(9)

, where Kj is the static foundation stiffness at zero frequency for mode j. The equations used for
the calculations of the spring’s components are presented on the following Table (Table 3). [4]
The behavior of the soil has been simulated by modeling the same with a set of linear elastic
springs. Three translational springs along mutually perpendicular global axes are assigned to
all the nodes that are perpendicularly along the length and height of the foundations of the
structure. Indicatively on the foundation of the south wall, the stiffness calculated respectively
for z direction, y direction and x direction were kz=11228225N/m, ky=12226456N/m and
kx=9796668N/m. These values were divided by the nodes corresponding to each direction and
applied to the model as linear elastic springs. Τhe same procedure was followed for all parts of
the church foundations. In addition, a fixed-base model was created to compare the results of
the two analyzes in order to better understand the effect of the soil on the dynamic response of
the model.
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Table 3. Pais and Kausel (1988) [7] equations, used for the calculations of the foundation springs

4 DYNAMIC RESPONSE UNDER SEISMIC LOADING
Two loading cases have been imposed, static and dynamic ones. The static loads are coming
from the self weight of the roof and the dome, as well as from the weight of the masonry. These
loads have been calculated and applied to the perimeter of the masonry, as vertical forces. The
loads imported to the temple by the perimeter and the interior walls are automatically calculated
by the program and are evenly distributed over the entire surface of each wall.

Figure 5. Time history on x direction
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Figure 6. Time history on y direction

Model dynamic loading: The analysis is carried out first for the charge status of the self
weights, as the mobile loads are ignored, and then the seismic action is added. The simulation
of the seismic activity was carried out by the introduction of accelerometers recorded during
the Thessaloniki earthquake on June 20, 1978 at the CITY Hotel. It is chosen to simulate the
seismic motion in terms of time-acceleration time histories. The following figures illustrate the
time histories of the charge states in the x (Fig.5) and y (Fig.6) directions. A time step of 0.01s
resolutions is set and 3000 consecutive steps are selected in total.
The results of the seismic response of the model are presented through diagrams of
maximum movements, at non-simultaneous times. Therefore, the distribution of the growing
stresses of the south wall of the temple are presented.
The maximum displacements at non-simultaneous moments, in the fixed-base model (Fig.
7) and in the model with salable soil (Fig.7), under seismic loading, are represented in the
following figure. The horizontal axis shows the value of the displacements (in millimeters) and
the vertical is the height of the construction at which they appeared. In the fixed-based model,
displacements are zero, throughout the foundation while on the contrary, on the flexible base
model, small-value displacements are developed at its foundation. In both models,
displacements are increasing as we approach the height of the first floor and after decreasing
slightly.

Figure 7. Displacements on fixed and on the flexible base model.
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Figure 8. Distribution of shear stresses on the south wall of the temple. (model with springs) The horizontal axis
at the bottom of the figures shows quantitative (color-based) stresses in the temple in MPa.

Figure 8 shows the distributed shear stresses at non-simultaneous times on the south wall of
the temple as recorded in the ETABS program. The horizontal axis at the bottom of the image
shows quantitative (color-based) stresses in the wall in MPa. On the south wall, negative
stresses (orange) are observed, which are increasing at an absolute value in its center. Positive
stresses (green) are developed on the right side of the wall. In the case of wall connections with
adjacent walls, which are sensitive areas of a building, high tensile stresses have been observed.
This indicates a greater risk of failure.
5

REHABILITATION METHOD

The building considered, belongs to the category of the preserved masonry buildings. This
particularity greatly limits the possible ways of intervention. It is important to avoid interference
on the frame of the church. The main purpose is the measure to be as painless as possible, to
not damage the cultural heritage. The proposed method is deep subjection using micropiles.
This technique is designed to succeed in both soil and bearing capacity of foundations
improvement. Micropiles have a quick application, and they can gradually receive loads and
lead to the stabilization of the displacements. For a succeeding application of the technique, the
cost might be relatively high.
In order to simulate the micropiles in the model, the values of the spring constants were
increased. This is achieved by increasing G by 50%. Thus, the spring constants resulting from
this modification indicative for the south wall, that was previously analyzed, were Kz =
16842338N/m, Ky = 18339684N/m and Kx = 14695002N/m. These spring values were then
applied to the model in the same way as discussed above. The results of displacements in
relation to displacements with non-reinforced springs are shown in Fig. 10.
From the results of the analysis of the model after reinforcement, there is an increase in the
stiffness of the construction and decrease on the displacements, a 5% decrease in the x direction
and a 30% decrease in the y direction, compared to the original spring model. Therefore, it
seems that micropiles could be a valuable solution to the reinforcement of the foundation.
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Figure 9. Type of micropiles used in practice, according to [8] .

Figure 10. Displacements on the flexible base model and on model with micropiles.

6

CONCLUSION

Comparing the two models (fixed base model and model with no reinforcement springs) ,
there is an increase in the idle period as well as an increase in the total and relative drift of the
construction to the model with the springs relative to the fixed model. Τhe maximum
displacement does not occur at any of the corners of each wall. For the spring model, it is 35.9
mm in x-direction and 21.1 mm in y-direction, while for the spring model it is 22.3mm and
8.0mm in the x- and y-directions respectively. The maximum off-plane movements are
observed in the middle of each wall and this is because there is their free section (we have offplane commitments at the endpoints of the wall). It is therefore observed that due to the
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introduction of the springs the translations at the checkpoints are increased by 60% in the xdirection and 175% in the y-direction.
As shown in the workflow and results of the work, the influence of the dynamic soilsuperstructure interaction plays an important role in the construction response, so a proper
foundation simulation cannot be based on a flexibility-ignorant model. It is necessary to
consider the soil-structure interaction in assessing the vulnerability of heavy structures and in
managing seismic risk. Finally, an important conclusion is that the reliability of the results is
largely based on assumptions and simplifications made by the user during modeling. Thus,
experience and knowledge of the behavior of the construction against past earthquake events
play a crucial role.
In cases where monuments renovation, in which an intervention is to be performed, its
effectiveness should be studied in detail. As shown in the results after the simulation of the
micropiles the decrease of the displacements were not as large as those of the model with the
non-reinforced springs, so it would be incorrect to rely on this study for possible intervention,
given the high cost of their construction. The present paper uses linear analysis as a reliable
method to evaluate the effectiveness of various building reinforcement interventions before
they are implemented. However, nonlinear analysis could be a more accurate method.
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Abstract. The need for seismic retrofitting on a historical masonry heritage structure raises
questions that go beyond the improvement of its seismic behaviour after the intervention.
Indeed, principles as minimum intervention or reversibility must be considered before a
consensus decision can be reached, especially when this process is just a part of a broader and
deeper intervention on this kind of building.
Moreover, the complexity to perform in-situ experimental tests results in the uncertainty on the
masonry mechanical properties, which are typically assumed as a homogeneous and isotropic
material. All these uncertainties, among others, result in the difficulty to predict the different
possible failure mechanisms of the complete structure and its structural behaviour.
Through the analysis of different possible seismic strengthening solutions for a 19th century
historical masonry heritage building these issues are tackled. The selected case study is the fort
of Santa Catalina, an adobe masonry load-bearing wall building located in Lima, Peru, on
which it has been decided to carry out its seismic retrofitting among the complete rehabilitation
of the building. The Peruvian coast is classified as a high seismic activity zone, where an 8.0
Mw is expected to occur according to recent studies performed by the Geophysical Institute of
Peru.
In this context, this work presents the results of a preliminary characterization of the selected
adobe masonry building and the subsequent evaluation of its seismic vulnerability in order to
define the fitting solution.
Thus, the ongoing research allows to define an effective seismic retrofit solution and respectful
to the building's historic significance.
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1. INTRODUCTION
For centuries, the use of unreinforced masonry was common in Central and South America,
Eastern Europe, the Himalayan region, Indian subcontinent and other parts of Asia [1]. Taking
as an example the case of Peru, statistics show that adobe o rammed earth, still represent
currently 30% of the predominant material of the houses’ outer walls [2]. Many of those
buildings, such as the mentioned case of Peru, were built on high seismic activity zones and,
due to that, different seismic events have shown poor seismic performance of existing masonry
structures [3]. It is noted that the Peruvian coast is classified as a high seismic activity zone,
where an 8.0 Mw is expected to occur according to recent studies performed by the Geophysical
Institute of Peru [4, 5]. In this context, seismic retrofitting of those masonry constructions is
required for reducing their seismic vulnerability.
Different solutions, such as confinement, mesh reinforcement or junction strengthening,
have been developed and implemented with the aim of improving seismic behaviour of masonry
structures, and so reduce their future seismic vulnerability [1, 3, 6–9]. Nevertheless, in the case
of historical masonry heritage buildings, in the decision process of their seismic retrofitting
solution frequently intervene different factors, related with preservation principles or even with
economical questions, that go beyond the strict improvement of the seismic behaviour of those
buildings after the intervention. This may cause, in some cases, that the solution adopted is not
the most effective from the point of view of seismic strengthening.
Through the analysis of a 19th century historical masonry heritage building case study these
issues are tackled. The selected construction is the fort of Santa Catalina, an adobe masonry
load-bearing wall building located in Lima, Peru, on which it has been decided to carry out its
seismic retrofitting among the complete rehabilitation of the building.
For this purpose, and taking into account that, in order to support correct pre-evaluation
decisions regarding strengthening or retrofitting, the first step of any rehabilitation process must
be the understanding of building’s construction system and its so far performance [8], it was
initially performed a building survey to characterize the structural and constructive solutions
adopted, as well as a damage inspection of the building. The information obtained from the
construction survey accomplished and the available literature on this topic, allowed the
subsequent evaluation of its seismic vulnerability with the purpose of defining a suitable
retrofitting solution. Hence, the paper presents the results of the analyses carried out and the
seismic retrofit solution achieved for the case study building.
2. CONSTRUCTION SURVEY
In order to characterize structural and constructive solutions adopted on the case study
building, as well as to collect data of building’s seismic vulnerability, an extensive inspection
campaign was carried out, whose results are described in this section. This allowed to complete
the historical information of the building, create advanced 3D models and plans. In addition, a
complete building damage inventory was also conducted with the purpose of evaluate the
construction conservation condition and current damage grade.
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The analysis is narrowed to one of the buildings of the complex, called the “Cuadra”. The
structure was built in the XIX century by the Spanish during the colonial period. This unique
building comprises all the features to be considered as highly valued and therefore make it
worth of an intervention. Its past uses, reconstructions, the employed materials and building
techniques make it a living witness of the history of Lima.

Figure 1. Aerial view of the fort of Santa Catalina.

2.1. Structural behaviour
The “Cuadra” is a two-story adobe masonry building. The first floor is made up of 5-meterhigh adobe walls while the second floor is built in wood and quincha with a height of 3,6 meters.
The benefit of the difference in rigidity of the adobe-quincha system is that the structure
supports fewer shear strengths and the relative displacements presented by the first adobe floor
are less. The second floor presents greater displacements; however, the quincha is composed of
wood which is a flexible material that can support large displacements without collapsing [11].

Figure 2. Front view of the building (Source: Escuela Taller de Lima, 2007).

The roofs lay on wooden girders sustained by quincha walls, a construction methodology
consisting of wooden posts, wooden beams at the bottom and top and a combination of woven
cane and clay as filler, which also partition the space into sixteen small rooms (Figure 3).
The loads from the second floor are transmitted to the masonry bearing walls and to a main
wooden beam in the middle of the first story space, using wooden girders that lay directly on
the central beam and are embedded in the adobe walls which constitute the enclosure of the first
floor. On this level there are also two spaces separated from the main room by other adobe
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walls, as it can be seen in Figure 4.
The wooden beam is supported by various wooden pillars along its length, represented by
the circles in the middle of the main space in Figure 4 . The two lateral alignments of circles
represent the struts that were added afterwards to avoid collapsing.

Figure 3. Second floor (Source: Escuela Taller de Lima, 2007).

Figure 4. First floor (Source: Escuela Taller de Lima, 2007).

The transmission of loads from the masonry walls to the ground is done through the
foundation, built as was traditional in the period of construction of the fort. The walls are
prolonged and embedded in the soil, with two layers: the upper one is made up of fifteen
centimetres of brick with lime and sand mortar while the lower layer is made up of forty-five
centimetres of round pebbles with soil mortar.
2.2. Methodology
The surveying campaign comprised a thorough identification of the materials involved in
the structural behaviour of the building, as well as its aesthetics. However, the essential set of
in situ tests required to characterize their mechanical properties could not be performed for the
time being, nor the collection of samples to be tested in the lab. Since the fort is strongly
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protected by the Peruvian Government for being of high historical value, the permits could not
be delivered for a research project like this.
Hence, a different approach was needed. The characterization of the materials was estimated
employing the test results and properties from the same materials used in a nearby manor house
project [19]. Since the house was built during the same period, in the same area and employing
identical building techniques and materials, the resemblance allows to use the results for the
ongoing research project.
2.3. Damage survey
The fort was last used as headquarters for the “Escuela Taller de Lima”. Its administrators
performed different projects for refurbishing and damage repair. However, the school closed,
and the building changed hands, being now of the jurisdiction of the Ministry of Culture. After
that, it was left almost abandoned. Thus, the level of damage in the building at the time of the
survey was huge. These damages not only compromise the aesthetics of the structures but also
affect their structural capacity, which is why it is necessary to carry out an in-situ data
recompilation. The results are summarized in the following lines by means of photographs, as
a previous step to define what type of reinforcement will be carried out in it.
Beginning with the first floor, the most notable damage to the facades are multiple fractures
generally followed by detachment of the exterior cladding and partial demolition of parts of the
masonry walls, with material expulsion. The latter happening specially in the vicinity of the
openings that serve as windows (Figure 5: a) and at the joints of the first and second floor walls,
as well as at the corners (Figure 5: b.).

a. Cracks, cladding detachment and partial of walls

b. Partial demolition with material expulsion in corner

Figure 5. External facade of the first floor.

Inside this level, it also takes place detachments of material on the walls (Figure 6: a.). One of
them, which served to separate a small room from the main one, has collapsed (Figure 6: b.). In
addition, the presence of vertical cracks extends throughout all the load-bearing walls (Figure 6:
c.), causing disconnection of all the edges between adobe masonry walls, making them work
separately and not allowing a box effect (Figure 6: d.). Other important damages are those related
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to the beams, highlighting the multiple fractures in the main beam supporting the girders and the
deterioration of the girders that separate both levels.

a. Partial demolition with material expulsion

b. Collapsed wall sustained by props

c. Vertical cracks

d. Disconnection of the edges

Figure 6. First floor damages.

The analysis continues on the second floor. The only access to it is by a wooden stairway in
a high state of deterioration. The quincha walls used as separation elements for the sixteen
departments that conform the second floor have damages generated by the attack of xylophages.
This causes the need to rebuild the quincha walls (Figure 7: a.) and the girders from the wooden
slab as well because of their high deterioration. Finally, it can be seen how the walls of the rear
facade, are inclined, making it necessary to support them with braces (Figure 7: b.).
In its current state the building can only stand thanks to a series of wooden and steel braces
all around the main space, which support the main and secondary girders and avoid imminent
collapse. Therefore, the retrofitting must begin with a reconstruction to provide the building its
original mechanical properties.

3126

Tiago Martins, Julia García, Alejandro Ferrández, Nicola Tarque and Jaime Fernández

b. Inclined rear facade

a. Damaged quincha walls
Figure 7. Second floor damages.

2.4. Seismic vulnerability assessment
After an exposition of the mechanisms that govern the structural behaviour of the building, the
materials’ characteristics and the damages present in the structure, an assessment of its seismic
performance must be done. For this purpose, the Peruvian Standard for seismic design of structures
[12] is to be followed. In the case of earth structures, a special standard is employed [13].
Lima is located in Zone 4, the area with the highest seismicity in Peru. The main effect of a
seism is a ground acceleration that translates into horizontal forces in our structure. In the case
of Fort of Santa Catalina, it is founded in a relatively high capacity soil of compacted gravel
and a sandy matrix, with a bearing capacity of around 11.08 𝑀𝑀𝑀𝑀𝑀𝑀 [14]. According to the
standard, for this area, soil factor and use factor, the horizontal forces for design are 0.35 times
the weight of the building.
It can be noted that this factor is used for new construction, where special criteria for the
materials and the design are to be followed. However, for the reinforcement of the “Cuadra”
there is no appliable standard or guidelines to follow, so a different approach oriented to
literature and state of the art practices must be considered. What is more, the building has
features that affect positively or negatively to its seismic performance and differ from today’s
design guidelines. Beginning with details from the original design, the ground plan
configuration is inadequately asymmetrical and with a much longer dimension than the other.
These long spans are not reinforced nor confined intermediately, causing out-of-the-plane
stresses induced by the earthquake to be inacceptable. What is more, the vertical loads from the
second floor are not transmitted straight to the adobe bearing walls but with a certain gap,
inducing moments in the walls. Lastly, the enormous damages existing in the structure barely
allow it to resist its own weight, much less the effects of an earthquake, with all the adobe walls
working separately due to the disconnected corners.
On the other hand, the combination of a stiff first floor with a flexible quincha second floor,
as mentioned in chapter 2.1, presents a good seismic performance. This combination of building
materials was settled by the Spanish through a Royal Order, after the huge earthquake in 1756
[18]. This combination, together with the good quality of the soil and the foundation, is probably
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the reason why the building remains standing and has not already collapsed in previous
earthquakes.
Finally, it must be noted that the most likely outcome (without an intervention) in the event
of a seism is the collapse of the building. However, a complete seismic vulnerability assessment
is still needed, for which material testing will become vital. The retrofitting alternatives,
consequently, must be designed to avoid the main failure modes under cyclic loads for this
particular building.
3. ANALYSIS OF RETROFITTING ALTERNATIVES
Given the seismic vulnerability of the building achieved from the construction survey data
assessment carried out, a range of possible retrofitting alternatives were evaluated in order to
improve the seismic behaviour of this construction. Based on the information obtained from the
field work research and the available reference literature on this topic, the retrofitting solutions
were analysed according to different criteria, such as seismic response, conservation principles,
material and installation costs, installation feasibility and compatibility. Table 1 presents an
evaluation of the common retrofitting solutions. In this line, some of them are immediately
discarded for being too invasive and incompatible with the original building materials.
According to the analysis carried out and considering the existing level of damage that the
structure presents currently, it was decided that the adequate solution to be adopted was a
combination of actions to reinforce the walls structurally, allowing them to resist seismic
actions and weather variations, as well as those inherent to the weight of the structure, to be
assumed by its walls, without them suffering cracks and subsequent overturning.
Table 1. Summary of the evaluation of the most common retrofitting solutions

Vertical confinement with reinforced concrete tie columns
The confinement prevents disintegration and improves ductility and energy dissipation of
unreinforced masonry buildings but has limited effect on the ultimate load resistance [16].
Seismic
Actually, the masonry being confined by reinforced concrete frame may behave effectively as
response
a diagonal compressive strut under lateral loading and may improve the behaviour
considerably as compared to what is observed in case of a bare frame (frame containing
concrete columns and beams only) [1].
Conservation
It is an invasive and destructive procedure, much more intrusive than permitted by
values criteria conservation standards [6].
Costs and
This type of seismic retrofit is expensive [6]. Indeed, requires demolition and reconstruction
feasibility
of wall sections making it uneconomical [1].
The combination of concrete and adobe may result in problems of material compatibility that
Compatibility
will be realized only years after the original retrofit [6]
Horizontal superior confinement with concrete bond beams placed at the tops of walls below the roof
Provides out-of-plane strength and stiffness. Also, lateral support and continuity enough to
Seismic
transmit the loading from the out-of-plane walls to the in-plane walls. However, bond beam
response
when used without other retrofit measures is not enough to restrain the movements of the
cracked block sections of the walls [6]
Conservation
It’s an invasive and destructive procedure [6] much more intrusive than permitted by
values criteria conservation standards [6].
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Costs and
feasibility
Compatibility

Seismic
response
Conservation
values criteria
Costs and
feasibility
Compatibility

This type of seismic retrofit is expensive and requires the removal of the roof system [6].
The combination of reinforced concrete and adobe may result in problems of material
compatibility that will be realized only years after the original retrofit [6].
External polymer mesh (industrial geogrid and construction site “soft” fence)
Increases the stiffness, strength and deformation capacity of the adobe walls [15]. Prevents
partial or total collapse of adobe buildings [7]. Placing the mesh in critical locations can be
enough to avoid collapse [7]. The mud plaster over the external reinforcement increases the
initial shear strength and the stiffness of the walls [7].
It is not reversible and cannot be applied on surfaces that must be preserved in their original
form (wall paintings, frescoes, adornments, etc.) [17].
Should be placed on both sides of the walls, and tightly connected through the walls [7]. It is
convenient to cover the reinforcement mesh with mud plaster, but it is not necessary to
completely cover the walls with the polymer mesh [7]. It’s an economical solution [7].
The mesh works well together with the adobe walls even for high levels of seismic intensity [7].

3.1. Wooden porticos
Although reinforced concrete would be a more efficient solution by cost and seismic
response, according to Table 1 the high incompatibility of concrete with the original materials
makes its use unadvisable.
This solution consists in the insertion of wooden profiles in the walls that make up the
building's facades. They shall be arranged at the corners and along the length of the same,
embedded in its section. They shall be linked by another wooden beam, arranged horizontally,
at the intersection between the two levels in the form of porticos that receive the loads from the
upper floor and distribute them to the ground.
3.2. Repair of the adobe walls
Adobe walls will be reconstructed (for those which already collapsed) or repaired. The
damaged sections of the walls will be torn down and rebuilt employing similar adobe bricks to
the original ones.
3.3. Geogrid retrofit
In order to prevent partial or total collapse of building’s adobe walls as well as to increase
their stiffness, strength and deformation capacity, a state-of-the-art polymer mesh of industrial
geogrid is going to be applied for the seismic retrofit of the building. This intervention will be
completed with a cover of the reinforcement mesh made of mud plaster.

Figure 8. Frontal view of the building with the geogrid applied.
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3.4. Lime and earth mortar
Once again, the more efficient solution of application of shotcrete cannot be performed due
to the high incompatibility and lack of “breathing” for the adobe wall. In this line, plaster will
be made with a mortar composed of lime and earth, both natural materials, constituting a much
less invasive solution.
3.5. Replacement of the central beam, pillars and slab girders
The damaged wood beam shall be removed, and the wooden girders repaired or replaced in
order to allow a central open space without the multiple struts currently present in the structure.
The already mentioned inclusion of porticos will reduce the number of pillars needed for the
central beam, giving the interior more usefulness.

Figure 9. 3D simulation of the main space (Source: Escuela Taller de Lima, 2007).

3.6. Reconstruction of the second level
This action will be done maintaining its constructive nature, that is, the reconstruction will
be in quincha panels between wooden columns that constitute the different divisions in the
original plans. In addition, the wooden slab, on which the upper level rests, will be rebuilt
consisting of wooden beams that will distribute the loads they receive towards the bearing walls
of the lower level.

Figure 10. 3D simulation of the main facade (Source: Escuela Taller de Lima, 2007).
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4 CONCLUSIONS
The results achieved in the analysis of the case study building permitted to accomplish
relevant information about the possible structural and constructive solutions to be adopted,
along with its current damage level.
This knowledge allowed the preliminary evaluation of its seismic vulnerability and a
proposal of an appropriate retrofitting solution for the building.
A future research based on materials characterization and a numerical modelling structural
assessment of building’s seismic performance, with and without the retrofitting measures,
should be conducted in order to confirm the obtained results on the seismic vulnerability of the
construction and the suitability of the retrofitting solutions proposed.
One conclusion is clear: the high value of the building and the excellent retrofitting results
that can derive from the intervention make it worth it to be restored.
This paper contributes also to the knowledge of this kind of adobe masonry historical
heritage buildings, especially the Peruvian ones, as well as to a possible approach to its
assessment, and the information obtained can be used as a reference for future case studies.
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Abstract. In many places around the world there still exist statues, walls and columns which,
despite being located in areas of high seismicity, are still standing and in good conditions
after several hundred years. Although Peru is located on a zone of high seismicity, some
preColumbian walls are still standing after having withstood many intense earthquakes. The
remarkably stable dynamic response of these structures when rocking freely due to horizontal
ground motions has been extensively studied [1] [2]. The aim of the project presented in
this article is to evaluate the probability of seismic overturning of Inca monuments (XVth
century CE) during future strong earthquakes. The Wiracocha temple walls located near
Cusco and the Inca trail walls that cross the PUCP campus in Lima were selected for this
study. Both earthen walls were modelled as free-standing rigid blocks which could rotate
around the corners at their base. A set of synthetic ground acceleration signals were
then generated according to the seismicity and ground conditions of both sites. The
artificial ground acceleration records were scaled to the uniform hazard spectrum of Peru
for return periods of 500, 1000 and 2500 years and different moment magnitudes [3]
[4]. The rocking time history response of each wall due to these ground motions was then
numerically computed and plotted in order to assess the seismic risk due to overturning of
these
important
earthen
monuments.
The main conclusion is that these walls will most probably remain standing for many more
centuries.
1

INTRODUCTION

In many areas of high seismicity across the world you can visit historical monuments that
are simply supported and are still standing and in good condition many centuries after being
built. In Peru, for example, some pre-Columbian walls have survived several intense
earthquakes, while other similar structures have collapsed. This work aims to give
some explanations for this phenomenon by analyzing the seismic rocking response of rigid
blocks.
The rocking of rigid blocks subjected to horizontal base motions has been extensively
studied ever since Housner published a seminal article on the topic [1]. Since then, many
researchers have expanded significantly on the theory (see, for example, [2]) and developed
analytical, numerical and experimental studies to better understand this interesting and
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complex phenomenon.
This article briefly presents the analytical formulation and a numerical method to estimate
the rocking response of rectangular rigid walls caused by horizontal seismic excitation at the
base. The mathematical expressions presented were then used to evaluate the seismic safety of
two Peruvian pre-Hispanic monuments. For this study, a portion of the wall of the temple of
the god Huiracocha in Raqchi, near Cusco, and a portion of the border wall of the Inca trail
that crosses the PUCP campus (in Lima) were selected. Both earthen walls were built in the
Inca period, during the 15th century AD. Ground shaking was characterized by a set of
synthetic horizontal acceleration signals, generated according to the local seismicity and soil
conditions of both locations. For each site, synthetic accelerograms were generated
corresponding to return periods of 500 years (rare earthquake), 1000 years (very rare
earthquake) and 2500 years (extraordinary earthquake), and for moment magnitudes
consistent with the local seismicity [3][4]. The time history rocking response of each wall was
calculated numerically and then the overturning seismic risk of these important earthen
monuments was then evaluated.
The main conclusion of the study is that the Inca wall at PUCP will probably collapse
during a future earthquake, while the Huiracocha wall in Raqchi will remain standing for
many more centuries.
2 SEISMIC ANALYSIS OF RIGID BLOCKS
In 1963 Caltech professor George Housner published an article on rigid block vibrations,
where he presented the equation describing the movement of a block that wobbles around its
lower corners due to the movement of its base. There is extensive literature on the rocking
response of rigid solids subjected to earthquakes, as well as a large number of analytical,
numerical and experimental investigations on that subject. Figure 1 presents the geometric
parameters of the generic rigid block studied in this article. The block size is characterized by
the radius R and the slenderness is described by the characteristic angle α = atan(b⁄h). The
rocking response of the block around its base corners is described by the variation in time of
the rotation angle θ.

Figure 1 Geometric parameters of the rigid block

If a rigid block is subjected to an acceleration at its base
, it will move together with
the ground as long as
where is the coefficient of static friction between the block
and the ground and g is the acceleration of gravity.
The condition for no slip in the base is then
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(1)

the block will not uplift as long as the moment of the inertia forces is less than the resistant
moment due to the weight, that is if
. Therefore, the condition for the block to
start rotating around a lower corner is
(2)

2.1 Rocking equation of motion
The equations of motions developed by Housner (1963) are presented here. Rocking
response of a rectangular block was expanded on and discussed in detail by Makris and
Roussos (2000) [5]. It is assumed that the block is perfectly rigid and that impact with the
ground is produced by a concentrated force acting in a lower corner. The rocking equations of
motion are the following,
When the angle of rotation is positive,
(3a)

Meanwhile, when the angle of rotation is negative,
(3b)

For rectangular blocks,

, and the equations (3) are expressed as
(4a)
(4b)

Where
it is a parameter with angular frequency units (called “frequency
parameter” although it is not proportional to the angular natural frequency ).
The principle of conservation of angular momentum implies that the block loses energy
every time the pivot moves from one corner to the other at each swing. If the coefficient of
restitution r is defined as the ratio between kinetic energies after and before impact, that is
, the equation published by Makris and Zhang (2001) [2] is obtained:
(5)

2.2 Numerical integration methods
A rigid block subjected to excitation at its base will begin to oscillate around a lower
corner if
(equation 2) and, while the oscillations last, its movement will be
governed by equations (3a) and (3b). There are several numerical methods to solve these
equations and calculate the response of slender rigid blocks subjected to seismic excitation.
This work uses the method presented by Santa Cruz (2000) [6], which is based on the method
of interpolation of the excitation published by Chopra (2014) [7] to study the seismic response
of viscoelastic oscillators.
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must be discretized at equal intervals of duration Δt. If
The acceleration of the ground
for the instant ti, the angle of rotation , the angular velocity and angular acceleration ,
are known, we want to calculate these values for the next instant
+ Δt.
The following expressions, in which pt = p Δt, sh = senh pt, and ch = cosh pt, are
and angular velocity
at the end of the interval.
sufficient to calculate the rotation
(6a)
(6b)

Where
C=

B =ch

C´ =

p.sh

Finally, the angular acceleration of the block at the end of the interval
the equations of motion (3a and 3b).

(20a)

is obtained from

2.3 Response to harmonic excitation
Manos and Demosthenous (1995) [8] studied the response of truncated cones subjected to
harmonic displacements of amplitude A and circular frequency Ω. To interpret the results
obtained, they produced a two-dimensional graph containing coordinate points (A, Ω)
identified with the letter O if the block is overturned (Overturn), R if it rocks (Rocking), or N
if It does not rock. In this work, an analogous graph was created for rectangular rigid blocks
subjected to harmonic acceleration (Figure 2) where the type of response is represented by a
(
symbol and the harmonic excitation is defined by the dimensionless amplitude
is the peak acceleration, g is the acceleration of gravity and α is the characteristic angle of the
.
block) and the frequency ratio

Figure 2 Response to harmonic excitation of the sinusoidal type
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It is observed that, in the entire frequency range studied, if the amplitude of the harmonic
movement is small, the blocks translate with the ground and that there is a well defined
amplitude of the ground motion from which the blocks oscillate. For low frequencies, the
blocks overturn, while for high frequencies the blocks oscillate, and only overturn when the
intensity of the movement increases. As the intensity of the base motion increases, the
frequency zone in which the blocks are turned widens, but the threshold that defines whether
a block turns over is not clearly defined.
In order to visualize the dynamic behavior of the block subjected to harmonic excitation as
a function of time, a three-dimensional response spectrum was drawn up, in which the
variation of the dimensionless rotation response amplitude θ(t)/α is plotted as a function of
. The
time (in absolute value) for a series of rigid blocks with different frequency ratios
intensity of the excitation is characterized by the dimensionless ratio PGA / g tan α. To
calculate the response of rotation of each block, the ground acceleration record was smoothed
by means of a Blackman-Harris window [9] so that the movement of the soil begins and ends
smoothly. The 3D response spectrum is then a surface on the plane
vs time, whose
height is the dimensionless rotation response θ / α.
Figure 3 shows the 3D spectrum corresponding to an intensity PGA / g tan α = 4. The
amplitude of the rotation at each moment is measured by the height of the surface above the
base plane (θ = 0) and can be better visualized by the color, which varies from dark blue for
small oscillations to yellow for large oscillations. The blocks are considered to overturn when
the inclination of their diagonal exceeds the vertical, that is when | θ | > α. The black zone
then represents the rotation response of the blocks that would have collapsed. The onset of
collapse can be visualized as the intersection between the response surface and the horizontal
plane θ / α = 1.

Time (s)
Figure 3 3D response spectrum of block rotation response to harmonic excitations

It is interesting to note that the projection of the 3D surfaces on the plane at t = 0 (the red
line in Figure 3) represents the traditional 2D response spectrum, in which the maximum
amplitude of the rotation response θ/α is plotted versus the frequency ratio
.
To study the influence of the intensity of the harmonic excitation on the rigid block
rotation response, the maximum rotation response for several intensity levels was calculated,
and Figure 4 shows the results obtained.
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Figure 4 Block rotation response spectra for harmonic excitations

It is observed that for very low excitation levels (PGA ≤ 0.1 g tan α), the rotational
response is also low, with θmax ≈ 0.2α and no overturning. For high intensities (PGA ≥ g tan
α) and low frequencies some blocks tend to tip over a range of frequencies that increase as the
intensity increases. A transition zone is noted between the overturning frequency range and
the frequency range with low amplitude oscillations. Makris (2014) [10] and Bachmann et al.
(2018) [11] also studied this phenomenon in great detail and produced graphs that show the
complex relationship between the rocking response and the intensity and frequency
characteristics of sinusoidal pulses. The authors of this paper generated Figure 5, which
for ground shaking
shows a 2D graph of rotational amplitude θ/α vs frequency ratio
intensity PGA / g tan α = 5, in which the overturning black zone (θ/α = 1) is consistent with
the Bachmann and Makris graphs.

Figure 5 Rocking spectra

3

SEISMIC ANALYSIS OF THE INCA WALLS

The Huiracocha temple (Figure 6a) is located in the town of Raqchi, 118 kilometers from
the city of Cusco. Legend says that Raqchi’s citizens had stopped worshiping the god
Huiracocha, and he, to punish them, sent a rain of fire. That is why after the punishment, the

3138

Arturo Torres, Marcial Blondet and Sandra Santa Cruz

people of Raqchi built this temple for his worship. Since the walls of the Huiracocha temple
are damaged, the residents of Raqchi have decided to reinforce them as shown in Figure 6a.
Some walls of the Inca Trail (Figure 6b) are located within the PUCP university campus in
the city of Lima, on the central coast of Peru. The Inca Trail (Qhapaq Ñan) is a walled road
that in ancient times connected important sites of the Inca empire. Many sections of the trail
were destroyed for the construction of the University Avenue road in Lima. The 467 meters of
the Inca Trail that are inside the PUCP campus are conserved with great care by the university
community.

a)

Huiracocha Temple in Cusco

b) Inca Trail PUCP in Lima

Figure 6 pre-Hispanic earthen walls studied

The risk of seismic overturning of the Huiracocha Temple and the Inca Trail walls was
evaluated by analyzing their rocking response to simulated earthquake motion. Ground
shaking was specified via synthetic accelerograms corresponding to earthquakes with return
periods of 500, 1000 and 2500 years. Each wall was modelled as a rigid rectangular solid with
uniform density subjected only to horizontal seismic excitation at the base. The dimensions of
each wall were measured in situ and the density of each material was estimated from known
values. With these data, the geometric (b and h) and inertial (m and IO) properties of the
mathematical models of each wall were estimated. Then the rotational response of each wall
to the ground motions earthquakes generated for each site was calculated. Finally, the seismic
risk of each wall was characterized by the period of return of the earthquake capable of
producing wall failure due to overturning.
To assess the vulnerability of historical monuments, it is necessary to estimate with
confidence the seismic hazard of the region where they are located, for which it is required to
have a large database of seismic records over time. In Peru, unfortunately, these records are
still scarce and the use of synthetic accelerograms is required to perform seismic risk studies
of important buildings such as historical monuments.
Synthetic signals appropriate to the sites studied were generated as follows: first, the
distance to the nearest seismogenic source and the soil stiffness characteristics of each site
were estimated. With this information, uniform hazard spectra were generated, and scaled to
the spectral form of document FEMA 356 [12]. Finally, appropriate attenuation curves were
applied in order to obtain acceleration spectra corresponding to earthquakes with return
periods of 500 years (rare earthquakes), 1000 years (very rare earthquakes) and 2500 years
(extraordinary earthquakes), respectively.
Peru is located in an area of high seismic activity due to the subduction process of the
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Nazca plate below the South American plate. Figure 7 [3] shows the seismogenic sources
corresponding to the capital city of Lima and the imperial city of Cusco. To generate the
synthetic accelerograms used in this study for each of these cities, it was decided to use the
SeismoArtif 2018 software.

Figure 7 Map of seismogenic foci of Peru and location of Lima and Cusco

3.1 Accelerograms for Cusco
The seismogenic sources for Cusco come from cortical deformation processes (F-19 in
Figure 7) and geometric effects of the Nazca plate under the continent (F-21, F-22 and F-23).
Only the F-23 source was considered, being the closest to Cusco. The response spectra shown
in Figure 8 were generated for return periods Tr of 475, 1000 and 2500 years and a rupture
length of 10 km. The 475-year earthquake (usually referred to as the 500-year earthquake)
corresponds to the design earthquake specified in the Peruvian Seismic Standard.

Figure 8 Spectra of synthetic earthquakes generated for Cusco

Figure 9 shows a set of synthetic accelerograms for the city of Cusco, compatible with the
generated spectra.
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Figure 9 Synthetic accelerograms for Cusco

3.2 Accelerograms for Lima
The seismogenic sources for Lima shown in Figure 7 come from subduction (F-24) and
interface (F-4) processes. Only the F-24 source was considered, as being the closest to Lima,
with a rupture length of 25 km. The spectra generated for Lima appear in Figure 10 and a
compatible set of accelerograms is shown in Figure 11.

Figure 10 FEMA 356 Design Spectrum for Tr = 475 years, 1000 and 2500 years, (Barreto 2019)

Figure 11 Synthetic accelerograms for Lima
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3.3 Seismic analysis of the Huiracocha temple
The wall is composed of a stone base of total height HP = 3 m and mass mP = 57,700 kg, on
which an adobe wall of height HA = 9 m and mass mA = 106,500 kg rests. The average wall
thickness is 1.5 m and the average width is 5 m. The average density of the stone wall was
considered to be 2600 kg/m3 and the average density of the adobe wall is 1600 kg/m3.
To perform the seismic analysis, the wall was modeled as a rigid rectangular solid of
uniform material, with total mass m = mA + mP = 164,200 kg, total height 2h = 11.42 m and
base 2b = 1.50 m, so that the mathematical model has the same moment of rotational inertia
Io = 7.0x106 as the real wall. Figure 12 shows a photo of the wall and a drawing of the
mathematical model used in seismic analysis.

a) Real wall

b) Mathematical model

Figure 12 Portion studied from the wall of the Huiracocha temple

None of the generated ground motions was strong enough to cause wall overturning. The
maximum rotation that the wall would experience due to the 2500-year earthquake would be
around 1°, much smaller than the angle required to cause overturning (α = 7.48 °), as shown
in Figure 12. Therefore, the wall of the Huiracocha temple is safe against overturning even
with the most intense earthquake possible in Raqchi.

Figure 13 Rotation response of the Huiracocha temple wall for a synthetic signal
of Tr = 2500 years and Mw = 6.9
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3.4 Seismic analysis of the PUCP Inca Trail in Lima
The out-of-plane seismic response of the wall portion shown in Figure 14a was studied.
The wall is made of tapial and has a total height 2h of 2.80 m and a total mass m of
approximately 10,800 kg. The average wall thickness is 0.55 m and the average width is 4.40
m. The average density of the material was considered to be 1,600 kg/m3.

a)

Real wall

b) Mathematical model

Figure 14 Portion studied of the wall

Dynamic analysis of the wall reveals that this wall would rock without overturning during
the 500-year earthquake, but that it would overturn due to the 1000-year earthquake, as shown
in Figure 15.

Figure 15 Response of the PUCP Inca Trail wall to a synthetic ground motion
with Tr = 1000 years and Mw = 8.5

4

CONCLUSIONS

In several highly seismic areas of the world there are independent, simply supported
historical monuments that have survived intact for many centuries, while nearby buildings
have collapsed. This information is surprising and motivating to study the seismic response of
rigid solids that respond by rocking under base movements.
Although the oscillating movement of rigid blocks subjected to excitation at the base is
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complex, it is possible to develop reasonable equations of motion assuming perfectly elastic
impact forces concentrated in the corners. These equations can be solved numerically with
acceptable precision by methods widely available in the literature. In particular, the method of
excitation interpolation has yielded seemingly reliable results to study the response of the preHispanic walls of Raqchi and the Inca Trail.
The 3D response spectra allow visualization of the evolution of the dynamic response of
rigid blocks with different physical characteristics subjected to harmonic excitation in the
base, and seem useful to describe the complex phenomenon of the rocking response of
structures that can be modeled as rigid blocks.
The return period of the earthquakes that would cause the walls to overturn is a useful
piece of information to make decisions on the seismic protection for these valuable structures.
For example, consideration should be given to adopting measures to improve the seismic
protection of the walls of the Inca Trail. The methodology used in this work could be
extended to evaluate a greater number of monuments and thus contribute to the improvement
of the conservation and protection policies of historical monuments in seismic areas of the
world.
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Abstract. The evaluation of the seismic safety of Andean colonial churches is of high
importance as those buildings represent part of the identity of the society and are historical
emblems for the communities. Most of these buildings are composed of elongated naves with
adobe masonry walls with flexible (or nonexistent) horizontal diaphragms, which generates
potential of out-of-plane failures. In the last decades, different methodologies using advanced
numerical analyses have been developed that allow evaluating the structural behavior of
historical constructions at the expense of an arduous computational effort. In the present paper,
a simplified tool is proposed for the design of walls lateral reinforcement using buttresses. The
tool uses limit analysis and provides an adequate buttress design according to the configuration
of the wall and seismicity of the area where the church is located. The results of the application
of the methodology showed that the developed tool provides fast and accurate alternatives for
the seismic strengthening of Andean adobe churches. The use of buttresses as structural
reinforcement control the development of out-of-plane failure mechanisms, and provide lateral
stability and resistance to the structure.
1

INTRODUCTION

Unreinforced masonry constructions are a significant percentage in different urban areas
around the world, with heritage buildings being the most representative. However, in the case
of seismic events these buildings do not behave satisfactorily due to their lack of structural
capacity, which is why they are known as the most vulnerable constructions to suffer irreparable
damage [1-2]. In recent decades, there has been an increase in interest in the conservation of
heritage buildings as a way of preserving the history of a region. Currently, there are numerous
methods of analysis and computational tools available for the evaluation of the mechanical
behavior of historic structures that can be successfully used in the study of masonry structures
[2-3]. However, despite the great progress made in the study of historical masonry structures,
important challenges still have to be faced, such as the characterization of generally complex
geometries, the difficulty of developing a good analysis and the high computational effort [4].
The limit analysis is a simplified, fast and effective method that allows the analysis of the
seismic behavior of heritage buildings from the study of the possible failure mechanisms that
may occur. In case of the buildings with flexible diaphragms the most critical mechanisms are
the ones associated to the out-of-plane overturning of walls [1-5]. The guidelines for the
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development of the limit analysis are detailed in the Italian construction standard, which
considers certain essential principles for its application in existing non-reinforced constructions
[6-7]. In the present study, a first stage of the methodology based on the use of limit analysis
was apply to understand the seismic vulnerability of the church of Sacsamarca located in
Ayacucho, Southern Peru. A second stage of the methodology was then applied for
dimensioning the buttress solution which was adopted to increase the lateral stability of the
nave walls.
2 METHODOLOGY FOR THE EVALUATION SEISMIC CAPACITY AND
DIMENSIONING OF BUTTRESSES
The methodology proposed for the design of buttresses consists of two phases described in
Figure 1. As a first step, the structural capacity of the longitudinal wall is calculated using limit
analysis, for which it is necessary to know certain data such as the materials, loads, geometry
of the wall, and seismic parameters of the site. If the structural capacity does not exceed the
seismic demand, the wall must be reinforced by adding buttresses. Phase 2 is the design of the
buttresses considering a series of possible design configurations that were defined based on the
guidelines proposed by the Indian [8] and Peruvian [9] standards. The structural capacity of the
reinforced system is calculated, taking into account the configurations established in order to
determine those that offer greater lateral stability to the wall.

Figure 1: Methodology of analysis and design of buttresses for Andean colonial churches

3 EVALUATE THE SEISMIC SAFETY OF THE LONGITUDINAL WALLS OF
THE SACSAMARCA CHURCH
3.1 Description of the case study
The church of the Virgin of the Assumption of Sacsamarca is located in the department of
Ayacucho and its construction began during the last decades of the sixteenth century. It has
adobe walls, stone foundations, and a wooden roofing system (Figure 2-a and 2-b). The church
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has a central nave that is 50 m long and approximately 12 m wide. The longitudinal walls have
“arrimos” which are elements made of unconsolidated stone masonry and are a type of buttress
whose function is to provide stability to the walls (Figure 2-c). The walls are made of adobe
with a thickness of 1.5 m and a height of approximately 9.0 m. It has a roofing system known
as “pair and knuckle” (Figure 2-d).

(a)

(b)

(c)

(d)

Figure 2: General views of the Sacsamarca church: (a) exterior view, (b) interior view and architectural plans:
(c) plan view of the height of the base of the wall and (d) cross section

3.2 Dimensioning of the buttress
Based on the design guidelines suggested by the Indian [8] and Peruvian [9] standards for
the reinforcement of walls using buttresses, a set of configurations was determined, grouped
into cases I and II. It should be noted that the variable parameters are in function of 𝑏𝑏 and 𝐻𝐻,
which are the thickness and height of the reinforced wall. The variables 𝑏𝑏1 and 𝑏𝑏2 are the
dimensions of the buttresses (thickness and depth) and 𝑑𝑑 the distance between the
reinforcements (see Table 1). The property has a stone overhang of 1.3 m and an adobe wall
height of 6.6 m, however, the wall section was considered to be made only of adobe in its entire
height since it is the most predominant material compared to stone, therefore, the total height
of the wall was considered to be 9.0 m.
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Table 1: Section values of the buttressed wall for Case I and Case II

Case I
b1=b, b2=1.5b y d=[3-13]b
b (m)
b1
b2
d
1.5
1.5
2.25
4.5
1.5
1.5
2.25
6.0
1.5
1.5
2.25
7.5
1.5
1.5
2.25
9.0
1.5
1.5
2.25
10.5
1.5
1.5
2.25
12.0
1.5
1.5
2.25
13.5
1.5
1.5
2.25
15.0

Case II
b1=b, b2=2.0b y d=[3-13]b
b (m)
b1
b2
d
1.5
1.5
3.0
4.5
1.5
1.5
3.0
6.0
1.5
1.5
3.0
7.5
1.5
1.5
3.0
9.0
1.5
1.5
3.0
10.5
1.5
1.5
3.0
12.0
1.5
1.5
3.0
13.5
1.5
1.5
3.0
15.0

In addition, for the development of the limit analysis methodology, a geometric conversion
was performed from the original section (wall plus buttresses) called type C section (Figure 4a) to an element of constant thickness 𝑏𝑏𝑒𝑒𝑒𝑒 (Figure 4-b). This proposed methodology for section
conversion is intended to perform in a simpler and faster manner the calculation of the factor
that activates the tipping failure mechanism in the limit analysis from the system load
equilibrium. To calculate the equivalent thickness, a non-linear static pushover analysis using
DIANA-FX software was used to evaluate the conversion of sections by generating models
with displacement and rotation restrictions at the base. A horizontal force was applied to the
highest node of the element to obtain the maximum displacement. The equivalent section was
modeled repeatedly until obtaining a similar stiffness value to the C-type wall, applying the
same force and obtaining the same displacement for both walls.

(a)

(b)

Figure 4: Diagram of the reinforced wall section and conversion of (a) a type C wall to a typology of (b) wall
with equivalent thickness

From the results obtained from the modeling of the two types of walls for each configuration,
an equation was constructed that allows the value of the equivalent thickness to be obtained.
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This equation (Eq. 1) is based on the relationship between the cross-sectional areas of type C
sections and equivalent sections, considering a parameter K that represents the stiffness
contribution of the buttresses to the walls. Since in cases I and II there are different dimensions
for the buttresses, the values of parameter K vary resulting in K=1.8 for Case I and K=1.5 for
Case II.
𝑏𝑏𝑒𝑒𝑒𝑒 = 𝑏𝑏𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 + K

(2 ∗ 𝑏𝑏1 ∗ 𝑏𝑏2)
𝑑𝑑 + 𝑏𝑏1

(1)

3.3 Verification of the structural contribution of the buttress system using numerical
analisis
According to the proposed methodology, for phase 1 the structural capacity of the
longitudinal walls with a tendency to develop an out-of-plane tipping fault mechanism must be
calculated from the development of the limit analysis. The guidelines of the Italian standard
and its derivatives [6-10] for limit analysis were adopted, and the limit state relating to safety
of life (SLV) was applied. Additionally, it was necessary to know the zoning and soil type
parameters of the area to calculate the seismic demand. These parameters are extracted from
the Peruvian seismic-resistant standard [11] and are detailed in Table 2.
Table 2: Zoning and soil type parameters for the case study

Description
Maximum horizontal site acceleration: Z3
Category coefficient of the subsoil and topographic conditions:
Considered a bad soil in the absence of specific information
Period corresponding to the beginning of the section at constant speed
of the spectrum: Tc = Tp
Period corresponding to the beginning of the section at constant
spectrum shift: TD = TL

Code
NTE 030

ag

Value
0.35g

NTE 030

S

1.20

NTE 030

TP

1.0 s

NTE 030

TL

1.6 s

The mechanical properties of the materials were taken from the structural survey report of
the Sacsamarca church [12], where the average specific weight of the masonry is 2130 kg/m3,
modulus of elasticity E=271x106 N/m2 and a ductility of 1.6 mm. Table 3 details the structural
parameters required for the linear and non-linear verifications of the limit analysis of the case
study. The partial safety coefficient to be used for the seismic design of masonry structures 𝑞𝑞𝑒𝑒
is equal to two according to the Italian standard (chapter 7.8) [6]. On the other hand, the Italian
standard recommends the use of a factor 𝑞𝑞 for the confidence level of the structure from the
determination of the level of knowledge of the property. In this study, it was decided to consider
conservative values and for this reason a knowledge level LC2 was chosen, related to a factor
𝑞𝑞 = 1.2, because previous studies were carried out on the properties of the building materials
[6].
Table 3: Structural parameters to calculate the accelerations and spectral displacements

Description
qe: Structure factor
Z': Height at which the center of masses is located
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H: Total height of the wall
Ψ(Z'): First form of vibration in the direction of analysis: Z'/H
N: Number of levels in the structure
γ: Modal participation coefficient: 3N/(2N+1)

9.0
0.5
1
1

m
-

In addition, the virtual working principle was used to calculate the factor of the turning fault
(𝛼𝛼0 ). The linear safety check in terms of acceleration (Eq-2) is performed to ensure safety in
the damage limit state (SLD) and the ultimate limit state (SLU). This equation makes it possible
to calculate the spectral acceleration demand of the earthquake according to the Peruvian
earthquake-resistant standard [11]. On the other hand, for the verification of the SLU state, the
properties of the structure and the soil are used, and the structural capacity expressed in terms
of acceleration (Eq-3) is calculated. The factor 𝑆𝑆 is the soil amplification factor, 𝑍𝑍 is the zoning
coefficient whose values are shown in Table 2, while the factor 𝑞𝑞 governs the behavior of the
structure and is indicated in Table 3 [6].
𝑎𝑎0∗ ≥

𝑎𝑎0∗ ≥

𝑍𝑍 ∙ 𝑆𝑆 ∙ 𝑔𝑔
𝑞𝑞

(2)

𝑍𝑍
𝑇𝑇𝑇𝑇
∙ min (2.5
, 2.5) ∙ 𝑆𝑆 ∙ 𝑔𝑔 ∙ 𝜑𝜑(𝑧𝑧) ∙ 𝛾𝛾
𝑞𝑞
𝑇𝑇1

(3)

The factor 𝑇𝑇𝑝𝑝 is the period corresponding to the final part of the plateau (constant zone) in
the elastic acceleration response spectrum and 𝑇𝑇1 is the period of fundamental vibration of the
structure. The factor 𝜑𝜑(𝑧𝑧) is the first normalized vibration mode of the structure and is
estimated as the ratio of the point of the center of masses relative to the ground and the total
height of the element relative to the ground 𝑍𝑍′⁄𝐻𝐻 . Finally, 𝛾𝛾 is the modal participation factor
which is calculated as 3𝑁𝑁 ⁄(2𝑁𝑁 + 1), where 𝑁𝑁 is the number of levels of the structure [4-13].
Furthermore, it is necessary to verify the system by means of a non-linear analysis in terms
of the displacements. The ultimate spectral displacement 𝑑𝑑𝑢𝑢 ∗ corresponds to the limit state of
the structure's service and is equivalent to 0.4 𝑑𝑑0 ∗ . It is compared 𝑑𝑑𝑢𝑢 ∗ with the demand of
spectral displacement ∆𝑑𝑑 ∗ which is calculated from the secant period 𝑇𝑇𝑠𝑠 defined for the system
of a degree of freedom [6-14]. The seismic displacement demand ∆∗𝑑𝑑 (𝑇𝑇𝑇𝑇) is calculated from
equations Eq-4, Eq-5 or Eq-6. Finally, the safety verification for the ultimate limit state is
guaranteed when the ultimate displacement satisfies the following relation: ∆𝑑𝑑 ≤ 𝑑𝑑𝑢𝑢∗ [13].
𝑇𝑇𝑇𝑇 < 1.5𝑇𝑇1

1.5𝑇𝑇𝑇𝑇 ≤ 𝑇𝑇𝑇𝑇 < 𝑇𝑇𝐷𝐷
𝑇𝑇𝐷𝐷 ≤ 𝑇𝑇𝑠𝑠

∆∗𝑑𝑑 (𝑇𝑇𝑇𝑇) = 𝑎𝑎𝑔𝑔 𝑆𝑆

𝑇𝑇𝑠𝑠2
3(1 + 𝑍𝑍′⁄𝐻𝐻 )
(
− 0.5)
2
4𝜋𝜋 1 + (1 − 𝑇𝑇𝑇𝑇 ⁄𝑇𝑇1)2

∆∗𝑑𝑑 (𝑇𝑇𝑇𝑇) = 𝑎𝑎𝑔𝑔 𝑆𝑆

∆∗𝑑𝑑 (𝑇𝑇𝑠𝑠) = 𝑎𝑎𝑔𝑔 𝑆𝑆

1.5𝑇𝑇1𝑇𝑇𝑇𝑇
𝑍𝑍′
(1.9 + 2.4 )
4𝜋𝜋 2
𝐻𝐻
1.5𝑇𝑇1𝑇𝑇𝐷𝐷
𝑍𝑍′
(1.9 + 2.4 )
2
4𝜋𝜋
𝐻𝐻

(4)

(5)
(6)

With the detailed information on the development of the limit analysis, the seismic safety of
one of the longitudinal walls of the case study was evaluated. The geometry of the wall
according to the architectural plans consists of a thickness of 1.5 m, a height of 9.0 m and a
length of 43.3 m. Table 4 shows the results obtained for the structural capacity of the wall,
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resulting in a value of 0.139g compared to a seismic demand of 0.263g. Although the non-linear
verification by displacement is satisfactorily fulfilled, it is necessary to propose a reinforcement
to the wall until both verifications of the limit analysis are satisfied.
Table 4: Structural capacity of the longitudinal wall of the case study

Structural capacity
α0
a0*
du*
0.167 0.139
296

Seismic Demand
ad*
∆d*
0.263
21

SFa (g/g)

SFd (mm/mm)

Safety

0.53

14.10

Unsafe

For Phase 2 of the methodology, the reinforcement of the wall from the design of the
buttresses is evaluated using the methodology of the limit analysis, the configurations set out
in Table 1 and equation Eq-1 for section conversion. Table 5 shows the results of the
verifications of the limit analysis for cases I and II. A comparison between the values of
structural capacity and seismic demand gives the safety factors (SF) as a function of
accelerations (g) and displacements (mm). If for a configuration both factors are greater than
the unit, the structure is considered to be safe, otherwise it is sufficient that one factor does not
satisfy the requirement to be considered an unsafe structure that does not verify the safety of
the damage limit state (SLD).
Table 5: Linear and non-linear checks of the limit analysis in cases I and II
Case

I

II

Config.
“d”
3b
4b
5b
6b
7b
8b
9b
10b
3b
4b
5b
6b
7b
8b
9b
10b

Structural capacity
α0
a 0*
du*
0.392 0.326
656
0.347 0.289
590
0.317 0.264
543
0.295 0.246
510
0.279 0.233
484
0.267 0.222
464
0.257 0.214
447
0.248 0.207
434
0.417 0.347
692
0.367 0.306
620
0.333 0.278
569
0.310 0.258
532
0.292 0.243
504
0.278 0.231
482
0.267 0.222
464
0.258 0.215
449

Seismic Demand
ad*
∆d*
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
0.263
21
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SFa
(g/g)

SFd
(mm/mm)

1.24
1.10
1.00
0.94
0.89
0.84
0.81
0.79
1.32
1.16
1.06
0.98
0.92
0.88
0.84
0.82

31.24
28.10
25.86
24.29
23.05
22.10
21.29
20.67
32.95
29.52
27.10
25.33
24.00
22.95
22.10
21.38

Safety
Safe
Safe
Safe
Unsafe
Unsafe
Unsafe
Unsafe
Unsafe
Safe
Safe
Safe
Unsafe
Unsafe
Unsafe
Unsafe
Unsafe
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It should be noted that the structural capacity of the original longitudinal wall is 0.139g, so
adding buttresses as a reinforcement system improves the stability of the wall and can increase
lateral resistance by more than 50%.
For the validation of the limit analysis methodology developed, the results obtained for the
design of buttresses were compared with the results of applying the pushover analysis in the
same configurations. The model of the section in study is built with finite elements (FEM) using
tetrahedral elements (TE12L) with an average size of 0.5 m. The numerical model was obtained
using the software DIANA-FX. The vertical forces were considered to be loads from the own
weight and the seismic forces as horizontal thrust forces whose direction of analysis was +Y
axis. The iteration method used to analyze gravity and seismic loads was the Modified NewtonRaphson method combined with the arc length method ARC LENGHT [4], only in the cases of
seismic load analysis. The control points in each configuration were located in the highest part
of the reinforced walls in order to quantify the maximum displacement [15]. Convergence was
controlled from the energy parameter using a tolerance of 0.001. According to [16], a non-linear
behaviour for masonry should be considered by means of a constitutive model based on total
deformation (Total Strain Crack Model), since this model provides good stability in crack
opening control. In addition, a crack model called the Rotating Crack Model was used and the
condition of embedding in the base was absolute (FIXED).
According to the study by [17], the behaviour developed by the masonry in traction follows
a model of post-peak exponential softening, while in compression it adopts parabolic hardening,
followed by post-peak parabolic softening [17,18,19]. The elastic and non-linear properties of
Table 6 were used to perform the pushover analysis.
Table 6: Elastic and non-linear properties of adobe material

Tensile
modulus
(E)

Specific
weight
(γ)

Compressive
strength
(fm)

Tensile
strength
(ft)

Compression
fracture
energy (Gm)

MPa
271

kg/m3
2130

MPa
0.6775

MPa
0.06775

N/m
1084

Tensile
fracture
energy
(Gt)
N/m
10

Coefficient
of ductility
(μ)

Poisson
Module
(ν)

mm
1.6

0.24

After performing the pushover analysis, Table 7 shows the structural capacity values which
are compared to the seismic demand of the area.
Table 7: Results of the maximum structural capacity as a function of acceleration

a0* (g)
Case 1
Case II

3b
0.333
0.360

4b
0.298
0.311

5b
0.275
0.291

Design configurations
6b
7b
0.257
0.244
0.267
0.254

8b
0.229
0.234

9b
0.218
0.228

10b
0.215
0.221

The comparison of the structural capacity results of the configurations for both methods of
analysis is shown in Figure 5-a and Figure 5-b for cases I and II, respectively. From the graphics
it can be seen that the limit analysis gives clearly similar values to those obtained from the
pushover analysis with an error between the results not exceeding 5% with respect to the results
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of the pushover analysis. It is demonstrated that using limit analysis to calculate the structural
capacity of existing masonry constructions, in this case Andean colonial churches, in the face
of the occurrence of seismic phenomena provides reliable results that are significantly close to
the real behavior of these buildings.

(a)

(b)

Figure 5: Comparison of results between limit and pushover analysis for cases (a) I and (b) II

4 PROPOSAL OF A SIMPLIFIED METHODOLOGY FOR THE DESIGN OF
BUTTRESSES IN ADOBE CHURCHES
A proposal was elaborated to design buttresses to reinforce the longitudinal walls of Andean
colonial churches through the creation of a computer program using MatLab software. The
program implicitly develops the limit analysis and verifications for each of the proposed
configurations. The objective is to obtain reinforcement designs that provide additional
resistance to the wall and thus overcome the seismic demand of the area. On the other hand, the
architecture of Andean colonial churches has a common pattern for such structures. They have
one or more bell towers, apse, chapels, longitudinal walls on which the roof, facade and in some
cases buttresses or “arrimos”. It must be taken into account that these constructions have
longitudinal walls whose dimensions vary from one church to another. However, it is possible
to consider typical ranges for the dimensions of the wall. In addition, because the presence of
seismic events generates a variety of fault mechanisms, in the case of churches the prevailing
fault is that of out-of-plane turning due to their extensive walls [20]. Table 8 shows a group of
Andean colonial churches considered to be the most representative for this study.
Table 8: Dimensions of longitudinal walls in the most representative Andean colonial churches

Name
San Juan Bautista of Huaro Church
San Pedro Apóstol of Andahuaylillas Church
Canincunca Chapel
San Blas Church
Temple of San Sebastián
Kuño Tambo Church
Sacsamarca Church

Location
Cusco
Cusco
Cusco
Cusco
Cusco
Cusco
Ayacucho

3153

Thickness (m)
1.6
1.8 - 2.0
1.3
1.5
1.5 - 2.0
1.6 - 1.9
1.5

Height (m)
11
10
8
11
12
8
9
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Design configurations were generated taking as reference the Indian standard [8] and the
Peruvian adobe standard [9] for masonry wall reinforcement. Table 9 shows the ranges of
values to be considered for the dimensions and distances of the buttresses.
Table 9: Configurations for the design of buttresses that the program evaluates

Wall thickness
b (m)
1.0, 1.5 and 2.0

Wall height
H (m)
[8-12]

Distance between
buttresses d (m)
[3b-10b]

Buttress thickness
b1 (m)
Equal to b

buttress length
b2 (m)
1.5b and 2b

Equation Eq-1 is also used to calculate the coefficient 𝐾𝐾 with which the equivalent thickness
(𝑏𝑏𝑒𝑒𝑒𝑒 ) can be determined in each of the configurations (see Table 10). In total, the program must
analyze 240 design configurations by applying limit analyses and evaluating conformity to
safety checks where the input parameters are the dimensions of the wall (thickness and height),
the soil parameters and zoning of the site according to the Peruvian seismic-resistant standard
[11].
Table 10: Values for the coefficient K to find the equivalent thickness

K
b2=1.5b
b2=2b

1.0 ≤ b ≤ 1.2
2.1
1.9

1.2 < b ≤ 1.5
1.8
1.5

1.5 < b ≤ 2.0
1.6
1.4

The program executes the limit analysis for each design configuration of buttresses in order
to calculate the structural capacity of the reinforced system. Each of these results is compared
to the seismic demand of the zone and then the program shows those configurations that comply
satisfactorily with the linear and non-linear verifications of the limit analysis. If the program
shows more than one design configuration, the professional in charge must choose the one that
best matches the geometry of the church.
4 CONCLUSIONS
This work proposes a methodology for the design of buttresses with the aim of strengthening
those Andean colonial churches that are vulnerable to earthquakes. Likewise, this study
contributes substantially to the field of conservation and reinforcement of Andean colonial
churches in Peru since, to date, there is no known simplified, fast and effective methodology
based on the limit analysis that allows to verify whether or not the seismic demand of the area
is exceeded. In the case that more than one design configuration is presented, the responsible
professional (PR) should consider that the churches have an architecture with openings in the
walls (windows and doors), as well as the presence of chapels that somehow provide stability
to the walls. This means that the PR must choose the configuration that can satisfy the seismic
demand of the area and that, additionally, is compatible with the architectural distribution of
the building. Finally, it was possible to prove that limit analysis can be a powerful tool to
evaluate the seismic vulnerability of historical adobe masonry structures.
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Abstract. The effectiveness of the restoration interventions carried out on the Byzantine
monastery of St. Nicholas at Mesopotam, Albania, is discussed. The interventions aimed at
consolidating the church, while bringing it back to its original conditions. Two finite
element models were developed: one describing the church as it was until 2009, and one
after the planned intervention. The models try to reproduce as accurately as possible
the main geometric details of the building, and take into account the macroscopically
orthotropic behaviour of masonry and the main cracks. Linear elastic analyses of both
models were carried out considering gravity loads and lateral loads equivalent to seismic
actions according to the Italian standards. The numerical results show that, in the
occurrence of an earthquake, the stress in the building would considerably increase after
the restoration interventions. In particular, removal of a buttress turns out to be an
operation controversial, not to say detrimental.
1

INTRODUCTION

The restoration of the Byzantine monastery of St. Nicholas in Mesopotam is part of a vast
project, launched in 2006 and supported by UNESCO, aimed at preserving and exploit the
rich cultural heritage of Albania. Started as a joint project involving Albanian professionals
and researchers from several Italian universities, including the Technical University
(Politecnico) of Milan, the project was eventually entrusted only to Albanian experts,
following an interruption as abrupt as unmotivated of the cooperation with the Italian research
team.
Mesopotam is one of the most interesting archaeological sites in southern Albania, both
from an artistic point of view, because of the originality and richness of the frescoes
decorating the interior of the church, and from an engineering point of view. The church of St.
Nicholas was probably built around the XIII century [1], but the building was heavily
modified over time because of the damages induced by seismic events, as numerous as
detrimental, that hit the region of Delvina, where the church is located, especially during the
XVI and XVIII century. Many interventions were carried out, mainly in the XVIII century, to
improve the safety of the building [2][3]: a buttress was added on the south side; the central
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column was embedded within a massive, rectangular pillar; another pillar was added to
support the central arch of the western colonnade.
The ambitious restoration intervention, which started in 2009 and ended in 2011, aimed to
preserve the stability of the building whilst bringing it back to its original condition, i.e. prior
to the XVIII century. Some parts were removed or replaced, and some external ties were
added.
This paper focuses on the structural effectiveness of the intervention. Finite Element
models of the building as it was until 2009 and after the restoration were developed. Although
conceived for simple linear elastic analyses, the models try to capture as accurately as
possible the main characteristics of the building, by taking into account both the
heterogeneous and anisotropic nature of the materials, and the crack pattern. The two models
were submitted to gravity loads and statically equivalent seismic loads, of an intensity defined
by the current Italian standards. The main results of the FE analyses are presented hereafter,
and the consequences of the restoration interventions on the static behaviour of the church are
critically discussed.
2 DESCRIPTION OF THE BUILDING
The church of St. Nicholas stands isolated within large defensive walls and, apart from
some archaeological remains, it is the only building of the former monastery that has survived
to this day (Figure 1(a)).
The church has a rectangular plan (Figure 1(b)), and is internally divided into three areas:
the central nave (or naòs), the narthex and the apse (or bema) at the ends. The naòs is covered
by four domes of irregular geometry, resting on drums pierced by eight windows each; most
of the windows are currently walled up. The drums are connected to the perimeter arches by
pendentives. The arches, in turn, are supported by pilasters and a central columns (Figure
1(c)). The narthex and the bema are separated from the central area by two colonnades of four
arches and covered by sail vaults.
The building was seriously affected by a major earthquake that hit Delvina region in 1745,
during which the two apses - a peculiar feature of the church - collapsed. Later on, in the
XVIII century, the following consolidation interventions were carried out (see Figure 1(b)):
• a massive buttress was added on the southern front of the church;
• one of the apses was completely rebuilt, in the shape of a four-sided polygon;
• the former central column supporting the domes was embedded within a massive pillar
with a rectangular section;
• a second rectangular section pillar was added, to support the central arch of the colonnade
which divides the naòs from the narthex.
The widespread crack pattern visible in the church (see e.g. Figure 1(c)) shows that the
eighteenth-century interventions and the closure of several openings have preserved the
building from further serious damages that might have developed following the seismic
events that occurred later and up to the present day.
A survey campaign was carried out from 2006 to 2008 to assess the state of preservation of
the church and the main failures. The crack pattern was surveyed, a monitoring system was
installed, and the occurring damage mechanisms were identified accordingly. By perusing the
diagrams showing the time evolution of the cracks, and by comparing them with the off-
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plumb of the walls [4], it was possible to highlight the tendency of the façade and the apse to
tilt (Figure 2).

(a)

(b)

(c)

Figure 1: (a) Plan of the church of St. Nicholas: the construction phases are outlined; dashed areas: interventions of the
XVIII century [2]. (b) External view of the church [4]. (c) View of one of the domes

Figure 2: Left: time evolution of selected cracks (dashed lines correspond to months in which no measurement was taken).
Unstable cracks are labelled ASN15, ASN16, ASN17. Right: schematic failure modes
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The restoration interventions started in 2009 and involved the demolition of the buttress,
which was a source of asymmetry and anomalous loads according to the designer, especially
in the event of an earthquake. The buttress was replaced, at least provisionally, by two steel
bracings (Figures 3(a,b)).
The massive central pillar in the naòs was demolished up to a height of about 2.5 m, and
the original column was brought back to light. The remaining, upper part of the pillar was
supported by a steel frame. Similarly, the lower part of the pillar supporting the central arch of
the narthex colonnade was partially demolished, for a height of 2.5 m, and replaced by a steel
frame.
The rotational movements of the façade and the apse can be prevented from progressing by
suitable connections. The designer added an external double steel tie at about 2/3 of the height
(Figure 3(c)) to hoop the building. Additionally, C-section steel beams were fit into the
perimeter walls at about 1/3 of their height, where heavily damaged timber ties existed
previously. These beams, however, are missing at the apse because of the difficulties
encountered during installation. Contrary to the original retrofitting project, steel ties at 1/2
and 2/3 of the height of the walls were not inserted.
The domes were hooped both individually and collectively by polyester strips, which can
be manually adjusted by ratchets.
On the western front of the church, the main entrance door and the side windows were
reopened, so as to “lighten” the facade.

(a)

(b)

(c)

Figure 3: (a) Partial demolition of the buttress. (b) Detail of the steel bracing. (c) Double external steel tie hooping the
church
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3 MODEL OF THE BUILDING
3.1 Geometrical model
Thanks to the extensive database collected during the survey campaign of 2007-08 by a
research group of Milan Technical University (Brumana et al., 2014), a 3D geometrical model
of the building was developed in the AutoCAD® environment. The model is sufficiently
simple to avoid excessively heavy numerical analyses, but, at the same time, accurate enough
to capture the salient features of the building.
The model of the building as it was before the recent interventions described in Sec. 2 is
shown in Figure 4(a), whereas that of the building in the presumed current conditions is
shown in Figure 4(b). The steel frames are represented by red lines.

(a)

(b)

Figure 4: Geometrical model of the church (a) before and (b) after the restoration works carried out from 2009 to 2011

3.2 Materials
The church of St. Nicholas in Mesopotam exhibits a wide variety of masonry, including
different types of brick- and stonework. On the one hand, this is related to the construction
techniques typical of the local architecture, which has the formal characteristics of Byzantine
models. On the other, historical and natural events that have profoundly marked the formal
and structural aspect of this artifact over time.
The classification of the materials used in the construction of the building is based on the
analysis of the monastery walls carried out by Triggiani [5]. Over the centuries, new materials
have been added to the original ones. Nowadays, four predominant types of materials can be
identified:
• Ashlar masonry (Figure 5(a)). It is the material of which the lower part of the load-bearing
walls of is made (in red, in Figure 6). It mostly consists of fairly regular medium grained
limestone blocks. Similar materials were used for the buttress on the south façade, added

3160

Paola Condoleo and Alberto Taliercio

after the earthquake of 1510, the pillar that incorporated the central column, and the pillar
that supported the central arch of the eastern diaphragm, both added in 1793.
• Brick masonry (Figure 5(b)). Masonry made of bricks of different size, mostly 160 and 260
mm thick, arranged and laid with a considerable amount of mortar (30 to 60 mm thick).
Most of the perimeter walls are made of brickwork (in blue, in Figure 6), and so are the
intrados of the pendentives and the domes. Brickwork combines structural performances
with aesthetic rendering.
• Mixed masonry (Figure 5(c)). Masonry consisting of limestone blocks framed by bricks. It
forms most of the top of the perimeter walls (in gray, in Figure 6).
• Stone masonry (Figure 5(d)). Masonry made up of irregular elements, of variable shape
and size, bonded with mortar. It can be found in the regions shown in beige, in Figure 6.

(a)

(b)

(c)

(d)

Figure 5: Main masonry typologies in the church. (a) Ashlar masonry. (b) Brick masonry. (c) Mixed masonry. (d) Stone
masonry

The nine columns inside the church are of made of a having medium-to-fine grained
sandstone, also known as “pietra serena” (in pink, in Figure 6).
Except for sandstone and stone masonry, the other types of materials of which the building
is made are macroscopically orthotropic. Table 1 summarizes the elastic properties that have
been assigned to materials in numerical analyses, in addition to density ρ. Subscript 1 refers to
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an axis parallel to the bed joints, 2 to an axis parallel to the head joints, and 3 to an axis along
the wall thickness.
In the restoration works, steel beams and tie-rods were used, together with polyester strips.
As accurate data are not available, according to the photographic documentation collected
during the survey the following assumptions were made regarding the reinforcing elements:
2
• polyester strips hooping the domes: cross-section = 50×2 mm , elastic modulus E = 5 GPa;
• steel ties externally hooping the perimeter walls: diameter = 20 mm;
• UPN C-section steel beams internally hooping the perimeter walls + steel frames inside the
church: height = 100 mm, width = 50 mm, thickness = 6 mm.
The properties of the steel elements are also listed in Table 1.

Figure 6: Subdivision of the geometrical model according to the material type. Red: ashlar masonry. Blue: brick masonry.
Gray: mixed masonry. Beige: stone masonry. Pink: sandstone
Table 1: Mechanical properties of the materials used in the numerical analyses

Sandstone

ρ [kg/m3]

E1 [MPa]
E2 [MPa]
E3 [MPa]
G12 [MPa]
G23 [MPa]
G13 [MPa]

ν12
ν23
ν13

2500
18000
7500
0.2

Ashlar
masonry
2200
2800
2300
2100
1300
880
820
0.23
0.19
0.18

Brick
masonry
1800
1600
1100
900
790
440
390
0.13
0.11
0.10
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Mixed
masonry
2100
1950
1350
1200
930
580
470
0.16
0.13
0.12

Stone
masonry
1800

7800

1200

210000

540

80770

0.11

0.3

Steel
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3.3 Loads
Both in pre- and post-intervention conditions, the church was analyzed under the effect of
gravity loads and horizontal loads equivalent to an earthquake according to the current Italian
standards.
From a rough analysis of the loads, the weight of the roofs was assumed to be equivalent to
a vertical pressure of 3.5 kN/m2 uniformly distributed on the top of the drums and the
perimeter walls of the narthex and the apse.
As for the earthquake, the region of Mesopotam region was assumed to be seismically
similar to “zone 2” of the Italian standards legislation. Accordingly, the maximum value of
the horizontal acceleration, ag, was assumed to be 0.25g. The structural factor, q = 2.0×αu/α1,
was taken equal to 2.8, being αu/α1 = 1.4 for one-storey ordinary masonry buildings. Finally,
the S-factor that takes into account the stratigraphic profile of the soil on which the building
stands was taken equal to 1.25: as the monastery is located in a gently sloping alluvial plain,
this value corresponds to a soil class intermediate between B and C according to the Italian
standards.
In conclusion, the value of the design spectral acceleration is
Sd (T ) = ag ⋅ S ⋅

2.5
= 2.7372 m/s 2
q

(1)

for 0.15s ≤ T ≤ 0.5s. This value is in line with that of the PGA (Peak Ground Acceleration) in
the area of Mesopotam, inferable from the Global Seismic Hazard Assessment Program
yearbook and issued by the National Institute of Geophysics [6], according to which PGA ≈
2.4 m/s2.
The equivalent static lateral load is assumed to act along the weak direction of the building
(short side), either in the N-S or in the S-N direction.
3.4 Finite Element model
The three-dimensional model of the church before and after the restoration works,
including the main crack pattern, was exported to the ABAQUS® FE code to estimate the
stress and displacement fields with a good degree of approximation.
The polyester strips around the domes, the external steel tie-rods and the UPN beams fit
inside the masonry walls were modelled by means of spring elements, characterized by a
stiffness constant k = EA/L. The steel frames supporting the pillars were modelled by beam
elements, the section and mechanical properties of which were defined in Par. 3.2.
The FE mesh consists of 10-node tetrahedral elements with quadratic modelling of the
displacement field, having sides of length equal on average to 400 mm. Figure 7 shows views
from above (a) and from below (b) of the FE model of the post-restoration church.
4

NUMERICAL ANALYSES

The numerical models described in Par. 3.4 were subjected to linear elastic static analyses.
In the following paragraphs, the results obtained on the pre- and post-intervention model are
discussed and compared under gravity loads only (Par. 4.1), or under combined gravity loads
and equivalent lateral loads acting along the short side of the building (Par. 4.2). Principal
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tensile stresses greater than 0.2 MPa are considered to be dangerous, being able to originate
further cracks.

(a)

(b)

Figure 7: Views from above (a) and from below (b) of the Finite Element model of the church after the restoration works

4.1 Gravity loads
The stress state in the structure under service loads (i.e. gravity loads) is first analyzed. In
Figure 8(a) (respectively, in Figure 8(b)) the contours of the maximum (tensile) principal
stress are reported in the pre-restoration (resp. post-restoration) condition. In Figure 8(b), note
the spring elements that simulate reinforcements.
By comparing Figures 8(a) and 8(b), it can be noted that the restoration intervention has
not significantly changed the stress in the external walls, in which tensile stresses are
negligible. Conversely, high tensile stresses occur near the removed pillars, both in the central
column and in the western vault supported by the steel frame.
In both models, stress peaks are also recorded at the extrados of one of the domes and in
the arches, which are the most stressed elements.
4.2 Combined gravity and seismic loads
The stress in the building induced by seismic loads is now evaluated. This is the most
interesting load condition, as it allows the effectiveness of the design choices that underlie the
restoration works to be assessed, with special attention to the demolition of the buttress and
the replacement of the pillars with steel frames.
The presence of the buttress means that the median axis of the church was not an axis of
symmetry for the building before restoration: accordingly, it is necessary to separately study
the effects of an earthquake acting along the short side of the church in one direction or in the
opposite one.
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(a)

(b)

Figure 8: Contours of the maximum principal stress in the church (a) before and (b) after the restoration works under gravity
loads

3165

Paola Condoleo and Alberto Taliercio

(a)

(b)

Figure 9: Contours of the maximum principal stress in the church (a) before and (b) after the restoration works under gravity
loads and equivalent lateral loads acting along the S-N direction. Top: view from below; center: view from the south side;
bottom: view of the N and W sides
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Figure 9 shows the contours of the maximum principal stress assuming the earthquake to
act in the S-N direction. Compared to the pre-restoration conditions, there is an increase in
tensile stress in the domes above the narthex and the apse. Moreover, if on the one hand the
stress in the left arch is reduced by the removal of the central pillar, on the other hand the
stress is considerably increased in the right arch. Also, the central column which was
originally embedded in the pillar experiences high stresses, despite the presence of the metal
frame.
The southern front of the building from which the buttress was removed deserves
particular attention. From the stress contours in Figure 9 there is a dramatic increase in tensile
stress with respect to the pre-intervention model, which can be explained by the removal of
the element that carried most of the lateral load. The choice of removing the buttress could
therefore weaken the structure and endanger the stability of the building in the event of an
earthquake. It must also be acknowledged that an earthquake acting in the S-N direction is
likely to cause debonding of the main body from the buttress, which would therefore be
ineffective.
Similar considerations apply in the case of an earthquake acting in the N-S direction. Also
in this case it is found that the modifications aggravate the stress state in some elements: in
addition to the arches on the north side of the building (in which the highest tensile stress
occurs), several parts of the outer domes experience stresses well above the presumed tensile
strength. On the south front, the demolition of the buttress increases the tensile stress in the
areas between the central body and the lateral elements. Finally, the seismic load causes a
significant increase in tension at the base of the walls on the north side and in the façade of
the church deprived of the buttress.
5

CONCLUDING REMARKS
The main objective of the restoration works carried out on the church of St. Nicholas in
Mesopotam was to avoid further propagation of the crack pattern, while bringing back the
church to its original conditions, before the XVIII century. The effectiveness of the
conservative intervention was assessed by analyzing the structure by finite elements under
different load conditions.
According to the numerical results, the stress state in the building has mostly worsened
after restoration because of some questionable design choices. The will to restore the
“original” conditions of the building proved to be too ambitious from the structural point of
view in the face of the retrofitting intervention.
As for the restoration of the interior of the church, the idea of rearranging the space by
demolishing two massive pillars dating back to the XVIII century, which negatively affected
the appearance of the internal space, can be considered appropriate in principle. The way this
idea has been implemented, however, is unsuitable. As the central pillar was only partially
demolished, the remaining block behaves like an anomalous load for the underlying column,
which experiences a dramatic increase in stress despite the addition of a steel frame.
As for the exterior of the church, the most controversial change is the removal of the
buttress on the southern side. The results provided by a static linear analysis show that, in the
event of seismic actions acting along the short side of the building, the tensile stresses
increase in several parts of the walls significantly and exceed the admissible values.
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Finally, hooping domes with polyester strips proves to be ineffective, as the stress is
virtually equivalent to that in the unreinforced domes. Using strips made of stiffer materials is
likely to be a smarter choice.
In the continuation of the research, nonlinear dynamic analyses will be carried out to
estimate the stress induced in the building by an earthquake more accurately. Alternative
retrofitting solutions will be also proposed.
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Abstract. The Great Mosque and Hospital of Divrigi is located in the central eastern part
of Turkey, in Divrigi, Sivas. The historical facility consists of a monumental mosque and
a two-story hospital, which are adjacent to each other. The structure dates back to
13th century Mengujekids period and has been listed by the UNESCO as a World Heritage
since 1985. Great Mosque and Hospital of Divrigi is particularly notable for its monumental
stone portals that are decorated with three-dimensional ornaments carved from
stone. The structural system of the monument consists of multi-leaf stone masonry
walls and stone piers that support the roof structure which consists of stone and brick
arches and vaults. The structure is located about 90 km away from the North Anatolian
Fault Line, that has been causing several destructive earthquakes. Consequently, the
structure is prone to destructive seismic activities. In this study, after a brief
introduction on the structural system and current condition of the structure, the
structural performance of the Great Mosque and Hospital of Divrigi is investigated
through site observations and structural analyses. For this purpose, linear and nonlinear 3D
finite element models of the structure are developed and the structure is examined under the
effects of vertical loads and seismic actions. In the light of the analyses results,
recommendations for potential interventions are outlined for further preservation of the
structure.
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1

INTRODUCTION

The Great Mosque and Hospital of Divrigi (Figure 1), an UNESCO World Heritage listed
structure since the year 1985, dates back to the Mengujekids period (13th century). The
structure, located in the central eastern part of Turkey (today Divrigi, Sivas), is constructed on
a sloped hill. Great Mosque and Hospital of Divrigi is particularly notable for its monumental
stone portals and vaults that are decorated with three-dimensional ornaments carved from stone
(Figures 2 and 3). The structure is a unique piece of civil architecture of its period and several
restoration works had been performed in the past. However, the monument still needs further
attempts for enhancement of the structural system, repair of damages, removal of the traces of
past malpractice and conservation of its exceptional architectural features. For this purpose,
Ministry of Culture and Tourism and General Directorate of Foundations of Turkey have
recently launched an extensive restoration campaign, which is being carried out by a group of
experts from various disciplines. The structural analyses presented in this study is a short
summary of several efforts spent in the scope of this project.
In this study, after a brief introduction of the structural system and current condition of the
monument, the structural performance of the Great Mosque and Hospital of Divrigi is
investigated through site observations, historical records and structural analyses. For this
purpose, a 3D finite element model of the structure is developed and examined under the effects
of vertical loads and seismic actions. For realization of the linear and nonlinear structural
analyses, the recommendations given in the Guidelines for Management of Seismic Risks for
Historical Constructions document are followed [1]. In the light of the analyses results, the
potential reasons for existing damages and previous interventions are investigated and
recommendations for potential interventions are outlined for further preservation of the
structure. It should be noted that the intervention proposal reported here is not yet officially
approved and applied. So, they should be accepted as draft proposals.

West façade

West façade

Figure 1: Exterior and interior views of the structure
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Figure 2: Decorated monumental stone portals

Figure 3: Stone vaults with ornaments

2 STRUCTURAL FEATURES OF THE GREAT MOSQUE AND HOSPITAL OF
DIVRIGI
The complex compromises of a monumental mosque and a two-story hospital, which are
adjacent to each other (Figure 4). The mosque and the hospital parts are structurally connected
to each other and the southern kiblah wall of the mosque partitions these two spaces. The
structural system of the Great Mosque and Hospital of Divrigi consists of stone masonry walls
and stone piers that support the vaulted roof structure. The dimensions of the structure are
approximately 73 m × 32 m in plan and the average height for façades is about 12 m. The façade
views can be seen in Figure 2.
The walls are approximately 1.4 m thick multi-leaf walls with cut-stone outer leaves and a
rubble masonry infill. The roof structure consists of stone arches and vaults. The only exception
to this use of stone masonry is the brick masonry vaults (Figure 5) covering the areas adjacent
to the western façade that are known to be damaged/collapsed and rebuilt together with stone
buttresses adjoining with the western façade main wall. Another surviving trace of this incident
is the significant out-of-plumb top displacement (almost 60 cm) of the mosque section western
façade wall and portal (Figure 6).
Located at about 90 km away from the North Anatolian Fault Line, that is known to have
created Mw>7.0 earthquakes in the past, the structure is prone to destructive seismic activities.
Being in such an active seismic region, the structure underwent several extensive repair and
intervention works not only during the Ottoman, but also during the Republic periods. Although
at its current state the structure is intact, several structural deformations in the form of cracks,
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material losses and dislocations can be observed over the walls, piers and vaults (Figure 7).
Additionally, material deteriorations and traces of malpractices of past restoration works (i.e..
poor workmanship, use of unsuitable materials like cement, interventions structurally and
architecturally not coherent with the original techniques) can also be widely observed.

E
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W

Figure 4: Plan view of the structure

Figure 5: Brick vaults adjacent to the western façade of the mosque section

Figure 6: Out-of-plumb deformation of the western façade mosque portal
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Figure 7: Typical damages on structural members

3 STRUCTURAL ANALYSES
This section presents the safety and structural performance evaluations of the monumental
structure which are investigated through finite element analyses. Three-dimensional Finite
Element (FE) models representing the present condition and deficiencies of the structure were
developed based on available drawings, in situ measurements and visual observations. Two 3D
FE models were created to evaluate the behavior of the structure under vertical loads and
representative seismic actions. The first FE model was formed with linear elastic approach to
assess the global response, stress distributions, and safety of the structure. While the second FE
model was constructed to specifically investigate the safety status of the western façade wall,
which has tilted nearly 4° thought to have occurred during past earthquakes. A nonlinear
approach in terms of material and geometry was adopted in the second FE model.
The general modeling assumptions and the brief results obtained from these two FE models
are presented in the following subsections.
3.1 Linear Elastic Analysis Investigating the Global Response of the Structure
The first model was established using SAP2000 v20 structural analysis program [2].
Structural components such as walls, vaults, and domes were modeled with 2D four-node shell
elements with three translational degree of freedoms at each node. While components including
stone piers and arches were modeled with two-node beam elements. General views of the
structural model are presented in Figure 8. Structural safety was evaluated based on the
implications stated in Guidelines for Management of Seismic Risks for Historical Constructions
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[1], where the components of the structures having world-wide importance are proposed to have
sufficient capacity against the effects of vertical loads and earthquake actions with 2475-year
return period considering a seismic load reduction factor (R) of 3 (indicated as Controlled
Damage performance level in [1]). For this purpose, site-specific earthquake spectra were
developed for the earthquakes with return periods of 72, 475 and 2475 years. Among these
ground motions 72 years was used for design of the temporary shoring structures to be used
during the restoration works and 475 years to check the western façade wall out-of-plane
performance. In the determination of such spectra, the attenuation relationship developed by
Campbell and Bozorgnia [3] was benefited considering the seismic faults near the area.
The mechanical properties of the structural materials were taken from [1] based on the site
observations and masonry quality. Accordingly, the modulus of elasticity values for the stone
masonry and brick masonry were taken as 1750 MPa and 2100 MPa, respectively. Similarly,
the compressive and tensile strengths of stone masonry were considered as 1.80 MPa and 0.20
MPa, respectively. While they were 2.20 MPa and 0.20 MPa and for brick masonry,
respectively. Also, the initial shear strength values were 0.065 MPa and 0.075 MPa for stone
and brick masonry. The results of the structural analyses indicated that under gravitational loads
and 2475-year return period seismic action, the obtained compressive stress values did not
exceed the compressive strength values defined for the brick and stone masonry. However, the
tensile stress values obtained at the critical sections of the vaults and the domes were generally
greater than the assumed tensile strength values. Figure 9 shows the tensile stress distribution
obtained for the roof structure.

Figure 8: General views of the first FE model

Figure 9: Tensile stress distribution for the roof structure [MPa]
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The shear stress values obtained for the masonry walls were compared with the calculated
shear strengths of the materials. The shear strength (τ) at the critical sections was calculated
using Equation 1, where τ0 is the initial shear strength and σ is the compressive stress at the
corresponding section. Shear stress distribution obtained for the western wall is shown in Figure
10.
τ = τ0+0.4σ

(1)

Figure 10: Shear stress distribution on the western wall (unit: kPa)

On the whole, the obtained internal forces for shear, tension and out-of-plane (OOP) bending
moment were greater than the calculated capacities of the many structural components. Hence,
it was concluded that with its present condition, the structure does not satisfy the Controlled
Damage performance level for 2475 years return period ground motion predefined in
Guidelines for Management of Seismic Risks for Historical Constructions [1]. However, when
the analyses were repeated for a 475 years period ground motion for Controlled Damage state
(with R=3), it has been observed that the capacities of main walls and piers were found to be
acceptable except for the out-of-plane behavior of the main façade walls of the mosque section.
This observation was also compared and confirmed with simple mechanism-based calculations
for overturning of these main walls.
3.2 Nonlinear Analysis Investigating the Response of the Western Wall
The second FE model was developed by using Abaqus 2019 FE software [4]. As the main
purpose of this FE model was to investigate the safety of the tilted part of the western façade
wall, the wall and the supporting buttresses (which were added to the inner face of the western
façade wall during past interventions) were modeled in detail using eight-node 3D solid
elements with simplified micro modeling approach. Material and geometric nonlinearity
approaches were adopted in the modeling of the western wall. All other structural components
were modeled as in the first FE model described in Section 3.1. Besides the tilted part of the
western wall, other components of the structure were included in the model in order to represent
the wall boundary conditions realistically. General views of the model are shown in Figure 11.
Due to different modeling approaches and the tilted geometry of the western wall, gaps between
the western wall and the adjacent walls were present in the model. Nonetheless, kinematic
constraints were defined in those regions to provide connection between structural elements.
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The multi-leaf masonry wall is made of two cut stone masonry units at the exterior and interior
faces which are separated by rubble stone masonry units in the middle. Further information on
the behavior multi-leaf walls can be found in [5-7]. The dimensions of the examined part of the
western wall are 33 meters in length, 12 meters in height. The thickness of the wall is 1.4 meter.
The rubble stone masonry was modeled as one solid part, while the cut stone masonry units
were modeled as separated micro elements. In order to represent the randomness of the stone
unit configuration, different cut stone unit dimensions were assembled in the model. The length
of the cut stone units was ranging between 0.40 and 0.80 meter, whereas the thickness of the
units was either 0.30 or 0.45 meter. The assembled wall configuration is presented in Figure
12.

Figure 11: General views of the second FE model

Ruble Stone Masonry

Cut Stone Unit

Figure 12: Wall configuration with different wall unit geometries

The nonlinear stress-strain relationship for the rubble masonry wall is presented in Figure
13a. The cut stone masonry units were modeled with linear elastic material properties with a
Young’s Modulus of 2500 MPa. The interface behavior between rubble stone and cut stone
units were modeled with nonlinear cohesive-frictional interaction properties. Hard contact was
defined between all surfaces in contact. The cohesive-frictional interfaces remain elastic until
the normal stress and/or shear stress values at the interfaces reach the specified strength
values (fti for interface tensile strength, τ oi for interface initial shear strength in Table 1).
Then, the interactions continue to transfer shear forces with respect to the friction
coefficient (μ) and the normal stress (σ) acting on the surface. Conversely, the interfaces
between cut stones were modeled without cohesion and tensile strength as no grout between
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stone units was observed during site visits. The selected interaction properties at different
interfaces are outlined in Table 1.
Table 1: Interaction properties at the interfaces

Interface
Rubble Stone – Cut Stone
Buttress – Cut Stone
Cut Stone – Cut Stone

fti [MPa] τoi [MPa]
0.10
0.20
0.10
0.20
-

0.5
-0.02

-0.015

-0.01

-0.005

0
-0.5

0

0.005
Stress [MPa]

-0.025
Stress [MPa]

-1
-1.5
-2
-2.5
Strain

-3

500
450
400
350
300
250
200
150
100
50
0

0

0.1

μ
0.50
0.50
0.50

0.2

0.3
Strain

0.4

0.5

0.6

(a)
(b)
Figure 13: Nonlinear material properties: (a) Rubble stone; (b) AISI 316

Site-specific response spectrum with 475-year return period was used to investigate the
safety status of the western wall against seismic actions with its current condition. As a case
study, an acceleration time history record was provided from PEER Ground Motion Database
[8]. H1 component of ‘RSN1161’ Kocaeli earthquake record (1999) was selected and scaled by
1.185 to match the site-specific response spectra (Figure 14). The acceleration time history was
applied in the out-of-plane (OOP) direction of the western wall. In the time-history analysis,
the wall exhibited large OOP displacements which eventually initiated the instability and
resulted with the collapse of the wall (Figure 15).
0.4

RSN1161_KOCAELI H1 X 1.185

1

0.2
Sa [g]

Acceleration [g]

0.3

0.1
0

0.1

-0.1
-0.2

0 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17
Time [s]

0.01
0.01

Target Spectrum
Scaled Spectrum
0.1

1
T [s]

Figure 14: (a) Selected acceleration record, (b) target and obtained response spectra
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Figure 15: Out-of-plane collapse of the western façade wall observed during the time-history analysis
(horizontal displacement contour in mm unit)

4 REHABILITATION METHODOLOGY PROPOSAL
Linear and nonlinear structural performance analyses showed insufficient capacity of the
structure against the combination of gravitational and seismic load effects. The internal forces
within the walls, such as shear, tension and moment exceeded the relevant capacities of the load
bearing members. Based on these analyses results and site observations, a series of structural
interventions was proposed to enhance the behavior of the structure against future earthquakes.
In order to enhance the structural integrity and increase the OOP bending moment capacity,
steel-timber composite bonding beams were proposed to be placed above the main walls. The
projected system includes two timber beams having 100 x 100 mm x mm cross-section
dimensions with two steel plates attached on both sides of each timber frame. The attached steel
plates have 10 x 100 mm x mm cross-section dimensions. In plan, the two composite beams are
connected together by steel cross ties at each 750 mm distance. The cross ties have square tube
cross-sections with 60 mm of edge length and 6 mm of wall thickness. The view of a typical
wall section with the top bonding beam is presented in Figure 16a.

(a)
(b)
Figure 16: (a) Cross-section of wall with composite bonding beam (units mm), (b) layout of ties between
piers and walls

The second recommended rehabilitation methodology to improve the structural performance
was bracing the piers and the walls with stainless steel ties. It should be noted that, in the current
state, only the naives close to the western façade are reinforced with timber ties. In order to
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provide ties to whole structure, 50-mm-diameter tension rods with AISI 316 steel class were
proposed to connect the vertical components of the structure. The stress-strain relationship of
AISI 316 and a view of the planned layout of the steel ties are shown in Figure 13b and Figure
16b, respectively.
The described rehabilitation methodologies above were then defined in the nonlinear FE
model and the time-history analysis was repeated under the same earthquake excitation. The
rehabilitated wall did not exhibit instability and managed to withstand the seismic excitations
until the end of the analysis. Displacement time histories measured at the top of the wall are
presented in Figure 17 for both cases. It was concluded that, with the application of the proposed
rehabilitation methods, the OOP displacement of the western wall can be reduced to nearly 25%
of the same displacement obtained with the present condition of the wall.
In addition to the above mentioned reinforcing methodologies, other structural interventions
such as lime grout injection to walls and cracks, local repairs, replacement of heavily
damaged/decayed masonry units, retrofitting of vaults with textile reinforced mortar (TRM)
and bracing of cracked piers/pier caps are also planned.
In order to protect the structure from harsh weather conditions of the region during the
extensive restoration works; a temporary roof structure has been designed and constructed as
can be seen in Figure 18. The light roof system formed with steel and aluminum members has
a single span in the transverse direction (approximately 40 m long) and has the ability to melt
the snow during the winter season by the help of a heater system.
It should be also noted that an extensive structural health monitoring (SHM) system with
more than 70 channels has been activated for continuously observing the structure electronically
before, during and after the restoration works which is still under operation.
1000

Present Condition

Top Displacement [mm]

800

With Proposed
Methodologies

600
400
200
0
-200

0

1

2

3

4

5

6
7
8
9
10 11 12 13
Time [s]
Figure 17: Wall out-of-plane displacement at the top (measured relative to the ground)

Figure 18: Temporary roof structure for protecting the structure during the restoration works
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5

CONCLUSIONS

In this study, the seismic performance of the Great Mosque and Hospital of Divrigi located
in eastern Turkey was investigated through site observations and structural analyses. The linear
and nonlinear finite element models of the 13th century UNESCO World Heritage structure was
constructed, and the seismic performance of the monument was assessed for the combined
actions of vertical and seismic loads. The analyses results indicated that the structural
performance of the Great Mosque and Hospital of Divrigi may have some flaws particularly for
the out-of-plane behavior of 12 m high western wall. Consequently, a rehabilitation scheme
including the introduction of stainless steel ties and wall-top bonding beams has been proposed
for enhancing the seismic performance of the structure. The nonlinear finite element analyses
results show that with the proposed interventions, the integrity of the structural system can be
significantly enhanced, and the seismic capacity can be considerably improved.
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Abstract. In the Italian seismic scenario, and beyond, interventions on existing buildings
focused on the evaluation and reduction of seismic risk of cultural heritage have gained more
and more importance in the engineering field.
Therefore, for the designer it becomes increasingly useful to have a methodology that
allows to carry out, in the study of an existing structure behavior, the vulnerability assessment
of both the actual state and the design state, evaluating the adequacy of potential intervention
of seismic improvement.
In this paper some phases of this methodology are presented in the context of the
restoration work started in November 2017, and currently in progress, of the historical
building of Procuratie Vecchie in Piazza San Marco in Venice, with particular focus on the
consolidation intervention of the timber floors which satisfy the conservation requirements
imposed by the Superintendence of Venice. Actually, the influence of floor diaphragms on
structural behavior of existing masonry building subjected to seismic action is critically
discussed with particular reference to the effects of in-plane stiffness of floors on the seismic
distribution of forces on lateral walls and on the out–of–plane mechanism of the walls.
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1 INTRODUCTION
The damage caused by recent and past earthquakes in Italy and in the Mediterranean area
has shown the high seismic vulnerability of the cultural heritage. Therefore it is mandatory to
invest in interventions on historical constructions, aimed to the reduction of their seismic risk.
In this field, one relevant case study is represented by the restoration work currently in
progress in the Procuratie Vecchie in Piazza San Marco in Venice.
Some aspects of this work are described in the present paper, focusing to the timber floors
consolidation intervention and its effect on the seismic response of the building. Starting from
the design restrictions of complete reversibility of the intervention and low degree of
invasiveness on the historic building, an effective and non-invasive solution was proposed for
the consolidation of timber floors based on the insertion of steel ring beam (i.e. a steel
perimeter chord) and a doubly diagonal mesh of flat steel ties anchored to the beams and to
the perimeter walls. The proposed intervention guarantees proper resistance and stiffness to
the floor, without significant modifications of the global dynamic behavior of the structure.
It is worth noting that this type of floor does not behave as an infinitely rigid diaphragm,
and this consolidation intervention can be considered classifiable as limited stiffening. In
order to study the relation between floor stiffness and the earthquake resistant structures
behavior (i.e. the masonry walls), and to establish the proper interventions, the results of four
different models of a portion of Procuratie Vecchie are critically discussed. The selected
portion of the building is representative of a “module” between two subsequent masonry wall
alignments. The four models simulate four different hypotheses of the floors behavior, in
order to capture the progressive effect of increasing floor stiffness due to the introduction of
the various structural components.
2 THE “PROCURATIE VECCHIE” IN VENICE: KNOWLEDGE PATH
The “Procuratie Vecchie”, that overlooks south Piazza San Marco in Venice, is part of the
complex of Procuratie, which is divided into three buildings: the Procuratie Vecchie, the
Procuratie Nuove, dating back to the 14th century, and the Procuratie Nuovissime, or Ala
Napoleonica, built by Napoleone Bonaparte in the early 19th century (Figure 1 and Figure 2).
The Procuratie Vecchie building was erected in the 12th century, at will of Doge Sebastiano
Ziani in order to host the accommodation of the Procurators of Venice. There is no evidence
of the original internal distribution, due to the scarcity of sources related to the building in
medieval times.
After the destruction caused by fire on February 1st 1512, great reconstruction works took
place, which were well documented through iconography, even if the actual design authorship
of the reconstruction work is not completely certain. There is certainty that between 1519 and
1529 the Procuratie Vecchie construction site was directed by Bartolomeo Bon (at least for
the Clock Tower up to the Sottoportico dei Dai), while from the Sottoportico dei Dai to the
San Geminiano Church the project is certainly attributable to Jacopo Sansovino. Later in
1909, the substantial restoration of the building, especially in terms of internal distribution,
was entrusted to engineer Fano. He made substantial modifications to the building, especially
in terms of internal distribution, as the new client's intention was to transform the traditional
residential function maintained by the Procuratie Vecchie up to that time into office functions.
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Figure 1: Indication of Procuratie Vecchie in the: (a) Aereal view of Piazza San Marco; (b) Procuratie complex

Figure 2: Façade of Procuratie Vecchie

The Procuratie Vecchie have a load-bearing brick masonry structure with a roughly
rectangular and rather elongated shape, with a greater side of 152m oriented along the EastWest axis and a smaller side of 25m along the North-South axis. The building has eight
storeys above ground (four noble storeys, three mezzanine storeys and an attic storey), all
characterized by the same overall plan extension, except for the attic.
Regarding the inter-storey height, the floor of the mezzanine level, originally placed over
the entire storey plan extension, were largely demolished during the restoration works that
affected the building in the twentieth century, increasing the inter-storey height in such
positions. The building has a top height of 21.4m in the western part (for the whole extension
of the attic storey), and a lower height of 19.0m at the top for the remaining portion. The
monumental façade on San Marco Square is 16.7m high and is entirely made of white Istrian
stone.
All the information about the dimensions and geometry of the entire Procuratie Vecchie
building in its actual state was provided by the geometric survey, carried out with an
integrated methodology of direct-and-instrumental survey.
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Then an accurate material-constructive survey was carried out in order to acquire
knowledge about the materials and their state of conservation, as well as the technique used to
construct the building, the relationships between the parts, and the quality of the building
itself (e.g. the accordance with the best constructive practices, the so called "rules of thumb").
To this aim, many visual inspections were carried out together with a limited number of
weakly destructive tests for the material characterization (e.g. for masonry: single and double
flat jacks tests, Shove test, petrographic characterization of mortar) according to Italian
Regulation D.P.C.M. 9/02/2011 [1] and Commentary of Italian Technical Standards NTC08
(2009) [2] in order to obtain a knowledge level equal to LC2 (which corresponds to KL2,
Normal Knowledge in Eurocode 8-part 3 [3]).
The masonry of vertical elements was classified as solid brick masonry with lime or
cement-lime mortar joints with regular texture. The only exception is represented by the
façade facing Piazza San Marco that, as previously stated, is made of white Istrian stone.
The orthogonal walls are well connected, while, with regard to the connection between
walls and floors, several critical points were highlighted, requiring restoration interventions.
Besides, seventy visual inspections were carried out for characterizing the floor system.
Two prevalent floor types have been identified:
1. one–way timber floor with beams and simple plank;
2. one–way hollow bricks and concrete floor with joists cast on site
For both of them different variants are present in terms of layers’ thickness, geometrical
dimension, spacing of timber beams, etc.
3 OVERVIEW OF THE SEISMIC VULNERABILITY ASSESSMENT OF THE
ENTIRE BUILDING
3.1 Seismic action
The seismic action has been assessed according to NTC2018 [4] and the probabilistic
seismic hazard maps of Italian territory (MPS04) published by INGV. A soil type E and a
topographic category T1 were assumed. For the building, a reference period VR equal to 75
years was assumed, which corresponds to a return period TR of the seismic action at LifeSafety Limit State equal to 712 years, with a PGA value equal to 0.128g. A behavior factor q
equal to 2.25 was adopted.
3.2 Seismic analyses
Historic masonry buildings, like Procuratie Vecchie, are complex for their typology and
construction techniques. Therefore the analysis of their structural behaviour and their seismic
assessment are conditioned by significant uncertainties in defining the mechanical properties
of the materials and the connection conditions of the various elements, which can make the
results of the numerical analysis on the whole building not reliable enough. In particular, the
activation of local collapse mechanisms does not allow the structure to behave as a whole, and
then these activations have to be checked.
Firstly, preliminary evaluations of seismic safety were performed according to the
Evaluation Level 1 (LV1) introduced in [1], by means of the simplified mechanical model
defined for “Buildings, villas and other structures with bearing walls and horizontal
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diaphragms”.
Then local collapse mechanisms of single portions of the building were evaluated
according to the Evaluation Level 2 (LV2), that is based on the evaluation of individual macro
elements. Among others, the simple overturning of the façade facing San Marco's Square, the
overturning of the corner on San Marco's Square and the horizontal confined wall deflection
on the Bacino Orseolo side are analyzed.
Then, starting from the information collected by the geometric and material constructive
survey of the building, a global FE model of the building was created in order to study its
dynamic behavior, Figure 3. The numerical analyses were performed with the FE program
Midas Gen [5]. The types of element used are:
- 3 or 4 node Shell elements, with both flexural and membranal stiffness, for the walls;
- Truss elements for the columns of the porticoes and the columns of the arches
characterizing the facade of San Marco's Square, as well as for the tie rods at the various
floors;
- Beam elements for the floor beams. It is worth noting that, in this global model, the
timber floors are modelled with equivalent beams which guarantee the same stiffness of
the actual timber floor.

Figure 3: Global FEM of Procuratie Vecchie building in Piazza San Marco, Venice. (Midas Gen)

The model of the structure has been fixed at the base and the interaction with the adjacent
buildings has been neglected considering also that they were constructed in successive
periods. All the details about geometrical characteristics, material properties and acting loads
can be found in [6].
Masonry has been modelled as isotropic linear elastic material. Lateral force method of
analysis and modal response spectrum analysis were carried out. The choice to perform linear
elastic analysis is mainly motivated by the scarcity of available data on the materials, due to
the conservation restrictions imposed by Superintendence and by the private ownerships,
which did not allowed to reach a knowledge level sufficient to carry out reliable non-linear
analyses. Secondly, the linear analysis allows to have a reasonable description of the process
leading to a possible crack pattern and to maintain a good control on the results.
3.3 Vulnerabilities and consolidation interventions
The static and seismic verifications carried out on wall alignments have identified some
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vulnerabilities, which can be solved with consolidation interventions of the masonry structure,
elimination of the local mechanisms of collapse and consolidation of timber floors, both from
the point of view of stiffness and resistance. This last intervention improves the floor behavior
making the floor capable of resisting the greater imposed load due to the change in functional
destination of the building and at the same time of transferring the seismic actions to masonry
bracing walls and of limiting the out of plane deformation of the walls.
Focusing on the timber floor intervention, in order to comply with both structural safety
issues and conservation requirements (e.g. complete reversibility and low degree of
invasiveness on the existing building), an effective and non-invasive solution has been
proposed for the consolidation of timber floors. It consists of reuse of the main existing timber
beams; replacement of the existing timber floor with a new one, with improved mechanical
characteristics (3cm thick); insertion of steel ring beam (i.e. a steel perimeter chord) with an
L-shaped section 75x75x8, connected to masonry walls by proper anchors; insertion of a
doubly diagonal layer of steel band (width 80mm and thickness 1.5mm) anchored to the
beams and to the perimeter walls, as well as to the timber floor by means of mechanical nail
connectors, in order to guarantee an overall floor diaphragm behavior (Figure 4).

(a)

(b)

(c)

(d)

Figure 4: Reinforcement intervention of timber floors: (a) schematic representation; (b)-(c)-(d) views of the
intervention.
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This kind of intervention is simple and has the advantages of the dry strengthening
techniques. It ensures an improvement of wooden floor behavior, increasing its strength and
in-plane stiffness minimizing the additional load on the existing structure and without
significantly modifying the structural dynamic behavior. In the following, it is shown that this
type of floor does not behave like an infinitely rigid diaphragm, instead it can be classified as
a “limited stiffening” (see Commentary of NTC 2018 [7]). This type of reinforcing
intervention has been successfully adopted in the restoration works on the ‘La Fenice’ Theatre
in Venice, described in [8], destroyed by fire in 1996. Since then it has been used in many
other cases for the restoration of monumental building floors.
4 THE ROLE OF IN-PLANE FLOOR STIFFNESS IN THE SEISMIC BEHAVIOUR
OF THE BUILDING
4.1 Sub-structure FE models
In order to study the influence of floor diaphragms on structural behavior and the effects of
floor stiffness, a portion of the Procuratie Vecchie - with plan dimensions about 6.2x24.0m between two subsequent masonry wall alignments is considered. Therefore, the model
represented in Figure 5 was analysed considering different hypotheses for floor models
characterized by increasing stiffness.

Figure 5: Sub-structure FE model with identification of the wall alignments considered

Masonry walls, columns and all the other structural elements were modelled as in the
global model described in §3 and the building was assumed fixed at the base and the walls
perfectly connected to each other. Regarding floor modelling, four different models are
considered in order to capture the progressive effect of increasing floor stiffness:
- Model 1: floors modelled only with beam elements of rectangular section with spacing 38
cm (simulating the actual timber beams – 15x20cm).
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- Model 2: representative of the actual condition. Floors modelled with beam elements and
4-nodes plate elements, 3cm thick, respectively representing the timber beams and the
over placed timber plank. These 1D and 2D elements were connected by elastic springs
of lateral translational stiffness estimated considering Eurocode 5 [9] formula for the
case of nailed connection. This Standard provides a value of stiffness for each single
connection element  (instantaneous sliding module), that for timber-timber joints and
for nail with pre-drilling connector in absence of more accurate determinations can be
assumed as:
 =  .



[
]
20 

(1)

where  represents the nail diameter in mm and  the characteristic value of timber
density expressed in kg/m3.
- Model 3: representative of the proposed intervention. The floor model is obtained starting
from the actual state model (i.e. Model 2), in addition using beam elements with Lsection all around the walls, connected through Rigid Links to the masonry elements
(supposing rigid connection), and truss elements of Tension Only type, to model the
doubly diagonal steel band on the surface of the timber floors. These strips are linked in
continuity with the Beam elements, while to the underlying plank with Rigid Links.
- Model 4: (limit condition) floors modelled with the conventional schematization of in
plane infinitely rigid diaphragm, often used in the professional practice. It is realized by a
Master Node (i.e. floor center of mass) and Rigid Links connected to all the nodes of the
masonry elements at the respective floor level.
In Models 1-2-3 the beam elements representing the joints are not horizontally connected
to the masonry nodes since the restrain effect due the friction force cannot be considered in
case of seismic action.
The seismic action was applied as nodal forces acting at masonry at the floor level. The
values of these forces at each level were obtained dividing the floor force resulting by the
equivalent static analysis on the global model (Figure 3), by the number of masonry nodes at
the related level since the inertial force is primarily due to the mass of the walls, which are
much heavier than the floors. The magnitude of floor force applied at each level is equal for
all the four models. The permanent and accidental loads were applied in the models as
summarized in Table 1.
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Table 1: Different floor models considered in the study
Model

FE model of floors
Floors modelled with beam elements;
Permanent and Accidental load applied as line loads
on the beam elements.

Model 1
Floors modelled with beam elements and 4-nodes
plate elements;
Permanent load applied assigning material density;
accidental load applied as pressure load on Plate
elements.

Model 2
Floor modelled as Model 2, in addition: truss
elements (Tension Only) to model the doubly
diagonal steel bands and beam elements all around the
walls;
Permanent and Accidental load applied as in Model 2.

Model 3
Rigid floor (master/slave);
Permanent and accidental loads applied as Floor Load
in the area where the floors are present.

Model 4
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4.2 Floor stiffness effect on vulnerability assessments
In order to evaluate the effect of in-plane stiffness of floors on the seismic distribution of
forces on lateral walls and on the out–of–plane mechanism of the walls, the horizontal
displacements obtained by the numerical analyses for seismic actions acting alternately in X
and Y plan directions are considered.
In Figure 6 and Figure 7, for example, the profiles of the horizontal displacement obtained
for action in X direction are reported in correspondence of the four vertical sections of the
walls, identified in Figure 5, in order to investigate the in-plane and out-of-plane behaviour of
the walls, respectively for Façade and Orseolo walls and for 6 and 7 walls.
As observable, the displacement decreases significantly with the increase of the floor inplane stiffness. The Façade wall in Model 1 (which substantially corresponds to the absence
of floor diaphragm action) shows a very high horizontal displacement, with a high drift at the
1st level (height 2.6m) due to the presence of pillars at ground floor (Figure 5). In design
conditions (Model 3) these displacements decrease a lot, remaining nonetheless greater than
those obtained with Model 4 (which corresponds to the case of infinitely rigid floor). Orseolo
wall (which is an almost full masonry from ground to roof), due to its higher horizontal
stiffness, shows a horizontal displacement in the actual condition (Model 2) equal to about
one third of the corresponding value on the Façade. On the other hand the design condition
(Model 3) ensures greater homogeneity of displacements between the different walls,
including the façade wall, greatly reducing the maximum displacement values (both in-plane
and out-of-plane) without reaching the case of the infinitely rigid floor model.
The effect of seismic forces redistribution on the lateral walls due to the floor consolidation
intervention are appreciable comparing the design state (Model 3) with the actual state (Model
2) in terms of displacements, both in-plane (Façade and Orseolo walls) and out-of-plane (wall
6 and 7). In particular, the decrease in terms of displacement, averaged among floors,
corresponds to about 68% for Façade and 50% for Orseolo wall, and to about 45% for walls 6
and 7.
The increase of floor in-plane stiffness between the actual state (Model 2) and the design
state (Model 3) for both X and Y directions can be observed from Figure 8, where, for each
level, the ratio between the maximum horizontal displacement of the floor and the
corresponding one in case of rigid diaphragm assumption (Model 4) is displayed. In design
state (Model 3), the maximum displacement settles at values that are approximately double
the one of rigid floor hypothesis (Model 4), for both seismic forces directions. The effect of
floor consolidation intervention (i.e. from actual state to design state) is more felt in X
direction than in Y direction since the presence of multiple walls in this direction makes the
hyperstatic force distribution more affected by the diaphragm in-plane stiffness.
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(a)

(b)

Figure 6: Seismic action along X direction: in-plane effect. DX displacements profile along the height in
correspondence of the middle vertical section for: (a) Façade wall; (b) Orseolo wall

(a)

(b)

Figure 7: Seismic action along X direction: out-of-plane effect. DX displacements profile along the height in
correspondence of the vertical section South for: (a) Wall 6; (b) Wall 7

(a)

(b)

Figure 8: Ratio between the maximum horizontal displacement of the floor and the corresponding one in case of
rigid diaphragm assumption: (a) Displacements in X direction for seismic input in X direction, (b)
Displacements in Y direction for seismic input in Y direction
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12 CONCLUSIONS
The proposed case study, the Procuratie Vecchie in Piazza San Marco in Venice, is an
example of historical buildings that can be highly vulnerable to seismic actions if in-plane
strength and stiffness of floors are not enough to limit out-of-plane mechanisms of walls and
to distribute effectively the seismic forces among lateral walls.
The proposed consolidation intervention for the timber floors is investigated and compared
to the actual condition and to the infinitely rigid diaphragm case. It is demonstrated that the
proposed consolidation intervention can be considered as of “limited stiffening”, being able to
increase the strength and stiffness of the traditional flexible floor, but not so much to make it
an infinitely rigid diaphragm. In this way the building behaviour is improved, allowing the
redistribution of horizontal forces and preventing the collapse of the most vulnerable walls.
Moreover, the design restrictions of complete reversibility of the intervention and low degree
of invasiveness are also respected, necessary in a building belonging to the national historical
and cultural heritage.
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Abstract. Understanding traditional seismic strategies is necessary to conduct
appropriate restoration of historic buildings and city centers located in earthquake-prone
areas. But, the fast disappearance of vernacular built heritage and of the associated popular
knowledge and know-how, along with the spread of inappropriate maintenance works, make
it very difficult. To overcome these obstacles, it is suggested to broaden the scope of
observations by including both larger geographical areas and elements that do not appear as
seismic features at first consideration. This paper illustrates the relevance and the limits of
this approach by applying it to the case study of Yazd historic city center. Yazd is located in a
moderate seismic area and is famous for its well-preserved historic city center, with a high
number of Qajar adobe buildings in various conditions. The authors combined literature
review, direct observation of numerous buildings and a deeper study of four Qajar houses to
conduct the first part of their research. The data collected mainly relates to the geometrical
features, the materials used and the interconnections between elements at different scales.
Their analyses led to the elaboration of several assumptions on the seismic behaviour of the
studied adobe buildings and vaults and on the distortions some features may have suffered.
To validate these assumptions, two methodologies were used. Both are illustrated in this
paper through the study of the insertion of baked bricks in adobe vaults. The first one is based
on observation campaigns on damaged houses. The second one is based on experimental
works, with tests conducted on the shear strengths of masonry made with mud mortars and
adobes or baked bricks to better understand how builders benefited from mixing these
materials in an adobe vault. Finally, the authors discuss the limits of the method and the
extent to which restoration projects can benefit from it.
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1

INTRODUCTION

Earthen historic buildings are usually associated to features improving their behaviour in
case of dynamic solicitations, amongst others in case of earthquakes. Most of them are not
endorsed by official seismic codes that currently apply in numerous countries. Those codes
are based on the technical knowledge that was recognized at the time of their redactions –
which is mostly after the Second World War. At that time, engineers and institutions were
focusing on modern materials such as steel and concrete and the strategies associated with
them. The absence of research on traditional technics and materials, and more particularly on
their aspects related to seismic engineering, induced a lack of academic knowledge that makes
their efficiency difficult to calculate or digitally assess. Yet, the precision and the amount of
recognized information related to a technic often take precedence over its effective
performance when judging it [1]. The efficiency of a traditional technic can be assessed by
post-earthquake observation. This kind of analyses and learning processes were part of
builders capacity building in most seismic areas until the end of 19th century [1] but was
neglected ever since in favor of calculation and digital analysis. Post-earthquake observations
and empirical assessments are nowadays facing three main interlocked hindrances: postearthquake quick destruction of vernacular heritage by the institutions in charge of rebuilding,
the distortion of traditional technics induced by previous loss of knowledge, and the
destructions due to unsuitable previous maintenance of built heritage [2,3]. Hence, the
characterizations of traditional seismic strategies are often long and complex, which turns out
to be a major issue as it is often a necessary step to conduct an appropriate maintenance and
restoration of historic buildings.
To what extent can researchers overcome these disappearances and distortions? Is the
extension of observations to broader geographical areas, not restricted to highly seismic ones,
helping? And what about including in the characterization researches elements that do not
appear as anti-seismic features at first consideration? To what extent can this two-fold
broadening feed the elaboration of technical assumptions that can later be assessed by
observation campaigns or experimental ones? This paper discusses the accuracy of this
approach by applying it to the case study of Yazd city center and more specifically to the
insertion of baked bricks in adobe vaults.
Yazd is a city in the desert part of Iran that is famous for its well preserved historic city
center. Most of its historic buildings were heavily modified during its latest prosperous period
(18th century) and until the middle of the 19th century (Qajar period) [4]. Yazd historic city
center is a dense area where traditional buildings are mainly made out of adobes [5]. They are
closely interlocked: Lateral thrusts that result from vaults and domes are balanced on scales
that range from inside a single house to inside an urban block and up to in-between blocks,
thanks to arches and vaults crossing the streets. Traditional buildings usually have one or two
levels above the ground and up to three underground levels. Iran is located in a highly seismic
zone, and earthquakes in Yazd are numerous and of low magnitudes. An acceleration of 0.25g
(associated to a return time of 475 years) is to be taken into account when building in Yazd,
according to Iranian seismic design code [6].
2 METHODOLOGY
In order to overcome the difficulties linked to the understanding of traditional anti-seismic
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strategies through direct post-earthquake observations, the authors suggest a two-step
methodology that is detailed below. First step consists in developping technical assumptions
on traditional anti-seismic features by broadenning the scope of observations at two levels:
first, a geographical broadening, and second, a technical broadening. Then, the technical
assumptions resulting from these observations are assessed through different methods
designed on a case-by-case basis. This methodology was applied to study traditional seismic
technics related to Qajar architecture, as illustrated in this paper.
2.1 Geographical broadening
The suggested geographical broadening consists in studying anti-seismic architectural
features without restricting the observations to highly seismic areas. This is based on the
following argumentation: A local seismic building culture is likely to develop in locations
where earthquakes are frequent enough with intensities that are medium enough to allow for
feedbacks [3]. These local seismic cultures then often spread into less seismic areas, facing
more or less distortions [1]. Earthquakes in Yazd are numerous but of too low intensities to
stir up the development of a specific seismic culture. But building cultures in Yazd were fed
by those of the surrounding areas – that face earthquakes of higher intensities – with
possibilities of distortions that must be kept in mind while conducting the analyses.
Yazd historic city center is very instructive thanks to its high number of Qajar buildings
and their various conditions. Though many houses are built inwards, around a central
courtyard, the collapsing of numerous external walls makes it easy to have an understanding
of several architectural features by walking into this 800ha area. The authors could
complement these theme-based walks by deeper visits of 4 houses owned by the Faculty of
Architecture of Yazd and whose plans were available, named: Shamsaei, Shafipour, Mortaz
and Nikbin houses. The data collected mainly relates to the elements geometrical features, the
materials used and the interconnections between elements, on three different scales: The
largest one relates to the house itself and its block; the second one to the walls; and the
smallest one to the materials used and their layouts. These field visits were conducted in
December 2015 and January 2016.
2.2 Technical broadening
Numerical modellings usually are of low accuracy to conduct seismic assessments of
adobe historic buildings as they do not assess properly traditional materials and connections –
especially when subject to dynamic solicitations – by lack of knowledge or to avoid
unmanageable complexity induced by advanced nonlinear analyses [1,7,8]. Though
innovative modelling may help in better understanding adobe buildings behaviour [9],
geometrical considerations still are of major interest to conduct a first assessment. An analysis
of Qajar buildings was conducted considering usual earthquake-resistant guidelines of
masonry buildings, a simplified method for the estimation of the resonant period of buildings
[10], and several indexes proposed by Lourenço et al [11] and used by Sadeghi et al [8] to
assess numerous Yazdi buildings. Moreover, the analysis included studies on the stiffness of
the different elements and their connections [12], on the collapsing mechanisms of vaults
[13], and on the energy dissipation due to friction in the connections between structural
elements [14]. Besides, research works conducted on earthen building materials helped
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understanding mud mortars characteristics and the importance of friction in the seismic
behaviour of adobe buildings [15,16].
The technical broadening suggested as part of the methodology was conducted after this
first analysis of Qajar buildings seismic behaviour based on usual technical considerations. It
consists in a second analysis including elements of Qajar architecture that did not appear as
anti-seismic at first consideration. Indeed, the loss of knowledge and the distortion of some
traditional anti-seismic strategies that inexorably results from it prevent from identifying (and
understanding) them easily. The main challenge is then to identify if they could be the
remains of any forgotten anti-seismic strategy and to what extent they have been distorted. To
conduct this technical broadening, it is necessary to get familiar with the wide scope of
traditional anti-seismic technics and practices that developed in various locations. A
collection of examples resulting from 10 years of field observations by CRAterre and its
partners helps in getting this wider understanding of seismic strategies through the study of
traditional monumental and vernacular architecture [17]. Applying this method on Yazdi built
heritage requires a global knowledge of Qajar architecture beyond structural features [18] and
of its assumed vulnerability [5,8,19] in relation with Yazd seismic activity [6].
2.3 Consolidating the induced technical assumptions
In order to illustrate the second step of the methodology – the consolidation of the technical
assumptions resulting from step 1 – the authors selected one of their technical assumptions
and consolidated it thanks to two different methods. First, by observations conducted on
collapsing structures, whether indirect observations of damage resulting from seismic
solicitations of similar houses thanks to studies conducted in Bam [20,21,22], or direct
observations of collapsing houses in Yazd. Second, by an experimental campaign: In this case
study, the authors tested different brick-mortar-brick sandwiches to compare the shear
resistances provided by cohesive bonding between mortar and brick.
3

RESULTS

3.1 The elaboration of technical assumptions related to traditional anti-seismic features
of Yazdi Qajar architecture
Yazdi Qajar architecture presents a lot of strengths regarding its seismic behaviour. The
global shape, mass and rigidity of most Qajar houses in Yazd reduce the risks of resonance
between the building and the ground in case of an earthquake: buildings resonant period was
estimated to 0.1s using the equation developped in the Argentinian seismic code [10]. This
equation results in a rough approximation as it relies on a basic oscillator model and do not
take into account several influencing elements (including the foundations type, the number
and spacing of the building levels, the ground nature and the mechanical coupling of the
building and the ground), which could result in an error of up to 50% [10]. It is to compare
with Yazd ground periods that was estimated between 0.2s and 0.5s thanks to Eurocode 8 and
local geological data [23]. Moreover, most Qajar houses include one or several courtyards.
These are typical local open spaces that are often used as a living space during seismic
episode in different cultures, with testimonies of this practice in Northern Iran [19]. Yazdi
houses are built inside a boundary wall with an almost rectangular shape and very few
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openings. Inside this surrounding wall, rooms are built with a highly symmetrical pattern.
Besides, an important part of the rooms are built underground and around a massive soil core
that is the ground under the courtyard: the basement stiffness is thus so high that the ground
motions are transferred to the first floor without amplification. Those three points result in a
stiffness distribution of the construction that greatly reduces risks of walls distortion in case of
an earthquake.
Focusing on Nikbin house, the authors calculated different indexes that can help in
assessing the sizing of the walls. First, the load analysis resulted in an estimation of static
loads of 0.15 MPa, that is more than ten time lower than the estimated ultimate compression
resistance of the adobe masonry [24]. This oversizing is usual in traditional masonry
structures and allows for important dynamic load to apply without endangering the structure
[3]. Moreover, the authors estimated the area of walls that would resist shear stresses in case
of a quake by calculating its density value, that is defined as the ratio between the total shear
walls sectional area and the floor area. Eurocode 8 recommends a minimum density value of
10% in seismic zones where predictable ground acceleration is above 0.2g, which is the case
in Yazd [6]. This value has been estimated to 15% in both principal directions. Moreover, it is
interesting to compare the shear walls sectional area – that is related to their resistance to
shear stress – to the building weight – that is related to the shear stress the whole building will
have to resist. This indicator was estimated to 5m²/MN, which is one more time far above the
minimum recommended value in highly seismic zone (2.5m²/MN) [11]. This means that its
walls should theoretically resist the compression and shear stresses that would be induced by
an earthquake before collapsing, with a high safety margin.
Going beyond these general considerations, several technical assumptions were elaborated
relating to the seismic behaviour of different architectural items thanks to the observation
campaigns conducted on Yazdi Qajar houses.
A first assumption relates to the smaller vaults that are built above the haunches of many
vaults. A vault stability is compromised mainly by the inertial forces due to its own materials,
if precluding any differential shift of its supports. These forces induce deformations that are
efficiently reduced thanks to the fillings that are above the haunches of the vault [13], but
these fillings increase the weight of the roofing. In Yazdi architecture, the haunches of the
vaults are often not strengthened by fillings but by smaller vaults named kane poush, that are
either perpendicular to or with the same axis as the main one (Figure 1). These smaller vaults
are usually explained by their thermal and execution efficiency, but they are also probably of
high importance to increase the resistance of the main vault without burdening it.

Figure 1: An example of kane poush filling the haunches of a collapsed vault, Yazd (Crété, 2015)
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A second example relates to the wooden and glass façade that often closes winter living
spaces in traditional Qajar houses. Gable-end walls are often the first to collapse in case of an
earthquake: they are usually slightly linked to the rest of the structure and have a high
slenderness ratio. Gable-end walls that were not rigid enough have turned disastrous during
Bam earthquake [20]. Closing those spaces with a light and flexible item is not only allowing
for large amount of light to enter, it also contributes to avoiding the collapse of heavy walls in
case of out-of-plan quake.
A third example relates to the layout of masonry infill panels and seems to be a variation of
a well-known seismic principle of framed structure: masonry infill walls should be weaker
than the load-bearing structure as it should fail first in case of too high solicitations [12]. In
Yazd, most infill panels are built with specific layouts that have an obvious aesthetic aim. But
they are also probably less rigid than common masonry layout. Moreover, cracks can
propagate easily through the pattern but by dividing the panel in elements that keep
interlocked thanks to their geometry (Figure 2). From a structural point of view, it is hence
probably very interesting to use them as infill of load-bearing structures.

Figure 2: Masonry cracks in an infill masonry panel, Yazd (Crété, 2015)

The last example relates to rows of baked bricks that are inserted into zarbi adobe vaults
(barrel vaulting), approximately every 50 cm, and that may be part of a strategy to improve
the global stability of adobe vaults. In case of heterogeneous composition of masonry
structure, the mortar joint acts as a weak plane from where the failure occurs [25]. In case the
interface between the baked brick and the mud mortar is weaker than the one between the
adobe and the mud mortar, this technic can be understood as a way to create fuse interfaces
and facilitate the creation of sectional cracks during a quake (thus preventing diagonal cracks
that would endanger the structure). The formation of cracks and the local shifts that occur at
those interfaces are often very efficient to dissipate the energy the building caught during the
quake [14].
Finally, it may happen that traditional seismic features have face such distortions that they
do not contribute anymore to improving the building’s earthquake behaviour. For example,
alcoves are a major aesthetical element of Yazdi traditional architecture (Figure 3) [18]. But
they should not be reduced to their aesthetical function in a seismic context: First, because
they can allow for storing items without risking cupboard overturning. Second, because they
are the negative of buttresses that increase the wall stability with a limited amount of material.
But the size of many alcoves and the way they were built make it difficult to keep in mind
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those technical advantages, as they have often been reduced to a dozen cm deep and made out
of plasters, or are no longer structurally linked to the walls.

Figure 3: Different kind of alcoves in Shafipour house, Yazd (Crété, 2015)

3.2 A deeper study of the baked brick insertions in adobe vaults
The broadening of observations enabled the authors to elaborate several technical
assumptions regarding architectural features typical of Qajar architecture that were probably
developed as part of a local seismic culture. The authors selected one of them for a deeper
study, that is the insertion of baked bricks in adobe vaults. In order to consolidate the
hypotheses resulting from their first analyses, the authors based their works on two research
campaigns: an observation campaign of collapsing houses and an experimental campaign in a
laboratory.
The insertion of baked bricks in adobe vaults is hardly visible as the vaults are plastered.
Nevertheless, the authors observed it in three Qajar houses in Yazd historic city center, where
plaster was partially removed: Dar Houkouma, Nikbin and Shamsaei. The observation
campaign mainly focused on Shamsaei house as its condition allowed for a deeper
understanding of the formation of cracks in these vaults. This Qajar house suffered from
improper maintenance, amongst others related to its roofing plaster, and had been abandonned
for a dozen years at the time of the campaign (2016). It was especially interesting as it
includes five collapsing or badly cracked vaults built using both adobes and baked bricks.
One or two rows of baked bricks were regularly inserted in the barrel adobe vaults, at a
distance ranging from 30cm to 1m. Wherever visible, it was noticed that main cracks and
partial collapses systematically occurred at the baked bricks rows locations (Figure 4).

Figure 4: Baked bricks rows in an adobe vault and the creation of sectional cracks, the example of Shamsaei
house, Yazd (Crété, 2015)
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This observation campaign confirmed the frequent propagation of cracks at the interface
between baked bricks and adobe bricks. An experimental campaign based on the shear
strength assessment of brick masonry [25,26,27] was then conducted at 3SR laboratory in
order to better understand this phenomenon. The authors first had to determine a composition
for the mud mortar they would use for the campaign. They tested several compositions based
on clay, sand and fibers. They selected 4 formulas out of 7 thanks to qualitative observations.
They then performed shear tests on 8 sandwiches made out of adobe and 4 kinds of mud
mortars after complete drying (1 month): clay with 20% fiber by volume of clay (OC20F),
clay with 20% fiber and 10% sand (OC20F10S), clay with 10% fiber and 10% sand
(OC10F10S) and clay with 20% fiber and 20% sand (OC20F20S). The experimental setup
using Schenck press in shown in Figure 5. The average shear stress value ranged from
0.032Mpa for the OC20F20S mortar to 0.059Mpa for the OC20F10S mortar, which was
chosen to perform the next tests.

Figure 5: The shear stress value of a sandwich sample made out of two adobes and mud mortar is tested with a
Schenck press

Once the composition of the mud mortar defined, six sandwich samples were produced to
assess their shear stress value: Three samples were made out of baked bricks (samples A, B
and C), three out of adobe bricks (samples 1,2 and 3). A main factor of influence on the bond
development being the water content of the bricks before mortar laying [28], two samples of
each type were prepared by wetting the bricks before applying the mortar (samples A,B, 1 and
2), and one was prepared without wetting the bricks (samples C and 3). The following
average shear stresses were measured:
Adobe
Baked bricks

Wet (samples 1, 2)
Dry (sample 3)
Wet (samples A, B)
Dry (sample C)

0.86 MPa ; 0.130 MPa
0.008 MPa
0.84 MPa ; 0.145 MPa
0.055 MPa

Table 1: The shear stress values (Mpa) of adobe and baked bricks sandwiches samples

3200

Eugénie Crété, Santosh Yadav and Nariman Farahza

When wet before mortar application, the shear stress values for both baked and adobe
bricks are comparable. They are respectively two times and ten times higher than when
samples were prepared without wetting the bricks before the application of mortar. This
important decrease in shear resistance may be explained by an improper bond development
due to a too fast moisture flow between the bricks and mortars, inducing important shrinkage
in the mud mortar as can be seen in Figure 6. This phenomenon could also explain the gap
between samples 3 and C, as adobe bricks have higher absorption rate than baked bricks.

Figure 6: The joint failure in case of samples prepared with wet brick surface (left) and with dry brick surface
(right)

5

CONCLUSION

In earthquake-prone areas, seismic practices developed as part of the local building
cultures. Earthen historic constructions are usually associated to features improving their
behaviour in case of earthquakes, but that suffered such distortions or improper maintenance
that they may not be efficient anymore, which makes them even more difficult to identify and
analyse, triggering a vicious circle. The methodology illustrated by Yazdi Qajar architecture
study in this paper helped in identifying several features that may be of importance regarding
the seismic behaviour of Qajar buildings, amongst other the insertion of baked bricks in adobe
vaults. The observation campaign showed that major cracks frequently occurred at the
interface between baked bricks and mud mortar in adobe vaults. Further observation
campaigns on collapsing Qajar houses in other cities were Qajar architecture is found would
confirm if this observation is wide-spread or local. The experimental campaign showed that
for the same composition of mud mortar, the shear strength value is similar with baked brick
or adobe brick which are prepared by wetting the brick before application of mortar, but that
this shear resistance is two times lower if bricks are not wet. Could this be a technic used by
traditional masons to create fuse surface that would crack first, thus dissipating energy
without endangering the vault stability? To further consolidate this technical assumption, it
would be interesting to conduct the same experimental campaign on samples prepared with
Yazdi traditional adobes, baked bricks and mud mortar. This could highlight other factors
explaining lower bond strengths between baked bricks and mud mortars.
The suggested methodology helped in identifying architectural features that may have
developed as part of a local seismic culture but that suffered from distortions or forgetfulness.
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But once these elements identified and understood, complementary research must help
understanding why these distortions happened and especially if they were intentional or not.
This must be understood before restoration works to decide whether the distorted element
should be kept in its adapted version or if it must be corrected to improve the building
behaviour in case of seismic solicitations. Intentional distortion may result from an adaptation
of the technic to lower seismic areas because another stake was given priority, as noticed for
example by Hofmann [1] in relation with the spacing between timber seismic bands in
Turkey. In Iran, the reduction of buttresses and the turning of many alcoves into merely
aesthetic elements may be an intentional distortion. Further research in more seismic areas
where Qajar architecture disseminated would help validating this hypothesis. The
unintentional distortions, out of forgetfulness or misunderstanding of the seismic interest of a
practice, is closely related to the disruption of traditional knowledge transfer processes that
happened mainly from the end of 19th century [1]. Could a datation of the distortion help in
sorting out if it is an intentional one or not? And to what extent should we consider that the
highest stakes at the time of the construction (for example economical ones), that may have
induced intentional distortions, are still consistent nowadays? Keeping in mind that the
preservation of cultural heritage falls increasingly into a narrative of continuous evolution and
adaptation to current stakes, an approach that may help in building cultural resilience [29].
Whether distorted or not, a deep understanding of these features is of major importance to
develop proper maintenance of historic buildings. The loss of knowledge and understanding
can induce adverse consequences when they result in the replacement of traditionally used
materials by others with different properties. In Yazd, several maintenance issues that
endanger vernacular built heritage can be observed. Many earthen walls are partially rebuilt
with inconsistent materials from both mechanical and hygrometric points of view. It may
entail an acceleration of degradation of the earthen parts of the wall due to crushing, water
runoff concentration, excessive water vapor condensation, concentration of capillary rises in
specific zones, salts migration… These modifications often turn disastrous in case of an
earthquake, because of the lack of connections between load-bearing elements and because of
the burdening of traditional structures. Based on the hypotheses detailed in this paper
regarding several seismic features of Qajar architecture, several other examples of improper
maintenance should be highlighted: for example when changing the traditional mortar by a
stronger one in panels whose relative weakness is important. Or in case the mortar is stronger
than the bricks, resulting in a propagation of cracks inside bricks and not only inside mortar
which no longer induce a delimitation of interlocked blocks. Besides, baked bricks walls are
often used to obstruct historic access. These panels may induce severe damage in case of an
earthquake because of their relatively high stiffness and because of the lack of good
connections with original walls. This discussion on the improper maintenance that can be
observed regarding Yazd city center highlights the importance of identifying and
understanding these traditional seismic practices.
Moreover, further research is needed to get a deeper understanding of the practices
exposed in this paper and further consolidate the assumptions the authors could elaborate,
especially regarding the different masonry patterns. Besides, other practices were noticed by
the authors, without them being able to conduct further work to develop assumptions about
their interest from a seismic point of view. One relates to the high occurrence of empty
vertical joints in adobe masonry: Is it mere faulty works, or could it be a way to keep strains
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localized under lateral stresses? A second one relates to muqarnas, that may have developed
as a friction damper timber capital (a practice documented in Nepal and Pakistan [17]) when
built out of several wooden pieces and not out of a single one as is mostly done nowadays.
Finally, the authors would recommend further research regarding the mix of adobes and
baked bricks when building windcatchers along with research on their structural behaviour, as
the very function of those items induces a need for structural strategies to cope with the
vibrations and lateral forces due to winds.
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Abstract. Timber structures represent a rich although still underestimated portion of
the historical built asset worldwide documenting a tradition of sustainable practices
and craftsmanship. Assessment of their condition is a fundamental step towards their
conservation. While some overarching approaches for the assessment of timber structures are
not dissimilar to those used for other types of structures, there are some specific factors
affecting timber structures behavior that should be taken into consideration. Such factors are
especially related to the organic nature of wood, which makes timber’s properties largely
variable and influenced by the environment. Successful conservation of historical
timber structures requires combination of many different disciplinary contributions, from
wood science and technology, to structural engineering, building physics, architecture, art
history and environmental science, among others. This contribution aims to present an
overview of tools supporting decision-making processes for the assessment and
conservation of existing timber structures, including both methodological frameworks and
technical approaches for data collection and analysis. These tools are reviewed according
to the scope of the assessment and considering multiple levels at which timber structures
are studied, at the material, system and building scale. Additionally, emerging
approaches and challenges for holistic assessment of historical timber structures are
discussed.
1. INTRODUCTION
In the last decades, institutions, authorities and various stakeholders have recognized the
urgent need to maintain and preserve a rich and diverse cultural asset, represented by traditional
timber structures. Ad hoc international and national technical committees, such as ICOMOS’s
IWC (International Wood Committee) and ISCARSAH (International Scientific Committee on
the Analysis and Restoration of Structures of Architectural Heritage), RILEM TC 215 AST (in
situ assessment of timber), RILEM TC RTE (Reinforcement of Timber Elements in Existing
Structures), and the Working Group 10 of the CEN TC 346 “ Conservation of cultural
property”, have been created to evaluate and develop decision-making tools for the assessment
and conservation of (timber) structures of historical and cultural interest.
Information on traditional timber structures, acquired by means of structural health
monitoring (SHM) and assessment methods, is fundamental to support decision-making
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processes. The discipline of structural health assessment and monitoring of timber structures is
nowadays critical to the success of many conservation projects, and requires increasingly
articulated and multidisciplinary skills. For these reasons, an interdisciplinary, multiscale
approach (from the material to the building and context) is required for the assessment of timber
structures.
This contribution aims to discuss the state-of-the-art by providing an overview of tools
supporting decision-making processes for the assessment and conservation of existing timber
structures. Methodological frameworks and technical approaches for data collection and
analysis are reviewed according to the scope of the assessment and considering multiple levels
at which timber structures are studied, at the material, system and building scale. Additionally,
emerging approaches and challenges for holistic assessment of historical timber structures are
discussed.
1.1. The decision-making process
Decision-making processes related to the management of heritage buildings is a challenging
task due to conflicting priorities pursued by multiple stakeholders. As an example, intervention
to complying with code requirements, such as those addressing seismic or energy performance,
may conflict with the need of safeguarding the historical value and authenticity of a traditional
timber system, without altering the original static scheme and, in some cases, maintaining the
original features of a building enclosure. [1] describe, for instance, issues arisen with the
seismic retrofitting of masonry buildings in Italy, as an application of building codes in force
in the 1980s and 1990s, which caused the frequent replacement of existing timber floors and
roofs with solid or hollow-core concrete diaphragms. Besides the loss of a vast historical built
asset, these interventions proved to be ineffective and even detrimental, leading to failures
during seismic episodes, due to increased loads, punching shear action of the new rigid slabs
and overturning mechanism of the external walls [1].
Considering the complexity of choices associated with the assessment and conservation of
historical timber structures, Multi-criteria Decision Analysis (MCDA) can support decision
making processes, helping evaluation of a variety of conflicting and non-homogeneous criteria.
A review on different approaches in the use of MCDA models for the preservation of historical
built asset has been proposed in [2]. An example of application of a decision-making tool to
assess energy efficiency and overall carbon footprint during maintenance and adaptive
interventions of historical wooden façades is reported in [3].
The aim of the assessment is to facilitate the decision-making process, support a more
sensible approach to the preservation and reduce the costs of the required interventions. As a
matter of fact, the “cost of information” should offset the cost of intervention, and possibly have
additional non-economic benefits. Diverse procedures and tools can assist experts in the
assessment of timber structures. However, the value of historic buildings may justify greater
expenses in sophisticated survey procedures and use of multiple methodologies for the
diagnosis and assessment of timber structures.
Recent advances of sensing technologies have allowed for development of Structural Health
Monitoring (SHM) systems, which provide information on the condition of a system and
evaluate time-dependent phenomena which can affect a building performance. Monitoring
systems may therefore serve for supporting decisions pertaining to the planning of appropriate
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inspection and maintenance actions in case of (or to avoid) damage or deterioration, as well to
evaluate the effectiveness and long-term performance of an intervention.
Structural health monitoring of timber structures is generally categorized in two main areas:
hygrothermal and structural monitoring, depending on the type of action, environmental or
mechanical, respectively. The hygrothermal behaviour of wooden assemblies has significant
influence on the durability and service life of timber buildings. Environmental factors are
generally considered also in structural monitoring, as they have an impact on how reliably a
timber structure can carry current or future loads. Therefore, multiple data are typically acquired
in a SHM program. SHM strategies may be optimized considering the Value of Information
(VoI) from the SHM systems [4]. Accordingly, the placement of sensing devices can limited to
the minimal amount required for the control (and possibly correlation) of the identified key
parameters affecting a timber structure performance, with the goal to holistically identify
potential deterioration processes and even prevent damage to occur.
A literature review [5] found that on a total of 193 timber structures monitored from 1980 to
2019, 86 were existing buildings and 42 of them were historic timber structures, which were
monitored to assess their safety and serviceability or to develop maintenance plans. The survey
also found that, while in the past most SHM projects were aimed at the conservation of
existing/historical timber structures (with a principal geographic concentration in Europe),
more recently the focus has been shifting to new timber construction [5]. Some open questions
are: what has been the use and value of information from previous SHM programs of historical
timber structures? Can we increase the VoI from on-going and future SHM of historical timber
structures?
1.2. Workflows: data production and interoperability
Assessment of historical timber structures encompasses different types and levels of analysis
to consider technological, structural, material and architectonic features at the different scales
of a structure, as well as inter-dependences between those features. Consequently, data should
be collected in a way that allows various experts involved in the assessment to easily
communicate and process information. [6] review available standards, guidelines and other
practice-oriented documents supporting the assessment of historical timber structures.
Reviewed documents are discussed in light of their use for specific assessment purposes,
namely for a) the documentation of the building for conservation/preservation purposes, b)
vulnerability and damage assessment, with a specific focus on seismic performance, and c)
analytical assessment for serviceability and safety evaluation [6].
Categories of data which are collected in various stages, and for different assessment scopes,
encompass: environmental data and wood moisture content (see section 2.1 of this paper); data
for the mechanical characterization of the timber structural elements (section 2.2); data
descriptive of alterations to the original structural systems and individual timber members
(section 2.3) and geometrical data (section 2.4). As a result, different data types and formats are
collected at multiple scales and by using various procedures, thus leading to issues of
interoperability as well as of physical, spatial and statistical correlation.
The Swiss standard SIA 265/5:2011 [7], and the guidelines developed within the COST
Action IE0601 [8] and further implemented in the prEN 1712 by the Working Group 10 of the
CEN TC 346 [9], are to date the only available documents that consider the different levels of
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the investigations at the various hierarchical levels of a timber structure.
[8] describe stages and tasks for the assessment of historical timber structures, with a
particular emphasis on technological aspects. The procedure consists in three different stages
of analysis. The preliminary assessment entails historical survey, preliminary visual survey,
measured survey (geometry, technology, damage), and preliminary structural analysis. A
detailed survey of timbers aims to identify wooden species, estimate wood moisture content
and mechanical parameters, and assess biological damage. A visual strength grading procedure
adapted for grading timbers on site and originally developed in the Italian UNI 11119:2004
[10]is referred in [8]. The third stage of the assessment process is a technological survey of
timber joints.
Visual inspection is a fundamental first step for all different scopes and levels of assessment.
[6] and [11] present a digital template to collect information during visual inspection, by
considering the different hierarchical levels of a timber structure: from the building as a whole,
the structural complex and system/s, the timber elements and the connecting joints. Following
this multi-scale approach, the template includes a section for damage assessment [11]. While
the template is designed to be adapted to different construction types, its implementation and
initial use have been limited so far only to timber roof systems typical of the Western
construction tradition.
Other forms of assessment templates are available, and mainly target a specific scope of the
assessment. These tools are generally meant to enable a standardized and rapid visual screening
and data collection on site. Among them, it is worth mentioning the AeDES form to assess
seismic damage [12], forms to assess causes of failures in engineered timber roof structures
[13], [14], [15], and forms to assess the seismic vulnerability of traditional Italian timber roof
structures [16]. It is worth mentioning that the latter is the only one, among the three cases
above, specifically addressing historical timber systems.
Traditional paper forms have been increasingly replaced with digitally-supported tools to be
used on mobile devices, thus expediting the inspection activities and enabling almost real-time
data sharing. The use of digital platforms for data collection can be two-fold: to facilitate and
standardize data collection, storage and sharing; and to allow for automatic or semi-automatic
analysis in decision making processes.
Periodic inspection is one application where the first type of platform can be particularly
useful. For instance, a bridge inspection procedure based on a software tool has been
extensively used to inspect and monitor timber bridges in Slovenia [17][18].
The second approach requires structured data acquisition so that data can be exploited by
automated reasoning systems. In the MONDIS Project [19] a knowledge-based system has been
developed to support damage assessment of historical buildings. The main scope of the
developed “Monument Damage Ontology” is to enable collaboration and data-sharing within
the expert community, as well as to integrate existing data from different sources [19]. On line,
expert-trained systems accessible from mobile devices have been developed to support timesensitive, decision-making processes during assessment of damaged structures (for instance,
planning shoring and repairs to avoid imminent collapse) (see for instance, [20]. The FaMIVE
(Failure Mechanism Identification and Vulnerability Evaluation) [21], has been designed to be
a flexible data collection platform for vulnerability assessment of historical structures,
including traditional timber roofs and floors. More recently, this platform has been further
developed to rapidly assess seismic and wind response of timber roofs [22]. It is worth noting,
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that most of the available documents for vulnerability/damage assessment refer to specific
structural types or class of buildings. Therefore, many heritage timber structures, which do not
fall in the covered categories, cannot be assessed with the codified criteria. The reader can find
a more exhaustive review of inspection and assessment formats in [6].
Following visual inspection, further stages of the assessment pose additional challenges for
data interoperability. While integration and spatial/physical correlation of non-destructive
(NDT) and semi-destructive (SDT) testing data in a holistic assessment platform is becoming
an increasing need, use of non-destructive (NDT) and semi-destructive (SDT) testing
techniques for the assessment of timber structures is far from being a standardized procedure
[23][24][25]. In sections 2.2 and 2.3, some studies focusing on data mining and multivariate
analysis approaches of multi-sensor data to support decision making process are cited.
In the last two decades, multiple strategies have been developed for range- and image-based
modelling techniques for buildings surveys. Seamless integration of 3D geometric data from
3D scanning or photogrammetry, building information modelling (BIM) and finite element
modelling (FEM) is one of the emerging research topics in the field of cultural heritage
management and structural health assessment and monitoring, which has seen some promising
applications on heritage timber structures. In section 2.4, metric and non-metric data flow and
interoperability among different tools supporting modelling tasks are discussed.
2. STATE OF THE ART AND EMERGING APPROACHES IN THE ASSESSMENT
AND MONITORING OF HISTORICAL TIMBER STRUCTURES
In the following sections, different operational categories involved in the assessment of
timber structures are introduced; state of the art tools and emerging approaches for the
acquisition and analysis of data are then discussed for each category. Information acquired can
be used for the assessment of both load-bearing and non-load-bearing timber elements, or
applied just to the former category, when related to mechanical and structural performance.
2.1. Environmental and hygrothermal conditions
Type, magnitude, duration and frequency of environmental loads acting on a building should
be evaluated in the structural assessment process, as they can greatly affect the performance of
timber structures. As a hygroscopic material, wood exchanges moisture with the surrounding
environment. Moisture content (MC) changes in the hygroscopic range (0-28%) affect wood
physical and mechanical property. Therefore, MC measurement is important for correct
strength grading (see section 2.2) and calibration of non-destructive (NDT) and semidestructive (SDT) measurements [23]. Long-term, load-bearing behaviour of timber members
(i.e., creep) can be negatively influenced by prolonged or recurrent exposure to a humid
microclimate [26]. Additionally, MC changes in the hygroscopic range induce dimensional
movement of the elements in service, with possible deformations, disconnections or
occurrence of internal stresses due to constrained swelling or shrinkage [27].
In conditioned indoor climates, wood moisture content typically ranges between 8-12%.
However, damage or defects of the building enclosure can expose wood to bulk liquid (e.g., a
leak) or condensation, resulting in undesirable moisture gains which can reach the fiber
saturation point (FSP, ~28%). This condition makes wood more susceptible to fungal attack
that ultimately reduces the material structural integrity. Therefore, detection of moist areas is
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important as those areas are at risk of bio-deterioration.
Electrical and hygrothermal methods are the most common approaches to estimate and
monitor MC in timber members. [23] and [28] review methodological criteria for MC
estimation and monitoring using these non-destructive techniques. It is worth mentioning that
large structural timbers are often characterised by non-uniform moisture distribution, which can
vary along a member length and cross section. As moisture content estimates from resistance
or capacitance data only depict local conditions, challenges in terms of data sampling are
implicit with these methods, and require careful evaluation of potential vulnerable/more
exposed areas, where moisture can reach higher values. These challenges are common to both
historical and modern timber construction, and some sampling criteria to monitor wood
moisture content in modern mass timber buildings are discussed in [29].
Long-term moisture content monitoring has proven to be effective to support decisionmaking processes in the conservation of historical timber structures [5]. Some authors highlight
the importance of data processing of continuous moisture content data to support decision
making processes related to the service life management of the monitored structure. Postprocessing techniques such as moving average and erroneous data omission [29] have been
proposed to improve data readability and automatize some analytical procedures.
Wave-based NDT imaging of wood has a great potential as preliminary non-contact
screening procedure to detected moist areas along a timber member. Active thermography, for
instance, can be used with some success to localize surface areas with high moisture content
[30], [31]. Microwave reflectometry (MWR) can be used for detection of high moisture content
in wood [32]. However, since MWR is affected by water, but also by decay and defects in wood,
the simultaneous presence of many heterogeneities can be masked in MWR maps [32].
2.2. Mechanical characterization of timber members
Structural timber members present a high variability of properties (within and among
members) which are affected by material and environmental factors, such as wood species,
density, naturally occurring heterogeneities and moisture content. Some of these factors, such
as the presence of knots, have a different impact on the mechanical behaviour of a timber
member, depending on a member’s structural use in a system (for instance, as a flexural or
compressive element). Therefore, timber capacity assessed by applying standard visual strength
grading (VSG) procedures intended to be used in the sawmill have some limitations for the
prediction of mechanical characteristics of timber load-bearing members on site and their
results are generally over conservative, thus leading often to unnecessary demolitions.
Adaptation of visual strength grading procedures for on-site assessment first introduced by UNI
11119:2004 standard [10] is discussed in several studies (e.g., [33]) and harmonization
documents (e.g., [8]).
Except for proof-loading, which is a direct measure of stiffness, other on-site testing
techniques indirectly estimate mechanical parameters. NDT parameters used to characterize
structural timbers are mainly based on elastic-wave transmission/vibrational methods, with the
NDT variables being the time of flight (TOF)[25] or the natural frequency [34]. TOF
measurements are affected by a number of conditions such as the direction of the signal
transmission with respect to the wood anatomical directions, and the wood MC [25].
Determination of the dynamic Elastic modulus from the natural frequency relies on a series of
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simplistic assumptions, such as geometric (prismatic) regularity of a timber member,
approximation of its weight and of its boundary conditions. For accessibility reasons, transverse
vibration tests are generally preferred (for instance, [34]).
A number of SDT techniques have been proposed for the estimation of mechanical
parameters of timber members (see for instance, [24][35]). These techniques either quantify the
local resistance of the material against the action of specific probes or directly measure local
properties of extracted samples. Major limitations of SDT for the mechanical characterization
of timbers are: the lack of standardized procedures and, in many cases, of commercial
equipment; sampling criteria, which should consider the local validity of the measurements and
the inherent variability of the material; related to the previous point, the necessity of correction
factors to apply estimated clear wood properties to full-size structural timbers; reliability of unior multivariate empirical models (e.g. regression analysis) linking indirect measurements to
inferred properties; and, other factors affecting the relationship between NDT parameter and
inferred property (for indirect methods).
[36] propose modification factors for the standardization of non-destructive variables (i.e.,
TOF, natural frequency, penetration depth, pull-out resistance and drill resistance) taking into
account affecting variables such as moisture content, temperature, size/length, and probe
position with respect to grain direction.
While most NDT methods are global (involving a large volume of the element), SDT are
local measurements. Combination of information provided by two or more independent
methods, for instance of a global and a local testing data, in one single model can lead to a more
reliable prediction of the property of interest. For instance, [37] suggests combining density
data from wood core to improve prediction of dynamic modulus of elasticity (Edyn) using stress
wave tests (REF). Additionally, integration of information from visual inspection and
NDT/SDT data are proposed to support decision-making processes, for instance using Bayesian
methods [38].
2.3.Characterization of decay and damage
Due to wood biological nature, timber artefacts can undergo to biodegradation during their
service life. An early evaluation of the degrading phenomena is crucial to plan remedial actions
and reduce the impact of invasive intervention. Investigations of biodegradation mechanisms,
and the influence of changes of wood chemical/physical properties on mechanical
characteristics have been subjects of intensive research [39].
During assessment of timber artefacts, evaluation of the occurrence, severity, and nature of
decay and damage is a fundamental task that generally starts with visual inspection. Visual
inspection enables the detection of wood decay visible on an element surface, however, decay
can occur in many hidden segments of timber, such as beam ends buried into masonry.
Additionally, early decay is virtually impossible to be detected visually. For these reasons, a
series of instrumental techniques can be used to complement visual inspection and more
comprehensively characterize decay and damage in timber members.
Also NDT and SDT methods for characterization of decay and damage can be global or
local, and result in different levels of resolution [40]. Measurement of drilling resistance is
probably the most common and validated technique to detect the presence and extent of decay
within timber members, providing high-resolution (typically 0.1 mm) profiles correlated with
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density variations within the material. In [32] drill-resistance data are mapped within a
measuring grid to compare results with stress-wave TOF tomograms to estimate residual crosssections in decayed timber members [32].
Among the electromagnetic wave-based NDT imaging techniques, digital radiography is
readily available, as nowadays various manufacturers produce portable digital X-ray systems.
Digital radioscopy has proven to be effective in detecting internal decay and insect attack in
timber members, as well identifying construction defects and damage [23][31].
Probably, the most important information to collect for the characterization of decay in
timber members are about the triggering and influencing factors (i.e., environmental,
constructive, etc.), the type of decaying agents, and if the observed phenomena are active or
not. In case of active phenomena or presence of conditions affecting those phenomena, decision
should be made, based on prediction of the behaviour of the structure within a specified time
frame. Near-infrared spectroscopy and multivariate analysis based on partial least-squares
(PLS) has been used to evaluate type of degrading agents and develop prediction models to
characterize and monitor decay in timber members [41] and wood surface weathering [42].
2.4. From geometrical characterization to structural analysis and monitoring (and
closing the loop)
Geometric data is instrumental in supporting various decision-making processes; critical to
documentation, preventive conservation and maintenance programs, essential for diagnostic
investigation, structural analysis and design of interventions. A thorough representation of
the configuration of the structural system aimed at understanding the behavior and the
structural role of each component and of the joints is instrumental to the static analysis of a
structure, help defining the load paths in timber frameworks and determine critical structural
units and elements subjected to greater static demands. Analysis of the geometric data is also
fundamental to identify alterations in the structure, such as rigid movements or deformation.
3D geometric data acquisition may be accomplished either through image-based or rangebased methods. Availability of 3D data can enhance the production of 3D models and support
metrical, structural and technological analysis at different levels of a building and timber
structure. This rich 3D datasets can encompass various levels of details, for instance including
non-rectangular and varying sections, non-linear beams, out of the plane elements and
individual variations of carpentry joints.
NDT imaging methods with different resolution and penetration capabilities, such as
radiography [31], GPR [43] , and IR thermography [44], have been successfully used to acquire
geometric data of hidden features, such as reinforcements and connections in timber members
[31] or timbers concealed by other systems [43][44]. Local SDT, such as drill resistance tests,
can provide enriched data on irregular timber cross-sections [45].
The need to develop and use a uniform data model and an exchangeable format to process
and communicate metric, non-metric and semantic data is becoming increasingly important.
Building Information Models (BIM) and use of Industry Foundation Classes (IFC) as open
standard for data exchange are transforming the way geometric data are used in the construction
industry, and also in the cultural heritage industry [46]. For the latter, heritage BIM library
projects, such as HBIM, provide solutions to integrate and update information from different
survey and test methods and use the resulting model as a platform for collaborative data
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management among different cultural heritage stakeholders [46].
Emerging applications of HBIM systems in heritage management are to support advanced
data query off-site and onsite. For instance Virtual Reality (VR) and Augmented Reality (AR)
technologies have been applied to the HBIM system to augment expert’s access to a building
information during on-site risk management, including advanced data query of traditional
wooden connections [47].
Advantages of using HBIM platforms for comprehensive structural analysis of traditional
timber systems is discussed by [48]. A comparison of structural analysis of traditional timber
roof performed with conventional wire-frame models and more complex parametric models
showed that the differences in geometry, captured by the parametric model, have a significant
impact on the simulation results and are crucial to inform the preservation process [48].
The structural evaluation of existing timber structures presents a challenge due to the
necessity to assess the mechanical behavior of timber members and joints, as well as taking into
consideration time-dependent variables (creep and load-duration) and biological deterioration.
HBIM models can be used as updateable digital replicas of a building or system. While BIM
relies mostly on manual update of the model by the users, integration of sensor data into HBIM
models can automatize and streamline model update. Implementation of so-called Digital Twin
(DT) resulting from the integration of digital models and sensor data holds huge potential for
structural assessment and monitoring of historical (as well as new) timber structures. In addition
to short-term benefits, such as the possibility to set early-warning, hazard and damage detection
systems, long-term advantages include a better understanding of interferences between timber
buildings and their environment, and can help buildings’ managers evaluating the impact of
each implemented technical solution.
3. CONCLUSIONS
Holistic assessment methodologies are required to capture the complexity of traditional
timber structures, their morphological, technological, material and mechanical variability, and
their interaction with the environment. Some of the challenges to effective assessment and
monitoring of historical timber structures are due to the scarcity of relevant standards and the
lack of a commonly accepted ontological approach, relating scope of the assessment,
information required and necessary procedures.
Although seamless data integration and information exchange are key factors for effective
assessment and management of historical timber structures, current practice generally follows
segmented approaches for each assessment scope and phase, as well as traditional data
processing applications, which may not be able to capture the relationships among all the
variables affecting the behavior of existing timber structures. This may limit the possibility to
turn data into valuable, actionable information.
Multi-criteria tools, data integration and sharing through platforms such as HBIM and digital
twins represent promising approaches to support decision-making processes for the assessment
and conservation of historical timber structures.
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Abstract. The paper describes in detail the application of a vibration-based structural health
monitoring system installed in the “San Pedro Apostol” church of Andahuaylillas located in
Cusco (Peru), a 16th century adobe church considered a representative example of South
America baroque architecture. The results of three years of long-term vibration and
temperature and humidity monitoring program are reported in detail in the paper, with a focus
on the long-term and short-term correlations between natural frequencies and environmental
parameters. The results demonstrate that an accurate estimation of the first eight frequencies
in the range 2-6 Hz is possible in the case of complex adobe structure and the existence of an
annual cyclical behavior of the natural frequencies with a clear correspondence with the
changes in environmental conditions due to seasonal influences. The performed correlations of
ambient conditions and structural parameters confirmed the presence of different timescales
and their not negligible influence in the case of a vibration-based structural health monitoring
assessment of adobe systems with large thermal inertia large thermal inertia.
1

INTRODUCTION

Adobe has a very significant place in the field of civil construction materials. Different types
of structures were made over the centuries and in various parts of the World with this material
due to its attractive characteristics such as low cost, local availability, the possibility to be
self/owner-made, good thermal insulation and acoustic properties [1]. The use of sun-dried
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blocks dates bakes to 8000 BCE and, in more recent times, it was estimated that around 30%
of the world population lives in earthen constructions [2]. Nowadays, a wide range of earth
buildings can be found in Europe, Asia, Middle East, Africa and America. In particular, adobe
buildings are extensively diffused in Latin America, and in Peru where cultural heritage and
archaeological sites made of this material are a fundamental part of its intellectual richness and
cultural diversity. The sacred city of Caral (2000 BCE), the complexes of “Huaca del Sol” and
“Huaca de la Luna” (100-800 CE), the pre-Colombian city of Chan-Chan (850-1476 CE) are
some of the numerous examples of Peruvian earthen monuments [3].
Unfortunately, these structures require a special attention and investigation due to the high
vulnerability of the adobe heritage buildings affected by anthropological factors (such as lack
of maintenance, inappropriate use and traffic vibrations), natural factors (such as earthquakes,
tsunami and environment conditions) and intrinsic factors (such as aging of the materials and
the low tensile strength and brittle behaviour of the adobe) [4]. Modern tools were developed
to assess existing buildings and reduce their vulnerability. Within the available tools, vibrationbased structural health monitoring (vSHM) is finding an increasing use in the preservation and
conservation of historical constructions such as bell towers [5], stone masonry churches [6] and
buildings [7] due to its low invasiveness, the possibility to increase of the level of knowledge
of structural system with high accuracy and the possibility of check the health state of the
structures [8]. The structural health assessment of existing buildings by vibration-based
monitoring systems is a challenge task because the influence of the environmental parameters
(mainly temperature and humidity) can lead a variation of the boundary conditions [9], in the
system stiffness [10] and others, masking variations due to structural damages. In the case of
earthen existing buildings, the authors show in [11-12] how thermohygrometric variations can
produce significative changes in natural frequencies at long and short scales because the
environmental parameters are time-dependent and non-uniform quantities.
The paper reports the results obtained with the three years of vSHM of a masterpiece of the
Peruvian cultural heritage earthen building, the “San Pedro Apostol” church of the
Andahuaylillas, located in Cusco (Peru). The monitoring system was installed on March 2017
and continuously records the dynamic response of the church by four force-balances
accelerometers and the environmental conditions by temperature and humidity sensors. The
paper in Section 2 describes the cases study and the carried-out monitoring systems, in Section
3 describes the obtained results and Section 4 concludes the paper.
2 THE “SAN PEDRO APOSTOL” CHURCH OF ANDAHUAYLILLAS
2.1. Description of the case study
The “San Pedro Apostol” church is located in the main square of the Andahuaylillas, a
village close to the Cusco city, in southeastern Peru, in the Andean region and it is considered
the most emblematic colonial adobe church of South America (Fig. 1a). The church was built
by Jesuit in the 16th century and is known as the “Sistine Chapel of Latin America” for its
inestimable mural painting (Fig. 1b). The church covers an area of 61 x 27 m (Fig. 1c), with a
main nave of 58 x 12 m and a height of 10 m, and it is connected directly to the baptistery, the
bell tower, two later chapels and, by a triumphal arch, to the presbytery (Fig. 1d). The adobe
walls have a variable thickness from 1.10 m to 2.00 m and a stone masonry foundation with a
height of 1.5 m. The longitudinal walls of the nave are connected by wooden tie-beams and
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steel tie-rods and the roofing system is composed by a “A-shape” trusses of timber elements
[13].

a

b

Choir loft
Bell tower

Triumphal arch

Main nave

Presbytery

c
d
Figure 1: “San Pedro Apostol” church of Andahuaylillas: (a) exterior view, (b) interior view,
(c) 3D reconstruction, and (d) plan view at the height of the base.

2.2. Description of the monitoring system
For the importance of the building and to increase the knowledge about the dynamic and
thermohygrometric behaviour of the structure, a remote and continuous dynamic monitoring
system and an environmental monitoring system were installed on the church on March 2017.
The implemented monitoring systems are summarized in Fig. 2, and consist: (i) local
acquisition and storage of the raw data (dynamic and environmental data), (ii) transmission of
the raw data by a 4g data plan to the central monitoring station, (iii) reception and storage of
data, (iv) processing of raw data, and (v) publishing the results in a web platform using a cloud
engine. For the processing of the dynamic raw data (stage iv of the monitoring system), an
automatic processing tool was developed and tested in [14]. In particular, the developed tool is
able to identify automatically the frequencies, mode shapes and damping values of the structure
through four main steps: (a) digital signal pre-processing of the dynamic data; (b) application
of the SSI-Data method to obtain the stabilization diagram; (c) filtering of the stabilization
diagram with the application of hard and soft validation criteria; (c) automatic detection of the
modal parameters using hierarchical clustering approach and automatic thresholds; and (d) the
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application of an adaptive modal tracking for a final cleaning of the dynamic results (see more
details in [14]).
CENTRAL MONITORING STATION

INSTRUMENTED BUILDINGS

Data
Acquisition

Data
transmission
using 4g data
plan

Automatic
modal
parameters
identification
Data
reception

• Data pre-processing
• SSI-Data method
• Preliminary cleaning stage with
hard/soft validation criteria
• Automatic detection using
hierarchical clustering
• Adaptive modal tracking

CLOUD

Real-time data
published in a
web platform

Environmental
conditions

Figure 2: Overview of the structural monitoring system implemented in the “San Pedro Apostol” church.

Within this context, the implemented dynamic monitoring system consists of a Kinemetrics
Obsidian 8x [15], a data acquisition unit with a capacity of 8-channels and 24 bits of resolution
(Fig. 3f) and four uniaxial force balance accelerometers Episensor ES-U2 [16] with a bandwidth
range from DC to 200 Hz, a dynamic range of 155 dB+, a sensitivity of 10 V/g, and an operating
temperature range from −20 °C to 70 °C (Fig. 3c). To generate a stable power supply, an
external battery (Fig. 3h) with a voltage regulator (Fig. 3i), and a battery charging-maintainer
(Fig. 3g) are incorporated. The accelerometers are located at the top height of the north and
south nave walls (see Fig. 3c) to record the horizontal (out of plane) movements of the main
nave. The data acquisition parameters are set at a sampling rate of 200 Hz, at a sampling time
of 900 s for each event and with a time recurrence of one hour.
The environmental monitoring system used to perform the remote and real-time monitoring
of the external and internal temperature and humidity is composed by a HOBO RX-3000 Data
Logger [17] (Fig. 3l) and two S-THB-M008 environmental sensors [18] (Fig. 3m). The S-THBM008 sensors have a temperature resolution of 0.02 °C, a humidity resolution of 0.1%, a
temperature measurement range between −40 °C and 75 °C, and a humidity measurement range
between 0 and 100%. The environmental sensors are placed outside (Text and Hext in Fig. 3a)
and near the entrance of the church (Tint and Hint in Fig. 3a) to record the internal and external
temperature and humidity. The environmental parameters are recorded with a time recurrence
of one hour. For remote communication, the Obsidian 8x, and the HOBO RX-3000 Data Logger
were connected by Ethernet cables to a TP-Link modem with a phone data plan (Fig. 3d) to
automatically send the recorded information to the central monitoring station using a safe File
Transfer Protocol (FTP). During the entire monitoring period more than 23000 raw data was
sent from the instrumented building to the central station.
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HOBO RX-3000 Data
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Figure 3: Dynamic and environmental monitoring systems: (a) location of the dynamic and environmental
sensors, (b) 3D reconstruction of the church with the device locations, (c) EpiSensor ES-U2 accelerometer
sensor, (d) TP-Link modem, (e) data acquisition station, (f) Obsidian 8x acquisition system, (g) battery chargingmaintainer, (h) external battery, (i) voltage regulator, (l) HOBO RX-3000 Data Logger, and (m) S-THB-M008
temperature/ humidity sensor.

3

MONITORING SYSTEMS RESULTS

The analysis of the recorded ambient vibration data was performed, and the results are
presented in Fig. 4. As shown, the first eight frequencies of the adobe church were clearly
detected in the range 2 Hz and 7 Hz. As shown, the results indicate a seasonal influence during
the monitoring period. Lower frequency values were reached during colder months (between
June and September), while higher values in the summer months (between December and
March). An irregular behavior was detected close to November 2018 with a local decrease of
all the identified frequencies.
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Figure 4: Time evolution of the first eight natural frequencies of the “San Pedro Apostol” church from March
2017 to November 2019.

The results of the ambient temperature and relative humidity evolution are shown in Fig. 5.
The external ambient temperature (Text) exhibits a not clear seasonal trend of the data with
higher daily variations in the summer period and lower in the winter one (Fig. 5a), reaching a
maximum value of 28°C and a minimum value of 5°C during the monitoring period. On the
contrary, the internal ambient temperature records (Tint) shows clear seasonal trends, with an
increase of the values during the summer period and a decrease in the winter one (Fig. 5a). An
attenuation phenomenon of the daily thermal variation compared to the external ambient
records, reaching a maximum value of 21°C in winter and a minimum value of 11°C in summer.
Similar attenuation between external and internal measurements was recorded in the case of
relative humidity (see the external relative humidity, Hext and the internal relative humidity, Hint
of Fig. 5b). The values of the external relative humidity range between 82% and 7%, in
comparison with the values of the internal relative humidity that range between 71% and 12%.
Clear seasonal trends were also detected with a humidity drop in the winter period (between
June and September) in both external and internal values.
Aiming at developing a single variable that integrates information of ambient temperature
and relative humidity, the external and internal absolute humidity (AbsHext and AbsHint,
respectively) were calculated to achieve a better understanding of the effects of
thermohygrometric parameters on the natural frequencies of the adobe church (see more details
of how this variable is calculated in [13]). In particular, AbsHext and AbsHint were calculated
using the recorded data of Text/Hext, and Tint/Hint sensors, respectively, and they represent the
amount of water vapor in the external and internal air of the church. The results of the calculated
absolute humidity values in the entire monitoring period are showed in Fig. 5c. A clear seasonal
decrease (from 10 g/m3 to 2 g/m3) was recorded for both parameters in the winter period, with
an irregular behavior detected close to November 2018, with a clear similarity of the time
evolution of the identified frequencies. Furthermore, high capacity to reduce the variation
between the external and internal measurements is shown by this calculated parameter.
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Figure 5: Time evolution of the church’s ambient temperature and humidity: (a) external and internal ambient
temperatures Text and Tint, (b) external and internal relative humidity Hext and Hint, and (c) external and internal
absolute humidity AbsHext and AbsHint.

4 ANALYSIS OF THE INFLUENCE OF AMBIENT CONDITIONS IN THE
DYNAMIC STRUCTURAL BEHAVIOUR
A detailed study was performed between the first frequency of the “San Pedro Apostol”
church and the external ambient humidity. The external ambient humidity was selected as
parameter for comparison due to:
(a) the absolute humidity has demonstrated to be an effective parameter for performing
correlation analyses [12];
(b) t absolute humidity is less affected by the thermal inertia of the adobe, demonstrated by
a higher correlation between external and internal environmental measurements;
(c) in most structural monitoring, the external environmental parameters are easier to obtain.
Furthermore, in sake of brevity, in the present paper only the results of the first frequency will
be described in detail.
Fig. 6 shows the correlation distributions of the first frequency with the external absolute
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humidity corresponding to the entire monitoring period. Aiming at analyzing the influence of
the environmental parameters on the frequency with different timescales, the raw data was
filtered by averages with different timescale. In particular, Fig. 6a shows the correlation
distribution obtained by the raw data. Fig. 6b shows the correlation distribution obtained by
filtering the raw data with a daily average (the mathematical average was carried out with the
24 data recorded in one day). Finally, Fig. 6c, Fig. 6d, and Fig. 6e show the correlation
distribution obtained by filtering the raw data by averaging the data of 7 days, 15 days and 30
days, respectively.
The results show that the correlation coefficients between the raw data of the first frequency
and external ambient humidity are almost good (R2=0.35) with a positive trend. The results of
the correlation distribution with the daily average filtered data show a higher value of
correlation coefficient (R2=0.47) with a clearer positive trend. The results improve with the 7
days average filter, reaching a correlation coefficient of 0.58. Finally, with the 15 days average
filter and the 30 days average filter, there is a slight improvement of the results, reaching a
correlation coefficient of 0.65.

2.5
2.4
R² = 0.35
0

3

6

9

12

AbHext [g/m3]
a

2.6
2.5
2.4
2.3

R² = 0.47
0

3

6

2.6
2.5
2.4
2.3

R² = 0.63
0

3

9

AbHext [g/m3]
b

1st Frequency [Hz]

2.7

1st Frequency [Hz]

1st Frequency [Hz]

2.6

2.3

2.7

2.7

1st Frequency [Hz]

1st Frequency [Hz]

2.7

6

9

12

12

2.6
2.5
2.4
2.3

R² = 0.58
0

3

6

9

AbHext [g/m3]
c

2.7

12

2.6
2.5

2.4
2.3

R² = 0.65

0

3

6

9

12

AbHext [g/m3]
AbHext [g/m3]
d
e
Figure 6: Correlation coefficients distribution between the first natural frequency and external absolute
humidity: (a) raw data, (b) data filtered by a daily average, (c) data filtered by a 7 days average, (d) data filtered
by a 15 days average, and (e) data filtered by a 30 days average.

5

CONCLUSIONS

The paper reports the results of almost three years of environmental and dynamic monitoring
of the emblematic “San Pedro Apostol” adobe church of Andahuaylillas, Cusco (Peru). The
results show on one side the influence of the adobe structure on the diffusion of temperature
and humidity inside the church, and on the other side, the influence of the environmental
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parameters on the dynamic response of the same structure.
The comparison between the evolution of the internal and external environmental conditions
shows a clear attenuation of the internal measurements, confirming the influence of the thermal
inertia of this type of buildings, mitigating the extreme ambient climatic conditions recorded
outside the church.
The analysis of the influence of the environmental parameters on the dynamic response of
the structure show an annual cyclical behavior in the time evolution of the first eight frequencies
of the church, with a clear similarity with the time evolution of the environmental parameters
(long-term analysis). Furthermore, a medium-term and a short-term analyses were performed
with the calculated external absolute humidity, and improved results were attained when the
daily variation, the 7 days variation, the 15 days variation and the 30 day variation were
removed from the original raw data of natural frequencies and environmental parameters
The successful implementation of an environmental and dynamic monitoring system in a
th
16 century historical adobe church and the obtained results about the relevant role of the
environmental parameters at different time scales in the dynamic response of adobe systems
make the vibration-based structural health monitoring system a useful tool for the conservation
and protection of the cultural heritage buildings.
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Abstract. The church of the monastery of Sant Cugat close to Barcelona is a medieval
construction characterized by a complex structural behaviour stemming from the interaction
among various structural elements built over different periods. Despite having survived for
several centuries, such structures are often affected by slow irreversible deterioration
mechanisms that can jeopardise their stability in the future. In order to identify such
mechanisms at an early stage, and to better understand the cause of visible pathologies, a static
structural health monitoring (SHM) system was installed in the church since 2017. Although
this monitoring strategy, aimed at the continuous measurement of key slow-varying parameters,
has been used successfully in the past to facilitate the diagnosis of this structural typology, the
interpretation of data collected by such systems remains a challenging task. One of the main
reasons for this is the fact that many monitored damage and deformation features are sensitive
to changes caused by environmental conditions. To address this issue, this paper presents the
application of a fully automated data analysis procedure to the records collected from the SHM
system installed in the church of the monastery of Sant Cugat. The procedure consists of two
parts. The first relies on the identification of models that comprehend an Auto-Regressive
output and an eXogenous input (ARX) to represent the dynamics of each monitored response
using suitable environmental parameters as predictors. The identified models are then used to
estimate filtered evolution rates. The second part of the procedure involves classifying each
monitored response into pre-defined evolution states based on outcomes from the first part. The
main results from the application to the case of the church of the monastery of Sant Cugat are
presented and the implications for the diagnosis of the structure are discussed.
1

INTRODUCTION

The monastery of Sant Cugat is located near Barcelona in Catalonia, Spain. The masonry
structure at the site today consists of different parts built over different time-periods mostly
from the mid-12th century to the 15th century. The monastery is composed of a cloister and a
church, with the latter being the main focus of this study. The church exhibits several
pathologies notably in the form of cracks and inclinations. Hypotheses have been developed
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regarding the possible causes of these pathologies and an extensive restoration and
strengthening campaign was even completed in 1996. However, the true cause of many
pathologies, as well as the current evolutionary condition of possible deterioration mechanisms,
remain unknown. Since identifying active mechanisms is crucial for a complete diagnosis of
the church’s current structural condition, a long-term static structural health monitoring (SHM)
system was installed in the structure in March 2017.
The initial interpretation task in the case of static SHM involves the identification of either
a stationary or an evolutionary condition from the recorded data of each monitored response.
However, since monitored features are often sensitive to both damage and environmental
changes, there usually exists no clear distinction between irreversible changes linked to active
deterioration mechanisms and reversible ones caused by daily and seasonal environmental
fluctuations. This, together with the complex interaction among structural elements, can make
the interpretation of static SHM data very challenging in actual practice.
Nevertheless, in spite of these difficulties, there exist many examples of successful
applications of static SHM for the diagnosis of masonry heritage structures. Many of these have
relied on directly fitting linear or periodic models to the recorded time series of the monitored
responses. Others have explicitly taken measured environmental parameters such as
temperature into consideration by using a simple linear model to predict and filter out the
estimated change of the monitored structural response caused by environmental changes.
Because the most common monitored structural responses in the case of masonry structures
(cracks and inclinations) frequently show a predominantly linear dependence to the most
influential monitored environmental parameter (temperature), the above-mentioned filtering
method often leads to accurate estimates of underlying evolution rates. However, it is not very
robust because the linear model is certainly an over-simplification of the true nature of the
relationship. Notably, in the case of the relationship between temperature and structural
parameters, a linear model is not able to consider effects caused by the thermal inertia of the
material or by thermal gradients between interior and exterior temperature.
Dynamic linear regression models that comprehend an Auto-Regressive output and an
eXogenous input (ARX) appear to be an appealing alternative since they can account for more
of the dynamics of relationships between environmental and structural parameters. As their
name suggests, these black box models can exploit a large number of observations to
reconstruct linear dependencies of monitored responses on their own rate of change, on the rate
of change of selected predictors and on the present value of predictors. The first step of such a
filtering procedure involves selecting which measured environmental variables will be used as
predictors in the ARX model. Before the parameters of ARX models can be estimated, it is also
very important to define the number of past response and predictor samples that will be used to
describe the system. These are referred to as the model orders. Although there exist some
examples of successful applications of ARX models to filter out environmental effects from
dynamic SHM data [1,2], the application to static SHM data has been very limited [3]. As a
result, there is very little guidance available on how to select appropriate model orders and there
is a clear lack of tools for the interpretation of results from the identified ARX models.
In order to address this issue, a fully automated data analysis procedure incorporating ARX
models has recently been proposed [4]. The entire process includes a method to select optimal
model orders from a pre-defined range as well as a procedure to classify each monitored
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response according to their estimated evolutionary state. This paper presents the application of
this fully automated procedure for the diagnosis of the church of the monastery of Sant Cugat.
Firstly, the SHM system currently installed in the monastery is briefly described. Some
methods that attempt to filter out environmental effects from monitored responses are then
described. The classification procedure that utilises results from all the filtering methods is then
presented. Finally, the estimated evolutionary conditions and their corresponding rates are
presented before discussing their implications for the diagnosis of the structure.
2

STRUCTURAL HEALTH MONITORING SYSTEM

The SHM system installed in the church of the monastery of Sant Cugat consists of 14
crackmeters, 2 inclinometers, 3 thermistors and 3 humidity sensors, as shown in Figure 1. The
cracks and inclinations to be monitored were chosen following a comprehensive damage survey
and analysis. Of the 22 sensors, only 3 were placed on the exterior of the structure. Crackmeter
FS 3-15 was fixed on the exterior wall of the central nave adjacent to the cimborio while the
temperature and humidity sensors, TEMP-2.4 and HUMI-2.4, were installed on the exterior
wall of the bell tower facing the cimborio (see Figure 1). Most of the sensors have been installed
since March 2017. The two crackmeters placed on cracks beneath the rose window (FS-3.19
and FS-3.20) were installed in December 2017 and the one placed in the lintel of the main
entrance (FS-3.21) was installed in April 2018. All the methods presented in this paper make
use of data collected up to 02/02/2020. This constitutes 2.9 years of data for most sensors, 2.1
years for FS-3.19 and FS-3.20 and 1.8 years for FS-3.21.

Figure 1: Plan view showing layout of the SHM system installed in Sant Cugat monastery.
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3

METHODS FILTERING OUT EFFECT OF TEMPERATURE

The simplest analysis methods that have been applied to static SHM data consist of
estimating underlying evolution rates by directly fitting the time series of each monitored
structural response to a linear or to a nonlinear periodic model. Although there exist several
successful examples of such applications, particularly when long monitoring periods are
available, estimates from these types of analyses can easily be biased by underlying trends or
irregular changes in environmental parameters.
Many of the shortcomings of the above-mentioned methods can be addressed by taking
advantage of environmental parameters monitored on site to better characterise their effect on
monitored responses. As such, the SHM system installed in the monastery of Sant Cugat
included sensors to measure two of the most relevant environmental parameters, i.e.
temperature and relative humidity (see Figure 1). Although the methods presented in this
section can be applied to any monitored environmental parameter, only the effect of temperature
will be discussed in the case of Sant Cugat because a preliminary evaluation clearly revealed
that the monitored responses are generally significantly more strongly correlated to temperature
than to relative humidity.
3.1 Preliminary evaluation of correlation
Before identifying the parameters of any model to represent the dependence of a structural
response on environmental parameters, it is important to identify which environmental
parameters are more suitable to be used as predictors in the model. This can be achieved by
computing the Pearson correlation coefficient (R) between measured environmental and
structural parameters [4]. This coefficient can vary between -1 and +1 with absolute values
closer to unity indicating a stronger linear correlation. The sign of the coefficient reveals the
type of correlation. A negative sign implies that an increase of a parameter leads to a decrease
of the other and vice-versa.
The R-values between temperature and each structural response monitored in the monastery
of Sant Cugat are shown in Figure 2. For each response, the preliminary evaluation of
correlation was carried out with exterior temperatures recorded by the thermistor placed outside
the structure, as well as with interior temperatures recorded by the nearest thermistor placed
inside the structure.
1.00
0.60
0.20
-0.20
-0.60
-1.00

Exterior temperature

Interior temperature

Figure 2: Correlation coefficients of monitored structural parameters with temperature computed over the
entire monitoring period.

Both inclinometers have a strong negative correlation with temperature. This indicates that
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both the bell tower and the pillar at the southwest corner of the cimborio tend to incline towards
the south when temperatures increase.
As expected, most monitored crack widths exhibit a negative correlation with temperature.
This is the expected behaviour since increasing temperatures cause materials to expand thus
reducing crack widths and vice versa. However, four of the monitored cracks show a positive
correlation with temperature. It is possible that the unexpected thermal response of some of
these cracks is linked to the structural intervention that was completed in 1996 [5]. This activity
involved inserting several tie rods in the southern part of the church, as shown in Figure 3. If
these elements were actively working, an increase in temperature would cause an expansion of
the tie rod and a subsequent loss in tension, which could induce the opening of cracks. This
type of response has been observed previously in a masonry tower as reported in [6].

Figure 3: Structural interventions completed in 1996 in the southern part of the church, with the position of
some sensors monitoring cracks which exhibit a positive correlation with temperature.

In addition to the insertion of tie rods, the structural intervention of 1995-1996 also involved
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consolidation with a heavily reinforced concrete overlay of the gothic vaults of the fourth and
lateral aisle on the side of the bell tower (see Figure 3). The expansion of the reinforcement
during increasing temperatures can exert a force on the concrete and subsequently on the
masonry. This effect can also contribute to the positive correlation observed between
temperatures and the crack widths monitored by FS-1.2, FS-2.6 and FS-2.7.
3.2 Filtering environmental effects through linear models
The simplest method to characterise explicitly the direct effect of temperature uses a linear
model between measurements of temperature and each structural parameter, as shown in Figure
4. Since only a single predictor can be used for such a model, only the interior or exterior
temperature is used for each response depending on which one has the greatest correlation
coefficient.
Due to the simplicity of this model, it can be said that effects caused by structural
mechanisms of interest are less likely to influence the identified models if data from only a
single seasonal cycle is used for the estimation of model parameters. When this practice is
carried out, the first year of monitoring is usually used for the estimation of model parameters,
and is referred to as the estimation phase. However, it can be argued that using data from the
entire monitoring period would allow the model to better capture the changing nature of the
relationship in some cases. Therefore, as recommended in [4], both operations listed below
were carried out for each response variable and the results from both methods were compared:
1. Linear filter (i): Linear regression between selected predictor and response variable,
using data from the entire monitoring period.
2. Linear filter (ii): Linear regression between selected predictor and response variable,
using data only from the first complete year of monitoring (estimation phase).

Figure 4: Examples of linear regression between monitored structural parameters and temperature over the
entire monitoring period.

Once the regression procedure has been completed, measured values of each predictor can
be substituted into the identified linear models to simulate changes of the structural parameter
that have been caused by changes in temperature. Actual measurements of the structural
response are then filtered by simply subtracting the simulated temperature effect, as shown in
Figure 5. Estimates of the underlying evolution rates (ERlin(i) and ERlin(ii)) can then be obtained
by carrying out a regression of the filtered residuals.
A significant advantage of this method is that it enables the assessment of how well each
linear model can predict the relationship between temperature and every structural parameter.
If we assume that residuals are normally distributed when no significant structural mechanism
is present, a prediction interval representing a specific level of confidence can be obtained based
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on the standard error of the estimate (σe), computed using the differences between predicted
and measured values. Figure 5 shows the plot of the 95% prediction interval.

Figure 5: Filtering of temperature effect based on identified general linear trend and estimation of evolution
of INC-1.3 from filtered residuals.

3.3 Filtering environmental effects using ARX models
It is clear that the relationship between temperature and structural parameters can often be
sufficiently well represented by a linear model. However, it can fail to do so in many cases
since it cannot account for certain effects influencing the system it aims to describe, such as
those due to thermal inertia or caused by thermal gradients. Auto-Regressive models
incorporating an eXogenous input (ARX) are better equipped to deal with such effects because
they utilise measured values of past responses together with those of past and current or delayed
predictors to describe the dynamics of a system. In this case, only measurements collected
during an estimation phase are used to estimate the parameters of the models. As was the case
for Linear filter (ii), this estimation phase should span a full year to capture most of the
reversible components caused by environmental effects during a complete seasonal cycle. The
identified models are then used together with data collected over the entire monitoring period
(simulation phase) to simulate responses based on measured predictors.
For each structural response monitored in the monastery of Sant Cugat, a single-input single
output (SISO) ARX model was first employed using the same predictor as was used for the
linear filters. Multiple-input single output (MISO) ARX models incorporating both interior and
exterior temperatures as predictors were then implemented to allow the model to consider
effects caused by thermal gradients. The complete procedure incorporating ARX models that
was used for the analysis of data from the static SHM system is described in [4] and will not be
reiterated in this article. Besides the measurements of the response and of selected predictors,
the only other required input to the procedure is the range of model orders to be tested.
The final quality of ARX models depend strongly on the model orders which define the
number of past response and predictor samples used to describe the system. Although the
procedure described in [4] suffers from the disadvantage of being more computationally
expensive than using fixed model orders, if an adequate range is defined, it ensures an optimal
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choice of model orders for each response based on the characteristics of the data itself. This in
turn ensures that a sufficiently accurate ARX model will be obtained. Several ranges were tested
as part of this research and for medieval masonry structures such as the church of the monastery
of Sant Cugat, it is recommended to set the lower limit of the range to one corresponding to at
least 4 days while it is recommended to set an upper limit corresponding to at least 10 days [4].
Naturally, the final range selected is largely dependent on the computational expense that can
be spared. For the case study forming part of this research, a range corresponding to a duration
from 5 to 25 days was specified for the SISO ARX models, and one corresponding to a duration
from 4 to 10 days was specified for the MISO ARX models.
Once the effect of measured environmental parameters has been simulated with ARX
models, the filtered evolution rate (ERSISO-ARX or ERMISO-ARX) of each response can be
computed in the same way as it was with the linear filters described in Section 3.2.
Several error metrics were used to assess the accuracy of the different models used to
characterise the relationship between temperature and monitored responses. However, the
standard error of the estimate (σe) is probably the one that is most easily interpreted since it is
a measure of the dispersion of simulated values from measured ones expressed in the same units
as the measurements. Figure 6 shows the values of σe for each monitored response using all the
filtering procedures applied.
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Figure 6: Standard error of the estimate (σe) computed from residuals between measured and simulated
responses using different models over estimation phase.

It is clear to see that the ARX models are better suited to model the environmental variation
since their residuals have a smaller dispersion than those of the linear models for 13 out of 16
monitored responses. Moreover, the added benefit of using both interior and exterior
temperature as predictors is also apparent since the MISO models outperform the SISO ones
for 10 of these 13 responses even if they have lower model orders.
4

AUTOMATED CLASSIFICATION PROCEDURE

Although using SISO and MISO ARX models to filter out the effect of environmental
parameters can greatly improve the accuracy of the estimated filtered evolution rates, it is still
important to consider the uncertainties and errors associated to modelling the effect of
temperature. As a result, the interpretation of results can still be challenging. Utilising the
automated classification procedure elaborated in [4] can greatly facilitate this task. This multistep classification procedure involves 5 tests.
All of these tests rely on comparisons between the estimated filtered evolution rate computed
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using the most sophisticated ARX model employed (ERARX) and the standard error of the
estimate computed over the estimation phase from residuals associated to the same model (σeARX). Note that in the case of the analysis carried out for the SHM data collected in the
monastery of Sant Cugat, the most sophisticated ARX models employed refers to the MISO
models. Some tests also consider the normality of the residuals, the magnitude of daily
fluctuations and results from all the procedures described in Section 3. A detailed description
of each test is not given here but can be found in [4].
Based on the outcomes of the tests, each response is classified in one of the following 5
categories.
1. Stationary: Responses showing a clear stationary trend outside reversible variations
caused by environmental parameters.
2. Evolutionary: Responses showing a clear evolutionary trend outside reversible
variations caused by environmental parameters.
3. Apparently stationary: Responses showing a stationary trend but for which there is
still a relatively large uncertainty associated to the estimation of the trend.
4. Apparently evolutionary: Responses showing an evolutionary trend but for which
there is still a relatively large uncertainty associated to the estimation of the trend.
5. Inconclusive: Monitored parameters for which no clear conclusion can be made on
its evolutionary state from the available monitoring data alone.
5

RESULTS AND DISCUSSION

The estimated filtered evolution rates from all the methods described in Sections 3.2 and 3.3
are summarised in Table 1, together with the evolution state estimated from the classification
procedure presented in Section 4.
Table 1: Comparison of estimated evolution rates for monitored structural parameters of Sant Cugat
monastery from methods filtering out the simulated effect of measured environmental parameters.

Sensor

Units

FS-1.1
FS-1.2
INC-1.3
FS-2.5
FS-2.6
FS-2.7
INC-2.8
FS-2.11
FS-3.15
FS-3.13
FS-3.14
FS-3.17
FS-3.18
FS-3.19
FS-3.20
FS-3.21

mm
mm
°
mm
mm
mm
°
mm
mm
mm
mm
mm
mm
mm
mm
mm

Estimate of annual evolution rate [unit/year]
Linear filter Linear filter SISO ARX
MISO ARX
(i)
(ii)
filter
filter
0.102
0.102
0.100
0.100
0.003
0.003
0.003
0.003
-0.003
-0.003
-0.003
-0.003
0.029
0.029
0.025
0.026
0.001
0.001
0.000
0.001
0.001
0.001
0.001
0.001
-0.006
-0.006
-0.007
-0.007
0.068
0.067
0.072
0.070
0.002
0.001
0.001
0.000
-0.003
-0.002
-0.004
-0.009
-0.013
-0.014
-0.013
-0.014
-0.041
-0.042
-0.042
-0.047
0.001
0.001
-0.002
0.002
-0.060
-0.063
-0.081
-0.060
-0.023
-0.017
-0.040
-0.014
0.138
0.135
0.170
0.126
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Estimated condition
App. Evolutionary
App. Evolutionary
Evolutionary
Evolutionary
App. Stationary
Stationary
Evolutionary
App. Evolutionary
Inconclusive
App. Evolutionary
Inconclusive
App. Evolutionary
App. Stationary
App. Evolutionary
Inconclusive
App. Evolutionary
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The results reveal that 3 of the monitored responses are experiencing significant evolutionary
trends outside of cyclic seasonal fluctuations: the southward inclination of the bell tower (INC1.3) and of the pillar in the southwest corner of the cimborio (INC-2.8) and the opening of the
crack in the Sacristy (FS-2.5). The estimated evolution rates from all methods are in very good
agreement for these responses. Given the nature of the observed trends and the relative position
of the sensors capturing these movements, it is highly likely that the 3 trends identified as
evolutionary are being caused by the same deterioration mechanism linked to an outward
leaning of the bell tower towards the south (see Figure 8).
Since the western wall of the sacristy is intrinsically tied to the bell tower, the opening trend
observed there could be an indication that the outward rotation of the bell tower is starting from
a considerably low point of the structure. These observations are consistent with the
construction history of the structure since most of it was built in the 14th century but the bell
tower was only completed in the 18th century, when an arch joining the then incomplete tower
and the cimborio was dismantled. It seems that the addition of this part of the structure is having
an effect even today. Since the bell tower has a total height of approximately 40 m, the estimated
evolutionary trend of 0.003°/year corresponds to an outward leaning of approximately 2 cm
every 10 years assuming rigid block motion. In fact, recent topographic and laser scan surveys
of the bell tower’s geometry reveal that its southern and eastern walls have inclinations of up
to 1.5% with a net displacement of 52 cm from the vertical position at the top of the main body
of the tower. This strengthens the findings from the SHM analysis and suggests that a structural
intervention addressing this mechanism could be required in the future.

Figure 7: Observed inclination trends and location of reinforced concrete cover added in 1995-1996.

Another observation that can be made is that the monitored crack across the vault on the
lateral aisle (FS-2.7) appears to be stationary outside seasonal fluctuations. This can probably
be partially attributed to the flexibility of vaults as structural members, giving them an increased
ability to deform without suffering irreversible damage in comparison to stiffer members.
However, this could also be linked to some of the strengthening measures implemented during
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the restoration campaign completed in 1996. The monitored crack goes through the arch
immediately west of the sensor location. This arch was strengthened with 4 hollow metallic
bars that were injected with cement grout. In addition, all gothic vaults of the lateral and fourth
aisle west of this arch were stiffened considerably with a reinforced concrete cover, as shown
in Figure 7. In fact, it is interesting to note that strengthening measures were carried out during
the same campaign in the vicinity of the other 2 monitored cracks classified as apparently
stationary (FS-2.6 and FS-3.18).
It is also worth mentioning that the greatest estimated crack opening rates are associated to
two vertical cracks in the western wall: one in the fourth aisle (FS-1.1) and one above the main
entrance (FS-3.21). Although the opening trend is clearer for the crack in the fourth aisle, the
magnitude of cyclic variations experienced by both cracks are relatively large. As such, a longer
monitoring period will provide an improved understanding of the actual extent of the underlying
trends.
6

CONCLUSIONS

The application of the analysis method described in this paper has demonstrated the
suitability of using dynamic linear regression models that comprehend an Auto-Regressive
output and an eXogenous input (ARX) for filtering out the environmental effect from responses
monitored in static structural health monitoring (SHM) systems. Moreover, it is clear that the
fully automated robust analysis methodology employed can help facilitate the task of
interpreting data collected by static SHM systems for the diagnosis of masonry heritage
structures and avoid misinterpretation.
With respect to the church of the monastery of Sant Cugat, the outcomes of the analysis
reveal that some parts of the structure are being affected by an ongoing deterioration mechanism
linked to the outward leaning of the bell tower towards the south. Although there is evidence
that some of the strengthening measures completed in 1996 could have reduced the effects
related to some mechanisms in localised parts of the structure, it is clear that the measures have
not been successful in completely containing the outward leaning of the bell tower and its
related impacts.
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Abstract. The newly developed low-cost micro-electro-mechanical system (MEMS)-based
acceleration sensors exhibit sufficient accuracy and stability to monitor the shaking of
structures caused by an earthquake. We have developed a practical shaking-monitoring
system using MEMS-based acceleration sensors and a 920 MHz multi-hop radio
communication method that offers reliable radio wave communication, even within buildings.
In this system, the base clock of each sensor unit must be closely synchronized to the master
clock to minimize acceleration-induced phase synchronization error. In the proposed system,
this error can be limited to three milliseconds in a system of multiple sensor units.
1

INTRODUCTION

In the 1995 Hyogo-Ken Nanbu earthquake, many wood-framed residential structures and
other traditionally built Japanese structures were damaged. Following the earthquake, interest
in the study of earthquake resistance of historical buildings such as traditional wooden
buildings has grown. The 1999 publication of Japanese guidelines for the seismic diagnosis of
historical buildings[1] led to widespread quantitative evaluation of the seismic performance of
historical buildings and routine seismic reinforcement.
In the seismic diagnosis of historical buildings, it is important to understand the
characteristics of building vibrations, using seismic measurement. However, such
measurements must be conducted nondestructively to prevent damage to the structure, using a
wireless acceleration measurement system that can be easily installed without wiring.
Many wireless acceleration measurement systems built with the inexpensive and highly
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accurate micro-electro-mechanical system (MEMS) acceleration sensor are in current use.
Generally, in acceleration measurement systems that work at multiple points simultaneously,
time synchronization between sensors is important. Many such systems adopt highly accurate
time synchronization methods using the Global Positioning System (GPS). Furthermore, in
relation to the operation of acceleration measurement systems in buildings, it is necessary to
establish stable and highly accurate time synchronization methods, even where GPS radio
waves do not reach. In the time synchronization operations of wireless acceleration
measurement systems intended for indoor use, the use of broadcast time stamps[2][3] has been
proposed.
Many of the wireless acceleration measurement systems currently in use employ radio
waves in high-frequency bands such as the 2.4 GHz band. Large amounts of data can be
transmitted easily by radio waves in this band. However, in the context of indoor use, these
systems may not provide reliable communication, failing due to the interference of walls,
other devices using the 2.4 GHz band, and walls. Therefore, we considered it desirable for
wireless accelerometer systems used in buildings to employ radio waves in the 920 MHz band
that enables stable communication even in buildings with much interference.
However, there are few wireless acceleration measurement systems that use 920 MHz band
radio waves with highly accurate time synchronization in buildings and structures. The
purpose of this study is to develop a wireless acceleration measurement system for use in
buildings and constructions that can easily be installed.
This paper presents this system, which shows high time synchronization accuracy and
stable communication performance.
2 A WIRELESS ACCELERATION MEASUREMENT SYSTEM
2.1 System overview
The newly developed wireless acceleration measurement system SwingMinder uses
openATOMS communication technology, a wireless on-demand monitoring system
developed by Y. Nakanishi.[4] Many wireless sensors have been developed that use 2.4 GHz
band radio waves, but SwingMinder uses 920 MHz radio waves, which enable long-distance
communication of up to 1000 m per hop, with a radio wave output of 20 mW outdoors. This
enables wireless communication paths that can transmit radio waves through concrete slabs in
buildings.
SwingMinder includes a data-collection unit called the network computer (NC) and
multiple acceleration sensor units called networked intelligent cells (NICEs). Figure 1 shows
an NC and an NICE, and Figure 2 presents the system configuration of SwingMinder. The
acceleration time history data recorded by each NICE are collected by the NC and are
transmitted to external remote-monitoring devices through an internet network such as
3G/LTE. The transmitted data can be converted into a csv format, confirmed, and analyzed
remotely.
Each NICE is equipped with a 32-bit micro controller unit (MCU) that is capable of
performing real-time fast Fourier transform (FFT) processing while measuring acceleration
time history data and saving them sequentially in a recording medium. By placing dataanalytical capabilities in the NICE units, which then transmit only important data, we
resolved the issue of communication limitations that can be present when 920 MHz band
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radio waves are used. Additionally, because the trigger for starting acceleration measurement
in placed within each NICE unit, only important data are recorded, and reducing the amount
of data that must be transmitted.

Figure 1. SwingMinder (left, NICE; right, NC)

NICE

NICE
NC

Internet

NICE

Remote
monitoring
terminal

NICE
Sensor node

: 920 MHz band wireless
communication
: 3G/LTE communication

SwingMinder

Figure 2. System configuration of SwingMinder

Long-term power outages can be predicted in earthquakes. The emergency power supply in
each NICE is two lithium AAA batteries that deteriorate slowly, and these supplement the
regular electrical power supply. They will enable each NICE unit to run for about 30 hours in
conditions of power outage.
NICE uses ADXL355, a three-axis MEMS accelerometer built by Analog Devices, for its
acceleration sensor. The ADXL335 can measure acceleration from 0.1 Gal to 8,000 Gal and
registers tilt angles at 0.01° increments. To measure the primary wave, acceleration 10
seconds before the trigger is activated can be also measured. In addition, any acceleration at
any time after trigger is released is also measured. The measurement specification of the
NICE unit can easily be changed by rewriting the contents of the setting file that is saved on
the memory card. The out shape of the NICE’s resin case, which contains an MEMS
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accelerometer, an MCU, and two lithium AAA batteries, is 125 × 125 × 35 mm and can be
installed in narrow space. Table 1 shows the main specifications and performance of the
SwingMinder. The acceleration measurement range can be set at ±2 G, ±4 G, or ±8 G, and the
sampling frequency can be set at 100 Hz, 200 Hz, or 400Hz. NICEs are powered by 3.3V DC
power, converted from power provided by 100 V outlets with an AC adapter.
Table 1. Performance specifications of SwingMinder

Wireless
communication
module
Acceleration sensor
Acceleration
measurement range
Sampling frequency
Power supply
Operating time under
conditions of power
failure

920 MHz multi-hop method
Communication distance: 1000 m
Communication speed: A few kbps to about 100kbps
ADXL355 (analog device)
Set at ±2 G, ±4 G, or ±8 G
Set at 100 Hz, 200 Hz, or 400 Hz
With AC adapter (DC 3.3 V)
About 30 hours (on backup built-in AAA lithium battery
power source)

2.2 Time Synchronization between NICEs
When each NICE was tested with synchronization provided by the RC transmitter that is
standard in an MEMS accelerometer, synchronization error between the NICEs was on the
order of 100 milliseconds. Thus, the NICEs could not be synchronized within 5 milliseconds,
as is required for simultaneous measurement at multiple points. Therefore, we equipped
NICEs with high-precision programmable MEMS transmitters (with an error of 0.002% or
less) to allow times to be accurately recorded at arbitrary intervals. In addition, between the
NC and each NICE, the time was set at with accurate timing check at every 10 seconds, using
the MCU internal time, which was maintained with high accuracy. Thus, the NICEs were
designed to be able to synchronize times within ±3 milliseconds, which was below the
necessary time increment for acceleration measurement to be performed at a sampling
frequency of 200 Hz.
2.3 Data transmission method between NICEs
Using 920 MHz band radio waves, SwingMinder can secure stable communication in
buildings. However, because the communication speeds enabled by 920 MHz band radio
waves is low, they would require long transmission times for communicating the large
amount of data necessary to interpret the variable acceleration time history data for each floor
of a building in an earthquake.
To solve this problem, SwingMinder creates acceleration time history data every 10
seconds and transmits them sequentially after acceleration is measured that exceeds the
threshold. This evades the disadvantage of the slow communication speeds on the 920 MHz
band and enables acceleration time history data to be collected quickly after an earthquake.
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2.4 Calibration of NICEs
The MEMS accelerometer used in SwingMinder calculates acceleration by electrically
measuring the distance that the weight and silicon springs installed inside the accelerometer
move. Because there is a known inherent error of the silicon springs in the accelerometer, an
initial calibration of the accelerometer is required for accurate measurement.
We measured gravitational acceleration with 65 MEMS accelerometers without initial
calibration and compared them to standard gravity values; this indicated that the maximum
error between measured acceleration and standard gravity was about 4.0% in the x-axis, 4.5%
in the y-axis, and 13.8% in the z-axis. This showed that unacceptable measurement error is
possible if the NICE units are not properly calibrated.
An important factor in measurement error is sensitivity error, which refers to the variation
in the slope of the input and output of the transfer function measured at +1 g and −1 g.
Another factor is the initial absolute offset, which was measured immediately after
manufacture. We calibrated these errors using the two-point calibration method.[5]
With equations (2) and (3), the correction coefficients for the initial absolute offset and
sensitivity errors were calculated. Then, using following equation (1), measurement
acceleration was corrected. The accelerometer was calibrated using the same method for the
y-axis and the z-axis.
𝑋𝑋 = (𝐴𝐴𝑋𝑋� ∙ 𝑎𝑎⁄𝑔𝑔 ∙ 𝑏𝑏)(𝑋𝑋� + 𝑎𝑎 ∙ 𝐴𝐴𝑋𝑋� )
𝐴𝐴𝑋𝑋� = −(𝑋𝑋� + 𝑋𝑋� )/(2𝑎𝑎)
A𝑋𝑋� = 2𝑔𝑔/(𝑋𝑋� − 𝑋𝑋� )𝑏𝑏
𝑋𝑋: Measured acceleration after calibration(m/s2)
𝑋𝑋� : Measured acceleration before calibration(m/s2)
𝐴𝐴𝑋𝑋� : Correction coefficient of initial absolute offset
𝐴𝐴𝑋𝑋� : Correction coefficient of sensitivity error
𝑋𝑋� : Measured acceleration upward along the x-axis
𝑋𝑋� : Measurement acceleration downward along the x-axis
𝑎𝑎: Measurement resolution of acceleration
𝑏𝑏: Integer actor
𝑔𝑔: Standard gravity

3 EXPERIMENT TO EVALUTE
BETWEEN NICE UNITS

TIME

SYNCHRONIZATION

(1)
(2)
(3)

ACCURACY

3.1 Experimental method
To evaluate the time synchronization accuracy between the NICEs, a simultaneous
excitation experiment of 10 units was conducted using a two-axis shaking table. Figure 3
shows the experimental setup. First, 10 NICE (NICE00 to NICE09) were fixed to a wooden
board with screws. Next, the wooden board was fastened to the shaking table with bolts, so
that the NICEs and the shaking table could be vibrated together. Then, the table was vibrated
using the input waves shown in Table 2, and the acceleration of the shaking table was
measured by the units. The excitation was conducted in the direction shown in Figure 3, set to
the x and y directions. The sampling frequency of the NICE was set to 200 Hz, which is
generally used for observation of seismic motion.
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Table 2. Excitation case
case

Input wave

Direction

1-1
1-2
1-3
1-4
1-5
1-6
1-7
1-8

Sine wave
Sine wave
Sine wave
Sine wave
Sweep wave
Sweep wave
Sweep wave
Sweep wave

X
X
Y
Y
X
X
Y
Y

Amplitude Frequency
Number of data
(mm)
(Hz)
10.1
2
1024
10.1
5
1024
10.1
2
1024
10.1
5
1024
2
0.1 - 20
4096
2
20 - 0.1
4096
2
0.1 - 20
4096
2
20 - 0.1
4096

Figure 3. Experimental situation

3.2 Results of the experiment
In cases 1-1 to 1-4, the time synchronization accuracy was evaluated using 1024 pieces of
data where the sine wave was in a steady state for the time history data of each case. In cases
1-5 to 1-8, the time synchronization accuracy was evaluated using 4096 data, where clear
sweep vibration was measured in the time history data of each case. Table 2 shows the
number of data used for analysis in each case.
To quantitatively evaluate the time synchronization accuracy between each NICE, the time
lag of the measurement acceleration was calculated for each frequency. The time lag between
the NICE units can be evaluated by calculating the phase differences of the transfer functions
of each NICE, relative to the reference NICE, using FFT. Equation (4) shows the relationship
between the frequency and the period. Equation (5) shows the relationship between the phase
differences and the time lag, such that by combining equations (4) and (5), we obtain equation
(6), which shows that if there is a time lag between NICE, the phase difference changes with
the frequency. Here, the phase difference is calculated by passing a straight line through the
origin and assigning to each frequency slope of the time lag times 360. If there is no time lag,
the phase difference is 0°.
𝑓𝑓 = 1⁄𝑇𝑇
𝜃𝜃 = 𝑡𝑡� ⁄𝑇𝑇 ∙ 360
𝜃𝜃 = 360 ∙ 𝑡𝑡� ∙ 𝑓𝑓
𝑓𝑓: Frequency (Hz)
𝑇𝑇: Period (second)
𝜃𝜃: Phase difference (degree)
𝑡𝑡� : Time lag (second)

(4)
(5)
(6)

Figure 4 shows a representative analytical result for all excitation cases, with the amplitude
and phase difference of the transfer functions of the acceleration measured by NICE09,
relative to the one measured by NICE00. The horizontal axes of the graphs in Figure 4 show
frequency, and the vertical axes show amplitude and phase differences. The results are shown
up to the frequency of 20 Hz, the target for seismic response evaluation of buildings. In the
graphs, the phase differences for time lags of ±3 milliseconds are shown with dotted lines.
The time lag is found to be within the ±3 milliseconds set as the performance target because
the phase difference is generally within the dotted lines in all excitation cases. Additionally,
the same acceleration can be measured by each NICE unit because the amplitude of the
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transfer function is approximately 1.0. The results of these tests suggest that each NICE unit
produces highly accurate time synchronization.
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: Time difference of ± 3 milliseconds

: Phase difference

Figure 4. Transfer function between NICE00 and NICE09 (top: amplitude bottom: phase difference)

4 EXPERIMENT TO EVALUTE ACCELERATION MEASUREMENT ACCURACY
OF NICE
4.1 Method of experiment
This chapter describes the contents and results of the excitation experiment used to simulate
building motion in a simple three-layer model, conducted to evaluate the acceleration
measurement accuracy of SwingMinder in structures. We created the three-layer model
shown in Figure 5, which consisted of four square floors, with a length of 300 mm and a
thickness of 30 mm, and four pillars, with a width of 30 mm, a thickness of 4.5 mm, and a
height of 930 mm. The floors and pillars were made of aluminum, and each floor was
equipped with an iron weight with a length of 250 mm, and a thickness of 18 mm to change
the model weight. Four NICE units were installed on each floor of the model, which was
placed on the shaking table, and one NICE was installed on table itself. Then, the table was
vibrated, and the response acceleration on each floor was measured using the NICEs.
Additionally, to provide the reference values for the measured acceleration, calibrated
reference accelerometers were also installed on each floor, and the response acceleration was
measured with the reference accelerometer. The measurement accuracy of the NICEs was
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evaluated by comparing their results with acceleration measured by the reference
accelerometer. The reference accelerometer measured acceleration at a sampling frequency of
240 Hz, and the NICE measured at a frequency of 200 Hz. Table 3 shows the excitation cases,
and input waves were input in the x direction, as shown in Figure 5.
X
300
300

Y

300
300

250
250
Weight
Weight

Y direction

X direction
250
250

FloorFloor
covering

300
300

300
300

900
900

300
300

▽RFL

Pillar
Pillar

▽3FL
▽2FL

Total height
(mm)
Total weight
(kg)
Fundamental natural period
(s)

930
58.6
0.299

Member material

Aluminum

Weight material

Steel

▽1FL

X
X direction

Y

Figure 5. Outline drawing of the experimental model
Table 3. Excitation case
Case
2-1
2-2

Input wave
Sweep wave
Sweep wave

Amplitude (mm)
0.5
0.5

Frequency (Hz)
0.1–10
10–0.1

Duration (s)
40
40

4.2 Results of experiment
The sampling frequency of the acceleration measured by the reference accelerometers was
converted from 240 Hz to 200 Hz and compared with to that measured by the NICEs. To
confirm the effects of the conversion of the sampling frequency on the results, the difference
between the maximum measured acceleration before and after conversion was compared. The
maximum difference was 0.11 m/s2, and the ratio of the maximum difference divided by the
maximum acceleration before the conversion was 0.8%. These results suggest that the
conversion of the sampling frequency had little effect on the comparison results.
Figure 6 shows the acceleration of each floor for each excitation case, measured
simultaneously by a NICE and the reference accelerometer. The horizontal axis for each
graph in Figure 6 shows the acceleration measured by a NICE, and the vertical axis shows the
acceleration measured by the reference accelerometer. The solid line in each graph is a
reference line representing the coincidence of acceleration. In each excitation case, the
accelerations measured by the NICE and the reference accelerometer are plotted near the
reference line. This finding suggests that the accelerations measured by the NICE and the
reference acceleration are approximately equal. When SwingMinder is used as the
acceleration measurement system in buildings, it is essential that it accurately measures the
maximum acceleration in the building to enable proper seismic analysis.
Figure 7 gives a comparison of the maximum acceleration of each floor, as measured by
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NICE and the reference accelerometer. The difference between the measurements was 0.41
m/s2 on the rooftop. The difference between the results, divided by the maximum acceleration
measured by the NICEs, was 2.97%. This shows that the difference is small compared with
the measured value, and that the measurement accuracy of SwingMinder is equivalent to that
of a wired accelerometer.
This suggests that SwingMinder has sufficient measurement accuracy to be used as an
acceleration measurement system in buildings.
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Figure 6. Comparison of response acceleration between NICE and reference accelerometer
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5 VERIFICATION OF USABILITY IN ACTUAL BUILDINGS
5.1 Verification method
The experiments reported above showed that SwingMinder can be used as a wireless
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acceleration measurement system. We also confirmed the usability of the SwingMinder
system in actual buildings by installing it in 13 office buildings in the Shikoku region of Japan
conducting earthquake observation. Figure 8 shows the specifications and locations of 13
buildings where seismic observation was conducted. NICEs were installed on each floor, and
seismic observation was conducted after the communication between the NICE and NC began.
The sampling frequency of the NICE was 200 Hz, and the threshold for beginning the
acceleration recording was 0.05 m/s2.
The acceleration data were recorded in some buildings shown in Figure 8 where
earthquakes occurred in the Shikoku region during the observations. For example, an
earthquake was observed at 15:37 on March 11 in Nanyo, Ehime Prefecture. The record was
measured at Building C, and Figure 9 shows the earthquake information and the positional
relationships between the epicenter and Building C. Building C is a seven-story reinforced
concrete building, and NICEs were installed on each floor, with the NC installed on the
rooftop.

Figure 8. Target buildings used for verification

Figure 9. Epicenter information and observation points

5.2 Verification results
After SwingMinder was installed in Building C, we confirmed that the communication
path between the NC and NICE units was open. In the time synchronization program of
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SwingMinder, the time synchronization accuracy, as shown in section 3, was ensured by
checking the status of the time synchronization using feedback signals between the NC and
NICEs at regular intervals. Here, where the communication path between NC and NICE was
open, we determined that time synchronization accuracy within ±3 milliseconds was secured
in Building C. Figure 10 shows the observation records for this building.
In Figure 10, the acceleration data for the x (east–west), y (north–south), and z (vertical)
directions are shown, as measured without loss from all NICEs, from the first floor to the
rooftop. Additionally, it was confirmed that the absolute value of the maximum acceleration
increased progressively from lower to upper floors. In the case of the given earthquake, all the
observation records were collected via the Internet from Kagawa Prefecture, which is remote
from the building in Ehime Prefecture, approximately 10 minutes after the earthquake. The
acceleration measurement accuracy of SwingMinder is founded on the accuracy of the MEMS
accelerometer. Therefore, where NICEs are operating normally and acceleration measurement
is possible, as in this verification, measurement records were collected with the acceleration
measurement accuracy shown in section 5.
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Figure 10. Observed acceleration time history for each floor in Building C

These results show SwingMinder is usable as an acceleration measurement system in
actual buildings.
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6

CONCLUSIONS

This study developed a commercial wireless acceleration measurement system with high
time synchronization accuracy and stable communication capabilities within buildings, called
SwingMinder. Verification tests were conducted on its synchronization and measurement
accuracy and its usability in actual buildings, and the results are presented here. The following
findings were obtained.
SwingMinder has high time synchronization accuracy, with a time lag of each NICE
within ±3 milliseconds.
The maximum measurement error between SwingMinder and the wired
accelerometer was 2.97%, indicating that SwingMinder’s measurement accuracy
matched that of the wired accelerometer.
The usability of the acceleration measurement system in actual buildings was verified,
and the measured acceleration of the buildings was collected in a location that is
remote from where the earthquake occurred.
These findings indicate that SwingMinder can be used as a wireless acceleration
measurement system in actual reinforced concrete or steel buildings.
SwingMinder is also installed in traditional Japanese traditional buildings, and seismic
observations have been carried out for the purpose of structural analysis. In the future,
SwingMinder is expected to be used in more traditional Japanese buildings and other
structures to provide seismic analysis and monitoring of structural health.
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Abstract. Dynamic monitoring is a well-established technique used to gain information on
the global health of constructions. In particular, ambient vibration tests have achieved
important results in the dynamic characterization of modal parameters. Several
techniques and instrumentations are currently available, however the accuracy of these
results is often unquestioned. The mutual validation between different modal analysis
techniques is an important procedure to assess the reliability of the results. In the present
paper the ambient vibration tests performed on the so-called ‘Temple of Minerva Medica’
in Rome considering different techniques and instrumentations will be described and
compared. While it is referred to as the Temple of Minerva Medica, the structure is actually a
ruined decagonal nymphaeum in opus latericium that dates to the 4th century AD. Today, the
construction is located between the main central train station (Roma Termini) and the local
tram way. Ambient vibration data were acquired during different campaigns [1] to
characterize the effects of the vibrations and the modal parameters of the structure. This
work deals with the data collected on the 11th of July 2019 within the project “Tecnologie
per il miglioramento della Sicurezza e la ricostruzione dei centri Storici in area sismica”
coordinated by DTC Lazio (Distretto Tecnologico beni e attività culturali). The
instrumentation comprised of several seismographs equipped with triaxial velocimeters
and piezoelectric accelerometers. A variety of techniques were applied to process the
acquired vibration data in order to extract the modal parameters of the studied structure
including PolyMAX, FDD, EFDD, CC-SSI, HVSR and FRF. Comparison of the modal
parameters obtained by each different technique was considered to provide indications on the
reliability of the instruments.
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1

INTRODUCTION

The accurate and reliable characterization of structures and materials provides crucial
information in the restoration and conservation of historic constructions. In recent years,
Structural Health Monitoring has had extraordinary success due to the sustainability of its
techniques and the relevance of its results. Dynamic identification is a well-established
technique; its results play a significant role in the prediction of the seismic response of the
construction and they are commonly used as reference to update material properties and
boundary conditions of complex numerical models [2]. However, the reliability of the results
is subject to several uncertainties related to the acquisition and processing of data.
In the present paper through the case study of the so-called Temple of Minerva Medica
located in Rome, different dynamic identification techniques and instruments are presented and
compared in order to evaluate the accuracy and efficacy of the results.
2

THE SO-CALLED TEMPLE OF MINERVA MEDICA IN ROME

The construction, built in the early 4th century, was originally a nymphaeum in the Horti
Liciniani. The name "Temple of Minerva Medica" dates back to the 16th century and it
originated as an incorrect interpretation by Pirro Ligorio following the discovery of a statue of
“Minerva con dracone” in the surrounding area [3]. The main hall of the complex has a
decagonal polylobate plan with a diameter of 25 m and two orders of arcades with an overall
height of 32 m, today reduced to 24 m after the partial collapse of the dome in 1828 [4].
The structure was initially constructed with opus latericium; interventions in opus mixtum
of tuff and Roman bricks were carried out over the centuries; in particular, the openings in the
niches were closed and two buttresses were added on the southeast side (Figure 1). In 1846, the
lower arcade of the southeast side was reconstructed, while the upper arcade was completed in
2013 [5].

S

E
N

W

Figure 1: Possible original configuration [6] (left) and current condition (right) of the so-called Temple of
Minerva Medica plan view (top) and perspective view from South (bottom)
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3

THE EXPERIMENTAL CAMPAIGN

While several experimental campaigns were carried out on the Temple of Minerva Medica
[7] [8] [9], this work deals with the data collected on the 11th of July 2019 within the project
“Tecnologie per il miglioramento della Sicurezza e la ricostruzione dei centri Storici in area
sismica” coordinated by DTC Lazio (Distretto Tecnologico beni e attività culturali).
Different sets of data were recorded considering two different types of instrumentations as
shown in Figure 2.
Legend:
Accelerometers Run 1
Accelerometers Run 2
Reference
Velocimeters
Plan view - Ground level

Plan view - 12 m elevation

Plan View – 25 m elevation

Elevation View – Northwest

Elevation View - Southwest

Figure 2: Sensors positions and directions, both triaxial accelerometer and velocimeter were located in the
reference position A
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3.1

Accelerometers

Twelve ICP piezoelectric monoaxial accelerometers (10 V/g sensitivity, measure range ±
0.5g, frequency range from 0.15 to 1000 Hz and 8μg rms resolution) were positioned on 5
different locations per run, cubical metal supports were used to orient the sensors according to
a global reference system (Y-axis oriented 54° clockwise from North). Two runs of
accelerations were recorded, each one for a period of approximately 45 minutes, only one
location was kept unvaried (A) as reference for the merging process. Data were acquired from
approximately 10:00 AM to 4:00 PM (local time).
3.2

Velocimeters

Three seismometers were located in positions A, P and O. They are SL06 SARA Instruments
digital recorders equipped with SS02 triaxial velocimeters. Each seismograph is independent
and provided with battery for the energy supply and with a GPS antenna for synchronization to
the U.T.C. time so that data from different instruments can be compared in the time domain.
This instrumentation is generally used for measuring very low vibrations, such as seismic
monitoring for the characterization of soil amplification and microzonation applications. It has
sensitivity of 400 V/m/s and frequency range from 0.2 to 50 Hz. In the present work sampling
frequency was set at 200 Hz. Data were acquired from 9:50 a.m. to 12:50 a.m. (local time). The
seismographs were oriented with the same X, Y, Z directions as the accelerometers (see
previous sub-section 3.1) in order to make data comparison easier.
3.3

Air temperature and humidity

In order to take account of the effect of the environmental conditions that might affect the
dynamic behavior of the studied structure, also micro-climatic parameters were measured. In
particular, air temperature and relative humidity were recorded through two data-loggers,
equipped with thermometer and humidity sensor, positioned at the Northeast and Southwest
sides of the monument. The effect of wind was neglected, as, according to local meteorological
station, average wind speed was 10 km/h corresponding to light breeze, as defined by Beaufort
scale (or Beaufort number 2), during ambient vibration acquisition.
4
4.1

PROCESSING AND RESULTS
Multi-run Operational Modal Analysis (accelerometers)

The Temple of Minerva Medica is strongly affected by the vibrations caused by the local
tram, the nearby train railway, and the vehicular traffic [9]. Moreover, the wind action, whose
intensity was mostly constant during the acquisition, allows the assumption of zero Mean
Gaussian white noise excitations, suitable for output only modal analysis [10].
The accelerometer measurements were recorded with a sampling frequency of 441Hz and
subsequently resampled to 60Hz according to the significant frequency band of the building,
the data was filtered with low cut frequency of 0.2 Hz and high cut of 30 Hz and then the Crossspectra were calculated with 1024 time lags and 1% windowing.
Modal parameters were extracted through PolyMAX algorithm implemented in the software
Simcenter Testlab [11]. PolyMAX is based on a common-denominator transfer function model,
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the Cross-spectra are processed in a complex polynomial rational function, whose grade
represents the order of the model and the zeros of the denominator the poles that identify the
modes of vibration of the system [12].
The extracted modal frequencies from the two sets of accelerations are reported in Table 1.
Table 1 Modal frequencies from the acceleration measurements
Run 1

Run 2

Frequency [Hz] Damping [%] Frequency [Hz] Damping [%]
2.064

0.93

2.054

0.36

2.455

1.44

-

-

2.579

1.31

-

-

2.780

1.98

2.765

1.01

3.598

1.49

3.601

0.89

The last step is to combine and scale the extracted modes to obtain the global modal
parameters of the construction. The target modes were selected based on the optimum validation
parameters (Modal Assurance Criterion, Modal Phase Collinearity, Mean Phase Deviation)
[13]. The merging process is performed in accordance with MAC correspondence in band; the
mapping between the target and the merged modes considers MAC correspondence according
to the three common DOF (Reference node A). Finally, the modes were scaled considering (1).
𝑡𝑡 (𝑖𝑖)∗ ∙  (𝑖𝑖)
∗
𝑖𝑖 𝑡𝑡 (𝑖𝑖) ∙ 𝑡𝑡 (𝑖𝑖)

𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆 𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹 = ∑

𝑡𝑡 (𝑖𝑖): ith common mode shape value of the target mode
 (𝑖𝑖): ith common mode shape value of the mode to be merged

(1)

* denotes the conjugated value

The recorded data of Run 1 returned more accurate validation parameters, for this reason the
modal frequencies and damping of Run1 were identified as final quantities, however the
merging and scaling process of the modal shapes combined both the acquisitions with the
following results.
The 1st mode expresses a global translational in the NW-SE direction.
The 2nd and 3rd modes identify the northwestern and the northeastern portion of the temple
due to the only reliability of Run 1: the 2nd mode expresses a translational mode in the North
direction coupled with a slight II order bending mode in the NW-SE direction, the 3rd mode
expresses a main translational mode in the NE-SW direction with a small vertical component
for the top of the construction.
The 4th mode expresses two coupled bending modes in the NW-SE and NE-SW direction
basically a torsional mode.
The 5th mode is mostly translational in the NW-SE direction with II order bending component
in the NE-SW direction for the northern portion of the temple.
The modal parameters and its main features are summarized in Figure 3.
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Reference System
and
Cardinal Directions

W
S
X

Mode 1
Translational NW-SE
f1 = 2.06Hz
1 = 0.93%

Mode 2
Translational North
f2 = 2.45Hz
2 = 1.44%

Mode 4
Torsional
f4 = 2.78Hz
4 = 1.98%

Mode 5
Translational NW-SE
f5 = 3.59Hz
5 = 1.49%

N
E

Y

Mode 3
Translational NE-SW and Vertical
f3 = 2.57Hz
3 = 1.31%

Figure 3: Extracted Modal Parameters

4.2

Experimental and Operational Modal Analysis (velocimeters)

Only velocimeters data acquired in late morning (after 12:00 a.m.) were considered in order
to obtain results at environmental conditions comparable with the ones from accelerometers,
which were acquired in the early afternoon. The measured air temperature at midday was 2728° C, while the peak temperature in the afternoon was 29° C.
The pre-processing procedure already applies low-pass filtering of data and conversion to
velocity values. However, as the velocimeters mounted on the utilized seismographs provide
affordable measurements for vibration frequencies higher than 0.2 Hz, a high-pass band filter
at 0.3 Hz was also applied.
The data were then processed with a variety of modal analysis methods. In particular, the
Frequency Response Function (FRF) of position A (output signal on the elevated structure)
with respect to positions P and O (input signal at ground level) was obtained (Figure 7). FRF
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was computed through an algorithm based on the H1 transmissibility function, which considers
the cross-correlation of input and output signals at the numerator [14].
The triaxial signals of position A were processed to provide also the Horizontal-to-Vertical
Spectral Ratio (HVSR) [15]. This was obtained by computing the ratio between the Power
Spectral Density (PSD) of the horizontal components of the signals with respect to the vertical
component (Figure 7).
Several output-only (OMA) techniques were applied. In particular, the Frequency Domain
Decomposition (FDD), Enhanced Frequency Domain Decomposition (EFDD) and Crystal
Clear Stochastic Subspace Identification (CC-SSI). As OMA methods assume that data provide
white-noise low-intensity signals coming from random ambient vibration, the recordings were
pre-treated in order to exclude the signal during tram passages, which induced strong vibration
and might not be assumed as white-noise. Some examples of OMA analyses are shown in
Figure 8.
The above analyses focused on detecting the first 5 modes of the monument.

Figure 7: Identification of the modal frequencies by detecting the peaks in the FRF (left) and HVSR functions
(right) in both X (black line) and Y (grey line) directions.

Figure 8: Identification of the modal frequencies by EFDD (left) and CC-SSI (right) techniques.
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5
5.1

DISCUSSION
Finite element model

An additional comparison of the experimental results was accounted by considering a finite
element model (FEM) using the commercial software Midas Gen [16].
A fixed based model with a total number of 72980 solid elements and 19457 nodes have
been adopted; the material has been modeled as homogeneous and isotropic with the following
parameters: unit weight of 18 kN/m3, Poisson ratio of 0.2 and 744 MPa of Young modulus.
The presented model was obtained by updating the initial value of the masonry (starting from
the reference values of the Italian Code [17]), in order to achieve a sufficient match with the
experimental frequencies. The results in terms of frequency and vibration modes are reported
in Figure 4.
Mode
1
2
3
4
5

Frequencies [Hz]
2.070
2.392
2.466
2.628
3.494

Mode 3

W
N

S
X

E

Y

Mode1

Mode 2

Mode 4

Mode 5

Figure 4 Numerical Vibration Modes

5.2

Comparison

The results from both the instrumentations and the different processing methods show an
accurate correspondence of the modal frequencies with extremely small coefficient of variation
and stable deviation standard between 0.009 and 0.012 Hz as reported in Table 2.

3259

C. Baggio, V. Sabbatini, S. Santini, C. Sebastiani, V. Fioriti, I. Roselli, A. Colucci, F. Saitta, S. Forliti
Table 2 Modal Frequencies comparison
Experimental

Numerical

Frequency [Hz]

Statistics

Mode PolyMAX FDD EFDD CC-SSI HVSR

FRF

Average
[Hz]

Frequency

Standard Coefficient
Dev. [Hz] Variation

MidasGen

1

2.064

2.080 2.060

2.060

2.050

2.070

2.064

0.010

0.494 %

2.070

2

2.455

2.440 2.450

2.450

2.450

2.430

2.446

0.009

0.375 %

2.392

3

2.579

2.610 2.610

2.590

2.600

2.600

2.598

0.012

0.462 %

2.466

4

2.780

2.810 2.790

2.780

2.780

2.780

2.787

0.012

0.435 %

2.628

5

3.598

3.590 3.600

3.580

3.610

3.610

3.598

0.012

0.324 %

3.494

By considering the average experimental frequencies as reference, the EFDD method return
the most accurate results with an average frequency error of 0.20%, followed by PolyMAX
(0.27%), CC-SSI (0.28%), HVSR (0.30%), FRF (0.32%) and FDD (0.51%). However, if the
errors of mode 2 and 3 are excluded from the calculation, the average error of PolyMAX lows
to 0.08% followed by EFDD with 0.12%; this analysis confirms the small discrepancy of 2nd
and 3rd mode of vibrations identified by PolyMAX, this could be related to the difficulties in
the validation of these frequencies in Run 2. In terms of frequency, the numerical model
returned a sufficient correspondence with the experimental values, as a consequence, it can be
performed a qualitative comparison with the experimental values in terms of modal
displacements.
A rigorous comparison between the modal shapes of the different methods and
instrumentations was not possible since the accelerometers spatial configuration provided a
much more accurate description of the overall modal displacements; however, the normalized
modal displacements of the common reference position “A” was considered to relate the
different results.
A simple statistical analysis was performed to compare the modal displacements resulted
from the different processing of the velocimeter acquisition (Table 3). The velocimeter modal
displacements returned more dispersed values than its frequency results as expressed by the
coefficients of variation in Table 4; its average was considered enough representative to
compare the displacements with the accelerometer and FEM values.
Table 3 Different processing of velocimeter modal displacements
FDD

EFDD

CC-SSI

HVSR

FRF

Modes

X

Y

X

Y

X

Y

X

Y

X

Y

1

84%

16%

82%

18%

90%

10%

86%

14%

90%

10%

2

46%

-54%

49%

-51%

46%

-54%

52%

-48%

53%

-47%

3

53%

47%

51%

49%

41%

59%

62%

38%

68%

32%

4

24%

76%

33%

67%

25%

75%

31%

69%

16%

84%

5

-27%

73%

-27%

73%

-32%

68%

-35%

65%

-40%

60%
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Table 4 Different instruments modal displacements
FEM

Accelerometer

MidasGen

PolyMAX

Modes

X

Y

X

Y

X

Y

1

97.6%

-2.4%

96.2%

-3.8%

86.4%

13.6%

2

-3.6%

-96.4% -8.9% -91.1%

49.2%

3

-77.4% -22.6% -7.9% -92.1%

4

37.3%

-62.7% 50.6%

5

5.1%

94.9%

0.4%

Velocimeter
Average

Standard Deviation
X

Y

Coefficient Variation
X

Y

3.6%

4.1%

26.3%

-50.8%

3.3%

6.6%

6.4%

55.0%

45.0%

10.4%

18.9%

23.1%

49.4%

25.8%

74.2%

6.7%

25.9%

9.0%

99.6%

-32.2%

67.8%

5.5%

17.2%

8.2%

MAC [13] was calculated to evaluate the agreement of each mode (Table 5); the 1st mode is
perfectly represented by all the measurements as a MAC higher than 90% expresses a
satisfactory match of the displacements. The rest of the modes present some similarities, the
FEM and accelerometer results agree on the modal displacement of 2nd and 5th mode while the
3rd mode is well expressed by the modal displacement of the velocimeter and numerical model.
All the results disagree on the 4th mode behaviour. The coefficient of correlation was also
evaluated to have a qualitative global likeliness of the measurements (Table 5), the FEM and
the accelerometer return the most correlated results.
Table 5 Comparison of the measurements
MAC
Numerical

Accelerometer

Numerical

Accelerometer

Velocimeter

Velocimeter

1

100.0%

96.2%

99.9%

2

99.6%

41.9%

0.1%

3

13.0%

48.6%

92.1%

4

5.5%

80.0%

26.1%

5

99.8%

81.3%

0.3%

Coeff. Correlation

0.74

0.61

0.42

Modes

6

CONCLUSIONS

Dynamic identification proved to be a reliable test for a historical masonry building located
in an extremely disturbed urban area.
In general, seismometers are designed to be very sensitive for detecting weak signals of
ground motion, as such, the instruments used in the present work have a frequency band from
0.2 to 50 Hz and sensitivity of 400 V/m/s. However, the signal can saturate easily and the
differentiation from velocity to acceleration introduce small numerical errors. On the other
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hand, piezoelectric accelerometers are generally used to record the response acceleration of
structures to strong motion, however the instruments used have high sensitivity (10 V/g),
frequency band from 0.15 to 1000 Hz and range of 0.5g, which limits the possibility of
overloads.
Despite the complex dynamic behavior of the so-called temple of Minerva Medica, both
instrumentations returned extremely similar results in terms of frequency with remarkably
contained coefficient of variation.
The extracted modal displacements yielded to sparse values, only the 1st mode was
accurately identified by all the instrumentations while the rest of the modes have partial
agreements, in particular, the results from the accelerometers returned the highest correlation
with the other values.
Dynamic monitoring of the so-called Temple of Minerva Medica identified irregular and
partially coupled vibration modes, as a consequence, the modal displacements of the Northern
and Western sides of the temple expressed wider amplitudes then the Eastern side where less
sensors where located and the presence of the buttress partially retained the movements.
Regardless the complicated application, dynamic identification with different
instrumentations and processing methods allowed a mutual validation of the results and
highlighted the resilience of each approach.
The possibility to refer to multiple data and processing improves the reliability of the results
and allows the confirmation or the repetition of the measurements.
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Abstract. The paper introduces a health monitoring system based on MEMS (microelectromechanical systems) accelerometers. The used MEMS accelerometers were recently
developed by one of the authors. They excel in cost efficiency, calibration accuracy and
robustness. The health monitoring system was installed in two multi-tiered pagodas. They
were a two-tiered pagoda, Pashupatinath temple and a five-tiered pagoda, Nyatapola temple
for four months. Both pagodas are located in Nepal. In both cases, a number of earthquakes
were captured by the installed accelerometers, as it permitted estimation of the fundamental
mode of the tested pagodas.
The paper deals with two tasks. The first task introduces the used MEMS accelerometers. The
features of the accelerometers are discussed. The second task discusses the dynamic
behaviour of the pagodas identified by the installed monitoring system. The paper presents
adequacy of the developed MEMS accelerometers for health monitoring test of heritage
structures.
1 INTRODUCTION
Micro-electromechanical systems (MEMS) were commonly used in the automotive and
mobile technologies [1]. Recently, the MEMS are used also in the civil and structural
engineering field. The MEMS permits the monitoring in the wireless environment. This is
convenient especially for heritage structures since the installation of sensors can be restricted
due to the access limitation in some structures. Thanks to the development in the MEMS
technology, today MEMS can perform much higher resolution monitoring than decades ago
[2]. However, still further investigations are necessary for reliable monitoring of historical
structures by means of the MEMS. For instance, MEMS accelerometers may not capture
higher modes as clearly as piezoelectric accelerometers when the structure is not sufficiently
excited [3].
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specificcations. Thee accelerom
meters are trri-axial with
h signal-conditioned vvoltage outp
puts and
20-bit rresolution digital
d
outpu
uts. It is poossible to do
ownload th
he stored accceleration data
d
and
also to transfer thee data direcctly to a peersonal com
mputer in reeal time. Thhe former is
i called
offline mode in thhis paper while
w
the lattter real-tim
me mode. The
T power cconsumption of the
s
small. Thee sensor fun
nctions for about threee weeks wiith three
acceleroometers is sufficiently
AA alkaaline batteriies in contin
nuous-moniitoring mod
de.
Table 1 Sp
pecifications oof the developed MEMS acccelerometer
Parameter
Resolution
Noise deensity
Operation
n Temp.
Sampling
g rates
Storage memory
m
Interfa
face
Power su
upply
Sizee
Weig
ght

(a)

Valu
ue / Condition
ns
0.005 gal/LSB ( ± 2 G full-scale)
SB (± 8 G full-scale)
0.25gal/LS
25 microG
m
/ √Hz
-2
20 to 60 oC
10, 20, 50
0, 100, 200、2
256 /s
1 GB
USB 1.1
1 (160kByte/s)
3.6 to 12 V ( 7.8mA
A)
69 x 64 x 16 mm
45 g

(b)
Fiigure 1: Developed acceleroometer: (a) top
p view and (b) block diagraam.
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The accelerometer has a 10-pin connector. Sensors are coupled by the connector, as it
enables to operate multiple sensors and to supply power simultaneously. One accelerometer is
assigned as a master and the others as slaves. The time is synchronised in accordance with the
master. The acceleration data rate can be chosen among 10, 20, 50, 100, 200, 256
samples/second. It is noted that the rate of 256 samples/ second is available only in the realtime mode. The mode of data collection can be chosen between continuous monitoring and
triggered monitoring. The continuous monitoring signifies MEMS record acceleration data in
accordance with the predefined sample rate. In case of the continuous monitoring with 100
samples/ second, the 1-GB memory becomes full around in 22 days. The triggered monitoring
collects acceleration data every second. However, in case the amplitude of the acceleration for
each second is smaller than the specified offset value, only the average value or maximum
and minimum values are stored. In case the amplitude is larger than the specified value, the
data is stored according to the specified sample rate. The 1-GB memory can store data for one
year at maximum with the trigger monitoring of 100 samples/ second in case the amplitude
does not exceed the predefined offset values during the monitoring period. The
accelerometers contain a RTC. Since the RTC does not output sub-second, the RTC time is
read at the beginning, the middle, and the last of every second. When the displayed time of an
accelerometer deviates from the RTC, it is corrected by 1/400 second. The operation permits
matching the displayed time to RTC without changing the number of samples per second.
The operation permits matching the displayed time to RTC without changing the number
of samples per second. The master accelerometer sends a pulse to slave accelerometers to
match them with RTC of the master. The pulse is sent every two minutes and 1/50 seconds at
the beginning of the minute. The slave accelerometers examine the pulse every 1/400 seconds.
When they receive the pulse, they change the RTC to the beginning of minute. As a result, if
the RTC of plural accelerometers are adjusted within 30 seconds in the initial state, the RTC
of the slave accelerometers is set to the RTC of the master in two minutes after the start of the
measurement. Since the displayed time of each accelerometer is matched to RTC, the
displayed time of all the accelerometers are synchronised.
The MEMS accelerometers and servo accelerometers were compared. The compared servo
accelerometers were capable of measuring ±20 m/s2. The noise density was 1 µG/√Hz. A
MEMS accelerometer and servo accelerometer were located on a floor. Arbitrary vibrations
were given by hitting the floor by foot. The sampling rate of both accelerometers was set as
256 samples/ second. Figure 2a shows vertical vibrations calibrated by the two accelerometers
in the vertical direction. In the present paper, the X and Y axis denote horizontal vibrations
while the Z axis vertical vibration. The vertical axis indicates the amplitude of the frequency
component. It is noted that both accelerometers show the noise equal to about 1/2500g in
Figure 2a due to the lack of a low pass filter. Figure 2b-d present the comparison of frequency
power spectra between MEMS accelerometer and servo accelerometers in X, Y, Z axis. The
frequency power spectra were calculated as the level of vibrations (𝐿𝐿� ) according to the
equation (1)
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𝐿𝐿� � �� ���

where:
𝑎𝑎 is acceleration,
𝑎𝑎� is equal to 10-5 m/s2.

�

��

����

(1)

When the acceleration was over 30 dB, both accelerometers showed good agreement
especially in the X and Z axis (see, Figure 2b,d). On the other hand, the MEMS accelerometer
showed different values from the servo accelerometer when the acceleration was over 30 dB.
However, the value (30 dB) is nearly equal to 3.1/10000g. It is a very small value compared
to expected acceleration in heritage structures during health monitoring tests. Considering The
tested MEMS accelerometers are much more cost efficient, light and robust than servo
accelerometers, in spite of the dissimilarities of measurement results below 30 dB, they are
considered suitable for health monitoring tests of heritage structures.
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Figure 2: A comparison of the measurement results of MEMS accelerometer and servo
accelerometer: (a) acceleration time history in the Z axis and (b-d) frequency power spectra in
X, Y, Z axis.

3267

Yohei Enndo and Yasushi Niitsu

3 HEAL
LTH MON
NITORING
G TESTS
3.1 Description off the case sttudy objecttives
The monitoringg tests weree performeed on a two-tier pago
oda and fivve-tier pago
oda. The
Pashupaatinath tempple is a two
o-tier pagodda located in
n the historic centre off Bhaktapurr (Figure
3a). It iis also knoown as Yak
ksheshvara Mahadev temple.
t
It is a replica of the sam
me name
temple built in Baagmati, Kathmandu [5]]. The orig
ginal structu
ure was buiilt by King Yaksha
Malla inn the 15th century
c
[6].. It was recoonstructed twice:
t
in 16
692 and afte
ter an earthq
quake of
1934.
The Nyatapola temple is a five-tier ppagoda situ
uated in thee Taumadhh square, Bh
haktapur
(Figure 3b). The teemple was constructed
c
by King Bh
hupatindra Malla in 17702 [7]. Thee top tier
hquake of 11934 and laater it was reconstructe
r
ed [6]. Mino
or repair
was colllapsed duriing the earth
was connducted in 1962
1
and th
he roofs werre reconstru
ucted betweeen 1998 annd 1999. It is
i one of
the two surviving five-tier
f
pag
godas in thee Kathmandu
u valley.

(a)

(b)

Figure 3: Tested
T
pago
odas: (a) Passhupatinath
h temple and
d (b) Nyatappola temple.
nitoring settup
3.2 Mon
Threee sensors (P
P1-3) were installed
i
to the Pashup
patinath temple as show
wn in Figuree 4a. The
P1 senssor was putt on the pliinth surfacee. Two senssors (P2-3) were put aat the heigh
ht of the
ceiling llevel of thee ground tier. The P2 s ensor was attached
a
to a pillar whiile the P3 to
o a wall.
The twoo sensors were
w
attached
d to a masoonry wall. The
T triggered monitorinng was appllied. The
trigger level was set as 1/10
000g. In caase the diffference between the maximum and the
minimuum value wiithin one seccond exceedded 1/1000g, the data was
w recordeed at the ratte of 100
sampless/ second. In
I case the difference bbetween the maximum
m and the m
minimum vaalue was
less thaan 1/1000g, only the maximum
m
annd minimum
m values were
w
recordeed. The mo
onitoring
was conntinued for three
t
month
hs (from Deecember, 20
016 to March
h, 2017).
Threee MEMS acceleromete
a
ers (N1-3) w
were installled to Nyattapola tempple (Figure 4b).
4 The
N1 senssor was locaated at the plinth
p
surfacce, the N2 sensor
s
at th
he ceiling leevel of first tier, and
the N3 ssensor at the ceiling off the third tieer. N2 and N3
N sensors were attachhed to timbeer beams.
The trigggered monnitoring wass adopted. T
The trigger level was set as 1/100 0g. The mo
onitoring
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was conntinued forr four montths (from A
August, 201
17 to December, 20177). Both tests were
conductted in offlinne mode.

(a)

(b)

F
Figure 4: Sensor
S
locations: (a) Paashupatinath
h temple and
d (b) Nyatappola templee.
3.3 Results of mon
nitoring
Five earthquakees were deteected by sennsors during
g the monito
oring periodd. In fact, nu
umber of
earthquaakes occurrred around Nepal durring the peeriod but th
hey were nnot captured
d by the
sensors.. This is preesumably derived from
m the assign
ned trigger condition
c
(11/1000g). The value
was posssibly too loow for mino
or and/or diistant earthq
quakes. Am
mong five eaarthquakes detected
by senssors, the thrree sensors detected tw
wo earthquaakes which struck Neppal on Febrruary 27,
2017. O
One of them
m, a M4.7 earthquake
e
occurred ab
bout 350 km
m west to B
Bhaktapur [8]. The
recordedd waveform
ms permitteed estimatioon of naturaal frequenccies of the ttested pago
oda. The
capturedd waveform
ms were decomposed byy Fourier traansforms (F
Figures 5). PP2 sensor caalibrated
1.9 Hz aas the fundaamental natu
ural frequenncy while P3
P sensor 2.1 Hz.
Durinng the monnitoring of th
he Nyatapoola temple, 10
1 earthquaakes (˃M2.55) unleashed
d around
Nepal. A
Among theem, two earrthquakes w
were detecteed by the th
hree sensorss. They aree a M4.5
earthquaake on Auggust 21, 201
17 (named eearthquake--A in this paper)
p
and M
M5.0 earthq
quake on
Decembber 8, 2017 (earthquake-B) [8] . For the earthquakee-A, N3 seensor recorrded the
maximuum amplituude equal to
t 0.003g. As for thee earthquak
ke-B, the N
N3 sensor recorded
r
maximuum amplitude close to 0.009g. Frrom the earrthquake-A, a natural frequency equal to
1.60 Hzz was detectted and from
m the earthqquake-B a natural
n
frequ
uency equall to 1.48 Hzz (Figure
6 a-c). IIn fact a M6.9
M
earthqu
uake hit Maainling, Tib
bet on Noveember 18, 22017. The epicentre
e
was aboout 1,000 km
m east of Bhaktapur.
B
A
As for this earthquake, waveform
ms were reco
orded by
N2 andd N3 sensorrs although
h they did nnot permit estimation of natural frequenciees of the
pagoda due to the lack
l
of suffiicient amouunt of data.
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Figure 5: Fourier transforms in X axis of a M4.7 earthquake February 27, 2017, which hit
Pashupatinath temple: (a) P1 sensor, (b) P2 sensor and (c) P3 sensor.
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Figure 6: Fourier transforms of a M5.0 earthquake on December 8, 2017, which hit
Nyatapola temple: (a) N1 sensor, (b) N2 sensor and (c) N3 sensor.
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4 CONCLUSIONS
The paper introduced newly developed MEMS accelerometers. Health monitoring tests
were performed on two multi-tier pagodas. They measure acceleration tri-axially under the
conditions set by an internal MPU. The noise level is less than 1/5000g and to an inclination
of 0.01 degree. They can be controlled by the trigger criterion. It allows the accelerometers to
record detailed data of only strong vibrations, saving the battery and disk space. Theoretically,
the monitoring for two years at maximum is possible without changing the battery or
downloading/removing the stored data.
Health monitoring tests were performed on two multi-tier pagodas using the developed
MEMS accelerometers. In both tests, the accelerometers detected multiple earthquakes, as it
permitted estimation of the fundamental frequency. It is added that the used MEMS
accelerometers are still under development. They will be improved in terms of data collection.
Currently cable connections are necessary for the MEMS accelerometers to send data to a
server PC. Using network connections, the MEMS will send data to a server PC.
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Abstract. Structural Health Monitoring (SHM) consists of an elaborated technique, assisting
the assessment of existing structures through the detection of active or sudden damages, as
well as the diagnosis of possible causes for them. Within the STORM-project [1], the SHM
strategy selected for the assessment of the Venetian fortress of Fortezza in Rethymno, Greece
was the continuous crack monitoring of four different existing cracks of the structure, due to
their relatively large width, located at the Bastion of St. Paul’s, Prophet Elias’ and St. Luke’s
as well as the Episcopal mansion.
Besides the crack displacement measurements, several other environmental quantities
were monitored at the weather stations, which are known to have a strong influence on the
crack width. Considering the fact that most weather fluctuations have reversible effects on
structural integrity, it is of great importance to recognize the environmental and operational
variation of the structure, and subsequently identify any separate structural change caused by
damage [2], [3]. This was achieved by employing a statistical ARX model (Auto-Regressive
model with eXogenous input) [4], calibrated for each case after several months. Once this
process was completed it was possible to detect possible active damage on the examined
structures and estimate possible causes for them.
The successful application of the methodology at the four monitored cracks provided
important information about their state of damage, possible causes and early warnings in
case of hazard. Over the evaluated period, it appears that the bastion of Prophet Elias is in
stable condition, while the bastion of St. Luke and St. Paul are vulnerable to heavy
precipitation. Moreover, the Episcopal mansion showed a destabilization response during the
rainfall period, which is possible to result in the activation of an overturning mechanism.
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1

INTRODUCTION

Cultural heritage constructions are critically endangered by natural hazards, while their
significance has resulted in serious societal efforts to protect and preserve their integrity [5].
Structural Health Monitoring (SHM) has proven to be a valuable assistance in the diagnosis
and control process of heritage structures [6]–[10], presenting promising characteristics and
potentials. Important aspects of a SHM application include the planning of type and layout of
the sensors, and the employment of a damage detection methodology to process the data and
derive meaningful conclusions [11].
The present paper illustrates a case study application of a SHM campaign at the Venetian
fortress of Fortezza, the foremost landmark in the city of Rethymno, on the island of Crete.
The masonry constructions of the monument are exposed to several natural hazards that could
hinder their integrity [12]. More specifically, the area of Rethymno is characterized by high
seismicity, as well as environmental conditions, intensified by the climate change. Just to
mention, partial collapses of the Rampart of Lando Bastion of Chania Venetian Fortifications,
in 26 and 28 February 2017 and in 11 and 14 February 2019, due to great storms that hit Crete
in winters 2017 and 2019. Herein, it is attempted to estimate the condition of four cracks
located in the Fortezza fortress, taking into account the influence of the environmental
conditions.
2 DESCRIPTION OF THE CASE STUDY
2.1 The Fortezza fortress
In the north-west part of the Historical Centre of Rethymno stands the Fortezza fortress. It
consist the foremost landmark and largest monument of the city of Rethymno, built on the
natural hill of the city’s cape. Archeological findings trace back the human presence in the
area during Neolithic period, while it has been constantly occupied at least since the
Hellenistic period up to present. The fortress was built by the Venetian Republic at the end of
the 16th century and is a representative specimen of the Venetian fortification architecture.
The layout of the fortification is composed by four bastions: two at the south (Prophet
Elias and St. Luke) and two at the east (St. Nicolas and St. Paul), while the north and west
part of the fortress is next to the sea and has three peaks (the Holy Spirit, the St. Ioustine and
the St. Sozon). The total length of the fortification walls counts approximately 1370 m, and
their height varies from 6 m to 13 m.
Despite the fact that the fortress used to enclose many buildings, the vast majority have
been destroyed, and only a few there still exist, such as the mosque of Sultan Ibrahim Han, the
armory, the Episcopal mansion, the Rector’s house, the Chancellor’s house etc. Nevertheless,
those constructions reflect the different historical phases of the fortress and nowadays host
many exhibitions, concerts and cultural events.
2.2 Structural health monitoring campaign
In the last decades, the Ephorate of Antiquities of Rethymno (EFARETH) has given a huge
effort to protect the monument by carrying out restoration works. As part of this effort, the
fortress has been selected and included in the STORM project, with the aim to assist
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EFARETH in assessing and managing risks associated with natural hazards. More
specifically, the local partners of the project EFARETH and the Geophysical-Satellite Remote
Sensing and Archaeoenvironment Lab of the Institute for Mediterranean Studies – Foundation
for Research and Technology, in collaboration with the European partners, conducted hazard
studies [12], non-destructive investigation works [13] and developed a methodology and
associated supporting tools for early warning and decision making for risk mitigation [1].
Among the works of the STORM project, four cracks have been chosen to be monitored in
a long-term basis, due to their relatively large width and their structural significance. The
positions of the cracks monitored are displayed in Figure 1 and are located on the fortress’
walls at the bastion of Prophet Elias, St. Luke, St. Paul and the west part of the north façade
of the Episcopal mansion. The crack at the bastion of Prophet Elias is located at the intruding
connection of the bastion with the rest of the wall and propagates vertically. Concerning the
crack at St. Luke’s bastion, it appears to start from the parapetto and extends downwards to
an area reconstructed by the Ottoman’s in the late 17th cent. St. Paul bastion’s crack appears at
the east part of the bastion’s corner and expands vertically down to the ground. Finally, the
monitored crack at the Episcopal mansion crosses the vault in the longitudinal direction of the
west portion of the building aggregate and propagates vertically both at the north and south
façades. In each location, a rectilinear displacement transducer (LVDT) has been installed in
order to measure the relative displacement movement of the cracks. A sampling period of four
hours was chosen as adequate of replicating the daily fluctuation, after an initial test of one
hour sampling.

Figure 1: a) Map of the historical center of Rethymno and the Fortezza fortress; including the locations of: b) the
Episcopal mansión, c) the bastion of St. Paul, d) the bastion of St. Luke, and e) the bastion of Prophet Elias. The
positions and patterns of the monitored cracks are highlighted.
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It is well known that environmental conditions affect the structural state of constructions
[2], [3], [14], especially in case of cracks [15]–[17]. Therefore, besides the crack displacement
measurement, several other environmental quantities were monitored by a weather station
installed on the fortress. These included external temperature, relative humidity, precipitation
and wind speed and direction. Moreover, the board temperature of each crackmeter was also
measured.
The present paper presents results of each crack for the periods shown in Table 1. For the
case of St. Paul only a few months of measurements were available due to technical issues.
Table 1: Periods of available measurements of the crack monitoring campaign

Bastion of Prophet Elias
Bastion of St. Luke
Bastion of St. Paul
Episcopal mansion

3

24/05/2018 – 10/10/2019
31/05/2018 – 10/10/2019
13/07/2017 – 06/02/2018
24/05/2018 – 10/10/2019

DAMAGE DETECTION METHODOLOGY

3.1 Strategy of the adopted methodology
The main task of SHM is to identify the presence or not of an active damage process on the
structure, by employing a damage detection methodology. The main challenge of such a
methodology is to be able to describe the environmental and operational variation of the
structure, and subsequently identify any separate structural change caused by damage. This is
of major importance, as has been pointed out by [18], because changes to monitored
parameters induced by environmental effects can be larger than changes due to significant
damage. In this study, the dynamic AutoRegressive model with eXogenous inputs (ARX
model) has been employed, previously proposed and used by [11], [17], [19], among others.
Initially, a calibration phase is required to create the statistical ARX model, which
includes, ideally, a complete environmental cycle, i.e. a year. Then, after the model has been
created, the prediction phase starts, during which the model’s prediction is compared with the
actual measurements. This comparison, which can be done by a residual analysis, is the key
point of the methodology, since it should provide a removal of the effect of the environmental
conditions on the signal. In other words, if the real measurements diverge significantly from
the predicted values, then another separate process is acting on the structure, which was not
taken into account by the statistical model. This indicates a change of the response which
might be irreversible (active damage).
3.2 Brief description of the ARX model
The basic advantage of the statistical ARX model is its ability to relate the present outputs
to past inputs and outputs. This feature, in contrast with static linear or non-linear regression
models, makes it ideal for representing monitored parameters that depend on the rate of
change or trend of an environmental parameter. This is a key aspect for huge and complex
structures, which are characterized by e.g. thermal inertia, such as the Fortezza fortress
examined herein.
The mathematical expression of the multivariable ARX model with inputs and one
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output is presented by:
(1)

̂

Where
is the monitored response (actual measurement) in the instant , ̂ is the
estimated response,
is the input environmental parameter (e.g. the temperature), and
are coefficients for the autoregressive and exogenous part, respectively,
is the
autoregressive order, the exogenous order, is the number of delays from input to output
and
̂ is the unknown residual that can be assumed Gaussian. The coefficients of the
polynomials and can be estimated using the simple linear least square method. In this
work, the SISO form of the ARX model is employed; yet it could be expanded to include
multiple input variables i.e. having a MISO form [18]. In that case, eq. (1) is still valid but
is a column vector, the
coefficients are row vectors and a distinct order
and
characterizes each input variable.
The choice of the appropriate AR model order is done with the assistance of the quality
criteria proposed by [18]–[20]. These criteria include: a) the value of the loss function , b)
the Akaike’s Final Prediction Error
, c) the coefficient of determination , and d) the
∑
autocorrelation function . Firstly, the loss function is defined as:
, where
is
the residual error, and its value represents a finer model as it tends to zero. Secondly, the Final
⁄
Prediction Error is defined as:
, where is the loss function and is the number of
⁄
estimated parameters. Once more, a value of
closer to zero indicates a preferable model.
The coefficient of determination is defined as the ratio between the variances of the fitted
∑( ̂
̅)
values of the model ( ̂ ) and the measured values of the dependent variable ( ):
.
∑(
̅)
A higher value of is preferred. Finally, the auto-correlation function of the prediction error,
∑
defined as
, should be zero-mean white noise in the case that a good ARX
model is obtained.
During the prediction phase, the residual analysis is performed by quantifying the
simulation error
̂ . Confidence intervals can be established based on the statistics of
the prediction, in order to judge whether the simulation error is statistically significant or not.
If ̂ is the predicted output and ̂ the estimated standard deviation on a new observation, the
(
) confidence interval on ̂ is given by:
[̂

⁄

̂

̂

⁄

̂ ]

(2)

where the value ⁄ is found from a statistical table of the t-Student distribution. The
established confidence intervals can be considered as warning thresholds for possible damage
detection in real time, and thus provide an instant alert in case of sudden-onset hazard.
The workflow of the aforementioned methodology is presented in the following Table 2.
Table 2: Workflow of damage detection methodology

1. Read and filter data at specified sampling period
2. Calculate basic statistical characteristics of data
3. Decide environmental parameters to consider in the ARX model
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Check and
for different , by temporary assuming high values of
and
Decide
Check ,
and for different combinations of and
Decide
and
Calculate polynomial coefficients and construct ARX model
Calculate residual errors and
Calculate confidence intervals
Compare with confidence intervals. If is not included within the confidence intervals go to
11.
step 7 and reconsider and
Continue with simulation of expected response of the prediction phase with the established
12.
confidence intervals
13. Compare simulation error with confidence intervals (thresholds) to detect possible damage
4.
5.
6.
7.
8.
9.
10.

4

RESULTS AND DISCUSSION

The results after the application of the aforementioned methodology are presented in
Figure 2 - Figure 5. More specifically, Figure 2 shows the evolution in time of the four
monitored cracks and the corresponding board temperatures. Figure 3 shows the correlation of
the same measurements, while highlighting the time evolution through a color scale (blue to
yellow). Figure 4 demonstrates the fitting achieved using the proposed ARX model for all the
crackmeters, also indicating the date of calibration. Finally, Figure 5 illustrates the results of
the residual analyses of the actual measurements and the statistical model, including the
derived thresholds. In the same graph, the corresponding precipitation is shown, except for the
bastion of St. Paul due to the lack of weather data at that period.
In all cases, both a daily and seasonal crack fluctuation has been observed. After
examining the correlation of the crack displacements with all the rest monitored
environmental parameters, the best correlation is obtained with the board temperature for all
cases, and therefore is adopted as the exogenous parameter employed further on. Except the
bastion of Prophet Elias, this correlation is generally negative (Figure 3), as expected [15],
[17], and this can be explained by the physical phenomenon of temperature expansion and
contraction: as the temperature rises, the stones at the two sides of the crack expand causing a
crack closure, and vice-versa for contraction.
In the case of the bastion of Prophet Elias, a negative correlation is observed only in a daily
basis, while when considering the complete seasonal response, a positive correlation is
obtained. An explanation to this phenomenological paradox could resort to any or a
combination of the following: a) the highly statically indeterminate nature of the structure, b)
the complex boundary conditions affecting the fortress walls, or even c) the closely presence
of other cracks. It is interesting to note that this positive correlation is shown in Figure 2a to
have a delay of about two months. This is also observed in Figure 3a by the circular path
tracing the response (from blue to yellow), instead of a simple linear. This delay peculiarity
indicates that thermal inertia is guiding the global response: probably the thermal inertia of
the whole bastion. Nevertheless, a good fit is obtained by the ARX model, while no
significant excess of the confidence intervals is shown in Figure 5a, underlining a stable
condition of the crack.
The crack at the bastion of St. Luke is characterized by several response peaks at specific
dates. Those peaks appear in most cases at low temperatures (Figure 3b), while after a closer
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look at Figure 5b it is clear that they coincide with rainfall events. Interestingly, not all
rainfall events cause a destabilization. Yet, despite these peaks of relative displacement, the
crack opening appears to recover after the specific events, without retaining a residual
displacement (Figure 3b). The aforementioned characteristics indicate that this vulnerability is
possibly arising by the saturation and in turn expansion of the backfill soil of the fortress wall.
This finding is in line with [1], where the presence of water flows and moisture in the filling
material was identified using the Electrical Resistivity Tomography (ERT) method.

Figure 2: Time history of monitored crack displacement and board temperature for: a) the bastion of Prophet
Elias, b) the bastion of St. Luke, c) the Episcopal mansión, and d) the bastion of St. Paul

3278

Myronas Drygiannakis, Georgios Vlachakis and Anastasia Tzigounaki

Figure 3: Correlation of monitored crack displacement and board temperature for: a) the bastion of Prophet
Elias, b) the bastion of St. Luke, c) the Episcopal mansión, and d) the bastion of St. Paul. The color scale
indicates the time evolution: blue to yellow correspond at early to late records, respectively

The Episcopal mansion’s crack shows an unstable response during the winter (Dec. 2018 –
April 2019), coinciding with high rainfalls (Figure 5c). More specifically, high variations of
the crack opening are observed, when compared with other periods of the year. After this
period, the crack appears to be stable again, although around a new equilibrium position, with
a gain of around 0.5 mm. This is clearly shown in Figure 3c, where the blue points represent
the equilibrium position before the winter, the green points the high fluctuation of the winter
and the yellow points the new equilibrium position right after, having an offset from the
initial. In contrast with the instabilities of the bastions of St. Luke and Paul where only a
crack widening is observed, the variation in this case appear both positive and negative, as
this is not a retaining structure. Therefore, a possible cause could be a foundation soil
settlement due to intense rainfalls, or an intense evolution of the deterioration process due to
the harsh weather conditions.
As already mentioned, for the bastion of St. Paul only a few measurements are available,
and therefore the following outcomes might not be fully representative of the complete
response of the crack. A normal response is observed until the end of December 2017. Then,
the crack shows a destabilization for several days, and thereafter it stabilizes again but with a
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Figure 4: Time history of monitored crack displacement and the corresponding prediction of the ARX model
for: a) the bastion of Prophet Elias, b) the bastion of St. Luke, c) the Episcopal mansión, and d) the bastion of St.
Paul

retained displacement. This is clearly illustrated in Figure 3d, where an offset appears
between the blue and yellow points, yet with a small gain of around 0.1 mm. In the same
figure it can also be appreciated that those peaks always appear during low temperatures, as
possible cause a rainfall event. Moreover, similarly with St. Luke, [1] have pointed out that
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the filling material retains moisture due to water flow. Although precipitation measurements
are not available for this period to derive a quantitative correlation, by looking the local daily
weather data available online by the National Observatory of Athens, rainfall events occurred
the same days of destabilization.

Figure 5: Time history of the residual analyses of the monitored crack displacement and the corresponding
prediction of the ARX model, including percipitation and confidence interval thresholds for: a) the bastion of
Prophet Elias, b) the bastion of St. Luke, c) the Episcopal mansión, and d) the bastion of St. Paul.
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5

CONCLUSIONS

This study presents the application of a long-term SHM campaign on four cracks of the
Fortezza fortress in the city of Rethymno, in Greece. Being part of the STORM project, the
aim of the application is to develop an appropriate methodology and associated supporting
tools and services to assess and manage risks associated with natural hazards.
A weather station was also installed, in order to assess the influence that the environmental
conditions have on the cracks. A statistical ARX model is employed to describe the cyclic
environmental operational variation of the cracks, and therefore detect any separate acting
damage on the structure.
The crack at the bastion of Prophet Elias illustrates a stable condition, during the examined
period. In the case of St. Luke, the crack shows a widening during rainfalls, yet followed by a
full recovery. The Episcopal mansion’s crack appears to be unstable during winter and intense
rainfalls. An increase of the crack-width is retained after such events, which could
compromise its safety. Finally, not enough measurements are yet available in order to
conclude with certain about the bastion of St. Paul. However, the present results indicate
vulnerability in rainfalls, once more, so EFARETH proceeded to urgent structural
stabilization of the bastion’s watchtower.
Considering the outcomes of the present work, future developments could attempt to
include the influence of precipitation and humidity data in the ARX model. To this end, the
MISO form of the model could be employed.
Acknowledgements. This article is based on the STORM (Safeguarding Cultural Heritage
through Technical and Organisational Resources Management) Project, funded by the
European Union’s Horizon 2020 research and innovation program under Grant agreement No.
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Abstract.
The proposed study deals with environmental data collected in the Kvernes stave church,
belonging to the Møre type. The nave and the chancel belonging to the original structure,
probably dated back to early 1600, are one of the few cases – among the 28 existing Stave
Churches - still maintaining the internal wall painting, realized with a tempera technique in
1633. Due to its geographical position, the Kvernes church is particularly exposed to weather
and consequently maintenance interventions have been carried out in 2015 (Stave Church
Preservation Programme) to preserve the building. Previously in 2011 and 2012, 4 data loggers
were installed to monitor indoor microclimatic variations basically referable to climatic
external conditions, the performance of liturgical functions, and to the presence of visitors
(depending on the periods of the year), since none active heating system has never been installed
in the church.
In the frame of the international research project SyMBoL (Sustainable Management of
Heritage Buildings in a Long-term perspective) such environmental data were elaborated. They
represent the firsts internationally published information from long-term monitoring campaigns
in stave churches.
1 INTRODUCTION
The monitoring of internal conditions of historical buildings is an issue receiving growing
attention in the last decades even if not everywhere. Data from long- and short-term indoor
monitoring campaigns are still not easily available for the northern Europe Cultural Heritage,
particularly rich in stone-based monuments or in peculiar wooden-based structures of Medieval
epoch such as most of the Stave Churches. Most of existing data are still unpublished at
international level, being generally part of internal reports created by the Norwegian Directorate
of Cultural Heritage (Riksantikvaren) [1], and conservation reports by the Norwegian Institute
for Cultural Heritage Research (NIKU). Exceptions are represented by few papers as
BylundMelins thesis from 2017, an important contribution to the correlation between climatic
stress and painted wood [2], and the recent contribution of Napp et al. [3] studying a stonebased
medieval church in Sweden and assessing an adaptive ventilation system for reducing internal
Relative Humidity (RH) conditions. Alternatively, only a couple of other scientific articles
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discuss such problem, focusing on wooden architectural heritage. In 1994 Olstad reports about
the results of a project started in 1986 with the aim of improving the conditions for painted
wooden objects in wooden churches in Norway and involving the recording of Temperature (T)
and RH values in two unheated and three heated churches [4]. About 18 years later, in 2012,
relative humidity variations induced by the heating system were studied in the Hedalen Stave
church by Lasyk et al. [5]: in that case internal temperature was continuously maintained at 7°C
and increased up to 18-19° C when the church was used. As the authors report, the heating
episodes lead to periodic fluctuations of RH and they refer to data of monitoring campaigns
acquired in three main intervals: from 1986 to 1994, from 2001 to 2003 and from 2008 to 2009.
The maximum fluctuation (38% in 36 h) was found for winter 2008/2009, whereas absolute
minimum and maximum reached values were 21 and 72% respectively [5]. Very recently a
paper mainly focusing on alteration products observed on the Hopperstad stave church also
reported average T and RH data recorded from December to June 2017 [6].
Efforts are currently ongoing to fill this gap thanks to active programs such as the SyMBoL
(Sustainable Management of heritage Buildings in a Long-term perspective) coordinated by the
Norwegian University of Science and Technology (NTNU), and the MOV Projects coordinated
by NIKU. The first foresees the acquisition of microclimatic data in Heddal and Ringebu stave
churches for ca. 24 months since March 2019. Parallel, the MOV Project plans to cover a period
of 50 years. The first part however is for the period 2017-2026 monitoring a total of 35 medieval
wood and stone-based buildings.
A stave church is a frame construction resting on stone foundations consisting of horizontal
and vertical wooden elements co-jointed to the staves placed in the corners. In most cases, they
had a raftered roof, while corners and angles joints were strengthened thanks to brackets
obtained by the wood from the transition zone between the roots and the trunk; strong
construction elements due to the fiber-direction of the wood [7]. Norway totally still has 28
stave churches groupable into 4 main typologies of structures: i) simple; ii) Møre; iii) center
post; iv) churches with an elevated section in the nave and in the chancel [7].
The Kvernes stave church, object of the presented study, is a single-nave church (16x 7.5
m; capacity = 200 people) dated back to the beginning of 1600. It is located in Møre and
Romsdal county on the west coast of Norway and is exposed to wind, high RH conditions
through the year, and mild winters due to the proximity of the sea.
Internally the church displays a rich decorative apparatus being walls, the ceiling in the
chancel, the nave, as well as the baptistery in the western end of the nave totally covered by
distemper paintings dated back to 1630s. Additionally a carved and painted polychrome epitaph
dated to 1671 is positioned on northern wall, while a wooden painted altar carries an altarpiece
with the corpus of a triptych (the wings are lost) referable to the late mediaeval period inserted
into a carved and painted altarpiece in realized in 1695.
Contrarily to what happened in many historical churches in the 20th century, the Kvernes
stave church never underwent the installation of a heating system due to the construction of a
new second church in its proximity. For this reason, microclimatic fluctuations in the medieval
church are basically referable to climatic external conditions, the performance of liturgical
functions and to the presence or absence of visitors.
The research presented in this paper focuses on microclimatic data acquired through the
installation of data loggers in 2011 during the Stave Church Preservation Programme for the
monitoring of the Kvernes church over a 1-year period. Such data have been elaborated and
represent the first real effort to scientifically investigate the internal microclimatic conditions
achievable by monitoring campaigns in Stave Churches.
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2 MATERIALS AND METHODS
Four Tinytag data loggers (Gemini Data Loggers Ltd, Chichester, UK) were placed in the
east side of the Kvernes church as shown in Figure 1. The high of the four loggers was slightly
different. Log named 1 and 2 were placed at a height of approx. 2 meters, while log named 4
and 5 were at about 3 meters above the floor.
T and RH data were collected from 20/06/2011 to 13/06/2012. Since logger 1-4 collected data
every hour while log 5 every two hours, this last acquisition interval was selected in order to
obtain comparable data series [8]. Outdoor data was collected from weather stations in
proximity of the church site (63.0° N, 7.7° E). Two weather stations were selected: i)
Kristiansund Lufthavn (63.1° N, 7.8° E, being associated to the Kristiansund Airport), recording
from June 1970, to compare data acquired by loggers and ii) Kristiansund N, recording between
March 1946 and December 1975, used to investigate a homogeneous climate normal period.

Figure 1: Images showing the location of the four data loggers in Kvernes stave church. Photo: NIKU © 2011.
a) loggers 1 and 2; b) loggers 4 and 5.

It is the average value of meteorological data over several decades and normally a 30 years
period is considered, as required by the United Nations World Meteorological Organization
(WMO), with the most used being the 1961-1990. However, in the case of weather stations in
proximity of Kvernes, it has been not possible to find RH (%) values over such normal period,
for this reason a different time-window has been designated as reference period for our study.
The utilized normal climate/ reference period is the 1957-1975 window, available from the
weather station Kristiansund N and it allowed comparing the conditions of these 28 years with
the monitored period 2011-2012 to assess the climate anomaly or variability during the
monitoring campaign.
3 DISCUSSION OF THE RESULTS
The analysed 2011-2012 indoor data present the microclimatic situation of a typical unheated
stave church in a coastal climate in Norway, which can be interestingly compared with available
results from previous microclimatic monitoring campaign conducted in Medieval churches in
Scandinavia.
3.1. The comparision within Scandinavian Medieval Churches
Elaborations showed how information form LOG 1,2 and 4 resulted almost equivalent;
consequently LOG 4 has been chosen as representative for the group of loggers. On the other
hand, LOG 5 that was opportunely positioned in a location constantly hit by sun radiation, is
representative of the radiation effect inside the church. Table 1 resumes results obtained in
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Kvernes and shows how the most significant differences among the two loggers concern RH
values. Values collected by LOG5 are, in fact, generally lower, especially in summer (JJA).
Obtained values can be compared with those more recently acquired (2017-2018) in the
UNESCO World Heritage Site of the Urnes stave church (Table 2) and with those published by
Napp et al [3] for Hangvar church, a Swedish medieval stone-based church in the northern part
of the Gotland island in the Baltic sea (Table 3), and collected between 2010 and 2013. Values,
seem to be comparable between the Kvernes and the Hangvar churches, even if the two
structures have been realized using different materials. When comparing data with those
acquired in Urnes, stronger variations emerge. In particular the average winter (DJF)
temperature stays below 0°C, probably because of the different climatic conditions in the area
surrounding the Urnes church with respect to those of Kvernes located on the north west
Norwegian sea-shore. Urnes is in the Sogn og Fjordane Region in the west, close to the shore
of the innermost branch of a fiord.
Table 1: Results from the microclimatic monitoring campaign in Kvernes (Norway) in 2011-2012. Av T=
Average Temperature (Av T); Av RH =Average Relative Humidity; Max RH= Maximum Relative Humidity;
Min RH= Minimum Relative Humidity; %RH>70%= % of values exceeding 70% RH; % of values exceeding
the limit indicated by the EN15757:2016 [9]. SON= September-October-November; DJF=
DecemberJanuaryFebruary; MAM= March-April-May; JJA= June-July-August.
LOG4
SON
DJF
MAM
JJA
LOG5
SON
DJF
MAM
JJA

Av T (°C)
6.76
3.15
10.06
14.48
6.83
2.88
9.90
10.96

Av RH (%)
77.37
77.26
80.47
80.85

Max RH (%)
98.68
100
92.39
92.66

74.48
77.28
79.31
77.89

98.88
100
93.23
87.72

Min RH (%)
52.53
46.45
48.15
52.28

42.32
46.3
47.2
45.86

% RH>70
76.3
80
93
95
60
78
90
84

% RHlim
16.5
28
5.1
1.7

20
23
6
2

Table 2: Results from the microclimatic monitoring campaign in Urnes (Norway) in 2017-2018. Av T= Average
Temperature (Av T); Av RH =Average Relative Humidity; Max RH= Maximum Relative Humidity; Min RH=
Minimum Relative Humidity; %RH > 70%= % of values exceeding 70% RH; % of values exceeding the limit
indicated by the EN15757:2016 [9]. SON= September-October-November; DJF= December-January-February;
MAM= March-April-May; JJA= June-July-August.
Urnes SON Av T (°C)
Av RH (%)
Max RH (%) Min RH (%) % RH>70
% RHlim
7.40
77.51
96.1
45.3
77
10
-0.63
80.72
97.1
32.9
87
9.9
DJF
7.418
60.16
90
29.6
27
27
MAM
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JJA

15.65

66.04

87.7

25.6

32

12

Table 3: Results from the microclimatic monitoring campaign in Hangvar (Sweden) in 2010-2013 (adapted from
[3]). Av T= Average Temperature (Av T); Av RH =Average Relative Humidity; Max RH= Maximum Relative
Humidity; Min RH= Minimum Relative Humidity; %RH>70%= % of values exceeding 70% RH; % of values
exceeding the limit indicated by the EN15757:2016 [9]. SON= September-October-November; DJF=
DecemberJanuary-February; MAM= March-April-May; JJA= June-July-August.
Hangvar
Av T (°C)
Av RH (%)
Max RH (%)
Min RH (%)
77
90
11.3
% RH>70
SON
% RHlim
75
96
3.3
63
89
19
DJF
54
78
0
6.8
80
90
63
100
0
MAM
9.6
81
96
63
98
31
JJA

3.2. Analysis of T and RH variations in the Kvernes Stave Church.
Elaborations of data collected in Kvernes are shown in Figure 2 in term of T and RH
differences between indoors values at different daily time (i.e. at 8 a.m., 2 p.m. and 9 p.m.) and
the outdoor minima, maxima and average values from the Kristiansund Lufthavn Station. A
quite strong day-night variability is observable as well as differences due to the seasonal cycles
caused by the synergistic effect of the building envelope, the use of the church (e.g. weekly
religious offices and visitors presence in summer), and the distance between the church and the
weather station location (ca. 10 km). This effect changes during daytime along the year.
Morning: during all the year the indoor temperature at 8 a.m. (blue line, Figure 2) is
warmer of ca. 2 °C respect to the outdoor daily minima. As already stated in Camuffo et al.
2016 [10], readings collected indoors at this time are not representative of the outdoor daily
minima especially in Scandinavian countries where the time lag after sunrise changes quite a
lot during the calendar year. In Kvernes at 8 a.m, LOG 4 is never hit by solar radiation and
therefore is representative of a stable situation. On the contrary, LOG5 fluctuates more: during
equinoxes the sensor is hit (NE direction, ca. at 8 a.m.) by direct solar radiation with an increase
of ca. 2 °C (Figure 2b, blue line) on the mean T; during summer solstice it is also hit but with
the maximum direct solar radiation occurred earlier in the morning; finally in the winter solstice
LOG5 is not reached by radiation.
Afternoon: the indoor T measured at 2 p.m. (red line, Figure 2) can be representative of
the outdoor daily maxima. During the whole year period, LOG 4 is hit by solar radiation: during
summer solstice and equinoxes, the maxima of radiation impinging LOG4 (SW direction) occur
respectively at ca. 3 p.m. and 2 p.m. while in winter solstice such maxima are extinguished some
minutes earlier. For this reason, the indoor T is lower than outdoor maxima of ca. 2 °C,
fluctuating around or slightly exceeding this value from April to October (red line, Figure 2).
LOG5, (NE corner direction) shows a similar situation, but being nor directly heated by solar
radiation in the afternoon, it has a constant slightly lower indoor temperature.
Evening-Night: the T obtained by the indoor T - measured at 9 p.m.- minus the mean
outdoor daily T, is reported as black line in Figure 2. Black line fluctuates between 0 °C and 2
°C along the year, highlighting how the indoor reading at 9 p.m. is representative of the 24 hours
outdoor daily mean [11]. This is especially true at equinoxes with a certain level of departure
mainly during the summer solstice when LOG4, being hit for longer time in the afternoon and
evening by solar radiation, records a departure of ca. 2°C.
Similarly, also RH values detected indoors and outdoors and by the two loggers look
quite different. An average situation, highlighted by the black line in Figure 2c and 2d
demonstrated that there is almost no difference between the RH measured at 9 p.m. inside
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Kvernes and the outdoor daily mean, except in summer, when due to the larger difference T and
mixing ratio (MR) between the indoors and the outdoors, the RH values are lower inside of
almost 7%. Different are the situations induced by T and MR in the morning - that sees indoor
RH fluctuating around a level 15% higher than the minimum RH measured outdoors – or in the
afternoon, at 2 p.m. that sees indoor RH fluctuating around a level 15% lower than the maxima
RH measured outdoors, showing a slight damping of the fluctuations of RH compared with the
external ones. The most evident difference between LOG5 and 4 being the T effect at 2 p.m.
which induced a drop in the measured RH.
In order to deeper investigate the internal microclimatic conditions of the Kvernes stave
church, a detailed analysis of the central months of each season was performed for LOG4 and
LOG5. Elaborations proposed in Figures 3 and 4 show vertical windows individuating the daily
light durations as indicated by data available at [12], superimposed to T, RH and Mixing Ratio
(MR) trends. Since the Kvernes church has never been heated, the indoor climate follows the
outdoor one except when people visit church (summer): in these cases, the presence of numerous
visitors can strongly modify the indoor climate. Kvernes is, in fact, a museum church, housing
special events and open for tourists (ca. 10 000 visitors per year) in the summer season. While
the impact of visitors is embedded in the microclimate reported in Figure 2 (period: end of June
to mid-September), the observed environmental variations in Figures 3 and 4 cannot be imputed
to these activities but rather at the standard condition of use of the church with its weekly
religious service only. Internal data acquired by loggers can indeed be related to variations in T
and RH of the external climate, which are shown in Figure 5. The analysis of outdoor
temperature evolution indicates an overall high temperature period, as expectable, between the
end of June and the end of September 2011, with two additional maxima in October 2011 and
half of March 2012 (Figure 5a). The anomaly (Figure 5b green line) has highlighted two spells
of drier period in October 2011 and in January 2012, just before the peak of temperature
anomalies (Figure 5a, green line). While, as opposite a more humid period outside has been
detected in March 2012 before the negative anomaly in temperature (Figure 5a, green line).
These climate conditions outdoors show an enrichment of grams of water vapor over one kg of
dry air in average of 1 gr/kg (Figure 5c) although spells of depletion of water vapor exist in
conjunction with the drops in RH. Analyzing the microclimatic condition indoors for a
representative week in summer, Figures 3 and 4 shows wider daily T and RH cycles with indoor
RH changes ca. 10% lower than outdoor conditions and following its seasonal cycle.
Daily T and RH minima and maxima fall within the daylight cycles. In this season, as
reported in Table 3, the higher risk for the conservation of the decorated wooden elements in
Kvernes is represented by the RH and T conditions which may trigger biological decay (i.e. T
>14°C and RH >70%) that occur in the 95% of the time.
In the same season, Urnes stave church appears having lower risk of biological decay due to the
generally lower indoor RH values (Table 2) [13]; while the appearance of fungi infestation in
Hangvar with very high indoor RH may be naturally controlled in this season thanks to the still
lower indoor T. However, biological decay- mould- is observed on the unpainted as well as the
painted walls in Urnes, but not in Kvernes. In the representative week in autumn, indoor RH is
usually higher than outdoor ones, the daily T and RH cycle is less evident (more evident from
LOG4 readings than LOG5), in such microclimatic conditions in Kvernes, a certain risk of
RHinduced mechanical decay can be recorded i.e. when indoor RH variability exceeds the safe
limit of the target range of RH fluctuation, as defined by the EN15757:2010 [9] standard, and
determined as the 7th and 93rd percentile of the fluctuations recorded in the monitoring period
respect to the moving average [9] (Table 1).
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Figure 2: a, b) Differences between indoor temperature values at 8 a.m. (blue lines), 2 p.m. (red lines)
and 9 p.m (black lines) measured by LOG4 and 5 and the outdoor daily minima, maxima and mean values as
measured at the Kristiansund Lufth. Station. Thicker lines represent running averages of every series of data. c,
d) Differences between indoor Relative Humidity values measured at 8 a.m. (blue lines), 2 p.m. (red lines) and 9
p.m (black lines) by LOG4 and 5 and the outdoor minima, maxima and mean values measured at the
Kristiansund Lufth. Station. Thicker lines represent running averages of every series of data.

More in detail, the 7th or 93rd percentiles are obtained by ordering the fluctuations from the
lowest negative value to the highest positive one and selecting the values below which 7th or
93rd percent of observations are found, respectively. In this way 14 % of the largest, most risky
fluctuations are excluded, the cuts being equally applied to peaks and drops in RH, yielding
excessively moist or dry environments. In Kvernes, such risk of mechanical decay is at its
maximum in winter when it can be further exacerbated by T-induced mechanical decay
conditions of the winter season in Scandinavian countries last for longer time, often the spring
due to freezing/thawing cycles. In a representative week in winter the daily T and RH cycle is
smoothed out and the indoor RH becomes comparable with the outdoor ones. As the climatic
season (MAM) resembles the winter in term of indoor microclimatic conditions. This is evident
in the Urnes stave church (Table 2) that shows the higher risk of RH-induced mechanical decay
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Figure 3: Indoor RH (%)-green line, T (°C)- red line, MR (g/Kg)-black line values for a representative week in
four seasons as measured by LOG 4. a) Summer 22/06/2011 and 28/06/2011; b) Autumn 12/10/2011 and
18/10/2011; Winter c) 11/01/2012 and 17/01/2012; d) Spring 11/04/2012 and 17/04/2012. The grey line refers to
outdoor RH values collected by the Kristiansund Lufthavn meteorological station.
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Figure 4: Indoor RH (%)-green line, T (°C)- red line, MR (g/Kg)-black line values for a representative week in
four seasons as measured by LOG 5. a) Summer 22/06/2011 and 28/06/2011; b) Autumn 12/10/2011 and
18/10/2011; Winter c) 11/01/2012 and 17/01/2012; d) Spring 11/04/2012 and 17/04/2012. The grey line refers to
outdoor RH values collected by the Kristiansund lufthavn meteorological station.
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Figure 5: a) Daily outdoor temperature (°C) from the Kristiansund Lufthavn station between 20/06/2011 and
13/06/2012 and at the Kristiansund N. station for the normal period 1957-1975. T Anomaly (°C) between data
recorded in 2011-2012 and in 1957-1975. b) Daily outdoor Relative Humidity (%) from the Kristiansund
Lufthavn station between 20/06/2011 and 13/06/2012 and at the Kristiansund N. station for the normal period
1957-1975. Relative Humidity Anomaly (%) between data recorded in 2011-2012 and in 1957-1975; c) Daily
outdoor Mixing Ratio (g/Kg) from the Kristiansund Lufthavn station between 20/06/2011 and 13/06/2012 and at
the Kristiansund N. station for the normal period 1957-1975. Mixing Ratio Anomaly (g/Kg) between the data
recorded in 2011-2012 and in1957-1975.

in this period, while Hangvar medieval stone church may encounter higher risk of mould
infestation or condensation (Table 3).
4 CONCLUSIONS
The SyMBoL project is currently carrying out long-term (more than 2 years) monitoring
campaigns in two stave churches in different climatic sites and under different in-use conditions
(Heddal and Ringebu) to improve understanding of the “historic climate” [9]. Being most of
existing data on microclimatic conditions in Scandinavian Medieval churches still unpublished
at international level, this contribution was aimed on elaborating and presenting all the available
data (i.e. with not restricted access) obtained by the monitoring campaigns conducted inside the
Kvernes (Norway) Stave Church in 2011-2012. Being the church still unheated, variations in
term of T, RH and MR are completely imputable to external climate modifications or to the
presence of visitors in the summer opening and for special religious services. The effect of the
church geographical position on its internal microclimate was assessed by comparison with data
available from Urnes, located in a more internal area, not so affected by the sea influence (the
Golf stream). Furthermore, the detailed analysis of indoor and outdoor conditions evidenced the
relevance in loggers positioning in order to obtain complementary information permitting to
depict a complete picture of the site internal conditions.
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This study will be very beneficial as knowledge background for the MOV research project
in Norway that, beside SyMBoL, is a long-term monitoring (planned for 50 years) project which
aims to collect indoor and outdoor data on a similar category of historical buildings over a period
of time comparable with that of climate norm.
The microclimatic analysis of the presented study highlights similarities in indoor climate
conditions in unheated stave churches - located in different regions in Norway – and in a
medieval stone church in Sweden. Such natural condition which the unheated church gives, may
be ideal for the preservation of the distemper paints as these artworks remained in quite good
conditions over centuries up to nowadays. In addition, the comparison with a stone-based
medieval church located in a similar climate indicated no substantial differences within the two
structures. This constitutes an additional important information for heritage managers and
church owners, often dealing with the identification of risks situations and discrimination among
the possible typologies of decay. The presented paper also provides reliable information for
supporting risk management and climate change adaptation plans for the preservation of
Medieval churches in Scandinavian countries because it makes available the actual or recent
past or the zero level.
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of the “SyMBoL – Sustainable Management of Heritage Building in a Long-term Perspective”
Project (Project No. 274749). The authors are grateful to Else Marie Bae for her kind support
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Master-thesis on the monitoring campaign conducted in Urnes Stave Church. The authors
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Abstract. This paper reports the results of vibration and meteorological observations of
a buildng built on Hashima, Nagasaki, southern part of Japan, which was registered as a
World Heritage Site in 2015 [1], and analyzes its dynamic characteristics. Hashima is called
"Battleship Island" because its appearance resembles a battleship due to the many buildings
standing upon it. The structure contributing most to the battleship appearance is No.
3 Building. An accelerometer and a weather sensor have been installed in No. 3
Building for long-term measurements. Multi-modal analysis of vibration and meteorological
data was performed for 5 months, and the dynamic characteristics of No. 3 Building were
examined.
1

INTRODUCTION

Hashima Island in Nagasaki City in the south of Japan was registered as a World
Cultural Heritage in 2015 [1]. The island was an offshore city that prospered as an undersea
coal mine from the 1800s, and had a population density higher than that of Tokyo. The shape
of the island resembles that of a battleship, so it is also referred to as “Battleship Island” (or
Gunkanjima).

3296

N. Kurata, K. Takai, A. Tomioka, T. Daigo, S. Saruwatari and T. Hamamoto

As a result of the effect of the energy policy from the 1970s onwards the mine closed on 15th
January 1974. Thereafter Battleship Island became unoccupied, but a group of building
structures that are degrading with time under the severe natural environment remain. The
authors have installed various types of sensors on the group of structures on Battleship Island,
and are performing monitoring [2]. Building No. 3 contributes most to the resemblance of the
silhouette of this island to a battleship. It is the most important among the structures of
Battleship Island and must be preserved. A new vibration monitoring system was installed on
Building No.3 in May 2019. Building No. 3 is a 4-story reinforced concrete structure; a total of
ten accelerometers were installed on each floor on both sides of the rectangular plan, and
vibration measurements for the structural health monitoring [3] have been carried out over
several months. Every two hours microtremor measurements are performed for 10 minutes, and
in addition when vibrations exceeding a certain level occur such as during typhoons and
earthquakes, vibration measurements are taken. On the other hand, meteorological sensors were
installed on the rooftop of Building No. 3 in October 2017, measuring items such as air
temperature, humidity, atmospheric pressure, wind direction, wind velocity, sunlight intensity,
and rainfall. This paper presents the results of analysis of the dynamic properties of Building
No. 3, obtained from a multi-modal analysis of the vibration data and the meteorological data.
2 NO.3 BUILDING, THE SYMBOL OF BATTLESHIP ISLAND
No. 3 Building on Battleship Island, shown in Fig. 1, is a 4-story reinforced concrete housing
complex constructed in 1959. It is located at the highest point on Battleship Island, and is a
symbolic building that has a silhouette similar to that of a battleship. The building is relatively
new on the island, with little sign of aging and damage. On the rooftop of No.3 Building, a
wireless antenna for maritime radio communication with the Battleship Island Museum on the
opposite shore, a solar panel, a storage battery, and cameras that capture images of the
surrounding area are installed. These serve as communication bases for the monitoring system.
No.3 Building
No.3 Building

(a) Panoramic View
Camera
Antenna
Solar panel
(b) Camera, Energy and Network System

(c) Plan View

Figure 1: No.3 Building
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3 VIBRATION MEASUREMENT SYSTEM
Fig. 2 shows the locations of the accelerometers in No. 3 Building [4]. No. 3 Building has a
flat, rectangular shape, with a total of 10 acceleration sensors installed on both sides of each
floor. Fig. 3 and Table 1 show the system configuration and the specifications of the
acceleration sensors [5]. The accelerometers used are JA-70SA manufactured by Japan Aviation
Electronics Industry. This accelerometer can measure a wide range of vibrations from
microtremors, to strong vibrations during a typhoon or large earthquake. For vibration
measurement, a data acquisition device (referred to as a DAQ) having a 16-channel A/D
conversion module is used, and synchronization is performed to within 5 μsec by a multiplexer
at the preceding stage. Time synchronization is performed by GPS, and the sampling frequency
is set to 100Hz. A continuous measurement function that saves 10 minutes of measurement data
every 2 hours and a trigger function that stores measurement data when more than a certain
level of vibration occurs due to a typhoon or an earthquake are installed. The data stored in the
data recorder is transmitted to a data server in the Battleship Island Museum on the opposite
shore by a maritime radio communications antenna (see Fig. 1) installed on the rooftop. This
data server is accessible via the Internet. Solar panels and storage batteries are installed on the
rooftop of the structure to serve as a power source for the vibration measurement system. PCs,
the DAQ and accelerometers consume higher power, but they use system power efficiently to
provide constant remote monitoring and continuous measurement.

Accelerometer
Figure 2: Sensor Location
Measurement Unit
Accelerometers

PC

GPS

DAQ

Solar Panel
Battery
Network

Figure 3: Vibration Measurement System
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Table 1: Specifications of Accelerometer

Item

Units

Measurement range

±m/s2 [±G]

Voltage sensitivity (Note 1)

V/(m/s2) [V/G]

Zero point imbalance (Note 2)

m/s2 [mG]

Case alignment
Linearity

mrad
%FS
(m/s2) rms/√Hz
[Grms/√Hz]
Hz(±3dB)
ppm/°C
μ(m/s2)/°C
[μG/°C]
°C

Self-noise (@1~30Hz)
Frequency response
Voltage sensitivity:temperature coefficient
Zero point imbalance:
temperature coefficient
Operating temperature
Non-operating
temperature
Humidity
Environmental
Vibration resistance
resistance
JIS C60068-2-6

Electrical
properties
External
dimensions
Mass

4

Impact resistance
JIS C60068-2-27
Power supply voltage
Consumption current
Output impedance
Width
Depth
Height

°C

JA-70SA
X,Y axes: ±19.6 or higher [±2]
Z axis: -9.8 - +29.4 [-1~+3]
0.2039±5% [2.000±5%]
X,Y axes: within ±0.98 [±100]
Z axis: 9.81±0.98 [-1000±100]
within ±20
within ±2
9.8x10-6
[1x10-6]
≥200
within ±200
±1961[±200]
-25~+70
-40~+80

%RH
20~80
10-60Hz 0.75mm, 60-500Hz 100m/s2 [10G}
Sinusoidal vibration 10 times for each axis
2H/time
9800m/s2 [100G] 6ms
Half-sin 3 times for each axis、±direction
V(DC)
±5±0.5
mA
<17
Ω
47typ.
mm
38.6
mm
41.0
mm
24.8
g
≤100

AUTONOMOUS METEOROLOGICAL OBSERVATION SYSTEM

An autonomous meteorological observation system (Meisei Electric, POTEKA) is installed
on the rooftop of No. 3 Building (see Fig. 4) [6]. As shown in Fig. 4(a), the system includes solar
panels, storage batteries, a radio communication unit, a weather sensor station, rain gauges, and
a base for fixing these devices. The weather sensor station comprises 7 types of sensors
(temperature, pressure, humidity, solar radiation, wind direction, wind speed, and precipitation)
as shown in Fig. 4(b). Because observation data is updated every minute, it is possible to capture
changes in weather conditions in real-time. The weather data is transmitted to the server in realtime via a mobile phone network. Table 2 shows the specifications of the autonomous
meteorological observation system, and Table 3 shows the specifications of the weather sensors.
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Solar radiation

Weather sensor

Rainfall
Wind
direction/speed
Precipitation

Atmospheric
pressure
Temparature/
Humidity

Battery
Solar panel

(a) System View

(b) Weather Sensor

Figure 4: Meteorological Observation System
Table 2: Specifications of Meteorological Observation System

Observation element of weather
sensor
Sampling period
Statistical interval (output values)
Communication interval
Data storage
Solar battery capacity
Storage cell capacity
Built-in cell
Power interruption backup time
Operating temperature range
Wind speed resistance
Communications circuit

Air temperature, atmospheric pressure, humidity, solar
radiation, wind direction, wind speed, rainfall,
precipitation
1 second
1 min average
60 sec (variable from 10~999 sec)
14 days
30 W
18 Ah
Nickel-hydrogen cell 700mAh
More than 6 hrs.
-10°C~+60°C
Average wind speed 60m/s
3G circuit

Table 3: Specifications of Weather Sensor

Element
Air temperature
Humidity
Atmospheric pressure
Wind direction

Measurement method
Platinum resistor
Capacitive type
Capacitive type
Ultrasonic

Observation range
-50.0~+50.0°C
0.0~100.0%RH
870.0~1050.0hPa
0~360°

Wind speed

Ultrasonic

0.0~30.0m/s

Solar radiation
Rainfall

Photodiode
Capacitive type

0~1400W/m2
0/1

Precipitation

Tipping bucket type

Below 200mm/h

3300

Precision
±0.3°C
±5%
±0.7hPa
±10°
±0.3m/s (0~10m/s)
±5% (10~30m/s)
±10%
±0.5mm (below 20mm)
±3% (above 20mm)
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5 ANALYSIS OF VIBRATION AND METEOROLOGICAL DATA
Figs. 5 and 6 show amplitude ratios of Fourier acceleration spectra on the rooftop and the
first floor calculated from acceleration data measured for 10 minutes from 12:00 every day,
from June 1 to October 18, 2019. As can be seen from the figures, some parts of the data from
August 12 to 19 and August 27 to 28 during the measurement period are missing. In each figure,
the measurement dates, frequencies, and ratios of Fourier spectra are displayed in 3D and 2D.
In addition, the dates of occurrence of three typhoons that caused strong vibrations in No. 3
Building during the measurement period are shown. Fig. 5 shows the analysis results of the
long-side components of the sensors installed on the south and north sides of No. 3 Building.
From these figures, it can be seen that the first characteristic frequency clearly appears around
6 Hz during strong winds or a typhoon. In addition, characteristic frequencies of higher-order
modes can be observed near 17 Hz. Further, if vibration of the building increases due to strong
winds or a typhoon, vibration in the high frequency region of 10 Hz or more increases on the
south side.

Amplitude

Month

Typhoon No.5
July 20, 2019

Typhoon No.13
Sep. 07, 2019
20

Typhoon No.17
Sep. 22, 2019

Month
Hz

Hz

(a) South side (3D)

(b) South side (2D)

Amplitude

Month

Typhoon No.5
July 20, 2019

Typhoon No.13
Sep. 07, 2019
20

Typhoon No.17
Sep. 22, 2019

Month
Hz

Hz

(c) North side (3D)

(d) North side (2D)

Figure 5: Fourier amplitude spectrum ratios of the acceleration data (Long-side component)
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Fig. 6 shows the analysis results of the short-side components of the sensors installed on the
south and north sides of No. 3 Building. From these figures, it can be seen that characteristic
frequencies appear at around 9 Hz and 14 Hz in addition to 6 Hz during strong winds or a
typhoon. Further, when vibration of the building increases due to strong winds or a typhoon,
the vibration on the south side is larger than that on the north side, and on the south side,
vibration in the high frequency region of 10 Hz or more increases.

Amplitude

Month

Typhoon No.5
July 20, 2019

Typhoon No.13
Sep. 07, 2019
20

Typhoon No.17
Sep. 22, 2019

Month
Hz

Hz

(a) South side (3D)

(b) South side (2D)

Amplitude

Month

Typhoon No.5
July 20, 2019

Typhoon No.13
Sep. 07, 2019
20

Typhoon No.17
Sep. 22, 2019

Month
Hz

Hz

(c) North side (3D)

(d) North side (2D)

Figure 6: Fourier amplitude spectrum ratios of the acceleration data (Short-side component)

Fig. 7 shows the average air temperature and the maximum instantaneous wind speed every
10 minutes, measured from June 1, 2019 to October 18, 2019. This figure also shows the dates
of three typhoons that caused large vibrations in No. 3 Building during the measurement period.
When the wind speed increases due to a typhoon, the vibration of the building increases, but in
No. 3 Building, vibrations other than the characteristic frequencies are excited. As an example,
Fig. 8 shows Fourier acceleration spectrum ratio of the roof and first floor in the short-side
direction on the south side of the building calculated from acceleration data measured during
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Typhoon No. 5. The figure shows the analysis results of data measured for 10 minutes every 2
hours, for 48 hours from 12:00 on July 19 until 12:00 on July 21, or from when Typhoon No. 5
approached until it passed. In the figure, the time zone where the wind speed is high is clearly
indicated by the red frame. As the wind speed increases due to the typhoon, the vibration of the
building increases, and it can be seen that on the south side of the building, vibrations in the
high frequency region of 10 Hz or more are excited.
50

Typhoon No.5
July 20, 2019

40

Temparature[℃]
Maximum instantaneous wind speed[m/s]
Typhoon No.17
Sep. 22, 2019

30
20
Typhoon No.13
Sep. 07, 2019

10
0

2019/5/15 0:00 2019/6/4 0:00 2019/6/24 0:00 2019/7/14 0:00 2019/8/3 0:00 2019/8/23 0:00 2019/9/12 0:00 2019/10/2 0:00 2019/10/22 0:00 2019/11/11 0:00

Figure 7: Average air temperature and the maximum instantaneous wind speed
Date/Time

Amplitude

9/19 12:00

9/20 00:00

9/20 12:00

9/21 00:00

9/21 12:00
Hz

Figure 8: Fourier amplitude spectrum ratios of the acceleration data (Short-side component)
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6 CONCLUSIONS
In this paper, vibration measurements and meteorological observations were made on the
building of Battleship Island, which is registered as a World Cultural Heritage site, and their
dynamic characteristics were analyzed. In the target, No. 3 Building, no change in low-order
mode dynamic characteristics due to temperature changes from spring to autumn was observed.
It was found that when vibration of the building increased due to strong winds or a typhoon,
vibration on the south side was larger than that on the north side, and vibration in the high
frequency region was also larger. This suggested that, by observing the fluctuations of low
frequency region on the south side after large vibrations occur due to strong winds, a typhoon
or an earthquake, it is possible to detect loss of structural stability of the building. In the future,
it is planned to continue vibration measurements and meteorological observations for No. 3
Building, and compare the measurement results on a yearly basis including winter.
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Abstract. The paper focuses on the long-term monitoring of the Milan Cathedral. After a
concise historic background on the monument and the description of the sensing devices
installed in the church, selected results obtained during the first year of static monitoring are
summarized as well as the lessons learned in view of the Structural Health Monitoring (SHM)
of the Cathedral. In more details, the time evolution of different static features (i.e. strain of
metallic tie-rods and tilt of columns) is presented, along with the correlation between those
features and the environmental parameters and the possible minimization/removal of the
environmental effects with SHM purposes.
1

INTRODUCTION

The Milan Cathedral is the most iconic symbol of Milan and is world-wide known for
being one of the largest Heritage monuments ever built. The construction of the cathedral took
more than 4 centuries, from the apse erection in 1386 until the façade finalization in 1814 [1];
subsequently, architectural and maintenance works were carried out for a long period, so that
the installation of the last iron gate in the façade (on January 6th, 1965) is usually indicated as
the official building completion.
Since 1387 all operational aspects related to the construction, maintenance and restoration
of the Milan Cathedral are managed by the historic Institution named Veneranda Fabbrica del
Duomo di Milano [2] and denoted as Fabbrica in the following. After the completion of the
church structures, the Fabbrica main mission moved to continuous inspection, maintenance
and architectural restoration of the monument, with those activities being especially related to
surfaces, decorations and statues in Candoglia marble. In the last decades, the traditional
inspections have been often coupled with the installation of different sensing devices, aimed
at monitoring local strengthening interventions (see e.g. [3]) or investigating the evolution of
possible structural issues. Remarkable examples of sensing systems operating in the past
includes: (a) the inverted pendulum installed in the main spire on late September 1904 to
measure the horizontal displacements induced by strong winds [4]; (b) the traditional
monitoring system, based on geometric levelling and established to measure the horizontal
deflection of the piers in the late sixties. Although the latter system is not computer based, it
has been active in measuring the piers deformation at pre-selected intervals (May and
November) for more than 50 years and is still fully operating.
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During the recent assessment of the state of preservation and the tensile force of the
metallic tie-rods of the Cathedral [5], the idea of implementing a Structural Health Monitoring
(SHM) strategy has been taking shape and a monitoring system was designed [6] and
implemented with the two-fold objective of providing the information needed for the
condition-based structural maintenance and the creation of a large archive of experimental
data useful to improve the knowledge of the monument.
The long-term monitoring system [6], fully computer based and with efficient transmission
of the collected data, includes static and dynamic measurements. The static monitoring system
consists of: (a) bi-axial tilt-meters installed at the top of selected piers and at 3 levels of the
main spire; (b) vibrating wire extensometers mounted on the iron tie-rods which are
characterized by the higher tensile stress; (c) temperature and humidity sensors for the
measurement of internal and external environmental parameters. The dynamic monitoring is
performed through seismometers (electro-dynamic velocity sensors) installed at the top of 14
selected piers and at 3 levels of the main spire.
After a brief description of the Milan Cathedral, the paper is mainly aimed at describing
the monitoring system installed in the church with emphasis on the static (i.e. tilt of columns
and strain of metallic tie-rods) and environmental (temperature and humidity) measurements
collected in the first year of continuous monitoring. Selected results are presented on the
evolution in time of the environmental and static parameters and extensive comments are
given on the removal/minimization of the environmental effects with SHM purposes.
2 THE MILAN CATHEDRAL
The Milan Cathedral (Figs. 1-2), spreading over an area of more than 10400 m2 and with a
volume of about 300000 m3, is the second largest Gothic cathedral in the world by volume
and area. Moreover, the church exhibits the second tallest main nave among Gothic
cathedrals, with the height of the vault intrados of the main nave being at about 45 m from the
ground (Fig. 3a).
A longitudinal section of the Cathedral is shown in Fig. 2, along with an essential
chronology of the construction phases.

Figure 1: Views of the Milan Cathedral (courtesy of Veneranda Fabbrica del Duomo di Milano)
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Figure 2: Views of the Milan Cathedral (courtesy of Veneranda Fabbrica del Duomo di Milano)
(a)

(b)

Figure 3: (a) Schematic of the structural arrangement exemplified on one bay of the Milan Cathedral;
(b) Inside view of arches, vaults and iron tie-rods

3307

Antonella Saisi, Antonello Ruccolo and Carmelo Gentile

The church construction started in 1386 from the half-octagonal apse and East choir, and
proceeded with the transept, the main dome, the tiburio (i.e., the prismatic structure with
octagonal base, which is built around the main dome); subsequently, the five-nave structure
over eight bays was built, whereas the main spire and the neo-Gothic façade dates back to
1774 and 1814, respectively.
The structural arrangement of the main limb is exemplified in Fig. 3a, illustrating the
distinctive elements of the structural schematic, such as double masonry vaults (i.e., cross
vaults and barrel vaults) and permanent metallic tie-rods (Fig. 3b) placed under each arch. It is
worth mentioning that the adoption of 122 iron tie-rods, still exerting an active role in
resisting the lateral thrusts [5], is one of the main characteristics of the Milan Cathedral: the
construction Masters decided to connect the capitals of all adjacent piers by means of metallic
elements to reduce the thrust on the slender lateral buttresses and in response to the critical
comments raised by the French Architect Jean de Mignot [1]. This peculiar structural
arrangement is unique in Gothic cathedrals, where wooden or metallic ties were used as
provisional elements and removed at the end of the construction.
The Cathedral has a Latin cross shape in plan (Fig. 4a), with the overall dimensions being
about 66 m  158 m; it should be noticed that the longitudinal limb points the East-West
direction, whereas the transversal transept is oriented in the North-South direction.
3

DESCRIPTION OF THE MONITORING SYSTEM

The knowledge of the monument, along with targeted documentary research in the
archives of the Fabbrica and recent experimental tests [5], allowed to identify the substructures to be initially involved in the monitoring: (a) the structural elements subjected to
past important strengthening interventions, such as the main spire [7] and the 4 piers [3]
supporting the tiburio; (b) the piers of the apse (as those elements are not stiffened by
buttresses in Gothic cathedrals); (c) selected piers, which are placed in key areas of the church
(i.e., transepts, main naves and façade) and (d) selected tie-rods, exhibiting tensile stress of
the order of 100 MPa or higher [5].
Since the monitoring system includes a relatively high number of different sensors and the
sensing devices are widespread over a large area, a distributed sensor network was
implemented to minimize wiring inside the church, with the network being fully computer
based and allowing on-site data acquisition and real-time data transfer to remote site. In short,
the sensor network inside the Milan Cathedral [6] includes: (a) 12 bi-axial tilt-meters on the
capital of selected piers, each with integrated temperature sensor; (b) 12 extensometers on
selected tie-rods; (c) 12 hygrometers inside the church; (d) 27 seismometers. Furthermore,
one weather station, 3 bi-axial tilt-meters (with integrated temperature sensors) and 9
seismometers are installed in the main spire [6].
Data acquisition (and data analysis) is continuous, even if different sampling rates are
adopted for quasi-static and dynamic time series: strains, rotations and environmental data are
collected at a rate of two samples per hour, whereas the dynamic monitoring is performed at a
sampling frequency of 100 Hz.
A complete description of the static and dynamic monitoring systems can be found in [6],
whereas only a brief overview of the static monitoring devices is herein presented. A
schematic of the extensometers and tilt-meters installed in the Cathedral is shown in Fig. 4.
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(a)

(b)

(c)

Figure 4: (a) General layout of the static monitoring system installed in the Cathedral (dimensions in m);
(b) Bi-axial tilt meter mounted on one capital; (c) Extensometer installed on one tie-rod

In more details: (a) the bi-axial tilt-meters (Fig. 4b, measurement range of ±0.5º and
resolution of ±0.5 mm/m) are placed on the capital of piers 31 and 64 (façade), 69 and 90, 11
and 20 (transept), 74-75 and 84-85 (tiburio), and 47-48 (apse); (b) the vibrating wire
extensometers (Fig. 4c, measurement range of ±3000  and resolution of 1 ) measure the
axial strain of metallic tie-rods with high tensile stress (marked in red in Fig. 4a) or affected
by slight damage (marked in orange in Fig. 4a) [5].
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As previously pointed out, the indoor and outdoor environmental conditions are
extensively measured also to evaluate the risks for the conservation of the main artifacts
present in the church [8] and not only for establishing correlations with the structural
parameters changes. The indoor and outdoor temperature sensors, with temperature range
being between ‒20 °C and +60 °C and resolution of 0.2 °C, are integrated with each tilt-meter
(Fig. 4a); the hygrometers, with measurement range 0-100% and resolution of 1%, are
mounted in the neighborhood of the extensometers.
The data transfer of the static devices inside the Cathedral is wireless and each sensor is
wired to high capacity batteries, which are placed in walkways over the vaults, quite easy to
access for maintenance and substitution. Static and environmental sensors are grouped
together (with the number of the sensors in each group being dependent on the relative
distances) and are managed by local nodes. The data collected by neighboring nodes are
transmitted to routers and those routers, in turn, transmit the information to a local
workstation managed by the Fabbrica technical staff. The local workstation is equipped with
appropriate software codes aimed at the remote management of the different devices, the
transformation of raw data and the storage in digital archives. Furthermore, through the
Internet, the data might be post-processed by authorized users (such as Politecnico di Milano)
and results come back to the Fabbrica workstation for being included in digital archives.
Typical post-processing includes the removal of environmental effects, which will be
exemplified in the forthcoming sections.
4 SELECTED RESULTS FROM THE CONTINUOUS STATIC MONITORING
The static monitoring of the Milan Cathedral is fully active since October 19th, 2018. This
section summarizes selected results from the static monitoring over the first year of
monitoring (from 19/10/2018 to 18/10/2019) and, for the sake of consistency, only the
experimental results collected in the Cathedral are presented and discussed (with no
comments being provided on the data measured on the main spire).
As usual for masonry buildings, the evolution in time of environmental parameters is
firstly presented in order to understand the effects of changing environment on the variations
observed in the quasi-static measurements (strain of the tie-rods and tilt of the columns).
4.1 Environmental parameters
As previously pointed out, a quite extended grid of temperature sensors and hygrometers
has been installed inside the church, with the objective of supporting both the SHM program
and the preservation of statues, paintings and decorative elements, which are kept inside the
monument. The variation in time of the average indoor temperature and the outdoor
temperature (measured by the weather station) is shown in Fig. 5a, whereas Fig. 5b refers to
the average indoor humidity.
The orange line in Fig. 5a presents the evolution of the outdoor temperature and highlights
changes between 1.7°C and +35.4°C, with remarkable daily variations in sunny days. The
corresponding variation of the average indoor temperature is represented by the red line in
Fig. 5a and ranges between +8.8°C and +30.6°C: it is further noticed that the availability of a
large number of temperature sensors in the church allows to verify [6] a low temperature
gradient in space, with the difference between the extreme values not exceeding 0.5°C.
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(a)

(b)

Figure 5: Evolution in time of: (a) average indoor temperature and outdoor temperature;
(b) average indoor relative humidity.

Consequently, the low temperature gradient and the correlation coefficients (always larger
than 0.99) between the measured temperatures allow to assume the average indoor
temperature (Fig. 5a) as a representative quantity for the SHM correlations. A similar
conclusion is drawn for the relative humidity, whose time series are highly correlated [6], [8]
and exhibit correlation coefficients of the order of 0.90 or larger.
4.2 Static behavior and environmental effects
The time series of measured strain on tie-rods 28-62, 39-09 and 39-40 are plotted in Figs.
6a, 7a and 8a, with a sampling time of 60 min. It should be observed that, although the tension
bars 28-62, 39-09 and 39-40are located in the north and south side aisle of the limb (Fig. 4a),
the strain variation trend is very similar. The inspection of Figs. 6a, 7a and 8a shows that: (a)
the tensile strain increases in winter and the maximum increment is attained on all tie-rods on
February 2019, in correspondence with the minimum values of both outdoor and indoor
temperature; (b) the strain condition at the beginning of the monitoring (i.e., zero strain
increase) is recovered almost simultaneously in all instrumented ties at the end of June 2019
and approximately at the end of the first year of monitoring (Figs. 6a, 7a and 8a).
Figures 6b, 7b and 8b reveals a high correlation between measured strains and (average)
indoor temperature, with the coefficient of determination R2 being larger than 0.90 for tie-rods
28-62 and 39-09. Trends and correlation values similar to the ones exemplified in Figs. 6-8
are observed for all instrumented tie-rods, whose long-tem behavior is significantly affected
by the indoor temperature. Furthermore, the strain-temperature plots (Figs. 6b, 7b and 8b)
highlight a fairly regular trend with slight deviation of the regression line from linearity.
Concerning this aspect, it is worth mentioning that the outdoor temperature also affects the
strain variation, whereas almost negligible effects are due to the (average) relative humidity.
In addition, the observed non-linear correlations might depend on delayed temperatureinduced effects, caused by thermal inertia of the massive masonry church.
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(a)

(b)

Figure 6: Tie-rod 28-62: (a) Evolution in time of measured strain; (b) Strain vs. indoor temperature.
(a)

(b)

Figure 7: Tie-rod 39-09: (a) Evolution in time of measured strain; (b) Strain vs. indoor temperature.
(a)

(b)

Figure 8: Tie-rod 39-40: (a) Evolution in time of measured strain; (b) Strain vs. indoor temperature.

Deeper investigation of the correlation between indoor/outdoor temperature and strain
variations reveals that the currently measured strains exhibit: (a) high correlation coefficients
with the indoor temperature measured in the preceding days (until 2-3 weeks before); (b) a
remarkable dependence on the outdoor temperature measured in the preceding 12-24 hours.
The effects of environmental changes can be removed from measured strains (or from any
other measured quantity) using statistical techniques [9-11]. Among these techniques,
multiple linear regressive (MLR) models are often adopted, where linear correlations between
a dependent variable (i.e., the strain) and a set of p independent variables (i.e, the indoor and
outdoor temperatures) are exploited. The above observation on the effects of delayed
temperature suggests the use of a “dynamic” model [10-11], involving the use of past
observations to re-construct the independent variables (rather than a “static” model, where
dependent and independent quantities are sampled at current time).
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(a)

(b)

Figure 9: Tie-rod 28-62: (a) Statistical reconstruction of the measured strain; (b) Correlation between measured
and predicted strain.
(a)

(b)

Figure 10: Tie-rod 39-09: (a) Statistical reconstruction of the measured strain; (b) Correlation between
measured and predicted strain.
(a)

(b)

Figure 11: Tie-rod 39-40: (a) Statistical reconstruction of the measured strain; (b) Correlation between
measured and predicted strain.

In the present case, a satisfactory statistical reconstruction of the measured strains (Figs. 911) was obtained by using: (a) the current indoor temperature and observations of the
preceding 2 weeks, sampled at 36 hours; (b) the current outdoor temperature and a varying
number (12-24) of past observations sampled at 1 hours; (c) the current relative humidity.
To exemplify the quality of the dynamic regression predictive models, Figs. 9a, 10a and
11a shows the time series of measured and predicted strains, considering the entire period of
monitoring as training period. Furthermore, Figs. 9b, 10b and 11b show the correlation
between measured identified and predicted observations. It is worth noting that Figs. 9-11
clearly demonstrate that the adopted statistical technique is capable of re-constructing both
daily and long-term variations and, hence, to remove the environmental effects from
monitoring data so that damage sensitive features are defined.
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(a)

(b)

(c)

Figure 12: Evolution in time of residual strain in tie-rods: (a) 28-62; (b) 39-09; (c) 39-40.

Figure 12 shows the temporal evolution of the (residual) strains in tie-rods 28-62, 39-09
and 39-40 after the elimination of the environmental effects performed by using the dynamic
regression. It can be observed that the variation of the residuals is reduced to a small range:
any residual variation exceeding the range established in the training period could imply the
occurrence of a potential damage (see e.g. [10]).
The indoor temperature turns out to be the main driver of the changes observed in the piers
rotation as well. Fig. 13 shows the evolution of the E-W rotation of selected piers: inspecting
the tilt data shows that pier 64 (façade) tends to lean towards east (positive direction) from
October to June, whereas all other piers are leaning towards west in the same period, with pier
85 (tiburio) exhibiting the maximum tilt. As previously observed for the strain variation in the
tie-rods, the rotation cumulated during Winter and Springs tend to be recovered (zero
crossing) after mid June.
The correlation between E-W tilt and indoor (average) temperature for piers 64 (façade),
74 (tiburio) and 47 (apse) is shown in Figs. 14a-c. The correlation is approximately linear for
most piers (Figs. 14a and 14c) but a non-linear correlation between E-W rotation and indoor
temperature is observed for pier 74.
Also in the case of strain in tie-rods, the dynamic MLR technique might be adopted for
removing the temperature effects from tilt data. It is further noticed that the availability of
dynamic data (natural frequencies and mode shapes are automatically identified every hour

3314

Antonella Saisi, Antonello Ruccolo and Carmelo Gentile

[8]) should conceivably be exploited in a data fusion framework for an enhanced program of
condition-based structural maintenance.

Figure 13: (a) Variation of E-W rotation of selected piers from 19/10/2018 to 18/10/2019.
(a)

(b)

(c)

Figure 14: Rotation-temperature correlation for: (a) pier 64 (façade); (b) pier 74 (tiburio); (c) pier 47 (apse).

5 CONCLUSIONS
The paper focuses on the description of the monitoring system recently designed and
installed in the Milan Cathedral. The monitoring system [6], aimed at enhancing the
knowledge and assisting the condition-based structural maintenance of the historic building,
includes more than 120 sensors belonging to different classes (i.e., a network of 12
extensometers, 15 bi-axial tilt-meters, 36 seismometers, 30 temperature sensors, 12
hygrometers and 1 weather station) and is fully computer based and characterized by
distributed architecture.
Selected results are presented from the first year of the static measurements. Based on
those results, the following main conclusions can be drawn:
The (outdoor and indoor) temperature turned out to be a dominant driver of the
variations observed in the quasi-static measurements (strain of the tie-rods and tilt of
the columns). The relative humidity seems to slightly affects only the strain variation
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in the tie-rods;
The temporal evolution of measured strains and the strain-temperature correlations
highlight a fairly regular behavior of the instrumented tie-rods;
The dynamic multiple linear regression turns out to be an effective tool to remove the
environmental effects from measured data and to derive damage sensitive features.
As a final remark, the simultaneous availability of several quasi-static measurements and
of the automatically identified modal parameters (resonant frequencies, mode shapes and
modal damping ratios) should conceivably provide a data fusion framework for an enhanced
SHM program.
-
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Abstract. This paper describes the design, test and validation processes of a dynamic
identification algorithm aimed at the time-dependent assessment of modern structures
and heritage buildings for civil and seismic engineering purposes. Full validation of the
algorithm is performed through analysis of numerically simulated data from an idealized
masonry tower. Making use of output-only vibration measurements, the non-parametric
algorithm can generate dynamic features results as time-dependent functions for the complete
observation period. The algorithm can work in the presence of different dynamic loads
and non-linear structural behaviours, close spectral frequency components and noisecontaminated data. Time-dependent structural dynamic parameters that can be computed
are modal frequencies, modal displacements, modal curvatures, and higher derivatives of
mode shapes. The proposed algorithm aims to be used as the core estimator of timedependent identification methods devoted to the health monitoring of structures and
infrastructures, being suitable for a multitude of tasks ranging from the simple operational
modal analysis (in pre and post-event condition) to the complex online assessment of the
structural response during seismic events for rapid damage identification.
1

INTRODUCTION

In order to appropriately plan maintenance and conservation actions in existing structures
and heritage buildings, the execution of field dynamic testing under operational conditions
supported by periodic Structural Health Monitoring (SHM) campaigns has become imperative
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[1,2,3]. Traditional dynamic identification methods used in Operational Modal Analysis
(OMA) can accurately estimate parameters like modal frequencies, damping ratios and mode
shapes [4,5,6], but some methods present problems related to the difficulties in identifying
close-spaced modes or uncertainties when working with noise-contaminated measurements
[7,8,9]. On the other hand, most methods based on output-only data work with parametric
eigenvalue decompositions of a weighted data matrix, like the Singular Value Decomposition
(SVD) of the Power Spectral Density matrix (PSD) – as far as the Frequency Domain
Decomposition (FDD) methods are concerned [10,11,12] – or the SVD of Hankel matrixes in
case of Stochastic System Identification methods (SSI) [13,14,15]. Thus, they are restricted to
the linear-elastic range (no-damage, no-yielding) and are not suitable to identify dynamic
features in the presence of nonlinearities. Moreover, these methods cannot generate results as
time-dependent functions since they are limited to the comparative assessment between
different structural conditions (usually before and after a particular event), thereby being unable
to provide any information about the actual temporal evolution of dynamic parameters like
natural frequencies and mode shapes during the damage progress. To effectively upgrade stateof-the-art dynamic identification techniques for SHM intents, performing dynamic
identification in the presence of nonlinearities and tracking relevant time-dependent modal
parameters are essential tasks to accomplish [16,17,18,19]. The development, testing and
preliminary validation of a non-parametric algorithm suitable for this purpose are hereby
presented. The proposed algorithm is capable of processing linear (no damage) and nonlinear
(with damage) data and can properly conduct dynamic identification either with forced
accelerations measured during seismic events or with random data coming from ambient
vibration tests. Results are generated as time-dependent functions, allowing to follow the
evolution of dynamic parameters before, during and after the occurrence of damage. The
algorithm aims to be used as the core estimator of vibration-based structural health monitoring
tools in tasks ranging from the simple OMA for pre- and post-event analysis to the complex
online assessment of the structural response during seismic events for rapid damage
identification of ordinary as well as strategic structures and infrastructures, including heritage
buildings.
2 BRIEF THEORETICAL FRAMEWORK
2.1 Wavelet Transform
Mathematically, the Wavelet Transform (WT) or wavelet Time-Frequency Analysis (TFA)
is an integral transform that represents a signal x(t) in terms of a series of coefficients related to
convolutions of the signal data with dilated and translated versions of a compactly supported
wavelet function 𝜓𝜓(∙) [20]. The Continuous Wavelet Transform (CWT) is one of the most
widely high-resolution TFA, and it has been extensively exploited for a variety of purposes
[21]–[24]. The CWT of a signal x(t) is mathematically defined as:
𝐶𝐶𝐶𝐶𝐶𝐶{𝑥𝑥(𝑡𝑡)} = |𝑎𝑎|

���
�

�
𝑡𝑡 − 𝑏𝑏
� 𝑥𝑥(𝑡𝑡) 𝜓𝜓 �
� 𝑑𝑑𝑑𝑑
𝑎𝑎
��

(1)

where a indicates the dilatation factor, b the translation factor , and ψ(∙) is the wavelet function.
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In the discrete version of the WT, namely the Discrete Wavelet Transform (DWT), the
wavelet function and the dilatation and translation factors are discretized in order to compute
the wavelet coefficients only on specific time instants and at specific frequency scales. A
discrete wavelet 𝜓𝜓�,� (𝑠𝑠) is defined as:
𝜓𝜓�,� (𝑠𝑠) = 𝑎𝑎� �/� 𝜓𝜓�( 𝑎𝑎� �� 𝑠𝑠 − 𝑛𝑛𝑏𝑏� )

(2)

𝑥𝑥[𝑛𝑛] = �〈𝑥𝑥, 𝜓𝜓�,� 〉 𝜓𝜓��,�

(3)

in which �𝑠𝑠: 𝜓𝜓�,� (𝑠𝑠) ≠ 0� is the set that supports the wavelet function, whereas 𝑎𝑎 = 𝑎𝑎��
{∀ 𝑎𝑎 ∈ ℝ� ∶ 𝑎𝑎 ≠ 0} is the discrete dilatation coefficient, and 𝑏𝑏 = 𝑛𝑛𝑛𝑛� 𝑎𝑎�� {∀ 𝑏𝑏 ∈ ℝ} is the
discrete translation coefficient. If required, the original sequence 𝑥𝑥[𝑛𝑛] can be fully
reconstructed through the following equations:
�,�

𝜓𝜓��,� (𝑠𝑠) = 𝑎𝑎� ��⁄� 𝜓𝜓 ∗ (𝑎𝑎� �� 𝑠𝑠 − 𝑛𝑛)

(4)

2.2 Discrete Wavelet Transform Decompositions

Equations (3) and (4) shed light on the idea that DWT represents the discrete signal 𝑥𝑥[𝑛𝑛]
through sets of coefficients computed through convolutions of 𝑥𝑥[𝑛𝑛] with a set of properly
selected filters. According to the previous, on a discrete wavelet decomposition algorithm a
new subsequence of data is produced by the convolution of signal 𝑥𝑥[𝑛𝑛] with a linear low-pass
filter 𝑔𝑔� [𝑛𝑛] as the scale function and a linear high-pass filter ℎ� [𝑛𝑛] as the wavelet function,
where 𝑚𝑚 is the number of the decomposition levels. After convoluting the signal 𝑥𝑥[𝑛𝑛] with the
corresponding pair of filters, two subsequences of coefficients are obtained from every
convolution: the Approximation Coefficients sequence 𝐴𝐴�,� , generated from the convolution
with low-pass filter 𝑔𝑔�,� [𝑛𝑛], and the Details coefficients sequence 𝐷𝐷�,� , generated from the
convolution with the high-pass filter ℎ�,� [𝑛𝑛]. For every new level of decomposition, the high
half of the frequency spectrum is discarded, so according to Nyquist-Shannon criteria [25,26]
the original number of samples will be redundant. Due to this, a decimation of 𝐴𝐴�,� and 𝐷𝐷�,� is
performed in each level of decomposition, so every subsequence will have half the samples of
his immediate superior parent sequence. The convolution of the filters impulse responses with
the signal will apply repeatedly until reaching maximum level, decomposing the signal in the
form of a cascade serial processing algorithm, where every new 𝐷𝐷�,� [𝑛𝑛] sequence obtained is
decomposed into a pair of new 𝐴𝐴�,��� [𝑛𝑛] and 𝐷𝐷�,��� [𝑛𝑛] subsequences. If an orthogonal mother
wavelet function is selected, all the generated sub-sequences will be also orthogonal, thus, they
will keep the energy distribution according to the original data.
2.3 Maximum Overlap Discrete Wavelet Packet Transform
In the Maximum Overlap Discrete Wavelet Packet Transform (MODWPT) [27], there is no
decimation applied to the original data nor any 𝑊𝑊�,� subsequence, thus all 𝑊𝑊�,� sub-sequences
will maintain the same number of samples than the original stream of data and there will be no
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loss of resolution on low frequencies. The original spectrum is sliced into 2� discrete frequency
bands, each one corresponding to a family of packets of mother wavelets and scale functions.
2.4 Instantaneous frequency through Hilbert transform

The Hilbert Transform (HT) is defined as the convolution of 𝑥𝑥(𝑡𝑡) with the function 𝑔𝑔(𝑡𝑡) =
1⁄𝜋𝜋𝜋𝜋 and it is essential for constructing analytic signals. The Analytic Signal (AS) is the
representation of any signal or data stream as a complex pair where the imaginary part is the
Hilbert transform of the real-valued signal x(t). By the modulus operation, the Instantaneous
Amplitude is calculated, and by the time derivative of the analytic signal´s complex angle, the
Instantaneous Frequency is obtained. The Hilbert spectrum is a graphical representation of the
instantaneous frequency, the instantaneous amplitude and the time evolution of the signal,
usually, in the form of a spectrograph of instantaneous frequency vs time with the instantaneous
amplitude in the colour scale. The Hilbert transform of a discrete Gaussian white noise will
produce as many different instantaneous frequency values as the number of samples of the
signal. Due to the previous, broadband signals are not good candidates for Hilbert spectrum
analysis and it is better to decompose or band filter the raw data before any further analysis or
process with HT.
3 METHODS AND MATERIALS
3.1 Algorithm description
The Enhanced Modal Identification for Long-Term Integrity Assessment algorithm
(EMILIA) proposed in this work was designed in two main stages. The first stage relies on the
MODWPT decomposition to compute Single Degree of Freedom (SDOF) or pseudo-SDOF sub
sequences from raw Multi Degrees of Freedom (MDOF) structural ambient vibration
measurements. MODWPT was selected due to the capabilities of the transform to deal with
highly noise-contaminated data and to properly work in the low-frequency range without losing
resolution. Mode shapes are computed from direct integration of the SDOF accelerations
computed by the wavelet decomposition (this step is not necessary if displacement
measurements are analysed). In the second stage, the Hilbert Transform is applied to each
pseudo-SDOF to compute the analytical signals and subsequently obtain the instantaneous
frequency and instantaneous amplitude functions. As the instantaneous frequency is computed
through the time derivative of the oscillatory phase, it follows that the instantaneous frequency
is a time-dependent parameter. Ambient structural vibration measurements have deterministic
data well-hidden between stochastic data. Due to this, the initial Wavelet decomposition is of
critical importance to analyse ambient vibrations with Hilbert transform. The capability of this
integral transform to compute a frequency value for each sample of the analysed signal is used
as an intent to reduce the influence of uncertainties. A deep analysis of these aspects can be
found in [28]. Final computations involve statistical analyses. Probability Density Functions
(PDFs) with a Kernel distribution are computed for each instantaneous frequency function to
identify the values with higher probabilities and their corresponding damping factors. PDF
resorts to a supposed probability data distribution to fit the data, where the most commonly
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used is the parametric Gaussian normal distribution. Such a distribution can be found in most
measured data with a universe bigger than thirty samples, nevertheless, the previous does not
apply to the frequency data distribution of an undamped structural mode featuring a resonant
peak that goes over the maximum value given by a normal distribution, thus the frequency peak
bandwidth is also narrower. This could lead to overestimations on damping factor values for
each modal component. To overcome this issue, Kernel distribution was chosen due to the wellfitting capabilities of assessing data which is highly contaminated with aleatory variables.
Further information about Kernel distribution can be found in [29]. The schematics for the
complete algorithm are presented in Figure 1.

Figure 1: Proposed algorithm schematic.
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3.2 FEM-based validation
A Finite Element Model (FEM) of an idealized masonry tower was developed in Diana
FEA® software in order to numerically validate the proposed algorithm. The model was built
resorting exclusively to volumetric elements. Concerning the morphological aspects, the tower
features a square plan of 6 m side, with double-leaf masonry walls of 0.6 m thickness, two
timber floors 10 m and 20 m high, respectively, and a total height of 28 m. Floor slabs are
directly connected to the timber beams inserted in the masonry wall thickness. The material
properties adopted for the numerical model are reported in . It is noted that a linear behaviour
was assumed for all timber elements, whereas nonlinear properties were assigned to the
masonry material. Particularly, the latter were set based on values retrieved from the literature
[30].
Table 1: Material properties adopted for the numerical model.

Linear Properties
Young´s modulus
Poisson's ratio
Mass density

Timber Properties

Masonry Properties

Linear Properties
Young´s modulus
Poisson's ratio
Mass density
Tensile behaviour
Tensile curve
Tensile strength
Mode-I tensile fracture energy
Crack bandwidth specification
Residual tensile strength
Poisson's ratio reduction
Compressive behaviour
Compression curve
Compressive strength
Compressive fracture energy

10000 [N/mm2]
0.35
428.28 [kg/m3]

2200 [N/mm2]
0.2
1400 [kg/m3]
Exponential
0.18 [N/mm2]
10 [N/m]
Rots
0.12 [N/m2]
Damage based
Parabolic
3.7 [N/mm2]
5900 [N/m]

Interaction between tower foundations and soil was modelled as a boundary interface
connection with Coulomb friction with cohesion of 100 kN/m, that was used between the model
base elements and the ground fixed supports. The FE model counted a total of 8467
quadratic/hexagonal elements with quadratic mesh order and linear mid-side point
interpolation. Elements maximum side length was 0.5 m. A Total-Lagrange geometrical
formulation and crack-model based on total strain were used. For an initial understanding of
the tower’s dynamic behaviour, a free vibration eigenvalue analysis was conducted first. This
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allowed to properly define the acquisition parameters necessary for the subsequent TimeHistory Non-Linear analyses (THNL) as well as the number and position of measurement points
to guarantee a sufficient spatial density of the system’s vibration response under simulated
ambient noise and real seismic inputs. THNL analyses were performed using the HilbertHughes-Taylor (HHT) transient time integration with α = -0,1 through the Secant iteration
method, setting Δt = 0.01 s (see also section 4.1). Requested data outputs were the accelerations
in X, Y and Z directions. The first THNL analysis was conducted by randomly applying
Gaussian white noise excitations to different points of the structure. The second THNL analysis
was performed using the same white noise excitations from first analysis in combination with
a real earthquake signal applied as base excitation in all three directions. The ground motion
selected for this purpose was the Loma Prieta earthquake of magnitude Mw = 7.0 that occurred
on October 18th, 1989 and was recorded at the CGS-CSMIP Station 47381, located on a sewer
farm around 31.1 km far from the epicentre. Data were sampled at 0.01 s for a total duration of
39.9 seconds, resulting into 3991 data points. The earthquake featured a PGA equal to 0.5 g and
a maximum displacement of 0.1 m (Y-axis). From each corner of the tower 15 nodes equally
spaced in height each 2 m were selected along the four edges of the tower to acquire its nodal
response in terms of accelerations. All nodal processes collected in X and Y directions were
then loaded into the core algorithm coded in MATLAB® as well as into ARTeMIS® software
for output-only modal analysis with traditional estimators.
4

DISCUSSION OF THE RESULTS

4.1 Eigenvalue Analysis
A structural free vibration eigenvalue analysis was initially performed to estimate the modal
frequencies of the masonry tower in sound condition and to properly identify the modes with
the highest effective mass participation per axis as well as the nodes with the largest
displacement per mode. The modal periods, frequencies and deformed shapes of the first six
vibration modes of the tower are presented in Figure 2 along with the relevant mass
participation. From the results, it was concluded that the dynamic response of the tower could
be adequately described by the first six vibration modes since the accumulated participating
mass in the frequency range 1-12 Hz was about 85% in all three directions (Figure 2). Thus, T
= 0.09 s and f = 11.14 Hz were considered as the lowest period and as the highest frequency of
interest for the structure, respectively. Though, as the sixth mode mainly presented vertical
displacements along the Z direction, only the first five modes were considered for dynamic
benchmarking between the traditional estimators and the proposed algorithm. Based on the
highest period of interest estimated from the eigenvalue analysis, a time step of 0.01 seconds
was considered enough to ensure a good resolution for the subsequent THNL analyses. As
expected, due to the symmetry of the FE model, the first two vibration modes of the tower are
very close-spaced, reading frequency values of 1.79 Hz and 1.82 Hz, respectively. Both modes
present essentially translation components, the first one along the x direction and the second
one along the y direction, and features more than 60% of effective mass participation each.
Thus, they were chosen as representative modes for conducting a point-wise assessment of the
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frequency temporal evolution through time-dependent functions computed via the proposed
algorithm, using as input data the numerical accelerations of the nodes featuring the highest
displacements for the modes of interest.

Figure 2: Vibration modes of the tower estimated through the eigenvalue analysis.

4.2 Time-history analysis with simulated ambient excitations
Six output-only identification methods available in the commercial software ARTeMIS® were
selected as traditional estimators for the feature extraction process, three based on the FDD
algorithm and three on the SSI algorithm. In parallel, EMILIA algorithm was run as a Matlab@
application. Seventy-one modes with a modal frequency value below the Nyquist frequency
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were found through the FE eigenvalue analysis, thus a six-level MODWPT decomposition was
selected for applying the EMILIA algorithm in order to obtain 64 sub-sequences. The results
obtained from the different estimators are summarized in Table 2 in terms of modal frequencies
of the first ten vibration modes of the tower. By comparing these results against those computed
through the eigenvalue analysis, it is observed that SSI-UPC, SSI-UPCX and EMILIA
algorithms provide the best results. In particular, EMILIA was capable of identifying most of
the searched modes with high accuracy, especially as far as the higher modes are concerned,
which results to be a clear advantage for structural health assessment considering that damage
is a localized phenomenon that mainly affects high-frequency modes. It is also important to
highlight that the frequency values extracted from the EMILIA algorithm are just a statistical
approximation, since the main characteristic of the algorithm lies in its capability of computing
the dynamic parameters as time-dependent functions.
Table 2: Results for the modal frequency of the first ten modes computed by all estimators.

Nº

T[s]

1
2
3
4
5
6
7
8
9
10

0.56
0.55
0.18
0.13
0.12
0.09
0.071
0.069
0.066
0.063

Frequency [Hz]
Eigen

FDD

EFDD

CFDD

1.79
1.82
5.61
7.43
8.04
11.11
13.97
14.45
15.08
15.70

--2.30
----8.30
----14.20
-----

--2.26
----8.30
----14.22
-----

--2.25
----8.30
----14.22
-----

UPC

1.78
1.83
5.51
7.25
7.84
10.68
--14.41
--15.30

SSI
PC

1.77
1.83
5.52
7.25
7.84
----14.40
--15.32

UPCX

1.78
1.82
5.51
7.25
7.84
10.68
--14.41
--15.30

EMILIA

1.81
1.83
5.73
7.48
8.03
11.09
13.50
14.55
14.80
---

Type
Trans.
Trans.
Tors.
Trans.
Trans.
Norm.
Tors.
Tors.
Trans.
Trans.

4.3 Time-history analysis with simulated ambient and real earthquake excitations
(left) shows the Hilbert spectra of the first and second modes of the masonry tower plotted
as time-dependent functions, allowing to track the evolution of the instantaneous frequency
through a 21 minutes THNL analysis, comprising ten minutes of initial ambient excitations
randomly applied to different points of the tower, one minute of earthquake excitation applied
to the base of the model, and finally ten minutes of additional ambient excitations. Since the
analysed data presents non-linearities and high transients, a Daubechies 2 wavelet was selected
for conducting the MODWPT decomposition in other to properly identify the abrupt changes
in the simulated accelerations. The spectrum corresponding to the first mode (, top-left) clearly
shows how the content of the time-dependent frequency function suddenly drops down after
600 seconds (blue continuous line) with the beginning of the earthquake excitation. Further
analysis, according to the slope of the first-order polynomial data fits (white-striped lines), also
showed a subtle drop down of the global frequency, allowing to infer the occurrence of
structural damage in the tower.
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Figure 3: Hilbert spectrum of first (top-left) and second (bottom-left) modes from the idealized masonry tower
excited with the 1989 “Loma Prieta” earthquake (all values normalized). White-striped lines show a first-order
polynomial fit, continuous blue, red, and white lines show 60s, 120s and 280s moving averages respectively. On
the right, a 3D overlapped plot of several mode shapes computed with the EMILIA algorithm.

A three-dimensional overlapped plot of several mode shapes computed at different timesteps during the seismic event is also presented in Figure 3, where the black shapes show the
modal displacements and the red shapes the modal curvatures (other higher derivatives of mode
shapes can also be assessed as time-dependant functions). The visual comparison of these
coordinate-dependent parameters at different temporal instants highlights clear changes in
terms of modal curvatures in the lower half of the tower. Such changes are due to the structural
damage induced in the tower by the earthquake and provide indications not only about its
approximate location of the damage, but also about the time of occurrence of the damage.
5

CONCLUSIONS
The results obtained from the current research allow to draw the following conclusions:
Wavelet data analysis and Hilbert TFA analysis are rock-solid tools for assessing,
decomposing and processing non-linear structural data;
Wavelet discrete decompositions can appropriately separate MIMO vibration
measurements into time-dependent orthogonal functions;
Hilbert transform instantaneous frequency data can be used to assess temporal changes
on structural modal frequencies;
Displacement mode shape time-dependent functions, and their higher derivatives, are
useful tools for the assessment of the structural modal response evolution for health
monitoring and damage identification purposes.
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Abstract. The current study aims to assist the preservation of the structural integrity
of historical complex sites, utilizing smart instrumental monitoring / remote sensing. The
main idea is that smart instrumental monitoring can provide important real-time
information (records) of both the actual natural hazard(s) and the corresponding
vulnerability, in terms of structural response and distress of structures and monuments of
historically complex sites. The study focuses on the Acropolis Circuit Wall, where strain
recordings via Smart Rod optical fibre sensors have been made possible. More
specifically, wavelength recordings have been obtained and then converted into strain
recordings, while the temperature influence has been taken into consideration.
Furthermore, reference measurements have been defined during the initial system operation
and then they are used for deduction of subsequent recordings. Strains recorded 2 and
1/2years after the initial system installation are shown, after the deduction of the reference
measurements. Finally, strain variation between sensors located at the inner and outer side
of the same optical fibre Smart Rod are shown.
1

INTRODUCTION

Constructions of high and of national importance are often threatened by a variety of natural
hazards, which may lead to damages and / or extended failures, resulting in some cases
to injuries, fatalities, or even natural disasters. These constructions can be referred also as
critical structures and have high socio-economic interest. Given their significance, it is
essential to identify, manage and mitigate their structural risk, which is directly related,
not only to the natural hazards, but also to the structural vulnerability. Regarding the natural
hazards, they can be classified into two board categories: geological and climatological /
meteorological (Figure 1). Furthermore, certain geographical regions are characterized by
moderate or high seismicity which leads to various earthquake-related geohazards, such as
earthquake-triggered landslides, fault rapture and soil liquefaction phenomena. On the
other hand, structural vulnerability depends on the design, construction and operational
conditions, while the age of the
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construction plays also an important role. Structural risk assessment requires the quantification
of the loading conditions (including the hazards), and the realistic assessment of structural
vulnerability in terms of structural response. Furthermore, climate change phenomena are
related to the increase of the structural risk [1].

Figure 1: Critical structures and infrastructures

Historical complex sites fall into the category of the critical structures, since they usually
include sensitive engineering structures and monuments, such as temples, buildings and
masonry retaining walls, exposed to a range of natural hazards, eventually leading to structural
failures [2], [3]. They comprise fundamental elements of the national and international cultural
heritage, with limitless lifetime, featuring an elevated risk level, since a serious damage and
especially a total failure of a structure and/or monument is practically irreversible. In addition,
historical complex sites attract high numbers of visitors / tourists, and a potential structural
failure due to insufficient risk management could have a direct impact on their safety, while
potential intervention options are rather limited. Due to these reasons, the cost-efficient
assessment and management of their structural risk forms a demanding task in comparison to a
similar analysis applied to modern structures.
For the evaluation of the structural risk, quantitative hazard assessment and realistic evaluation
of the structural vulnerability are indispensable. The risk assessment can be performed utilizing
advanced computational simulations, smart instrumental monitoring. The advanced
computational simulations (such as numerical modelling utilizing finite element software) can
predict the expected response and distress of the structure(s) under examination when subjected
to the anticipated natural hazard(s), being thus essential for the vulnerability assessment. On
the other hand, smart instrumental monitoring can provide real-time information (i.e., records)
of both the actual natural hazard(s) and in parallel the corresponding vulnerability, in terms of
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structural response and distress, leading to a dynamic (i.e., time-dependent) structural risk
assessment.
In the current study the historical complex site of the Athenian Acropolis is examined in the
above framework. In Figure 2 the Acropolis Hill, the Parthenon, and the masonry Circuit Wall
are shown.

Figure 2. The historical complex site of the Athenian Acropolis, including the Parthenon and the masonry
Circuit Wall

2 METHODS REVIEW AND APPLICATION AT THE ACROPOLIS OF ATHENS
Smart structural monitoring/ remote sensing is a rapidly growing scientific area, traditionally
applied to critical structures and infrastructures of national and economic importance
comprising a high failure risk, aiming to their “smart” transformation [4], [5]. Apart from
remote hazard assessment (i.e. assessment of the loading conditions), monitoring instruments
can provide useful real-time information on specific location(s), necessary for the early
detection of probable damage or failure during their lifetime, contributing thus to optimal risk
management and overall safety. Furthermore, in an environment where various networks of
sensors have been deployed, the need for intelligent management and processing of the recorded
and transmitted data has emerged. Integral part of the data processing is the combination (i.e.,
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data fusion between heterogeneous networks), [6] and the support of additional meta-data in
order to efficiently handle the available measurements [7].
Regarding the computational modelling, numerical methods such as the finite-element method
[8] can be applied to provide useful information regarding structural response and distress of
any structure or monument. Usually, a computational simulation requires the geometrical and
mechanical properties of the structure(s) and the anticipated static and dynamic loading, either
external or internal. In order to achieve a more realistic simulation of the response / distress of
a structure or a monument, the local site conditions (i.e., soil, geomorphology, and topography)
and the corresponding potential soil-structure interaction should be taken into consideration.
Over the last twenty-five (25) centuries, numerous structural damages have been observed at
the historical complex site of the Athenian Acropolis, which are attributed to various natural
hazards (either geological or meteorological) and to the human interference (such as war
invasions, air pollution, etc.), increasing in parallel the risk of local or extensive structural
failures in the future. Given the potential natural hazards of Athens (mainly seismicity and
meteorological conditions) and the great vulnerability of the structures / monuments on the site,
the structural risk is considered to be very high [9], [10]. Furthermore, apart from the structural
risk, the significance of the monuments and the safety of the visitors / tourists and employees
make the assessment and management of the overall risk of the Acropolis of Athens issues of
paramount importance.
In this framework, an optical-fibre-sensor array has been installed on the Circuit Wall of the
Acropolis Hill, consisting of eight (8) active strain sensors, two (2) temperature sensors and one
(1) acceleration sensor, continuously transmitting real-time data since June 2016 to date [11],
[12]. In addition, finite-element modelling of the Circuit Wall has provided useful information
concerning its structural response due to various types of loading [13]. Furthermore, ground
response analyses have been performed in order to investigate the impact of local site conditions
(i.e., topography) on the seismic motion at the ground surface of the Acropolis Hill, as well as
to verify the available records and comprehend the amplification. The seismic motions applied
during the numerical analyses have been recorded by 10 high-quality broadband accelerographs
installed at various locations at the Acropolis Hill, recording in continuous mode [14].
In Figure 3 part of the structural monitoring scheme of the Acropolis of Athens with optical
fibre sensors [15, 16] can be seen and in Figure 4, part of the 2D numerical modelling of the
Acropolis Circuit Wall and part of the 2D numerical modelling for the evaluation of the seismic
response of Acropolis Hill.
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Figure 3. The South-East view of the Acropolis Hill, typical equipment of the optical-fibre array, the installation
procedure on the Circuit Wall and indicative recordings after processing.

(a)
(b)
Figure 4. (a) Cross section sketch of the south Wall, and 2D numerical model, and (b) 2D numerical model for
the evaluation of the seismic response of Acropolis Hill and geological cross section.
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3 STRAIN VARIATION AT THE ACROPOLIS CIRCUIT WALL
In this section recordings of the strain variation at the Acropolis Circuit Wall, with the use of
optical fibre sensors are presented and discussed. As mentioned in the previous section, the
optical fibre array consists of: (a) eight active strain sensors fixed every two, one on the inner
side and one on the outer side of four Smart Rods, (noted as IN and OUT, respectively), and
(b) two temperature sensors, fixed on one Smart Rod. The Smart Rods are attached on the
Circuit Wall, transmitting time-stamped data since June 2016 to date. The influence of the
temperature on the recordings is considered via thermal compensation. The wavelength changes
were transformed into strains with the use of Equation 1.
Δε=(Δλ-Κτ*Δτ)/Κε

(1)

where Δε is the strain change, Δλ the wavelength change, Κε is a ratio expressing the strainwavelength relation and is equal to 1.2 picometer (pm)/μstrain for the type of sensors that was
used in the current study, Κτ. Δτ incorporates the wavelength changes due to the temperature
variations. Kτ is equal to 11.2 pm/C0 for the sensors used in the current study, and Δτ is the
temperature variation, measured during the tests (starting value and actual-final value).
In Figure 5a, the 9-day period of initial strain recordings on the Circuit Wall, via sensor 1_IN,
are shown, and in Figure 5b, the average of these recordings. In Figure 6a, the 9-day period of
initial strain recordings on the Circuit Wall, via sensor 2_IN are shown, and in Figure 6b the
average of these recordings. The average of the recordings obtained during the first 9 days of
the monitoring system operation (2nd of June 2016), are considered as reference measurement
and is deducted from subsequent recordings.

(a)
(b)
Figure 5. (a) Strain recordings via sensor 1_IN during a 9-day period, (b) average (reference) strain recordings
via sensor 1_IN.
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(a)
(b)
Figure 6. (a) Strain recordings via sensor 2_IN during a 9-day period, (b) average (reference) strain recordings
via sensor 2_IN.

In Figures 7a and 7b, recordings during January 2018 for sensors 1_IN and 2_ΙΝ respectively,
in comparison to the reference measurements of 2016 are shown. Furthermore, in Figures 8a
and 8b, recordings before and after the deduction of the reference measurements are noted, for
sensors 1_IN and 2_IN respectively.

(a)
(b)
Figure 7. Recordings during January 2018 via sensors 1_IN (a) and 2_ΙΝ (b), in comparison to the reference
measurements of 2016.

(a)
(b)
Figure 8. Recordings before and after the deduction of the reference measurements, via sensors 1_IN (a) and
2_IN (b).
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Finally, in Figures 9a, b, c and d, the strain variation between sensors located at the inner and
outer side of the same Smart Rods, i.e. 1_IN and 1_OUT, 2_IN and 2_OUT, 3_IN and 3_OUT,
4_IN and 4_OUT, respectively are shown.

Figure 9. (a) Strain recordings via sensor 2_IN during a 9-day period, (b) average (reference) strain recordings
via sensor 2_IN.

4 CONCLUSIONS
In the current study, the strain variation at the Acropolis Circuit Wall was investigated, with the
use of a real-time structural monitoring scheme of Smart Rod optical fibre sensors. The
wavelength measurements obtained by the optical fibre sensors where converted into strain
measurements, while the temperature influence was taken into consideration via thermal
compensation. At first, the period of strain recordings during the initial system operation in
June 2016 was examined and the reference measurements were defined, as the average of the
first days of the system operation recordings. Results of two of the eight sensors recording strain
have been presented (i.e. sensors 1_IN and 2_IN). The reference measurements were used for
the deduction of future strain recordings, always including thermal compensation.
In the above framework, recordings during January 2018 were compared to the reference
measurements of June 2016, for sensors 1_IN and 2_IN, showing increased strains at the Circuit
Wall, as expected. Furthermore, the initial strain recordings during January 2018 were
compared to strains at the same locations on the Circuit Wall, after the deduction of the
reference measurements, which were smaller as expected, and especially for sensor 2_IN.
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Finally, strain variation between sensors located at the inner and outer side of the same optical
fibre Smart Rod was presented, showing that for Smart Rods 1, 3 and 4, higher strains were
recorded by the sensors located at the inner side (i.e. closer to the Wall), and especially for
Smart Rod 4, while for Smart Rod 2, higher strains were recorded by the sensor located at the
outer side of the Smart Rod.
The current study and the conclusions can be used for future investigation and interpretation of
the strain recordings at the Acropolis Circuit Wall. In addition, the method utilized, and the
results can be potentially used for the structural monitoring of other critical structures of high
importance, in order to define their structural response due to various types of loading. Finally,
the current study aims to assist the transformation of historical complex sites / cultural heritage
sites into “smart” which is expected to have a multiplier effect on the applied scientific
knowledge enhancing the diffusion of new technologies and methods.
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Abstract. The Bibi-Khanum Mosque was originally built in 1399-1405 and was one of the
largest and most magnificent mosques in the Islamic world during the 15th century. In
recent years, the monument underwent several complex reconstructions. Among many other
major restoration activities, the inner arch of the portal that collapsed in the 1897
earthquake was restored. The monument has been restored to be one of the best shapes in its
history, thus it has become essential to conduct continuous structural health monitoring
(SHM) of it to ensure its preservation for humanity. The SHM became the main objective
of an ongoing extensive project, some results of which are presented herein. The structural
health monitoring consisted of three major phases. The first phase includes a real-time
monitoring of the monument by seismometers, which are permanently installed throughout
the monument. They are used to monitor the effects of large and small earthquakes and
ambient vibrations on the resonant frequencies of all major structures of the monument.
By utilizing a system identification approach, the possibility of a structural anomaly
development can be detected from the change in its resonance frequency. The second phase
consists of subsequent laser scanning that is deployed to monitor anomalies of the
monument’s geometry in 3D. The monument’s geometry is captured as a collection of points,
which is called a “point cloud”. Laser scanning is planned to be conducted several times a
year to capture global movements of the monument due to changes in the elevation of the
underground water table in rainy and dry seasons. The third phase focuses on a
development of a finite-element (FE) model based on the as-found geometry of the point
clouds. It is calibrated based on the collected data to ensure acceptable correlations with the
results of the measurements. The FE model is generated for use in future restoration efforts
to evaluate the performance and efficiency (if any) of the proposed restoration measures.
Based on the results of numerical simulations and structural health monitoring,
preventive measures will be developed. In addition, recommendations for further
preservation of the historic monument will be developed. This paper describes the
preliminary results of the first phase and current results of the second phase of this
multiphase project.
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1

INTRODUCTION

The Bibi-Khanum Mosque was originally built in 1399-1405 and was one of the largest and
most magnificent mosques in the Islamic world during the 15th century. The heritage structure
was studied by Ratiia in the 1940s. Based on these studies, Rattia developed the first restoration
plan drawings in his book published in 1950 [1]. One of these drawings is reproduced in Figure
1. As shown in the plan drawing, the Bibi-Khanum Mosque was built as a courtyard ensemble
with three domed masonry structures (mosques) along the walls. The main mosque is located
on the west side, and two smaller mosques are located along the north and the south walls. The
Bibi-Khanum Mosque was also studied in [2].

Figure 1: Plan view of Bibi-Khanum Mosque (after [1])

One of the most recent studies on its history and architecture is published in [3]. In recent
years, the monument underwent several complex reconstructions and some of them are
mentioned in [4]. Among many other major restoration activities, the inner arch of the portal
that collapsed in the 1897 earthquake was restored. The view of the monument at the beginning
of the twentieth century is presented in Figure 2a.

a)

Photo dated by 1905-1915
b) Aerial view (Google maps)
Figure 2: The Bibi-Khanum Mosque
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The photograph presented in Figure 2a was taken between 1905 and 1915 by color
photography pioneer Sergei Mikhailovich Prokudin-Gorskii. It shows the mosque's appearance
after its collapse in the 1897 earthquake. Figure 2b shows its aerial view taken from Google
maps.
2 LASER SCANNING
The Bibi-Khanum Mosque was scanned in July 2019. Observations indicated that the
mosque had undergone a recent reinforcement and some of the work was ongoing. To capture
the current geometry of the monument, a terrestrial scanner was deployed. A laser scanner from
Leica Geosystems, Scan Station C10 [5], was utilized for the project.
The scanning was conducted from seven stations to capture the exterior and interior walls of
the monument. No reference targets were used in the laser scanning process. To stitch the point
clouds collected from each station, a point cloud to point cloud matching was utilized. A
complete registration of the point clouds collected from these seven stations is presented in
Figure 3a and the registration was conducted in Cyclone [6]. Figure 3a also shows the locations
of the stations (yellow triangular icons) on the fully registered point cloud of the monument.
The point cloud was colored based on the photos obtained from the scanner’s built-in camera.
Figure 3b shows a typical point cloud of the mosque with its natural colors. A view from the
ground level is shown here.

a)

TruView with stations
b) Ground view of point cloud: main mosque
Figure 3: Fully registered point cloud combining seven stations

The remaining analysis of the point cloud was conducted in a Matlab environment [7]. For
the convenience of presentation and clarity of discussion, several local coordinate systems were
introduced. It is worth noting that all these coordinate systems can be correlated to a single
global coordinate system (GCS). The latter GCS can be geo-referenced if needed.
2.1 Analysis of main mosque’s entrance (portal)
The portal of the main mosque is presented in Figure 4. A new coordinate system with the
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origin at ground level and coinciding with the middle of the portal’s arch was introduced.

Figure 4: Main mosque’s portal

Figure 5a shows cross sections of the portal’s front surface. The images quantify the
inclination of the surface that can be also related to the wall’s taper. Figure 5a shows vertical
cross sections, whereas Figure 5b presents horizontal cross sections. The largest difference of
inclination on the top of the portal is about 0.25 m between the sections at Y=-14 m and Y=14
m. Most likely this difference in inclination is related to the age of construction and does not
represent any structural concern as it did in the case of the Kuk-Gumboz monument in
Shakhrisyabz (Uzbekistan) [8]. Nevertheless, subsequent laser scanning expeditions are
planned to ensure that this difference in the inclination does not progress.

a) Vertical
b) Horizontal
Figure 5: Cross sections of the frontal surface of the portal
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Figure 6 shows a contour map of the inclinations of the portal. The points are colored based
on the distance from the vertical plane. This color map clearly shows the difference in the
inclinations on the left and right sides of the portal as was mentioned earlier in the example of
the two vertical sections. As shown in the image, the inclination of the portal is gradually
increasing towards the top left side. Since the region of interest is relatively narrow, the minarets
on both sides of the portal are not presented in Figure 6.

Figure 6: Color map of portal’s inclinations (legend’s units are meters)

2.2 Analysis of main mosque
The inner surface of the main mosque is presented in Figure 7. The image on the left shows
a 3D view of the point cloud, whereas the image on the right presents its horizontal sections
with Y=const planes. The local coordinate system is aligned with the highest peak in the dome.
There is a relatively small difference between the Y=5m and Y=-5m sections, and this can be
related to imperfections in the construction. To ensure that the imperfection is not progressing
or creating structural deficiencies, a follow-up laser scan is planned in several months.

a)

3D view

b) Cross sections with vertical plane Y=const.
Figure 7: Inner surface of main mosque
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2.3 Analysis of main mosque’s walls
Analysis of the walls’ point cloud is discussed herein. Due to the size limitations of this
paper, only two walls of the main mosque are discussed below. The inner surface of the east
wall is presented in Figure 8a. It shows a sagging in its top middle portion right under the dome.
Several cracks serve as evidence that the structural integrity of this wall needs to be investigated
and addressed. In the case of the south wall shown in Figure 8b, there is no sagging, this most
likely relates to a concrete retrofit that is incorporated into the wall.

a)

East wall (sagging under dome)
b) South wall (a portion of arch is missing)
Figure 8: Analysis of point clouds (main mosque’s inner walls)

As can be seen from the right image, a large volume of reinforced concrete was introduced
above the arch. The arch is missing a piece at its tip. The reinforced concrete is most likely very
beneficial for holding together the failing parts of the wall; however, it may result in an
introduction of a large weight at higher elevation of the building due to the large difference in
density of concrete and masonry. The latter can result in significant changes in the dynamics of
the whole structure. In the earlier studies [9, 10] an experimental investigation of a typical brick
material was conducted. The test results show that the density of the bricks is about 1,600 kg/m3.
The latter test results are consistent with the results obtained for the bricks recovered from
heritage buildings in Europe [11]. Hence, the bricks are about 1.5 lighter than the reinforced
concrete, the density of the latter is typically assumed as 2,400 kg/m3.
The following conclusions can be drawn from the analysis of the walls’ point clouds. There
is a large difference between the east and south walls that will result in a difference in their
structural performance under static loads. In addition, a large mass of reinforcement in the south
wall can result in large differences in structural performance during seismic events.
To assess the performance of the building with such large irregularities, extensive
monitoring is required. The latter is addressed by utilizing seismometers at critical locations
throughout the monument.
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The out-of-plane inclinations of the east wall is presented in Figure 9a. An estimate of the
sagging at the lowest point of the east wall in respect to its highest point (green line) is presented
in Figure 9b. The sagging can be closely approximated by a parabolic line as indicated by a red
dashed line in the top image of Figure 8b. Based on the availability of future funding, the east
wall will be instrumented by position sensors to monitor sagging and crack development.

a)

b) Parabolic approximation of sagging and
maximum sag (top image shows close-up
version of region shown in magenta box of
lower image)
Figure 9: Analysis of east wall’s point cloud

Out-of-plane inclinations (the top leans
toward the portal, which is behind)

3 REAL-TIME MONITORING
To study the structural performance of the monument subjected to ambient and seismic
excitations, an array of tri-axial seismometers is installed. The seismometers are used to
estimate resonant frequencies and damping of the monument, and to monitor their changes due
to structural anomalies, if any. The process of installing seismometers is completed. In addition,
a power supply and reliable internet connections are established.
The seismometer based SHM will register not only ambient vibrations, but also the frequent
local earthquakes in Uzbekistan and Tajikistan. Monitoring the modal parameters (resonant
frequencies and critical damping values) of the monument in real-time is the main objective of
SHM and will also serve for rapid-response actions in case of significant changes of modal
parameters.
3.1 Preliminary instrumentation layout
A layout of the instrumentation is presented in Figure 10. As seen in the image, fifteen triaxial seismometers are installed at strategic locations throughout the monument. The main
entrance portal to the whole ensemble is instrumented by four seismometers. Smaller structures
on the north and south sides of the ensemble are instrumented by three seismometers. The
mosque is instrumented by eight seismometers, from which four seismometers monitor the
vibrations of the mosque’s portal and the other four seismometers are installed on the main
structure of the mosque. The latter set includes one seismometer to monitor the dome’s

3345

Shakhzod M. Takhirov, Ilyas Aripov, and Davron Matrasulov

vibrations. A summary of the accelerations’ locations is presented in Table 1.
It is worth noting that the outer surface of the monument is protected by decorative tiles and
as such, the deformations measured on the outer surface may not reflect inner deformations. In
this case, other measuring techniques need to be implemented. For example, a penetrating
georadar can be utilized.

Figure 10: Preliminary layout of seismometers
Table 1: Summary of seismometer locations

Russian notation
Д1
Д2
Д3
Д4
Д5
Д6
Д7
Д8
Д9
Д10
Д11
Д12
Д13
Д14
Д15

English notation
A01
A02
A03
A04
A05
A06
A07
A08
A09
A10
A11
A12
A13
A14
A15

Part of ensemble
Main Entrance
Main Entrance
Main Entrance
Main Entrance
Small structure (north)
Small structure (north)
Small structure (sourth)
Entrance to mosque
Entrance to mosque
Entrance to mosque
Main structure of mosque
Entrance to mosque
Main structure of mosque
Main structure of mosque
Main structure of mosque
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Location
Top elevation (north)
Top elevation (south)
Mid-elevation (north)
Mid-elevation (sourth)
Top of structure
Dome
Top of portal
Top elevation (south)
Top elevation (north)
Mid-elevation (north)
Dome
Mid-elevation (sourth)
Top elevation (west)
Top elevation (east)
Mid-elevation (east)
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3.2 Finite element modeling and optimization of seismometer layout
The instrumentation layout shown in Figure 10 was considered to be the first step in
determining of the best possible location for the seismometers. In the next step of the study, a
finite element model of the monument will be developed which will reflect all anomalies
captured by the laser scanner. The finite element model will be calibrated by utilizing the
ambient test data collected from the instruments at the locations presented in Figure 10. As a
result, a finite element model closely replicating the actual monument will be developed. The
model will be used in the optimization process to identify the best locations for the
seismometers. Depending on the results of this optimization study, the seismometers will be
rearranged at the newly identified locations. Based on the results of ambient vibration tests from
the new locations, the finite element model will be updated. This part of the project is ongoing.
4

CONCLUSIONS
-

-

-

5

The Bibi-Khanum monument is a historic monument, which was repaired and/or
reinforced several times throughout its long history. The materials and methods used
in these efforts vary widely. As a result, the monument represents a building, of which
its structural performance is difficult to assess by conventional means. To address the
issue, this paper highlights the usage of modern technologies to monitor the monument
and predict its structural performance.
The results of this study show that the current anomalies of the monument can be
captured with high accuracy by a terrestrial laser scanner deployed in the project. These
structural anomalies need to be monitored over time to evaluate their progression, if
any. Future restoration strategies will be based on the comparative analysis of
subsequential laser scanning data.
The next steps regarding instrumentation installation, finite element modeling and
optimization of the seismometers locations are ongoing and will be reported in future
publications.
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Abstract. Structural Health Monitoring is an exciting opportunity to use real time
quantitative data of a structure’s response in analysis and evaluation. However, this
technology has yet to achieve common use in practice and remains linked to research of iconic
buildings. This paper discusses the challenges and opportunities for use of SHM for
widespread projects with damaged buildings and limited budgets. The SHM approach used
was long term low frequency (static) data collection of both environmental inputs and
structural responses. This data was used to develop relationships between loads and
responses that could be effectively used to determine safety of the building and where in the
structure deterioration continues.
1

INTRODUCTION

Structural health monitoring (SHM) provides an option for historic buildings with
multiple limitations. For some historic buildings’ owners must balance maintenance
demands, constrained budgets, remote sites, and limited access to heritage professionals
to avoid demolition. SHM can be used to objectively analyze safety and risk, allowing the
professional to phase construction safely over longer periods of time, in alignment with the
client’s budget. Structural health monitoring provides data that is accessible through
standard cellular service, reducing the need for frequent and costly remote site visits.
Stone Church, an unreinforced masonry structure built in 1826 in rural Eastern Canada, had
significant structural deterioration issues due to a recent incompatible intervention. A full
repair was not immediately possible, and closure for several months would likely have
resulted in the closure of the parish and loss of the building. SHM was selected as the best
option to meet these challenges by demonstrating building performance and safety. The
system selected provided solutions for:
• monitoring damage from past incompatible repairs
• managing potential risk while building remains in use
• monitoring the success of phased construction
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•
•

the distance of heritage professionals from the site
a limited budget

2 BACKGROUND
Structural health monitoring is used extensively in industry for civic infrastructure, such as
bridges and damns.[1] Many of these approaches rely on data analytics and are often
prohibitively expensive to apply to smaller and less well funded historic building.[2] In the
heritage community SHM systems have been applied to some iconic historic structures.[3] The
structures are typically culturally and financially well supported. They also benefit from long
term study and monitoring by experienced heritage professionals. The use of vibrational
analysis-based software for SHM alongside dynamic systems has become increasingly
common, which allow the removal of environmental effects in evaluation to identify
deficiencies occurring over time.[4]
Our approach applies SHM to control risk in lesser known, remote, and financially
constrained sites where initial stability is unclear. By combining information from both
structural and environmental inputs, this approach allows a more intuitive interpretation, and
allows for understanding changes in structural stability due to climate-change induced weather
pattern shifts.
3 METHODOLOGY
The conceptual structural health monitoring approach as applied to these constrained sites,
including Stone Church, was:
• Extensively pre-study the building to understand critical areas for monitoring.
• Design and set-up structural and environmental sensors, with the goal to minimize the
hardware required while obtaining enough information to maintain safety.
• Acquire static data (more than one minute between data points) from the sensors and
transmit to remote professionals
• Use the in-house software MIROVY[5] to analyze data. This software is based on static
and dynamic statistical analysis approaches.[6,7]
• Combine numerical results with knowledge of the building to come to conclusions of
safety and next steps.
The MIROVY software was benchmarked against two historic sites. Portugal’s Oporto
Cathedral and Monastery of Jerónimos had extensive ongoing structural monitoring and
evaluation that provided base data sets for comparison.
4 APPLICATION TO STONE CHURCH
4.1 Structural health monitoring system design
The SHM system was designed in response to structural stability concerns in the Church.
Past incompatible repairs, completed in 2007, were done on the front façade half of the building
(including around the bell tower). An attached hall, which acted as a buttress for the western
side of the building, was removed in 2015.
The condition assessment noted the most urgent areas of concern:
• An archway, previously buttressed by the hall, was splaying.
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• Extensive deterioration of the masonry was found in the areas of the 2007 repairs.
Deterioration included failure of the wall core, delamination of masonry wythes, and cracking
indicative of the wall no longer functioning as a unified structural system.
• Significant new cracking was observed by the owners a few weeks prior to the first site
visit.
The structural health monitoring system was designed to be as minimal as possible while
monitoring the above structural vulnerabilities to allow for safe continued use. Environmental
sensors were chosen to monitor conditions most likely to impact the chosen structural sensors.
Figure 1 and figure 2 show the final placement of structural and environmental sensors for
Stone Church.

Figure 1. Sensor locations looking South and West.
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Legend:
AN
Anemometer (wind meter)
TH
Temperature and humidity sensor
DA
Data acquisition system
IST
Interior surface temperature
EST
Exterior surface temperature
Note: Crack meter 3, not shown, measured the
splaying of an arch at the rear of the church.
Figure 2. Sensor positions looking North.

4.2 Short-term results
Initial data was analyzed with direct results analysis, plotting sensor values over time. These
plots confirmed the integrity of the data and became a baseline for future measurements.[5,8]
They also allowed the professional to identify significant changes, such as the continual
expansion of crack meter 3 (Figure 3). In other cases, the direct results analysis quickly
informed users of problems; this plot of crack meter 2 showed that a sensor was knocked from
its mount (Figure 4).
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Figure 3. Continual expansion of Crack 3
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Figure 4. Crack Meter 2 knocked from its mount.

As the structural stability was a concern it was important to identify changes at as small a
movement level as possible, focusing monitoring on trends and relationships so that problems
could be addressed early.
The direct analysis plots also allowed the professional to quickly compare structural trends
and environmental trends. Structural trends that showed no relation to environmental or use
factors suggested gradual failure of a component. This did depend upon the correct
environmental factors being included in the monitoring program.
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Early results provided simple statistical information: histograms were plotted to visualize
the frequency of sensor measurements. Known statistical distributions should result, but when
they did not, further investigation was undertaken (Figure 5). A coefficient of determination
table was also developed for all signals, measuring the extent to which changes in a structural
sensor were dependent on the changes in an environmental sensor.[9]
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Figure 5. Irregular statistical distribution for crack meter 3.

4.3 Data surrounding emergency stabilization – the first 6 to 9 months
Emergency stabilization work was started late August 2019. Figure 6 shows crack meter 1,
where following the intervention the amplitude of short-term movements noticeably decreased.
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Figure 6. Before and after August 2019 construction work.
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The emergency stabilization work had a limited budget and focused on providing additional
confinement for the masonry. Stainless steel rods and exterior mounted face plates were used
in multiple locations, alongside mortar repairs in as many critical locations as possible.
Changes in structural responses were seen immediately.
Along with direct results analysis and simple statistical evaluation, an algorithm for damage
detection also provided evidence for improvement. Damage detection algorithms in the
MIROVY program rely on two different statistical methods: standard deviation comparison and
ARMA (auto-regressive moving average) dynamic regression.[9,10] User selects the section of
data from which the relationships are established, then projects this relationship for the entire
signal. While these algorithms are more reliable for multi-year data sets, they were still
beneficial for analyzing damage and improvement on shorter data sets. For example, after
construction crack meter 3 showed more predictable behaviour (Figure 7).
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Figure 7. Reduced error in crack meter 3 after construction.

These initial results were beneficial in helping provide a means to establish temporary safety
limits with the monitoring data as well as underlining that further intervention was necessary.
With continued monitoring it was decided that the building could remain in use while the
owners raised money in the coming years.
4.4 Data from one to one and a half years
With data covering more than one year of seasonal variations, baselines were better
established and structural movements outside of the expected were easier to evaluate.
Collecting environmental data allowed us to compare newly observed structural minimums and
maximums with temperatures, opposing surface temperatures, humidity, or wind. For example,
if newly observed tilt meter maximums corresponded to new maximums of wind speed, that
would contribute to a possible explanation of the tilt meter’s unexpected movement.
Longer term data allowed for the set-up of defined limits on sensors, which when exceeded
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would trigger an alarm that notified the owner and professional that unexpected behaviour was
occurring. This would ensure that if unexpected changes occurred between pre-set evaluation
times, those changes would be noticed and immediately addressed. The notification was to
trigger a full data analysis to understand potential causes.
Data sets of longer than one year could benefit more from static regression analysis[11,12] and
dynamic regression analysis. For example, Figure 8 shows the multiple static regression
analysis for comparing crack meter 3 with outside temperature, relative humidity, and surface
temperature 2 difference. There is fair agreement between actual and modeled behaviour.
Real Signal vs. Multiple Regression
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Figure 8. Fair agreement between multiple regression prediction and actual for crack meter 3.
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Figure 9. Poor agreement between multiple regression prediction and actual for crack meter 2.

3356

T. Morrison and S. Burrill

The same analysis for crack meter 2 (Figure 9) shows disagreement between actual and
modeled behaviour, indicating that the continual expansion is not well modelled by changes in
environmental effects and may require further investigation. Likewise, tilt meter B, NorthSouth movement, is not well modelled by environmental variables (Figure 10). Inclusion of
max wind speed in the multiple regression modelling also showed that max wind speed was
more relevant for tilt meter B than for any other structural sensor.
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Figure 10. Multiple regression for tilt meter B

The damage detection algorithms, based on dynamic regression algorithms and produced
from normalized values, considered results that included delayed factors, such a thermal
inertia.[9, 10] The data set was divided into two sections. The first section was used to develop
the model relationship between the structural sensor in question and relevant environmental
variables. The second section provided structural predictions from the model, based on actual
environmental measurements. The division between data used for the regression analysis and
the predictions made was dependent upon building history and available data. For easier
comparison one plot could be produced to show upper and lower bounds (set at a preferred
standard deviation) and the difference between actual and predicted results. A second plot that
showed the relationship as normalized model error provided easier visualization of trends in the
predicted versus the actual value. If the structure were in good condition the error would remain
within bounds with minor variation from start to end. If damage occurred after the control data,
early in the signal, then the error would trend upwards or downwards late in the signal,
extending beyond the bounds. Using dynamic regression-based damage detection analysis,
figure 11 and figure 12 show a change in trends for tilt meter A, East-West movement.
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Figure 11. Tilt meter A dynamic regression damage detection.
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Figure 12. Tilt meter A dynamic regression model error

The most recent interpretation of data, which combined direct results analysis, simple
statistical analysis, multiple static regression analysis, dynamic regression analysis and damage
detection, found the following:
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•
•
•
•

Interventions have provided benefit.
Instabilities remain in the tower, and monitoring should continue.
Crack meter 2 and tilt B, North-South movement, are still being closely monitored.
The North wall and tower concerns remain, however the decision regarding which is the
highest priority can be delayed for additional data.
• The difference in exterior and interior surface temperature on masonry response did not
relate well to movements initially, but after two small sets of repairs the relationship has
become important – as had been anticipated.
• Crack meter 3 has been stabilized.
This interpretation led to recommendations for the owner of continued monitoring,
immediate reporting of new changes, a visual inspection in summer of 2021 and making plans
to undertake additional building conservation projects (which could be linked to an upcoming
major anniversary of the building).
6 DISCUSSION AND CONCLUSION
Our case studies confirmed that structural health monitoring could be successfully used to
demonstrate building performance and safety for widespread application. Our base concept to
use the relationship between the environmental causes and the structural responses to
understand the building and meet client needs was successful. Additional advantages are
provided with real time alarm for defined safety limits and regular professional monitoring of
building performance without the necessity of site inspection.
Our SHM applications have also provided additional considerations. As we continue to
collect data and analysis experience lessons include:
a) Only a small number of sensors are required, but what sensors and where must be
carefully considered. Some redundancy is important as some sensors will likely be
damaged during use.
b) Ensure the objectives and data analysis plans are prepared before implementation.
Changes to data collection after starting monitoring create challenges for data
processing.
c) Improved dynamic regression models would be valuable, particularly for wind data
which may only have impact above specific thresholds.
d) Essential data will depend upon the site and the nature of the structural vulnerability
being monitored. For the case study capturing wind gust data as well as interior and
exterior surface temperatures was important to establishing expected performance.
e) A thorough understanding of the likely structural deficiencies and dynamics is
necessary to determine and justify the monitoring required, and to interpret its
meaning. This type of data would have limited value without this understanding.
f) Having a small number of likely theories to explain impacts to each structural sensor
should guide identification of environmental data to be collected.
There remain many aspects of this SHM approach where further research would be
beneficial. Finding ways to setup and run a system for low a budget situation requires
considerable planning and knowledge. Determining how to make these processes accessible to
a less specialized engineer would improve the ability for industry to take up the technology.
Our ability to effectively use these tools for this type of project continues to rely on a small
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number of highly specialized engineers who have an intuitive understanding of structural
dynamics and data. Our internal training has struggled, and we have lacked the resources to
undertake some of the larger innovation necessary.
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Abstract. This paper highlights the main objectives and some of the results of an extensive
structural health monitoring (SHM) project begun in Khiva, Uzbekistan. The research team
consists of experts from the University of California, Berkeley (Berkeley, USA) and Urgench
State University (Urgench, Uzbekistan). According to archaeological data, the city of Khiva
was established approximately 1500 years ago. The project started from Itchan Kala, the
walled inner town of the city of Khiva. This paper describes results obtained for the Juma
Mosque located inside of Itchan Kala. A continuous SHM became essential to ensure its
preservation for humanity because a few structural anomalies were reported in the past. The
ongoing project consists of three major phases. First, a terrestrial laser scanning (TLS) was
deployed to capture and monitor anomalies of the monument’s geometry in 3D. A laser scanner
was used, and the monument’s geometry was captured as a collection of points, which is called
a “point cloud”. Second, there is a plan to monitor the monument by in-situ measurements
conducted by accelerometers, position transducers and thermocouples in the next phase. The
high-sensitivity accelerometers will be used to study the resonant frequencies due to the
ambient vibrations. The position transducers and thermocouples will be used for measuring the
thermal expansion and retraction of the monument’s minaret. They will also be used for
monitoring the crack openings. Third, a finite-element (FE) model based on the as-found
geometry of the point cloud will be generated. Its calibration will be based on the collected
data to ensure acceptable correlations with the results of the conventional measurements. The
FE model will be used for future restoration efforts to evaluate the performance and efficiency
(if any) of the proposed restoration measures. This paper focuses on the results obtained for
the Juma Mosque’s minaret. It discusses the major findings of the laser scanning project and
estimates the minaret’s residual inclination and its taper. The paper shows that the minaret can
be approximated by a truncated cone. A preliminary FE model of the minaret was developed,
which will be updated based on the results of the upcoming ambient vibration study.
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1

INTRODUCTION

The paper discusses results of the ongoing educational and research program in Uzbekistan.
The main objective of the program is to train local engineers on the utilization of the modern
tools of structural health monitoring. It consists of an extensive theoretical course and two
hands-on projects. The projects to be conducted at a historic site in the ancient city of Khiva.
The first project was focused on the utilization of a terrestrial laser scanner for capturing the asfound geometry of a heritage building. The second hands-on project was aimed at the utilization
of conventional instruments typically used for in-situ measurements. The theoretical course and
the first hands-on project have been completed. The hands-on training on the practical
application of conventional instruments is scheduled for Spring 2021. This educational and
research program was conducted in collaboration with the faculty and students of Urgench State
University in Uzbekistan. The results of the laser scanning project and the preparatory activities
for the second hands-on project are discussed herein.
Juma Mosque, a heritage structure in the inner city of Itchan Kala (Khiva, Uzbekistan), was
selected for both practical projects. It was studied by many authors (see [1,2, and 3] as
representative examples), but there is the first time laser scanning was used. Figure 1a shows a
top view of the monument taken from Google maps and Figure 1b shows a plan view of the
historic monument reproduced from [1].

a)

Image from Google maps
Figure 1: Juma Mosque

b) Plan view after [1]

As can be seen from the images, Juma Mosque is comprised of a courtyard surrounded by
four walls and a minaret integrated in its north wall. The courtyard’s wooden roof is supported
by numerous columns.
2 LASER SCANNING
A terrestrial laser scanner C10 from Leica Geosystems [4] was used to collect the point
clouds of the heritage structure. The point clouds were collected from eleven positions of the
laser scanner, the so-called stations. Eight stations were set at ground level around the walls
and three stations were set on the roof. The point clouds collected from all the stations were
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stitched together into one point cloud, the so-called registration. The manipulation of the point
clouds including their registration was conducted in Cyclone from Leica Geosystems [5]. The
point clouds were exported in an ASCII format for further analysis in Matlab [6]. The final
registration of all stations is presented in Figure 2. It shows the monument in its natural colors
and in the intensity of the returned laser beam shown in the left and right images, respectively.
In addition to the laser scans, C10 takes images with a built-in still imaging camera. The colors
captured by the camera are used for coloring the point clouds collected by the laser scanner.
The natural coloring of the point cloud is quite dark because the scans were conducted on a
cloudy day with very limited sunlight and, because a few scans were done right before, during
and right after sunset.

c)

Natural colors
d) Intensity colors
Figure 2: Point cloud of Juma Mosque

Figure 3a shows the elevation view from the side of the east wall. As shown in Figure 3b, a
local Cartesian coordinate system was selected in such a way that the Y axis is located in the
plane of the east wall and the vertical axis is the true gravitational axis. The origin was selected
at the lowest point of the intersection of the east and north walls.

a)

Elevation view: east wall side
b) Local coordinate system
Figure 3: Elevation view and local coordinate system of Juma Mosque
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3

ANALYSIS OF MINARET’S POINT CLOUD

The details on how the laser scanning was conducted and some of the results of the
preliminary analysis of the point cloud are discussed in [7]. This paper focuses on the minaret
in greater detail. The minaret was studied in the following way. A number of horizontal sections
were introduced which were incrementally increased from the bottom of the minaret to its top
as presented in Figure 4a. The point clouds of the sections were best fit to circles. The
application of the best fitting procedure resulted in two major parameters. First, a radius of the
circle was estimated as the minaret’s radius at each elevation. Second, a center of the circle
representing a location of the minaret’s axis at each elevation was calculated. Two examples of
the sections’ point clouds and their respective best fit circles are presented in Figure 4b. They
show the section of the minaret at the bottom and the smallest section on the top. The blue dots
correspond to the point clouds and the red dashed circles are the corresponding best fit circles.
The green crosses show the centers of the sections. The red arrow shows the direction and the
value of the minaret’s drift measured between these two sections.

a) Horizontal sections
b) Example of two sections
Figure 4: Global inclination of the Juma Mosque based on horizontal sections

A plot showing center point locations of all sections in presented in Figure 5a. The red
crosses correspond to the centers and the blue dashed line is the least square approximation of
the center points. The green arrow shows the overall direction of the inclination. As presented
in this image, it is estimated to be about 46.4 degrees to the negative branch of the X axis. A
plot showing the location of the centers in the plane of the maximum inclination in respect to
the cross-section’s elevation is presented in Figure 5b. The centers are shown as red crosses and
the green dashed line is the least square approximation of these center points. Based on the plot,
the following can be concluded. First, the center points are very close to an inclined straight
line, which means that the inclination of the minaret is most likely related to the rigid body
rotation of the minaret’s whole structure. Second, the overall inclination is estimated as 2.15
degree including the 2 m deep foundation. Third, the maximum inclination from the true
gravitational vertical axis is estimated as a 1.378 m inclination at the very top of the minaret.
Figure 6a shows the variation of the section’s radius over the elevation of the minaret. Based
on this plot, the original taper of the minaret was estimated. It is based on the best square
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approximation of the radii with respect to the elevations.
The inclination measured in this project was compared to that conducted by other means in
1997 and 1998 [3]. The difference between the 1997 and 1998 measurements was close to
0.05m [3], which corresponds to 50 mm/year. Based on the measurements of this project, the
inclination slowed down but remains at about 11 mm/year on average for 23 years as presented
in Figure 6b. A subsequential laser scanning project is needed to monitor a progression of the
minaret’s inclination.

a)

Drift based on all horizontal sections in XY
b) Center locations in the plane of maximum
plane
inclination
Figure 5: Analysis of center locations

a)

Radius versus elevation: taper estimate
b) Inclination monitoring in time
Figure 6: Taper estimate and inclination monitoring in time

3.1 Minaret’s Exterior Surface
Since the point clouds were collected from many stations including both on the ground and
on the roof positions, the minaret’s external surface was almost completely covered. The outer
surface of the minaret was unwrapped in order to study the locations of the openings and the
elevation and width of strips made of blue colored tiles as presented in Figure 7a. To achieve
that for each point, an angle of a polar coordinate system based on X and Y coordinates was
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calculated in order to estimate a correlation between the Z coordinate of each point and its polar
angle. The surface was unwrapped along the line where the polar angle is equal to 180 degrees
(shown by the magenta line in Figure 7a). The red arrows show the unwrapping direction and
the plane right next to the minaret shows the plane on which the unwrapped surface is projected.
The resultant relationship between the polar angle and the elevation is shown in Figure 7b. It is
worth noting, that prior to these calculations the minaret’s inclined axis was assigned to the
vertical Z axis. In other words, the inclination of the minaret was removed to come up with this
unwrapped image of the minaret’s surface. It shows four large openings on the minaret’s top
and a number of smaller openings at other elevations. It also shows seven blue colored strips
assembled from blue tiles, which start from an elevation of about 14 meters. The elevation of
each strip is summarized in Table 1. They were estimated based on the changes in the RedGreen-Blue (RGB) coloring of the surface at a narrow strip around -140 degrees. Because of
the size limitations of this paper, only the final result is presented herein without a detailed
discussion on how it was conducted.

a)

Details of unwrapping
b) Unwrapped surface
Figure 7: Outer surface of minaret
Table 1: Elevation of each blue colored strip

Strip numbering
Strip 1
Strip 2
Strip 3
Strip 4
Strip 5
Strip 6
Strip 7

Elevation, m
13.87
15.86
17.93
20.09
22.46
24.85
26.72

3.2 Approximation by Truncated Cone
The minaret was approximated by a truncated cone. It was conducted for the minaret, in
which the inclined axis was forced to coincide with the vertical axis. The cone was based on
the diameters of the best fit circles at the bottom of the minaret and its narrowest cross section
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on top. The 3D representation is presented Figure 8a. This image shows two views of the point
clouds and the truncated cone. The left 3D image shows a view toward the positive direction of
the X axis and the right 3D image shows a view toward the positive direction of the Y axis. The
deviations of the minaret from the truncated cone are presented in Figure 8b. They show the
deviations on the unwrapped exterior surface of the minaret. As presented in the latter image
the deviations from the truncated cone remain within ±0.15 m and as such it was utilized in the
finite element modelling discussed below.

c)

Approximation by cone (green): two
d) Deviations from cone
views
Figure 8: Minaret’s approximation by truncated cone

3.3 Minaret’s Finite Element Model
A finite element model of the minaret was developed in the following way. Based on the
design of typical minarets in Uzbekistan, the minaret was assumed to consist of a brick masonry
core and a brick masonry conical shell. A spiral staircase is located between the core and the
shell. Material properties were based on tests of a sample brick [8,9]. The truncated cone
discussed above was selected as an outer surface of the minaret. The radius of the core and the
thickness of the wall at each elevation was obtained in the following way. It was assumed that
the ratios of the minaret’s radius to the radius of the core and the thickness of the wall remain
the same as those measured in the Islom Khodja minaret which was studied in [10]. It was also
assumed that the core’s participation can be neglected, especially in the case of very small
amplitude vibrations which typically occur in an ambient vibration study. In addition, the
participation of the staircase is also assumed to be negligible. These assumptions are acceptable
for a preliminary estimate of the resonant frequency of the minaret, which will be evaluated in
the ambient vibration studies scheduled for Spring 2021.
The minaret was modelled in SAP2000 [11] by utilizing solid elements as presented in
Figure 9. The meshes at the bottom and top cross sections are shown in Figure 9a. A complete
model of the tapered minaret with the wall thickness changing over the elevation is presented
in Figure 9b.
Although the brick material was tested in the past, the effective Young modulus of the
minaret will be much lower than that [12]. This is related to the fact that the brick masonry wall
consists of the bricks and the mortar between the bricks and, the Young modulus of the mortar
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is much lower than that of the brick. To address this, the effective Young modulus was taken
as 3.0 GPa. The density of the brick masonry was assumed to be 1,600 kg/m3. The Poisson’s
ratio was assumed as 0.2. Based on these assumptions, the first resonant frequency was
estimated at 2.1 Hz. It is much greater than the resonant frequency of a minaret in Turkey built
of stone masonry [13]. The first resonant frequency of the latter minaret of about the same
height was estimated as 0.71 Hz. This can be related to the fact that the minaret in Juma Mosque
is tapered and the thickness of the wall is much greater than that of the stone masonry minaret
in Turkey. In the Juma Mosque’s minaret the wall thickness at the bottom and the top were
assumed as 1.2 m and 0.64 m, respectively. The stone masonry minaret had almost no taper and
the wall thickness varied from 0.36 m to 0.18 m.

a)

Bottom (left) and top (right) sections
Figure 9: Finite element model of Juma Mosque minaret

b) 3D mesh

The estimated resonant frequency of the Juma Mosque minaret will be re-evaluated in the
upcoming ambient vibration studies. Based on the field measurements the model will be
updated.
4

CONCLUSIONS
-

-

-

A large residual inclination of a minaret in the Juma Mosque monument was measured
by the terrestrial laser scanner. This inclination is evenly distributed over the elevation
of the monument which is evidence that it is related to a rigid body rotation of the
minaret’s body.
Based on a comparison of the recently obtained measurements to those reported earlier,
it is concluded that the inclination is progressing, and it has increased by 270 mm since
1997. A continuous monitoring of this inclination is crucial for the structural integrity
of the minaret and for finding a mitigation measure to slow its increase.
Resonant frequency of the minaret’s preliminary finite element model is greater than
that of a stone masonry minaret with a much smaller wall thickness. The model will be
updated after the ambient vibration study to be conducted in 2021.
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Abstract. This paper presents a review of the state of the art of structural health monitoring
using three inspection techniques and their application in the proposed methodology for the
study of a historic structure located in a high seismic hazard area. The proposed approaches
are a) use of an unmanned aerial vehicle (UAV), a reliable platform for data
acquisition in photogrammetric inspection and surveillance work due to its simple handling
and accessibility to human risk zones; b) Global Positioning System (GPS), which offers the
capability of static or dynamic monitoring, using kinetic navigation (RTK), precise point
positioning (PPP) or combination of both methods; c) ambient vibration (AV), an
accelerometer test that determines the dynamic properties of a structure, of which values
indicate the structural safety status. The building to be studied is the “Santa María de la
Asunción” Cathedral of Chilpancingo in Mexico, which represents a great historical
value because it hosted the First “Anahuac” Congress in 1813. The structure covers an area
of 1056 sqm and has a height of 33.31 m. The construction began after 1902 and has been
affected by several seismic events. Because of the earthquake of December 2011, cracks
occurred in the basements and keystones of the arches of the two bell towers, severe damage
to the right tower, and moderate to the left one. In the frontispiece, top of the arches, and in
front of the central nave vault also appeared cracks. The reinforcement process is currently
complete. The expected results are a matrix of distances among control points in the
building, high-resolution ortho-images, and values of the dynamic structural properties.
According to the architectural and structural characteristics, location, importance, and use
of the structure, it is proposed to perform a monitoring every six months
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or after an earthquake with a seismic magnitude greater than six and epicenter less than 60
km. The comparison of the measurement parameters will indicate the structural health
of the building.
1

INTRODUCTION

The damage reduces the mechanical properties of the structural elements, which adversely
affect their current state. The implementation of a strategy for the identification of structural
damage is known as structural health monitoring (SHM). It can be established in the short,
medium, long term, or after extreme events occur. The goal of the evaluation is to provide,
almost all in real-time, reliable data about the structural system conditions [1]. Currently, there
are various inspection and structural monitoring techniques, among which stand out a) UAV
[2], b) GPS [3], c) AV [4], d) laser scanning [5], among others.
1.1 Unmanned aerial vehicles
Historically, the development of unmanned aerial vehicle systems and platforms were
generated for military applications (inspection, surveillance, reconnaissance, and mapping of
hostile areas). The early geomatics applications started about 35 years ago. UAVs are a valuable
platform for data acquisition in inspection, surveillance, mapping, and 3D modeling. UAVs are
considered a low-cost alternative compared to conventional manned aerial photogrammetry [6].
Figure 1 shows the acquisition and processing of UAV images.

Figure 1: Typical acquisition and processing pipeline for UAV images [6]

Various researchers have made significant contributions to damage detection by using
UAVs, i.e., the aim of a work conducted in South Dakota (USA) was to evaluate its
effectiveness as a complementary tool for bridge damage quantification. In the study, a covered
wooden arch bridge (88 m length and 7.9 m lane width) was selected. The protocol consisted
of four stages: a) inspection, b) image assessment, c) damage quantification, d) damage
classification according to the AASHTO standard. On inspection, the lengths and widths of
cracks, thicknesses, and areas of rust spots were measured. Image quality parameters, including
sharpness and entropy, were used to determine the quality of the obtained images. Then, pixelbased measurements and photogrammetry were obtained to quantify bridge damage and
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compared it with the field measurements. Next, the damage level classification was established
based on current standards. The measurement difference shows a suitable accuracy with results
within 3.5%, 7.9%, and 14.9% for the length of the crack, the thickness, and the area of rust
spots, respectively [7].
Another research conducted in Alaska (USA) on the Placer River Trail Bridge served as the
evidence base for an inspection method with UAVs. The goal was to produce a threedimensional (3D) model using the captured images and a densely structured hierarchical
algorithm based on motion. This aim guided the choice and equipment of the UAV as well as
the planning of the flight mission. The resulting inspection integrates the technical
characteristics of the UAV, the capture and analysis of data to supply a 3D model, which gives
the inspection information allowing for defect monitoring. Results compared to models
generated by laser scanning show that this method supplied more accurate information to
identify defects or damages. Thus, data were obtained for decision-making by infrastructure
managers [8].
For a long time, three-dimensional models of heritage buildings have employed image-based
techniques. The technological development of optical sensors and dense matching algorithms
complement the existing photogrammetric procedures in the study of historical buildings. An
example is the studies of Rohan's palace and St-Pierre-le-Jeune Catholic Church (Strasbourg,
France), where using aerial triangulation and a dense coincidence of UAVs Sensefly Albris and
Phantom 3, the quality of the model was determined. Among the several used software
(PhotoScan, Pix4D, MicMac, and PhotoModeler), MicMac obtained greater accuracy in both
cases, it is a handy open-source alternative to existing commercial solutions [9].
More recent research describes the use of UAVs in the long-term monitoring of crack
patterns for the conservation of architectural heritage. In a preliminary study of the Old Fortress
“Livorno” (Italy), a 3D indicator was developed for monitoring cracks. Using ArUco markers
and rotation/translation matrix arrays, distances, and orientation of marker the barycenters were
evaluated, obtaining a 5 mm projection error. The second method of simultaneous location and
mapping based on ChArUco markers determined the coordinates of the corners and their
distance between the barycenters, results show an accuracy of 1 mm [10]. As can be seen, this
second type of markers had greater accuracy.
1.2 Ambient vibration test
The need for maintenance of structures has led to the development of experimental tests
capable of determining the static and dynamic properties. In large structures, the most used
structural health monitoring dynamic method is the Ambient Vibration (AV) test [11], which is
measured by accelerometers. The human movement, traffic, building use, and machine
vibrations excited the structures; its response can be measure by the Operational Modal
Analysis.
Extensive research had been developed to obtain the dynamic properties and dynamic
monitoring of the Mallorca cathedral [12], to know the global dynamic behavior of the structure
and update the structural models. In the first case, modal parameters as natural frequencies,
mode shapes, and damping ratios were obtained. Then, the mid-span points of the central and
lateral arches of the structure were chosen to adapt the sensors to measure the ambient
vibrations. The measure times for each setup test was greater or equal to 1000 times the
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fundamental period of the cathedral, around 15 minutes with a sampling frequency of 100 Hz.
Three tri-axial forced balanced accelerometers were used to carry out the tests. Four methods
allowed to identify the dynamic properties: a) frequency domain decomposition, b) referencebased covariance-driven stochastic subspace identification, c) reference-based data-driven
stochastic subspace identification, and d) poly-reference least-squares complex frequency
domain identification. Eight natural frequencies were possible identified, the first was 1.15 Hz,
and the last was 2.6 Hz. Respect to the damping ratios, the lowest was 0.44% (Mode 7), and the
highest was 2.6% (Mode 1); however, there were vast variations of different methods values.
About the modes shape, the first mode has a predominant longitudinal over the transverse
movement, the second and third modes show longitudinal movement, and the fourth showed
transversal displacement, the torsion movement appeared in the eight mode shape. The wind
blowing caused a transversal mode shape.
The dynamic monitoring system of Mallorca cathedral was developed with the tri-axial
accelerometers above defined. Devices were exposed to the sunlight, rains, and out of the reach
of anthropogenic action. The system worked for two periods: a) from December 17, 2010, to
September 13, 2011, b) from May 18; 2012 to December 29, 2012, with an interruption from
July 20 to September 4. The data were used to calculate the powers spectral density (PSD) for
a signal length of half an hour with windows overlapped 33%. The natural frequencies were
determined using the picking method. The PSD calculation was carried out four times per day
during the monitored period. The frequencies calculated every 6 hours is a detailed image of
the daily change under different environmental conditions. In this case, the eight modes shape
recorded during the AVT were confirmed in the vicinity of high-speed winds and some captured
seismic events. Besides, the global modes were more detectable than the local ones because of
their higher mass participation. The temperature and wind were the most influential
environmental parameters on the dynamic behavior. The authors concluded that the usage of a
higher cost dynamic monitoring system was useful to evaluate the behavior of structures subject
to low ground seismic accelerations. [12].
Another structure with a static and dynamic monitoring system is the Milan Cathedral [13].
The structure was built from 1386 to 1765, and it is a mix of Gothic style and regional Lombardy
style, where also neo-classic, neo-gothic. Even renaissance influences are present due to the
prolonged period of construction. A distinctive characteristic is the connection of all adjacent
piers using metallic elements to reduce the thrust on the slender lateral buttresses. The twomonitoring system measure different physical quantities, i. e.: a) quasi-static strains of selected
tie-rods, b) indoor-outdoor environmental temperature, and relative humidity. Of the static
monitoring system, eight modes were obtained by using referenced-based data-driven
stochastic subspace identification (SSI-Cov). The first and second ones correspond to the sway
motion of all instrumented columns in the North-South (f1=1.58 Hz) and the Est-West (f2=1.69
Hz), respectively. The third and fourth modes recorded values of f3=1.98 Hz and f4=1.98 Hz.
Damping of the North-South modes had values from 1.79 to 4.14%, and damping of the EstWest modes varies between 2.21 and 5.04%. Almost all identified modes in the first hours of
monitoring were detected in the subsequent months.
Dynamic monitoring results of Milan cathedral show that the outdoor temperature recorded
variations from -2 to +28 °C and indoor relative humidity from 38 to 64%. About the modal
frequencies, the lower five ones were greater than 98% of static monitoring values, while the
coefficient of variation ranges between 0.34 and 1.10 %. All resonant frequencies increase
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linearly with decreased temperature. However, the relative humidity slightly affects only the
first mode frequency. Finally, the mode shapes do not show visible fluctuations associated with
the environmental effects, so that a suitable strategy of SHM should be based on the time
invariance of those parameters. The period for two kinds of monitoring systems was from
October 16, 2018, to February 13, 2019 [13].
1.3 Precise positioning of points and ground control points with GPS
The development of low-cost systems to collect spatial information near real-time eases the
detection of the environment or the monitoring of disasters. At Cheng-Kung National
University, Taiwan, a platform for obtaining spatial information based on fixed-wing unmanned
aerial vehicles (UAVs) that works without Ground Control Points (GCP) is evaluated. The
platform has a Direct Georeferencing (DG) module that includes a low-cost Global Positioning
System (GPS). A flight test was performed to verify positioning accuracy in DG mode without
using GCP. Preliminary results of a 300 m high flight show accuracy of 5 m in the horizontal
direction, and 10 m vertically. It is concluded that the proposed platform is safe and economical
to collect critical spatial information in case of urgent response for relief applications, and
disaster assessment, where GCPs are not available [14].
The photogrammetric mapping work with a fixed-wing Q200 UAV, through the use of
Precise Positioning of Points established with Global Positioning System (GPS-PPP), is a
solution to space operation restrictions such as a) installation and use of terrestrial control
points, b) use of local terrestrial GPS reference station, c) operation within a permanent network
of referenced stations. This activity began with the planning of two 25-minute and 29-minute
flight missions, respectively, at the height of 120 m. The results determined accuracies of one
to three centimeters in plan and ten centimeters in height, simplifying operational logistics and
allowing large-scale photogrammetric mapping from UAVs, even in the most remote and
challenging geographical locations [15].
2

OBJECTIVE

Establish a long-term structural health monitoring methodology for the historic building
“Santa María de la Asunción” Cathedral using unmanned aerial vehicles, Global Position
System, and ambient vibration tests.
3

DESCRIPTION OF THE STRUCTURE UNDERSTUDY

The “Santa María de la Asunción” Cathedral, located in the city of Chilpancingo; Guerrero,
Mexico (coordinates 17 ° 33'09.4 "N 99 ° 30'04.6" W), (Figure 2) was built in the mid-16th
century in a neoclassical style, on an area of 1056 sqm and 33.31 m of height. It has great
historical value since it was the place where the First Anahuac Congress was held headed by
General José María Morelos y Pavón, a patriot from New Spain and the architect of the Mexican
independence movement. Figure 2 shows the current state of this historic building.
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a)
b)
Figure 2: “Santa María de la Asunción” Cathedral, a) Main façade, b) Top view

The original adobe-based structure partially collapsed and was demolished after the 1902
earthquake. Some years later, the construction began in the same place as the original temple.
The left tower partially collapsed with the earthquake of 1957, and with the earthquake of 1985,
the right tower suffered severe damage, so they were repaired after those events. Earthquake of
December 2011 (Mw = 6.5) caused cracks at the bases and the keystones of the arches of the
two bell towers, severe ones in the right tower, and moderate ones in the left tower. Large cracks
also appeared in the frontispiece, in the upper part of the arches, and the front of the central
nave vault [16].
4

METHODOLOGY

According to the technical resources available: a) DJI UAV equipment, Mavic Pro model,
b) Leica-Viva GPS receivers and Sokkia Set 330R Total Station, c) Sequoia-GEA II
accelerometer (Figure 3); and based on the monitoring techniques referenced in the literature,
the methodology described below has been defined (Figure 4).

Figure 3: Scheme of integration for structural health monitoring
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a) Establishment of azimuthal geodetic control line (ACL)
The establishment of precise points (PPs) will be done with the GPS receivers and will be
linked to the National Active Geodetic Network (NAGN). The geodetic survey will be carried
out by the static method, following the Methodological guide established by the National
Institute of Statistics and Geography of Mexico (INEGI), the minimum two-point junction
defines the ACL.
b) Establishment of the topographic support polygonal
To set up the points of the polygonal from the PPs of the ACL, a Sokkia total station will be
used, and the topographic survey will be performed by the point trilateration method. After, the
coordinates must be adjusted by the method of least-squares to improve the accuracy.
c)

Establishment of Ground Control Points (GCPs)

GCPs will be placed 50m from the cathedral and will be measured the same way as PPs.
GCPs will be used for horizontal adjustment of images taken by the UAV during the
photogrammetric process.
d) Propagation of coordinates to the structure
The coordinates of the points of the topographic polygonal will be propagated to
characteristic points or control points (SCPs) in the construction, using the method of
propagation of points. These must be adjusted to fix the accuracy obtained with the geodetic
survey.
e)

Data processing

Once the topo-geodetic study has been carried out, the coordinates of the structure control
points (SCPs) will be obtained, the distance between each couple of these values is an entry of
a matrix; it will be useful for monitoring the structural health.
f)

Flight plan

Revision of the UAV, batteries, drivers, control, calibration of the camera, and compass are
necessary before the flight. It is planned to use the DJI GS Pro software, compatible with the
UAV, where the parameters (area, height, speed, camera angle) will be defined.
g) Image acquisition
The acquisition of images in the field will be realized according to data of the flight plan.
For greater accuracy, the take-off site of the UAV will be at one of the PP.
h) Digital image processing
Image processing will be achieved using Agisoft PhotoScan, photogrammetry software that
allows image inspection to filter out those that do not fulfill the quality needed for processing.
After filtering, if images are not enough for the processing, image acquisition will be repeated.
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Figure 4: Methodological proposal for structural health monitoring (SHM) in the “Santa María de la Asunción”
Cathedral

i)

Image orthorectification

It will do in PhotoScan using data from GCPs. The goal is removing the effects of image
perspective and relief effects to create a planimetrically correct image.
j)

Orthoimage generation:

After the image orthorectification, a georeferenced orthoimage will be generated to identify
the SCPs. The distance among the SCPs and the characteristic points of the construction in
orthoimages will measure at different moments. Additionally, structural damage caused by
cracks could be detected
k) Natural periods of vibration
A Sequoia-GEA II accelerometer will be used to measure the AV effect on the ground and
structure. The obtained data will be processed by using two different identification methods:
the Enhanced Frequency Domain Decomposition (EFDD) technique and the Stochastic
Subspace Identification (SSI) method. EFDD is a frequency domain technique instead of SSI
method, which is developed in the time domain. Modal Assurance Criterion between the EFDD
and SSI results will be obtained for confirming the process [17].
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l)

The current state of structural health

At the end of the first cycle, an evaluation report of the existing structural health conditions
of the “Santa María de la Asunción” Cathedral will be obtained. The comparison of
measurement parameters of two consecutive cycles will define the change of structural level
safety.
5

CONCLUSIONS

It is expected that the methodological proposal assesses the current state of the physical and
dynamic conditions of the “Santa María de la Asunción” Cathedral. These data can help the
authorities in making maintenance decisions and future monitoring of the structure. At the end
of the project, the methodology can be qualified by making the necessary modifications.
According to the architectural, structural characteristics, and use of the building, it is proposed
to perform a monitoring every six months or after an earthquake with a seismic magnitude
greater than six and epicenter less than 60 km.
The combination of the three techniques (topo-geodesy, photogrammetry, and ambient
vibration) was based on two reasons: a) the problems in historical constructions by repetitive
seismic action, b) human and material resources. It would help if we remembered that in 2019,
Mexico was affected by two major earthquakes, of which the effects were devastating on
historical buildings near the epicenter.
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Abstract. This paper deals with monitoring microclimate in the area of church and describes
influence of exterior microclimate to interior microclimate, changes during one year. The basic
parameters of the interior space (temperature, relative humidity, dew point and specific air
humidity) were monitored in the long-term in the selected sacral building. These parameters
were monitored at the same time as monitoring the surroundings in the exterior. The long-term
monitoring of the internal microclimate of ossuary showed significant instability of the interior
environment during the annual cycle, where the appropriate limits of humidity of the
environment (excessive moisture in the spring and over-drying in the winter) are significantly
exceeded. The microclimate behavior of ossuary is also different in different height levels,
where the lower space acts as a pool with heavy cold air and vice versa, the space under the
vault is moistened with vapor. The fact that under no circumstances of the exterior climate in
winter is the temperature of the interior below freezing point is specific. The negative
phenomenon of the internal environment of ossuary is the fact that in certain periods optimal
conditions are created for condensation of water on the surfaces of walls and interior
equipment of ossuary and also for the creation of ideal conditions for the formation and
development of mold. Monitoring of the internal microclimate of ossuary during everyday
operation has become the basis for the subsequent design of the reconstruction of the building.
The remediation proposal must address several issues at once. It has to solve the issue of
reducing moisture in the peripheral and inner walls of the building, restoring original materials
while maximizing their preservation, stabilizing the internal microclimate in terms of humidity,
creating optimum conditions for the natural drying of residual structural moisture and, last but
not least, ensuring the mode of future operation with minimal effect on changes in the internal
microclimate. Due to the historical value of the building and its layout, it is possible to use
forced air treatment only to a limited extent, and great emphasis must be placed on addressing
this issue by using the natural physical properties of air and phenomena involving its natural
flow and controlled temperature exchange between spaces.
L. Balik, L. Kudrnacova1 and K. Nedvedova1
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1

INTRODUCTION

The article deals with the results of measurements of the internal microclimate of the ossuary
sacral building (church) in Central Bohemia, which serves as a necessary basis for the correct
design of a complete reconstruction. The specificity of the ossuary space lies both in the design
arrangement and in its operation. From a structural point of view, it is a basement partially
recessed below the level of the surrounding terrain, whose perimeter walls are affected by high
humidity and there is a high representation of salts. Moisture material degradation can be seen
both on plaster walls, as well as on paving and vaults. The internal climate of this space is
diverse at individual heights and is very strongly influenced by the way of operation i.e. by the
way of ventilation and the presence and movement of excessive amounts of people producing
water vapour. Also specific is the internal exhibited inventory, which dominantly forms human
historical bones arranged into various clusters and ornaments, and which are distributed
practically throughout the whole ossuary space. It is clear that the life span of these bones is
fundamentally affected by the environment in which they are found. In the case of ossuary they
are currently stored in different environments within one space, and in addition, each
environment lives by its specific mode with a different period of change. The remediation
designer faces a complex issue that must address the reduction of masonry moisture and related
structures, minimizing condensation on indoor surfaces (plaster, paving, stone and wooden
elements) while ensuring maximum optimization of the internal microclimate for long-term
bone exposure. Optimization of the indoor microclimate consists in unifying the parameters of
the indoor microclimate in individual height areas and also minimizing its fundamental changes
in connection with demanding operation. Aim of the presented long-term measurement was to
create an idea of the behavior of the ossuary space during its operation and to create thematic
circuits necessary for the solution in the reconstruction design [1].
2 MONITORING DESCRIPTION
The church itself consists of two chapels. The lower one, which serves as an ossuary, is
partially embedded in the ground and carries the upper single nave chapel with presbytery.
Several probes were placed in the area of the church in order to monitor the microclimate. The
probes were in different height level in order to cover each area of the space.
Long-term measurement of indoor microclimate parameters took place from March 2013 to
early April 2017 when the control panel was disconnected. This report processes data obtained
from March 2016 to March 2017. The data from the beginning of measurement were described
in another paper [2]. Due to unscheduled inputs to measurements caused by various technical
interventions carried out in the building, it was not possible to obtain data from all the measured
places during the whole measured period but only from shorter (but sufficient for analysis)
sections. Data loggers and data logger with probes measuring internal space parameters
(temperature, relative humidity and surface temperature) were placed inside of the building [3].
The basic measurements were carried out in the ossuary area and additional measurements were
performed in the entrance hall above the staircase (1st floor window), in the chapel (church)
above the ossuary and in the roof truss. To make the analysis more precise, the measurements
were supplemented by scanning the parameters of the external microclimate (exterior) in the
tower area by means of a mounted weather station. For the main measurement of the ossuary
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space was used measuring center collecting data from three probes connected at different height
levels. The location of the probes in the area of the object is shown in Fig. 1.
3

RESULTS OF MEASUREMENT

The microclimate of the space of the ossuary of the Church of All Saints during the current
operation has been showing very high values of internal relative humidity in the long term. The
lower parts of the space (the area below the stairs entry landing level) show worse conditions
(higher values of relative humidity), as evidenced by the theory of the lower space, which acts
as a "closed trap of humid air", which currently has little possibility to escape or circulate. The
consequence of this condition causes relatively frequent and long periods of surface
condensation of water on cold surfaces (walls, tiles and vaults). This condensation worsens the
overall moisture state of the building and radically increases the risk of vegetation of fungi,
molds and algae and accelerates the process of natural mechanical degradation of materials
(plasters, mortars, stones, bricks, etc.). Based on the results of measurements of indoor
microclimate in the premises of ossuary from March 2016 to March 2017, the following basic
points can be stated:
• the indoor microclimate of ossuary is highly unstable, which may affect the durability of
its structures and movable equipment,
• the temperature of the ossuary did not drop below 0 ° C during the frost period,
• the average value of the relative humidity in the room in the annual period of 2016 was
within 68.6% rel. up to 75.1% rel.
• up to 26% of the data measured on the sensors below (up to 3.25 m above the floor)
reported values exceeding 80% rel.
• in terms of water vapor condensation on the walls and equipment of ossuary, the most
risky period in the annual cycle was found between February and July,
• in terms of optimal environment defined by a temperature between 18 to 20 ° C and rel.
humidity between 50 and 60% rel. Excessive humidity in the ossuary air was found to be
between mid-May and mid-September and, on the contrary, the specific humidity was
excessive between November and April.
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Figure 1: Drawing of sensor placement in building section.
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Figure 2: Specific air humidity between March 2016 and March 2017, indicating the boundary areas for 20˚C
and 60% rel. (8.9 g / kg b.w.) and 18 ° C and 50% rel. (6.5 g / kg b.w.)
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Figure 3: Critical temperature, relative humidity and dew point above 19˚C in March 2016 to March 2017

Figure 3: Relative humidity (%) in exterior (from weather station) compared to relative humidity in interior

Figure 3: Temperatures (° C) and dew point (° C) of outdoor temperatures (from the weather station) compared
to indoor temperatures from March 2016 to March 2017

The causes of the high relative humidity in the ossuary are:
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•
•
•
3

penetration and long-term retention of humid air from the exterior into the lower situated
area of the ossuary without the possibility of proper circulation,
supplying moisture to the ossuary space from damp walls and floors,
increase of the relative humidity of the ossuary space caused by the repeated presence of
a high number of people.
CONCLUSIONS

Based on the findings, it is clear that the internal microclimate of ossuary is at some risk
when using the space for the purpose it is used today (exposing or storing human bones). The
most risky is the instability of the environment, where the specific air humidity changes during
the annual cycle and therefore changes in the environmental conditions (temperature, relative
humidity and specific humidity) in which the bones are stored. The indoor microclimate varies
not only with changes in weather during the year, but also shows different values at different
height levels of the space. The bones placed in the lower part are in more humid environment
than the bones suspended under the ceiling. The solution of indoor microclimate should follow
three main points:
• stabilization of the internal microclimate of the ossuary space in time and space,
• ensuring an optimal bone storage environment;
• elimination of the reasons that may cause undesirable fluctuation of indoor microclimate
parameters.
Fulfillment of the above points is possible only to a certain “reasonable” level in mater of
improving the conditions of the indoor microclimate. By stabilizing the environment and
eliminating the effects it is meant to influence the sources of humidity, which increase the
relative humidity in the environment. Therefore it was recommended:
• remediation of peripheral masonry in terms of moisture,
• creation of an interruption zone (eg by the construction of a partition or enclosure) in the
area of the cash register which interrupts the direct external influence on the internal
microclimate of the ossuary,
• creation of the possibility of extracting humid air from the ossuary area (e.g. controlled
"discharge" of humid ground air through the crypt to the exterior and controlled removal
of water vapor from the vault areas through the upper suction).
Optimal bone storage environment is desirable to be assessed by a specialist in the field of
ventilation and consultation with anthropology experts who can recommend optimal parameters
for storage and display, also with regard to the presence of visitors (optimal stabilization of the
environment in terms of temperature and humidity). Subsequently, we recommend securing and
installing ventilation (or air-conditioning) units in the ossuary area, in order to ensure the
removal of humid air and to improve the parameters of the largest part of the ossuary area. The
air conditioner parameters will be:
• setting of switching conditions,
• ensuring its establishment and solving the issue of connection to the air inlet and outlet,
• ensuring its adequate capacity, ie the capability of exchanging a specified volume of air
over time.

3387

L. Balik, L. Kudrnacova1 and K. Nedvedova1

The optimal solution would be adjustable switching of the unit when the defined specific
humidity (between 6.5 and 9.8 g / kg dry air) is exceeded [4]. Unfortunately, this criterion
cannot be evaluated by conventional devices and it is therefore possible to rely at least on a
relative humidity sensor. We suggested a value of 60% rel. If only the use of fans were
considered, then the solution would be to reduce rel. humidity in the lower part of the ossuary
and its removal e.g. through the floor into the crypt and from there further out. Even in the case
of air-conditioning units, the microclimate of the lower part of the ossuary should be addressed,
preferably by controlling the microclimate in both directions, too humid and too dry air.
All measures considered must take into account the area from which the air will be pumped
and the area (e.g. exterior) where the air will be vented. It is also possible to consider a variant
where the air extraction units would be supplemented by a separate fan with a sensor and a MaR
system, which would supply air from the exterior at a time when the optimum climate in terms
of specific humidity will be present. Capacity must be decided by a specialized designer. The
basic question is the speed of air exchange throughout the ossuary space and the frequency of
switching depending on the space operation.
4

RESULTS

The whole measurement led to the finding that there is a different behavior of the microclimate
in the individual levels of the ossuary. It was found that there are a number of moments when
surface condensation occurs on both plasters and inventory. There is a periodic change in
specific humidity in the area, so that in winter low specific humidity prevails, which damages
the inventory, and in summer there is excessive specific humidity, which causes the absorption
of water vapor into the material and its subsequent degradation. There are sharp changes in the
microclimate in the given area, which are harmful in themselves. This worsens already high
humidity of the plinth part of the perimeter and internal walls. This resulted in two basic
remediation measures for the area:
• material dehumidification of masonry,

• modification of the internal microclimate.

It is necessary to reduce sudden changes in specific humidity and to unify the differences of the
microclimate in individual parts of the given space as much as possible. Eliminate condensation
to the maximum extent available. As the use of space will remain the same, a large number of
visitors will alternate with empty space it is also necessary to deal with this somehow.
All these requirements were included in the remediation project. Heavy humid air will be
extracted to the outside. The air is treated by air conditioning units. An artificial barrier has
been created which separates the entrance space from the ossuary space by means of an air
curtain to prevent unstable outdoor air from being poured in. The visitor circulation mode has
changed by directing the movement of visitors in one direction. They enter through the air
curtain into the ossuary in one end and exit elsewhere through the newly built space. That
reduced the source of moisture by reducing large concentration of people during ascent and
descent into the space.

3388

L. Balik, L. Kudrnacova1 and K. Nedvedova1

Acknowledgements. The activity presented in the paper is part of the research grant NAKI II
DG18P02OVV012 project of the Ministry of Culture of the Czech Republic.
REFERENCES
[1]
[2]
[3]
[4]

Dorokhov, V. Pintelin, N. Control of Temperature and Humidity Conditions of Church BuildingsArchitectural Monuments as a Method of Preservation, 2018 IOP Conf. Ser.: Mater.
Sci. Eng. 463 032076
Pavlík, Z., Balík, L. Kudrnáčová, L., Maděra, J. and Černý, R. Chapel of Cemetry Church of All
Saints in Sedlec – Long-Term Analysis of hygrothermal Conditions. Thermophysics 2017, AIP,
Santa Fe, 2017
Kudrnáčová, L. Balík, L. Sledování mikroklimatu v prostorách kostela. In: Sanace a rekonstrukce
2017, WTA Praha, 2017, p. 71-77. ISBN 978-80-01-06347-7
Černý, M. Němeček, M. Mikroklima v historických interiérech. NPÚ Praha, 2011, ISBN 9788087104-82-8

3389

Y. Comparison
A
Saretta, L. Sbrogiò
Between
Empirical
M.R.
Valluzzi
Procedures for the Definition of Vulnerability Classes of MaVulnerability
andand
risk
analysis
sonry Buildings: Application to Five Historical Centres Struck by 2016 Central Italy Earthquake
12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

A COMPARISON BETWEEN EMPIRICAL PROCEDURES FOR THE
DEFINITION OF VULNERABILITY CLASSES OF MASONRY
BUILDINGS: APPLICATION TO FIVE HISTORICAL CENTRES
STRUCK BY 2016 CENTRAL ITALY EARTHQUAKE
YLENIA SARETTA1*, LUCA SBROGIÓ1 AND MARIA R. VALLUZZI1
1

Department of Cultural Heritage (dBC)
Università degli Studi di Padova
Piazza Capitaniato 7, 35139 Padova, Italy
e-mail: ylenia.saretta@unipd.it (*corresponding author), luca.sbrogio@phd.unipd.it,
mariarosa.valluzzi@unipd.it

Keywords: Masonry, Vulnerability Classes, Damage Analysis, Strengthened Interventions
Abstract. The definition of seismic risk scenarios necessarily depends on the attribution of a
vulnerability class to each building of a stock. In the macroseismic scale (EMS-98) the
vulnerability class – from A to F – results from the combination between horizontal and vertical
structures. On the basis of post-event surveys carried out in Italy after the earthquakes occurred
in the last 50 years, many rules for converting the masonry quality and the stiffness of horizontal
diaphragms into a vulnerability class have been proposed. However, despite the now high
number of retrofitted or strengthened buildings in Italy, structural interventions are not
mentioned in these procedures, except for metal tie rods and r.c. tie beams.
The paper proposes a critical approach to the definition of vulnerability classes, by the means
of applying the conversion rules to the same sample of 525 masonry buildings located in five
historical centres struck by 2016 Central Italy earthquake: Acquasanta Terme, Campi Alto di
Norcia, Castelsantangelo sul Nera, Muccia and Vezzano. They have been chosen due to the
extensive strengthening campaigns that had been carried out after earlier seismic events. The
preliminary recognition of the structural features of each building happens at the terms of the
MUSE-DV Masonry, a rapid visual screening procedure recently proposed by the authors.
The damage probability matrices (DPMs), obtained from each conversion, are compared to
those from a theoretical model proposed for the EMS-98. Given the same poor masonry quality,
the existing rules classify buildings in class A or B depending only on floors’ stiffness and
horizontal connections. As a result, both low and high damage may appear in the same
vulnerability class causing a bimodal trend in the damage distributions. Conversely, the
MUSE-DV procedure allows to reduce these two frequency peaks by considering interventions.
In fact, overall interventions, even on very poor masonry structures, may lead to a very low
damage and, consequently, to low vulnerability classes (even C or D), while uncontrolled
interventions could obtain a high damage and a high vulnerability. The twofold consequence is
that a) structural interventions have a ‘relative’, i.e. positive or negative, contribution; b) the
usual limitation to A and B vulnerability classes for random masonry buildings needs to be
widened to better explain the damage observed in the 2016 Central Italy earthquake.

3390

Ylenia Saretta, Luca Sbrogiò and Maria R. Valluzzi

1

INTRODUCTION

A vulnerability class is an essential factor in the definition of damage scenarios at urban
scale and, consequently, in the calibration of prevention strategies and vulnerability models for
the reduction of seismic risk. Such class, which is an empirical evaluation of a building’s
aptitude to suffer a certain damage grade, is rapidly attributed through the observation of a
building’s structural features. The European Macroseismic Scale (EMS-98, [1]) proposes six
classes, from A to F, at decreasing vulnerability; the scale identifies a most likely vulnerability
class and a range of probable behaviour for each structural type. Typically, masonry buildings
may belong to classes A, B and C; D is only referred to seismically designed buildings. Classes
D, E and F are attributed to r.c. or steel structures.
However, the earlier macroseismic scales (MCS, [2]; MSK-76 [3]) were limited to just three
classes (i.e. A, B and C), related both to masonry and r.c. structures, which may be compared
to the first three EMS-98 classes [4].
Damage Probability Matrices (DPMs), which define the observed or expected damage grade
(from 0, negligible damage, to 5, collapse, according to EMS-98) depending on vulnerability
class and macroseismic intensity, are widely used to sum up empirical damage analysis.
Theoretical DPMs have been derived from those implicitly described in the EMS-98 by [5] and,
in this paper, are compared to those obtained from the empirical sample.
The paper deals with a critical approach in the definition of vulnerability classes starting
from the observation of structural elements, by the means of applying some of the rules
proposed in the scientific literature (§1.1). These rules have been defined in the hindsight of the
data coming from surveys begun after the Irpinia earthquake in 1980. They allowed to derive
the empirical DPMs for a sample of 525 masonry buildings located in five historic centres
struck by the Central Italy earthquake in 2016 and characterized by different level of
macroseismic intensity [6]: Acquasanta Terme, Campi Alto di Norcia, Castelsantangelo sul
Nera, Muccia e Vezzano di Arquata del Tronto. The evaluation of each building happened at
the terms of the MUSE-DV Masonry (MUltilivel assessment of SEismic Damage and
Vulnerability of masonry buildings), a rapid visual screening procedure proposed by the authors
to evaluate the specific structural features of the buildings in the involved area (§1.2). The
results are compared both to the theoretical model (§2.2) and to the real observed behaviour
(§3), in order to underline the contribution of strengthening interventions on buildings.
1.1 Literature procedures for the attribution of the vulnerability class
The seismicity of Italy is remarkable [7]. Most effort of researchers aims at developing and
improving rapid visual screening procedures to estimate seismic damage and vulnerability [8].
The amount of data collected in the last 50 years represents an inestimable scientific heritage
for prevention purposes [9]. DPMs have been used in Italy since 1980 (Irpinia earthquake)
referring to MSK-76 scale [10]. This scale has been commonly employed also for later
empirical elaborations. In that occasion, the data collection happened by the means of a
standardized rapid visual screening (RVS) procedure called GNDT I level [11], whose heir is
the AeDES RVS, the present standard procedure to define a building’s usability and damage
grade [12]. In both procedures, the combination of masonry quality and horizontal structures’
stiffness yields the estimated vulnerability class of a building.
In the GNDT I level RVS, surveyors are asked to recognize the vertical structures among
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eleven categories, according to masonry units and their texture, and the horizontal ones among
nine categories, according to the bearing elements’ material and the presence of connections to
the walls. Aiming at defining the vulnerability classes from the mutual combination of vertical
and horizontal elements, [13] developed a conversion rule based on GNDT I level RVS, while
[14] simplified the vertical types distinguishing only among bad, medium, and good quality.
[15] used a more descriptive approach referring to field stone as a bad quality, hewn stone as a
medium quality and bricks as the good one.
Table 1: Comparison among different interpretations of conversion of Section 3 of AeDES RVS according to
MSK-76. Grey background highlights different attribution of vulnerability class
Vertical structures
Medium quality
Without
With
ties/tie
ties/tie
rods
rods

Horizontal str.

Zuccaro et al. 2000

Dolce et al. 2003

Dolce et al. 2019

Zuccaro et al. 2000

Dolce et al. 2003

Dolce et al. 2019

Zuccaro et al. 2000

Dolce et al. 2003

Dolce et al. 2019

Zuccaro et al. 2000

Dolce et al. 2003

Dolce et al. 2019

Zuccaro et al. 2000

Dolce et al. 2003

Dolce et al. 2019

Zuccaro et al. 2000

Dolce et al. 2003

Dolce et al. 2019

Good quality
Without
With
ties/tie
ties/tie
rods
rods

Conversion
rule

Bad quality
Without
With
ties/tie
ties/tie
rods
rods

Vaults without ties
Vaults with ties
Vaults and floors
Flexible floors
Semi-rigid floors
Rigid floors

A
A
A
A
A
A

A
A
A
A
B
B

A
A
/
A
A
B

/
/
A
A
A
/

/
/
/
A
B
/

A
B
/
B
B
B

A
B
A
A
B
B

A
A
A
A
B
C

/
/
/
/
/
/

/
/
B
B
B
/

/
/
/
A
B
/

/
/
/
/
/
/

A
B
B
B
B
C

A
A
A
B
C
C

A
A
/
A
B
C

/
/
B
B
C
/

/
/
/
B
C
/

B
B
/
B
C
C

For masonry buildings, the AeDES RVS requires i) to distinguish only between random
layout and bad quality (stones, pebbles) and coursed layout and good quality (hewn stones,
bricks), ii) to define the presence of tie rods and/or tie beams and iii) to recognize vaults and
floors’ stiffness (flexible, semirigid or rigid floors). Comparing to the previous RVS procedure,
this empirical evaluation represents an important simplification in the surveyors’ work. At the
beginning [14,15], surveyors were asked to recognize masonry features (units, texture, and
layout) and floors elements in a very detailed way; conversely, in [9]’s opinion surveyors should
have a different role, in which they may be identified as “evaluators” instead of “observers”.
That is why in the AeDES RVS they are asked to identify masonry’s good or bad behaviour and
floors’ capability to redistribute seismic loads rather than their structural features.
Strengthening interventions may be characterized but they are not included in any of the
procedures for the identification of the vulnerability classes [16].
After the L’Aquila earthquake (2009), [17] proposed another rule, while [9] widened it
starting from a complete review of post-earthquake data collected since 1980. In this case, D
class identifies seismically resistant dwellings built after 1974 (first seismic Italian code).
Table 1 proposes a comparison among three different procedures [9,13,14] to determine the
vulnerability class. For the sake of comparability, the eleven vertical structures in [13] are
grouped in bad, medium, or good quality, although they were all used for the identification of
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the class. [13] propose the only procedure which considers the differences between masonry
block structures (tuff, full bricks, lightweight hollow bricks, no load-bearing lightweight hollow
bricks used as load-bearing structure, concrete blocks).
As one may observe in Table 1, in the behavioural approach by [9], medium quality masonry
is not included, while the presence of tie rods or tie beams definitely improves a building’s
estimated seismic response (from class A to B), regardless of its masonry quality. The presence
of rigid floors leads to class C. The comparison between [13] and [14] highlights that the latter
proposes less vulnerable classes, excepted for vaults.
2 THE ATTRIBUTION OF THE VULNERABILITY CLASSES TO ORDINARY
BUILDINGS IN FIVE HISTORICAL CENTRES STRUCK BY 2016 CENTRAL
ITALY EARTHQUAKE
2.1 The case studies
Starting from August 24th, 2016, 140 municipalities located in Central Italy had been struck
by a strong seismic swarm [18,19]. Devastating effects on civil and monumental heritage have
been observed, especially on buildings located near the epicentres or where site effects exist
[20]. Poor quality of masonry structures caused the crumbling of the stones rather than the
activation of rigid macro-blocks and the identification of damage mechanisms. As matter of a
fact, Central Italy dwellings’ masonries are characterized by uncoursed or brought to courses
rubble or hewn stones with poor clay-lime mortar, lacking in binding capacity. Moreover, the
‘relative’ effects, i.e. positive or negative, of structural interventions applied after 1979, when
an earthquake hit the same area, may be nowadays identified.
Horizontal timber structures were generally replaced by precast r.c. joists or cast-in-place
ribbed slabs with tie beams chased into the walls or they were reinforced with thin r.c. overlays
[21,22]. If vertical structures were not reinforced and therefore, they could not stand the
increase of seismic loads, partial interventions are obtained. Conversely, holistic interventions
result from their application on horizontal and vertical structures (by the means of injections,
r.c. jacketing, deep repointing of mortar, internal bricks wythes) and on the mutual connection,
ensuring a favourable effect and, thus, decreasing the damage grade [19,23].
The recognition of the type and the effectiveness of the structural interventions of each
building happened at the terms of the MUSE-DV Masonry RVS, a rapid visual screening
procedure recently developed by the authors [8]. The RVS procedure is divided into four
sections; sections 0, 1 and 2 evaluate a building’s seismic damage and vulnerability, with
increasing level of accuracy. Finally, section 3 analyses masonry quality, horizontal and roofing
structures and strengthening interventions.
In this paper, the application of the RVS to 525 masonry buildings located in five case studies
is presented. In order to define the damage grade and the structural features of each building,
Section 0 (Building identification, overall vulnerability and damage) and Section 3 (Building
features) were compiled. The application of the conversion rules to this sample of masonry
buildings allowed to define the vulnerability classes.
Five historical centres have been chosen according to different macroseismic intensities [6]
and, hence, damage situations (Table 2): they are Acquasanta Terme (ACQ) and Vezzano di
Arquata del Tronto (VZZ) in the district of Ascoli Piceno, Campi Alto di Norcia (CMP) in the
district of Perugia, Castelsantangelo sul Nera (CSN) and Muccia (MCC) in the district of
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Macerata. They are characterized by quite homogeneous structural features; a more detailed
analysis about buildings’ seismic behaviour, historical and structural features is developed in
[19,23]. According to empirical damage grades, CSN suffered the most severe damage (mean
value=3,08, using [24]). A medium level of mean damage was registered in VZZ (2,24) and in
CMP (2,39), even though 37% of buildings suffered of low damage thanks to favourable
structural interventions applied after past seismic events. No collapses were recognized in MCC
and in ACQ, where a relatively low mean damage was registered, respectively of 1,51 and 0,98.
Table 2: Distance from epicentre (Oct 30, 2016), EMS-98 intensities registred by [6], total number of analyzed
structural units, damage grades and mean damage calculated according to [24]
Settlement
CMP
CSN
VZZ
ACQ
MCC

Epic.
Dist.
[km]
2,1
8,1
16,3
25,8
28,5

IEMS-98
VIII
IX
VIII
VII
VIII

Nr of
inspected
buildings
57
129
79
129
133

Damage grades
D0
%

D1
%

D2
%

D3
%

D4
%

D5
%

µD

5
4
4
36
7

37
16
31
41
47

19
13
29
15
33

10
22
15
6
11

11
25
15
2
2

18
20
6
0
0

2,39
3,08
2,24
0,98
1,51

Figure 1: Masonry quality depending on conversion rule. On the right, some examples of masonry quality:
a) good, CSN; b) medium, ACQ; c) bad, CSN

2.2 The attribution of the vulnerability classes using literature procedures
Structural features recognized by MUSE-DV Masonry RVS were adapted to the conversion
rules (Table 1) as a function of i) masonry units and mortars or the overall quality of bearing
walls and ii) floors’ types and stiffness.
Two approaches were followed in applying the rule proposed by [9]: i) in the first one (in
the following defined as [9]–1), the mere observation of masonry texture and mortar
consistency yielded random/bad quality o coursed/good quality; ii) in the second one ([9]–2),
strengthening interventions’ influence participated in the classification as well, changing the
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final result. In other words, in the latter case the surveyor was asked to be an evaluator more
than an observer. Such information is collected by the AeDES RVS, but it is not considered in
the vulnerability class definition.
Figure 1 shows masonry quality as a function of the conversion rule. In the case of
compresence of different masonry textures, the worst were considered. As one may see, medium
quality results only from the application of [13], characterized by more possibilities in the
structural combination, at the expense of the rapidity of the whole procedure. Results from the
application of [14] and [9]–1 are similar, while a more precise interpretation of a building’s
behaviour comes from [9]–2.
The evaluation of horizontal structures’ stiffness is the same in each procedure; sometimes
the floors’ identification was prevented by exterior surveys only, hence roofs’ stiffness becomes
relevant. Semirigid diaphragms are the most recurrent (35%), followed by flexible (32%) and
rigid ones (25%); the remaining cases are vaults with or without tie rods (typically in CMP) and
not evaluated structures (N.E.). Almost a half of the surveyed buildings (52%) shows tie rods
and tie beams, partially evaluated by [9] and [13].
The empirical DPMs of the sample were defined according to the three chosen conversion
rules (Table 1) and considering also the two approaches for [9] (Figure 2). It is worth noting
that class D is totally absent and only a few buildings belong to class C (Table 3). Class A is
typical of most cases, especially with [13]’s rule, except for MCC, where the widespread rigid
diaphragms cause a half of the buildings to belong to class B. According to [9]–1 rule, most
buildings are classified as B, but in the case of ACQ the 12% of the surveyed dwellings are in
class C, thanks to a better masonry quality (coursed layout). The application of [9]–2 allows to
observe an increase of buildings in class C and a decrease in class A, except for VZZ where
masonry’s original features are more preserved.
Table 3: Relative distribution of the estimated vulnerability class according to conversion rules
Settlement
ACQ (I=VII)
CMP (I=VIII)
CSN (I=IX)
MCC (I=VIII)
VZZ (I=VIII)

Zuccaro et al.
(2000)

Dolce et al.
(2003)

Dolce et al.
(2019) - 1

Dolce et al.
(2019) - 2

A%

B%

C%

A%

B%

C%

A%

B%

C%

A%

B%

C%

60
82
65
54
84

29
18
3
45
13

12
0
5
1
3

57
63
53
41
75

31
37
42
58
22

12
0
5
1
3

45
39
25
35
65

43
61
71
64
32

12
0
4
1
3

20
9
22
26
57

39
72
53
44
23

41
19
25
30
20

The obtained DPMs were compared to the theoretical ones, defined starting from the EMS98 [5], with poor results. The recurring presence of peaks in low damage grades (D0 and D1)
and an overlapping of damage grades for the three classes happen at low macroseismic intensity
(ACQ, I=VII), differently from [5]. Similarly happens for I=VIII:
- in MCC, A and B classes overlap, D1 and D2 are the most recurrent damage grades, even
though D3 and D4 should be the peaks according to [5];
- in VZZ a bimodal trend characterizes the damage grades of the two most vulnerable
classes, with two frequency peaks in D2 and D4 for class A and in D1 and D3 for class
B: as a consequence, B appears more vulnerable than A for [9]–1. One may suppose that
the D2 peak for class A should describe buildings that actually belong to B or lower
classes and that the D3 peak for class B could gather higher vulnerable dwellings;
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- in CMP different results come out from each procedure.
In the case of CSN (I=IX), the first two procedures seem to be comparable to the theoretical
model, although low damage for class A exceeds the expected, while [9]–1’s procedure
provides unfavourable results which could describe a I=X situation. More coherent results come
from [9]–2’s procedure, even though they cannot solve the contrast between the other
procedures and the theoretical model. Therefore, the theoretical model derived from the EMS98 is not coherent with the DPMs obtained from the conversion rules, although specifically
adapted to the sample. Class A sometimes appears to be less vulnerable than B or they show
the same damage grades. This fact may be explained with the compresence of buildings
belonging to different vulnerability classes in the same group.

Figure 2: DPMs for surveyed centres. Application of conversion rules to the sample of buildings (from second
to fifth column) and comparison with theoretical model [5] (first column, dashed lines)
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3 SOME OBSERVATIONS IN THE HINDSIGHT OF 2016 SEISMIC SWARM: THE
ROLE OF INTERVENTIONS IN BUILDINGS’ SEISMIC BEHAVIOUR
The application of the literature conversion rules to the data set (Figure 2) has highlighted
their limits in the vulnerability classification. In fact, these procedures do not take into account
the influence of structural strengthening interventions applied on buildings in a recent past,
observing only the presence of tie rods or tie beams. The effectiveness of these connection
systems on seismic behaviour is taken for granted, especially if they are associated to rigid
diaphragms (cfr. Table 1 and 3). However, observations demonstrated that the effectiveness of
tie rods is limited by masonry quality at the anchoring (Figure 3a, see also [25]), while r.c. curbs
on weak masonries cause crumbling, overturning and sliding of the walls (Figure 3b, c) [21].
Interventions revealed a ‘relative’, i.e. favourable or unfavourable, contribution to a
building’s seismic behaviour [8,16,20,21,23]. Table 4 sums up the typical structural
interventions observed in the five centres. This information cannot be ignored anymore: a great
amount of strengthened buildings were recognized in CSN (85%), MCC (94%) and CMP
(98%). In the last case, structural interventions applied after the 1979 earthquake [26] caused a
dichotomy in buildings’ behaviour (see Table 2): buildings with holistic interventions suffered
of minor damage, while on the other hand buildings with partial interventions (see §2.1) caused
severe damage and buildings’ collapses. The miss use of this data in conversion rules does not
allow to attribute the correct vulnerability class to strengthened buildings.
Moreover, according to the conversion rules, the unconditional favourable effect of rigid
slabs on a building’s seismic behaviour yields to classes B or C. In the authors’ opinion, on the
basis of the empirical evidence, that could be true only in case of low levels of seismic input
(Figure 4a), while near the epicentre rigid diaphragms on poor masonries induce crumbling
phenomena and a building’s collapse (Figures 4b and 4c). Therefore, the vulnerability
increases, and the building is prone to suffer of a higher damage, as already appeared after the
1997 Umbria-Marche earthquake [27].
Another problem of the literature rules is the limitation to the first three classes, among which
class C generally defines buildings with artificial blocks or dressed stone masonries; this
classification needs to be widened to better explain the real seismic behaviour. The issue has
been recently discussed by the authors [21,23], underlining that buildings with holistic
interventions could be actually described by class D, typical of new buildings (§1.1), while
partial interventions yield class A. Original buildings without strengthening interventions (stone
masonries and timber floors) belong to class A, such as buildings with original unreinforced
stone masonries and replaced diaphragms with rigid or semirigid ones (Figure 5a). As well as
recent buildings (Table 5), deep repointing and thick cementitious plasters on bearing walls
allow to reach class C (Figure 5b), while core interventions, such as grout injections and r.c.
jacketing, could lead to class D, regardless floors’ stiffness (Figure 5c). Class B is not explicitly
defined, but it expresses the possible range of vulnerability thanks to the structural details and
the masonry quality.
Figure 6 shows the new DPMs derived from the proposed classification for the five case
studies: the widened classification (from class A to D) better describes the observed buildings’
seismic behaviour and the comparison with the theoretical model (Figure 2), with more coherent
results. Bimodal trends have been removed, the use of class D and the spreading of class C for
each centre lead to a better distribution of the six damage peaks.
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a.

b.

c.

Figure 3: Examples of poor seismic behaviour in a strengthened masonry building, CSN: a) Not effective tie
rods on bad quality masonry; b) overturning of last storey and c) of internal bearing walls due to r.c. curbs and to
excess of stiffness and weight of reinforced timber roof

b.

a.

c.

Figure 4: Examples of damage due to rigid roofs: a) Slip of the roof and horizontal arch (VZZ); b) Masonry
leaves separation and local overturning (CSN); c) Total collapse due to crumbling of masonry (CMP)

b.

a.

c.

Figure 5: a) Class A building: poor masonry quality and floors replaced with rigid ones (MCC); b) C class
building: random layout limestone masonry reinforced by deep repointing with cementitious mortar (CSN); c) D
class building: random layout limestone masonry reinforced by grout injections and r.c. jacketing (internal side)
(CMP)
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8%
32%
32%
24%
10%

45%
63%
20%
44%
20%

5%
47%
9%
13%
5%

r.c. jacketing,
internal wythes)

78%
98%
85%
94%
81%

Core
interventions on
walls (injections,

11%
0%
5%
0%
1%

thick cementitious
plaster)

With structural
interventions

12%
2%
10%
6%
18%

Superficial
interventions on
walls (repointing,

Built starting
from the 80’ s

129
57
128
133
79

Replacing or
strengthening of
floors, no
strengthening
interventions on
walls

No structural
interventions

ACQ
CMP
CSN
MCC
VZZ

No. of inspected
buildings

Settlements

Table 4: Relative presence of interventions on walls and horizontal structures in the sample
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Table 5: Vulnerability class according to empirical observations of the authors
No structural
interventions

Built starting
from the 80’s

Replacing or strengthening of
floors, no strengthening
interventions on walls

Superficial
interventions on walls

Core interventions on
walls (injections, r.c.

(repointing, thick
cementitious plaster)

jacketing, internal wythes)

A

D

A

C

D

Figure 6: Empirical DPMs according to Table 5

4

CONCLUSIONS

The definition of a building’s vulnerability class is a staple in the proposal of risk reduction
strategies. Using post-earthquake survey data, some procedures have been developed in order
to identify the vulnerability class considering the interaction among bearing walls, horizontal
structures and connections. The application of these procedures to 525 buildings inside five
centres struck by the 2016 Central Italy earthquake underlined a conceptual lack in those rules
for the specific context. In fact, the empirical DPMs highlighted i) an overlapping of damage
distributions of different classes and ii) a bimodal trend in the damage grades.
In field surveys, the effects of strengthening or retrofit interventions applied to buildings
after past seismic events are evident. The authors observed substantially different seismic
behaviours within the same centre between unreinforced and strengthened buildings, and
between partially or completely strengthened ones. Holistic interventions on the ensemble of a
building’s structural elements lead to negligible seismic damage, while partial and local ones
cause severe damage. Consequently, some discrepancies between the observed damage (hence
the explicated vulnerability) and the vulnerability estimate (hence the expected damage grade)
through literature rules have been remarked. In particular:
i) according to those rules, rigid slabs always improve the seismic behaviour, regardless of
the masonry quality; the same happens for r.c. tie beams;
ii) those rules consider only the first three vulnerability classes (A to C), but class C
(buildings with coursed layout and good masonry quality) is uncommon in the sample, where
random stone masonries prevail. Classes A or B only, defined according to the floors’ stiffness,
are not able to completely describe the observed buildings’ behaviour;
iii) the lack in those rules of the observation of strengthening interventions cannot lead to
the correct vulnerability class. Actually, flexible diaphragms replaced with rigid ones caused
such severe damage phenomena (e.g. masonry crumbling) that classes B or C do not express
these situations. On the other hand, holistic interventions both on vertical and horizontal
structures cannot be described by classes A or B, as the random layout of stone masonries would
classify them.
Trying to reduce these limitations, the authors have revised the attribution of the EMS-98
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vulnerability class to strengthened buildings [21,23]. As a rule:
i)
unfavourable interventions allow to attribute class A, regardless of floors’ stiffness;
ii)
favourable interventions could lead to class C (superficial interventions on the walls)
or D (core interventions). B is a ‘possible’ class, resulting from the evaluation of
structural details and materials.
These statements allowed to propose more coherent DPMs if compared to the empirical
observations, thanks to a wider range of vulnerability classes.
The procedure needs to be developed through the validation on other case studies and the
evaluation of other parameters, in order to better describe the empirical data according to the
EMS-98 model, preserving the rapidity that large scale vulnerability assessment needs.
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Abstract. Seismic vulnerability assessment of buildings is a process of paramount importance
for identifying those areas in a city demanding higher attention with respect to potential
earthquake attacks. Methods for evaluating seismic vulnerability require a more or less
accurate survey of the buildings geometrical and mechanical features, as well as of the
structural systems, in order to identify the vulnerability classes to which they belong. However,
even for relatively small-sized cities, the task of deriving vulnerability maps may be truly time
consuming. Therefore, the development of automatic tools for mapping vulnerabilities of urban
areas is necessary to reduce this effort significantly.
QGIS (www.qgis.org) is a free open source software which includes a large number of peculiar
packages, that make it a powerful tool and that can be well integrated or adapted with new
components or plugins. In this paper, a plugin for assisting in the generation of vulnerability
maps of an urban area is shown. The presented QGIS tool is applied to a case study, the historic
city centre of Popoli, in the Abruzzi region (Central Italy), which belongs to a relevant
earthquake-prone area and that was affected by two major seismic sequences in 2009 and in
2016-2017. Potential damage scenarios are presented and discussed, deriving useful
information that could be applied in risk mitigation strategies.
1

INTRODUCTION

The evaluation of seismic risk at the urban scale, as well as its visualization on maps, is a
theme of crucial interest for public stakeholders and private entities, such as insurance or
reinsurance companies. Seismic risk, 𝑅𝑅, includes the potential physical, economic, social and
environmental losses due to the earthquake hazard that may occur in a specified region, given
the vulnerability of its built environment, and within a defined period of time. A commonly
used definition of the seismic risk is the convolution of hazard (𝐻𝐻), exposure (𝐸𝐸), and
vulnerability (𝑉𝑉), as symbolically expressed by Eq. 1 [1]:
𝑅𝑅 = 𝐻𝐻 ⊗ 𝐸𝐸 ⊗ 𝑉𝑉

(1)

Seismic hazard is the “potentially damaging effects of earthquake at a particular location”.
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These effects are related to the surface rupture or induced ground shaking.
Exposure is related to the socio-economic value of the built environment in the area under
assessment. It includes the buildings occupants, the replacement costs (repair or
reconstruction), the turnover of commercial and industrial facilities, and other aspects.
Vulnerability is related to the quality of the built environment and can be defined as “the degree
of damage that is expected under a specified level of seismic demand ” [2].
The seismic vulnerability of a building is usually evaluated through finite-element (FEM)
analyses, which allow to accurately model the structure and its response under different ground
shakings. However, when the evaluation moves to the urban scale and several constructions are
considered, the use of more rapid approaches is preferable. Among rapid approaches, those
based on the evaluation of vulnerability indices or based on the adoption of fragility curves,
after the reconnaissance of few structural features, found a large consensus in the last years
[3,4,5]. These studies often represent scenarios on geo-referenced maps, to make easier to
communicate risk to Stakeholders and the population.
In the light of this premise, this paper presents a tool implementing different vulnerability
models to be applied at the urban scale, as well as their outcomes through maps. The tool is
implemented in a QGIS environment (www.qgis.org) and applied to a case study, the city centre
of Popoli, Abruzzi Region, Italy. In order to prove the versatility of the tool, two types of
predictive model are used: a vulnerability index-based method for old masonry buildings, that
represent a specific vulnerability class, and fragility curves retrieved by literature for other types
of buildings.
2. THE PREDICTIVE MODELS USED FOR THE SEISMIC VULNERABILITY
PLUGIN
2.1 The vulnerability index-based method for masonry buildings in historic centers
In recent years, a predictive model for the seismic vulnerability assessment of historic
centres has been proposed and validated by the Authors [6]. This method considers, for masonry
buildings, a vulnerability index 𝑖𝑖𝑣𝑣 , resulting from a weighted sum of 14 vulnerability
parameters, 𝑃𝑃𝑘𝑘 , assigned downstream of an accurate geometrical and structural survey carried
out on all the buildings -or on a statistically representative stock- that form the centre. Given
the average value of all the vulnerability indices, 𝑖𝑖𝑣𝑣∗ , this is used in order to assess the mean
damage grade 𝜇𝜇𝐷𝐷 expected for the whole historic centre under a specific earthquake intensity,
𝐼𝐼 (MKS scale), according to the formulation given by Sandi and Floricel [7]. The damage grade
𝜇𝜇𝐷𝐷 is therefore used for applying the binomial distribution reported in Eq. (2) in order to assess
the probability pk of attaining one of the six damage grades k -expressed by integers ranging
between 0 (no damage) and 5 (full collapse)- according to the classification proposed for the
European Macroseismic Scale, EMS-98 [8].
k

5!
    
pk

  D   1  D 
5 
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2.2 The fragility curves dataset-based method for RC buildings outside of the historic
centre
Fragility curves relates the probability of a building to reach or exceed a certain level of
damage, 𝑃𝑃(𝐷𝐷𝐷𝐷), for increasing earthquake intensities [9], see Figure 1 [10]. Fragility curves
are derived through non-linear static or dynamic analyses of structures. Levels of damage are
defined by fixing thresholds or Engineering-Demand Parameters (EDP), such as the inter-storey
drift. Different earthquake intensity measures (IMs) can be used to quantify the level of shaking.
The peak ground acceleration (PGA) is commonly used in Europe, while the pseudospectral
acceleration (PSA) is commonly used in the United States.

Figure 1. Examples of fragility curves for RC buildings [10].

The biggest available database of fragility curves, which has been considered for the case
study dealt with in this paper, are provided by the Syner-G project in Europe [10] and by the
Federal Emergency Management Agency (FEMA) in the United States [11]. Databases usually
present fragility curves as cumulative lognormal distribution along with their two parameters,
that are the median and standard deviation.
3. DECRIPTION OF THE SEISMIC VULNERABILITY PLUGIN
3.1 General description
Quantum GIS or QGIS (www.qgis.org) is a free open source Geographical Information
System (GIS) software that includes particular packages that make it a powerful tool. QGIS is
currently used by a wide and international community and is constantly updated [12]. The User
interacts with the software via a Graphical User Interface (GUI), which contains an integrated
set of menus, toolbars and other options. The GUI gives access to the GIS tools, while the
toolset defines the capabilities or function of the GIS for processing geographic data.
The inclusion of the plugin function to the interface QGIS is shown in
Figure 2. It adds a seismic risk calculator to the QGIS environment and supports the User
with new integrated functionalities related to the automated application of adopted vulnerability
models.
Once that a shapefile (.shp) that holds the geometry and attribute information
(identification, address, description, etc.) of all the buildings under assessment is uploaded, so
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that a geographical database is generated into the GIS environment, the functionalities, whose
development is described in the following paragraphs, have to be implemented. For a better
comprehension, the map referred to the studied urban centre of Popoli is shown.

Figure 2. Seismic risk plugin interface

3.2 The hazard assessment
At first, the seismic hazard has to be defined, according to the flowchart of Figure 3.

Figure 3. Seismic hazard analysis with the proposed QGIS tool.

The tool gives an estimation of the hazard values, taking in consideration Ground Motion
Prediction Equations (GMPEs) [13] or attenuation laws. These equations return the level of
ground shaking at any given location, considering the possible amplification phenomena due to
the soil characteristics and the attenuation due to the distance. In particular, the general form of
the equation Eq.3 used for regression analysis [14] is implemented
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log( PSA )  a  bM  cR  dS

(3)

where, PSA is the geometric mean of two horizontal spectral accelerations at various periods;
M [15] is moment magnitude, R is hypocentral distance in km, S is a site factor (0 for rock
sites and 1 for soil sites) and a, b, c and d are constants to be determined from regression
analysis.
Having defined all inputs, the tool is able to calculate the ground acceleration
corresponding to the site of each all building, as reported in Figure 4.

Figure 4. Calculated hazard for a community of study (shapefile).

3.3 Vulnerability evaluation
As stated before, two methods for the vulnerability evaluation have been considered: a
method based on the definition of a vulnerability index, reliable for masonry buildings
belonging to historic centres, and the other based on the application of fragility curves, for the
other building types (Fig. 5). Obviously, the methods cannot be applied simultaneously, thus a
preliminary step consists in dividing the urban centre in homogeneous compound, where most
of the building present the same features, and to merge at the end the obtained maps, such as
the one shown in Figure 6.

Figure 5. Selection of the method to apply in the seismc vulnerabilty evaluation.
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With reference only to the masonry building of the historic centre, after a structural and
geometrical survey of all examined buildings, the vulnerability parameters, 𝑃𝑃𝑘𝑘 , have been
assigned so that the vulnerability index, 𝑖𝑖𝑣𝑣 , has been evaluated and mapped, see Figure 6.

Figure 6. Vulnerability map for the masonry buildings’ portfolio

The obtained thematic map allows to immediately observe which areas of the city present
the higher vulnerability, thus allowing prioritizing any future risk-mitigation interventions. The
coloured map is realized based on the shapefile loaded by the User at the beginning of the
analysis. The user can update any of the vulnerability parameters in one Excel file and
automatically generate a new vulnerability map. Once that all the buildings 𝑖𝑖𝑣𝑣 have been
determined, the mean damage grade, 𝜇𝜇𝐷𝐷 , is evaluated according to the chosen methodology [6].
The evaluation and mapping of the vulnerability and damage is shown in the flow diagram
of Figure 7.

Figure 7 . Calculation and mapping of the vulnerability index and mean damage grade using a predictive model.

Then, RC buildings outside the historical centre are divided into topological classes after a
visual structural and geometrical inspection. Each class represents all buildings whose response
towards a seismic event is deemed comparable. Usually, similarities in terms of construction
material, construction period, number of floor and irregularities in plan and in height are
considered in the class definition. Subsequently, a set of fragility curves is assigned to each
class [10], and are uploaded in the tool. In this way, given an earthquakes of defined intensity,
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the fragility curves will return the expected damage probabilities, 𝑃𝑃(𝐷𝐷𝐷𝐷). The process is shown
in the flow diagram of Figure 8.

Figure 8. Calculation and mapping of the damage probabilities using fragility curves.

3.4 Exposure definition for loss assessments
In seismic risk assessments, losses are usually considered in terms of expected fatalities,
injuries, and repair/replacement costs. In order to include the losses in the proposed tool, the
building repair/replacement cost per square meter has to be assigned. The repair/replacement
cost is defined as the required monetary value to construct a building with the same
characteristics according to the current costs [16]. In case this information is not available,
average values may be used. For example, average values of repair/replacement costs for
residential buildings in Central Italy are available thanks to an extensive survey of the
reconstruction after the 2009 L’Aquila earthquake [17,18,19,20].
Moreover, building occupants can be included in the analysis. Also this data can be inputted
in the tool by filling a worksheet that has been arranged to this purpose.
Once the hazard is defined -for example through the macro-seismic intensity 𝐼𝐼 or the PGAand once that the vulnerability model is defined, based on the obtained damage scenario, the
expected number of casualties and repair/replacement costs can be evaluated. Loss estimations
are automatically provided by the proposed tool, and the process is shown in Figure 9. At the
current stage, the casualty estimation is performed using the approach proposed by Zuccaro and
Cacace (2011) [20] that can be applied with both the Vulnerability Index method and the
fragility curves.

Figure 9. Calculation of socio-economic losses.
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3.5 Visualization of results
Once that the necessary data are loaded and once that the different kind of analysis are
performed, the User can query the outcomes of the evaluation in an interactive way, as it is
shown in Figure 10. It is possible to click on one of the buildings and the tool will show the
detail of both the input and the output data used of the analysis. For doing this, the “Inspect data
button” has to be activated.

Figure 10. Querying the result of the runned seismic risk assessment.

4.

APPLICATION TO A CASE STUDY: THE HISTORIC CITY-CENTER OF POPOLI

Popoli is a small town of approximately 5000 people in the Abruzzi Region, Central Italy,
see Figure 11.

Figure 11. Popoli aerial view.
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The area has been affected by two major seismic sequences in 2009 [22] and in 2016-2017
[23]. The city has been selected as a case study because, despite its small size, it has a public
hospital, a K-12 school system, two major industrial areas, two electric power network (EPN)
substations and a train station. Moreover, the city is crossed longitudinally by a river and the
two parts are connected by a series of bridges.
165 buildings of Popoli have been modelled in a shapefile and loaded into QGIS. The map
uses the WGS84 coordinated system [24]. Figure 11 shows the hazard map of a hypotetical
earthquake scenario, with the earthquake epicentre in the coordinates (13.47; 42.37). In this
example, local soil effects are neglected. With the support of the tool, it has been possible to
immediately visualize the effects on the city.

Figure 11: Hazard map of Popoli for a defined earthquake location.

Vulnerability parameters, for the masonry buildings of the historic center, and the fragilities
curves, for the other buildings, have been loaded, producing the damage scenarios shown in
Figure 12. The colored map clearly identifies the most affected buildings.
The loss estimation is shown in Figure 13 and Figure 14. The total number of casualties
and injured as well as the sum of direct economic losses is displayed and, like the damage
scenario, a colour map is used to clearly identify the most affected buildings.
5.

CONCLUSIONS

In this paper, a semi-automated tool to produce seismic risk maps has been presented. This
tool includes risk evaluation routines into a GIS platform and it is able to calculate the expected
damage or losses, given that information on vulnerability and hazard are provided. The adopted
GIS platform is open source. Therefore it can be used by communities free of charge. Future
studies will aim to apply this tool to additional case studies in order to improve the method and
help cities to achieve a better knowledge of their seismic risk. The proposed tool is a combined
effort between civil engineers and computer scientist.
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Figure 12. Damage scenarios of Popoli for a hypothetical earthquake location.

Figure 13: Casualty estimation of Popoli for a defined earthquake location.

Additional developments or inclusion of routines will need not only a proper knowledge of
seismic risk but also the technical expertise to implement the desired functionalities. For this
reason, it is important to continuously encourage the bridging and cooperation between the two
areas of research.
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Figure 14. Economic loss estimation of Popoli for a defined earthquake location.
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Abstract. The study of the seismic vulnerability of historical centres, especially in the
Mediterranean zone, is one of the main issues in ongoing scientific research. This is due, on
the one hand, to the continuous evolution of the seismic demand and, on the other hand, to the
high
vulnerability
of
the
masonry
existing
building
stock.
The seismic events of the last few years highlighted the necessity to perform a large-scale
survey of the huge amount of masonry buildings in historical centres, in order to provide
prioritization scales for planning mitigation strategies. With this regard, the scientific
literature provides several methodologies that allow a rapid assessment based on predefined survey forms. The data obtained from the surveys are usually used as the input for
algorithms aimed at estimating the vulnerability level of the building investigated.
The aim of the present work is to propose a general framework for analysing seismic
vulnerability of masonry historical centres and deriving fragility curves basing on multiple data
sources. In particular, using data collected through existing territorial databases,
supplemented by a set of vulnerability forms available for the city centre of the
Municipality of Foggia, Southern Italy, some vulnerability classes are defined. Based on the
mechanical and geometrical features identified for each class, several ideal and
representative buildings are generated, and their seismic behaviour is investigated through
the
variation
of
significant
parameters.
At the end, the capacity of the buildings is evaluated by performing simplified nonlinear
analyses and, subsequently, by estimating the damage level of the sample through the definition
of regional fragility curves.
1

INTRODUCTION

In the last few decades, the interest in the seismic behaviour of existing buildings
has continuously grown, considering the high vulnerability to earthquakes exhibited by the
existing building stock. In particular, the cities in the seismic-prone areas present a variegated
portfolio of buildings, mainly including Reinforced Concrete (RC) and masonry ones.
To quantify the capacity of the existing building stock to cope seismic events, the first
approach usually adopted is the sweep assessment of the structural health of all buildings
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through fast methods, based on the compilation of survey forms and retrieval of few
observational parameters, which allow to provide a first prioritization useful for optimizing the
funds destination to mitigate the seismic risk.
The scientific literature provides several examples of this approach [1], both for RC [2-5]
and masonry [6-8] buildings. For example, the CARTIS form [9], developed by the Italian Civil
Protection Department (DPC), within the ReLUIS project, allows to define homogenous urban
sectors, which are composed by same typologies of RC and masonry buildings. The form is
composed by 4 survey sections for collecting information about the building typologies,
structural and constructive features in each urban sector of the Municipality investigated.
Another example is provided by the GNDT form [10], which allows to collect relevant
information about some observational parameters (e.g. configuration in plan and elevation,
structural and non-structural elements,…) on the basis of which an indirect methodology for
calculating a seismic vulnerability index for each building investigate is implemented.
In [11], a methodology for the study of seismic vulnerability of historical centres at the
regional scale was developed, based on the collection of data for 4519 housing units in the
municipality of Foggia, through an ad-hoc electronic survey sheet.
Usually, the data collected with survey form methods are useful for providing results about
regional seismic vulnerability and, in particular, can be used for computing regional fragility
and losses curves through probabilistic analysis based on mechanical models. Also in this case,
the scientific literature provides a lot of methodologies for achieving this goal both for RC [1217] and masonry [18-19] buildings.
In this framework, the Geographic Information System (GIS) represents an important
informatic tool useful for managing the big data generated by rapid assessments methods, and
it allows to extract, integrate and elaborate information from different sources developing a
geo-referenced database. In a GIS environment, all kinds of information are organized and
structured through the assignment of features and attributes to specific points, or in this case,
buildings. [20-24].
One of the main limits of this kind of fast procedures is represented by the nature of the form
survey. In fact, all the above-mentioned methods provide the survey of the individual building
units, both for RC and types. For RC buildings, this does not represent a big limitation but, for
masonry buildings, the consideration of individual units does not allow to consider the typical
structure of historical urban centres, which usually are rather urban aggregates.
The scope of this paper is the study of the urban masonry aggregates at regional scale, by
matching the information provided by rapid visual survey methods and the data visualization
provided in GIS environment. The proposed methodology, tested on a pilot example -the
Municipality of Foggia- consists in the identification of the typical configuration of masonry
buildings in a specified urban sector, that becomes an “index building” and the base for a
mechanical model. According with the available information, some characteristic geometric
and mechanical parameters are varied within predefined ranges, generating several numerical
models of the same aggregate. Nonlinear analyses are performed according to the pushover
approach, and regional fragility curves for serviceability and ultimate limit states are derived.
2 SEISMIC VULNERABILITY OF MASONRY AGGREGATES: STATE OF ART
The historical centres of the Mediterranean cities are prevalently constituted by masonry
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buildings, which usually were built chaotically, covering the greater part of the urban territory.
In addition, the urban fabric was continually modified with the addition of masonry units in
elevation or in plan to existing ones.
Because of this complex aggregation of masonry buildings, it is difficult to investigate the
structural and seismic behaviour of the single units (due to the interaction among adjacent
units), and of the entire aggregate (since it is difficult to investigate in detail all the geometrical
and mechanical features of all interacting units, especially in a large-scale analysis).
Recent technical codes do not provide methodologies for tackling this issue and, in fact, they
provide only methods to investigate the seismic behaviour of individual, independent masonry
buildings. On the other hand, the scientific literature provides some studies that analyse the
seismic vulnerability of masonry building compounds, considering both large scale and single
scale analyses.
In [25], the building aggregates of the historical centre of Coimbra at regional scale was
investigated, looking for the variation of some generic parameters, such as geometrical and
mechanical features and seismic demand. In [26], an easy method for large scale analysis of
seismic behaviour of masonry aggregates was proposed, consisting in a new form for defining
the key features to use in numerical models. After the calibration of the methodology, it was
tested on an historical centre, damaged from the Aquila Earthquake. The same author [27],
developed a simple methodology to forecast the seismic behaviour of masonry aggregate,
providing a design scheme for predicting the force distribution of each building unit.
With regard to the single building aggregate, in [28], the aggregation of masonry units is
investigated from the global point of view, reporting that the aggregate effect allows to have
greater safety factors than the single units, with change of every single building stiffness. In
[29] some parameters influencing the aggregates behaviour were investigated, as length of row
conglomerations and of flexible floors. The study was aimed to extract the single unit from the
compound and to analyse the single unit as representative of the entire aggregate.
In [30], a study on the urban aggregates of Azores Islands was presented, wherein a
numerical model was developed and investigated through nonlinear pushover analyses. The
results showed the global seismic response of the compound, highlighting the effects due to the
different heights of each adjacent unit.
In [31], a computational model was performed for the case study representative of Foggia
and Sant'Agata di Puglia historical centres. The numerical model was investigated with
nonlinear dynamic analyses, showing the differences, in terms of stress and strain distribution,
obtained among each part of the compound. Other studies investigated also the interaction of
both RC and masonry single units, as shown in [32].
The complexity of all the aspects involved in the seismic vulnerability of masonry urban
aggregates, as reported by the scientific literature, has motivated the authors of this paper to
propose a methodology for full investigating the effects of some geometrical and mechanical
parameters in a large scale analysis. In particular, the procedure has been applied to a urban
district of the Municipality of Foggia, generating a set of numerical models so that they can
represent the typical configuration of the local building aggregates and computing the
vulnerability curves.
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3 SEISMIC VULNERABILITY OF URBAN MASONRY AGGREGATES AT THE
REGIONAL SCALE: PROPOSAL OF A METHODOLOGY
The proposed methodology allows to compute vulnerability curves to regional scale of
masonry urban aggregates, following the steps shown in Figure 1.

Figure 1: Conceptual steps of the proposed methodology

The first step consists in the collection of the information provided by rapid surveys, as the
ones provided by CARTIS form. Generally, for masonry buildings, the reliefs are performed
for single units and then, it is necessary to collect all data in a unique database, made through
GIS layers, in order to have a general view about each urban sector.
The second step consists in the generation of the GIS database, which allows to identify
different urban sectors in the Municipality.
Once that the urban sectors are identified, it is possible to select the one to be investigated.
In particular, we have chosen the one constituted mainly by aggregate masonry buildings, which
coincides with a part of the historical centre. In the selected urban sector, a set of recurring
building compound typologies has been identified.
By matching data and features collected for all surveyed units with those derived from Cartis
forms, it has been possible to define a variation range for the properties of the reference building
unit. In particular, using the GIS tools, the features and attributes of each record (e.g., height of
the storeys, dimensions in plan, of the building units, percentage of openings in masonry panels,
the masonry type, …) can be extracted and processed in order to identify the input data for
generating a representative FE numerical model of the entire compound. This model is then the
starting basis for a sensitivity analysis for the study of the seismic vulnerability at large scale.
Basing on the information collected through the above-mentioned methodology, a set of
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characteristic geometrical and mechanical parameters is selected for the single unit typology
and a corresponding plausible range of variation is identified. Starting from this reference
“index” model, a series of parametrical variation is performed on the geometrical and
mechanical features by adopting the following procedure. According to [2], given n parameters
(npar) and a range subdivided into m steps (msteps), the total number of FE models (Nmodels) to be
generated is calculated as:
𝑛𝑛

𝑝𝑝𝑝𝑝𝑝𝑝
𝑁𝑁𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 = ∏𝑖𝑖𝑖𝑖
𝑚𝑚𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠

(1)

In order to define the numerical model of the entire aggregate, an elementary Reference
Building Cell shall be repeated in-plan and in height, with the aim to cover the entire area of
the compound displayed in the GIS map and reproduce the target aggregate.
Generally, according to the parameters chosen, it will be possible to define different
reference units, which will be the basis for generating a series of building aggregates. In this
work, for brevity sake, only one of the many possible type of building cells will be considered,
in order to the number of possible combinations in the sensitivity analysis.
For each FE model (i.e. one random realization of the target aggregate, obtained by repeating a
single cell on a 3D grid), nonlinear pushover analyses are performed and the vulnerability
index is computed in terms of capacity/demand (C/D) ratio for the different limit states, .In
order to compute the vulnerability curves, the values of C/D are evaluated for increasing levels
of the seismic demand (this is achieved by progressively increasing the return periods that
define the design spectrum, correspondingly evaluating the capacity ratios and extracting the
regional vulnerability curve for that building aggregate typology .
More in detail, each regional vulnerability curve is expressed as the probability to have FE
models with a capacity-demand ratio of the entire aggregate C/D<1, calculated for increasing
values of the Intensity Measure (IM) (that is assumed to be the peak ground acceleration PGA), conditioned by each limit state assumed.
4 APPLICATION OF THE METHODOLOGY: THE CASE STUDY OF THE URBAN
CENTRE OF FOGGIA
By following the framework described in Figure 1, the proposed methodology has been
applied to the municipality of Foggia, Southern Italy. Within the activities of the ReLUIS
project, the Cartis forms have been compiled for the city and the data have been collected into
a GIS database. Based on the investigations about building typologies, both for RC [33] and
masonry buildings, six urban sectors have been identified, as shown in Figure 2.
The 6 urban sectors listed in the legend of Figure 2 have been sorted according to the more
frequent building structural typology, basing on the attributes provided by the Cartis form (e.g.,
construction year, materials, shape,…). In this case, as it often happens in Southern Italy, the
main part of the historical building stock is located in the city centre, covering the urban sectors
named C01-C02-C03. We focused on the urban sector C02, as shown in Figure 3, dating back
to 1700. The entire urban sector is composed mainly by masonry buildings (about the 60% of
all buildings) classified, in the framework of CARTIS data collection, in 2 different structuraltypological classes, surveyed using CARTIS form which contain general data, geometrical
features and the information for identifying the mechanical parameters.
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Figure 2: Urban sectors of Foggia Municipality, through GIS elaboration

From Figure 3 it can be observed that in the considered sector urban aggregates of different
shapes are present. Anyway, they are mostly rectangular, and the typology of the basic building
unit is a duplex terrace configuration. By analysing the information of the Cartis form and
taking an average of the values detected, we have defined the reference building cell that
represents the more frequent structural typology in that urban sector and that is repeated in the
urban compounds

Figure 3: View of the historical centre of Foggia and structural typology identification through CARTIS form.

This reference unit is a rectangular masonry building of in-plan dimension of 10m x 15m
and interstorey height of 3.5m. All the perimetral walls and the central wall in the longitudinal
direction are load-bearing walls, with a width of 40cm. The central walls have a width of 20cm
and are partitions. On the shorter side some openings are present and, in particular, it is
assumed, that each wall presents 2 windows of dimensions 80cm x 120cm and 2 doors of
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dimensions 90cm x 220cm. The floor is a ribbed slab with RC joists and hollow clay blocks
16cm high, covered completed by a RC plate 5cm thick. Regarding materials, according to the
reports made by surveyors, the masonry panels are made by regular limestone blocks, similar
to those provided in the Italian Building Code.
4.1 Numerical modelling and sensitivity analysis
The numerical modelling of the reference cell and of the overall aggregate has been carried
out through the software POR2000 [34], which use the methodology proposed by Tomaževic
[35]. In particular, masonry walls are modelled as shell elements with fixed restraints at the
base; horizontal slabs are considered as rigid diaphragms through the application of internal
constraints. The applied loads are permanent and live loads, partially computed by the software,
according to the geometrical and mechanical features of the masonry, and partially
implemented by the user, according to the specific destination use (in this case, residential).
With regard to the nonlinear behaviour, as suggested by POR methodology, each masonry
wall is assumed to have a shear-type behaviour, with the limit displacement, for each limit state,
defined according to Section 4.2.
The procedure, at this point, provides firstly the choice of a specific Reference Building
Cell, with a defined geometry, and subsequently the sensitivity analysis. With regard to the
dimension of the urban aggregate, the first parameter varied is the clustering pattern of the cells
in order to fill the in-plan footprint shown in the GIS map. As shown in Figure 4, in the urban
sector analysed, 4 typologies of building aggregates, with rectangular shape, have been
identified.

Figure 4: Left: identification of the recurrent building blocks in the Sector C02. Right: an example of random
clustering of the building cells.

Table 1 reports the ratio between the sides of the rectangular building block, which will be
reproduced by clustering the single cells according to the pattern of a duplex terraced buildings.
In addition, Table 1 reports the geometrical and mechanical parameters varied in the sensitivity
analysis, which are the height of masonry aggregate (a maximum of 2 storeys is assigned, with
the second storey that can recess by ½ and ¼ from the ground floor -) and the mechanical
parameter of the limestone, defined according to the range provided by the annex of the Italian
Building Code [36], and indicated in the table with the symbol σm, which is the compression
strength of the masonry.
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Table 1: List of the parameters varied in the sensitivity analysis and variation range adopted.
Ratio between aggregate sides Number of storeys
1
2
1+1/2
1+1/4
1
2
1+1/2
1+1/4
1
2
1+1/2
1+1/4
1
2
1+1/2
1+1/4

1:1

1:2

1:3

1:4

σm (N/mm2)
min max
2,00

3,20

2,00

3,20

2,00

3,20

2,00

3,20

The other relevant mechanical parameters of the masonry are associated to the value of σm:
shear strength of the masonry τ0, (which varies between 0,04 and 0,08 N/mm2), the elastic
modulus E, which varies between 1200 and 1800 N/mm2), the shear modulus G which varies
between 400 and 500 N/mm2), the Poisson's ratio ν= 0,05 and the specific weight w= 16000
N/m3.
According to the Eq. 1, 32 FE models have been generated and each of them has been
investigated in nonlinear field through pushover analysis.
4.2 Pushover results and regional vulnerability curves
It is worth highlighting that in the analyses only in-plane failure mechanisms have been
considered, i.e., only global response has been taken into account. Assuming the centre of the
mass of the last storey as the control node, for each capacity curve the software provides the
different performance points (Vb – roof displacement δR) corresponding to the attainment of the
limit states. In particular, according to the Italian Building Code, the limit state thresholds
considered are defined as follows:
• for immediate occupancy (IO), the limit state threshold is defined as the value of the
horizontal displacement equal to 0.3% of the generic masonry panel height;
• for life safety (LS), the limit state threshold is defined as the value of the horizontal
displacement obtained to a reduction of 10% of the maximum Vb in the pushover
curve;
• for near collapse (NC) limit state, the limit state threshold is defined as the value of
the horizontal displacement corresponding to a reduction of 15% of the maximum
Vb in the pushover curve.
According to the N2 method, the Capacity/Demand ratios are computed for all the models and
limit states. The seismic demand has been assumed as the one provided by a code spectrum
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Probability

computed for the average coordinates of the sector C02, for the return periods: TR= 50 years
for IO, TR=475 years for LS, TR= 975 years for NC. In order to compute the vulnerability curves
for all the considered limit states, the C/D values have been recomputed by changing the TR of
the spectrum and increasing the seismic demand. In particular, the computations have been
performed for other values of Tr. The results in terms of C/D obtained for all the models, which
are 96 values for each limit state, have been processed for the computation of urban
vulnerability curves for the urban sector considered, assuming as IM the ag parameter. These
curves express the probability of exceeding the IM corresponding to a safety level greater than
1 (C/D>1) for the Building aggregates in the urban sector investigated, conditioned by the
above-defined limit state’s threshold.

Figure 5: Regional vulnerability curves obtained for the urban sector C02, for LS: IO, LS, NC

The results obtained in terms of vulnerability curves are shown in Figure 5, while the parameters
that identify the curves: median (μreg) and dispersion (βreg), are reported in Table 2.
Table 2: Median and dispersion of regional vulnerability curves

Vulnerability
curves

μreg

βreg

IO

0.082

0.053

LS

0.088

0.057

NC

0.122

0.058

5 CONCLUSION AND FUTURE DEVELOPMENTS
In this work, a mechanical-based procedure is developed for computing the vulnerability
curves of masonry building aggregates at the large scale. In particular, input data are obtained
by combining information extrapolated from Cartis forms and data stored in a GIS platform.
By using data about the recurrent structural typologies defined within each of the
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homogeneous urban sectors detected in the municipality, it has been possible to identify the
sector constituted mainly by masonry buildings, located in the historical centre. Moreover, a
Reference Building Cell has been defined, which can be spatially repeated in order to cover the
aggregates’ shape as seen in the GIS map.
By numerically modelling the Building aggregate and varying the geometrical and
mechanical features within plausible variation ranges, different numerical configurations have
been generated and investigated by nonlinear pushover analysis. The values of the vulnerability
indexes, expressed in terms of C/D, have been computed for increasing seismic demands. and
vulnerability curves for three limit states have been derived.
This procedure has been applied to the case study of Foggia, Southern Italy, where an extensive
survey campaign has been performed. After storing and organizing data storage in the GIS
environment, attention has been focused on the masonry buildings of a specific urban sector,
conceiving a proper Reference Building Cell. Varying some characteristic parameters,
according to the information derived from CARTIS form, a sensitivity analysis has been
performed and vulnerability curves for 3 limit states have been plotted.
The future developments will provide the extension of the analyses on the same urban sector,
by increasing the number of reference cells. Furthermore, additional numerical combinations
will be proposed, accounting for more information and more variables, in order to compute full
vulnerability curves for the urban sector investigated.
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Abstract. The need to define earthquake prevention and intervention strategies, in order to
limit dramatic consequences for the society, has acquired a high priority in countries where,
like in Italy, a large number of historic masonry buildings (listed or not) are located in areas
with medium to high seismic hazard. From the point of view of the level of safety to be
reached through interventions, the concept of improvement, as opposed to that of full
strengthening, is nowadays widely accepted in the case of monumental heritage; what is still
lacking, in many cases, is a procedure for the vulnerability analysis, as a synthetic evaluation
tool for the definition of intervention priorities. In a modern perspective, where territorial
planning is conceived as a safety project for the territory, the seismic vulnerability analysis
should not be confined to specific technical documents, but should rather be considered at a
general level; in this way only, indeed, the issue of seismic risk could acquire widespread
knowledge and awareness in the population, also pushing urban planning in the direction of
general programs for the increase of seismic safety. In the above perspective, revised criteria
have to be developed for a global vulnerability assessment, to be introduced at a general level
in territorial planning. Considering that seismic vulnerability analyses are strictly dependent
on specific building typologies, attention has been focused, in the present study, on to the case
of structural aggregates in historical centers, thus following the needs of the Italian Civil
Protection Agency in relation to seismic prevention activities in historical towns. The
research, which is still in progress, takes advantage from the application to a few study cases,
suitable for the experimental testing of procedures.
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1

INTRODUCTION

The frequent recurrence of seismic events in Italy in recent times has stressed the need, for
the society, to develop effective levels of preparedness, in order to reduce the negative impact
on the safety of people, the conservation of the built environment, and the continuity of
normal life. To this purpose, the seismic vulnerability analysis of buildings and public works
in general is a fundamental prevention tool; within this context, vulnerability has to be
intended in its original meaning, i.e., a fast qualitative evaluation of the inclination, for the
structure, to suffer damage from an earthquake. Based on meaningful indicators, not
necessarily of a structural nature, the vulnerability analysis is therefore suitable for being
applied to large groups of buildings with a statistical purpose.
Originally, vulnerability analyses were conceived in view of risk reduction strategies with
the purpose of highlighting the possible lack of seismic resistance, thus suggesting
consolidation interventions and favouring seismic damage prevention. In recent times, as a
consequence of the development of effective and well organized Civil Protection Services for
natural disasters and, in particular, earthquakes, vulnerability analyses have also been
recognized as the necessary tool for a positive management of emergency situations, in the
sense of supporting preparedness to damage scenarios.
Starting from the traditional approach to vulnerability evaluations, based on the analysis of
single structural units, new procedures have now to be formulated, extending consideration to
entire structural aggregates, in view of the development of wide damage scenarios at the
urban scale. Recently, this specific need has been formulated by the Italian Civil Protection
Agency as a support to the development of Civil Protection plans; specifically, in accordance
with the typical nature of the Italian built environment, the study is focused on the
vulnerability analysis of historical aggregates of ancient urban centers (Fig. 1).

Figure1: Typical views of historical aggregates.

The paper presents the criteria adopted for the re-formulation of traditional vulnerability
analyses at the scale of aggregates of structural units, in the spirit of a qualitative analysis for
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a fast application at a wide scale, taking advantage of the numerous studies on seismic
vulnerability procedures which have been developed through time.
2 THEMATIC FRAMEWORK
The vulnerability analysis, as originally conceived [1], clearly showed the possibility of
developing the formal implementation of a qualitative approach to the analysis of the seismic
capacity of masonry buildings. This was supported by the high degree of knowledge which
had been reached in relation to the seismic performance of masonry buildings, as a result of
the repeated post earthquake field surveys documenting typical damage modalities, followed
by analytical interpretations. Specifically, vulnerability analyses focused on the occurrence of
the structural details which have been generally recognized in favour of the positive
performance of a masonry building under the effect of seismic actions; typically, wall-to-wall
connections, diaphragmatic behaviour of floor slabs, shear resistance of masonry piers, etc [1,
2, 3].
At present, in consideration of the remarkable growth of experience in this field in recent
times, qualitative approaches to the evaluation of masonry structures are even more justified
[4, 5, 6, 7]. In addition to vulnerability analyses, indeed, similar procedures have been
developed in relation to other needs. Meaningful examples are given by the special form
which is normally used in Italy for the evaluation of buildings after a seismic event in terms
of the possibility of safe access and usage, and by the procedure for the definition of seismic
risk classes for residential buildings.
It is also of interest to recall that the application of the above qualitative procedures for the
assessment of seismic safety, not requiring analytical computations, is not for civil engineers
only, but can be extended to all those who have a professional activity related to buildings
and, through an experience based knowledge, have developed sensitivity on construction
details and structural behaviour.
Vulnerability analyses were originally based on the field inspection of single structural
units; a fast survey was normally performed by a specially trained team, and completed within
a few hours, filling in a form and evaluating, as a final result, the vulnerability index.
Extending such procedure to the case of aggregates, still preserving the nature of a fast
qualitative evaluation, new meaningful parameters have to be identified for a correct
interpretation of the structural behaviour. Also, it has to be considered that the vulnerability
analysis, in this case, is mainly addressed to the needs of Civil Protection plans and, therefore,
the identification of situations involving high danger levels.
Looking at typical aspects characterizing the seismic response, attention has to be focused
primarily onto structural regularity, degree of connection of the different units, and possible
transformations occurred through time, which may have altered the original structural layout.
All this has to be recognized through a simple visual inspection of the different fronts of the
aggregate.
More in detail, the issue of plan and elevation irregularities now corresponds to a generally
acquired concept, normally addressed also by building codes. It has to be considered that both
irregularity forms may be enhanced in the case of an aggregate, thus assuming a special
relevance in terms of potential damage. Similarly, the degree of connection of different parts,
which has normally to do with the connection of wall panels and floor slabs within a single
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building, has to be extended to the scale of the aggregate in terms of interaction of the
different structural units.
Finally, having to do with historical aggregates, modifications of the original resisting
system may have been introduced due to changes in the usage conditions of the building; in
some cases such modifications may have seriously compromised the lateral strength of the
building.
The above considerations clearly show that a qualitative approach to the evaluation of the
seismic vulnerability of an aggregate is meaningful and, probably, should be always
considered before developing accurate models for the analysis of single structural units. The
original concept of a vulnerability analysis, therefore, is totally justified also in the case of
aggregates in relation to the present needs of analysing seismic safety.
3

URBAN-LEVEL VULNERABILITY ANALYSIS

Several research works [3, 8, 9, 10] have been addressed to the analysis of seismic
vulnerability in historical centers, showing a wide variety in the methodological trends. All
the analyzed methods can be classified on the basis of a single criterion according to the
assumptions done for the investigation scale and the analytical approach. Following the
classification proposed by [10, 11], the various methodologies can be organized, from the
point of view of the analysis scale, into three macro-groups (urban, district, building) and
each of these can be further organized into sub-categories, in relation to the method of
analysis (direct, indirect, conventional and hybrid) [12, 13, 14, 15, 16].
For the research in progress, the most appropriate reference key is the urban one, as it
provides a methodology for a global view of a stratified urban fabric constituted of more or
less connected structural aggregates. Among the different proposals, attention has been
addressed to the methodologies defined as "indirect" and "hybrid". These make reference to a
homogeneous group of buildings, which is globally assigned the vulnerability index of a
model case, which was analyzed through an in-depth study. Such methods are both derived
from the criterion proposed by Benedetti & Petrini in 1984 [1], which was the base for the
formulation of the first and second level vulnerability analyses. It is still in use at the
international level and has inspired all the other methodologies for vulnerability analysis
which were introduced subsequently.
In the various alternatives, modifications to the original method concerned both the scale
(from building to aggregate), and the methodology for the choice of the pilot case. Recently,
indeed, an opposite approach has been introduced: following a general investigation of the
whole urban center, the most representative case studies are selected for a second phase indepth research [5, 6, 12].
Finally, to the purpose of a really effective vulnerability analysis, a critical issue is given
by the choice of the evaluation parameters and the definition of the relative weighting
coefficients. In the original formulation by Benedetti & Petrini [1] eleven parameters were
defined; among these, only one was based on a numerical evaluation (item 3 in Table 1), two
accounted for general aspects (items 10 and 11 in Table 1), while the remaining eight
parameters were based on a qualitative evaluation of structural aspects. In recent works [8,
11] the number of the parameters has increased to 14 [8] or 15 [11], in order to take into
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account stratifications occurred with time and interactions among structural units within the
aggregate.
Tables 1, 2, and 3 show details about the different procedures developed by Benedetti &
Petrini in 1984 [1], Vincente in 2011 [8], and Ferreira in 2017 [11], respectively.
Methodologies present differences in the selection and ordering of the vulnerability
parameters and in the relative weighting coefficients, whereas all of them make reference to
four vulnerability classes (A-B-C-D) for the evaluation of each single parameter.
Table 1: Items considered in the Benedetti & Petrini, vulnerability index method [1]

Item
n.
1.
2.
3.
4.
5.
6.
7.
8.
9.
10
11.

Class

Parameters
Type and organization of the lateral force resisting
system
Quality of the resisting system
Conventional strength
Position of building and foundations
Floor systems
Horizontal layout regularity
Regularity in elevation
Maximum distance between parallel walls
Roof system
Non-structural elements
Present state of the building

Weight

A

B

C

D

0

5

20

45

1.00

0
0
0
0
0
0
0
0
0
0

5
5
5
5
5
5
5
15
0
5

25
25
15
25
25
25
25
25
25
25

45
45
45
45
45
45
45
45
45
45

0.25
1.50
0.75
variable
0.50
variable
0.25
variable
0.25
1.00

In the approach developed by Vincente vulnerability parameters are grouped into four
categories. In comparison to the approach by Benedetti & Petrini, one parameter is modified,
shifting the attention from the structural unit to the aggregate (P7) and 2 more are introduced:
opening alignment on the facade (P10) and aggregate fragilities (P13).
As far as vulnerability classes (A-B-C-D) are concerned, they are associated to similar
scores, with the only differences in class C, where the value is decreased to 20, and class D,
where it is increased to 50. Weighting coefficients also present differences, being always
associated to fixed values.
Ferreira, like Benedetti & Petrini, makes reference to individual parameters, without
grouping them into categories. The vulnerability analysis of the aggregate is based on fifteen
parameters, considering also structural stratifications and the presence of typological or
structural heterogeneities between adjacent buildings (item n. 14). Modifications in the
vulnerability classes are also present, due to the introduction of negative values for parameters
11, 12, 14, and 15; fixed values are used for weighting coefficients.
Through a quick comparison of the above procedures, differences can be easily identified:
vulnerability analysis, initially addressed to a single structural unit, is then extended to a
structural aggregate and, consequently, the choice of parameters is different. Moreover, while
the original method was based on a field survey of the building to be performed from both
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outside and inside, the other two are more concentrated on the external survey of the building;
in addition, they are structured in order to allow for an easier final calculation.
Table 2: Items considered in the Vincente, vulnerability index method [8]

Item
n.
1.

2.

3.
4.

Categories and Parameters
Structural building system
P1. Type of the resisting system
P2. Quality of the resisting system
P3. Conventional strength
P4. Maximum distance between walls
P5. Number of floors
P6. Location and soil conditions
Irregularities and interactions
P7. Aggregate position and interactions
P8. Plan configuration
P.9 Regularity in height
P10. Wall facade openings and allignments
Floor slabs and roof
P11. Horizontal diaphgrams
P12. Roofing systems
Conservation status and other elements
P13. Fragilities and conservation state
P14. Non-structural elements

A

Class
B
C

D

0
0
0
0
0
0

5
5
5
5
5
5

20
20
20
20
20
20

50
50
50
50
50
50

0.75
1
1.50
0.50
1.50
0.75

0
0
0
0

5
5
5
5

20
20
20
20

50
50
50
50

1.50
0.75
0.75
0.50

0
0

5
5

20
20

50
50

1.00
1.00

0
0

5
5

20
20

50
50

1.00
0.50

Weight

Table 3: Items considered in the Formisano et al.,vulnerability index method [11]

Item
n.
1.
2.
3.
4.
5.
6.
7.
8.
9.
10.
11.
12.
13.
14.
15.

Class

Parameters
Organization of the vertical resisting system
Type of the vertical resisting system
Position of building and foundations
Resistant elements distribution in plan
Regularity in plan
Regularity in elevation
Floor systems
Roof system
Details
Present state of the building
Altimetric interaction
Planimetric interaction
Horizontal layout regularity
Typological and structural discontinuities
Percentage difference between full and
openings in the facade
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A

B

C

D

0
0
0
0
0
0
0
0
0
0
-20
- 45
0
-15
-20

5
5
5
5
5
5
5
15
0
5
0
-25
15
-10
0

20
25
25
25
25
20
25
25
25
20
15
-15
25
0
25

45
45
45
45
45
45
45
45
45
45
45
0
45
45
45

Weight
1.00
0.25
0.75
1.50
0.50
1.00
0.75
0.75
0.25
1.00
1.00
1.50
0.50
1.20
1.00
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In the present research, the proposal of a new method for vulnerability analyses has
benefited from all the previous works; in particular, in line with the approach by Vincente [8],
the grouping of vulnerability parameters into macro-classes has been adopted, as it allows for
a more effective management of on-site surveys, a better organization of data and, globally, a
faster procedure. Criteria for the development of the new procedure are illustrated in the
following, together with implementation details.
4

A PROPOSAL FOR A METHODOLOGY BASED ON KNOWLEDGE LEVELS

Procedures for the evaluation of seismic vulnerability are based on the definition of a set of
meaningful parameters, from which a realistic view of the seismic capacity of the structure
can be obtained. This is not a purely theoretical process, as the effectiveness of the selected
parameters has to be verified on the field through the analysis of selected case studies.
Specifically, an iterative multi-step procedure has to be undertaken, with continuous testing
and updating of the evaluation process, until a fast, clear and stable procedure is defined,
providing as much as possible user independent results.
Such a process has been started within the current research work and is still in progress; it
is believed, however, that the implementation of the final version of a data sheet to be
systematically used for on-site applications should come soon to an end. The final product,
resulting from the iterative process, will reflect the original idea of a two-step procedure,
consisting in a first phase dedicated to the collection of meaningful documents, followed by
the field inspection of the buildings, as it is detailed in the following. Also, the original
criterion for the field analysis has been confirmed, based on the following sequence:





select a front of the structural aggregate,
recognize all structural units,
evaluate each of them in relation to six categories of parameters,
define, for each parameter, the vulnerability level as: low (A), medium-low (B),
medium-high (C), high (D).

Details about the two-step procedure are discussed in the following. As previously
mentioned, this vulnerability analysis is intended for use in the specific case of structural
aggregates in historical centers; masonry, therefore, is the main reference material.
4.1 Investigation method
As known, it has become a common practice, well reflected also in building codes, to base
the analysis of existing buildings on the acquisition of all the available information, coming to
the definition of a specific knowledge level. Normally, information is collected with reference
to the building historical analysis, the characterization of structural properties (typology,
material, geometry), and action definition.
In the present research it was believed of interest to organize the vulnerability analysis
from the point of view of two different knowledge levels: a first one (KL0), consisting in the
collection of meaningful documentation from historical archives, municipality offices, and
web data (typically, Google Maps), and a second one (KL1), consisting in the field inspection
of the aggregate under study. This should be limited, in general, to the external survey of the
aggregate fronts but might require, in some cases, a more detailed one to be performed at a
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second time (KL2), based on the internal inspection of buildings and a deeper analysis of the
archival documentation.
Clearly, the original formulation of the vulnerability analysis [1] simply consisted in the
field survey, while the recognition of different knowledge levels belongs to recent studies and
is still under testing [17]. In any case, the added value coming from the analysis of documents
marks a meaningful increase in the relevance of vulnerability analysis, also allowing for a
lower accuracy level in the field inspection.
Details about the two phases in the knowledge acquisition process are given in the
following.
4.2 Analysis of documents
The phase defined as KL0 is aimed at providing the vulnerability analysis with a minimum
knowledge of the building under consideration in view of the on-site survey and the
consequent qualitative assessment and classification within vulnerability categories. The
parameters to be considered in this phase can all be analyzed in the office through the
inspection of several documents, as listed in the following; a major outcome of this analysis
would be in the possibility of highlighting the transformations occurred over time through the
comparison of the intended use, as noticed in the historical registers, with the current one.
Structural transformations may have a remarkable effect on seismic vulnerability; a typical
case, frequently occurring, is given by the presence of large openings at the ground floor,
which were not present in the original building configuration (Fig. 2). Normally, this kind of
intervention is done providing a suitable propagation path to the vertical loads, with no
consideration of horizontal actions; the soft-story configuration is therefore automatically
generated.
During this phase, the historical center and its aggregates will be investigated through the
analysis of the following data and parameters:
1. Archival data, with the main purpose of comparing the intended building use and
quality, as described in the historical land registers, with the current classifications.
2. Where available, the damage evaluation forms which are normally filled after an
earthquake for a first assessment of the building conditions in terms of possible use
and restoration needs. In Italy, the “AeDES” form has been developed to this purpose
and is normally available in the municipality offices [18].
3. General information at the territorial level, as the urban morphology, its historical
development and the topographic profile of the historical center.
4. Ratios between building height and road width and structural connections with
neighboring aggregates (Fig. 1).
5. In the presence of a ground slope, the aggregate orientation with respect to the contour
lines.
6. The aggregate morphology, namely, regularity in plan, any front offset, or the
presence of internal courtyards.
7. The general aggregate conservation status.
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a)

b)

Figure 2: Transformations: a) XX century image of a traditional Italian historical center with the detail of a
three storey building, b) widening of the original openings, compromising resistance to horizontal actions.

4.3 On-site survey
The next phase, KL1, is based on the analysis of the actual state of the structural aggregate
through the qualitative survey of each external front. The main purpose is identifying both
structural and architectural characteristics, the current usage conditions and the maintenance
state for each facade of the aggregate. This on-site investigation will lead to the achievement
of a vulnerability classification for the entire front on the basis of the evaluation of each single
structural unit and of its possible interaction with the adjacent ones.
This phase is organized so that the six categories of parameters, as detailed in the following,
can be assessed simultaneously for each structural unit of the front under examination:
1. The vertical resisiting system, through the relationship between full and empty spaces
and openings alignments. In addition, the presence of openings wider than 2 m in
order to recognize the possible presence of a soft story condition.
2. Fragilities and interactions, through the survey of material inhomogeneity, added
portions in elevation, filling of separation joints.
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3. Fragilities in structural units, i.e., the presence of porches, covered walkways, slender
elements, large and empty structural units within the aggregate (churches and
theatres), chimneys and elements protruding on the road (Figs. 3, 4).
4. The conservation status through all its variants, such as surface degradation, presence
of superficial or deep cracks, local collapses.
5. Protruding roof structure, as detectable from the street. The materials and the state of
conservation will be indicated.
6. Seismic protection elements belonging to local building techniques, such as buttresses,
contrast arches, chains and tie rods, blind arches in the masonry, cantonal, structural
joints.
As previously commented, the recourse to a KL2 phase might also be required, in case a
deeper knowledge of the building structural conditions is required. This, however, is believed
to be a special case,
4.4 A vulnerability index
As a result of the two-level evaluation procedure, a number of parameters are assigned to
one of the vulnerability classes, A, B, C, or D. In traditional vulnerability analyses, as
previously recalled, each vulnerability class is associated to a score to the purpose of
performing an easy combination of all the values and coming to the definition of a
vulnerability index, expressed as a numeric value within a pre-defined range. This procedure
allows for the possibility of specifying weighting coefficients for the different categories of
parameters, thus accounting for the different relevance of the vulnerability categories onto the
global vulnerability evaluation.
Scores and weighting coefficients will be defined for the illustrated procedure also. In the
beginning, the choice will be in line with the existing vulnerability procedures, considering
that such values should be based on the results of a wide statistical investigation.
However, it is believed that, mainly in the case of an aggregate resulting from the
assemblage of several structural units, a single numerical value might not be representative of
the real vulnerability conditions, or even misleading in the case of local critical conditions
within a generally sound context. For this reason it has been planned to provide, as the main
result of this vulnerability analysis, plant views of the aggregate showing, through colored
maps, the distribution of the most critical vulnerability parameters. In this way, local critical
situations will be easily recognizable.
CONCLUSIONS
A renovated interest is present in the research community for seismic vulnerability
analyses of buildings, in line with the original meaning of fast qualitative evaluations of
the susceptibility to suffer damage from earthquakes. This is due, on the one side, to the
need of Civil Protection Services to develop damage scenarios and emergency plans; on
the other side, the qualitative approach to the analysis of the seismic performance of
masonry buildings has widely improved in recent times.
The continuous progress in earthquake engineering studies, with special reference to the
case of existing buildings, is also reflected in the new approach to vulnerability analyses
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through the introduction of different knowledge levels, taking advantage of preliminary
information coming from the analysis of archival documentation.
The development of a new procedure for vulnerability analyses, as it has been presented
in this work with reference to the special case of structural aggregates in historical centers,
has to face still now the problem of defining meaningful numerical values for the different
evaluation parameters. The solution to this problem necessarily requires the recourse to a
wide statistical campaign. In general, the formulation of a meaningful procedure for
seismic vulnerability analyses still remains a complex problem, also in consideration of the
need to develop an fast, clear, and stable procedure, suitable for the use by a wide
community of technicians.

b)

a)

Figure 3: Fragilities in the structural units: a) porch and b) covered walkways.

a)

b)

Figure 4: Fragilities in the structural units: a) slender elements; b) elements protruding on the road.
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ABSTRACT

The heritage building stock represents a significant element at risk from earthquakes, as recent
seismic events have shown, especially in the Mediterranean area. In fact, in the last few years,
the issue of assessing its seismic vulnerability has been widely discussed by the scientific
community. The vulnerability assessment procedures involve many critical points related to the
complexity and uncertainty of the parameters involved. If a detailed analysis of the individual
buildings is to be performed this of course requires a great effort in both the data retrieval,
modelling and analysis phases.
In particular, historical masonry churches have been studied in detail in Italy and empirical
approaches have been proposed in which a vulnerability index based on the classification of
recurrent failure mechanisms is defined, exploiting a macro-elements approach to identify the
parameters that influence the index. On the other hand, intangible aspects related to the
architectural, historical and artistic value are not included in the Index, either in the structural
parts themselves or in additional non-structural elements or contents.
This paper proposes a procedure that combines the well-known vulnerability analysis based on
the macro-elements approach and classification of recurrent failure mechanisms with an
evaluation of the church’s architectural and artistic assets, such as frescoes, statues and
paintings, by applying the Analytic Hierarchy Process. The novel procedure is integrated in a
useful Decision Support System to provide a complete overview of a church’s structural
condition, including its artworks, in order to create a priority scale for the assessment,
retrofitting and protection of existing masonry churches.
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1

INTRODUCTION

The masonry churches represent a significant building typology at risk from earthquakes, as
recent seismic events have shown, especially in the Mediterranean area [1]. In fact, in the last
few years, the issue of assessing its seismic vulnerability has been widely discussed by the
scientific community. In the related literature, several multi-level procedures for the regional
scale analysis of existing churches have been proposed [2,3]. In particular, historical masonry
churches have been studied in detail in Italy and several empirical approaches have been
developed to define a vulnerability index based on a macro-elements approach and exploiting
the classification of recurrent failure mechanisms [4,5]. Such procedures involve a suitable onsite examination to identify damage, anti-seismic devices and vulnerability indicators. On the
other hand, intangible aspects related to the architectural, historical and artistic value are not
included in these approaches, either in the structural parts themselves or in additional nonstructural elements or contents.
This paper proposes a procedure to incorporate the potential losses (related to the artistic and
architectural value of structural parts and additional artworks such as frescoes, statues and
paintings) in the well-known vulnerability evaluation process of existing masonry churches.
This methodology will provide a new “Index of artistic and architectural assets” through the
application of the Analytic Hierarchy Process (AHP) [6]. Such multicriteria approach is
particularly effective for the considered problem because it considers both quantitative and
qualitative data in the analysis [7,8,9]. In addition, the resulting methodology can be
implemented in a Decision Support System for a fast data acquisition. The resulting tool provide
a complete overview of a church’s structural condition, including its artworks, in order to create
a priority scale for the assessment, retrofitting and protection of existing masonry churches.
2 OVERVIEW OF MACRO-ELEMENT APPROACH FOR ASSESSING CHURCH
VULNERABILITY
The Macro-Element analysed is based on the decomposition of a church in macro-elements in
which the seismic behaviour is almost independent from the rest of the structure (facade, apse,
dome, bell tower) [4].
For each macro-element, the related collapse mechanism is evaluated through an on-site survey
by considering the construction characteristics and quality (to provide an example the collapse
mechanism “Façade Overturning” and “In Plane Mechanisms Of Façade” are belonging of
macro-element of “Façade”) [5].
In particular, a Vulnerability Index 𝑖𝑖" , ranging between 0 and 1 [10,11], is defined as a weighted
average of the vulnerability of each macro-element ad it is defined as follows:
𝑖𝑖" =

1 ∑,1
(./ 𝜌𝜌( (𝑣𝑣(+ − 𝑣𝑣(1 )
+
,∑(./ 𝜌𝜌(
6
2

(1)

Where 𝜌𝜌( is assigned to the generic mechanism 𝑘𝑘 (1≤𝑘𝑘≤ 28) that represents the influence of
each mechanism on the overall behaviour of the structure (variable from 0.5 to 1). Moreover,
𝑣𝑣(+ and 𝑣𝑣(1 are respectively the vulnerability score and the anti-seismic score of the macroelement and are variable from 1 to 3 (during the survey the presence and of vulnerability
elements such as thrusts of vaults, heavy elements, etc. or earthquake resistant elements such
as tie rods and chains, buttresses, etc. is considered).
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In the present work, in order to consider intangible aspects of the architectural, historical and
artistic value, an 𝑖𝑖6 , novel index, is defined by following in the footsteps of the simplified
macro-element approach.
The Analytic Hierarchy Process [6] is applied to structure the problem and obtain tabulated
values to determine 𝑖𝑖6 . This approach is able to take the artistic and architectural weighting of
every church macro-element into account [5].
3 AHP TO ANALYSE THE ARCHITECTURAL AND ARTISTIC ASSETS

3.1 First step of AHP: Definition of macro-criteria, criteria and alternatives
The first step of the AHP consists in the decomposition of the problem structure in a flowchart.
The purpose is to determine the tabulated weights useful for quantifying the potential losses in
terms of artistic and architectural value. In particular the the goal of the flowchart is defined as
the Artistic and architectural value quantification. Nine criteria 𝑖𝑖 (with 𝑖𝑖=1,…,9) are defined
and grouped into three macro-criteria. For each criterion a set of alternatives 𝑗𝑗 (with 𝑗𝑗=1,…,
𝑛𝑛+ ) is defined to characterize the church, the macro elements and the related artistic asset. The
nine criteria and related alternatives are structured in a hierarchical flowchart (see Figure 1)
described below.

Figure 1: Structure of the problem in a flowchart: criteria and alternatives to determine an Index of artistic and
architectural asset vulnerability.
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The First macro-criterion refers to the Church artistic and architectural value, in which the first
two criteria are grouped together: 1) Urban context location to evaluate the importance of a
structure in relation to their urban context [12]; 2) Year of construction to include value
increasing connected to the antiquity [13].
The Second macro-criterion takes the characteristics of the church into account and
contemplates two criteria: 3) Macro-element importance to consider the architectural value of
the component and takes into account the contextualization of the asset [14]; 4) Decorative
apparatus to evaluate the quantity and quality of the decoration of the macro-element, such as
stuccos, pilasters, capitals, etc.
The Third macro-criterion considers the Artistic asset of every macro element, including any
external and internal artistic heritage. This macro criterion includes the value of additional
artwork such as frescoes, statues and paintings by five other criteria: 5) Year of creation because
it influences the artistic asset, as in the case of architectural value [13]; 6) State of conservation
that is directly connected with artistic value; 7) Likelihood of damage to contemplate the
connection between the artistic asset and the Macro-element (some artistic assets such as
frescos are closely connected to structural damage, while statues on the façade may be partially
related to it, and some, such as an organ, can be completely independent of it); 8)
Documentation to include the progress of studies that may have attributed different values to
the asset over time [14]; 9) Uniqueness that is a fundamental qualitative parameter to take the
existence of a masterpiece or a rare or invaluable art object into account[14].
3.2 Second step of AHP: weights evaluation
The second step (weight evaluation) is the core of the method and provides tabulated weights
useful to generate the ranking. Considering 𝑛𝑛 ordered criteria of comparison (criteria or
alternatives) a 𝑛𝑛 × 𝑛𝑛 judgments matrix A is defined. Each upper diagonal element 𝑎𝑎+; >0 is
obtained by comparing the 𝑖𝑖 <= with the 𝑗𝑗<= element through the fundamental scale of absolute
numbers [6]. This semantic scale correlates verbal judgement and numerical values (1=Equal
importance; 3=Moderate importance of one over another; 5=Strong importance; 7=Very strong
importance; 9=Extreme importance). The AHP uses the principal eigenvalue method to derive
ratio scale priority vectors from judgments matrix A. In particular, weights are obtained by
solving the following eigenvector problem:
𝐴𝐴 𝑤𝑤 = 𝜆𝜆B6C 𝑤𝑤

(2)

where w is the eigenvector and 𝜆𝜆B6C is the principal eigenvalue.
In particular, the criteria and alternative weights are defined as follows:
¥ 𝑣𝑣+ is the weight associated with each 𝑖𝑖 <= criterion
¥ 𝑤𝑤+; is the weight associated with each 𝑗𝑗<= alternative related to the 𝑖𝑖 <= criterion
This Section shows an example of how the literature on artistic and architectural assets can be
exploited in order to obtain the judgment matrices 𝐴𝐴 and identify the weights vi and wij.
For the sake of brevity, the weight calculations of the alternative related to Urban context
location in the Church macro-criterion is shown. A qualitative analysis is carried out to obtain
pairwise comparisons of the alternatives based on [12] and achieve the judgment matrix 𝐴𝐴/ .
The weights are obtained by solving the eigenvector problem, as shown in Eq. (2) for matrix
𝐴𝐴/ .
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Table 1: Judgment Matrix 𝐴𝐴/ , weights, and CR obtained for the alternatives related to Urban context location.

A1

(a) (b) (c) (d)

Historic centre (a)

1.0 5.0 8.0 3.0

Built-up area (b)

0.2 1.0 2.0 0.7

New buildings (c)

0.1 0.5 1.0 0.5

Agricultural area (d) 0.3 1.5 2.0 1.0

CR

w1,j

1.00
0.002

0.22
0.13
0.30

In the classical AHP approach [6] a suitable Consistency Ratio test (CR<0.1) is used to verify
the coherence of the resulting weights. In this example the CR is equal to 0.002 and therefore
the weights 𝑤𝑤/; can be considered consistent (see Table 1).
After obtaining the weights of the intensity ranges related to each criterion, the second AHP
step obtained the tabulated weights [5] related to the Structure of the Problem.
3.3 Third step of AHP: global weight evaluation
In the third and final step of the ‘summary of priority’ the global weights associated with each
alternative are obtained by multiplying the criteria weight by the alternative weight, as in the
classical AHP procedure:
𝑤𝑤+;D = 𝑣𝑣+ × 𝑤𝑤+;

(3)

These weights can be used obtain a synthetic index.

4 INDEX OF ARTISTIC AND ARCHITECTURAL ASSET VULNERABILITY
After weighting, the Index of artistic and architectural assets (ia) can be defined.
𝑖𝑖6 is assessed in relation to the 28 possible damage mechanisms of specific macro-elements.
Index 𝑖𝑖6 is defined as a weighted average of each macro-element’s artistic and architectural
vulnerability:
𝑖𝑖6 =

1 ∑,1
(./ 𝛼𝛼( (𝑣𝑣(+ − 𝑣𝑣(1 )
+
∑,6
2
𝛼𝛼
(./ (

(4)

Where, as in the classical procedure, 𝑣𝑣(+ and 𝑣𝑣(1 are respectively the seismic score and the antiseismic score of the macro-element (variable from 1 to 3) [4] and 𝛼𝛼( is the artistic and
architectural importance of the macro-element in relation to the damage mechanisms. This
parameter is evaluated by using the obtained global weights as follows.
4.1 The Artistic asset survey and 𝜶𝜶𝒌𝒌 evaluation.

𝛼𝛼( can be evaluated by means of a specific survey using the obtained AHP global weights. A
suitable Survey form is proposed in order to identify and classify all the information and the
alternatives associated with the church under study. An example of a Survey form is shown in
Figure 2. The form is used to store information regarding the criteria of artistic and architectural
importance and starts with information on its location. During the on-site survey, the Church,
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every macro element and the related architectural and artistic assets are evaluated by assigning
an alternative in accordance with the AHP structuring of the problem.
The survey finishes after all the 28 damage mechanisms of the Macro-elements have been
classified.
All the j alternatives of the architectural and artistic asset are identified and stored for all the
macro elements in a church. The weight 𝑤𝑤+;D associated with every alternative can be obtained
using the Tabulated weights [5] and Eq. (3), while 𝛼𝛼( can be evaluated by the following
equation:
I

𝛼𝛼( = H

where k is the considered mechanism and
assets of the macro element related to it.

𝑤𝑤+;D

+./

(5)

𝑤𝑤+;D

is the global weight associated with the artistic

C2

CHURCH ARCHITECTURAL AND ARTISTIC ASSETS

General Church Data: Cathedral of Santa Maria Assunta

Registry Data

Country
Region
Urban contex location

Italy
Tuscany
Church architectural value
 Historic centre

 Built area

Year of construction

Address
City

Piazza del Duomo, 8
Siena

 New building

 Rural area

13th century

Church Survey
Survey Form

Macro–elements

Macro-element
Macro-element importance
 Major
Decorative apparatus
 Very valuable

Lantern
 Secondary
 Valuable

 Minor
 Minor value

Artistic asset

Surveyed artistic asset

 Fresco

 Statue

 Painting

Year of creation

 Canopy

 Organo

 Other…

Between 1400-1600

State of conservation

 Good

 Medium

 Poor

Connection with macroelement

 Integrated into the
structure

 Partially integrated

 Independent

The documentation

 Comprehensive

 Essential

Uniqueness
 Important artist
Artistic and architectural importance of Lateran
walls

Macro-element

Macro–elements

 Poor
 Minor artist

α 6 = 0.928

…

Figure 2: Extract from the Survey form of the Cathedral of Santa Maria Assunta: The “Libreria Silvio
Picclomini” decorated by Pinturicchio.
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Note that 𝛼𝛼( range between 0.25 and 1 and it can be useful to numerically evaluate the local
artistic asset of every macro-element and also provides useful information on the church’s
global artistic and architectural assets. Indeed, its average value 𝛼𝛼BJK (medium) can be
evaluated by the following equation:
𝛼𝛼(
(./ 𝑘𝑘
,-

𝛼𝛼BJK = H

(6)

Conclusively, 𝛼𝛼( , 𝛼𝛼BJK and 𝑖𝑖6 allow to evaluate numerically the local artistic asset of the single
macro-element, the global artistic asset of the church and the global Vulnerability of the church
respectively.
5 THE INTEGRATION OF THE AHP-BASED APPROACH IN DSS
The proposed approach can be easily exploited to set a spreadsheet useful to a rapid survey
of an historical church [15]. In particular a suitable Survey form for a fast survey is developed
and a suitable flowchart is realized to better explain the DSS process.
A. DSS Architecture
The architecture of the proposed DSS is constituted by five components (Figure 3): i) A Data
Management System (DMS) which collects the information provided by the users by the Survey
form; ii) A Web-Based Platform, that represents the intelligence of the system. This platform
processes the Survey form data, classifies the churches components and calculate the 𝛼𝛼( , 𝛼𝛼BJK
and finally the vulnerability index 𝑖𝑖6 ; iii) The Survey form consisting of a suitable spreadsheet
implementable in a APP for smart devices; iv) Web Application used by technicians to display
the reported Survey form history, the register information about the church; v) finally an
Application Programming Interface (API) connecting the Survey form (APP) and the Web
Application with the Web-Based Platform and the DMS.

Figure 3: The generic matrix of judgments A

5.1 Survey form
The core of the proposed approach is the definition of the Survey form implementable in an
APP for smart devices. Such spreadsheet allows the user (technicians) to acquire data during a
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fast-visual inspection. The proposed APP can be used to perform the fast on-site survey by
taking into account all the criteria and alternatives of the considered AHP problem.
5.2 The DSS procedure
In order to better specify the DSS procedure and the use of the Survey forms a suitable
flowchart is realized in accordance with the UML framework (Figure 4). The rules and tasks of
the actors involved in the process are pointed out.

Figure 4: Flowchart to explain the procedure of the use of the System
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The flowchart procedure explains all the interactions between the two main components of
the DSS, (i.e. Survey form implemented in smart devices and Web Application), and the actors
involved in the process (i.e. Users of the Survey form and bridge technicians and engineers).
The flow is described by defining three phases of the process: Data Acquisition Phase, Data
Processing Phase and Diagnostic Phase.
i) During the Data Acquisition Phase, firstly, the user access to the churches list of the webbased platform to select the churches to survey. Secondly the user can ask to use the Survey
form for the inspection. Thirdly the user can complete the inspection by taking photographs of
vulnerability and earthquake resistant elements and sending the complete inspection to the
Platform;
ii) in the Data Processing Phase, the Web Based Platform exploits the received surveys to
store the new data and update the surveys history;
iii) finally, during Diagnostic Phase, the Web-Based Platform send new damages notification
to the building staff that can read, change or validate the inspection. At this point, the System
is able to automatically evaluate the vulnerability index, exploiting equation (3-4-5) and the
tabulated weights obtained by the AHP. Finally, if the condition rating overcome some defined
threshold values, a suitable the alarm protocol is triggered. An alert notification is sent to all
users of the DSS to set up an emergency intervention.
6 SITE TEST
In order to test the proposed method, eight case studies were carried out in four cities in two
European countries, Valencia (Spain) and Tuscany (Italy): i) the churches of San Agustín (13th
century), St. John (13th century) and San Juan del Hospital (13th century) in Valencia, ii) the
church of Santa Justa & Rufina (14th century) and the Cathedral of Salvador (13th century) in
Orihuela; iii) the Basilica of Santa María (17th century) in Elche; iv) and the Cathedral of Santa
Maria Assunta (13th century) and the Basilica of San Francesco (15th century) in Siena. These
churches are of different architectural styles, types of construction and different artistic
importance. Both Italy and Spain are excellent site test due to their high seismic hazard.
6.1 Church vulnerability analysis.
In the preliminary phase the existing information and documentation on the church design,
modifications after construction and seismic history are collected. This information can be
useful to identify some artistic and architectural assets or to verify the effectiveness of any
vulnerability or earthquake-resistant elements.
After the preliminary phase, the on-site survey can be performed with the support of the Survey
forms. For each church, every k mechanism is analysed by assigning vki and vkp in accordance
with the classical method [4]. The Survey forms can then be filled in and the values of 𝛼𝛼( can
be identified by means of Eq. (5).
To provide an example, the 13th century Cathedral of Santa Maria Assunta is considered a
masterpiece of Italian Gothic architecture. Both the exterior and the interior are built with white
marble and green-and-black-striped marble, with the addition of red marble in the façade. The
Cathedral is one of Italy’s and the world’s most valuable architectural assets, both for the
materials used and the importance of the artists who decorated it. For example, Giovanni Pisano
worked on the façade, Gian Lorenzo Bernini designed the lantern on the dome, Nicola Pisano
created the pulpit of Carrara marble, many of the frescoes, paintings and stained glass were the
work of Michelangelo, Donatello, Duccio di Buoninsegna and Cimabue. Another important

3446

Sangiorgio V., Uva G., and Adam J.M.

macro-element is the chapel known as Libreria Piccolomini, with frescoes made by Pinturicchio
on the drawings of Michelangelo (Figure 2). After the survey, the overall artistic value of the
church was the highest of all those in the site test, with 𝛼𝛼BJK =0.922. However, except for some
vulnerable elements such as the upper façade (due to the presence of a large rose window in
addition to a high slenderness of the spire) and the many external statues, the quality of the
masonry and some effective anti-seismic components (tie rods and buttresses) ensure a limited
global vulnerability value of 𝑖𝑖6 =0.599.

6.2 Site test results.

The results showed that the most vulnerable churches are the Basilica of Santa María in Elche
and the church of Santa Justa & Rufina in Orihuela, due to their critical structural conditions in
terms of seismic resistance and the importance of their artistic and architectural heritage. Antiseismic devices should be installed to improve their anti-seismic behaviour and avoid major
damage. Figure 5 shows the façades of the churches and site test output.
Church of San
Agustín (Valencia)

Artistic asse t
0.373
αk
Inde x i a

0.599

Church of John's
Saints (Valencia)

0.670

Church of San Juan
del Hospital
(Valencia)

Artistic asse t
0.471
αk
Inde x i a

Artistic asse t
αk

0.623

Inde x i a

0.841

Catedral of Salvador
Orihuela (Orihuela)

Artistic asse t
0.670
αk
Inde x i a

Church of Santa Justa y
Rufina (Orihuela)

0.674

Artistic asse t
αk

0.541

Inde x i a

0.638

Cathedral of Santa
Maria Assunta (Siena)

Artistic asse t
αk

0.922

Inde x i a

0.599

Basilica of Santa
María (Elche)

Basilica of San
Francesco (Siena)

Artistic asse t
0.547
αk
Inde x i a

0.806

Artistic asse t
αk

0.684

Inde x i a

0.658

Figure 5: Façades of the churches and site test output.
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7 CONCLUSIONS
This paper proposes a novel procedure implementable in a Decision Support System to quantify
masonry church vulnerability, including architectural and artistic assets in the analysis. This
ambitious research has been carried out in four phases: i) the study of the existing macroelement approach and the related literature to identify the parameters that influence the
architectural and artistic asses; ii) the application of the Analytic Hierarchy Process to quantify
architectural and artistic assets and redefine the evaluation of the Index 𝑖𝑖6 ; iii) the realization
of Survey forms implemented in a DSS to support the data acquisition, and iv) the application
of the method to a set of churches located in Valencia (Spain) and Tuscany (Italy) regions to
prove potential of the novel approach.
The project involved a combination of interdisciplinary skills, including: structural engineering,
forensic engineering, statistics, multi-criteria analysis and the evaluation of artistic assets. The
results show the importance of providing a complete overview of a church’s structural condition
and its artistic assets in order to create a priority scale for the assessment, retrofitting and
protection of existing masonry churches. The DSS is a powerful and easy-to-apply tool and
includes important information on potential artistic losses during a seismic event.
Further research will be carried out to apply the novel Decision Support Systems at a largescale.
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Abstract. Available fire risk assessment approaches are mostly developed for new buildings.
These approaches encompass minimum provisions defined by standards that are valid in
certain countries, and few of these methods were thought exclusively for assessing the fire safety
of cultural heritage. Given the diversity and specificity of cultural heritage assets, simple
approaches are thus required to analyse their fire safety and establish their risk mitigation
needs. In this context, a simplified fire damage index dedicated to assessing the fire
vulnerability of immovable cultural heritage assets is proposed. The proposed index is the result
of a weighted multi-parameter evaluation that can be correlated with the level of damage that
the cultural heritage asset (including its contents) is expected to suffer under a fire. The
proposed index involves twenty-one indicators divided into four categories and offers a flexible
approach for universal applicability. The performance of the proposed approach is illustrated
for two case studies in Portugal. The results highlight the advantages of having a simple
methodology that can be used for the preliminary risk analysis of a large number of assets to
identify those requiring risk mitigation measures or detailed and resource-demanding analyses.
1

INTRODUCTION

Fires that affected cultural heritage assets in recent years (e.g. the National Museum of Rio
de Janeiro (Brazil) in 2018, and of the Cathedral of Notre Dame (France) in 2019) emphasise
the need for more studies related to their fire safety. The occurrence of these fires can be
connected to various factors ranging from a general lack of maintenance, to a lack of adequate
safety measures during restoration works. Moreover, historic constructions exhibit a higher fire
vulnerability since they were constructed without considering fire preparedness measures,
namely aspects commonly considered in current construction standards such as adequate
evacuation routes or emergency exits. The combustible nature of many cultural heritage
elements often forces stakeholders to address these issues by integrating modern fire protection
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systems in historic constructions. However, the integration of such systems needs careful
consideration to avoid the loss of cultural heritage values due to their installation, as well as the
occurrence of further damage during their use (e.g. water sprinkler systems in scenarios
involving cultural heritage assets sensitive to water damage).
Several methods have been developed to assess fire risk in buildings, but most of the robust
approaches were developed for new buildings and involve formulations that are not compatible
with cultural heritage values or are exclusively for one type of heritage. The development of a
robust fire safety assessment method for multiple cultural heritage assets is thus needed, namely
one that accounts for both the building and its cultural contents, and that can be implemented
in any country. To address this need, a fire damage impact index of vulnerability is proposed
herein. The index is presented in the following and some of its components are detailed for the
case of single cultural heritage assets (i.e. assets physically separated from other assets or
constructions) that can host movable heritage or have heritage elements attached to the main
asset. Typical examples of such heritage assets are historic houses, religious buildings or
museums. Following the description of the proposed index, an application to two real cases
with different expected damage impacts if case of fire is also presented.
2 FIRE DAMAGE INDEX METHODOLOGY
The proposed index was developed following a thorough literature review focusing, in
particular, methods that gave more emphasis to historical constructions. The indicators selected
for the fire index were determined by examining international statistics concerning the causes
of multiple fires, existing fire risk assessment methods, as well as checklists and standards
providing guidance on fire prevention. The general type of indicators that were selected can be
seen to generally be in agreement with those considered by other fire risk assessment methods
for historical constructions [1-7]. This fire index assesses the expected Level of Damage (𝐷𝐷𝑉𝑉 )
in case of fire, ranked in three levels (i.e. light (0 ≤ 𝐷𝐷𝑉𝑉 ≤ 35), medium (35 ≤ 𝐷𝐷𝑉𝑉 ≤ 70), and
heavy (70≤ 𝐷𝐷𝑉𝑉 ≤100)). Light damage refers to cases where the cultural asset is expected to
sustain negligible damage and safety is ensured, but a regular monitoring of the situation is
recommended. Medium damage refers to situations where the cultural asset can suffer damage
that may be partially recovered in case of fire. Heavy damage refers to cases that may involve
irreparable damage or the total loss of the cultural asset. The proposed index is compatible with
the Level of Vulnerability (𝑉𝑉𝐿𝐿 ) assessment proposed by [8] that integrates a factor of easiness
of reparation and restoration (𝑅𝑅𝑓𝑓 ) and a heritage value factor (𝐵𝐵𝐵𝐵𝑓𝑓 ) and can be defined as:
𝑉𝑉𝐿𝐿 = 𝐷𝐷𝑉𝑉 × 𝑅𝑅𝑓𝑓 × 𝐵𝐵𝐵𝐵𝑓𝑓

(1)

The fire index establishes the relevance of all the twenty-one indicators divided into four
groups (𝐺𝐺𝑖𝑖 ) (building properties (BP); utilities: electric power, gas and telecommunications
(UEPGT); firefighting measures (FM); emergency preparedness planning (EPP)). Each
indicator is assigned to one of five damage impact classes (very low (A), low (B), moderate
(C), high (D), and very high (E)). The classification of a group corresponds to that of the
indicator that exhibits the worst performance. This assumes that the bad performance of one
indicator within a group is enough to intensify the susceptibility of having an ignition, the fire
propagation or the difficulty to fight fire. The classes (𝐶𝐶𝑖𝑖 ) are then scored with values of 0 (A),
25 (B), 50 (C), 75 (D), 100 (E). The final index is then obtained by a weighted combination of

3451

L. Gerardo F. Salazar, Esmeralda Paupério and Xavier Romão

the classification of each group. Based on the literature review, weights of 35 %, 20 %, 30 %
and 15 % were defined for BP, UEPGT, FM and EEP, respectively.
2.1 Building Properties (BP)
Indicators of this group refer to different aspects related to the physical properties of the
building (material properties, geometrical properties, spaces and their separation, the existence
of combustible materials), except installations considered in the UEPGT, and to its immediate
surrounding area. Physical properties are relevant for fire risk assessment in terms of their fire
resistance, combustibility and the amount of fire load that they represent (considering movable
contents and building materials). Moreover, spaces (corridors, halls, rooms, etc.) and their
separation provide information related to fire propagation. Indicators in this group are the fire
load density (𝑃𝑃1 ), the fire resistance (𝑃𝑃2 ), the compartmentalisation (𝑃𝑃3 ), the type of adjacent
buildings (𝑃𝑃4 ), the possibility of vertical fire propagation (𝑃𝑃5 ), the building conservation status
(𝑃𝑃6 ), the existence of fire breaks/buffer zones (𝑃𝑃7 ) according to:
(2)

𝐺𝐺1 = 𝐵𝐵𝐵𝐵 = [𝑀𝑀𝑀𝑀𝑀𝑀 (𝑃𝑃𝑖𝑖,𝑖𝑖=1:7 )] × 0.35

For this simplified assessment, 𝑃𝑃1 is defined using values from the literature for historical
constructions as the sum of two components: the immovable load density 𝐼𝐼𝑞𝑞 and the movable
contents 𝑀𝑀𝑞𝑞 related to the building use. Parameter 𝐼𝐼𝑞𝑞 is defined by the combustibility of
constructive materials. Combustible materials are, for example, timber, textile, organic
materials, plastics, resins, while non-combustible materials are clay, soil, concrete, gypsum,
steel or stucco. Based on the literature review [9, 10], 𝐼𝐼𝑞𝑞 was defined according to the
predominant combustible or non-combustible material of the historical construction under
assessment (Table 1). Parameter 𝑀𝑀𝑞𝑞 is determined by the current use of the historical building
(Table 2). These and other values can be found in [11, 12].
Table 1: Values proposed for parameter 𝐼𝐼𝑞𝑞 .

Type of structure (Finishes and Supports)
Structure made with a least 80% of combustible materials, e.g. floors
and walls made of timber.
Structure made with a balance of non-combustible and combustible
materials, e.g. masonry walls and timber floors or thatch roofs.
Structure made with at least 80% of non-combustible materials, e.g.
masonry walls and reinforced concrete slabs.

Fire Load
3,000 MJ/m 2
1,100 MJ/m2
200 MJ/m 2

Table 2: Values proposed for parameter 𝑀𝑀𝑞𝑞 according to the building activity.

Type of Use
Fire Load Type of Use (Current activity)
(Current activity)
Housing/Apartment/Dwelling
780 MJ/m 2
Officine
Museum/Art galleries
300 MJ/m2
Hotels, Hospitals
Churches (furniture and candles) 1,300 MJ/m 2
School
Libraries/Archives
1,500 MJ/m 2
Shopping/Cinema/Theatre

Fire Load

1,200 MJ/m 2
300 MJ/m 2
300 MJ/m 2
800 MJ/m 2

Parameter 𝑃𝑃2 is defined based on [13, 14] to be consistent with the European Reaction to
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Fire classification system. The classification is based on the predominant material as for 𝐼𝐼𝑞𝑞 , and
its susceptibility to produce flashover according to seven types (A1, A2, B, C, D, E and F).
From A1 to F, materials have a decreasing fire resistance, thus a higher likelihood of producing
a flashover. Parameter 𝑃𝑃3 is related to the possibility of containing the occurrence of a fire
within certain areas of the building to avoid its propagation, and reflects the size of the largest
fire compartment with combustible or flammable materials. The lack of containment elements
between compartments (i.e. doors) can lead to an increase of the class of 𝑃𝑃3 by one level. The
classification of this parameter is based on criteria defined in [7, 14] but accounts for other
features such as the existence of self-closing doors or windows. When there are self-closing
systems, the classification of 𝑃𝑃3 can be reduced by one level (e.g. if the compartmentalisation
classification leads to Class B, it can be upgraded to Class A if there are self-closing systems).
Parameter 𝑃𝑃4 reflects the influence of adjacent buildings according to their location and type
of construction (i.e. in terms of combustible materials). Following the distance criteria in [15],
𝑃𝑃4 is classified as type IS if the construction under assessment has no surrounding constructions
with exposed combustible materials closer than 12m, made of timber closer than 6m, or made
of quasi-fire resistant materials closer than 3m. Otherwise, 𝑃𝑃4 is classified as type IC. 𝑃𝑃4 can
also be classified as AC if there are adjacent constructions made mostly with combustible
materials, as ACN if there are adjacent constructions made with a balance of combustible and
non-combustible materials, or as AN if there are adjacent constructions made with noncombustible materials. When the adjacent constructions are abandoned, 𝑃𝑃4 is increased by one
level. The classification of parameter 𝑃𝑃5 reflects the likelihood of vertical fire propagation
within the construction under assessment, depending on the geometric proportion and number
of vertical aligned openings. This parameter is graded by the ratio 𝑟𝑟 = 𝑙𝑙 ⁄ℎ and the number of
levels between openings (nl), where 𝑙𝑙 is the vertical distance between openings and ℎ is the
height of the opening of the lower level [14] (see Table 3). The same ratio 𝑟𝑟 is also used to
analyse the relation between openings of the top building level and a roof structure made of
combustible material. The classification of 𝑃𝑃5 can be reduced by one level if the construction
material is combustible but was upgraded to have a reasonable fire resistance. When a
construction presents situations with both r≥1 and r<1, 𝑃𝑃5 can be graded as C, regardless of the
number of levels. In case there are no aligned openings and roofs have non-combustible
materials (NAI), 𝑃𝑃5 can be graded as A. Parameter 𝑃𝑃6 reflects the level of conservation and
cleanliness of the construction’s combustible materials (e.g. timber, thatch, or bamboo). This
parameter is graded according to five levels ranging from Very Good (when there are no
combustible materials in the building), Good (when the combustible materials are in good
condition and have a fire-resistance finishing), Medium (when the combustible materials appear
to be in good condition, without any type of biological colonisation (i.e. termites) and high
porosity), Bad (when the materials exhibit high porosity produced by biological colonisation),
and Very Bad (when the combustible materials exhibit high concentration of humidity,
biological colonisation, porosity, and vegetation growth; a common situation in abandoned
historical constructions). Parameter 𝑃𝑃7 reflects the horizontal propagation of fire from exterior
combustible materials through the distance between the construction under assessment and the
surrounding vegetation, rubbish or other elements that may exist. In the case of surrounding
vegetation, based on criteria from the United States National Fire Protection Association and
recommendations from the Portuguese Civil Protection, 𝑃𝑃7 was graded from A to E when the
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referred distance is more than 50m, between 50m and 30m, between 30m and 5m, from 5m to
1.5m, and less than 1.5m, respectively. 𝑃𝑃7 is also associated with the criteria used by [15] which
involve the critical distance between constructions made of combustible materials defined by
types I to IV. In this case the critical distance is defined with respect to other possible exterior
combustible materials, namely street furniture, rubbish or other elements that are not vegetation
or other constructions. Types I to IV correspond to cases where the distance from ignition
sources is more than 12m, between 12m and 6m, between 6m and 3m, and less than 3m,
respectively. The classification of 𝑃𝑃7 can be reduced by one level if the heritage asset near
combustible or flammable materials is made of non-combustible materials. Table 3 summarizes
the classifications of indicators 𝑃𝑃1 to 𝑃𝑃7 .
Table 3: Classification of parameters 𝑃𝑃1 to 𝑃𝑃7 .

Indicator
𝑃𝑃1
𝑃𝑃2
𝑃𝑃3
𝑃𝑃4
𝑃𝑃5
𝑃𝑃6
𝑃𝑃7

A
0
<500
A1
<50
IS or AN
NAI
Very Good
>50 and I

B
25
500-750
B2
50-100
IC
r≥1
Good
50-30 or II

Class
C
50
750-1500
B
100-200
ACN
r≥1 and r<1
Medium
30-5 or III

D
75
1500-3000
C, D
200-400
AC
r<1 and nl≤2
Bad
5-1.5 or IV

E
100
>3000
E, F
>400
ACA
r≤1 and nl>2
Very Bad
<1.5 and IV

Units
MJ/m2
m2
m

2.2 Utilities: Electric Power, Gas and Telecommunications (UEPGT)
The second group of parameters is related to the characteristics and components of the
existing utilities that can facilitate the occurrence or propagation of a fire due to their
maintenance conditions or contribute to increase the overall fire safety. It must be noted that
some of these utilities that were not part of the original cultural heritage asset are often found
to be operating under inadequate safety conditions (e.g. unprotected electrical wiring or
electrical overload of power outlets). These unsafe conditions increase the vulnerability of the
construction and its contents. The UEPGT group considers five indicators related to the
electrical (𝑃𝑃8 ), gas (𝑃𝑃9 ), HVAC (𝑃𝑃10 ), telecommunications and CCTV systems (𝑃𝑃11 ), to the
technical control room (𝑃𝑃12 ), and that are combined according to:
𝐺𝐺2 = 𝑈𝑈𝑈𝑈𝑈𝑈𝑈𝑈𝑈𝑈 = [𝑀𝑀𝑀𝑀𝑀𝑀 (𝑃𝑃𝑖𝑖,𝑖𝑖=8:12 )] × 0.20

(3)

The classification of parameter 𝑃𝑃8 follows principles referred in [6, 16] to reflect the level
of maintenance of the electrical installation. The grading levels (see Table 5) are Excellent (EX)
(adequate isolation of electrical components and combustible materials installed by
professionals), Good (G) (refers to installations similar to EX but not installed by
professionals), Medium (M) (installation with both new and older electrical components), Bad
(BA) (installation with older electrical components only), and Very Bad (VB) (installation
similar to BA but with known electrical deficiencies). The deficient implementation of a
lightning rod in buildings with tall vertical elements (e.g. a bell tower, pinnacle or cupola) can
also be considered to increase the classification of 𝑃𝑃8 by one level [17]. Parameter 𝑃𝑃9 is graded
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in Table 4 according to the type of gas supply [6], which can be piped (P), a gas reservoir (GR),
an external gas container (EGC), an internal gas container in a well-ventilated area (IGCV), or
an internal gas container in a poorly-ventilated area or close to heat sources (IGCNV). The
absence of gas installations is graded as A. The classification of 𝑃𝑃9 is increased one level when
gas installations or gas heaters are near flammable materials. Parameter 𝑃𝑃10 reflects the
existence of an HVAC system, that could be decentralized (D) or centralized (C). If the system
exhibits a good working condition 𝑃𝑃10 is graded as B (see Table 4). If the system’s level of
maintenance is inadequate, the classification increases to C for a decentralized system (DCF)
and to D for a centralized system (CCF). These classifications increase one more level if the
system is near combustible or flammable materials (to LMD and LMC for decentralized and
centralized systems, respectively). The absence of HVAC (NH) is equivalent to Class A.
Parameter 𝑃𝑃11 combines information related to the likely level of criminality of the area of the
construction under assessment and to the availability of systems with automatic communication
with the fire brigade services and video surveillance (CCTV). Parameter 𝑃𝑃11 is thus graded in
Table 4 as TT1 when there is a good CCTV system in low criminality zones, TT2 when there
is a good CCTV system in moderate or high criminality zones, TT3 when there is an incomplete
CCTV system (i.e. cameras are not available in all the relevant spaces), and TT4 when there is
no adequate CCTV system. The TT1-TT4 grading assume there is an efficient communication
system with the fire brigade. If this condition is not met, the classification can increase one
level. A grading TT5 is assigned when there is no CCTV system and no automatic
communication system with the fire brigade.
Table 4: Classification of parameters 𝑃𝑃8 to 𝑃𝑃12 .

Indicator
𝑃𝑃8
𝑃𝑃9
𝑃𝑃10
𝑃𝑃11
𝑃𝑃12

A
0
EX
P
NH
TT1
Out≥5

B
25
G
GR
D or C
TT2
Out<5

Class
C
50
M
EGC
DCF
TT3
IMC

D
75
BA
IGCV
CCF or LMD
TT4
IMM

E
100
VB
IGCNV
LMC
TT5
IB

Due to the flammability of components that a technical control room can have, its
contribution to the impacts is assessed independently by 𝑃𝑃12 (Table 5). This parameter reflects
the location of the technical control room within the construction under assessment, its degree
of maintenance, and the fire-resistant nature of the surface materials. When the technical control
room is located outside the main construction at a distance more than 5m, 𝑃𝑃12 is assigned to
Class A, whereas when the engine room is located at a distance equal or less than 5m, 𝑃𝑃12 is
assigned to Class B. Assigning 𝑃𝑃12 to Class C (IMC) corresponds to cases where the technical
control room is inside the construction and exhibits a good condition and there are some fire
control systems in place (e.g. an active suppression system, fire-retardant materials, or selfclosing doors). If the technical control room is located inside the construction and exhibits a
good condition but there are no active or passive fire suppression systems, class D (IMM) is
assigned. If the technical control room does not exhibit a good condition or there are no fire
suppression systems, 𝑃𝑃12 is assigned to class E (IB). If there are flammable elements or
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combustible materials that are not associated to the functionality of the technical control room
(e.g. textiles, mattresses, candles, ropes), the classification of 𝑃𝑃12 is increased one level.
2.3 Firefighting measures (FM)

The firefighting measures involves five parameters graded according to Table 5 and
combined according to Equation 4. This group addresses the existence of alarm and detection
systems (𝑃𝑃13 ), of smoke control systems (𝑃𝑃14 ), of active suppression systems (𝑃𝑃15 ), of water
supply systems (𝑃𝑃16 ), and the site accessibility by and its proximity to fire rescue services (𝑃𝑃17 ).
𝐺𝐺3 = 𝐹𝐹𝐹𝐹 = [𝑀𝑀𝑀𝑀𝑀𝑀 (𝑃𝑃𝑖𝑖,𝑖𝑖=13:17 )] × 0.30

(4)

Parameter 𝑃𝑃13 reflects the existence of an efficient alarm and fire detection system where all
components are in good working condition (except when stated otherwise). The grading of 𝑃𝑃13
involves the classes AM (when there is a dual (automatic and manual) system in all the relevant
zones of the construction under assessment), AA (when there is only an automatic system),
AMN (when there is a dual system with deficiencies in the automatic component), AAN (when
there is only an automatic system that is not in perfect working conditions), and NAD (when
there is no system). The classification of 𝑃𝑃13 can increase one level when there is a significant
likelihood of false alarms. Parameter 𝑃𝑃14 refers to the existence of smoke control systems in
enclosed compartments (automatic systems, through the spatial arrangement of the building, or
both) that can facilitate evacuation or firefighting actions [18]. Parameter 𝑃𝑃14 is graded as SC1
(when there are active and passive systems in good working conditions), SC2 (when there is
only a functional active system in corridors, stairs, or elevator shafts), SC3 (when there is only
passive extraction systems), SC4 (when there is a partially working SC2 or SC3 system) and
SC5 (when there are no smoke control systems). Parameter 𝑃𝑃15 reflects the existence of active
fire suppression systems that have any of the following components: sprinklers, extinguishers,
hydrants, hose reels, wet and dry rising mains, drencher systems, sparge pipes, water curtains,
or foam systems. Parameter 𝑃𝑃15 is graded as AS1 (when there are firefighting systems in
evacuation routes and inner compartments that will not affect water-sensitive movable assets in
case of a fire), AS2 (when there are firefighting systems in locations that can affect watersensitive movable assets in case of a fire), AS3 (when there are only fire suppression systems
in evacuation zones), AS4 (when there are suppression systems that have faulty or unreliable
components), and AS5 (when there is no firefighting equipment). Parameter P16 addresses the
water supply systems that include interior (e.g. water tanks) or exterior (e.g. fire hydrants,
rivers, lakes, etc.) water sources. Parameter 𝑃𝑃16 is graded as W1 (when the supply can be either
from the interior of the construction under assessment with a well-designed water tank or from
its exterior by a source with enough capacity (e.g. at least 20 m3), that is closer than 20m), W2
(when the source is from an interior water tank with insufficient capacity, and exterior sources
closer than 10m), W3 (when all the possible exterior sources are between 10m and 20m away),
W4 (the possible exterior sources are between 20 and 40m away), and W5 (when there are no
interior or exterior sources for water supply). In situations where the exterior water sources are
fundamental, and if their availability is known to be scarce or water is frozen in specific times
of the year, the classification of 𝑃𝑃16 should increase by two levels. When the fire suppression
system presents an adequate automatic non-water-based alternative, 𝑃𝑃16 can be graded as W1.
With respect to parameter 𝑃𝑃17 , the selected criteria are based on the firefighters’ expected time
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of arrival at the construction under assessment, partially based on [19] (see Table 5). When 𝑃𝑃17
is graded as E or D, this construction can be reduced two levels if 𝑃𝑃13 , 𝑃𝑃15 or 𝑃𝑃16 are of Class
A (e.g. if the construction has AM, AS1, W1 and 𝑃𝑃17 > 40 𝑚𝑚𝑚𝑚𝑚𝑚, 𝑃𝑃17 should be graded as C).
The grade of 𝑃𝑃17 increases one level if the access to the façade of the construction has physical
obstacles, if there is a unique or no road access, or if the access routes have heavy traffic.
Table 5: Classification of parameters 𝑃𝑃13 to 𝑃𝑃17 .

Indicator
𝑃𝑃13
𝑃𝑃14
𝑃𝑃15
𝑃𝑃16
𝑃𝑃17

A
0
AM
SC1
AS1
W1
0-10

B
25
AA
SC2
AS2
W2
10-20

Class
C
50
AMN
SC3
AS3
W3
20-30

D
75
AAN
SC4
AS4
W4
30-40

E
100
NAD
SC5
AS5
W5
>40

Unit
min

2.4 Emergency Preparedness Planning (EPP)
This group reflects the availability of measures and strategies implemented to safeguard the
construction and its movable assets given their cultural value. This group integrates parameters
addressing the existence of emergency planning (𝑃𝑃18 ), the elevation of relevant compartments
of the construction (𝑃𝑃19 ), evacuation routes (𝑃𝑃20 ), and emergency signage (𝑃𝑃21 ) according to:
𝐺𝐺4 = 𝐸𝐸𝐸𝐸𝐸𝐸 = [𝑀𝑀𝑀𝑀𝑀𝑀 (𝑃𝑃𝑖𝑖,𝑖𝑖=18:21 )] × 0.15

(5)

Parameter 𝑃𝑃18 is graded as EA when the staff is trained to handle emergency situations and
there is an emergency response plan with measures for the evacuation or protection of cultural
assets in case of fire and specific procedures for the fire brigade that will deal with the fire [16].
This emergency response plan needs to involve guidance for staff training, information about
the governance hierarchy and the control of access to the construction during emergencies,
guidance for the evacuation of cultural assets during emergencies and procedures to carry out
regular safety/risk assessments. The emergency plan, must have strategies to address scenarios
where rehabilitation or refurbishment operations that may involve hot works are carried out
[18]. If the emergency plan only accounts for the safety of people, 𝑃𝑃18 is graded as EB. 𝑃𝑃18 is
graded as EC when the staff is trained to handle emergency situations, but there is no emergency
plan. P18 is graded as ED when there is an emergency plan but the staff is not trained to handle
emergencies. If there is no emergency plan and if the staff is not trained to handle emergencies,
𝑃𝑃18 is graded as EE. Parameter 𝑃𝑃19 is linked to the elevation of the habitable space (HS) or the
compartments with cultural assets (CUA), considering the most disadvantageous case (see
Table 6). The classification of 𝑃𝑃19 can be modified when CUA and/or HS are located at a height
over 9 m but there are active suppression systems (AS1 or AS2) and when efficient strategies
of staff training are also integrated into the emergency plan (EA) [18]. Parameter 𝑃𝑃20 combines
multiple factors (i.e. travel distance to safety points (d), the width of corridors (w) and their
slope (s)) based on [5, 16], to reflect the characteristics of the evacuation routes relevant for the
evacuation of movable assets (from A to E), or for people (from B to E). If 𝑃𝑃20 is classified as
D or E, it can be improved by one level (up to three) each time one of the following are
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available: efficient active suppression systems (AS3), smoke control systems (SC1, SC2 or
SC3) and EA in evacuation zones or specific meeting points. On the other hand, 𝑃𝑃20 is increased
by one level when there are combustible materials obstructing evacuation routes. Parameter 𝑃𝑃21
considers the contribution of signage and emergency lights to the safeguard of movable assets
and the safety of people during an emergency. When there are emergency lights in the
evacuation routes (EL) and the signage provides instructions for both the safeguard of movable
assets (SM) and the safety of people (SP) during an emergency, 𝑃𝑃21 is of class A. When there
are emergency lights in the evacuation routes (EL) but the signage only addresses the safety of
people (SP), 𝑃𝑃21 is of class B. When there is only one element (i.e. emergency lights or signage)
that provides the safeguard of movable assets (SM) and the safety of people (SP) during an
emergency, 𝑃𝑃21 is of class C. When there is only signage addressing the safety of people (SP),
𝑃𝑃21 is of class D. When there are no emergency lights and signage (N), 𝑃𝑃21 is of class E. If the
emergency lights are not in good working condition, 𝑃𝑃21 increases by one level.
Table 6: Classification of parameters 𝑃𝑃18 to 𝑃𝑃22 .

Indicator
𝑃𝑃18
𝑃𝑃19

𝑃𝑃20

3

𝑃𝑃21

Class

A
0
EA

B
C
D
E
25
50
75
100
EB
EC
ED
EE
HS and CUA ≤9 m,
HS or CUA>9 m
HS or
HS and/or
or
CUA ≤ 7 m and
and AS1/AS2 CUA>9 m
CUA >9 m
CUA and HS >9 m
HS ≤ 9 m
and EA
and EA
and AS1 and EA
s=0-5º
s=0-5º
s=0-5º
s>15º
s>15º
d≤15 m and w>3
d≤20 m or
d>20 m and
d>20 m or d>20 m and
m
w>3 m
w>3 m
w<3 m
w<3m
SM and SP and EL
SP and EL
SP/SM or EL
SP
N

APLICATION OF THE PROPOSED METHODOLOGY

3.1 Description of the case studies
The first case study is the 16th century Church of Misericordia in Esposende, Portugal,
(41°31'51.85"N, 8°46'50.18"W). Based on data available from an in-situ survey, the BP group
was classified as D. The church exhibits a balance between combustible (i.e. main and
secondary altars, roof, mezzanine and stairs made of timber (see Figure 1a)) and noncombustible materials (i.e. stone walls), and its current use is religious with an archive, thus
leading to an estimated fire load for 𝑃𝑃1 of 2600 MJ/m2 (Class D). 𝑃𝑃2 was graded as C,
considering since the unprotected timber, namely, in the altars and the furniture, is a fire
susceptible material. 𝑃𝑃3 is graded as C since the largest compartment size is approximately 103
m2, whereas 𝑃𝑃4 is equal to A since the church is an isolated construction. The ratios 𝑟𝑟 that were
evaluated lead to a 𝑃𝑃5 of Class C. Due to the level of degradation exhibited by some combustible
materials and the lack of intumescent materials, 𝑃𝑃6 is graded as C. For 𝑃𝑃7 , E was assigned due
to a tree located approximately 4.48 m from one of the entrances (see Figure 1b). UEGPT was
assigned to Class E due to 𝑃𝑃8 , and 𝑃𝑃12 . The former is graded as E because there are extension
cords close to the combustible materials behind the main altar (see Figure 1c), and there are
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frequent power surges when many electric components are turned on. The existence of gas
containers stored in a poorly-ventilated area inside the building (see Figure 1d) and the use of
gas heaters during ceremonies leads to a class D for 𝑃𝑃9 . The building does not have a HVAC
system, leading to 𝑃𝑃10 of Class A. Since the building has a few cameras in the interior, 𝑃𝑃11 , is
graded as C. 𝑃𝑃12 was graded as E due to a lack of fire suppression systems and the fact there is
a mattress located in the compartment of the electrical control panel. FM was assessed as E due
to a lack of fire detection (𝑃𝑃13 ), smoke control (𝑃𝑃14 ) and fire suppression systems (𝑃𝑃15 ). Still,
𝑃𝑃16 is graded as C (there is an exterior fountain 10m away and a public hydrant at approximately
20m), and 𝑃𝑃17 is graded as B (the firefighter services are nearby). Even though the height of the
upper level is lower than 7m (𝑃𝑃19 is A), EPP was graded as E due to a lack of emergency
planning (Class E), the travel distance being more than 20m (Class E), and the door widths
being lower than 3m (Class E). The absence of signage and the presence of emergency lights
that are not in good working conditions lead to 𝑃𝑃21 of Class D. Table 7 and Figure 3a summarize
the assessed parameters and present a final damage level 𝐷𝐷𝑉𝑉 of 91.25 (heavy damage).
Table 7: Fire Risk Assessment Church of Misericordia in Esposende, Portugal.

BP

UEGPT

FM

EPP
𝑃𝑃𝑖𝑖 𝑃𝑃1 𝑃𝑃2 𝑃𝑃3 𝑃𝑃4 𝑃𝑃5 𝑃𝑃6 𝑃𝑃7 𝑃𝑃8 𝑃𝑃9 𝑃𝑃10 𝑃𝑃11 𝑃𝑃12 𝑃𝑃13 𝑃𝑃14 𝑃𝑃15 𝑃𝑃16 𝑃𝑃17 𝑃𝑃18 𝑃𝑃19 𝑃𝑃20 𝑃𝑃21
𝐶𝐶𝑖𝑖 D C C A C C D E D A C E E E E C B
E
A
E
D
𝐺𝐺𝑖𝑖
𝐺𝐺1 = 75 ∗ 0.35 = 26.25
𝐺𝐺2 = 100 ∗ 0.2 = 20
𝐺𝐺3 = 100 ∗ 0.3 = 30 𝐺𝐺4 = 100 ∗ 0.15 = 15
𝐷𝐷𝑉𝑉
26.25 + 20 + 30 + 15 = 91.25 ∴ 𝐻𝐻𝐻𝐻𝐻𝐻𝐻𝐻𝐻𝐻 𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿 𝑜𝑜𝑜𝑜 𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷

(a)
(b)
(c)
(d)
Figure 1: (a) Main Altar; (b) Exterior View; (c) Extension cords behind the main altar; (d) Storage room.

The second case is the 14th century Museum of Carmo in Lisbon, Portugal (38°42'43.5"N
9°08'25.4"W). The BP group was ranked as D, given that, in 𝑃𝑃5 , r < 1 and nl ≤ 2. 𝑃𝑃3 was graded
as C since the largest compartment has approximately 190 m2. 𝑃𝑃1 and 𝑃𝑃7 were graded as B due
to the current use of the building (being a museum 80% with non-combustible material leads to
a fire load of 500 MJ/m2) and the existence of vegetation 5-30m away from non-combustible
materials, respectively. The other parameters of BP were graded as A, due to the noncombustible materials of the walls and the type of adjacent buildings (𝑃𝑃2 and 𝑃𝑃4 ), and the good
level of conservation of the few combustible materials in the structure (𝑃𝑃6 ). In terms of UEGPT,
the building was graded as B, given that utilities are in good condition, the technical room is in
the exterior but near the administrative zones, there is a CCTV system (Figure 2b) and the
building is in a moderate criminal area. FM is graded as C since there is a fire suppression
system (Figure 2a), an alarm and detection system (Figure 2b), a passive smoke control system
(atrium), water supply and the firefighters are less than 10min away. Even though 𝑃𝑃20 leads to
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a Class D (travel d <20 m and w<3), it is upgraded to B due to the integration of AS1 and SC3.
EPP is graded as C since there are some measures of emergency preparedness but no emergency
plan, given that the elevation is lower than 7 m and that there are signage and emergency lights,
(see Figures 2c and 2d). The summary of the parameters is shown in Table 8 and Figure 3b,
leading to a final damage level of 53.75 (medium damage).
Table 8: Fire Risk Assessment of Museum of Carmo Convent in Lisbon, Portugal.

BP
𝑃𝑃𝑖𝑖
𝐶𝐶𝑖𝑖
𝐺𝐺𝑖𝑖

𝑃𝑃1 𝑃𝑃2 𝑃𝑃3 𝑃𝑃4 𝑃𝑃5 𝑃𝑃6 𝑃𝑃7 𝑃𝑃8

B A C A D A B A

𝐷𝐷𝑉𝑉

UEGPT
𝑃𝑃9

A

FM

EPP

𝑃𝑃10 𝑃𝑃11 𝑃𝑃12 𝑃𝑃13 𝑃𝑃14 𝑃𝑃15 𝑃𝑃16 𝑃𝑃17 𝑃𝑃18

A

B

B

A A C A A

C

𝑃𝑃19

A

𝑃𝑃20

B

𝑃𝑃21

A

𝐺𝐺1 = 75 ∗ 0.35 = 26.25
𝐺𝐺2 = 25 ∗ 0.2 = 5
𝐺𝐺3 = 50 ∗ 0.3 = 15
𝐺𝐺4 = 50 ∗ 0.15 = 7.5
26.25 + 5 + 15 + 7.5 = 53.75 ∴ 𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝑀𝑀 𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿 𝑜𝑜𝑜𝑜 𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷

(a)

(b)
(c)
(d)
Figure 2: (a) Suppression System; (b) CCTV; (c) Alarms system; (d) Signage.

(a)
(b)
th
Figure 3: Fire index assessment (a) 16 Church of Misericordia; (b) 14th century Museum of Carmo.

4

CONCLUSIONS

Given the diversity and specificity of cultural heritage assets, simple approaches are required
to analyse their fire safety and establish their risk mitigation needs. In this context, a simplified
fire damage index dedicated to assessing the expected damage impact due to fires in immovable
cultural heritage assets is proposed. The proposed index involves a weighted multi-parameter
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evaluation that can be correlated with the level of damage that the cultural heritage asset
(including its contents) is expected to suffer under a fire. The fire index was applied to two case
studies in Portugal to illustrate the flexibility of its applicability.
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Abstract. The present study case highlights the importance of considering local failures for
irregular unreinforced masonry buildings, by means of nonlinear seismic analyses. Simplified
seismic assessments based on equivalent frame method were used in order to capture the
structural behavior of the National Geological Museum from Bucharest in its initial form and
also the current structural layout.
The retrofitting works realized in the 1982 were focused on strengthening the transversal
masonry walls and on creating horizontal diaphragms to improve the “box behavior” of the
building subjected to lateral forces. Retrofitting of unreinforced masonry walls by reinforced
concrete jacketing and the replacement of flexible floors by reinforced concrete slabs were
previously considered to be effective only though post-earthquake visual inspections of the
strengthened elements. The efficiency of past interventions is studied in the present paper
through comparisons between the two models in terms of damage patterns, global behavior and
also performance levels established function of maximum relative displacements.
1

INTRODUCTION

1.1 Brief history
The building hosting nowadays the National Geological Museum was built at the beginning
of the 20th century, in between 1904-1906 by architect Ion Ștefănescu. Located in Bucharest,
it was initially designed as headquarters of the National Geological Institute and transformed
in museum in 1975. The building is listed on the cultural heritage list as having significant
importance in the local context.
1.2 Structural layout
The museum’s complex is formed by two wings with different heights and layouts, even
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though not separated through seismic joints. The main wing has a U-shape layout composed of
a semi-basement of 4.40 m height, a ground floor of 6.80 m and a first floor of 5.60 m. The
secondary wing is located on the backside of the building and hosts the main staircase shown
in Figure 1, as well as the exhibition hall with more than 12 m clear height. The connection
between the two wings is done only through the circular walls of the hallway and though the
stair landings. The lack of appropriate separation joints between the two wings with different
stiffnesses represents one of the major structural deficiencies.

Figure 1: Main stairway linking the principal wing and the exhibition hall

Both exterior and interior walls are made of clay brick masonry and lime mortar with
variable thicknesses along the height of the building. Reductions of the walls’ thickness range
from 25% up to 55%, thus creating major differences of wall’s areas for each floor. In most of
the cases, the masonry walls are continuous along the entire height, following the proportions
of structural elements specific for the time of construction. Even though increased story height
favors the creation of high horizontal coupling elements above openings of about 2 m, the
openings of the main facades do not follow this layout. The uneven placement of windows on
the principal façade, as well as the reduced height of the spandrels from the first floor creates
considerable stiffness differences in between exterior and interior walls. Similarly, the openings
on the walls of the back façade present an irregular alignment. These deficiencies led most
probably to the creation of buttresses to support the walls of the secondary wing, as it can be
observed in Figure 2Figure 2
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Figure 2: View of the back facade of the National Geological Museum (secondary wing)

Apart from uneven placement of openings, the front façade also has an important
discontinuity at the upper level of the balcony. The area situated above the main entrance is
composed of columns and arches that support the upper level of the attic, as pictured in Figure
3.
Initially, the building had flexible floors made of metallic profiles and vaults for the partial
basement and made of metallic profiles or wooden beams for the upper floors. The roof
structure is made of wooden frames, having a particularly increased height reaching about 10
m. Hence, several high walls from the attic level present inappropriate anchorages in order to
support horizontal actions. The vault covering the exhibition hall is made of reinforced
concrete, while the vault of the stairways is made of a light weight material, namely reinforced
mortar. The vaulted structure of the secondary wing marks one of the first practices for using
reinforced concrete in Romania.

Figure 3: Main facade of the National Geological Museum
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2 POST EARTHQUAKE STRUCTURAL BEHAVIOUR
Some of the main structural deficiencies noted in previous seismic assessments refer to the
aspects previously presented with respect to the openings positioning and proportions, masonry
walls’ thickness reduction along height, lack of separation joints between the two wings and
also improper connections of the structural walls at the attic level.
The museum was strongly affected by strong earthquakes which happened during the 20th
century in Romania (1940, 1977, 1986 and 1990) and also by the World War II bombing in
Bucharest (1944). Severe local damages were caused in the 1944, as it can be seen in Figure 4.
According to past damage assessments [1], the earthquake from 1940 caused “significant
degradations of the structural walls” that were not repaired not strengthened. Therefore, the
strong ground motion from 1977 acted on a structure already damaged. Some of the damages
observed after this seismic event range from cracking and debonding up to local collapse of
nonstructural parts. The failure mechanisms consisted mainly in diagonal cracking (step-wise)
and bending failure in the case of slender piers, such as the ones from the main façade of the
building. The global behavior was governed by “walls with small openings” due to the
increased width of spandrels, which remained undamaged. The most affected area was the
portico of the front façade, due to uneven layout of transversal walls from the interior, with
respect to the marginal walls of the balcony. This led to partial detachments of the portico from
the main façade. Moreover, the asynchronous movement of the two wings caused significant
damages to the curves walls that link the exhibition hall to the main building. At the last level,
nonstructural walls improperly linked collapsed on top of the vault above the stairway and
caused its destruction.

Figure 4: The National Geological Institute after the bombing from 1944, 23rd August (Agerpres Archive – foto
no. 7646690)
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In order to repair and strengthen the building, retrofitting works started in 1982. The main
goals were to replace the flexible flooring with reinforced concrete slabs, to repair cracks by
means of grout injections and also strengthen masonry walls using reinforcement bars or welded
meshes. Metallic tie-rods were added in the most vulnerable parts, namely the portico and other
partially collapsed parts. Apart from these local interventions, several transversal interior walls
of the main wing were jacketed with reinforced concrete (10 cm thick layers) or reinforced
mortar (4 cm thick layers).
The following seismic events from 1986 and 1990 did not cause any damages in the
retrofitted areas and even improved the “box behavior” of the building subjected to lateral
forces. Even though the global behavior was observed to be improved, supplementary
retrofitting works were recommended to be undertaken in order to reach the safety standards
for existing buildings, according to current regulations.
3

NUMERICAL MODELS

Starting from the damage assessment previously presented and also based on previous
research related to material behavior of clay bricks used in the beginning of the 20th century, a
numerical model of the buildings was calibrated. The software used was Tremuri [2] due to its
ability to model masonry walls as assemblages of deformable macro-elements (piers and
spandrels) linked by rigid nodes. The layout of the structure was slightly simplified in order to
adapt to the modeling strategy of the software. Accordingly, the curved walls were
approximated by orthogonal walls and the roof structures was not modeled explicitly. The final
layout of the building modelled in Tremuri is shown in Figure 5.

Figure 5: Structural layout of the building (Tremuri)

4

COMPARATIVE RESULTS OF THE STATIC NONLINEAR ANALYSES

In order to analyze the change in behavior generated by the retrofitting interventions done
in the 80s’, two numerical models were compared (initial structure and retrofitted structure)
through Pushover analyses, damage patters and maximum displacements. The changes
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implemented for the retrofitted model consist in improved material characteristics for the
masonry walls retrofitted by RC jacketing, according to the sketch presented in Figure 6 and
also modelling the slabs as rigid diaphragms.

Figure 6: Masonry walls retrofitted by jacketing

4.1 Damage pattern
The pushover analyses were performed considering both positive directions of actions (along
longitudinal and transversal directions) and a proportional application of horizontal forces along
the height of the building.
Figure 7 illustrates the elements’ damage state recorded at the last step of the Pushover
analysis on X direction of loading. The most affected elements are found on the front façade of
the building due to shear damage (light yellow) in case of spandrels from the first floor and
bending damage of the slender piers from the upper floors. The piers facing shear failure are
colored in orange and they correspond to the level where changes in openings position appear
(ground floor – first floor). Comparing these damages stages with the ones recorded on the
retrofitted model on the left, it can be observed that bending failure (red colored elements)
appear on top of the back-façade walls. The lack of proper separation between the two wings
was not solved through the retrofitting interventions carried out in 1982-1984. Moreover, since
jacketing measures were taken for walls of the main wing, even greater difference in terms of
stiffness tend to appear in between the two building parts.
4.2 Pushover curves
Pushover curves were obtained for both static and uniform loading patterns are presented in
Figure 8 in order to highlight the differences between the initial and the retrofitted models.
From the point of view of stiffness of the models, it can be observed that the initial model with
flexible floors has different results for both loading directions. In the case of the retrofitted
model, there are no longer present such variations in terms of stiffness, due to a more unitary
behavior along the orthogonal directions, as desired for the structures with rigid diaphragms.
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Figure 7: Comparative results for the Static Pushover: initial structure (left) and retrofitted structure (right) –
longitudinal loading direction (X)

The improvements observed in terms of maximum horizonal force are significant on Y
direction, where both Pushover loading patterns reach about 80% increase in strength. Taking
into account that most of the interventions were concentrated on transversal walls, almost no
changes are recorded on the results from longitudinal loading direction, when comparing the
initial structure with the retrofitted one.
Since the retrofitting works were designed to increase the strength, no improvements are
observed in terms of increased displacement capacity. The maximum global displacements
from the nonlinear static analyses of the retrofitted models reach lower values then the initial
model, especially in the case of the transversal loading direction, along which improvement
works on masonry walls were concentrated.

Figure 8: Pushover curves comparison
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4.3 Global and relative displacements
In case of unreinforced masonry buildings with variable wall thicknesses, irregular damage
distribution is frequently observed in post-damage seismic assessments [3]. As in the case
herein presented, severe damages tend to concentrated at floors where changes of layout or wall
thickness appear. Since global values of ultimate displacements may not reflect the maximum
displacement values reached in areas with local failures, an additional analysis was done in
order to evaluate relative displacements at the floor and at the wall level.
Previous literature studies highlight the significant differences between global and local
ultimate displacements in case of masonry structures, proposing also threshold limits for each
of these [3]. Typical drift values for unreinforced masonry walls presented in ASCE [4], as well
as global drift limits proposed in literature [5] were summarized in Table 1 and further
compared with the relative displacements obtained for the National Geological Museum. The
global drift limits expressed function of the height of the building (19.85 m) are overlapped
with the global Pushover curves in Figure 8. It can be observed that only for one of the analyses
the collapse prevention limit is reached, namely for the initial model, uniform loading pattern
in transversal direction, while all the other ultimate displacements indicate the life safety
performance level.
Table 1: Relative displacement values for URM walls and URM structures

Structural performance levels
D0
D1
D2
D3

Immediate Occupancy
(IO)
Damage Control (DC)
Life safety (LS)
Collapse Prevention (CP)

Drift values for
URM walls

Drift values
for URM
buildings

0 – 0.3%

0 – 0.06%

0.3% - 0.6%
0.6% - 1%
≥ 1%

0.06% - 0.1%
0.1% - 0.2%
≥ 0,2 %

Taking into account that the global nonlinear analyses do not reach target displacements
estimated based on equivalent single degree of freedom systems, it can be concluded that local
failures occur before the global collapse of the structure. In order to check if the numerical
models were able to capture the damage areas noted in the post-earthquake assessments, the
relative floor and walls displacements, as well as the damage state of the elements was analyzed.
The highest relative displacements resulted from the Static Pushover case on the initial
model appear at the walls from the ground floor level in case of longitudinal loading direction
and on the first level for the transversal loading direction. For X direction, almost 30% of the
masonry walls form the ground floor overpass the drift limit corresponding to damage control,
with 2- 3 cm displacement. In case of Y loading direction, more than 20% of the walls reach
the life safety stage with relative displacements higher than 3.6 cm. The highest relative
displacements are recorded on one of the portico’s sides (wall 28) and also the adjacent interior
wall no. 15, marked with red on Figure 9. Their displacements correspond to the collapse
prevention performance limit, according to the drift proposed as reference by ASCE [4]. The
highest relative displacement recorded for the longitudinal direction is also highlighted in green
for the wall no. 44 in Figure 9.
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Figure 9: Damage stage color code for all the walls with highest relative displacements

These results are in good accordance with the information regarding the damage assessment,
showcasing once again the local vulnerabilities caused by the portico, the openings layout of
the main façade as well as the misalignment of transversal interior walls. For wall no. 44 and
no. 15, detailed results are presented in Table 2 and Table 3 with respect to the ultimate
displacements recorded in nodes along the height and also the damage stage of the macro
elements. Since wall no. 15 was retrofitted by jacketing, unlike wall no. 44, a comparison
between results of the initial model and of the retrofitted model is also shown.
For wall no. 44, placed on the longitudinal direction of the building, the slender piers of the
portico are placed on top of the main entrance, so that the entire layout is highly irregular.
Moreover, transversal connections with the rest of the building are not continuous, therefore
favorizing local detachments. Considering there were no strengthening works performed on this
façade wall, nor other significant works on the longitudinal direction, there are no major
changes observed for the retrofitted model.
In case of wall no.15, the highest drift appears at the first level, where important stiffness
differences appear along the height of the wall due to placement of openings. After the jacketing
of the wall with 20 cm of RC on both sides, the damage distribution along the macro-elements
is completely changed, as it can be observed in the retrofitted model from Table 3. Bending of
the pier from the first floor is avoided and the relative displacements decrease below the
Damage Control drift limit.
When comparing the initial model with the retrofitted one, significant improvements are
observed for the transversal direction. Considering the numerous constrained specific for
heritage buildings, jacketing works were only possible in few places, mostly on the transversal
direction. These types of traditional reinforcements applied for unreinforced masonry are
considered to be similar to the addition of new reinforced concrete walls [6] and were
extensively used at the end of the 20th century and combined with less invasive interventions
[7]. Adding layers of reinforced concrete on masonry walls increases strength, anyhow
restraining the deformation capacity of the structural element. Lateral cyclic laboratory tests
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performed in Skopje [8] concluded that jacketing of URM walls subjected to high compressive
forces decreases their displacement capacity. Therefore, the efficiency of this retrofitting
method depends on their proportions, being more adequate for walls with an aspect ratio
between height and length of about 0.7, rather than slender walls.
Table 2: Relative displacements of wall no. 44 (longitudinal loading direction)

Initial model
Damage stage of
Ultimate
macro-elements displacement
per floor
[cm]
3.69
3.68

2.76

Ultimate
drift per
floor [%]

Retrofitted model
Damage stage of
Ultimate
macro-elements
displacement
per floor
[cm]
3.31

0.01

3.28

0.18

2.42

0.39

0.08

Ultimate
drift per
floor [%]

0.01
0.16

0.33

0.15

Table 3: Relative displacements of wall no. 15 (transversal loading direction)

Initial model
Damage stage of
Ultimate
macro-elements
displacement
per floor
[cm]
5.57
5.55

0.24

Ultimat
e drift
per
floor
[%]

Retrofitted model
Damage stage of
Ultimate
macro-elements
displacement
per floor
[cm]
2.62

0.01

2.54

1.01

1.13

0.03

0.11

0.14
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Ultimate
drift per
floor [%]

0.02
0.27

0.15
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5

CONCLUSIONS

The numerical models proposed for the National Geological Museum were validated by
comparison with the post-earthquake damage assessments presented in technical documents.
The macro-element method implemented in Tremuri was able to capture the structural behavior
of the building, where slender piers suffer from bending damage and diagonal cracking appears
for elements subjected to shear forces. Significant damages recorded for the masonry walls
were also captured in the model by means of high damage percentages for macro-elements. The
damages from the portico area observed after the 1977 earthquake were also present in the
numerical model through large relative displacements of the structural elements.
The layout of openings on the façade, as well as the transition area between the two wings
of the building favorized the accumulation of damage on certain areas and levels. Therefore,
distinct analyses were done to evaluate the performance level function of relative displacements
at global level and also at the wall’s level. The ultimate drift recorded for the entire building
indicated the exceedance of life safety performance level, while the relative damages from the
portico overpass the collapse prevention drift limits.
A distinct model was done for the retrofitted version of the museum, based on the
interventions performed in 1982. When comparing the results of the initial model with the
retrofitted one, the lateral capacity increased up to 80% along the transversal direction, where
most of the works were carried out, while the ultimate displacement was slightly reduced.
Therefore, the overall seismic energy dissipation capacity reaches a 25% increase for the
retrofitted model. On the other hand, significant reductions of relative displacements appear in
case of the most vulnerable parts of the buildings, namely the portico and the façade walls, thus
leading to a more uniform load distribution along structural walls on both directions. Taking
into account that these types of invasive interventions are difficult to apply on heritage buildings
due to architectural constraints, alternative retrofitting solutions should be considered for future
interventions.
Acknowledgements. The authors would like to acknowledge the help of STAdata for providing
an academic license of the Tremuri software.
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Abstract. The application of reliable predictive methods for the seismic vulnerability
assessment of historical buildings represents a challenging issue in the process of risk
mitigation at regional/national scale, in order to undertake appropriate strategies aimed at
achieving acceptable safety levels. For the application of such policies, the availability of
adequate procedures for the correct evaluation of the seismic risk of specific assets, like
churches, is a fundamental topic of investigation. In this paper, a simple procedure based on
the linear and non-linear kinematic approach is applied to evaluate the seismic capacity of
masonry churches, both in terms of spectral acceleration and spectral displacement. To check
the reliability of such a procedure, the obtained results have been compared with the damage
scenario observed on a population of churches analysed by the research group in the aftermath
of the 2009 L’Aquila earthquake.
1

INTRODUCTION

Recent seismic events produced extraordinary costs for reconstruction of damaged
buildings, showing also a considerable impact on social and cultural factors of the affected
territories. In particular, the earthquakes occurred in Italy in the last decades evidenced severe
states of damage and significant losses of important historical and architectural assets,
emphasising the great fragility of the existing building heritage and stressing the necessity to
prevent losses through the definition of reliable preventive protection strategies.
As far as masonry churches are concerned, different methodologies of assessment have been
developed, considering various approaches with different levels of investigation [1-4]. The
damage probability matrix (DPM) method and the vulnerability index method (VIM) are among
the most common vulnerability assessment approaches found in literature [5, 6].
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Such methods are mainly based on the observational analyses carried out at territorial scale
on churches in the aftermath of significant seismic events (such as Friuli [7], Umbria and
Marche [8], Molise [9], L'Aquila [10, 11] and Central Italy [12, 13] earthquakes) which allowed
to learn more about the most recurrent damage mechanisms and seismic fragilities of existing
churches. Alternative methodologies were also developed on the basis of analytical evaluations,
mainly based on the study of macro-element behaviour through linear and non-linear analyses.
Different simplified methodologies to derive fragility curves can be found in literature [14, 15].
With general reference to the approaches used for existing masonry buildings, many studies are
definitely worth of being mentioned [16-19].
In this paper a predictive methodology for the seismic vulnerability assessment of masonry
churches in large territorial areas is presented, focusing the attention on the three-nave churches
of the Abruzzi Region. A simplified procedure, based on the kinematic limit approach, is
proposed with the aim to identify the structural capacity of the main detectable macro-elements
and to provide predictive tools useful for the development of suitable risk mitigation strategies.
2 LOCAL RIGID-BLOCK ANALYSIS
2.1 Introduction
A masonry building can be considered as an assembly of statically determined elements
connected to each other in a unilateral restraint condition. The possible lack of effectiveness (or
maybe the absence) of the connections between these elements can compromise the behaviour
of the whole structure, making it particularly vulnerable to the stresses induced by a seismic
event. This statement assumes a particular value for the masonry churches, in which the
typological configuration of the buildings and also the possible historical stratifications may
imply the presence of remarkable internal disconnections. The seismic action stresses these
disconnections, favouring different behaviours for the several structural components: in case of
good quality masonry, the damage can occur with the loss of equilibrium of rigid blocks that
can sustain relevant displacements before collapsing. This hypothesis is confirmed by the
partial collapses observed in the damaged masonry churches after the recent seismic events
(Figure 1).
The above observation allows to state that the study of the global seismic response may be
less appropriate for many types of historical buildings, for which the use of local models may
be more suitable. The analysis of local rigid-body mechanisms [20] considers each structural
element composed of a certain number of non-deformable wall blocks, connected to each other
and to the rest of construction through internal and external constraints. The set of these
constrained rigid blocks must be such as to constitute a kinematic chain with a single degree of
freedom (SDOF).
The study of a local mechanism is conducted through the method of limit analysis, following
a kinematic approach, according to the following steps: (i) identification of possible collapse
mechanisms; (ii) definition of the value of the horizontal load multiplier α involving the
activation of the relevant mechanism; (iii) safety check, through the comparison between
seismic demand and structural capacity.
More specifically, the structural capacity is evaluated through the linear and non-linear
approach, to evaluate the acceleration of the kinematic activation and its ultimate displacement
capacity, respectively [14, 21, 22].
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These criteria can be extended to monumental buildings by recognizing SDOF elements that
identify the typical kinematic configurations of macro-elements.

a)

b)

c)

Figure 1: Partial collapses observed in the Italian churches of Sant’Eusanio Martire in Sant’Eusanio Forconese
(a), Santa Maria degli Angeli in Paganica (b) and Santa Gemma in Goriano Sicoli (c) (L’Aquila district,
Abruzzi).

2.2 Simplified kinematic procedure
In this paper, a simplified method for a large-scale vulnerability assessment of churches is
considered. The procedure is aimed at identifying the kinematically admissible mechanisms for
a population of 64 three-nave churches located in the territory of L’Aquila [AQ] and SulmonaValva [SU-VA] Dioceses (in Abruzzi, Italy), verifying their capacity in terms of possible
accelerations (linear kinematic analysis) and ultimate displacements (non-linear kinematic
analysis). The analysis regards the macro-element “Façade”.
The analysis of the local mechanisms for masonry churches has been conducted assuming
the macro-elements approach identified by the Italian Cultural Heritage Guidelines [22], based
on the statistical studies carried out in the aftermath of the last Italian seismic events. In
particular, a number of I MODE kinematically admissible collapse mechanisms, defined by
different positions of the cylindrical hinges, has been identified for the analysed macro-element.
Then, the analyses have been performed considering the detected constraint conditions, the
presence/absence of possible retaining or thrusting elements and the influence of the typological
features of the macro-element (Figure 2) on the activation of each possible mechanism, as
schematically shown in Figure 3 and in Table 1.
Namely, the identified kinematic motions are:
- global façade monolithic overturning [K1];
- double-skin façade monolithic overturning [K2];
- global façade composed overturning [K3];
- top of the façade monolithic overturning [K4, K5, K6];
- top of the façade composed overturning [K7];
- monolithic vertical bending [K8];
- monolithic vertical bending (external skin) [K9];
- horizontal bending [K10];
- double-skin façade horizontal bending [K11];
- double-skin façade horizontal bending (external skin) [K12].
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a)

b)

c)

Figure 2: Common type of façades observed in L’Aquila district: salient façade_ church of San Pietro ad
Oratorium in Capestrano (Aq)[SU-VA] (a); gabled façade _church of Sant’Agata in Tussillo (Aq) [AQ] (b); flat
façade_ church Santa Maria di Collemaggio in L’Aquila [AQ] (c).

Figure 3: Possible kinematic motions for the macro-element “Façade”.

3 LINEAR KINEMATIC ANALYSIS
3.1 General
A linear kinematic analysis has been performed for the façades of the considered stock of
churches. For each analysed façade and for each identified mechanism, the horizontal load
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Table 1: Influence of typological characteristics and constraint conditions on the identified mechanisms.

Kinematic motion
[K1]
[K2]
[K3]
[K4]
[K5]
[K6]
[K7]
[K8]
[K9]
[K10]
[K11]
[K12]

Façade typology
Salient façade
Flat façade
Gable façade
Salient façade
Flat façade
Gable façade
Salient façade
Flat façade
Gable façade
Salient façade
Flat façade
Salient façade

Constraint conditions
No retaining elements
No connections on the top
No connection between transversal walls
No retaining elements
No constraints on the top
Connection between transversal walls
No constraints on the top
No constraints on the top
No constraints on the top
No constraints on the top
Connection between transversal walls
Connections on the top
No connection between transversal walls

Salient façade
Flat façade
Gable façade
Salient façade
Flat façade
Gable façade

No connections on the top
Connection between transversal walls

multiplier α has been defined, according to the static theorem of limit analysis. The spectral
acceleration a*0 that activates the identified collapse mechanisms, related to the specific values
of α, has been calculated according to equation (1) [20]:
a *0 

 g
FC  e *

(1)

where g is the gravity acceleration, FC is the confidence factor related to the level of knowledge
(LC) of the investigated structures (geometry, material, etc.), and e* is the portion of mass
participating in the considered mechanism. For the cases being, given the limited knowledge of
the characteristics of the structures, FC = 1.35 for LC1 has been assumed.
For the generic mechanism, the safety check for SLV (Life-saving Limit State) is assumed
to be satisfied when the spectral acceleration a*0 activating the mechanism complies with the
structural capacity of the considered macro-element. The evaluation has been based on the
definition of the safety index IS, SLV, which, for the reference limit state, is obtained as a ratio
between the seismic capacity of the structure Cap, SLV [g] and the seismic demand Dem, SLV [g],
according to the standards requirements [20].
The limit value for IS, SLV has been determined according to the Italian Guidelines [22],
defining a ratio between the TSLV return period of the seismic action corresponding to the
attainment of the SLV Limit state and the corresponding return period TR, SLV computed with
the equation (2), in relation to the reference period VR and to the probability of exceeding in
the reference period PVR.
The limit value for the safety index estimated for the considered structures is IS, SLV = 0.614.
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TR  

VR
ln(1  PVR )

(2)

3.2 Application to the investigated churches
The above linear kinematic analysis with reference to the macro-element “Façade” has been
applied to the 64 investigated churches. The relevant results together with a statistical
elaboration are given in Table 2, where the following main outcomes are provided:
the frequency of the collapse mechanisms that the constraint conditions of the structure
make kinematically possible (Possible [K]; α>0);
the frequency of the mechanisms for which the IS, SLV safety index is lower than 1
(Possible [K]; IS, SLV <1);
the frequency of the mechanisms for which the safety verification in terms of Cap,
SLV/Dem, SLV ratio is not satisfied and for which the IS, SLV safety index is lower than
0.614 (Possible [K]; IS, SLV <0.614).
By the obtained results, it is possible to determine the kinematic motions that cannot be
activated (namely [K2], [K9] and [K11]) as well as to identify the probability of activation of
the possible kinematics.
The results show that generally there is a high vulnerability of the façades with respect to
the kinematic motion [K1] (global façade monolithic overturning), [K4] (top of the façade
monolithic overturning) and [K10] (horizontal bending), for which the values of the IS, SLV safety
indexes are less than the unit for the 48%, 25% and 22% of the analysed cases. For the same
mechanisms the values of the IS, SLV safety do not respect the limit condition (IS, SLV <0.614) for
the 13%, 7% and 22% of the analysed cases.
The performed linear kinematic analysis also revealed the frequency of the mechanisms that
could be potentially activated by the PGA values associated with the 2009 seismic event
(Possible Activation PGA[INGV]), in accordance with the INGV Shake Map based on the Faenza
and Michelini assumption [23].
In Table 3, the above results have been also compared with the frequencies of the damage
level dk (with 0≤ dk ≤5) registered for the analysed churches in the aftermath of the seismic
event [24], with refence to the out-of-plane mechanisms of the façade (mechanism [M1]) and
of the top of it (mechanism [M2]). In order to check the reliability of the analytical results, the
damage level dk corresponding to the activation of the damage mechanism has been considered
separately for both values dk=1 and dk=2, accounting for possible evaluation errors connected
to the ambiguous classification of damage.
The comparison shows that for all the kinematic mechanisms related to the whole façade
[K1, K3, K8] (to be compared with [M1]) and for all those related to the top of the façade [K4,
K5, K6, K7, K10, K12] (to be compared with [M2]), the frequency of Possible Activation
PGA[INGV] is lower than the activation frequency actually recorded following the seismic event
(Observed Activation). Indeed, a better comparison has been obtained with reference to the
damage levels dk>2, for which more objective criteria in the classification of the damage can
be hypothesised.
The correlations between the values of the collapse multiplier α calculated for the Possible
[K] (α>0) and the damage levels observed for each church for the mechanism [M1] and [M2]
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are shown in Figure 4 and in Figure 5, respectively. As it could be expected, higher values of
the collapse multiplier α have been generally obtained for the Possible [K] detected in churches
which suffered a lower level of damage dk for the collapse mechanisms [M1] and [M2], stating
that the analysed mechanisms has been mainly observed for those churches characterized by
lower value of the factor α, confirming the validity of the applied analytical procedure.
Table 2: Frequencies of possible kinematic motions for the façades for the 64 analysed churches.

[K1]
[K3]
[K4]
[K5]
[K6]
[K7]
[K8]
[K10]
[K12]

Possible
[K]
(α>0)

67%
13%
63%
30%
10%
5%
5%
22%
2%

α
(average
value)

0.126
0.261
0.232
0.589
0.437
0.557
0.405
0.047
0.009

a *0 [g]
(average
value)

0.172
0.354
0.313
0.796
0.591
0.760
0.558
0.064
0.012

Cap, SLV [g]
(average
value)

0.344
0.708
0.625
1.592
1.183
1.519
1.116
0.127
0.024

Dem, SLV [g]
(average
value)

Possible [K] Possible [K]
IS, SLV< 1
IS, SLV<0.614

0.369
0.369
0.521
0.535
0.519
0.523
0.369
0.521
0.521

48%
10%
25%
0%
5%
0%
0%
22%
2%

13%
0%
7%
0%
0%
0%
0%
22%
2%

Table 3: Comparison between the results of the linear kinematic analysis and the frequencies of the dk
damage levels registered in the aftermath of the 6th April 2009 earthquake for [M1] and [M2] mechanisms.
IS,SLV
<1

[K1]
[K3]
[K8]
[K4]
[K5]
[K6]
[K7]
[K10]
[K12]

IS,SLV
< 0.614

58%

13%

53%

30%

Damage Level dk [M1]

5

Observed Activation
[dk>1]
[dk>2]

Possible Activation
PGA[INGV]

15%
3%
0%
3%
0%
2%
0%
12%
2%

18%

[M1]

37%

24%

18%

[M2]

35%

28%

FAÇADE
[K1] Monolithic Overturning; 67%
[K3] Composed Overturning; 13%

4

[K8] Vertical Bending; 5%
Log. (Interpolation Curve)

3
2
1

y = -2.807ln(x) - 3.2156

0
0.000 0.050 0.100 0.150 0.200 0.250 0.300 0.350 0.400 0.450 0.500
Load Multiplier α [K1]-[K3]-[K8]

Figure 4: Correlations between the values of the collapse multiplier α calculated for the [K1] [K3] [K8] (with
α>0) and the registered damage levels dk for mechanism [M1].
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TOP OF THE FAÇADE
5

Damage Level dk [M2]

[K4] Monolithic Overturning [1]; 63%
[K5] Monolithic Overturning [2]; 30%

4

[K10] Horizontal Bending; 22%
3

Log. (Interpolation Curve)

2
1
y = -3.168ln(x) - 1.7883

0
0.000

0.200

0.400

0.600

0.800

1.000

1.200

Load Multiplier α [K1]-[K3]-[K8]

Figure 5: Correlations between the values of the collapse multiplier α calculated for the [K4] [K5] [K10] (with
α>0) and the observed damage levels dk for mechanism [M2].

4 NON-LINEAR KINEMATIC ANALYSIS
4.1 General
The non-linear kinematic analysis is devoted to investigate the displacement capacity of the
structure when the collapse of the considered mechanism occurs. To this aim, the horizontal
load multiplier α can be calculated on the deformed configuration, following the evolution of
the mechanism, which can be exhaustively defined by a relationship α= α(dk), relating the load
multiplier α with the displacement dk of a pivot point (the centre of masses) of the façade [20].
The analysis finishes when the load multiplier equals zero: the corresponding displacement of
the pivot point dk,0 is representative of a collapse situation.
From the relationship α= α(dk), the capacity curve of the equivalent SDOF system, in terms
of spectral acceleration a* and spectral displacement d*, can be derived. The value a*0 is the
maximum acceleration to which the macro-element can resist before the kinematic motion
activation; d*0 is the spectral displacement corresponding to dk,0. Since the displacement d*0 is
not trustworthy in describing the real behaviour of the macro-element, the actual ultimate
displacement of the SDOF system is evaluated as d*u =0.4 d*0.
The safety check of the local mechanism in the SLV limit state consists in comparing the
ultimate spectral displacement d*u with the displacement demand ΔT(Ts) obtained from the
displacement spectrum defined according to the Italian Code OPCM 3431 [25]. The check is
satisfied when d*u > ΔT(Ts).
4.2 Application to the investigated churches
The non-linear kinematic analysis has been performed for the façade of the 64 analysed
churches with reference to the mechanisms for which the safety check in terms of Cap, SLV/Dem,
SLV ratio is not satisfied. The check has been carried out considering the displacement demand
ΔT(Ts) related to the seismic hazard of the inspected sites.
The results and the corresponding statistical elaboration are given in Table 4 and Table 5;
the outcomes reveal a high percentage of Possible Collapse [d*u > Δd (Ts), SLV] for the kinematic
motions [K4] (top of the façade monolithic overturning).
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The non-linear kinematic analysis also reveals the frequency of the possible collapses
occurred through the analysed mechanisms by considering the displacement demand ΔT(Ts),E
induced by the PGA values associated with the 2009 L'Aquila seismic event [INGV] [23].
In Table 6, the results have been compared with the frequencies of the effective collapses
(with dk =5) observed for the out-of-plane mechanisms [M1] and [M2] for the 64 churches
following the seismic event [24]. The comparisons shows that, for the kinematic mechanism
related to the whole façade [K1] (to be compared with [M1]) and for all those related to the top
of the same [K4, K6, K10, K12] (to be compared with [M2]), the frequencies of the possible
collapses induced by the PGA values of the seismic event (with d*u < Δd (Ts), E) are similar to
the percentages of the observed collapses, in particular when the condition Not Verified [K]-(IS,
SLV<1) is considered.
Table 4: Results of the non-linear kinematic analysis. Not Verified [K] (IS, SLV <1).

[K1]
[K4]
[K6]
[K10]
[K12]

Not Verified
[K]
(IS, SLV<1)

48%
25%
5%
22%
2%

d *0 [mm]
(average
value)

544.63
556.24
584.45
601.49
290.90

d *u [mm]
(average
value)

217.85
222.49
233.78
240.60
116.36

Δd (Ts), SLV
[mm]
(average value)

141.25
198.64
246.11
239.42
203.44

Possible Collapse
d*u > Δd (Ts), SLV

2%
12%
3%
2%
2%

Table 5: Results of the non-linear kinematic analysis. Not Verified [K] (IS, SLV <0.614).

[K1]
[K4]
[K10]
[K12]

Not Verified
[K]
(IS, SLV<0.614)

13%
7%
22%
2%

d *0 [mm]
(average
value)

556.50
495.00
610.68
290.90

d *u [mm]
(average
value)

222.60
198.00
244.27
116.36

Δd (Ts), SLV
[mm]
(average value)

187.56
220.07
172.14
203.44

Possible Collapse
d*u > Δd (Ts), SLV

2%
5%
2%
2%

The correlations between the values of the ultimate displacement d*u calculated for the Not
Verified [K]s and the damage levels observed in each church for the mechanism [M2]
(characterized by a higher percentage of possible activation and collapse compared to [M1])
are shown in Figure 6a and Figure 6b for (IS, SLV <1) and (IS, SLV <0.614), respectively.
The obtained output shows that a lower level of damage dk has generally been observed in
the cases characterized by a higher structural capacity (in terms of ultimate displacement d*u);
on the contrary, lower value of d*u can be found in churches which experienced partial or total
collapses during the 2009 seismic event.
5

CONCLUSIONS

In this paper a study related to seismic vulnerability of the facades of existing churches has
been carried out. In particular, a kinematic analysis, based on the macro-element approach
proposed by the Italian Guidelines, has been applied in order to assess the structural capacity
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Table 6: Comparison between the results of the non-linear kinematic analysis and collapse frequencies
(dk=5) observed after the 6th April 2009 earthquake for [M1] and [M2] mechanisms.
Possible Collapse
d *u < Δd (Ts), E

[K1]
[K4]
[K6]
[K10]
[K12]

(IS, SLV <1)
5%
5%
3%
2%
8%
3%
0%

(IS, SLV <0.614)
5%
5%
2%
5%
3%
0%

[M2]

10%

[K4] Monolithic Overturning [1]; 7%

[K6] Monolithic Overturning; 5%

[K10] Horizontal Bending; 22%
[K12] Double-skin_Horizontal Bending; 2%

[K12] Double-skin_Horizontal Bending; 2%

Log. (Interpolation Curve)

Log. (Interpolation Curve)
5

5

4

4

Damage Level dk [M2]

Damage Level dk [M2]

2%

[K4] Monolithic Overturning [1]; 25%
[K10] Horizontal Bending; 22%

3
2
1
y = -13.28ln(x) + 73.187

0

[M1]

TOP OF THE FAÇADE [IS, SLV <0.614]

TOP OF THE FAÇADE [IS, SLV <1]

0

Observed Collapses
[d k=5]

Possible Collapse
d *u < Δd (Ts), E

100

200

300

400

3
2
1
0

y = -11.82ln(x) + 65.91

0

100

200

300

400

Ultimate Displacement d*u [mm] [K4]-[K10]-[K12]

Ultimate Displacement d*u [mm] [K4]-[K6]-[K10]-[K12]

a)

b)

Figure 6: Correlation between ultimate displacement d*u obtained for the Not Verified [K]s (linear analysis) and
the damage levels observed in each church for the mechanism [M2].

of 64 churches that experienced the 2009 L’Aquila earthquake. The analysis and the comparison
of the damage levels experienced by the investigated churches allowed the following main
outcomes to be outlined:
the data collected in a territorial scale analysis can be profitably used for the
implementation of simplified analytical procedures to be applied on a large-scale
approach on homogeneous populations of churches;
the kinematic approach, based on the identification of the mechanisms kinematically
admissible for the analysed churches and the verification of their capacity in terms of
resisting accelerations and ultimate displacements, allows to perform an immediate
analysis of the structural deficiencies of the examined buildings;
the applied procedure could allow to avoid, when not necessary, the development of
more rigorous and time-consuming analyses, constituting a valid support in the
simulation of possible post-earthquake damage scenarios and, consequently, in the
definition of adequate preventive strategies for seismic risk mitigation.
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Abstract. The resilience of historic areas is highly threatened by natural sudden onset events
such as earthquakes. Major weak points of an urban environment, widely debated in the past
literature, concern mainly masonry buildings. However, also the complex urban paths system
could be prone to lose its functionality in the aftermath of a seismic event. Urban paths
alterations due to earthquake effects can be attributed to extrinsic (i.e.: ruins formation from
buildings) and intrinsic (e.g.: ground instability due to landslide or underground cavities)
vulnerability; these factors jointly combined with exposure condition of hosted population
in urban areas and with the local seismic hazard represent a possible impediment to
evacuation process and at the same time, an obstacle to rescuers’ teams occupied in
offering a first aid response. Therefore, the work aim is to apply a tool for preliminary
evaluation of risk, strictly related to urban paths system considering all abovementioned
aspects from a holistic point of view. This goal is achieved by a simplified methodology
applicable to a wide-scale on a whole historic centre that takes advantages from a series of
easy-to-detect parameters influencing the risk with limited availability of resources.
Parameters grouped by topics (i.e.: path use and exposure; geometric features; physicalstructural features; extrinsic vulnerability; seismic hazard) are assigned to scores and
weights according to a multi-criteria decision-making process generating a numerical
index. A typical Italian urban centre made by historical masonry constructions is
assumed as a case study to implement the existing method. The detected risk indexes are
then graphically provided through risk maps, a chromatic scale indicates which areas are
more prone to possible unavailability of paths rather than others. Evacuation planners and
emergency managers could embody this tool in their studies to prevent the high number
of losses by guiding evacuees toward assembly points through the risk lower paths and to
direct risk-reduction interventions punctually where critical condition emerges with
different
priority
levels.
Paths
accessibility
evaluation
through
a
risk
characterization could also result useful as a tool for rescuers’ activities optimization and for
inhabitant disaster preparedness in terms of being familiar with safest and alternatives paths
in emergency conditions.
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1

INTRODUCTION

Historical urban centres in earthquake-prone regions are exposed to severe threats not only
referred to the stability of the constructions but principally related to their trapped inhabitants
and victims. Preventive measures and actions should be planned to avoid or limit losses
especially in these complicated scenarios. Current literature had focused insistently on
buildings vulnerability by developed novel interventions techniques or adopting innovative
survey tools. The historic built environment cannot be intended as limited to constructions, but
it could be a blend of further composing elements [1], two at least: open spaces (e.g.: squares),
defined as urban voids where people can gather for everyday life activities in ordinary
conditions, but these could become extremely important in an emergency too; moreover,
between buildings and open spaces, an interconnection exists embodied by the urban streets
defined as an intricate network of paths. The present contribution is mainly centred to the urban
paths network without never leave the holistic perspective just introduced above.
Catastrophic effects of an earthquake on populations could be reduced through consciously
evacuation procedures that should be preventively planned. Emergency planners necessitate of
reliable tools supporting their choices [2], with this aim factors influencing the seismic risk
related to the built environment have to be rapidly collected at the wide urban scale to
evaluate all the possible scenarios. Focusing on evacuation paths in urban fabrics the risk
can be influenced by three main aspects [3]. The first is embodied by the hazard,
connected to soil category, morphology and topography, local amplification phenomena [4].
A key role is played by vulnerability subdivided in intrinsic vulnerability, which relates to the
elements composing the street itself (i.e.: street pavements, foundations, embankment, and
lifelines) [5] and extrinsic vulnerability, which refers to the elements that do not directly
belong to the path itself but can compromise or block it (i.e.: buildings collapse into
narrow streets). Finally, the human presence and their use of spaces have to be evaluated
constituting the exposure conditions (i.e.: high density of citizen, tourists’ presence, massgathering events) [6].
The present work takes advantage of the application of the seismic risk assessment method
developed by [7] to a significant case study Sulmona (Italy) representative of the central
regions of Italy frequently exposed to earthquakes. The work aim is to indicate ad hoc
emergency solutions measured on the inquired scenarios for the studied historic centre
starting from specific indication provided by the employed method. The multiple capabilities
of the method are tested promoting it as a functional supporting tool for emergency
management, especially for indicate to rescuers which are the possible higher populated safe
areas where to direct their first aid actions and at the same time how they could reach them
through the safer and without damages urban paths. This method could be proper to
promoting sustainable evacuation strategies or to guide punctual interventions, in case of
limited resources, directed to mitigate the seismic risk in historic areas.
2 MATERIALS AND METHODS
2.1 Historic urban area characterization
Historic parts of urban centres are generally characterized by a complex system made by
irregular buildings aggregates that not always follow a specific expansion plan, especially if
they are belonging to the mediaeval period (European regions). The most ancient buildings
are

3487

M. Lucesoli, G. Bernardini and E. Quagliarini

principally made by masonry and they could be affected by serious lacks in their maintenance
or could be not well-made, constituting a weak point in case of a seismic event. For these
reasons, their vulnerability has to be assessed by taking advantages from the Macroseismic
method [8] selected for its rapid application.
Other key components of the historic urban layout are the open spaces that could be privates
(e.g.: courtyards, private parking areas, gardens) that are generally fenced and not accessible by
pedestrians or public (e.g.: urban squares, widenings street area, parking areas, public parks);
these lasts could be assumed as fundamental elements in the emergency planning process. In
fact, wide areas dislocated within the built environment must be individuated to host pedestrians
during a sudden onset emergency and constitute a safe area where wait for rescuers’ arrival and
first aids in case of necessity.
Interconnection among buildings stocks and public open spaces are made by streets, in other
words, the infrastructure systems play the role of the emergency paths network that should be
guaranteed the accessibility to the historic part of the city (to rescuers) and the reachability of
safe areas to hosted populations.
The described paths network constituting the urban layout merged among buildings is now
categorized in three basic elements: Nodes, Squares, and Links. Nodes are placed at crossroads,
at significant plano-alti-metric variation or at the start and endpoint of a specific road structure.
Squares are wider nodes that can be considered as assembly points or rescuers’ first-aid areas.
Finally, a Link is a connection between two consecutive nodes.
2.2 Risk influencing factors for emergency paths: a holistic methodology
Risks that influence the availability of an urban paths network in emergency condition have
to be inquired. The adopted methodology [7] in this work could be defined as semeiotic, for its
rapid application thanks to easy to detect data about the built environment, and holistic because
it jointly combine several aspects that have different influence on paths safety. Thanks to a
series of alternatives differently weighted related to a list of parameters the method is able to
quantify numerically (0-100%) the seismic risk of each element (introduced in Section 2.1)
composing the urban layout. For this purpose, a multi-criteria decision-making process is
established by grouping parameters in six main topics. The final risk index calculation is
achieved by the weighted sum of the Analytical Hierarchy Process [9].
Each risk influencing factors are discussed below following the subdivision in topics:
- The first condition to be established is necessary to guarantee the total accessibility of
the link width, however sometimes urban street could be partially obstructed by
temporary maintenance interventions on pavements or on facing buildings, in other
cases, vehicles access could be impeded by traffic bollards; all these situations that could
reduce the ordinary use must be reported;
- Exposure conditions represent a key aspect in emergency conditions to be evaluated
under a different point of view. Firstly, in terms of path role and importance that it
assumes within the urban fabric during the emergency through a functional analysis.
Indeed, certain paths can represent an access route to the urban environment, strategic
in emergency phases, or can constitute simply an interconnection among safe areas and
strategic buildings defined in the emergency plan. Moreover, links are preferred without
barriers, traffic lane dividers or further obstacles that entirely limit the width of lanes.
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-

-

-

A semi-quantitative assessment of the average flow of vehicles and pedestrians highly
influence the importance of an urban street, while for squares is involved their intended
use (e.g.: wide crossroad characterized by multi-directional movement of both vehicles
and pedestrians, pedestrian zone, parking area characterized by possible available areas
limitations due to parked vehicles). In addition, other square-specific parameters refer
to the presence of architectural elements like street furniture, fences, low walls, trees
which could be widespread in the square area and could interfere with pedestrians’
motion/rescuers’ access or emergency operations;
Length of the street could affect the travel time required to reach a safe area, while its
width can influence the evacuation flows because of interfering obstacles that could also
limit the effective width of the path (i.e.: urban furniture; debris presence due to
damaged buildings). Longer and narrower paths in the sample are considered more
hazardous in respect to the others. For squares, the considered geometrical parameter
concerns the area extension;
Street surface conditions (i.e.: asphalted, paved or rough) could influence the streets’
accessibility also related to its conservation state causing pedestrians accidents or
injuries during the escape. Potential slide down of soil and rocks on both sides of the
path and the preventing measures (e.g.: retaining walls) are identified so as to include
the linked risks. A specific parameter is also added in this work to include the existence
of caves, cisterns and natural or artificial underground structures that are typical of the
historical urban environment. These subsoil vulnerable elements could provoke
instability leading to local collapses of streets. Furthermore, the study also assumes as
weak points the risk connected to pipelines of gas or water supply system that could
lead to cascade effects (i.e.: dangerous gas leaks, fires, local soil destabilization).
Extrinsic vulnerability (of buildings) constitutes one of the major parameters to take
into account for paths accessibility. The adopted method evaluates the risk connected
to the buildings’ presence along street sides as a function of their vulnerability index 𝑉𝑉�
(obtained through a macroseismic method to ensure quick application [8]) and the
single building incidence 𝐼𝐼� on the studied link, defined as the ratio between building
𝐿𝐿� and link 𝐿𝐿 lengths (𝐼𝐼� = 𝐿𝐿� ⁄𝐿𝐿). For each link j the formulation proposed by [1]
permit to quantify this parameter calculating the 𝑉𝑉����,� index as shown in Equation (1):
𝑉𝑉����,� = �

�∈�

𝑉𝑉� ∗ 𝐼𝐼�

(1)

However, in the same scenario, 𝑉𝑉����,� values must be normalized by the maximum
obtainable and divided into four alternatives according to [10].
- Real cases highlights how both base and local features of soil can be relevant for the
paths’ damaging, because of cracks or damages occurring on the ground and directly
affecting the carriageway state [4]. Proposed methodology, taking advantages from
Eurocode 8, evaluates the seismic hazard basing on the design ground acceleration (𝑎𝑎� )
[g] related to each seismic zone, to the ground types.
Applying this method, a percentual risk index is associated to each network element (i.e.:
nodes, links and squares), for a more comprehensive visualization indexes are graphically
returned on risk maps by choosing at least four different colours to diversify values within their
variation interval.
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2.3 Case study individuation: a relevant historic city centre highly prone to earthquakes
The method is applied to a significant case study from the central region of Italy, the city of
Sulmona (AQ) is located in a valley along the Apennine’s ridge interested by conspicuous
seismic hazard. Within the city centre of about 25.000 inhabitants is possible recognise three
main urban areas: the historic centre (of Roman origin) enclosed by two expansion areas one
mediaeval and the other erected in the second half of last century. In the 1706 Sulmona know
the most violent seismic event (9-10 MCS intensity) that produced over a thousand human life
losses and lead to a massive reconstruction of the city. For this reason, the constructive
typologies of the historic centre are almost homogeneous, buildings belonging to this area are
generally made by massive thickness walls in rough stone punctually improved with regular
brick inserts but the masonry quality is very low.
Sulmona is erected in one of the worst zones according to the Italian seismic hazard map
[11], its territory is interested by an expected peak ground acceleration (PGA) equal to 0.256g
and maximum expected magnitude equal to 7.06Mw. The municipal territory extends on
seismogenic sources and it is characterized by faults systems in direction NW-SE as it is visible
in Errore. L'origine riferimento non è stata trovata.. Additionally, the bedrock under the city
is located to a depth that varies between 200 and 400 meters left the built areas within the valley
exposed to further amplification phenomena due to an alluvial layer of clays. The right side of
Errore. L'origine riferimento non è stata trovata. shows a database reporting the main historic
seismic events (64 since the IV century) and their intensity during the time.

Figure 1: Central Italy faults systems on the left and the seismic history of Sulmona in the right respective
sources: https://emidius.mi.ingv.it/GNDT/P512/pictures/lavecchia.jpg and https://emidius.mi.ingv.it/CPTI15DBMI15/query_place/ (last access: 03/12/19)

The sample choice is relapsed to this urban centre not only because of it has been prone to
relevant seismic events but also for the large availability of collected data. In fact, about urban
geometry (e.g.: streets width and squares extension) and structural-physical aspects (e.g.:
conservation state, streets typologies, morphologic information related to soil, possible
landslides) data are obtained through remote data collection technologies (e.g. desktop web
mapping services, photographs, aerial maps); more detailed data for instance related to the
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seismic hazard and soil category have obtained by asking directly municipal offices. A different
process is followed for data and information related to features and vulnerability values of
buildings, these data are collected from [12] where are obtained through the GNDT
methodology, however according to Section 2.2 extrinsic vulnerability have to be inquired by
employing vulnerability values of [8]. Hence, the translation from one to the other vulnerability
index is achieved by establishing a linear correlation on maximum increasing values of a known
sample, a similar process has been already experimented also in [13].
3

RESULTS

3.1 Scenario characterization: urban paths network elements
Errore. L'origine riferimento non è stata trovata. gives a graphical representation of the
elements composing the urban paths network (defined in Section 2.1) individuated for the
assumed case study. Particular attention is paid for the main urban streets of Sulmona
connecting the principal square “Giuseppe Garibaldi” (letter D in the Errore. L'origine
riferimento non è stata trovata.) to widening areas immediately out of the historic perimeter
of the urban centre that can be considered as safe places (“Access”, green arrows in the Errore.
L'origine riferimento non è stata trovata.) where waiting for rescuers’ arrival (Evacuation
Scenario). At the same time, the central square (D) is also able to host thousands of people
considering a density of 2 pp/m2 (according to Italian regulations [14]) thank to its considerable
dimension of 13.000 m2; additionally, in two periods of the year the same square is the location
of religious events and historical commemorations bringing in a massive flow of citizen, visitors
and tourist for a capacity that must be limited to 10.000 people. Hence, it is thus desirable to
inquire the risk of paths, in a rescuers’ accessibility perspective toward this hot spot, also in
case of a seismic emergency during these drastic circumstances (Rescue Scenario). Other small
squares along main streets could constitute a possible assembly points within the historic centre
(A, B, C, E, F, and G in Errore. L'origine riferimento non è stata trovata.) where trapped
people could safely stop their evacuation; thus specific risk evaluation is also necessary here.
Available data according to Section 2.3 related to the vulnerability of built areas are
graphically reported in the Errore. L'origine riferimento non è stata trovata. through the
assumption of a chromatic scale, just to give an idea of the location of highly vulnerable
masonry structures along urban streets. It is easy to comprehend how the most
vulnerable buildings are unfortunately placed on each side of the evacuation paths
embodied a serious problem for their availability in the aftermath of a considerable
earthquake. These values combined with geometrical features of buildings and street are
employed to esteem the extrinsic vulnerability component in the paths risk index assessment
methodology (Section 2.2).
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Figure 2: Case study map with the individuation of urban paths network elements and buildings vulnerability.

3.2 Seismic risk entity and mapping, weak points of the emergency paths network
The methodology [7] application highlights from one side, a certain homogeneity in the
outcoming risk indexes due to the similar features of inquired links but, from the other side, the
complex situation of the Sulmona’s historic centre especially for those streets that could be
considered as the main connections for the central square of the city. In Figure 3 different
colours are associated to four risk levels individuated between the maximum and minimum risk
index by dividing into equal parts this interval and rounding the obtained indexes reported in
Table 1 for each inquired links and squares.
Table 1: Obtained risk indexes for case study links and squares [7]

Link
1-3
2-3
3-4
4-5
6-7
7-8
8-9
11-10
12-13
14-15
15-16
17-18
18-19
19-20
21-22
22-23

Risk index
0.418
0.402
0.443
0.489
0.459
0.474
0.474
0.482
0.402
0.484
0.419
0.482
0.482
0.435
0.404
0.482
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Square
A
B
C
D
E
F
G

Risk index
0.489
0.482
0.482
0.470
0.482
0.419
0.482
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From the point of view of the Evacuation Scenario, concerning the necessity for pedestrians
to leave the historic centre perimeter, from the obtained indexes it emerges that the southern
escape route from the “Giuseppe Garibaldi” square is constituted by high-risk links (i.d.:4-5, 67, 7-8 and 8-9 in Figure 3); at the same time also the squares displaced along this path are not
able to guarantee low levels of risk where evacuees can seek refuge. Additionally, crossing
information with the Errore. L'origine riferimento non è stata trovata., the same street arch is
very long and faced by interminable buildings aggregates with relevant values of vulnerability.
Links 17-18 and 18-19 in Figure 3 show a high-risk level but the presence of the F square
reveals the possibility for evacuees to reach it and wait for rescuers’ arrival in this safe assembly
point, also people coming from the link 22-23 should be conducted to this area instead of the
more risky square G. Further consideration could be made by combining also data related to
the number of evacuees and the capacity of the single safe areas.
The shortest way to reach a wide and safe area out of the built environment from the
“Giuseppe Garibaldi” square could be given by travelling the link 14-15 although it is
interested by a high level of risk. The main square D, because of its extension, in case of
earthquake occurrence in ordinary conditions (i.e.: without particular events that gather a
large mass of people) is able to host a large number of evacuating inhabitants, thus it can
be reached by rescuers through the link 14-15 only if no obstruction deriving from the
buildings collapse would impede the passage of vehicles (Rescue Scenario).

Figure 3: Case study map with the evaluation of the risk indexes for emergency paths and squares along
Sulmona’s main streets according to the adopted method [7].

3.3 Proposing risk reduction strategies from risk indexes analysis
From the results of the previous Section 3.2, three interesting situations emerge and can be
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deeply analysed by proposing evacuation strategies and rescuers’ action strictly related to the
outcoming data from the applied methodology. Hence, the evaluated risk index for each paths
network element is not limited to embody a unique and overall value to quantify the risk
but for its structure, it can be decomposed in values referred to each single risk topics
(i.e. accessibility, exposure, geometrical features, physical and structural features,
extrinsic vulnerability and hazard). Taking advantage of this subdivision the method is
capable to justify and determine causes of a high-risk level rather than a low one, in this sense
emergency planners can inquire punctually which factor leads to a specific risky situation and
they can promote ad hoc interventions.
- The square F in Figure 4-A shows a low level of risk index in contrast with the other
squares along considered paths, from an accurate analysis of single values composing
the index it emerges that this urban area is wider than the others (it is detectable making
comparisons among geometrical parameters), it is also surrounded by low height
building suffered by moderate vulnerability (extrinsic vulnerability parameter) and
finally it is can be considered as a pedestrian areas, easily accessible with generally few
obstacles and parked vehicles. During a seismic event, trapped people along adjacent
riskier links (18-19 and 22-23) have to be guided by placing wayfinding signs (green
arrow in Figure 4-A) towards this area, thanks also to the low risk registered for the
contiguous links 18-20 and 21-22 (Evacuation Scenario). These last-mentioned links
are considered safer than others, in fact, their evaluation reveals a low risk in:
geometrical parameters due to their shortness, exposure conditions for the one-way
travel direction and their low extrinsic vulnerability.
- A worst condition is represented by all those evacuees that in case of high magnitude
event are trapped in the proximity of the square A and along links 4-5, 6-7, 7-8 and 8-9
in Figure 4-B. Analysing single risk components in relation to the whole sample average
values, two are the factors that characterise these risk indexes: the street narrowness
(geometrical features) and the presence of high vulnerable buildings homogeneously
distributed along paths (extrinsic vulnerability). Guiding evacuees towards less risky
links (1-3, 2-3 and 3-4) through an urban wayfinding signs system is probably not
sufficient to guarantee a safe evacuation of this street (Figure 4-B). Further vulnerability
analysis should guide planners to indicate precise retrofitting interventions on such
buildings to mitigate the risk level (Evacuating Scenario).
- The last issue concerns the Rescue Scenario considering the entrance of rescuers’ teams
and vehicles within the major square D capable to gather a large mass crowd of people
during an emergency and characterised by a medium risk level. The link 14-15 is the
shortest path to reach the gathering area from the road system out of the urban centre
(Figure 4-C). For this reason, the exposure parameter is higher rather than other links
because it can be considered as a strategic direct access to the historic centre. Extrinsic
vulnerability value is high too, but through the investigation on the single buildings
vulnerability indexes in Figure 2 is demonstrable how the main problem is represented
by the two more vulnerable buildings of the link that are placed on opposite sides in
front of each other. In case of a disruptive earthquake, there could be the possibility that
buildings collapse could cause an impediment to the vehicles passages due to debris
presence. In this case, retrofitting interventions are directed on these single buildings
reducing costs related to large scale vulnerability reduction measures, and the final aim
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to obtain a safe access path to the main assembly point is pursued.

Figure 4: Specific analysis of risk components and mitigating strategies for the three situations (A, B and C).

4

CONCLUSIONS

Seismic events could modify the current scenarios in historic urban areas where high density
of people and vulnerable buildings coexist in combination with intricated paths networks
usually made by narrow streets. The exposed population could also be trapped in these scenarios
during their escape or they could not be reached to rescuers’ teams for first aid. Damages
affecting streets integrity or make them inaccessible (e.g.: buildings collapse blocking the
streets, ground failures or links interruptions due to their damage) can compromise the
emergency phases with adverse effects.
Emergency actions (i.e.: risk-mitigating solutions and alternative evacuation strategies)
should be planned by considering all the possible aspects that could affect the inhabitants’
safety. This contribution takes advantage of a holistic methodology able to assess the seismic
risk principally of an urban paths network but also considering other risk influencing factors
specifically for the historic urban centre in the post-earthquake scenario (i.e.: vulnerability,
hazard, and exposure conditions). Each factor and related parameters are specifically evaluated
and assigned to weights and values in order to obtain a numerical risk index. The application
of a representative case study in this paper permits to test how it is possible to represent urban
fabric criticalities into thematic maps graphically through a discrete risk scale. Moreover, it is
possible to realize a deeper analysis of single factors that modify the risk index, promoting
specific and punctual intervention with certain priority to allocate the available resources.
Making comparison among risk indexes of different strategic paths it is possible to adopt some
evacuation strategies rather than the other to better manage the emergency phases. This adopted
method ensures the rapidity and easy application that could be preferred instead of models that
require onerous and detailed surveys, this advantage can allow to employ it at a wide-scale
application that concerns the urban fabric, in the same context, graphical outputs permit to have
under control the situation of the overall scenario.
The case study implementation demonstrates the functionality and the reliability of the entire
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process suggesting which links of Sulmona should be excluded from safer paths selection
because of their high-risk level, and which could be considered as possible escape routes. As it
is demonstrated, results can also be employed to guide rescuers’ actions by considering the
method as a supporting tool to paths availability assessment and as a standalone procedure to
verify or justify adopted approaches within emergency plans.
The work limits are related to the availability of information, especially for data concerning the
buildings’ vulnerability that are adjusted through a linear regression from other vulnerability
indexes based on a limited sample, at the same time these data are not recently updated, the
same buildings may have been recently refurbished. In addition, the adopted methodologies to
collect the other information (about exposure conditions rather than geometrical features for
instance) could be not sufficiently accurate and could be substituted by others more proper.
Future activities may focus on the necessity to esteem (in terms of damages quantity)
the built environment alterations related to debris formation and losses of street integrity
and availability provoked by earthquakes of different and settable severities. This kind of tool
could be combined with the evaluation of criteria related to pedestrians’ safer path choice,
behavioural aspects and human motion speed which could be integrated into
pedestrians’ evacuation simulation models.
Acknowledgements. The authors would like to thank Dr. Valeria Neigre for the support in the
case study application activities.
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Abstract. A systematic and critical review of the existing literature on climate-change riskassessment methodologies for historic urban areas is presented, in view of the increasing
likelihood of extreme weather events. Key performance indicators are identified for use in
future risk assessment methodologies that address both the elements of historic urban areas as
a system and the potential impact of prolonged heat waves. To do so, a systematic search of the
existing literature on Web of Science and Scopus was conducted, with the aim of identifying
and characterizing existing methodologies on vulnerability and risk assessment for cultural
heritage exposed to the effects of a changing climate. The main characteristics of the
methodologies that need to be addressed in the near future and key knowledge gaps were
identified, among them, the lack of holistic heat-wave risk-assessment methodologies for
historic urban areas.
1

INTRODUCTION

Given the increasing number of extreme weather events over recent decades, the debate over
climate change in the scientific community has intensified. Global warming has increased over
the past four decades, so much so that the 21st century is now the warmest on record according
to the reports from the World Meteorological Organization (WMO)[1]. This increase in global
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mean temperatures mainly due to anthropogenic activity adds to the risk of extreme events,
such as heavy rains, heat waves and floods [2].
Over half of the global population now resides in urban areas [3] and maximum temperature
rises are recorded within urban centers and their areas of influence [2], as the global population
is inexorably drawn towards cities. The most recent special report from the Intergovernmental
Panel on Climate Change (IPCC) highlighted urban areas and infrastructure as a system that is
among others in major need of transformation, in order to ensure a resilient future. The negative
effects of unrelenting global warming and the consequences of extreme weather events are
significantly affecting the health of urban residents, and their assets, wellbeing and livelihoods
[2,4].
Even if cities suffer the same climatic conditions as the surroundings countryside, specific
events within urban settings result in microclimates and heat-island effects. Low permeability
of the soil, higher population densities, higher concentrations of productive activities, and urban
planning define urban areas and differentiate their relationship with and response to the
changing climate. Urban areas are therefore complex systems formed of several interrelated
layers that require specific approaches for assessing their exposure to climate change. Even
though it is not frequently considered in their assessment, cultural heritage represents an
intrinsic layer within a city. The specific characteristics of a historic city center or historic urban
area are of special relevance as they are the source of urban identity and an important asset for
the economic sector. The specific vulnerabilities of historic areas to changes in weather patterns
[5] are not only because of physical impacts on the built structures, but also other consequences
that are very relevant for the cultural landscape, such as changes to population patterns, changes
to tourism, and the disruption of socio-economic activities.
Over the past decade, climate change has become a central focus for relevant heritage
organizations such as ICOMOS and UNESCO [6,7] . Likewise, the European Union maintains
cultural heritage risk assessment and prevention firmly on its agenda, mainly through the EU
Work Plan for Culture 2019-2022 including a topic on adaptation to climate change [8,9]. The
Office of the United Nations Disaster Relief Coordinator defined risk as the probability of loss
of value that defined a vulnerability index (0 no damage to 1 total loss) [10]. Assessing the risk
that historic urban areas face with regard to climate change is therefore at the heart of the policy
discussion and a very important research area, if we are to understand how the future resilience
of cities may be increased. It means adding the layer of cultural heritage, and the specific
characteristics of the historic urban grid to the assessment of urban areas.
The objective of this paper is twofold. The first objective is to perform a critical review of
the current state of the art of climate-change risk-assessment methodologies for historic areas.
The second objective is to respond to the research gap that has been identified in this field, by
proposing key performance indicators that should be included in risk assessment methodologies
to develop a holistic approach for the risk assessment of historic urban areas that are exposed
to heat waves.
2

CRITICAL REVIEW ON CLIMATE CHANGE RISK ASSESMENT
METHODOLOGIES

In this section, the results are presented of a systematic search of the literature, in order to
conduct a critical review of climate-change risk-assessment methodologies for historic areas
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[11], as well as to determine any relevant knowledge gaps. The research question [12] is
therefore as follows. Which risk or vulnerability assessment methodologies are related to the
effects of climate change on historic areas? A critical review of those methodologies [13] will
then assess the main characteristics of the methodologies, mainly the hazards that are addressed
and the risk elements (hazard, exposure, vulnerability) under consideration, including which
aspect of the urban system they assess, with the understanding that an urban system is for our
purposes an historic urban area.
The risk elements under analysis were derived from the IPCC approach that is the most
widely used framework [2]. Risk was defined as a “probability or likelihood of occurrence of
hazardous events or trends multiplied by the impacts if these events or trends occur” Moreover,
the term impact is defined in relation to “the effects on natural and human systems of extreme
weather and climate events and of climate change. Impacts generally refer to effects on lives,
livelihoods, health, ecosystems, economies, societies, cultures, services, and infrastructure due
to the interaction of climate changes or hazardous climate events occurring within a specific
time period and the vulnerability of an exposed society or system” [2]. We can therefore
conclude from these definitions that risk is characterized as an outcome of the interaction
between hazard, vulnerability (the combination of an assets sensitivity to the hazard and its lack
of capacity to cope with its adverse effects) and exposure (related to the location of the asset).
It is therefore essential to note that an asset may be exposed but not vulnerable, although there
must be a likelihood of its exposure to the event for it to be vulnerable.
Based on the Fifth Assessment Report (AR5) of the IPCC [2], the following events are likely
to affect urban areas: extreme temperature events, cold and heat waves, including wildfires
derived from heat waves; flooding events derived from extreme precipitation, storms and sea
level rise; and climate change as a whole, which is the overall rise of temperature and
consequential change in climatic conditions. These hazards were therefore addressed in the
review.
The keywords for the search were selected with reference to the research question and the
main hazards that the IPCC have identified. The keywords combined “vulnerability/risk
assessment” with the individual hazards and different synonyms for “historic area”, specifying
the root word of each keyword with its possible variations. The Web of Science and Scopus
database search settings included title, keywords and abstract. A total of 616 results were
returned on both platforms with all of the different combinations of keywords. A first filtration
consisted of reading the title, and selecting papers related with the subject. This step was
repeated for every search and on both platforms. Many of the search results from both databases
were duplicated in the different searches, so the papers were screened and then unified to
determine their eligibility in the next step. To do so, the abstract of each paper was individually
reviewed to determine whether a risk assessment methodology or a climate change related
hazard and its impact on each historic urban area was actually defined in the paper.
Subsequently, a final full text analysis of the thirty-four articles remaining after the initial
screening was conducted, in which some were excluded after a thorough final re-reading. In all,
twenty-nine methodologies were identified and then studied (Figure 1). The selected papers
were fully reviewed and classified depending on the hazard addressed and its associated aspects
of risk (hazard, exposure, vulnerability).
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Figure 1: Literature search and evaluation for inclusion in the critical review (adapted from [12]).

2.1 Risk aspects and dimensions within the methodologies
The review of the twenty-nine methodologies served to determine the aspects of risk (hazard,
exposure, vulnerability) that they were designed to consider and distinguishing between social,
economic, cultural, governance (services and resources) and physical dimensions (gathering
tangible characteristics of all infrastructure, elements and buildings). It should be noted that risk
assessment is evaluated in phases, that hazard should be characterized to analyze exposure, and
that both hazard and exposure should be evaluated to assess the vulnerability of a system.
Hence, the results may be classified as: (i) methodologies that only characterize hazard
likelihood and severity; (ii) methodologies that also consider exposure; and (iii) methodologies
that continue to assess vulnerability, distinguishing between sensitivity and coping capacity [2].
As figure 2 shows, hazard likelihood and severity were only considered in seven of the
twenty-nine methodologies and the exposure of the elements was only also assessed in one.
Vulnerability was mentioned in twenty-one methodologies which were reviewed to
determine whether sensitivity indicators and/or coping capacity indicators were also mentioned
in them. Sensitivity was considered in almost half of the methodologies, though it was only
acknowledged as such in a few studies and was referred to as vulnerability in the others. Taking
into consideration the aforementioned categories and with regard to the vulnerability aspects,
nineteen studies were focused on physical sensitivity, only eight of which included other
aspects. Among the methodologies with a focus on physical vulnerability, the vulnerability of
buildings to flooding was considered in eight and the physical vulnerability of assets to general
climatic change was considered in four of them. The remaining two methodologies assessed
vulnerability without contemplating physical vulnerability, placing their focus on governance
vulnerability and the adaptive capacity [14] and their social coping capacity [15].
Socioeconomic vulnerability was also considered in some methodologies that addressed the
coping capacity of inhabitants facing the hazard. Cultural value was only considered in several
studies by A. Gandini [16,17,18] and in one methodology [19], all addressing flooding.
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Figure 2: Overview of the results of the review.

2.2 Hazards
Figure 3 presents the results of the critical review classified by the hazard that is addressed.
In the literature, flooding that is either due to extreme precipitation or to sea-level rise is one of
the most frequently analyzed hazards. It was considered in twenty-two out of the twenty-nine
methodologies. Flooding together with other hazards was considered in three multi-hazard
methodologies [20,21,22] and nineteen methodologies focused solely on this hazard. General
climatic change caused by climate change was considered as a hazard in seven out of the
twenty-nine methodologies in the review. Wildfires were only considered as a hazard in one
methodology [23]. Cold and heat waves were therefore not considered as hazards in any of the
single or multi-hazard methodologies.

Figure 3: Number of risk assessment methodologies classified by type of hazard.

3502

L. Quesada-Ganuza, L. Garmendia, E. Roji, I. Alvarez, E. Briz, M. Olazabal

2.3 Outcomes of the critical review
Starting with the hazards and the extreme events related to climate change events, the
conclusions were clear, in so far as they determined that a large body of the literature addressed
flooding, from either sea-level rise or storms, and a considerable number of studies addressed
the general change in climatic conditions. In contrast, such hazards as cold and heat waves were
not present in the methodologies found in the review.
As explained in the introduction, the vulnerability of urban environments is frequently linked
in the literature to their socio-economic and physical conditions, such as geographical position,
materials, urban plot, and morphology, wealth and governance system etc. [24]. These
characteristics will determine the severity of the resulting impacts when considering climate
change and consequent extreme events. In the case of historic urban areas, the review revealed
a sharp focus on the physical vulnerability of the built environment while the vulnerabilities of
other aspects of the system were overlooked. The effects of climate change on cultural diversity
and socio-cultural interactions; and impacts such as the loss of the sense of community,
traditional knowledge, cultural identity and natural and socio-economic systems have
previously been documented elsewhere [2,6,25], but few studies have considered climate
impacts on cultural heritage through a holistic approach [26].
A higher frequency of heat waves of lengthier duration and higher intensity will occur
according to current predictions at least once a year towards the end of the present century [27].
The high temperatures reached during heat waves are often exacerbated due to Urban Heat
Island (UHI) effects [28] found in urban and suburban areas rather than in outlying rural
surroundings. The ongoing effects of heat waves include consequences for human health and
mortality and significant environmental and economic impacts [29]. These impacts are even
more pronounced in urban areas with high population densities such as historic centers, which
will therefore be very vulnerable to extreme temperature events. Thus, assessing this type of
event is crucial, and, as seen in this review, there is a relevant need for risk-assessment
methodologies for historic areas that address heat waves.
3

PRELIMINARY PROPOSAL FOR KEY PERFORMANCE INDICATORS

As demonstrated, holistic risk assessment methodologies to safeguard historic urban areas
from heat waves are needed. In a holistic framework, social, economic, cultural, governance
and physical dimensions should be considered and specific parameters or indicators that support
the assessment of their individual risk should be determined. Individual and composite
indicators are the foundation for vulnerability and risk assessment and are among the most
common tools used to generate information on non-measurable conditions and to compare
differently measured data, by synthesizing complex measurements into a single number [30].
Even if heat waves are characterized differently depending on the climate of the region, the
WMO guidance on heat-health warning (WMO-No.1142) defined heatwaves as periods of
unusually hot and dry or hot and humid weather that can extend over at least two to three days
and can have a discernible impact on human activities [31]. The main indicators for the
characterization of heat waves are therefore temperature and relative humidity; with levels of
relative humidity defining whether it is a dry or a humid heat wave [32]. Consequently,
exposure and vulnerability indicators must be derived from the cause-effect relationship
between high heat, and low or high humidity and the elements that comprise the system of an
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historic urban area; including additional exposure variables.
Studies on UHI effects have shown that the morphological layout of an urban area that
affects shading and ventilation, combined with the technical characteristics of urban elements
and both the type and the distribution of green spaces are the main factors influencing its
intensity [33]. Urban geometry and materials influence the wind flow, energy absorption, and
surface reflectance properties that emit long wave radiation back into the atmosphere [28],
which in turn condition the UHI effect.

Figure 4. Development of indicators (Adapted from [34])

If we are to define the elements that comprise historic urban areas, the system needs to be
addressed from two perspectives: as an urban system, and as an historic area. The indicators
have been gathered revising key documents that, either from an urban perspective, wellness of
the population or the weathering of historic materials, address evaluative aspects. For the
identification of the indicators, we have conceptually followed the approach in Figure 4. The
historic urban area is considered as a combination of an urban system [35] with the addition of
carriers of significance in historic urban landscapes [36], equating each carrier to the element
of the urban system. So as to provide a holistic approach, each dimension of the system needs
to be assessed, as seen in the literature review, by distinguishing between social and economic,
cultural, governance (services and resources) and physical (gathering tangible characteristics of
all infrastructures, elements and buildings) dimensions.
The indicators are therefore a result of the potential impacts of heat waves and the UHI that
have been characterized on the elements of the historic urban area and their different aspects.
The indicators can be developed through this approach in combination with the AR5 framework
from the IPCC. Therefore, the indicators proposed follow this order; hazard characterization,
exposure, and vulnerability, divided between sensitivity and coping capacity.
With regard to the hazard indicators, the above-mentioned characterization of heat waves is
based on the main factors: temperature, humidity, sun exposure and wind. The different ways
that humidity variations can affect traditional materials means that additional indicators are
humidity cycles and shocks [37].
The exposure is divided into the two main physical components of urban areas, buildings
and open spaces. The exposure of a building is mainly defined by its exposure to sunlight,
calculated in terms of hourly exposure of the envelope to solar radiation, depending on the
orientation of the building and considering the different angles of façade exposure and the
possible shading from the surrounding buildings. Meanwhile open spaces require the addition
of UHI indicators, such as the Sky View Factor that determines the proportion of an urban space
with heat-storage capabilities [38] that can contribute to the ‘urban canyon’ effect [28]. Another
relevant indicator for open spaces is related to the presence of green elements that can be
assessed using the Normalized Difference Vegetation Index (NDVI), which is based on the
quantification of vegetation through the analysis of satellite imagery. Other location-dependent
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urban characteristics that have been linked to interactions with heat in the literature are
tropospheric Ozone (O3) levels and acoustic pollution. There is abundant research to show that
ozone levels can increase under specific meteorological conditions such as high temperature,
intense solar radiations, and long sunshine hours, all characteristics of heatwaves [39], which
can have consequences for the health of urban populations [40]. With regard to acoustic
pollution, studies have shown that people living in areas with high noise levels tend to ventilate
their homes less, which increases heat storage within the building [41].
The sensitivity indicators are divided into three components: social sensitivity, buildings,
and open spaces; with the last two considering physical, economic, and cultural dimensions.
Social sensitivity is dependent on the characteristics of the population, both because of age
groups and socioeconomic data, as well as population density. The sensitivity indicators of the
buildings are in turn divided into three main dimensions: physical, economic, and cultural.
Physical sensitivity is mainly based on the possible weathering of sensitive traditional materials
under heat-wave conditions [37] and the thermal characteristics of the materials, such as their
albedo and thermal diffusivity rates. Economic aspects are based on the use of a building, either
because of its use for production, or as housing, or because of its touristic value. The main
indicators of cultural sensitivity are the symbolism of the building either for collective
memories, or rituals or traditions. With regard to the sensitivity of public spaces, the indicators
are divided into the same three main categories mentioned above in relation to the buildings, as
well as the solar reflectance of the materials in terms of their physical sensitivity.
As with the sensitivity indicators, the three coping capacity dimensions are again social, and
physical, considering buildings, and open spaces. When assessing social coping capacity, the
two main indicators are healthcare access (distance to hospital and availability of hospital beds),
and awareness of the hazard among the population, such as the existence of emergency plans.
In the case of buildings and open spaces, both elements rely on similar indicators: accessibility
and building elevators and accessibility for ambulances and firefighters, respectively.
4

CONCLUSIONS

The risk assessment indicators in the second part of this paper have been proposed to address
the knowledge gap that has been identified in the first part; namely, the scarcity of heat-wave
risk-assessment methodologies for historic urban areas. The analysis of the urban system or
urban area with an historic layer is flexible and could be adapted to any other urban area or
district. The indicators have been developed with data availability in mind, ensuring
repeatability and easy comparison of results.
A future goal following this study will be to produce a complete risk assessment
methodology for historic urban areas, with an output based on an accessible and easily
replicated Geographical Information System (GIS) model.
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Abstract. This paper discusses the classification of risks as a tool for the identification, the
assessment and the management of risks for the built heritage. Existing typologies of risk vary
according to the selected criteria on which they are based and their utility within the risk
management process. Indicative examples of risk classifications proposed and used in the
field of cultural heritage management, as well as in other fields, are examined. The
comparison of the selected criteria for analysing risks and the reflection upon their relevant
aspects to the built heritage conservation provide a frame for a systematic approach to
the built heritage management.
1

INTRODUCTION

During the last thirty years, the risk management methodology has been recognised as an
effective approach to the conservation decision-making process. Among the various efforts that
have been made to develop coherent and clear procedures for the risk management in the field
of cultural heritage, the experience carried out in museums preventive conservation practices
stands out.
With respect to the field of built heritage, we can notice the prevalence of a fragmentary
vision of the problems and their solution. Indeed, many methods have been elaborated for the
analysis of the different risks to which built heritage is exposed. From air pollution and acid
rain to natural hazards, and from inappropriate intervention and use to mass tourism, we can
find a relevant number of studies and practice involving respectively numerous specialists and
skills from a variety of fields. Naturally, this kind of “separation” arises from the necessity to
deepen the knowledge of the different problems and their solution and it cannot be undoubtedly
considered as a stumbling block. The problem emerges from the difficulty to coordinate
interdisciplinarity, to understand multifaceted problems, and to put together all the findings.
With the aim to frame a more methodical and holistic approach to the built heritage risk
management, firstly, the different parts of a risk management process are examined, and their
main characteristics, as well as their relationship are underlined. Secondly, different risk
classification schemes are discussed with regard to their usefulness and practicality to respond
to the diverse needs of the process.
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2 RISK ASSESSMENT IN RELATION TO RISK MANAGEMENT
2.1 The importance of meaningful measurements for a successful risk management
David J. Ball [1] in his article about the evolution of risk-based thinking describes the
contribution of the studies of mathematicians and scientists during the 17th and 18th centuries
to the development of risk based approaches to the first insurance companies. The mathematical
calculation of the probability of future adverse events in a defined period and the wide range of
its application has given rise, in the 20th century, to the extension of risk management
approaches from the financial and insurance sectors to the industrial and public health sectors
Similarly, Douglas W. Hubbard in his brief history of risk management highlights the
determinant role of probability theory and statistics in assessing risks: “[…] throughout most
of human history, we were dealing with only half of the risk management problem, at most.
From Babylon through the Middle Ages, risk management was an unguided mitigation of risks.
Choosing what risks to prepare for was always a matter of gut feel. What differentiates risk
management since the start of the Age of Enlightenment is in part a more systematic approach
to assessing the risk. The development of probability theory and statistics in the 17th century
allowed for risk to be quantified in a meaningful way” [2, p. 22].
However, Hubbard warns that the predominant approach to risk management is not based
on actual measurements of risks. Indeed, the probabilistic models will be adopted only in select
industries for select applications, such as the quantitative methods used in insurance and
financial industry, as well as the “probabilistic risk analysis” used in engineering. In contrast,
many of the risk analysis techniques adopted and widely used by consultants and standards are
based on arbitrary and ineffectual scoring approaches that are not supported by any theoretical
or empirical analysis. In addition, he concludes, “if the initial assessment of risk is not based
on meaningful measures, the risk mitigation methods, even if they could have worked, are
bound to address the wrong problems. If risk assessment is a failure, then the best case is that
risk management effort is simply a waste of time and money because decisions are ultimately
unimproved. In the worst case, the erroneous conclusions lead the organization down a more
dangerous path that it would be probably not have otherwise taken” [2, p. 6].
2.2 Risk analysis for better decisions
The big influence of risk-based approaches over all the agencies has been determined not
because of the willingness to reduce all risks (Ball considers three factors, firstly the lack of
resources, secondly the non-exclusive interest for risks, and thirdly the positive aspects of risky
activities), but as a consequence of the capacity to prioritise the activities when managing a
great number of risks, and above all to reach efficient decisions [1].
In this perspective, the definition of acceptable-risk problems and the critical analysis of the
viability of various approaches to decision making offered by Fischhoff et al [3] is very relevant.
As stated in their report, “risk acceptable problems are decision problems, i.e. they require a
choice between alternatives. That choice depends upon the alternatives, values, and beliefs that
are considered” [3, pp. ii, 4-6]. As for the decision making methods, three categories have been
identified and analysed: professional judgment, bootstrapping techniques and formal analysis,
such as the cost/benefit analysis or the multi-criteria analysis.
Similarly, Kaplan and Garrick [4] in the light of two quantitative definitions of risk they
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discussed the notion of risk acceptability and argued that “[…] the purpose of risk analysis and
risk quantification is always to provide input to an underlying decision problem which involves
not just risks but also other forms of costs and benefits. Risk must thus be considered always
within a decision theory context. Within this context, that risk is acceptable, which comes along
with the optimum decision option, all other risks are unacceptable, even if smaller”.
Thus, risk assessment is only one phase in the process of risk management. It is the technical
estimation of risks or else the “tool of gaining knowledge about the risks” and consists in
identifying hazards, assessing their probabilities and measuring their consequences [5]. The
other phase regards the decision process and includes further considerations, incorporating
social and economic concerns as well as legal requirements and policy issues [1,6]. In other
words, “risk analysis is only part of decision analysis and analysis is only part of any kind of
management – risk management or otherwise” [2, p. 242].
2.3 Parts and content of the risk management process
The review of the main current approaches to risk in a wide set of environments, provided
by the International Risk Governance Council IRGC [5, pp. 86-156], comes to the conclusion
that although there is a lack of consistency in the use of terms, as well as different emphases
placed on the parts of the risk management process, the basic processes involved in assessing
and managing risks are to a great extent the same.
Thus, without dwelling on the terminology differences between the wide range of
organisations and publications concerning risk management, the intention is to understand the
logic and the function of the common process phases or else, as Hubbard proposed, a simplified
risk management cycle. Necessary conditions of an informed risk mitigation is first to identify
and then to assess risks. Although there are cases of easily understood risks that can be
addressed apparently without great assessment efforts, in most situations there is a large number
of risks, with different potential risk mitigation strategies but only a restricted availability of
resources. For this reason, it is necessary to assess not only the initial risks but also the expected
risk reduction if various measures were taken against their costs. In this way, as Hubbard
underlines, “risk assessment appears prior to and as part of the selection of risk mitigation
methods”. Once the mitigation options have been selected and implemented, they have to be
monitored with the same manner and the risk management cycle is about to begin again [2, pp.
30-31].
3 RISK CLASSIFICATION SYSTEMS IN THE FIELD OF MUSEUMS
The publication of The ABC Method: a risk management approach to the preservation of
cultural heritage in 2016 represents the updated version of the risk management practices
developed by the Canadian Conservation Institute, the ICCROM, and the Netherlands Cultural
Heritage Agency [7]. The manual, based on the experiences carried out in the field of museums
since 1980 [8,9,10], is built around the five principal steps of a risk management process
[11,12], and provides detailed explanations about tasks and activities for the implementation of
each step.
Two aspects are of particular interest for the purpose of this study. The first one regards the
use of frameworks “for thinking about risks in the identify, analyse and treat steps” [7, p. 69].
Five classification schemes are proposed based on “agents”, “types”, “stages”, “layers”, and
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“sources of knowledge”.
The ten agents of deterioration are used to identify risks and serve as channels to organise
all the scenario paths from hazards to adverse effects [7, pp. 70-72].
In terms of occurrence, risks can be classified in three practical types, i.e. rare events,
common events, and cumulative processes, with the aim to “guide the risk discovery process,
to guide the location of information during the analyse step, and to guide thinking during the
treat step” [7, p. 73].
The analysis of risks according to the five stages of control – corresponding to preventive
conservation (1. avoid sources of the agent, 2. detect the agent, 3. block the agent, 4. respond
to the agent), disaster planning (5a. recover from the fast agent), and remedial
conservation/restoration (5b. recover from the slow agent) [8] – ascertains the feasibility and
the effectiveness of the risk treat options [7, pp. 75-76].
As for the six layers – region, site, building, room, fittings, packaging/support, and items –
besides being useful for the analysis of the block stage of control, they organize possible sources
of hazards and agents of deterioration, as well as they structure the knowledge and expertise
needed for the analysis [7, pp. 77-78].
The last framework of the three sources of knowledge is closely related to the three types of
occurrence. Regional statistics is the source of knowledge about the frequency/intensity of rare
events; local knowledge (surveys) is the source for common events, the intensity of cumulative
hazards, the five stages of control and the local layers; scientific and technical knowledge is the
source for the sensitivity to cumulative processes and for most theories that can analyse risks
[7, p. 79].
The second aspect concerns the quantification of risks. The two basic criteria, probability
and consequences, have been formulated in order to place events and cumulative processes side
by side and to include the relative importance/significance of the various items of the collection
[7, p. 17]. The former becomes Frequency (for events) or Rate (for cumulative processes) and
the latter is called Loss of value and is divided into two parts, the fractional loss of value to
each affected item, and the items affected expressed as a percentage of the total value of the
asset [7, p. 93]. The estimation of these three factors constitutes the basis for the comparison of
risks.
Following the common practice in risk assessment of distinguishing between the technical
components of risk analysis and the subjective components, i.e. the value judgements, the
manual affirms the necessity to provide a clear description of the two stages in derivation of the
loss of value to each affected item: the expected damage in technical terms and the impacts on
value [7, p. 129]. As stated in the manual “comparing risks with different kinds of deterioration
requires the adoption of a common scale to convert the predicted deterioration into predicted
loss of value. This is the hard part of comparative risk assessment and the essential part. It links
material science to cultural values” [7, p. 23]. In addition to the loss of value, criteria such as
uncertainty, constraints, opportunities, or the cost-effectiveness of options and the cost of
options can be assessed and used during the risk evaluation phase [7, pp. 134-138, 142].
4 RISK CLASSIFICATIONS SYSTEMS IN THE FIELD OF BUILT HERITAGE
4.1 Classifications based on “hazard” and “vulnerability” categories and levels
The first example taken into consideration is the Risk Map of Cultural Heritage developed
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by the Italian Central Restoration Institute (ICR) [13]. The division in three groups made by
Risk Map attempts to the characterisation of the risks according to three hazard categories and
the corresponding vulnerability aspects of the building elements that have to be considered. In
detail, the three clusters defined, the environmental-air domain, the static-structural domain,
and the anthropic domain, connect the three diverse nature of risk factors – i.e. the
climatic/microclimatic and air pollutants risk factors, the geomorphological characteristics of
the ground and of the subsurface, and the demographic/socio-economic dynamics – to the three
different aspects of vulnerability defined by the material surface characteristics, the structural
characteristics and the use/safety aspects of the building.
Even if the taxonomy is referred to the nature (climatological, geophysical, and anthropic)
of risk factors and the building vulnerability aspects, we can notice that the two of the three
types defined are equal to the types defined by Waller. Indeed, in the first category of
rare/catastrophic risks we can link the static-structural domain, where the hazards considered
are: seismic, landslides, floods, coastal dynamics, avalanches and volcanic, i.e. with low
probability but severe effects, involving the structure of the building. In the third category of
constant/mild-gradual risks we can associate the environmental-air domain characterised by
threats, such as temperature, precipitation, wind, air humidity, pollution etc., that have
cumulative effects on the surfaces of the building materials.
Another project that follows the same groups of risks with Risk Map is the European CHIC
protocol [14]. In this case, the distinction between certain/long term and uncertain/rapid onset
effects for the natural risks is clarified.
Similarly to the three types of risks defined in museum collections, they contribute to the
identification of risks, they organise the knowledge and the expertise necessary for the analysis
and finally guide thinking in the treat step. Moreover, this sort of classification, as Baer [15]
explains, is significant in the risk management process. A rapid onset event with low probability
may not justify preventive actions, whereas a slow acting agent that it is expected to affect with
certainty the elements exposed may is a reason to take immediate action. On the other hand, the
risk of a catastrophic event, characterised by a worrying rate of occurrence may necessitates a
significant allocation of resources.
As for the measurement of risks, Risk Map considers three different detail levels according
to the scale considered: territorial, individual, and local risk. The territorial risk is based on the
hazard and exposure indicators related to the municipal area; the individual risk concerns the
hazard indicator of the municipal area combined with the vulnerability of a single building; and
lastly the local risk that relates the indicator of local hazard with the building vulnerability.
Recent developments of Risk Map tool concern the elaboration of a new evaluation model
of seismic risk by updating the indicators of seismic hazard and vulnerability according to the
new recommendations for the assessment and mitigation of seismic risk to cultural heritage
approved in 2011 [16], as well as a proposal to adapt the tool to the characteristics of the
buildings in historical centres [17].
4.2 Classification schemes based on “nature”, “temporality”, “scale” and “probability”
of risk factors.
Another example of risk classification schemes for the built heritage is Dario Camuffo’s
work “Perspectives on risk to architectural heritage” [18], in which the author compiles a list
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of the major risk factors. He focuses on the problems related to the physicochemical decay of
the buildings and discusses the gaps in our scientific and technological knowledge, the
controversies over the interpretation of results, and the latest trends. At the end of the chapter
proposes a classification of selected risk factors to cultural heritage. The risk factors are divided
in two large groups, natural and anthropogenic and qualitative indications of “nature”,
“temporality”, “scale”, and “probability” are given.
With regard to the nature, risk factors are characterised mainly by a physical, chemical, or
biological action. Concerning the temporality, they are separated in long term, medium term
and rapid onset, while in respect of the scale, they can be local, regional, and global. As for the
probability, risk factors vary from rare, infrequent and frequent events, to continuous cycles
and continuous. Although the criteria and the various categories proposed in this table by
Camuffo are not new, on the contrary they are commonly used in the conservation field, this
work gains importance because of its holistic and systematic approach. Indeed, the organisation
of the major threats to which is exposed built heritage and their qualitative characteristics
contributes to their understanding and their management.
4.3 Classification schemes based on “cause-effect” relationships, “building materials”,
“building elements”, and “building typologies”
Another common risk classification scheme in the field of build heritage is the consequencebased approach. In fact, thanks to several efforts matured in architectural preservation field,
guided procedures for the analysis of the decay/damage have been introduced in national and
international recommendations. The data collected from different sources, such as literature, in
situ investigations, and laboratory simulation tests has improved our knowledge on the possible
decay/damage causes and their consequences.
Indicative examples are the Damage Atlas published in 1998 [19] and the subsequent
development of a Structural Damage Atlas in recent years [20]. The first gathers and schematize
into relations between damage types, causes and deterioration processes the current knowledge
of the environmental effects on brick masonry deterioration by drawing attention on the
complex interaction of different materials and different boundary conditions [21]. The second
focuses on the mechanical behaviour of brick- and stonework masonry under different actions,
caused by sudden events such as earthquakes, floods etc. or by long term phenomena such as
soil settlement, heavy loads and lack of maintenance, and forms a basis for the definition of
typical structural damage patterns.
Without going into details, the damage classification concerning the structural behaviour and
the failure mechanisms of the building elements takes into account not only the construction
materials, but also the different building typologies and the role of the various structural
elements and their connections.
4.4 Classification schemes based on the “combination of risk factors” and the “risk level
change” in the course of time
During the last years, the studies on the effects of the environmental factors on the cultural
heritage have drawn attention to the issues related to climate change and the new pressures that
will be caused by variations in temperature and precipitation, changes in soil conditions,
groundwater and sea level, and extreme climatic events.
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The Noah’s Ark project has developed quantitative models for the global climate change
impacts on the deterioration of different heritage materials on European geographical scale [22].
The results of the research project, gathered in different types of maps, correspond to the
methodological approach adopted. Firstly, “climate maps” were elaborated by selecting the
traditional climate parameters, both meteorological and pollution, relevant to cultural heritage.
Estimations were carried out by taking into account different future scenarios and three periods,
recent past, near future and far future. In order to obtain the most critical synergetic effects for
the historic building materials, the previous climate maps were combined and specific “heritage
climate maps” were produced, representing the advancement of the conservation science to
adapt the classic meteorology to the needs of conservation [18]. The next step regarded the
quantitative expression of damages or else the development of damage functions for the
different building materials, based on different information sources, such as field data, literature
survey, and laboratory investigations. The results were translated into “damage maps” which in
their turn were summarized in “risk maps”, showing the type of risks that are likely to increase
or decrease in the different regions of Europe.
Among the various classification schemes used in this example, two of them stand out. On
the one hand, the examination of synergetic effects based on the combination of different risk
factors is necessary for the identification and the assessment of risks for different materials .On
the other, the reflection on the risk level change in the course of time becomes useful for the
understanding of the priorities and the need of measures.
4.5 Classification schemes based on the “building elements relationships” and the
“dependency of risks”
The need for improving management tools has given rise to regular inspection surveys, to
systematic monitoring, to periodic maintenance and risk assessment practices as the most
proper preventive strategies, e.g. Monumentenwacht organisations in different European
countries, Maintain our Heritage in UK, Preventive and Planned Conservation in Italy, the
Heritage Care project in South-West Europe, etc. [23,24,25,26,27]. Indeed, the European
standard Conservation of cultural property – Condition survey of immovable heritage [28]
integrates the risk assessment with the condition assessment and represents an attempt to
implement preventive strategies.
In the first draft of the standard, despite the consideration of relevant aspects related to the
analysis of risks during the phase of assessment, the identification of the related measures was
not based on the previous analysis or rather it was not based in an explicit way. Indeed, the
activities of condition and risk assessment were not separated and the classification of measures
was linked directly to the condition classes. The final version of the standard, approved in 2012,
has resolved the previous ambiguities firstly by pointing out the difference between condition
and risk assessment, and secondly by setting up a classification of urgency categories, i.e. urgent
and immediate, short term, intermediate term, and finally long term, connected to the risk
analysis. This sort of classification, based not only on the level of risk but also on the risk level
change in the course of time (or the velocity of damage progression), as it has already been
mentioned in the previous paragraph, is essential for the planning of the necessary measures.
Another important aspect of the risk analysis that the document proposes is the relationships
between the building components. In fact, the description of the elements interactions is
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fundamental for the understanding of the unity and the complexity of the building system. For
instance, the four basic interaction modalities between the various building technological
elements suggested by the Italian guidelines for the conservation plan contribute to the better
understanding of the effects that could be caused by the changes of the conditions of the
elements in the course of time and in relation with the use of the building [26, pp.41-42].
Another example is the classification of typical seismic damage of the immovable artistic assets
according to their connection with the structural elements proposed by the PERPETUATE
project [29].
4.6 Classification based on “risk reduction measures”, their “control level” and the “time
of action”
The most important international organizations, such as UNESCO, ICOMOS, ICCROM,
Council of Europe, etc., have strengthened their activities to develop operative methods for an
overall prevention and mitigation strategy for the protection of cultural heritage against
disasters. For example, the Risk-Preparedness Manual for World Cultural Heritage in 1998
[30] and Between Two Earthquakes in 1987 [31] are two of the first publications in a series of
handbooks that is still being added to and updated in view of current concerns related mainly
to the risks of climate change faced by cultural heritage.
The planning framework proposed in these manuals usually takes into account three
elements: the action time, i.e. the preparedness (before), the response (during), and the recovery
(after) phases; the typology of risk reduction measure; and the control level or else the different
role of public institutions and private owners.
Apart from a guide to the identification and organisation of the measures that can be taken
against disasters, this scheme could be also used to classify the risks to which built heritage is
exposed according to the feasibility/effectiveness of implementing the various typologies of
measures [32,33]. What is more, this classification not only indicates the prevalent strategies
for the prevention/mitigation of risks but defines also the priorities for their assessment.
5 RISK CLASSIFICATION SCHEMES PROPOSED IN OTHER FIELDS
The most common approaches to the classification of risks employed in other fields, e.g. in
insurance and financial industry, in the safety engineering field, or in health and environmental
sector, are based on causal agents, risk events, and their potential consequences.
A different approach was developed by WBGU [34], and reviewed later by IRGC [5]. It is
based on the concept of systemic risk, i.e. draws attention to the interdependencies and
interactions between environmental, social, financial, and economic risks and opportunities. As
Klinke and Renn [35] argue there are two key elements that characterise this approach, firstly
the extension of factors that should be taken into consideration when managing systemic risks
and secondly, the inclusion of analytic-deliberative processes in the regulatory framework.
In detail, the analysis increases the number of criteria, from two– the two classic components
of risk, probability and magnitude of damage– to eight, by adding other physical and social
impact categories, i.e. the incertitude, the ubiquity, the persistency, the reversibility, the delay
effects, and the potential of mobilization.
Considering these criteria, four risk clusters have been identified, according to the different
states of knowledge for each risk, distinguishing between ‘simple’, ‘complex’, ‘uncertain’ and
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‘ambiguous’ risk problems. “The characterisation of a particular risk depends on the degree of
difficulty of establishing the cause-effect relationship between a risk agent and its potential
consequences, the reliability of this relationship and the degree of controversy with regard to
both what a risk actually means for those affected and the values to be applied when judging
whether or not something needs to be done about it” [5, p. 12]. Based on these risk categories
different strategies have been defined for both risk assessment and risk management, as well as
about the level and the form of stakeholder participation, supported by suitable methods and
tools.
The importance of this classification lies, on the one hand, in the acknowledgement of social,
political and cultural contexts, as well as of individual and cultural value judgments, beyond
the level of risk, that influence the acceptability/tolerability evaluation of risks (34, p. 29; 5, p.
37]. On the other hand, it allows flexibility in regard to the appropriate position of decisionmaking concerning the acceptability/tolerability of a risk by assisting assessors and managers
in assigning, or dividing this judgement task through the consideration of its two distinct
components, the evidence-based and the value-based component [5, pp. 37, 40].
These two factors become relevant to the management of built heritage. The concern about
the broader context of the built heritage and their coevolutive relationship, as well as the
maturing of sustainable principles, and the necessity of a long term perspective [36] can be
reflected by the above systemic approach.
6

CONCLUSIONS

The study of various examples of risk classification schemes draws attention to the different
criteria on which they are based and the variety of the risk aspects analysed, useful in diverse
ways in the risk management process.
Specifically, the analysis indicates that two main groups can be distinguished according to
their utility within the risk management process. The first one contributes mostly to the
identification and the assessment of risks, and the second one is associated mainly with the
management phase. If in the first group, criteria such as nature, scale, timing,
probability/frequency, severity, relations and consequences of risk factors play a part in
establishing and/or estimating cause-effect relationships, in the second group, the criteria
suggest priorities, strategies, and their efficiency.
In fact, these sorts of classifications have been already applied in an organised manner to the
risk management methodology elaborated by the museum sector as it is shown in the example
taken into consideration here. Concerning the built heritage conservation, it can be noticed that
the various classification schemes proposed and analysed have not been incorporated into a
systematic risk management methodology.
In this perspective, the overview provided in this paper represents an attempt to frame a more
methodical and holistic approach to the built heritage risk management. In other words, the
combination of different classification schemes could be integrated with the various phases of
risk management in order to respond adequately to the diverse needs of the process.
However, the different classification schemes analysed in this study cannot be considered
exhaustive. The examples that are presented here cover basic and generic classes of risk and
they are indicative. According to the particularities of each case, the classifying criteria can be
adapted to the specific needs and more precise categories can be formed. Thus, the
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methodological approach suggested depends not only on the different needs of the process but
also on the needs of the specific built heritage case.
Table 1: Different risk classification schemes according to the selected criteria on which they are based and their
utility/scope within the risk management process

Selected criteria
Risk factors nature
Scale
Temporality
Probability/Frequency
Hazard and vulnerability
categories
Damage mechanism, building
elements characteristics,
building typologies
Combination of risk factors

Risk classes
Cause based or mechanism
based classes
Local, regional, global
Long term, rapid onset
Rare events, common events,
cumulative processes
Environmental-air, staticstructural, and anthropic
domain
Consequence based classes
(decay/damage types)

Synergetic effects-based
classes
Building elements interactions Dependency based classes
Relationships of risks
Risk level based classes
Probability, consequences
(direct and indirect, tangible
and intangible)
Hazard level, exposure level,
vulnerability level
Priority based or urgency
Risk level
based classes
Risk level, constraints,
opportunities
Risk level, risk level change in
the course of time
Management strategy based
Reduction measure, response
classes or management
level, action time
strategy efficiency based
Feasibility/effectiveness/costclasses
effectiveness of measures
Knowledge characterisation

Utility
Risk identification, risk
assessment, risk
management

Risk assessment

Risk management
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Abstract. The present research aims to investigate the influence of site amplification on the
seismic vulnerability of the historical centre of the municipality of Baranello in the Molise
Region of Italy. Structural and typological characterization of the investigated area has been
done according to the EMS-98 scale. The vulnerability assessment of the historical buildings
located there has been carried out through an appropriate survey form in order to identify the
buildings most susceptible at seismic damage. Furthermore, according to the AeDES form
implemented by the Italian Civil Protection Department, the calibration of the typological
vulnerability curves of the built-up area has been done based on the seismic motions recorded
after the 2002 Molise earthquake. Finally, the local amplification factor, which negatively
influences the severity of the seismic damage on the structures, has been taken into account
according to the time-domain method. To this purpose, a refined and simplified approach to
foresee the expected damage of the inspected urban sector has been proposed, so to use more
appropriately the achieved results for reliable seismic risk mitigation plans.
1

INTRODUCTION

The seismic vulnerability of a given built area indicates the expected amount of damage
triggered by an earthquake of a specific magnitude. The recent tragic earthquakes occurred in
Italy during the last decades are a living testimony of the bad seismic behaviour of the historical
centres of many municipalities [1]. Generally, the occurrence of near-field earthquakes has
required to adopt methods of predicting the expected damage taking into account the influence
of the local seismic response on inhabited areas. This is due to a series of hazardous factors,
such as the age of buildings, the poor quality of materials and the insufficient maintenance of
constructions, which lead towards the high seismic vulnerability of several built-up areas.
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Focusing on the urban scale, rapid urbanization has dramatically increased the vulnerability and
risk of urban dwellers in densely populated areas. The available strategies for seismic
vulnerability assessment usually have as starting point the compilation appropriate survey
forms, based on several parameters, i.e. the seismic-resistant system type to lateral loading, the
structural regularity and maintenance conditions and the presence of existing damages, to
collect information on historical centre buildings. The application of these survey forms allows
to fully understand the various structural types located within heterogeneous urban centres [2,
3].
Nowadays, the evaluation of geological effects has been taken into consideration in the
framework of risk assessment in order to have a better and correct forecast of the expected
damage. In this framework, it is recognised that soil layers amplify or reduce the seismic waves
on the crustal surface. Site effects are, thus, dangerous when the amplification of seismic waves
in surface geological layers occurs.
Based on these considerations, the municipality of Baranello, in the province of
Campobasso, has been selected as a case study to evaluate the possible damages under seismic
events considering site effects. The proposed work aims to evaluate the local amplification
effects considering the time domain of a 1D half-space ground model. The main goal of this
work is to investigate the influence of soil amplification on the seismic behaviour of typical
masonry aggregates with the final target to plot the damage scenarios expected under different
earthquake moment magnitudes and site–source distances.
2 THE MUNICIPALITY OF BARANELLO
2.1 Historical background
Baranello (Figure 1) is a small town located in the province of Campobasso in the Molise
Region of Italy. The municipality has 2759 inhabitants and rises at 610 m above sea level with
an extended area of 25 km2. The town has medieval origins and it is bordered by the towns of
Busso, Colle d’Anchise, Spinete and Vinchiaturo.

Figure 1: Geographical localization of the municipality of Baranello.
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There are limited historical news about the evolution of the centre during time. The village
was mentioned for the first time in the fourteenth century as a possession of Capece Galeota’s
family dating back to Norman ages. Only in 1591 the feud was sold by the Carafa family, from
which the Pope Paul IV descended, to the Marquis one and then to Angelo Barone. Nowadays,
the territory has the characteristics of a mountain centre: narrow and steep streets that enlarge
towards the area of new settlements. The urban centre is characterized by both houses
preserving their original appearance, which are located around the church and along the main
streets, and more modern buildings, that are placed in other districts belonging to the municipal
territory.
2.2 The 2002 Molise seismic event
The Molise earthquake was a significant event, occurred on 2002 October 31st, having the
epicentre localized in the province of Campobasso among the municipalities of San Giuliano
di Puglia, Colletorto, Santa Croce di Magliano, Bonefro, Castellino del Biferno and
Provvidenti. This seismic event, having magnitude Mw= 5.7, was perceived in a large area of
Central-Southern Italy, causing significant damage in a restricted area between Frentani, Sannio
and Foggia (Figure 2).
The aftershocks (more than 1900 seismic events) showed a predominantly vertical
seismogenic structure, having a depth between 10 and 25 km, which was oriented in an east–
west direction and consisted of two main segments, each with a length of about 15 km. Also, a
10.5×8.0 km2 fault plan, that extended between 12 and 19.9 km in depth, was associated to the
October 31st event [4].

(a)
(b)
Figure 2: Distribution of earthquakes in the Molise Region area: (a) macroseismic intensities; (b) focal
mechanisms of the fault model.

Figure 2a shows the macroseismic intensities occurred after the events previously
mentioned. In the area near the epicentre, the maximum intensity recorded was VI according to
the MCS scale. Moreover, Figure 2b describes the surface projections and focal mechanisms of
the fault model for the Molise earthquake. In particular, in the central panel the accelerometric
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stations, that recorded the mainshocks of the seismic sequence, have been marked with
triangles, while dashed rectangle denotes the recording stations and the upper solid rectangle
points out the seismogenic sources which generated the seismic event.
3 TYPOLOGICAL AND STRUCTURAL DESCRIPTION OF THE BUILT-UP AREA
3.1 The CARTIS survey form
The structural and typological characterization of the built-up is considered indispensable
for the census of the buildings exposed at risk, which is a preliminary phase for their
classification into typological classes.
The CARTIS form has been conceived by both the PLINIVS research centre of the
University of Naples "Federico II" and the Italian Civil Protection Department in the framework
of the ReLUIS 2014–2016 project "Development of a systematic methodology for the territorial
scale exposure assessment based on the typological/structural characteristics of buildings" [5].
The CARTIS form has been herein used in order to detect the prevalent ordinary building
typologies in municipal or sub-municipal territorial parts, called urban sectors, characterized by
typological and structural homogeneity. In the historical centre of Baranello one unique
compartment, labelled as C01 and composed of 300 buildings, has been considered (Figure 3).

Figure 3: The C01 urban sector detected in the municipality of Baranello.

Most of the buildings have been built using rough-hewn stones assembled according to the
technique of either sack or mixed walls, which in some cases do not respect the “rules of art”
indispensable to guarantee a satisfactory behaviour of the masonry apparatus against seismic
actions.
The houses characterising the historical centre are composed of walls with an average
thickness of 0.65 m and an average inter-storey height of 3.50 m.
Other than masonry vaults, horizontal structures are represented by timber or steel floors,
which are also the main structure of coverages (Figure 4).
The data collected through the CARTIS form has allowed, through statistical elaborations,
to provide indications on the constructive age, number of storeys, average surface and wall type
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of the sample of buildings surveyed within the municipality examined. The results obtained are
summarized in the cumulative distributions reported in Figure 5.

Figure 4: Street views of the prevalent building typologies inside the inspected area.

Figure 5: Preliminary characteristics of buildings surveyed in the municipality of Baranello.

From the data surveyed on the inspected buildings, the prevailing typological class is the
MUR2 (rough-hewn stones) one, which has been detected in 73% of the cases (220 buildings).
The other classes detected in the study area are the MUR3 (rough-hewn masonry stones or
pseudo-regular stones, 2% of the building sample) and MUR4 (regular masonry with squared
or brick stones, 13% of the building sample) ones, whereas 12% of the building sample are
represented by unused constructions.
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3.2 Large scale seismic vulnerability assessment
A seismic vulnerability assessment at urban scale has been herein implemented in order to
evaluate the propensity at damage of buildings placed in the municipality of Baranello. In this
context, a vulnerability index-based method has been adopted. The proposed method has the
peculiarity of investigating the seismic vulnerability of buildings grouped in compounds
through a specific vulnerability form [6-9].
The used survey form, composed of 15 parameters, is appropriate for masonry building
aggregates, since it takes into account the effects of mutual interaction among aggregated
Structural Units (S.Us) under earthquakes.
Methodologically, the vulnerability index, IV, for each S.U., is intended as the weighted sum
of the class selected for each of the 15 parameters multiplied by the respective weight. Each of
the estimated parameters are grouped into four vulnerability classes (A, B, C and D, from the
best to the worst), characterised by a specific score (also with a negative sign in case of a
vulnerability reduction), to which a correspondent weight, Wi, is assigned. The weight of
parameters is variable from a minimum of 0.25 for the less important factors up to a maximum
of 1.50 for the most important ones.
The compilation of the survey forms for the aggregated S.Us of Baranello has provided the
distribution of the vulnerability indexes reported in Figure 6.

Figure 6: Seismic vulnerability distribution in the examined area.

3.2 Seismic impact scenarios
The prediction of the seismicity of a specific site can be evaluated by adopting appropriate
seismic attenuation laws, which are empirical formulations calibrated on the statistical data
(instrumental or macroseismic) derived from earthquakes occurred. Generally, these laws are
based on simplified models in order to represent seismic propagation. In practice, an empirical
relationship is established between the parameter representative of the motion, which can be
given by the macroseismic intensity, and other factors, like the energy released at the source in
terms of magnitude (Mw) and the epicentre distance (R). In the current research, the severity of
the seismic effects has been analysed by predictive analyses using the Esteva and Harris’
seismic attenuation law [10].
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In detail, a deterministic approach has been used by selecting as reference earthquakes,
according to the Parametric Catalogue of Italian Earthquakes (CPTI15) [11], three events of
increasing moment magnitudes (4, 5 and 6) occurred in the past in the Molise region of Italy.
After these magnitudes have been selected, the selection of different epicentre distances,
namely 5, 17 and 35 Km, has allowed to plot the expected damage scenarios.
Based on the attenuation law above mentioned, the macroseismic intensities have been
correlated to the earthquake magnitudes and epicentre distances, leading towards the nine
damage scenarios reported in Table 1.
Table 1: Correlation between moment magnitude, Mw, and macroseismic intensity, IEMS-98.

Magnitude Mw
4
5
6

Macroseismic Intensity I EMS-98
R = 5 km
R = 17 km
R = 35 km
X
VII
V
XI
VIII
VII
XII
X
VIII

Therefore, the damage scenarios achieved according to the Esteva and Harris’ attenuation
law considering R= 5 Km have been plotted in Figure 7 to show the most dangerous seismic
analysis case.

(a)

(b)

(c)
Figure 7: The impact damage scenarios for variable magnitudes and epicentre distance of 5 Km in the
investigated urban area.

Then, the correlation between the mean damage grade, µD, and the damage thresholds, DK,
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have been developed according to the EMS-98 scale (Figure 8).
From the analysis results, it appears that for Mw= 4 about 61% of the buildings suffer damage
D2, while for Mw= 6, damage thresholds D4 (near-collapse) and D5 (collapse) are attained in
68% and 25% of the cases, respectively. Contrary, when Mw= 5, a more variable damage
distribution is achieved.

(a) R= 5 Km; Mw = 4

(b) R= 5 Km; Mw = 5

(c) R= 5 Km; Mw = 6
Figure 8: Damage probability matrix (DPM) derived from the considered impact scenarios.

4 INFLUENCE OF LOCAL SITE EFFECTS ON THE
ASSESSMENT

VULNERABILITY

From the physical point of view, the local seismic response can be intended as a set of
changes in amplitude, duration and frequency content that the seismic motion undergoes
through the overlying layers of soil up to the surface. In other words, the ground layers can
increase the amplitude of the seismic motion at some frequencies and reduce it for other ones.
The schematization of seismic motion can be represented in the domain of either time or
frequencies. In particular, considering the time domain, the parameters most frequently used to
describe the earthquake characteristics are the peak value of the acceleration, of the velocity, of
the displacement, and the duration. Contrary, in the frequency domain, the seismic motion
parameters are characterized by either the Fourier spectrum or the response spectrum.
The problem of geo-hazard effects has been already contemplated in [12] where, under a
macroseismic approach and on the basis of macroelement numerical analysis on clustered
buildings, the site effects were taken into account through a local amplification coefficient, fPGA,
defined as the ratio between the maximum recorded acceleration at the ground surface (amax, s)
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and that at the bedrock (amax, r).
Focusing on the case study, the historic centre area of Baranello is characterized by a
geological structure mainly derived from covering tectonics related to the formation of the
Apennine chain and sub-Apennine reliefs.
The sedimentary series, variously displaced and dismembered, were poured into the Molise
basin causing anomalous overlaps and outcropping of very different units both for facies and
for age and paleogeographic genesis.
For the seismic microzonation of this historic centre, data from in-situ surveys were made
available by the Municipal Administration of Baranello. Furthermore, in-situ tests were carried
out to identify the stratigraphy. Figure 9 shows the areas where the Down-Hole geological
characterization tests were carried out. These tests provided the velocity of the propagation of
seismic compression and shear waves at different depths.

Figure 9: In situ geological tests in the area of Baranello.

The evaluation of the local amplification coefficient due to soil conditions has been
estimated according to a time domain approach, since the main purpose of the work is to
characterize the maximum ground amplification deriving from local site effects to correctly
predict damage scenarios. Therefore, the accelerogram of the event occurred in Molise in 2002
with epicentre located in Bonefro has been used. The event was characterized by a magnitude,
Mw, equal to 6 and a maximum PGA of 0.55 g.
To this purpose, STRATA 1.0 software, developed at the University of Texas, was used for
simplified 1D numerical modelling of the geological conditions of seismic motion at bedrock
[13].
Thus, based on these considerations, starting from the accelerogram recorded after the
Molise earthquake, the accelerogram at the bedrock and the corresponding one amplified on
the crustal-surface have been derived (Fig. 10).
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Figure 10: The elaborated accelerograms.

In Table 3, the amplification coefficient fPGA derived from local site effects connected to the
examined ground layers has been proposed.
Table 2: Site amplification factor based on time domain.

Time history
10 s

Amplified
amax,s
0.56

Acceleration [g]
Bedrock
amax,r
0.42

fPGA =
amax,s/ amax,r
1.33

From the achieved result, the increment of the seismic motion from the bedrock basement to
the crustal surface is equal to 33%. Therefore, depending on the geologic conditions detected
for the case study area, the mean damage degree, µD, of the investigated structural units
determined in Section 3.2 can be amplified by the above fPGA factor, leading to a more correct
expected damage grade µD,s according to the Equation (1).

μ D,s =
μ D ×f PGA

(1)

Finally, comparing the new damage scenario to that reported in Section 3.2 (Figure 8), it is
possible to estimate the damage increase due to site effects, as reported in Figure 11.

(a) R= 5 Km; Mw = 4

(b) R= 5 Km; Mw = 5
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(c) R= 5 Km; Mw = 6
Figure 11: The influence of local site conditions on the damage scenarios.

5 CONCLUSIONS
This study has proposed a simplified methodology to analyse the seismic vulnerability of
masonry building aggregates located in historic centres considering the influence of geo-hazard
conditions. An urban sector of 300 buildings in the historical centre of Baranello, in the district
of Campobasso (Italy), has been identified as study area for the application of the proposed
analysis method.
Firstly, the characterisation of the typological classes of the urban sector examined has been
done by means of the CARTIS form. From on-site recognition, it has been detected that the
prevailing typological class of masonry buildings is the MUR2 (rough-stone) one, which
represents 73% of the building stock examined.
The seismic vulnerability of the inspected urban sector has been estimated through a
vulnerability index method conceived for building aggregates. In the urban area, two distinct
typological classes, namely A and B, have been identified according to the EMS-98 scale with
an expected medium-high vulnerability enclosed in the range [0.4–0.6], while only 30% of the
building sample has a vulnerability index equal to 0.76. Contrary, for the analysed typological
class B, the expected frequency is in the range [0.2–0.4].
Finally, a local seismic amplification factor to consider local site effects has been defined
according to the time domain method. Looking at the analysis results, the esteemed
amplification factor has been found as equal to 1.33, which means that the seismic motion
increment from the bedrock basement to the crustal surface is equal to 33%. From the new
damage scenarios considering local effects, it has been detected a considerable damage
increment. In particular, it has been noted that for the epicentre distance of 5 km and moment
magnitude of 4, damage thresholds D2 and D3 have been attained with a damage occurrence
probability less than that of the basic case, in which the soil influence has been neglected.
Contrary, the D4 and D5 damage levels significantly increase due to the site effects. Instead,
considering the worst scenario (R= 5 km and Mw= 6), the site effects have reduced drastically
the damage levels D3 and D4, but they have increased the D5 threshold with the collapse of
98% of the buildings in the analysed area.
In conclusion, the proposed work has represented an important starting point for large-scale
vulnerability and risk analysis considering site effects, so providing a comprehensive method
to predict more precisely damage scenarios into historical centres.
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Abstract. Built vernacular heritage embraces buildings that are not designed by specialists,
but are part of a process that involves many people over many generations and relies on
empirical knowledge. Its value as a key-element for cultural identity is unquestionable.
However, precisely due to its empirical and traditional nature, it is often seen as an obsolete
and unsafe way of construction, which leads to its progressive abandonment. This lack of
proper construction details and poor maintenance increases the seismic vulnerability of the
vernacular heritage. There is an evident need for simplified easy-to-use seismic vulnerability
assessment methods for vernacular architecture, given the generalized lack of resources that
can be normally assigned to its study and preservation. Most of the times, visual inspection will
be the only tool available to carry out the assessment.
Nevertheless, simplified methods demand a deep understanding of the seismic behavior of
vernacular architecture. This is a complex task given the great heterogeneity in the geometrical,
structural, construction and material characteristics of vernacular buildings. The present
works explores the development of a probabilistic method for the analytical derivation of
seismic fragility functions of vernacular buildings considering uncertainty in material
parameters and structural characteristics. The procedure followed to investigate the effect of
uncertainty and to evaluate the influence of a set of key parameters on the seismic response of
vernacular buildings is based on stochastic analysis. In the end, a simplified numerical tool is
proposed which can be applied based on visual inspection. The process applied and shown
here is considered as an example of application and can be replicated in other contexts. It
ultimately intends to extend the applicability and reliability of current seismic vulnerability
assessment methods.
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1

INTRODUCTION

Seismic vulnerability assessment methods for the built environment play an important role
on risk mitigation, as they are the main components of models capable of predicting damage to
buildings and estimating losses in future earthquakes. That is why they have become a valuable
tool for the preservation of the built heritage, allowing to identify the most vulnerable elements
at risk. As a result, structural retrofitting strategies at an urban or regional level can be defined
and optimized. This has a particular importance when dealing with the preservation of the built
vernacular heritage, which is rarely represented by single structures, but usually involves a
group of buildings and settlements within a region or historical city center.
Because of its empirical and traditional nature, vernacular architecture is considered in many
places as an obsolete way of building and only valued as part of the region’s identity [1].
Typically, people tend to see vernacular construction technologies as unsafe and eventually
abandon and substitute them with modern ones. The risk of vernacular heritage to disappear
due to a global economic, cultural, and architectural homogenization was already highlighted
by ICOMOS [1]. As a result of this progressive abandonment, there is also an increasing
vulnerability of vernacular architecture facing natural hazards, including earthquakes.
There is also a typical lack of resources assigned to the study and preservation of the
vernacular heritage. When dealing with monumental architecture, many sophisticated tools are
available, such as non-destructive evaluation techniques and advanced structural analysis
methods. Moreover, monuments are typically well documented and historical research can
provide a significant amount of information of the structure. Nevertheless, when assessing the
seismic safety of vernacular architecture, visual inspection will most likely be the only tool
available. Thus, seismic vulnerability assessment methods targeting vernacular architecture
should be easy-to-use and make use of qualitative or simple quantitative data that can be rapidly
obtained from simple visual inspections.
Additionally, being vernacular architecture deeply rooted to a place, as well as local
traditional construction techniques and materials, it typically shows great heterogeneity in terms
of geometry, materials, or construction techniques. Therefore, there is a high amount of
uncertainty in the characterization of the geometry and morphology of the structural elements,
as well as the mechanical parameters of the constituent materials. Unknown parameters
showing a high variability include masonry material properties, diaphragm type and quality of
wall-to-floor connections, or quality of wall-to-wall connections.
Given the preceding challenges (i.e. lack of resources and the structural heterogeneity), the
present work intends to explore the development of a seismic vulnerability assessment method
adequate for vernacular constructions. Previous works by the authors have proposed to use
finite element modeling and pushover analysis to evaluate the influence of a set of key
parameters on the seismic response of vernacular buildings. As a result, a simplified numerical
tool was developed particularly intended to assess the seismic vulnerability of vernacular
buildings [3]. However, the final developed tool did not consider the high amount of uncertainty
in the definition of geometrical, structural and material parameters of vernacular architecture.
The present work explores a probabilistic methodology for the analytical derivation of seismic
fragility functions of vernacular buildings including uncertainty in materials and construction
characteristics. The procedure followed to investigate the effect of uncertainty in the proposed
method is based on stochastic analysis previously applied for the assessment of masonry
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structures [4][5]. This approach is meant to extend the applicability and reliability of the seismic
vulnerability assessment method previously developed by considering uncertainty in structural
characteristics and material properties.
2

PROBABILISTIC ASSESSMENT

The present work shows an example of the procedure proposed to perform the seismic
vulnerability assessment for vernacular constructions. The city of Vila Real de Santo António
(VRSA) is used as a case study. VRSA is located in Algarve, the southernmost area of Portugal.
This region was considerably affected by the 1755 Lisbon earthquake and was practically
abandoned at the time. As an attempt to boost the Algarve local economy through industrial
development, the Marquis of Pombal enacted an official recovery program during the 1760s
and 1770s that included the construction from scratch of the city of VRSA. Despite the
important transformation process in the city since its construction, the Pombaline city center
still show a certain degree of homogeneity.
The proposed procedure to develop the seismic vulnerability assessment method consists of
the following seven steps: (1) definition of a reference representative example of the vernacular
typology under study in terms of geometry and construction, selection of the uncertain
parameters and definition of ranges of variation for each parameter; (2) preparation of
numerical finite element models according to the reference example and parameters under
study; (3) definition of probabilistic distribution for each selected parameter; (4) stochastic
analysis to create a representative sample; (5) seismic analysis, based on the finite element
method and nonlinear static (pushover) analysis, of the whole sample; (6) construction of
fragility curves based on the numerical analysis performed; and (7) regression analysis on the
results database to obtain analytical expressions that allow deriving fragility curves without the
need of performing numerical analysis.
Once the regression expressions are formulated for the studied typology, they can be used
for several purposes, such as: (a) to perform a new seismic vulnerability assessment on an
increased sample that includes new buildings belonging to the same or similar typology; (b) to
perform a new assessment of the same sample with reduced uncertainty after performing a more
detailed inspection or non-destructive evaluation of some buildings; or (c) to study the effect of
different retrofitting strategies on the seismic vulnerability of the sample. Moreover, the
procedure proposed and shown in the present work allows its replication to other contexts.
Indeed, the application of the same procedure to other contexts and typology can enlarge and
make a more comprehensive database allowing the update of the regression expressions.
2.1 Case study and unknown variables
The structural system of the original built-up environment of VRSA mainly consisted of
load-bearing stone masonry walls as the main vertical resisting elements, coupled with
horizontal timber diaphragms (floors and roofs). Nowadays, the great majority of the original
buildings have been replaced by new ones or are highly altered at a formal and structural level.
The original single-story dwellings were the main target of the demolitions, substitutions and
large modifications. The most common modifications included the addition of new floors, the
enlargement or addition of new openings or the substitution of the timber floors and roofs. The
deep mischaracterization of the built-up environment is not only detrimental in terms of loss of
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authenticity of an important architectural and urban heritage, but also reflects the loss of seismic
awareness, having an important impact on the seismic vulnerability of the buildings [6].
There are currently 284 stone masonry buildings in VRSA city center (7 of them original
unaltered buildings) [6]. Figure 1 shows two original single-story dwellings that were altered
with the addition of a second floor. Detailed reports on the construction characteristics and state
of conservation of most of the buildings [7] are available, which allowed to define a
representative reference model, using average dimensions and following the typical
construction characteristics.
The present work shows a first example of the application of the proposed methodology for
estimating the seismic vulnerability of vernacular buildings at urban scale. In this case, six
uncertain parameters were considered as random variables. Four of them are related to the
material mechanical parameters of the masonry walls (Figure 2 – left). These are the tensile and
compressive strength, the Young’s modulus, and the tensile fracture energy of the masonry
walls. The other two are related with structural characteristics of the buildings: the type of
diaphragm and quality of floor-to-wall connection (Figure 2 – middle); and the quality of wallto-wall connections (Figure 2 – right).

Figure 1: Two vernacular buildings in the historical city center of Vila Real de Santo António.

Figure 2: Typical constructive details observed in Vila Real de Santo António: (left) masonry morphology;
(middle) diaphragm type; (right) wall-to-wall connections.

2.2 Numerical model
After the definition of a reference representative example of the vernacular typology,
numerical finite element models were prepared. The reference models were prepared in a
generic way to easily accommodate the variations required to assess the influence of the
different parameters. The software selected to perform the numerical parametric analysis was
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DIANA [8]. Three models were created assuming different types of diaphragm and floor-towall connection (Figure 3) with general dimensions of 8 m x 5.5 m x 5.2. m (length x width x
height). All elements are simulated with ten-node isoparametric 3D solid tetrahedron elements
(CTE30), with four-point integration scheme over the volume.
Masonry with varying material properties is considered for the walls. The properties of the
masonry at the corners (in red in Figure 3) is also varied, assuming different levels of quality
of wall-to-wall connections. Timber is used for the lintels and floor construction elements. Only
the materials used for the walls are considered to present nonlinear behavior, adopting standard
isotropic Total Strain Rotating Crack Model (TSRCM) [8].

Figure 3: Three reference numerical models with different diaphragm type and floor-to-wall connection: (left)
flexible diaphragm poorly connected; (middle) flexible diaphragm with beams properly connected to the walls;
(right) flexible diaphragm properly connected to the walls.

2.3 Uncertainty analysis of the random variables
The effect of the six uncertain parameters, modelled as random variables, on the seismic
response of the studied structure was evaluated through stochastic simulation. Probability
density functions (PDF) represent the range of values (or structural configurations) and their
probability of occurrence for each of these parameters. A Monte Carlo simulation created 200
random combinations of these random variables, which correspond to the same number of
numerical models. The sample number is based on previous experience [4,5]. Additionally, a
Latin Hypercube sampling approach was employed to improve the efficiency of the sampling
process. Figure 4 presents the results of the sampling procedure for the six random variables.
The variation of Young’s modulus (E), compressive strength (fc) and tensile strength (ft)
was defined using lognormal distributions, in line with the recommendations of CNR-DT
212/2013 [9][1]. The values of the mean (μ) and the standard deviation of the logarithm (σln)
for the Young’s modulus (μ=1740 MPa, σln=0.14) and the compressive strength (μ=3.2 MPa,
σln=0.19) correspond to the values for an “uncut stone masonry with good texture” typology in
[9], which is considered adequate for the current case study [6]. The tensile strength is a more
difficult parameter to obtain experimentally and is usually defined as a fraction of the
compressive strength. A mean value of μ=0.06 MPa and a standard deviation equal to the one
used for the compressive strength (σln=0.19) were assumed. The resulting ratio between tensile
and compressive strength for all the cases varies between 0.01 and 0.04. Concerning the tensile
fracture energy, there is limited experimental information. Only rough assessments about its
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variation intervals can be provided. Thus, the variation was defined using a uniform distribution
with the upper and lower limits being 10 and 100 N/mm, respectively.

(a)

(b)

(c)

(d)
(e)
(f)
Figure 4: Histograms with the distributions of the sampled values of: (a) Young’s modulus E, (b) Compressive
strength fc, (c) Tensile/compressive strength ratio ft/fc, (d) Corner’s coefficient Cc, (e) Fracture Energy and (f)
Type of diaphragm (1: Embedded beams and wooden planks, 2: Embedded beams, 3: No-diaphragm).

The other two random variables are associated with structural details; the quality of the wallto-wall connections and the quality of the floor-to-wall connection. Regarding the former, a
good interlocking between transverse walls is possible when special care is given in the
connections, such as regular stonework and big stone blocks (see Figure 2-right). On the
contrary, when no special care is given to provide sufficient interlocking between transversal
walls, these connections become one of the most vulnerable parts of the structure and their
capacity compromises the structural behavior. To account for this important structural
characteristic, the mechanical properties of the masonry at the corners of the building were
considered as proportional to the chosen values for the masonry walls through a proportionality
factor Cc. In this way, the mechanical properties of the corners were defined with a single
variable, instead of one for each mechanical property. For the particular case study, the large
stone blocks seen in the corners of many buildings indicate overall good wall-to-wall
connections. Accordingly, it can be assumed that the masonry quality of the corners will be in
average better than that of the rest of the walls. This feature was considered in the assessment
by using a mean value μ=1.5 for the proportionality coefficient Cc, indicating a 50% higher
properties in the masonry at the corners as an average. The standard deviation of the
proportionality factor Cc was defined equal to that used for the compressive strength (σln=0.19).
The last random variable concerns the diaphragmatic action of the floors and three scenarios
were considered. In the worst-case scenario, there is no diaphragmatic action due to the poor
connection between the floors and the walls. The second scenario considers an improved
diaphragmatic action of the floor due to the proper embedment of the beams within the façade
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walls. Finally, in the best-case scenario, the floor beams are properly embedded in the façade
walls and the floor wooden planks contribute to the stiffness of the floor. These three cases
were simulated by adopting three modelling strategies for the floor (Figure 3). For the first
scenario, the structural model does not include the floors. For the second scenario, the floor
beams are embedded up to the half of the wall’s length. The same assumption holds for the last
scenario including also the modelling of the wooden planks. As a first attempt, considering a
scenario without a proper inspection of the interior of the buildings, a uniform distribution was
used to represent the equal possibility of having any of the above cases in a vernacular building
in VRSA.
Regarding the rest of the material parameters, the compressive fracture energy of masonry
was defined as Gfc = 1.6fc according to [10]. The timber beams and floors were modelled as
linear elastic with Young’s modulus equal to 10 GPa and Poisson’s ratio of 0.3. Poisson’s ratio
of 0.20 was used for the masonry walls.
2.4 Seismic analysis
Figure 5 presents the capacity curves (horizontal acceleration vs displacement) for the 200
numerical models analyzed with different combinations of the random variables. The analyses
show a large range of the maximum acceleration, varying approximately between 0.25g and
1.3g. It is easy to observe two families of capacity curves, one with notably higher strength
capacity and stiffness than the second. The use of three line types and colors, corresponding to
the floor-to-wall connection used in each case, highlights the importance of the diaphragm
effect on the seismic response. All the cases with no connection between floor and walls (shown
with a grey continuous line) present a much lower stiffness and capacity compared to the rest
of the cases.

Figure 5: Pushover capacity curves obtained corresponding to the 200 analysis with different combinations of six
random variables (colors according to diaphragm type considered in the analysis).

The change in the type of diaphragm results in a different failure mechanism, as shown in
Figure 6, presenting three representative cases for each of the defined wall-to-diaphragm types.
The lack of any diaphragmatic action provokes local mechanisms characterized mainly by the
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out-of-plane failure of the façade. This failure mechanism is not observed when the diaphragm
is assumed to be well connected with the two facades. For these cases, the structure presents a
more global response against the seismic action.

(a)
(b)
(c)
Figure 6: Principal crack strains for different types of diaphragm: (a) no diaphragmatic action, (b) embedded
beams, (c) embedded beams and wooden planks

2.5. Fragility curves
The seismic vulnerability of the studied vernacular buildings can be expressed through the
following fragility function [11]:
1
𝐼𝐼𝐼𝐼𝐼𝐼𝐼𝐼
𝑃𝑃𝑃𝑃[𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝑖𝑖𝑖𝑖 |𝐼𝐼𝐼𝐼𝐼𝐼𝐼𝐼] = 𝛷𝛷𝛷𝛷 �
𝑙𝑙𝑙𝑙𝑙𝑙𝑙𝑙 �
��
𝛽𝛽𝛽𝛽𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝑖𝑖𝑖𝑖
𝜃𝜃𝜃𝜃𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝑖𝑖𝑖𝑖

(1)

which represents the probability that a generic Limit State LSi be reached given a value IM of
the intensity measure. In the above equation, 𝜃𝜃𝜃𝜃𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝑖𝑖𝑖𝑖 is the median value of the lognormal
distribution of the IM at which the analyzed structure reaches the limit state LSi, 𝛽𝛽𝛽𝛽𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝑖𝑖𝑖𝑖 is the
standard deviation of the natural logarithm of the IM for limit state LSi and Φ is the standard
normal cumulative distribution function. Finally, N=200 is the total number of structural
analysis carried out.
In this work, the fragility curves are obtained for the Limit State LS3, as defined in [3,6],
corresponding to a life safety limit state. LS3 is defined in [3,6] in terms of the horizontal
acceleration and displacement obtained from a pushover analysis that correspond to the
maximum strength of the building. As a first step in the proposed methodology, the maximum
horizontal acceleration computed by each pushover analysis was considered as the intensity
measure. The use of this measure instead of other common intensity measures (e.g.
macroseismic intensity, Peak Ground Acceleration, spectral acceleration Sa, etc.) aims to serve
as a simple indicator that facilitates the comparative assessment of the capacity of the individual
buildings, as will be shown in Section 3.
Figure 7 presents the fragility curves corresponding to LS3 obtained by considering all the
200 analyzed cases, as well as three more curves that were obtained considering: i) only the
cases without a floor-to-wall connection; ii) only the cases with embedded beams; and iii) only
the cases with embedded beams and wood planks. It can be again seen how the absence of a
diaphragm drops the strength capacity of the structure, affecting the estimations of the fragility
of all the population. These graphs clearly indicate that the implementation of wooden planks
would be beneficial for the capacity of the investigated buildings, which was not so easily
distinguishable in Figure 5.
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Figure 7: Fragility curves corresponding to Limit State 3
(maximum strength capacity) against horizontal acceleration
obtained from the pushover analyses. The different lines
correspond to different populations related with the floor-towall connection assumption.

Figure 8: LS3 predicted (regression) vs
observed (numerical).

2.6. Regression analysis and empirical Expressions
The statistical analysis and the definition of the regression models are carried out by using
R open source software [12]. Multiple linear regression (MR) was applied, intended to
investigate the dependence of the maximum seismic capacity of the building (LS3) on the six
parameter variables selected: (1) four material parameters (E, ft, fc, Gft); (2) type of diaphragm
(Dia); and (3) quality of wall-to-wall connection (Cc). As a result, a mathematical model is
obtained to define and quantify the relationship among them through. The relationship between
variables is often very complex and the simplest approach consists of fitting a multilinear
equation to the data:
Y = β0 + β1x1 + β2x2 + … + βkxk + ε

(2)

where Y is the output variable and k is the number of input explanatory variables (xk). The
parameters βk are called the regression coefficients and ε is the error. The line defined by Eq.
(2) describes how the response changes according to the explanatory variables.
Before carrying out the analysis, all the parameter values were normalized by dividing every
value of each parameter by the maximum value among the N=200 values from the sampling. It
should be noted that the regression model constructed excluded the intercept and after some
trials also excluded the parameter fc, which was shown to have no statistical influence. The
remaining five variables were found to be statistically significant in the prediction of the
maximum capacity of the building, i.e. the maximum load factor obtained in the pushover
analysis. The final regression resulted in the following regression equation:
LS3 = 0.099E + 0.391ft + 0.262Gf + 0.3101c + 1.907Dia – 1.988Dia2

(3)

Note that the regression equation includes a quadratic term for the parameter Dia because
the relationship between LS3 and Dia was observed to be nonlinear. The mean absolute error
(MAE) of the model is 0.023g and the maximum absolute error is 0.085g. The coefficient of
determination or adjusted R-squared is 0.9872, which illustrates that the regression equation is
able to match very well the numerical data, see Figure 8.
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3

APPLICATION AND VALIDATION

The present section shows an example on how the regression expression from Eq. (3) could
be used after it has been defined for the estimation of the seismic vulnerability of the selected
case study. Previously, the probabilistic distributions were defined assuming that there was a
lack specific information about the buildings. All the information was assumed to be based on
simple exterior visual inspection. This section investigates the use of the expression from Eq.
(3) after a second assessment has been performed on the buildings, including a more detailed
visual inspection (including the interior) and non-destructive testing. The new information
allows the definition of new probabilistic distributions of the random variables. In this case, the
fragility function of LS3 will be defined using the expression from Eq. (3). The validity of these
blind predictions will be assessed afterwards through a comparison with the results of a new set
of numerical analysis corresponding to the updated set of random variables.
3.1 Updated PDFs
Concerning the six uncertain parameter variables selected, the following hypotheses were
considered to allow a better characterization and new updated probabilistic distributions. Three
possible scenarios are investigated that would reduce the uncertainty of some of the selected
parameters. In the case of the material properties, non-destructive evaluation techniques,
namely sonic tests, can be performed on buildings to obtain a more representative distribution.
Here, it is assumed that the use of sonic tests on the masonry walls allowed a better accuracy in
the estimation of the mean value and the variation of the Young’s modulus of the masonry walls
(μ=2000 MPa, σln=0.05) (Figure 9a). The same tests on the masonry at corners, along with a
more detailed inspection, allowed the estimation of an overall better quality of the wall-to-wall
connections and define a more representative PDF for the proportionality factor Cc (Figure 9b),
with μ=1.8 and σln=0.09. In the case of the diaphragm type, interior visual inspection of some
buildings can allow obtaining a more representative distribution compared to the assumed one.
In this case, it is assumed that a more detailed inspection revealed a good connection between
the floor and the walls for the majority of the inspected buildings (Figure 9c).

(a)
(b)
(c)
Figure 9: Updated probabilistic distributions of: (a) Young’s modulus; (b) Corner’s coefficient Cc, and (c)
Diaphragm type (1: Embedded beams and wooden planks, 2: Embedded beams, 3: No-diaphragm).
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3.1 Estimation of fragility and validation
Figure 10a presents a comparison of the fragility curve corresponding to LS3 before and after
the update of the probability density functions (PDFs), following the scenarios of an improved
in-situ inspection. The improvement of the mechanical properties of the masonry at walls and
corners and the increase of the number of cases with a good floor-to-wall connection decreases
notably the vulnerability of the buildings. The comparison of the fragility curve obtained using
the LS3 from Eq. (3) and the LS3 from the new set of the pushover analyses corresponding to
the updated PDFs shows a good correlation between numerical and empirical results. This is
further demonstrated in Figure 10b, presenting a direct comparison of the LS3 obtained with the
two methods. The regression expression fits well the numerical results with a mean absolute
error of 0.025g and a maximum absolute error of 0.088g. The coefficient of determination or
adjusted R-squared is 0.981 (Figure 10b), validating the procedure and the expression obtained.

(a)
(b)
Figure 10: (a) Comparison of the fragility curves corresponding to LS3 before and after updating the PDFs of the
random variables. (b) LS3 predicted vs observed for the new sample of analysis (blind prediction).

4

CONCLUSIONS

This paper has presented the development and application of a probabilistic method for the
seismic vulnerability assessment of vernacular architecture. The method aims to confront some
major challenges that arise when dealing with vernacular heritage, such as the lack of resources
and the structural heterogeneity. With that purpose, the method aims first to develop a simple
numerical tool that provides an estimation of the seismic vulnerability of a building based on
qualitative and simple quantitative data that can be obtained through visual inspection.
Secondly, the proposed method explores the inclusion of uncertainty in materials and
construction variables, aiming to reflect the characteristic heterogeneity of the vernacular
heritage.
The method proposed has been described showing the step-by-step procedure used to carry
out the seismic vulnerability assessment. The historical city center of Vila Real de Santo
António (Portugal) has been considered as a case study. The proposed methodology has been
validated by comparing the results obtained using the resulting regression expression with
numerical results. The good correlation between numerical and empirical results illustrates the
applicability of the method.
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Abstract. Banat seismic region represents the second most important seismic area of Romania.
The area is characterized by shallow earthquakes, with a peak ground acceleration ag=0,20g
[1]. The city was influenced by several architectural styles, keeping until nowadays many
valuable masonry historical buildings.
Most of the historical buildings present severe decay due to the lack of proper maintenance
over time. Timisoara was selected to be European Capital of Culture 2021, so the buildings
in the historical districts are expected to be visited by a large amount of tourists.

This paper presents the seismic vulnerability assessment of two of the most important
historical urban districts of Timisoara. The evaluation is based on existing Italian vulnerability
assessment methodology [2], following on-site investigation. Moreover, there is
considered also the influence of the cultural value of the historical buildings. Following a
set of new proposed architectural-artistic, urbanistic and social-economic factors, there
was developed a new investigation form, presented and explained in the paper [1].
In the end, the authors present a detailed empirical seismic vulnerability assessment
influenced by the cultural value for historical masonry buildings in Timisoara city, Romania.
This study could help the local authorities to realize prioritization lists for rehabilitation work,
considering first the historical buildings that are the most important for the local community
identity. The cultural value and the history of a city must be well known and promoted.
1

INTRODUCTION

Living in cities in seismic areas represent an important aspect of everyday life for many
people. Natural disasters are unpredictable, but cities vulnerability and level of exposure can be
reduced through prevention policies. Effective protection policies must be strategically planned
to be implemented before an earthquake occurs, so the necessity of assessing the vulnerability
of a city to know what measures to implement in underlined.
Protection of historical urban areas represent a subject of high interest and actuality, as many
cities with historical value are located in seismic areas. Through seismic scenarios and seismic
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vulnerability assessment it is possible to appreciate the possible losses in case of an earthquake
and to propose preliminary protection measures.
Nowadays, there are several vulnerability assessment methodologies, but they focus mainly
on the structural component and not on the cultural one. To prevent the irrecoverable loss of
cultural value, it is important to develop the existing methodologies to they consider also the
architectural-artistic values, cultural and socio-economical components. Special attention must
be given to the protection of historical cities, as history shown us that many historical cities
were changed completely by earthquakes, such as Messina [3], Cusco [4], Lisbon [5],
Christchurch [6] and others.
Historical buildings being the most likely to be destroyed in case of an earthquake, is
highlighted the opportunity of preparing quick and simplified assessment procedures to help
local authorities to obtain prioritization list for rehabilitation work.
The present research paper presents such a methodology that aims to assess the seismic
vulnerability of historical buildings in Timisoara, by considering also their cultural value. The
entire procedure with detailed analysis was published by I. Onescu in the Ph.D. thesis entitled
“Seismic vulnerability assessment of historical centers” [7].
2 CASE STUDY AREA
Romania is a country with moderate seismicity, with two important seismic zones. The
highest seismicity is registered in Vrancea seismic area, which is located in the center part of
the country, while the second most important seismicity is observed in Banat seismic area, in
the western part of the country, where Timisoara city is also located [8].
The seismicity of Timisoara is characterized by a peak ground acceleration ag= 0.20g and
the existence of two seismic faults in the western part of the city. The earthquakes in the area
are shallow earthquakes of crustal type, with maximum magnitudes of 5.6 Mw [9]. To determine
the most probable seismic scenario for the city, there was applied the relation between peak
ground acceleration and macroseismic intensity (Eq.1), illustrating that the expected
macroseismic intensity for the area is IX EMS-98 [10].
ln(PGA) = 0.24 x IEMS-98 – 3.9

(1)

Timisoara city is recognized from 1177, but there are signs that the city existed even before
XIIth Century. The city was influenced by several cultures, such as the Ottoman and Habsburgic
[11]. The nowadays shape of the city is the results of past influences and more recent
interventions, resulting in three historical districts that merged together, forming a cultural
promenade that was proposed in the context of Timisoara European Capital of Culture 2023
[7], as shown in Figure 1.
The buildings that represent the case study area are located along the cultural promenade, in
a total number of 105, from which 68 are located in Iosefin district and 37 in Fabric historical
area, as illustrated in Figure 2 [7].
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Figure 1. Proposed cultural promenade for Timisoara European Capital of Culture 2021 [7]

a)

b)

Figure 2. Selected historical buildings for investigation: a) Iosefin district; b) Fabric
district; [7]
All the investigated buildings present brick masonry structure of burnt clay brick and lime.
Their perimetral walls have 40-80 cm thicknesses, as well as the medial longitudinal wall,
which is also parallel with the main façade. Transversal walls have 10-15 cm thicknesses, with
the only role of ensuring the rigidity of the buildings. The aren’t usually connected with the
façade wall, increasing the risk of activating the out-of-plane failure mechanism in case of an
earthquake. At the basement and sometimes at the ground floor, the horizontal structural
elements are represented by 15-20 centimeters brick vaults, while at the upper floors there can
be found wooden floors. The rigid framework of the roof is usually complex, made after
German influences and very high [12]. The main characteristics of the investigated building
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structures are illustrated in Figure 3 [7]. Regarding the height regime, there can be find
buildings with basement and ground floor, buildings with basement, ground floor and one top
level, respectively buildings with basement, ground floor and two levels above. The total height
of the buildings can reach up to 15 meters, as illustrated in Figure 4 [7].

Figure 3. Main structural characteristics of the investigated historical buildings [7]

Figure 4. Height of the investigated buildings in dependence of the story number [7]
Buildings in the area are in Eclectic, Art Nouveau and Seccession architectural style.
Usually, for the buildings with only ground floor, there can be seen very few architecturalartistic components (Fig. 5a). For buildings with one top level, the decoration level is moderate
one, with bosses, decorated balusters and commercial spaces at the ground floor (Fig. 5b). The
tallest buildings present also the highest level of architectural-artistic decorative elements, such
as frontons, moldings, sculptures with different organic and complex themes (Fig. 5c) [7].
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a)

b)

c)

Figure 5. Selected historical buildings for investigation: a) Iosefin district; b) Fabric
district; [7]
3 METHODOLOGY
Several seismic vulnerability assessment methodologies are widely used or developed, some
of them with a general character and some of them calibrated to the particularities of a specific
area. Three types of simplified methodologies can be considered, such as empirical, numerical
and hybrid ones. To apply a methodology at large scale, it is recommended to use an empirical
procedure that was previously calibrated to each urban area by numerical analysis [7].
This is also the case of Timisoara, for which was used the original Vulnerability index
method that was proposed at first by Benedetti and Petrini [13] and later on by Formisano and
Mazzolani [14]. This original methodology was calibrated for Banat seismic region by
Mosoarca and Onescu [15] and was developed even more by Onescu [7] to consider also the
cultural value of the buildings.
The final seismic vulnerability assessment methodology is based on a vulnerability form
with 42 parameters, for each of them being assigned a score (s). Each parameter can be
associated with one vulnerability class, from A (the most favorable) to D (the most dangerous),
while the importance of each parameter is underlined by its weight (w).
The 42 parameters are divided into four main categories, such as structural, architecturalartistic, urbanistic and social-economic category. The structural parameters represent the 15
parameters from the original vulnerability form in the original assessment methodology [14].
The architectural-artistic parameters are proposed by Onescu [7] and they refer to the
importance and originality of elements such as architectural style, originality, coherency,
plastics, artistic assets, decay level, the statute of national monument, existing intervention
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works and others (Fig. 6a). For the urbanistic category, there were considered the context, the
importance of the location, the street profile and city silhouette, the presence of the roof and
others (Fig. 6b). For the social-economic category, the proposed parameters refer to the
importance of the building for the local community, the existence of important social or cultural
functions, the representative past events for the building and also the actual economic value [7].
The final proposed vulnerability form is presented in Table 1, while the vulnerability index
is represented by the sum of each individual score of the associated vulnerability class
multiplied the associated weight (Eq. 2) [7].
a)

b)

Figure 6. Exemplification of proposed parameters: a) architectural-artistic category; b)
urbanistic category; [7]
Table 1. Proposed vulnerability form that considers also the cultural value [7]
%

Criteria

No.

70
%

STRUCTURAL

1
2
3
4
5
6
7

Element
Vertical structure organisation
Vertical structure nature
Type of foundation and location/soil
Distribution of structural elements in plan
Regularity in plan
Regularity in elevation
Floor type
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A

0
0
0
0
0
0
0

B

Class
C
5
5
5
5
5
5
5

20
25
25
25
25
25
15

D

Weight
45
45
45
45
45
45
45

1.00
0.25
0.75
1.50
0.50
1.00
0.75
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8
9
10
11
12
13
14
15
15
%

ARCHITECTURAL
ARTISTIC

Roofing
Other details
Conservation state
Different height between current and adjacent
buildings
Location of the building into the aggregate
Staggered floors
Structural or typological heterogeneity
Opening area percentage difference

0
0
0
-20

15
0
5
0

25
25
25
15

45
45
45
45

0.75
0.25
1.00
1.00

-45
0
-15
-20

-25
15
-10
0

-15
25
0
25

0
45
45
45

1.50
0.50
1.20
1.00

0
0
0
0
0
0
0
0
0
-5
0
0

10
10
10
10
10
10
10
10
10
10
10
10

IV STRUCT
15
15
15
15
15
15
15
15
15
15
15
15

25
25
25
25
25
25
25
25
25
25
25
25

1.50
1.20
1.00
1.00
1.00
1.00
1.00
1.00
1.00
1.00
1.00
1.50

28
29
30
31
32
33

Representative architectural style for the area
Age, importance of the build époque
Original woodwork/joinery
Original stucco, brick, floors or ceilings
Original statues or bass-reliefs
Original gable/fronton
Original balconies and railings
Original mosaics or stone work
Original paintings or frescoes
Conservation state of artistic assets
Authenticity/ originality (global, elements)
Official monument (national, regional, local,
protected area) status
Particular construction techniques/materials
Conservation state of original materials
Representative historical events
Archaeological site
Representative/ original wooden framework
Past restoration work

0
-5
0
0
0
-5

10
10
10
10
10
10

15
15
15
15
15
15

25
25
25
25
25
25

0.50
0.50
0.50
1.50
1.00
1.00

15
15
15
15
15

25
25
25
25
25

1.50
1.50
1.00
1.50
1.00

25
25
25
25

1.50
1.00
1.50
1.50

16
17
18
19
20
21
22
23
24
25
26
27

10
%

URBANISTIC

34
35
36
37
38

Importance in contouring the street profile
Importance in contouring the urban silhouette
Annexes, relation with the urban pattern
Location (central area, touristic area)
Representative/particular shape of the roof

-5
-5
0
0
0

10
10
10
10
10

5
%

SOCIAL
ECONOMIC

39
40
41
42

Public/social functions
Importance for the local community memory
Economic value
Cultural functions

0
-5
0
0

10
10
10
10

IV ARCH-ART

IV URB
15
15
15
15
IV SOC-EC
IV CULT

33
38
42
𝐼𝐼𝑉𝑉 𝐶𝐶𝐶𝐶𝐶𝐶𝐶𝐶 = 0.70 × ∑15
𝑖𝑖=1 𝑠𝑠𝑖𝑖 × 𝑤𝑤𝑖𝑖 + 0.15 × ∑𝑖𝑖=16 𝑠𝑠𝑖𝑖 × 𝑤𝑤𝑖𝑖 + 0.10 × ∑𝑖𝑖=34 𝑠𝑠𝑖𝑖 × 𝑤𝑤𝑖𝑖 + 0.05 × ∑𝑖𝑖=39 𝑠𝑠𝑖𝑖 × 𝑤𝑤𝑖𝑖

(2)

Moreover, the proposed methdology considers also the importance of the investigated site,
by itnroducing an attenuation factor that can increase the considered cultural vulnerability with
up to 50% for the most important historical sites. The parameters that are considered for the
attenuation factor are illustrated in Table 2, while the formula for calculating the actual factor
is presented in Equation 3. In the end, the normalized vulnerability index influenced by the
cultural value is determined following Equation 4 [7].
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Table 2. Parameters considered for the attenuation factor [7]
Parameter
1
Age of the urban area

2

Population

3

Tourism

4

Worldly recognition

5

Conservation state

Options
Ancient period (before year 500)
Classical period (500 – 1500)

Points (pi)
0.30
0.25

Modern period (1500 - 1945)
Contemporary period (1945- present)
Very high populated (> 1 million inhabitants)
High populated (< 1 million inhabitants)
Moderate populated (< 300000 inhabitants)
Low populated (< 100000 inhabitants)
Very touristic city
Touristic city
Little touristic city
Not a touristic city
UNESCO site
Continental importance
National importance
Regional importance
Poor
Moderate
Good
Very good

0.22
0.20
0.30
0.25
0.22
0.20
0.25
0.23
0.22
0.20
0.35
0.30
0.25
0.20
0.30
0.25
0.23
0.20

𝑉𝑉𝐶𝐶𝐶𝐶𝐶𝐶𝐶𝐶 =

𝐴𝐴𝐹𝐹 = ∑5𝑖𝑖=1 𝑝𝑝𝑖𝑖

AF

(3)

𝐼𝐼𝑉𝑉 𝐶𝐶𝐶𝐶𝐶𝐶𝐶𝐶 − 𝐼𝐼𝑉𝑉 𝐶𝐶𝐶𝐶𝐶𝐶𝐶𝐶 𝑀𝑀𝑀𝑀𝑀𝑀

𝐼𝐼𝑉𝑉 𝐶𝐶𝐶𝐶𝐶𝐶𝐶𝐶 𝑀𝑀𝑀𝑀𝑀𝑀 − 𝐼𝐼𝑉𝑉 𝐶𝐶𝐶𝐶𝐶𝐶𝐶𝐶 𝑀𝑀𝑀𝑀𝑀𝑀

(4)

× 𝐴𝐴𝐹𝐹

After the determination of the normalized vulnerability index influenced by the cultural
value, there can be determined the most probable damage state by applying Equation 5, where
represents a factor that induces the curve slope and is considered to be 2.3 for residential
buildings [16] and I representes the most expected macroseismic intensity for the investigated
área, which was previously determined to be IX EMS-98 for Timisoara [7].
µ𝐷𝐷 = 2.5 [1 + tanh (

𝐼𝐼+12.50×𝑉𝑉𝐶𝐶𝐶𝐶𝐶𝐶𝐶𝐶 −13.1
Φ

)]

(5)

The proposed methodoloy has the main advantage of introducing the cultural component,
while being based on a well-known european original empirical procedure.
4

RESULTS

The proposed methodology was applied to all 105 historical buildings from the investigated
districts in Timisoara, to determine the seismic vulnerability influenced by the cultural value.
There were determined the mean vulnerability curves following the standard deviation for the
37 buildings in Fabric area (Fig. 7), for the 68 historical buildings in Iosefin district (Fig. 8),
respectively the mean vulnerability for all 105 buildings (Figure 9) [7].
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Figure 7. Mean vulnerability curves influenced by the cultural value for buildings in Fabric
district; [7]

Figure 8. Mean vulnerability curves influenced by the cultural value for buildings in
Iosefin historical area [7]

Figure 9. Mean vulnerability curves influenced by the cultural value for all 105
investigated historical buildings [7]
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The results obtained for the investigated historical buildings in Timisoara, for the considered
seismic scenario, highlight a medium seismic-cultural vulnerability for the expected
macroseismic intensity IX EMS-98. Both Fabric and Iosefin expect a general D3 damage state,
with a total range of D1-D4 damage states (Table 3) [7]. Despite the fact that there isn’t
expected the loss of the bearing capacity of the investigated buildings, the moderate
vulnerability is still meaning damages to both structural and non structural elements, leading to
the decay of many important artistic assets.
Table 3. Expected damage states for the investigated districts [7]
Historical district
Iosefin
Fabric

Damage state
D1
3.00%
0.00%

Damage state
D2
25.00%
16.00%

Damage state
D3
42.50%
43.50%

Damage state
D4
28.00%
38.00%

Damage state
D5
1.50%
2.50%

Following the empirical results, there was designed also the vulnerability maps influenced
by the cultural value for both Fabric and Iosefin historical districts, for all the investigated
buildings [7], as presented in Figures 10-11.
The seismic vulnerability maps influenced by the cultural value illustrates a 5% higher level
of decay in Fabric area, aspect which is caused by the lack of proper maintenance of historical
buildings in the area on one hand and by the increased height of the same building on the other
hands.

Figure 10. Seismic vulnerability map influenced by the cultural value for Fabric district [7]

3555

E. Onescu, I. Onescu, M. Mosoarca

Figure 11. Seismic vulnerability map influenced by the cultural value for Iosefin area [7]
In conclusion, only one building in each district was determined to be in danger of losing its
bearing capacity in case of an earthquake with IX EMS-98 macroseismic intensity. In general,
the most vulnerable buildings are the one located on corner position within the aggregate.
5

CONCLUSIONS

The proposed seismic vulnerability assessment influenced by the cultural value represent a
useful tool for the local authorities to obtain in a quick and simplified way a prioritization list
for rehabilitation work in the historical districts of the city.
The main advantage of the proposed procedure is the fact that is suitable for territorial scale
application, with minimum resources in terms of time, human resources and finances.
The presented multidisciplinary methodology can be easily applied to any other historical
city in similar seismic area with Banat one, while it can also be easily adapted for any other
site.
It brings a plus of knowledge in the field of seismic vulnerability assessment, while
harmoniously intertwining the field of civil engineering with that of architecture.
Least but not last, the proposed procedure aims to protect historical cities against
earthquakes, by allowing a simplified assessment of their vulnerabilities, while considering also
the cultural values of the area.
The results presented in this paper indicate the fact that the city of Timisoasa, which was
elected European Capital of Culture 2023, has a moderate seismic vulnerability influenced by
the cultural value, with more buildings that will need rehabilitation work in Fabric historical
district.
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Abstract. This paper aims at contributing to the seismic vulnerability assessment of a historic
brick masonry building constructed in Istanbul by comparison of the derived analytical and
empirical fragility functions. For this purpose, Incremental Dynamic Analysis for each ground
motion record was initially performed by series of Nonlinear Time History Analyses on the
most vulnerable façade of the case study building modelled using Equivalent Frame Method.
By scaling the PGA values of the fifteen earthquake records selected from PEER NGA West2
Data Base, it was aimed to observe the structural response corresponding the all limit states
from yield point to collapse and identify each PGA causing the structure to reach these limit
states. Herein, PGA and Spectral Displacements were considered as the seismic intensity
parameters, and the ultimate storey drifts were referred as Engineering Demand Parameter.
Both analytical and empirical seismic fragility functions were derived using lognormal
probability distribution. Consequently, the obtained analytical fragility curves for vulnerability
assessment of the building were compared with the fragility curves derived according to
European (RISK-UE), HAZUS and Istanbul Building Taxonomies for the same building
classification with the case study building in attempt to investigate the concordance of the
results.
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1 INTRODUCTION
The recent studies regarding seismic risk analysis have revealed that unreinforced masonry
buildings are the most seismically vulnerable building type, which constitutes a significant
percentage of the existing building stock all over the world. Their high vulnerability to seismic
events and aggressive environmental conditions arises a substantial need for improving the
knowledge of their seismic behaviour, and developing analytical and numerical models for their
risk assessment. Seismic vulnerability refers to the structural susceptibility to damage or loss
due to a seismic activity. It can be identified by means of fragility functions, giving the
likelihood of reaching or exceeding a certain limit state as a function of the Intensity Measure
(IM) such as Peak Ground Acceleration (PGA), Peak Ground Velocity (PGV), Spectral
displacement (Sd), etc. or using vulnerability functions, providing the expected value of loss.
[1].
In literature, there have been a wide range of studies carried out on vulnerability assessment
and derivation of fragility functions since the existence of complex structural typologies leads
to a very demanding task including a high amount of uncertainty in the characterization of the
structural members, as well as the mechanical properties of the constituent materials
particularly for masonry structures [2]. Some researchers have made substantial contributions
to the inherent probabilistic nature of the seismic risk assessment, developing distinctive
methodologies such as RISK-UE, SYNER-G and PERPETUATE to derive seismic fragility
functions for common and cultural heritage masonry buildings in consideration of load bearing
wall material, the number of stories, different building taxonomies, etc. [3-7]. In addition to
these, empirical, analytical, expert judgement and hybrid-based methods for derivation of
fragility functions were developed [8-10].
This paper presents the vulnerability evaluation of a historical brick masonry building dating
back to the 1920s. The probability distribution of the seismic demand for each limit state
(limited damage, significant damage and near collapse) is obtained performing Incremental
Dynamic Analyses (IDA) under 15 different earthquake records. By using PGA and Sd as
intensity measure, and using ultimate storey drift as Engineering Demand Parameter (EDP),
both empirical and analytical seismic fragility curves are derived, employing the lognormal
probability distribution. Therefore, the obtained fragility curves provide information regarding
the likelihood of occurrence and exceeding of each damage level that the building may
experience under the seismic actions induced. Via the comparison of the results obtained from
the empirical fragility curves when the analytical fragility curve is taken as a reference , this
study finally points out which fragility curve parameters proposed by RISK-UE, HAZUS, and
ISTANBUL can be more convenient to be used for vulnerability assessment of the taxonomy
of old-brick masonry buildings representing the case study building.
2 CASE STUDY BUILDING
A historic building built in 1925 in Istanbul is registered in the cultural heritage list by
Turkish Republic Ministry of Culture and Tourism. In the scope of this study, seismic
vulnerability assessment was carried out to determine the current health condition of this
building [11]. The building symbolizes a specific typology of the traditional Turkish historical
building architecture in the early 20th century. It consists of three storeys with different heights
3.45 m, 4.84 m and 4.45 m belonging to basement, ground and first storeys, respectively. With
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respect to the load-bearing system, the walls are made of solid bricks and Khorasan mortar
which is a widely used local mortar in the construction of historical masonry structures in
Turkey and commonly includes hydraulic lime, kaolin, calcite, refined Khorasan clay, etc. The
slabs of ground floor and first floor consist of brick arch floor systems, where the steel beams
of INP180 are installed with an interval of 60 cm, and the roof slab is made of oak timber
elements. The wall thicknesses vary between 68–88 cm in the basement, 45–76 cm in the
ground floor, and 32–65 cm in the first floor. More detail about the building geometry and the
mechanical property of the material used can be found in [12].

Figure 1: (a) Corner view (b) front view (c) illustration of the load-bearing system of the URM building and (d)
plan of the ground floor.

In-situ investigation showed that the connection of intersecting walls and clamping between
bearing walls and floor systems were in good condition. No local damages and cracking
between bearing wall and the floor system have been detected. The presence of proper
connections in the existing property made us consider that the connections would prevent outof-plane behaviour; therefore, only in-plane behaviour was considered in this study.
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3 NUMERICAL MODELING OF THE HISTORICAL BUILDING
In the literature, for masonry walls, there have been a various type of modelling techniques
such as Rigid Body and Spring Model, Fibber Contact Element Method, Applied Element
Method etc. However, in this study, the 3D Finite Element Model (FEM), the most frequently
used method, was adopted for generation of the numerical model of the building. Initially, the
linear dynamic analysis was performed using FEM so as to carry out a general assessment
procedure in terms of the stress and displacement demands occurring under the design
earthquake. As a result of the linear dynamic analysis, it was detected that both right and front
façades governed the collapse state of the URM structure in terms of the limit states. However,
the front façade was the most vulnerable one in terms of principal and shear stresses exceeding
their threshold values due to having more openings, compared to the right façade. Therefore,
2D Equivalent Frame (EF) model of the front façade was generated by adopting the criterion
proposed by Dolce (1991). In the light of in-situ observations, which provide a basis for the
assumption of the bearing walls properly connected to the floor, only in-plane behaviour was
deemed in analyses to accurately simulate the global response of the structure. The EF method
simplifies modelling masonry walls with frame elements via consideration of the homogeneous
and isotropic material idealization and defining the nonlinear behaviour of structural masonry.
For generating seismic fragility curves that will be used in vulnerability assessment procedure
of the building, as a nonlinear dynamic method, a set of Nonlinear Time History analyses
(NLTHA) was employed to perform series of simulations. In an attempt to diminish dissipation
of time and computational burden due to NLTH, the nonlinear behaviour was only represented
by the definition of shear hinges assigned to the mid-heights of the piers. Since Magenes, G.,
and G. M. Calvi (1997) highlighted that the failure in masonry is generally characterized by
shear either in diagonal tension mode or by sliding on the predefined planes of mortar rather
than other in-plane failure mechanisms such as rocking, toe crushing, only shear hinge
assignment was considered adequate for nonlinear simulation [13]. Therefore, the ultimate
resistance was controlled by the shear failure and the shear failure was controlled by the shear
displacement capacity of the piers. According to NTC (2008), the shear collapse corresponds
to the achievement of the ultimate drift δu which is assumed to be 0.4% of the effective height
of the pier [14]. Please note that the effective height of the pier was changed to 0.5% in 2018
with the new version of the standard (NTC, 2018) [15].
According to Eurocode 8 Part 3 (EN 1998-3 2005), the limit states of URM walls were
determined, which correspond to the attainment of the global displacement capacity on the
pushover curve [16]. The ultimate displacement capacity is described as the top displacement,
and three limit states exist on the pushover curve in terms of top displacement, as follows.
Limit state of Limited Damage (LD) is where the structure yields on the curve of
idealized elasto-perfectly plastic force/displacement relationship.
• Limit state of Significant Damage (SD) is equal to 3/4 of the top displacement capacity
corresponding the total base shear.
• Limit state of Near Collapse (NC) is equal to below 80 percent of the peak resistance of
the structure.
Structural collapse was assumed once the in-plane deformation capacity of piers was firstly
reached due to the ultimate shear displacement controlled by shear hinges.
•
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4

VULNERABILITY ASSESSMENT

4.1 Incremental Dynamic Analysis
Incremental dynamic analysis (IDA) is a computational analysis method for performing a
comprehensive assessment of the behaviour of structures under seismic loads, which reveals
the structural response from linear range to nonlinear range leading to collapse. It has been
utilized to rely on the results of probabilistic seismic hazard analysis in attempt to evaluate the
seismic risk confronted by a given structure [17]. IDA comprises performing numerous
nonlinear dynamic analyses of a structural model under a set of ground motion records. Each
record should be properly scaled to several levels of seismic intensity to enable structures to
cover the entire range of structural response from elastic to inelastic and ultimately to global
dynamic instability where the structures no longer resist. Moreover, the selection of earthquake
inputs is a momentous phase to acquire reliable results regarding vulnerability assessment, since
a seismic action can alter with regards to the frequency content, the energy content and duration,
which lead to different effects on the same structure. For this purpose, 15 earthquake records
were advertently selected from PEER NGA West2 Data Base in accordance with the design
response spectrum generated as shown in Figure 2.

Figure 2: Spectra of selected ground motions.

In this study, PGA values were used as an Intensity Measure (IM) that characterizes the
conditional probability of attaining a given damage state for a given hazard level. By scaling
the PGA values, it is aimed at leading the structure to reach all limit states from yield point to
collapse. As a result of scaling procedures, each PGA value being a component of the total 15
scenario earthquakes, which caused the building to reach the limit states of limited damage,
significant damage and near collapse were identified (Figure 3). Engineering Demand
Parameters (EDP), which are measures of the structural response were represented by the
ultimate drift.
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Figure 3: Summary of PGA values leading the structure to reach LD, SD and NC limit states.

4.2 Seismic Fragility Curve
In seismic risk assessment, vulnerability curves are frequently used to identify the
probability that structures at risk will withstand different levels of loss under a series of
earthquake ground motion intensities. These vulnerability curves can be generated using the
empirical approaches based on statistical analysis of loss values observed in past earthquakes,
analytical or numerical approaches, and hybrid approaches that are combination of these
methodologies and expert opinion [18]. For the purposes of vulnerability assessment, fragility
curves are gaining more importance as a statistical tool which establishes the relationship
between the likelihood of reaching or exceeding a specified level of damage and the effects of
the projected ground motions on the built environment. In this study, the generation of fragility
curves will cover analytical and empirical approaches by use of lognormal distribution for the
vulnerability assessment of the case study building. The resulting data sets, used in lognormal
distribution for constructing the analytical fragility curves, were obtained considering only the
uncertainty in the strong ground motion records while the FEM model of the structure was fully
deterministic.

Figure 4: Analytical derived fragility curves based on the PGAs leading the structure to reach LD, SD and NC.
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Using the PGA values leading the structure to reach LD, SD and NC limit states presented
in Figure 3, the analytical fragility curves were derived as shown in Figure 4. By employing
lognormal distributions in calculations, the obtained fragility curves properly fitted the
observed data. Therefore, they provided an opportunity to assess the seismic vulnerability by
direct comparison with the subjected PGA values. It showed that when the case study building
is subjected to the strong ground motions with the PGA values slightly more than 0.2 g and 0.4
g, it will experience limited and significant damages, respectively, with an exceedance
probability of 50% while a PGA of 0.45 g will be a sufficient intensity to reach the limit state
of near collapse for the same exceedance probability. Regarding empirically derived fragility
curves, they were generally represented through spectral displacements as IM. Moreover,
herein, the fragility curves obtained from empirical approaches will be compared to each other
and interrogated to clarify whether they can be addressed to the vulnerability assessment of a
single case study building in a specific taxonomy even though in practice they are to be used in
the seismic risk assessment of a specific building stock at a certain location.

Figure 5: Analytical derived fragility curves of the case study building using Spectral Displacements.

Thorough the IDAs, each spectral displacement was identified for a certain damage level.
The analytical fragility curves were generated on the basis of spectral displacements (Figure 5).
Since the case study building is a type of 2-storey brick masonry building constructed in 1925,
in literature its taxonomy is equivalent to M5- L according to European Building Taxonomy
[19] representing Unreinforced Masonry (old bricks), URML according to pre-code buildings
of HAZUS 99 Building Taxonomy [20-21] representing Unreinforced Masonry Bearing Walls,
and B211 according to Istanbul Building Taxonomy [22] representing 1-4 storey masonry
buildings (built in pre 1979). The fragility curve parameters of the empirical approaches
mentioned were presented in Table 1 where Sd is the median value of the lognormal distribution
of the intensity measure (spectral displacement) and β is the dispersion related to the
uncertainties in the seismic demand.
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Table 1: Fragility curve parameters.

Building Taxonomy
EUROPE (M5-L)
HAZUS (URML)
ISTANBUL (B211)

Limited Damage
(Slight)

Significant Damage
(Moderate)

Near Collapse
(Extensive)

Sd, s (m)

βs

Sd, m (m)

βm

Sd, e (m)

βe

0.0013
0.0081
0.0135

1.07
1.15
0.99

0.0029
0.0165
0.0315

1.07
1.19
1.05

0.006
0.0411
0.072

1.07
1.2
1.1

Figure 6: Comparison of the empirical derived fragility curves.

In Figure 6, the obtained empirical fragility curves for the same taxonomy with the case
study building were compared. As it can be seen from the figure, fragility curves derived from
HAZUS and Istanbul building taxonomy demonstrate relatively close behaviour and their
spectral displacement demands anticipated for the limited damage underestimate the spectral
displacement demands corresponding to the limit state of near collapse by European building
taxonomy (RISK-UE). In other words, if the building is subjected to a spectral displacement
demand of 20 mm, it will experience the limit state of the near collapse with a probability of
approximately 90 % according to RISK UE, whereas it is expected to reach the collapse
probabilities of 15% and 25 % for the same level of the IM according to ISTANBUL and
HAZUS, respectively. When considering the structural response of the case study building
based on the results obtained from the analytical fragility curves in Figure 5, the building
reaches a complete collapse under earthquake-shaking intensity of a 20 mm-spectral
displacement. As a result of the vulnerability assessment via the fragility functions derived from
the analytical and RISK UE based empirical approaches, it can be concluded that they are more
coherent in terms of the anticipated cumulative probabilities corresponding to IM for the given
damage levels (Figure 7).
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Figure 7: Comparison of the analytical derived fragility curves of the case study building and the empirical
derived fragility curves (Europe).

5

CONCLUSION

The article has presented the seismic vulnerability assessment of a historic brick masonry
building through the empirically and analytically derived fragility curves. Derivation of
analytical fragility curves requires rigorous and demanding work, which encompasses the
implementation of IDAs to determine the IM levels causing the occurrence and non-occurrence
of the damage states. However, the analytical approaches can yield more accurate results in the
estimation of vulnerability since they are directly derived from the structural analysis of the
objective buildings. As an alternative to use of this computationally expensive procedure, the
effectiveness of the empirically derived fragility curves has been questioned so as to see the
possibility of their application in the vulnerability assessment of a single building, whereas in
practice they are utilized for the seismic risk assessment of a certain building inventory in a
specific location. By means of the comparison of the results obtained from the empirical
fragility curves when the analytical fragility curve is taken as a reference, it has been observed
that RISK-EU produces the closest result in terms of the anticipated cumulative probabilities
for the given damage levels. Moreover, the spectral displacement demands, causing the limited
damage, proposed by HAZUS and ISTANBUL strikingly exceed the required spectral intensity
for near collapse by RISK-EU. For the masonry taxonomy, RISK-EU proposes well-defined
fragility curve parameters since they are individually categorized into each masonry material in
detail, while the other empirical approaches consider a larger range of masonry classification
in general. Consequently, this study also has pointed out that the fragility curve parameters
proposed by RISK-UE compared to the others can be more convenient to be used for
vulnerability assessment of the taxonomy of old-brick masonry buildings representing the case
study building.
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Abstract. Unreinforced masonry buildings prevail in many old historical centres and urban
areas worldwide. These structures may present inadequate seismic performance because they
were often designed without considering any seismic resistance requirements. Therefore, they
may be highly vulnerable and susceptible to damage caused by earthquakes, even of low
intensity.
This work investigates the seismic vulnerability of typical unreinforced masonry buildings
situated in the Eixample district of Barcelona, Spain. Most of the buildings of the district were
designed only for vertical static loads with slender load-bearing masonry walls and flexible
diaphragms. A typical characteristic is the presence of openings with considerable size on the
facades. The identification of the main parameters affecting the structural behaviour under
lateral loading is necessary to evaluate the seismic vulnerability.
As a first step, a building taxonomy for the Eixample district has been prepared in order to
classify the different building typologies by taking into account the influence of the structural
features in the overall response. This typology classification serves two aims. The first aim is
to empirically evaluate the vulnerability of each category. The second one is to provide the
basis for creating a numerical model of a representative building and analyse its seismic
performance.
The main objective of this paper is to assess the seismic behaviour of a typical unreinforced
masonry structure by means of nonlinear static analysis. For this purpose, a three-dimensional
Finite Element model of a representative building has been prepared. Pushover analyses have
been performed in two directions (parallel and perpendicular to the façades) aiming to identify
the typical failure mechanisms and the seismic capacity.
The performance of the representative building typology, with its typical heterogeneities and
irregularities, is compared with that of a reference regular unreinforced masonry structure.
Additionally, a parametric analysis is carried out to evaluate the different seismic response by
adding more storeys in height. This work is the basis for future analyses devoted to large scale
seismic vulnerability assessment of the most representative building typologies of the Eixample
district.
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1

INTRODUCTION

Unreinforced masonry buildings prevail in many old historical centres and urban areas
worldwide. A large number of these buildings present an unquestionable cultural and
architectural value due to their significant contribution to the urban landscape [1]. In several
cases, these structures mainly consist of load-bearing walls made of brick or stone masonry.
Often, masonry buildings were designed without considering seismic requirements and may be
highly vulnerable against seismic actions even in a region with moderate seismic hazard.
In the last years, there has been an increasing interest in the study of seismic risk in urban
areas, which has resulted in various seismic risk assessment methodologies. The choice of the
appropriate approach depends on several factors, including the nature of the problem and the
purpose of the study. Different methods of assessment are currently available in the scientific
literature based on empirical, analytical or hybrid procedures. Empirical methods, also known
as indirect methods, are less accurate but more affordable for large scale assessments [2]. On
the contrary, analytical (direct) methods require sophisticated structural analyses, based for
instance in the Finite Element Method. The hybrid procedure is a combination of both indirect
and direct methods.
In this work, the analytical method is used to analyse and understand the seismic
performance of a typical unreinforced masonry building. By doing so, this study aims to identify
the critical features of their seismic performance and to estimate the likely damage that may be
produced due to the seismic action.
As a first step, a building taxonomy has been elaborated in order to assist in the selection of
a representative structure. This taxonomy has facilitated the categorization of different types of
structures according to their structural features, singularities and sources of vulnerability. The
taxonomy has assisted as well in the selection of the variables related to the buildings’ geometry
and structure to be considered in an extended parametric study.
2 CASE STUDY – EIXAMPLE DISTRICT OF BARCELONA
The focus of the present study is the evaluation of the seismic vulnerability of a typical
building typology located in the Eixample district of Barcelona.
The urban area of Eixample is characterized by its straight avenues, laid out in a grid in the
central part of the city (Figure 1). Built during the 19th and the beginning of the 20th century,
this district stands out for its architectural and cultural heritage. Most of the buildings were
constructed as unreinforced masonry ones, forming aggregates that comprise typical building
blocks, so-called “manzanas” in Spanish [3]. Each block is composed of rectangular buildings
along the streets and pentagonal building at the chamfered corners. The structures that typify
the district remain in use today, mainly unaltered since their construction. The peculiar
structural systems of unreinforced masonry bearing walls were designed for gravitational loads
only, without considering any seismic design criteria. Therefore, these typologies may be highly
vulnerable under horizontal actions, even though the seismic hazard in this region is low to
moderate.
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Figure 1: View of Eixample district

Recent studies [5] [6] have confirmed the high seismic vulnerability of the unreinforced
masonry buildings of Barcelona and highlighted the need for the assessment of each building’s
seismic demand and performance. The current study uses a different analysis tool to that of the
previous ones, i.e. a 3D finite element analysis. This approach considers the global response of
the structure, helping to obtain a better understanding of the seismic capacity and vulnerability
of the unreinforced masonry buildings.
The first step has been to build a proper building taxonomy for the definition and classification
of the building typologies according to their characteristics, heterogeneities and sources of
seismic vulnerability.
3

BUILDING TAXONOMY

The building taxonomy describes the characteristics of an individual building or a class of
similar structures, generally referred to as a building typology. The development of a building
taxonomy of existing buildings is essential to understand their structural and architectural
configuration relevant to their seismic behaviour. This typology classification has assisted to
empirically evaluate the buildings’ vulnerability and also to provide the basis for creating a
numerical model of a representative building for analysing its seismic performance.
The division of the building stock in a city or a region is among the main challenges for
carrying out a seismic risk assessment at urban scale. The primary purpose of a building
taxonomy is to classify and group building typologies that show comparable overall
performance during a seismic action. Therefore, it is necessary to classify buildings by referring
to some parameters that describe a specific characteristic, affecting the seismic behaviour of an
individual building or a group of buildings. Geometry, material properties, lateral load resisting
system, construction date, seismic design level, structural irregularities, foundation details are
among the usual typology parameters that are considered for a building taxonomy. The main
features influencing the structural vulnerability are the building’s load resisting system and the
used construction materials. Secondary classification parameters may be the overall building
height, period of construction, shape of the building plan, foundation, irregularities, etc. The
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flow chart of Figure 2 presents all the parameters considered in the building taxonomy of the
Eixample district.

General building information

Structural building system

Structural elements and
connections

Configuration and irregularities

Conservation state of the
building

Interaction and behaviour of
the building within a block

• Building’s location
• Building construction period and latest retrofit date
• Building’s use
• Occupancy
• Seismic design level
• Type of resisting structural system
• Quality of the resisting system
• Material of the load bearing system
• Height (number of storeys)
• Soil and foundation conditions
• Walls
• Pillars and beams
• Horizontal diaphragms
• Roof
• Connection efficiency between structural elements
• Plan configuration
• Structural irregularity
• Position and number of patios
• Position and size of staircase box
• Number of walls
• Length of walls and maximum distances
• Number of bays
• Façade geometry and openings
• Non-structural elements
• Damage condition
• General state of maintenance and conservation
• Building’s position within a block
• Connections among the adjacent buildings
• Difference in height among adjacent buildings within
the aggregate
• Presence of staggered floors
• Structural and/or typological heterogeneity among
adjacent buildings
• Difference in the percentage of openings among the
facades

Figure 2: Parameters for a specified building taxonomy

The building taxonomy has been prepared for the purpose of classifying the different
structural typologies and selecting some representative buildings for the seismic vulnerability
assessment by means of numerical methods. Accordingly, the building classification has been
done by taking into account the influence of the most important characteristics in the buildings’
seismic performance.
The construction of the buildings was carried out between 1860 and 1940, with an average
of 25 buildings per block (Figure 3). Nearly 70% of the buildings of Eixample are unreinforced
masonry ones, designed without considering any seismic requirements [5]. From the '60s,
reinforced concrete structures were built, leading to the beginning of contemporary architecture
[3].
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1860-1940
>1940

Figure 3: Construction period of Eixample district [6]

Eixample buildings can be categorised in the following typologies (Figure 4): one with loadbearing masonry walls throughout the full height and a second one with a hybrid structural
system of steel/concrete columns on the ground floor and unreinforced masonry walls on the
upper ones. The floor system is mostly flexible, made of timber or steel beams connected with
tile barrel vaults. However, due to some rehabilitations, rigid reinforced concrete slabs can be
found in some structures.

a)

b)

c)

Figure 4: Different structural systems [3]: a) homogenous system of slender walls; b) hybrid system – concrete
columns and masonry walls; c) hybrid system – steel columns and masonry walls

The number of floors of the buildings varies between four and seven. Due to the changes in
the regulations, the height limit was modified during the years, and so additional storeys at the
upper levels were constructed. Regarding the position of the buildings, two groups can be
distinguished: buildings in the middle of the block (rectangular shape) and chamfer buildings
in the corner of the urban block (pentagonal shape). The ground floor of these buildings has a
higher height than any other level since it was intended for commercial use and required a more
versatile space.
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The configuration of Eixample’s buildings can be described by some typical characteristics
such as the position and number of patios (central and lateral, see in Figure 5), the position and
size of the staircase box, the number of walls (parallel to the facades and parallel to the lateral
walls), the distance between walls, etc. The size and position of the openings is another
important parameter being a source of seismic vulnerability.

Figure 5: Position and number of central and lateral patios in plan

This building taxonomy has allowed us to define the most frequent building typology classes
in order to evaluate their expected vulnerability during an occurrence of an earthquake.
Furthermore, representative buildings have been chosen for the numerical simulation. For the
preparation of the building taxonomy, an extensive database of Eixample’s building available
in [6] was used, as well with some building plans obtained from the public archives of
Barcelona City municipality [2].
4

NUMERICAL MODELS

4.1 Description of a representative model
This section investigates the seismic performance of a representative building typology from
Eixample district. Focus is given on a selection of structural characteristics identified by the
building taxonomy. The performance of the representative building typology has been
compared with that of a reference regular unreinforced masonry structure. This comparison
aims to provide insight into the influence of the structural features of the building typology on
its seismic performance.
Eixample blocks are formed by a series of individual buildings, having their lateral walls in
contact with each other (see Figure 1). The representative building of the studied structural
typology is composed of 5 floors and has an internal patio at its middle and two semi-patios at
the two lateral sides (Figure 6). In this work, the building has been studied as isolated without
considering any interaction with neighbouring structures, which will be the focus of future
work. The load-bearing system consists of two main parallel façade walls with two
perpendicular lateral walls. The thickness of the facade walls is 0.30 m, and that of the lateral
ones is 0.15 m. Also, the representative model has interior walls parallel to the façade with a
thickness of 0.15 m. The dimensions of the representative model are 14 × 22 m2 in plan. The
total height of the building is 16 m. A common feature of Eixample buildings is that the height
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of the ground floor is higher than the rest of them. Therefore, the ground floor is 4 m high while
the rest of the storeys are 3 m high. The load capacity of the load-bearing walls is very much
affected by the presence of several openings. The façade has 19 openings with considerable
size, which results in an area of approximately 32% of the façade. The ground floor is used for
commercial activities, and thus the configuration of the openings at this part of the façade walls
is different, as shown in Figure 6. Due to the presence of larger openings, steel beams have
been used to model the lintels above all the doors and windows.

a)

b)

c)

Figure 6: The representative model: a) finite element mesh; b) façade geometry (in metres); c) floor plan section

The reference model is an idealised regular unreinforced masonry structure with plan
dimensions of 8.9 × 22 m2 and a total height of 13 m. For comparison purposes, a regular pattern
of the façade openings has been assumed, as well as a central staircase box with an interior
patio. Figure 7 illustrates a general view of the model with the dimensions of the plan and façade
in metres.

b)

a)

c)

Figure 7: The reference model: a) finite element mesh; b) façade geometry (in metres); c) floor plan section

3575

Sara Dimovska, Savvas Saloustros, Luca Pelà and Pere Roca

The finite element models have been prepared and analysed using the software DIANA-FEA
10.3 [7]. Curved shell (quadrilateral CQ40S type) elements have been used for the walls and
floors of the buildings. This element is defined by eight nodes and five degrees of freedom for
each node. An in-plane Gauss integration scheme has been chosen with 3×3 integration points
on the faces, and a Simpson integration scheme with seven points through the thickness of the
elements. The beam element CL18B has been used for the steel lintels, composed of three nodes
and six degrees of freedom at each of them.
The total number of nodes and elements of the idealised model is 26545 and 8927,
respectively. The representative model is composed of 13646 quadrilateral curved shell
elements, 664 beam elements and 2390 one-node translational mass elements to provide the
load over the unidirectional flexible diaphragms. The final mesh has been selected after
performing a series of sensitivity analyses on mesh sizes. The average element size is 0.5 m.
The base of the building has been considered fixed to the ground by restricting both translational
and rotational movements. All the analyses have considered mechanical and geometrical
nonlinear behaviour.
4.2 Material properties
Table 1 and Table 2 summarize the mechanical parameters and gravity loads adopted in the
numerical model.
Table 1: Material properties used in all the numerical
models

Masonry walls
Young’s modulus
1800
Poison’s ratio
0.2
Mass density
1800
Compressive strength
4
Compressive fracture
6400
energy
Tensile strength
0.08
Tensile fracture energy
50
Flexible floors
Young’s modulus Ex
1100
Young’s modulus Ey
7000
Young’s modulus Ez
1100
Poison’s ratio
0.06
Poison’s ratio
0.38
Poison’s ratio
0.15
Shear modulus Gxy
450
Shear modulus Gyz
450
Shear modulus Gxz
450
Steel beams
Young’s modulus
210000
Poison’s ratio
0.3
Mass density
7850

Table 2: Loads used in all the numerical models

MPa

Steel beams + tile
vaults
Pavement
Division walls
Live load

kg/m3
MPa
N/m

Load
(kN/m2)
1.8
1
1
2

MPa
N/m
MPa
MPa
MPa

MPa
MPa
MPa

Figure 8 - Flexible diaphragm system of tile vaults with
steel beams

MPa
kg/m3
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The mechanical masonry properties as the compressive strength and Young’s modulus are
based on some experimental tests done on specimens extracted from some buildings in
Barcelona [8]. The values are within the range of the proposed ones for solid brick masonry in
the Italian code [9]. The nonlinear physical behaviour of the masonry walls has been defined
through the total strain fixed crack model detailed in DIANA-FEA [7]. This constitutive model
considers a parabolic softening curve under compression and an exponential one under tension.
The floors have been modelled as unidirectional flexible diaphragms assuming a linear
orthotropic material. The elastic properties for the floors were obtained from a 3D numerical
model with steel beams and tile vaults (Figure 8). The Young’s modulus in both X and Y
directions (perpendicular and parallel to the beams), as well as the shear modulus, have been
calculated through in-plane nonlinear analysis of the floor system. The connections between
the different materials in the floor system has been assumed perfect, without including any
interfaces. Table 2 shows the loads considered that have been applied as mass to the nodes of
the floors (considering the distribution for one-way slab diaphragms).
5

PUSHOVER ANALYSIS

The pushover analysis is a nonlinear static analysis that aims at simulating the structural
response of the investigated building during a seismic action with the application of a
monotonically increasing lateral load pattern [10]. The response of the structure is given by the
capacity curve, which represents the building’s lateral load resistance versus its characteristic
lateral displacement. Despite its limitations, pushover analysis can give an insight into the
seismic capacity and the expected damage, as well as identifying the most vulnerable parts of
the structure [11].
The horizontal loads have been applied by adopting a mass equivalent distribution. For each
analysed case, pushover analyses in both +X direction (parallel to the façade) and +Y direction
(perpendicular to the façade) have been performed for both models. Self-weight has been
applied in the first stage of the analysis, and then horizontal seismic forces proportional to the
mass of the structure have been applied incrementally until the analysis stops due to nonconvergence. A Newton-Raphson regular procedure has been used along considering an arclength for solving the nonlinear system of algebraic equations. The convergence has been
checked using energy criteria with a convergence tolerance of 0.001.

Figure 9: Contour of principal tensile strains: interior wall parallel to the facade for a pushover in +X direction
(left) and the lateral walls for a pushover in +Y direction (right)
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As can be seen from Figure 9, the formation of the cracks (identified using a contour of the
maximum principal strains) is located at the load-bearing walls (parallel to the action of the
force). The first cracks are formed around the openings on the façade and the interior walls, as
the seismic action is applied in the +X direction. Diagonal shear cracks appear on the interior
walls parallel to the facade in the direction of the seismic action, while vertical cracks develop
above the openings due to bending of the spandrels. For the pushover analysis in +Y direction,
the lateral walls start to present damage with shear cracks starting from the lower floor level
and progressing throughout the walls.
Regarding the pushover analysis in the direction parallel to the façade (+X), first, the shear
cracks appear on the walls of the ground floor, causing a local out-of-plane mechanism of the
perpendicular lateral wall. After the continued opening of these cracks, the collapse of the
structure happens as a result of the shear failure of the interior walls on the ground floor. This
mechanism is caused by the presence of bigger openings in these walls. In the other direction
(+Y), the collapse mechanism is due to the shear failure of the lateral load-bearing walls. The
lateral patios present discontinuity of the lateral walls and thus decreases the capacity of the
structure.
Figure 10 presents pushover capacity curves in terms of horizontal acceleration against
horizontal displacement at the roof level. The difference in the seismic capacity of the buildings
is 5% and 40% for the pushover analyses in +X and +Y directions, respectively. The response
of the building in the +X direction (parallel to the façade) differs significantly from the response
in the +Y direction (perpendicular to the façade). In particular, the structure in X direction is
more flexible due to the presence of more openings on the façades and the interior walls.

reference model
representative model
0

0.02

0.04

0.06

Horizontal displacement (m)

0.45
0.4
0.35
0.3
0.25
0.2
0.15
0.1
0.05
0

Horizontal acceleration (g)

Horizontal acceleration (g)

0.45
0.4
0.35
0.3
0.25
0.2
0.15
0.1
0.05
0

0.08

reference model
representative model
0

0.02

0.04

0.06

Horizontal displacement (m)

0.08

Figure 10: Capacity curves of the representative and the reference model: pushover +X direction (left) and
pushover +Y direction (right)

As it was mentioned previously, the representative model considers some typical
characteristics and heterogeneities of the presented building taxonomy. Thus, it presents a
distinctive seismic behaviour than the one of the reference model. This is due to the differences
in the width and height of the buildings, and the changes in the size of the openings on the
ground floor. As a comparison with the reference model, the seismic capacity of the
representative building is much different in the +Y direction as a result of the presence of the
lateral patios. This building typology shows lower capacity in the +Y direction, but it presents
higher displacements in the direction perpendicular to the façade.
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0.3

Horizontal acceleration (g)

Horizontal acceleration (g)

Parametric analysis has been carried out to evaluate the different seismic response of the
representative building by adding more storeys in height (changing the total height of the
building). Figure 11 illustrates the capacity curves from the parametric analysis.

0.25

0.25

0.2
0.15

0.2

0.15

0.1
5 floors

0.05
0

0.3

0.02

0.04

0.06

Horizontal displacement (m)

5 floors
7 floors

0.05

7 floors
0

0.1

0.08

0

0

0.02

0.04

0.06

Horizontal displacement (m)

0.08

Figure 11: Parametric analysis - addition of floors in the representative building: pushover in +X direction
(left) and +Y direction (right)

The results of the parametric analysis related to the addition of floors to the representative
building demonstrate the influence of the total height in the seismic response of this typology.
As anticipated, the seismic capacity of the higher buildings is decreased and they are more
vulnerable. It can be observed a difference of 20% between the capacity of the models of 5 and
7 floors in the direction perpendicular to the façade (+Y). The height is one of the many
parameters mentioned in the building taxonomy that are an apparent source of vulnerability
regarding these typical unreinforced masonry buildings.
12 CONCLUSIONS
The results of this preliminary study can be summarized in the following:
A detailed building taxonomy, considering all the parameters that may influence on
the seismic vulnerability, is a necessary step for the purpose of selecting representative
buildings and variants to be analysed into more detail by means of numerical methods.
The numerical models can aid to a better understanding of the seismic performance of
representative buildings. Certain structural irregularities may produce a significant
increase of the seismic vulnerability. Among these are the presence of big openings on
the ground floor, central and lateral patios and different height levels.
The analysed cases showed a typical shear failure with diagonal cracking in walls
parallel to the action of the earthquake equivalent loads. Comparisons were made
among different models by varying some structural parameters. The numerical results
afforded satisfactory predictions of seismic response and the influence of the building’s
structural characteristics.
Future works will focus on the investigation of the influence on the seismic
performance of other heterogeneities or irregularities not yet considered in the analyses
but identified as relevant in the building taxonomy.
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Abstract. The ground motion vertical component is generally ignored in the analysis of
ordinary building structures, even though observed damages after last earthquakes highlighted
its marked influence especially on the response of masonry structures. In the present research
work, the effect of ground motion vertical components in case of near-source excitations has
been analysed. The investigation has been made on the Banloc Castle, a historical masonry
building damaged by the Banat-Voiteg earthquake occurred on December 1991 in the Region
of Banloc in Romania. A FEM model of the building, setup with the DIANA FEA analysis
software, has been investigated in the non-linear dynamic field. In particular, the records have
been referred to the Banloc site, located 7.01 km far from the epicentre with a moment
magnitude Mw=5.5 and a focal depth of 9 km. The behaviour of the ground motion components
has been characterised by the V/H peak ground acceleration ratio. In order to estimate the
influence of the vertical seismic motion in terms of both displacements and stress regime, two
different scenarios have been analysed. The first scenario has taken into account the horizontal
component only, whereas the second one has analysed the simultaneous effects of three
components of the seismic action. Finally, numerical damage patterns have been plotted aiming
to simulate the real cracks detected in the case study after the considered seismic event.
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1

INTRODUCTION

The existing unreinforced masonry (URM) buildings are typically identified as "potentially
at risk" structures since, during an earthquake, they are not able to resist the simultaneous
actions due to horizontal and vertical inertia forces. In general, the seismic design codes dealing
with masonry structures take into account the effects of horizontal actions only, completely
neglecting the vertical component of the design ground motion [1-5]. This circumstance is
particularly relevant in case of near-field events, where the vertical actions are much more
influential than the horizontal ones. In this framework, the studies proposed in [6] showed the
relevance of the vertical component for seismic events, called near-field or near-source
earthquakes, which are characterized by small site-source distances.
Generally, the vertical component of ground motion is mainly associated to the arrival of
vertically propagating compressive P-waves and secondary shear S-waves. However, the
propagation direction of volume waves (P and S) is not influenced by the site geology, but by
the site distance, the fault type and the magnitude. In these circumstances, it is evident that the
effects induced by the ground motion vertical component are prominent in areas characterized
by high hazard level. Therefore, they should be appropriately considered in the seismic
behaviour analysis of existing masonry buildings.
Other studies [7, 8] have analyzed the behaviour of masonry buildings subjected to vertical
seismic actions, asserting that the vertical component of the ground motion in epicentre areas
characterized by a Joyner and Boore distance (Rjb <30 km) causes a variation of the axial stress
regime in the walls. Consecutively, the dynamic amplification due to soil stratigraphy leads to
a reduction in terms of the shear capacity of structural resistant elements, which show a deficit
in terms of resistance, stability and ductility.
In this framework, focusing on the Banat-Voiteg seismic event occurred on December 1991,
the Castle of Banloc has been selected as a case study. In order to take into account the influence
of vertical accelerations on the seismic capacity of the examined building, non-linear dynamic
analysis have been carried out considering the ground motion records representative of the
earthquake occurred in that region. The displacements and stress regime have been analysed in
order to point out the influence of vertical component. Finally, the damages achieved from
analytical modelling have been presented, discussed and compared to the really detected ones.
2 SEISMICITY OF THE BANAT REGION
The Banat region is characterized by an important seismic activity observed in the years
from 1991 to 2014. The main records have been obtained by the INCERC seismic network
(Banloc Town-Hall and Timisoara stations) during the 1991 Banat earthquakes. In particular,
the accelerometer records taken by INCERC for the cities of Timişoara and Banloc provided
earthquakes with the following characteristics: (i) relatively short duration of 9-24 s and (ii)
significant spectral values in the range 0.1-0.3 s, which extends up to 0.7 s for the Timişoara
record and up to 1.2 s for the Banloc one.
Focusing on the event recorded in the city of Banloc, it is characterized by a reduced sitesource distance (7.01 km far from the epicentre), which makes it as a near-source event. This
event has showed an impulsive and high vertical peak acceleration of 1.2863 ms -2, a focal depth
of 9 km, a moment magnitude, Mw, of 5.5 and an intensity, I, of VIII according to Mercalli
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Intensity Scale (MCS).
The data provided by the SM-ROM-GL Earthquakes DB [9] related to the 1991 event
occurred in the Banat Region are shown in Table 1
Table 1: Reference event occurred in the Banat seismogenic zone in December 1991.

Earthquake
Banat-Voiteg

Date
1991/12/02

LatN
45.45

LongE Depth - h (km)
21.12
9

Mw
5.5

Station
BNL1

Furthermore, the ShakeMap of the event occurred and the geolocation of the city of Banloc
are shown in Figure 1.

(a)
(b)
Figure 1: ShakeMap of the Banat-Voiteg event (a) and geolocation of the city of Banloc.

3 CASE STUDY STRUCTURE
3.1 History of the Banloc Castle
The Banat Region was released in 1716, when it was under Turkish rule, by the MarshalAustrian-Prince Eugene of Savoy Feld and was incorporated into the Habsburg Empire as a
military province. Turkish domination destroyed the last vestiges of Western civilization and
Austrian rulers had no concerns other than military ones. This is why Banat is poor in historic
buildings, both in villages and in cities. In 1759 the construction of the castle of Banloc was
completed.
The Castle of Banloc (Figure 2) is the most important monument of the municipality. It is a
massive building with a "U" plan built in the early nineteenth century. The main façade faces
south, while on the opposite side the two wings border a terraced courtyard. The castle is a
massive historical masonry building with very heavy perimeter brick walls, having generally
thickness of 0.90 m, while the internal walls, made of the same material, have thickness of 0.80
m.
On the top, vaulted ceilings with thickness of 0.25 m are present. The inter-storey heights
of first and second floors are 4.00 m and 5.70 m, respectively. The roof is solid and robust, with
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a timber supporting structure, whose construction technique was frequently used in the Banat
region.

(a)
(b)
Figure 2: Castle of Banloc: (a) external view and (b) architectural plan layout.

3.2 Damage recognition after 1991 Banloc earthquake
The Banloc earthquake, occurred on 1991 December 2nd, was a very significant event in the
seismic historicity of the Banat region. It is characterized by a focal depth of 9 km. The released
seismic energy produced a magnitude (M w) of 5.5 on the Richter scale. This earthquake can be
classified as a medium-deep geological event. It caused slight damages to new designed
structures, but several masonry buildings in the area were characterized by very serious
damages, also with partial collapses. Referring to the case study building, the damage was
detected through on-site inspections after the earthquake occurred. The achieved postearthquake damages are presented in Figure 3.

(a) – North façade

(b) – West façade

(c)
(d)
Figure 3: Damage reconnaissance on the study Castle after 1991 Banloc earthquake: (a, b) external façade; (c)
first floor room; (d) second floor room [19].
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As it is seen from the previous figures, the higher damage has been localized in the vaults,
which are elements characterized by large spans and resistance lower than that of vertical
structures (Figures 3c and 3d). In particular, the cracks in the vaults are attributable to the
impulsive vertical component, which produced very extensive damages. Contrary, vertical
structures were affected by shear (sliding or diagonal) mechanisms induced by horizontal
seismic components with widespread cracks.
4 NON-LINEAR DYNAMIC ANALYSIS
4.1 Ground motion characterization
The accelerograms adopted are representative of the event occurred in Banloc in December
1991 considering the BNL1 seismometric station [9]. The accelerations are characterized by
maximum components in X direction of 0,08g, in Y direction of 0,13g and in Z direction of
0,13g (Figures 4a and 4c). The seismic phenomenon can be defined of near-source type, since
the city of Banloc is located approximately at 7 km from the epicentre.
Furthermore, in order to contextualize the induced effects of the vertical component on the
global vulnerability of the building, a 6 seconds time history has been considered. This choice
is supported from the fact that, on one hand, in the first 6 seconds all the seismic energy input
is concentrated, and, on the other hand, the analysis elaboration time is short [10].
In addition, the elastic spectra have been derived from the recorded accelerograms and have
been processed with the Seismosignal software [11]. Consecutively, the spectral ratios between
vertical accelerations, V, and the corresponding horizontal ones, H, in case of near-source
ground motions recorded on soil type C, have been depicted in Figure 4d. These results have
shown how the vertical component effects are more evident for earthquakes, characterized by
small site-source distances, exceeding the V/H limit of 2/3 proposed by [12]. This condition
shows that for short periods (around 0,2 seconds), the V/H ratio is greater than 1 [6].

(a)

(b)

(c)

(d)
Figure 4: Accelerograms of the Banat-Voiteg seismic event in all directions (a-c) and V/H spectral ratios for
near-source records.
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4.2 Time-history analysis
Time-history analysis provides a global assessment of the castle dynamic structural response
varying specified ground motion accelerograms. The implementation of the model was set -up
using the DIANA FEA software [13], where the structure has been modelled as set of
interconnected shell elements (Figure 5).

(a)
(b)
Figure 5: 3D-shell element model (a) and selected monitoring points (b).

Masonry has a non-linear response and manifests a nonductile post-peak softening
behaviour; to this purpose, tensile stresses are assumed to diminish exponentially, while
compression combines hardening and softening parabolic phases according to [14, 15]. Based
on this assumption, in Table 2 the mechanical properties adopted in the analysis for the case
study building have been shown.
Table 2: Mechanical properties of masonry.

Mechanical Properties
Modulus of elasticity
Shear modulus
Compressive strength
Tensile strength
Specific weight
Poisson ratio
Fracture energy (compression)
Fracture energy – Mode I (tensile)

E [N/mm2]
G [N/mm2]
fm [N/mm2]
τ0 [N/mm2]
w [KN/m3]
ν [-]
Gfc [N/mm]
Gft [N/mm]

1500
500
2.40
0.24
18
0.20
4.64
0.012

The results obtained have been represented, for the two scenarios considered, namely (H)
and (H+V), in terms of dispersion of both displacements and resistances. They are referred to
the centroid of the second floor as monitoring point and are summarized in Figure 6. Concerning
displacements and strengths regime, positive and negative values of the points cloud denote the
change of direction induced by the seismic input with respect to the straight line with equation
x=y (bisector). Furthermore, in order to better highlight the influence of the vertical component,
the upper (y=0,5x) and lower (y=2x) bounds of the dispersion range have been considered. In
this way, the greater scatter with respect to the bisector, the larger effect of the ground motion
vertical component [6].
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(a)

(b)

(c)

(d)
(e)
(f)
Figure 6: Scatter results in terms of displacements (a-c) and base shear (d-f).

From results obtained, it is possible to notice how the vertical component provides a
variation of the displacements regime in vertical direction. Furthermore, regarding the str ength
regime, the effect of ground motion in vertical direction is more considerable and, therefore,
the scatter associated is more marked. Consequently, in order to better contextualize the
impulsive effect of the vertical seismic action, a time step of 2 seconds has been considered.
This choice has been done since in the first two seconds the vertical component effect, which
releases all its energy input, is maximized. So, for the sake of representation, considering (H)
and (H+V) scenarios, the differences detected in terms of both shear [16] and axial demands
for one of the most stressed pier of the West façade have been assessed. The achieved results,
plotted according to the recommendations provided by EC8 [17], are shown in Figure 7.

(a)
(b)
(c)
Figure 7: Safety checks for shear stresses (a-b) and axial loads (c) in case of (H) and (H+V) scenarios.

Firstly, in Figures 7a and 7b, it is possible to notice how the seismic vertical component in
the two main directions, X and Y, does not produce any significant stress variation for both
considered scenarios. Secondly, in Figure 7c, it is shown how the vertical component produces
a significant increase in terms of axial load. In fact, at time step of 1.55 seconds (which
corresponds to the maximum peak vertical acceleration), the difference between (H) and (H+V)
is very high (more than two times). Moreover, it is detected that the axial load demands exceed
averagely the corresponding tensile capacities (Nrd,t) of 2 times.
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4.3 Experimental-numerical damage comparison
The reliability of the implemented numerical model is strictly based on the reproduction of
the damages really achieved [18]. The damages detected by means of in-situ inspections after
the Banloc earthquake are characterised by a widespread distribution of cracks, that affect the
vertical and horizontal structures and produce globally the structure deterioration.
In particular, several failure mechanisms closely related to the seismic event were identified.
More specifically, in the first two seconds of the time-history, the maximum vertical peak
acceleration produced an extensive damage in the vaults, characterized by a brittle behaviour
(Figure 8) [19].

Figure 8: Damages detected in the second-floor vaults mainly due to ground motion vertical component [19].

Consecutively, following the impulsive action, the arrival of the horizontal components
produced damage to the vertical structures, mainly in the spandrel beams due to the formation
of shear failures, as shown in Figure 9 [19].

Figure 9: Vertical and diagonal shear cracks detected in the South façade of the case study building [19].

Finally, in the internal court of the building, a partial collapse of the roofing structure was
observed. This collapse mechanism was triggered by the impulsive seismic action, as depicted
in Figure 10 [19].
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(a) – left view
(b) – right view
Figure 10: Failure mechanisms observed in the internal court of the case study building [19].

The damages achieved from numerical analyses have been presented and compared to
experimental ones in Figure 11.

(a)

(b)
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(c)
Figure 11: Numerical damages obtained simulating the Banloc-Voiteg event and comparison with experimental
evidences.

From the above comparison, it appears that the non-linear analysis identified local damages
very similar to those produced by the earthquake. The identification parameter used to evaluate
the damage state in the numerical analysis is the tensile fracture energy (Gf), according to
which, when the maximum principal stress reaches the defined cracking criterion, the fracture
begins to distribute in the structural element. In particular, the numerical model catches in a
satisfactory way the detected local damages and failure mechanisms, providing, as depicted in
Figure 11, the right distribution of Principal Total Strain (E1).
5 CONCLUSIONS
The proposed work has analysed the effects induced by the vertical earthquake component
on a historic masonry building located in the Romanian region of Banloc. The seismic event,
occurred in December 1991 with a moment magnitude of 5.5, was characterised by a small
(about of 7 km) site-source distance. This impulsive event was identified by a seismic
directivity, low frequency content and maximum PGAs comparable in vertical and horizontal
directions. The accelerometric records were used to perform non-linear dynamic analyses on
the case study building modelled with the DIANA FEA software using shell elements.
The effects of the ground motion vertical component were evaluated considering the
comparison between two different scenarios: the first, named H, where only horizontal
acceleration components were considered, and the second, called H+V, where also the vertical
components were taken into account. The main results are summarized as follows:
− The considered record, due to the combination of high magnitude and short site-tosource distance, had high energy in terms of vertical component.
− There was a dispersion of the displacements induced by the vertical component in
the first two seconds of the time-history, since the impulsive action releases a high
input energy in that time period.
− In the first two seconds of time history, where the maximum vertical energy content
of the seismic motion occurred, the comparison of the two scenarios (H and H+V) in
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terms of stress regime was done. In particular, in terms of shear strength the vertical
component does not produce any significant variation of results in the two-analysis
directions. Conversely, referring to the axial stress regime, the vertical component
induces a considerable increase of axial tensile loads, which exceeded averagely the
corresponding tensile capacities of about 2 times.
− The numerical damage assessment was carried out considering the Principal Total
Strains (E1), which take into account the overcoming of the tensile fracture energy
in the structural elements. The numerical analysis results provided with satisfactory
accuracy the same damage mechanisms really detected in the castle, namely cracks
in the vaults (produced by vertical components) and vertical structures (mainly
caused by horizontal components), as well as the out-of-plane horizontal bending
mechanism in the façade facing the courtyard, which was produced by the partial
collapse of the roofing structures.
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Abstract. Several seismic events have demonstrated the vulnerability of masonry
churches. The long seismic history of the Italian territory has provided materials to observe
and to study the structural performance of churches. Since the 1976 Friuli earthquake many
studies have contributed to the definition of specific damage and vulnerability assessment
methods for churches, based on the identification of macro-elements and kinematic
mechanisms. In this context, the paper presents the application of a vulnerability assessment
methodology developed and currently applied in Italy to a case study representative of the
néo-roman church typology in Montreal, Québec. The study is part of a collaborative project
between Politecnico di Milano and École de Technologie Supérieure of Montreal. The
relevance of such a study derives from the moderate seismicity of Montreal associated to a
high density of churches. Starting from a previous inventory of 108 churches in Montreal
Island, the Néo-roman church typology was selected to be investigated. Specificities of this
typology are the position of the bell tower in the middle of the façade and the interaction
between the timber structure and masonry walls. This combination between the façade and
bell tower macro-elements requires to reconsider the mechanisms associated to these
elements in the original reference method. A detailed survey of the roof and bell tower timber
structures of a néo-roman church was done, and a three-dimensional numerical model was
developed for a better understanding of this type of structure. Modal analysis of a global
model was then carried out and the first results of the modal shapes discussed.
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1

INTRODUCTION

Churches are distinctive features of the urban and landscape scenarios. In seismic prone
areas, their existence is frequently put at risk: unreinforced masonry churches have shown
worldwide their seismic vulnerability [e.g. 1-4], due to their proper characteristics such as the
presence of tall and little restrained walls of the nave, arches and vaults, large openings, and
overhanging elements (e.g. gables, bell towers, pinnacles, statues…). Damage mainly occurs
with recurring patterns in the different elements that compose the church, or macro-elements.
Crack lines separate masonry blocks that eventually may develop a kinematic chain bringing
to local collapse. Several decades of earthquakes and damage observations have brought to
define for churches the most frequent damage -or limit- mechanisms [e.g. 5]. At the actual
state of knowledge, an abacus of 28 such mechanisms has been developed in Italy, where it
constitutes a reference for damage recognition and seismic vulnerability assessment
campaigns [6,7]. The literature provides several examples of applications of this
methodology, especially in damage surveys in the major earthquakes that arrived in the last
decades, as L’Aquila (2009) [8,9], Emilia-Lombardy (2012) [10], and Central Italy (2016)
[11,12].
In 2018-2019, a collaborative research project between Politecnico di Milano and École de
Technologie Supérieure in Montreal started, in order to test the applicability of the Italian
seismic vulnerability assessment methodology to the churches of Québec. The basic question
was to detect possible local construction characteristics that could require modifications of the
original procedure or its extension for this new territory. An inventory of 108 churches for the
island of Montreal had been prepared in 2009 [13]. The seismic risk level of the area
concerned is high even though the seismicity is moderate. This is justified by the high density
of buildings and the presence of several unreinforced masonry churches. Starting from the
inventory of 108 churches, for a selected subset, a detailed survey was carried out also to sort
out possible territorial specificities, intended as the typical characteristics which are subjected
to significant changes from one territory to another [14]. Four principal typologies were
identified, and some initial considerations were formulated [15]. Here, the objective is to
present results from a case study for the Néo-roman typology, also pointing out some
difficulties in applying the Italian methodology to churches from this territory and the need
for its updating with local characteristics.
2 SEISMIC VULNERABILITY OF CHURCHES
In Italy, the long seismic history and the collection of damage data after each earthquake
since the Friuli earthquake of 1976 have provided a large amount of material for the study of
the seismic damage and vulnerability assessment. Since the first steps moved in 1994 by
Doglioni et al. [5], 28 possible failure mechanisms have been identified as the most recurrent
in the Italian churches. This set is today a reference for two principal actions of assessment,
that is:
- Damage assessment after an earthquake. In Italy such procedure was made official in
2006 and a specific form for damage survey of churches was issued [6].
- Rapid vulnerability assessment, in a prevention perspective. Possible initial damage,
presence or absence of seismic protection devices, unfavorable conditions are pointed
out and an evaluation of the vulnerability level of the asset is expressed. A detailed
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procedure is recommended by the Ministry of Cultural Heritage (MiBACT) [7].
In both cases, the assessment procedure is qualitative, and the result based on suitable
reference scales. The basic assumption is that the masonry quality is sufficiently high to form
monolithic blocks defined by fracture lines, acting as rotation hinges [16, 17]. When structural
verification is required, limit equilibrium analysis may be performed for out-of-plane
mechanisms, yielding the corresponding lateral force level.
The method of damage mechanisms is supported by extensive observational data, but it has
been verified as well by more sophisticated models and analyses. Finite element models,
usually requiring significant computational effort, may be adopted to follow the global
behavior and the evolution of damage, often pointing out local damage situations that may be
amenable to mechanisms. [i.e.18]. Where the global model evidences a local damage
concentration, detailed local models may be performed defining suitable boundary conditions.
This is often the case of the façade macro-element, highly subjected to damage and
extensively investigated [i.e. 19].
3

SEISMICITY OF QUÉBEC AND HISTORICAL DAMAGE TO CHURCHES

The province of Québec, in the Eastern part of Canada, is characterized by a moderate
seismic hazard, except for the Charlevoix area, considered the most seismically active region
[20]. Among the three seismic zones of Québec, Montreal is located in the so-called Western
Québec Seismic Zone (figure 1).

Figure 1 Principal seismic areas of east Canada: the west Québec (in the map ‘Ouest du Québec’),
Charlevoix, and Bas Saint Laurent. Montreal is in the west Québec zone (red arrow) [20].

The seismic hazard combined with the vulnerability of the churches evidences a considerable
damage risk and points to the importance of a preventive action, including a seismic
vulnerability analysis of this building typology. Indeed, just in the island of Montreal a total
of 108 catholic churches have been inventoried in 2009 [13].
Table 1 provides an overview of the historical seismicity of the province. Major earthquakes,
which struck Québec from the 17th to the 21st century, are listed in the table together with the
damage suffered by churches and other unreinforced masonry structures. A territorial aspect
to be considered in reading this table is the fact that before the end of the 17th century most of
the buildings were realized in timber. It is in consequence of the major fires occurred in 1682
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(Québec) and 1720 (Montreal) that masonry construction was enforced inside the fortification
walls of the cities by Intendant Dupuy of Nouvelle France. Little photographic documentation
is available on recent church damage compared to the extensive documentation collected in
Italy after the systematic studies performed on the topic.
Table 1 Historical church damage in Québec [21]
Year
1663

Magnitude Mw
(*Estimate)
7*

1732

5.8*

1791

6*

1860

6*

1870

6.5*

1925

6.2

1935
1988

6.1
5.9

Témiscamingue
Saguenay

2010

5.0

Val des Bois

4

Region
CharlevoixKamouraska
Montréal
CharlevoixKamouraska
CharlevoixKamouraska
CharlevoixKamouraska
CharlevoixKamouraska

Reported damage to churches and unreinforced
masonry elements
Nonstructural damage to churches / Collapse of
chimneys
Bending of bell towers / Light damage to houses /
Failure of chimneys
Damage to 3 churches
Failure of one bell tower and wall cracking
Severe damage to 2 churches: Collapse of the portal and
part of the vault, cracking of walls
Collapse of one church (out of plane failure of lateral
walls and roof collapse) / Severe damage to 2 churches:
Falling of blocks of bell tower, out of plane failure of
unreinforced walls, shear cracking, / Collapse of
chimneys / Severe damage to masonry houses
Damage to 80% of chimneys and masonry walls
In-plane shear failure of unreinforced masonry walls
and infill, and cracking at opening corners / Out of plane
failure of unattached partition walls and masonry
claddings / Damage to churches (out of plane failure of
façade) / Cracking of foundation masonry blocks /
Damage to chimneys
Damage to chimneys and out of plane failure of a
church gable

CONSIDERATIONS ON THE IDENTIFIED TYPOLOGIES

During a collaborative project between Politecnico di Milano and École de Technologie
Superieure of Montreal some churches from the sample of 108 have been surveyed in detail,
identifying among them four main typologies: the Baillargé (1790-1820), the Conefroy (from
1800), the Néo-roman (1880-1930), and the Italian baroque (second half of 1800) (figure 2).
Some initial considerations on the seismic vulnerability related to these typologies were
expressed and detailed in [15] and are summarized here.
From a first screening of the visited churches it was possible to observe that among the
inspected cases there is no use of seismic protection provisions and devices, such as tie rods.
Only one case, the church of Notre Dame de Bon Secours, shows these elements. The church
is classified as ‘A’, according to the regional scale of value of protection and conservation
elaborated by the Council of the Religious building stock of Québec [22]. A seismic
vulnerability assessment of these churches was performed recurring to the rapid procedure
based on the abacus of 28-mechanism outlined in section 2 [7]. It was observed that the direct
applicability of the Italian methodology to the Québec churches is impractical, due to the

3596

G. Sferrazza Papa, M.-J. Nollet, M.A. Parisi

territorial specificities of the churches. With respect to this condition, the category that
showed to be more easily interpretable recurring to the Italian methodology is the so-called
Italian baroque, for which the major vulnerability is associated to the gable macro-element.
This portion of the façade, indeed, appears highly soaring and without any devices retaining it
from overturning. For what concerns the other three identified typologies, the common aspect
that stands out is the combined use of masonry and timber. The first is employed for the box
structure of the church composed by the main walls and the second is used for the nave
columns system, where a colonnade is present, the bell tower, and the roof structure. In all
cases, the macro-elements supposedly most involved in case of earthquake are the façade, the
bell tower and the lateral walls of the nave.
In the Baillargé typology, the façade interacts with two bell towers without being directly
connected with the lateral walls of the nave, and at the same time creating a massive portion
of structure with an atrium area. This configuration requires a deeper and specific
investigation for a thorough understanding of the seismic response.
In the Conefroy typology, the façade is characterized by a hut shape with a series of openings.
The bell tower does not interact with the roof structure, but it occupies an unusual position
compared to the common Italian cases. It is located a step back from the façade plane.
Understanding its structural behavior together with the transversal response of the nave
requires a deeper analysis. These two aspects could lead to reconsider and possibly increment
the 28 Italian mechanisms tailoring the set for Québec on the ground of these territorial
specificities.
In the Néo-roman typology, the façade is discontinuous, with the bell tower at the center. This
is a determinant aspect in the structural response, influenced by the tower position and height.
Moreover, in the visited churches, recurring crack patterns were observed in the lateral walls
of the nave and in the façade plane in proximity of the bell tower, as well as near openings,
suggesting the development of specific damage mechanisms.
This typology was, thus, chosen as the first to be investigated in more detail.

a.
b.
c.
d.
Figure 2 Main typologies identified in the island of Montreal: a. the Baillargé; b. the Conefroy; c. the Néoroman; d. the Italian baroque.

3597

G. Sferrazza Papa, M.-J. Nollet, M.A. Parisi

5

THE NÉO-ROMAN TYPOLOGY: A CASE STUDY

Direct application of the above-mentioned assessment procedure to the Néo-roman church
typology appeared problematic because of the position of the bell tower, which is considered
as a separate body in the original reference mechanisms. The mechanisms proposed for these
two macro-elements by the abacus, reported in the following list and in fig.3, do not consider
their interaction:
- Mechanism 1: overturning of the façade (figure 3a);
- Mechanism 2: overturning of the upper part of the façade (figure 3b);
- Mechanism 3: in-plane failure of the façade (figure 3c);
- Mechanism 27: failure of the bell tower along the height (figure 3d);
- Mechanism 28: failure of the upper portion of the bell tower (figure 3e).

a.
b.
c.
d.
e.
Figure 3 Mechanisms associated to the façade and bell tower macro-elements: a. Mechanism 1; b.
Mechanism 2; c. Mechanism 3; d. Mechanism 27; e. Mechanism 28.

The Néo-Roman church of St. Joseph des-Prairies in Montreal was chosen for a case study.
The church dates back to 1875-1876. Its tall bell tower constitutes a reference point for the
neighborhood in the north of Montreal island. Visible from far away in the natural landscape
(figure 4), it confirms the importance of the preservation of such elements for the urban
scenario. Indeed, Montreal was defined the city of the 100 bell towers [23].

Figure 4 Bell tower of St. Joseph visible from far away in the landscape.

The main body of the church is isolated from the presbytery and it is composed of the nave
and the apse, and in the back side, of the sacristy (figure 5).
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Figure 5 St. Joseph: the church and the presbitery

The façade of this church has a distinguishing aspect. The bell tower, which interrupts the hut
shape of the façade at the middle, is flanked by a pair of buttresses (figure 6a). The curtain
walls of the church are made of stone masonry. Multi-leaf walls are connected one to the
other through well-defined stone blocks (Figure 6b). This solution was frequently observed in
the inspected churches and, therefore, it has been identified as a territorial specificity.

b.
a.
Figure 6 The exterior of the church: a. The principal elevation; b. The detail of interconnection between
walls.

The church has three naves with a timber colonnade that, giving rhythm to the space of the
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nave, supports the roof structure together with the lateral walls of the nave (figure 7). An
overhanging deck, called “jubé”, hosting the choir and, as in most of the churches, the organ,
characterizes the space of the church entrance.

a.
b.
Figure 7 The configuration of the structure of the church: a. Colonnade of the nave and jubé; b. Transversal
section of the church.

In order to interpret the structural behavior, also a detailed inspection of the roof and bell
tower area was performed. This action was a fundamental step to understand the complexity
of the structure of roof and bell tower and the interrelation with the masonry box, which
brought to elaborate a complete three-dimensional model (figure 8) [24-26]. This has
constituted the basis for a finite element model. During the survey, it was possible to observe
the state of conservation of the timber roof structure, the connection between timber elements
and between timber elements and masonry, and to detect the presence of existing cracks that,
in case of earthquake, could be the starting point of damage and mechanism development.

Figure 8 Three-dimensional geometrical model of St. Joseph.
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5.1 Structural analysis
A finite element model was elaborated in Abaqus [27] to investigate the global structural
behavior of the church. A first stage of the study concerned the masonry structure, with the
aim at understanding the role of the main structural elements on the response. At this step,
linear analyses were implemented, while non-linear analyses were not performed due to the
lack of extensive damage data, as it occurs in the Italian territory. Indeed, such comparison
would allow the calibration of the results, considering them reliable. A mesh of over 36000
tetrahedral elements was developed, with two elements in the thickness of the walls (figure 9).

Figure 9 Tetrahedral mesh of the global model of St. Joseph.

The heterogeneity of the masonry was neglected in the model and an equivalent homogeneous
isotropic material was defined, with the following properties: Young’s modulus E= 2200
MPa, and weight density w = 20 kN/m3. The contributions of the roof and the bell tower were
included in the model considering the mass of the wood structure, with weight density w = 4.5
kN/m3.
Figure 10 shows the first most significant modal shapes and the relevant natural periods for
the longitudinal and transversal directions of St Joseph.
The first and the fourth mode involve mainly the façade in its upper portion, which, in the
Néo-roman church, is also part of the bell tower. The second and third mode, on the contrary,
develop mainly in the lateral nave walls. The out-of-plane mechanism of the nave wall top
seen here corresponds to a very frequent situation in the Italian multi-nave churches and as
such it is represented in the abacus of typical mechanisms. It may be applied here as well. In
this case, however, it would be worth investigating further the role of the roof structure. In
the Italian case its interaction is often considered as a cause of failure. In this case, the roof
structure is important, as seen in fig. 8. The lateral stiffness it offers to the nave walls may
produce a retaining effect limiting the development of such mechanism and in general may
foster a collaborative behavior among walls in the nave and in the apse area. This effect must
rely on efficient connections between timber elements and walls. The quality of construction
and conservation observed for the timber structure during the survey seem to confirm this
assumption. Numerical evaluation of complete models is in progress.
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The main characteristics of this Néo-Roman church reside in the bell tower and the façade.
Contrary to the assumption of interaction of the roof structure with the façade that is made
very frequently in the Italian cases, often ascribing to roof pounding the damage produced at
the tympanum top, the Canadian case has no connection between the two. The fundamental
modal shape, as well as the third mode, recall what is probably the most frequent mechanism
listed in the abacus, i.e. the bending failure of the façade top. The assumption of full
connection of the façade with the nave walls in the numerical model is confirmed by the
careful execution of the masonry at the corner as in fig. 6.b, which inhibits a full rotation of
the façade limiting the mechanism to the upper part. The presence of the timber structure of
the bell tower, which in this first phase has been considered only as applied mass, is under
investigation to detail better the façade top mechanism, which appears as the dominating one
for this church typology.

Mode 1
T= 0.47s

Mode 2
T= 0.21s

Mode 3
T= 0.21s

Mode 4
T= 0.15s

Figure 10 First modal shapes with the corresponding period .

6

CONCLUSIONS

The seismic vulnerability of churches is a well-known problem in the preservation of
cultural heritage. The seismic damage documented for the churches in Québec and their
numerousness elicited studying the seismic behavior of one of the identified church
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typologies, the Néo-roman.
Starting from an assessment procedure developed for churches in Italy, a case study has given
indication of local construction characteristics that influence the seismic behavior; this
information may be used to increment the original reference damage mechanisms extending
the procedure in order to its application in a different territory.
Additional analyses concerning the timber elements and their interaction with masonry as
well as more advanced material behavior are in progress.
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Abstract. The meaningful seismic events occurred in Italy in the last decades showed the
high vulnerability of monumental buildings and in particular of churches. In order to
preserve such a precious heritage, operations aimed at the seismic risk mitigation based on
the definition of suitable vulnerability assessment procedure are necessary. The high hazard
of the Italian Peninsula and the huge amount of ecclesiastic buildings located in the exposed
territories, stress the need to face the problem with innovative large-scale approaches. In this
study, an architectural-engineering integrated procedure for the seismic assessment of
existing masonry churches at a regional scale is proposed. Based on accurate historical
investigation of typical Abruzzi churches, a typological characterization has been established,
aimed at recognizing the common geometrical and constructive features of two types of
medieval churches widespread in this area. Then, a numerical analysis has been carried out.
In particular, by assuming simplified modelling hypotheses, two FE models representative of
significant real cases have been implemented in Abaqus. By the elastic analyses, the main
collapse mechanisms and the corresponding activation seismic accelerations have been
determined. The obtained outcomes show an acceptable correspondence with the actual
seismic damage revealed on similar churches in the aftermath of last seismic events,
corroborating the reliability of the adopted integrated approach.
1

INTRODUCTION

Due to the geographical location and the complex tectonic system, the Abruzzi is one of
the most earthquake-prone area in Italy. The dramatic impact of the last seismic events (i.e.
L’Aquila 2009 and Central Italy 2016-17) highlighted the strong exposure of such area and
the high fragility of the relevant architectural heritage, with particular reference to the
historical masonry churches.
The above remarks emphasise the necessity to plan effective strategies at territorial scale
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for a preventive framework, based on the definition of suitable large-scale vulnerability
assessment methodologies, aimed at estimating the hypothetical consequences of a seismic
event [1-4]. In this perspective, a seismic risk assessment should require a multidisciplinary
approach taking into consideration not only the immediate structural issue, but also the
influence of the architectural and geometrical features of the investigated constructions on
their seismic behaviour [5, 6].
In this paper, a brief overview of the historical and typological characterization of the
Abruzzi ecclesiastic architecture is presented, focusing on two of the most common types of
medieval churches, namely the Benedictine and the Franciscan typologies. Then, a numerical
investigation is carried out by assuming simplified modelling hypotheses concerning the
thickness of the structural elements, the roofing systems and the mechanical properties of the
materials. Finally, a comparison between the outcomes of the simplified elastic analyses and
the actual damage scenarios observed in the aftermath of the L’Aquila (2009) and the Central
Italy (2016-17) earthquakes is presented, allowing to prove the reliability of the proposed
approach.
2 RELIGIOUS ARCHITECTURE IN ABRUZZI
2.1 Historical basis
The historical investigation of the religious architecture of Abruzzi starts from the Middle
Ages, with the construction of some important Benedictine monasteries at the beginning of
the 11th century [7]. Among others, the Benedictine church of San Liberatore alla Majella
erected in 1080 in Serramonacesca (Pe) still preserves its original Romanesque layout (Figure
1). Different Benedictine churches built in Abruzzi between the 11 th and 12th centuries can be
typologically linked to the abbey of Serramonacesca, so that it is possible to assume the
existence of a Benedictine school, characterized by the use of common architectural and
structural elements. Among these, the following elements are recognizable: i) the use of a
three-nave basilica layout; ii) the general use of round arches; iii) the presence of one or
(more frequently) three external semi-circular apses; iv) the absence of vaults, except for the
presbytery; v) the use of a simple salient shape for the façade.
The Benedictine abbeys almost never received the stylistic and structural innovations
proposed by the French Gothic architecture, which were instead introduced in Abruzzi by the
Cistercian Order. Few examples of Cistercian churches can be found in the region, which
appear significantly modified or in ruins; nonetheless, the influence of such an Order on the
religious architecture of the area was certainly decisive from a structural point of view, since
it involved the widespread use of pointed arches, cross vaults and external buttresses in the
churches.
The Middle Ages were also very important for the typological definition of the Franciscan
Architecture. The churches built in Abruzzi between the 13 th and 14th centuries according to
this Order were generally composed of a single nave covered with wooden trusses and with a
single vaulted apse (Figure 2a). Less commonly, and in particular in the area of Avezzano
(Aq), the single nave was defined by the juxtaposition of three squared cells, covered by cross
vaults. In all cases, the façades were typically characterized by a simple flat shape.
The Franciscan type experienced a wide diffusion in Abruzzi, so extensively to represent a
valid alternative to the prevalent Benedictine model. Most of the Franciscan buildings were
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(a)

(b)

(c)

Figure 1: S. Liberatore alla Majella church in Serramonacesca (Pe): (a) model; (b) external and (c) internal
photographic survey.

(a)

(b)

(c)

Figure 2: Franciscan church: (a) model of typical medieval type; (b) external and (c) internal photographic
survey of S. Francesco church in Campli (Te).

subjected to significant variations over the centuries. In many churches, the original type is
still clearly visible in the external layout, despite the complete Baroque reinterpretation of the
interiors in the 17th and 18th centuries. The solutions are in these cases very heterogeneous. In
some modified Franciscan churches, the reinterpretation of the internal space was carried out
simply by proposing a succession of vaulted cells. The church of San Francesco in Campli
(Te) is the only case of not-modified Franciscan structure in the Abruzzi territory (Figure 2c).
In this specific case, the gabled facade represents a variation from the more common flat
shape (Figure 2b).
The foundation of the city of L'Aquila in the 13 th century represents another fundamental
step in the study of the medieval religious architecture of Abruzzi, given its influence in
defining the main features of the religious architecture of the whole region [8]. Even if none
of the original churches preserved its first structure, the presence of common features allows
to identify basic medieval types, mainly characterized by a one-nave or basilica layout and by
the common use of structural elements typical of the Cistercian-Franciscan Gothic and
Romanesque style.
In Figure 3 the distribution of the most common types of medieval churches, namely the
Benedictine [BN] and the Franciscan [FR] ones, in the Dioceses of Abruzzi is shown.
2.2 Geometric characterization
It is well known that the architecture of specific religious Orders is generally characterized
by precise design rules and geometric proportions related to functional, cultural and symbolic
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Figure 3: Territorial distribution of the Benedictine [BN] and Franciscan [FR] churches in the Dioceses of
Abruzzi.

requirements. The geometric analysis of the religious architecture of Abruzzi evidences the
presence of recurrent proportions connected to both specific constructive techniques and
design rules. These proportional devices are fundamental in defining the aesthetics of
buildings but may also significantly influence their structural behaviour. Therefore, in the
field of seismic vulnerability assessment of churches, the reduction to specific recurrent
geometric models may provide a valid simplified tool for the large-scale study of these
historical buildings.
In the Benedictine monastic churches of Abruzzi different common elements related to the
Benedictine school of San Liberatore can be recognized [7]. The used unit of measurement is
the cubit of Roman derivation. The basilica layout is defined by the combination of ad
quadratum (i.e. squared) modules, which can also be recognized in the development of the
façade and in the definition of the interiors. The plan is characterized by the juxtaposition of
four large squares for the central nave and eight smaller ones for each aisle. The central nave
width-total width ratio is equal to 0.43, meaning that the span of the central nave is almost
twice the width of the aisles. The design rules used in the church of San Liberatore were also
transposed in all the Benedictine churches built in Abruzzi in the successive years. Despite the
clear reference to the San Liberatore model, in these buildings tangible dimensional and
proportional differences can be identified (Figure 4).
As far as the Franciscan architecture is concerned, relevant churches reached generally a
maximum length of about 60 meters, including the apse. The churches built according to this
model were characterized by a one-nave layout defined by the combination of three ad
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quadratum modules, completed by an external quadrangular apse. The width-length ratio of
the nave was generally 1:3 (0.33). The church of San Francesco in Campli (Te) is one of the
few examples of Franciscan churches of Abruzzi; it is very close to the typical features and
proportions of the architecture of this Order. In Figure 5 the plan-height variations of some
Franciscan buildings identified in the Abruzzi territory are shown.

Figure 4: Benedictine churches [BN]: (a) geometric proportions of the San Liberatore church; (b) plan-height
ratios; (c) examples of typical churches in Abruzzi.

Figure 5: Franciscan churches [FR]: (a) geometric proportions of the San Francesco church in Campli (Te); (b)
plan-height ratios; (c) examples of typical churches in Abruzzi.
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It is worth noting that the proportions led by the religious Orders for ecclesiastic buildings
are not recognizable when larger populations of churches are examined; in fact, the historical
events and the possible marginality of some cultural contexts generally implied the absence of
specific typological references, favouring the use of varying geometrical rules.
2.3 Material and construction techniques
The widespread presence of stones in the inner part of Abruzzi justifies the large use of this
material for historical masonry constructions [9, 10]. In the Medieval churches, namely
Romanesque and Gothic churches or, more generally, religious structures built by the Orders
from the 11th to the 14th century, the quality of masonry is typically good, because of a well
refined arrangement characterised by a regular pattern of stones.
A significant example of the typical constructional features of Benedictine churches is
represented by the masonry pattern detected in the church of S. Pietro ad Oratorium in
Capestrano (Figure 6).
In some cases, and in particular for the Franciscan churches, the lateral walls are made up
of poorer materials arranged with a less regular pattern. This solution was linked to different
factors, including the need to use in-situ materials and the frequent post-seismic
reconstructions.
In the Adriatic part of Abruzzi, a wider variation of the building materials connected to the
various local outcrops can be identified. Differently from the inner part of the Region, the
predominance of clays in the coastal soils led to a frequent use of fire clay bricks in every
parts of the ecclesiastical buildings.
Such aspects put into clear evidence how the use of materials in historical constructions
can be influenced by the nature of the lithological outcrops of the sites, so that it is possible to
identify variations in the used raw materials, although obvious difference in the adopted
construction techniques are not always recognizable.

Figure 6: Masonry pattern observed in the church of S. Pietro ad Oratorium church in Capestrano (Aq).

3

SEISMIC VULNERABILITY ANALYSIS

3.1 General
Based on the typological characterization proposed in the previous section, a numerical
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study has been carried out. In particular, the seismic response of the two typical examples of
Benedictine and Franciscan churches have been investigated by means of simplified FEM
Models. The adopted models and the assumptions underlying their implementations, as well
as the obtained outcomes, are provided in the following.
3.2 Implemented numerical model and performed analysis
The seismic response assessment of a masonry church by means of FEM Model is
generally a complex issue, which is highly affected by the global and local behaviour of the
structural elements [11-13]. Since the present study aims at determining the main structural
vulnerabilities of the detected architectural types, simplified and common assumptions have
been made in the implemented numerical models. In particular, the linear analyses have been
carried out by modelling the masonry material as a continuum, adopting a macro-modelling
technique [14] and assuming a conventional engineering level of the material strength
(referable to a limestone masonry) equal to 0.3 MPa and 5 MPa in tension and compression,
respectively [15]. A material density ρ=2000 Kg/m3, an Elastic Modulus E=2100 MPa and a
Poisson’s coefficient υ=0.35 have been adopted. Hence, by assuming seismic forces
proportional to the mass distribution, the first collapse mechanisms and the corresponding
horizontal acceleration levels have been determined by using simple models implemented in
Abaqus, considering solid elements with 8 and 6 nodes (i.e. C3D8R and C3D6, respectively)
for masonry walls.
To this purpose, reference to San Liberatore a Majella church (Serramonacesca, Pe)
[BN10] and San Francesco in Campli church (Te) [FR02] has been made, although a typical
flat shape has been considered for the façade of the Franciscan typology. The thickness of all
masonry walls has been considered constant and equal to 1 meter. For the apse vault of the
Franciscan church a conventional thickness of 20 centimetres has been assumed. In such a
way, the study has been unified, as the obtained outcomes only depend on the geometrical
configurations typical of each religious Order.
Analogously, the roofing elements has been simplified in the model. Hence, the presence
of typical timber trusses or simple beams with regular spans of 4 meters and a uniform weight
of 2 kN/m2 has been assumed. The roof loads have been distributed on the lateral (80%) and
transversal (20%) walls, while the stiffening contribution has been accounted for by means of
axial springs. In particular, based on a preliminary analytical evaluation, axial springs placed
in the central nave between the node on the top of lateral walls with a stiffness of 1kN/mm
have been hypothesized. Similarly, the stiffening contribution of the roofing system of the
lateral naves of the Benedictine church has been simulated by using springs with an axial
stiffness of 0.1 kN/m.
Since the medieval typologies are commonly characterized by good constructional quality,
a perfect continuity between adjacent masonry walls has been considered in the adopted
meshes to define the connection between orthogonal elements.
Hence, the analyses have been developed in two steps: in the first one, vertical loads have
been applied (roofing loads and gravity loads), while in the second one, a uniform horizontal
acceleration have been introduced. Since the geometric models are characterized by symmetry
about the longitudinal axis, three analyses for each model have been carried out, one for the
transversal direction (+x) and two for the longitudinal directions (±y).
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Some pictures of the implemented FEM models for both [BN] and [FR] church types are
provided in Figure 7.

Figure 7: Implemented FEM Models: (a) [BN] and (b) [FR] church types.

3.3 The obtained results
The main outputs of the performed analyses are the first activated collapse mechanism and
the corresponding acceleration. It should be observed that, since significant factors (e.g. soil
quality and topography type, position in the urban context, presence of bell tower, etc.) have
been disregarded in these analyses, the obtained acceleration values should be not considered
in absolute terms, but they must be taken as a basis for comparison between the seismic
behaviour of the two analysed typologies. The main outcomes are summarized in Table 1,
where the collapse mechanisms and the corresponding accelerations of activation are
provided. For convenience of the reader, it is worth mentioning that the positive y-direction
corresponds to accelerations applied in the frontal direction of the façades. In Figure 8 and
Figure 9, the stress pattern obtained in each analysis at the acceleration corresponding to the
mechanism activation are provided for [BN] and [FR] types, respectively.
Table 1: Main outcomes of the numerical study.

Church
typology
Benedictine
[BN10]
Franciscan
[FR02]

Seismic
direction
+x
+y
-y
+x
+y
-y

Collapse mechanism
- In-plane cracking of the façade
- Detachment of the connection between longitudinal
walls and façade
- Failure of the colonnades (apse side)
- In-plane failure of the longitudinal arch (apse side)
- Cracking of the apse vault
- Overturning of the top of the façade
- Overturning of the top of the façade
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Activation
acceleration
0.06 g
0.16
0.10
0.24
0.14
0.06

g
g
g
g
g
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Figure 8: Results of the FEM Model for [BN] church: stress pattern at the failure points for +x (a), +y (b) and –y
(c) directions

Figure 9: Results of the FEM Model for [FR] church: stress pattern at the failure points for +x (a), +y (b) and –y
(c) directions

The obtained results reveal that the [FR] typology provides a good response in the
transversal direction, whereas the façade configuration of such a typology represents a clear
fragility indicator when the church is subjected to longitudinal actions. In fact, the cantilever
behaviour assumed by the top of the façade in case of acceleration acting on its orthogonal
direction may lead to a premature collapse.
As far as the [BN] typology is concerned, the longitudinal colonnades represent the
weakest elements of this three-nave layout. In fact, in case of transversal actions, they may
exhibit a response similar to a double fixed beam with a uniformly distributed vertical loads,
with stress concentrations in the extremities and in the mid-span. On the contrary, the
longitudinal response is highly affected by the presence of the apses, where there is a
concentration of the mass and consequently of the internal forces.
3.4 Comparison with the observed damage
In order to corroborate the evidences obtained by the above numerical analyses, a
comparison with the damage scenario induced by the last seismic events has been carried out.
To this purpose, two examples of the damage undergone by Benedictine churches, namely the
S. Pietro ad Oratorium church in Capestrano (Aq) and the S. Giustino church in Paganica
(Aq), which experienced the L’Aquila 2009 seismic event, are provided in Figure 10.
In both these cases, the seismic damage was mostly concentred in the longitudinal
colonnade, confirming the results arisen from the numerical analyses. In particular, in the
church of Capestrano a diffused damage in the piers was surveyed, such as to lead the

3613

V. Corlito, M. Zizi and G. De Matteis

National

Figure 10: Seismic damage observed in the colonnades of the churches of (a, b) S Pietro ad Oratorium in
Capestrano (Aq) and (c) S. Giustino in Paganica (Aq).

Fire Brigades to operate a diffused provisional intervention in order to avoid a possible
collapse (Figure 10a, 10b). Moreover, it is interesting to note in Figure 10c that the revealed
damage exactly corresponded to the one predicted by the numerical analysis in the negative
and positive y direction: a failure of the arch in proximity of the apse with a collapse
mechanism involving also the piers was exhibited, although in this example lateral apses are
missing.
As far as the Franciscan type churches are concerned, some significant information on the
seismic behaviour of such a typology can be obtained by considering the historical evolution
of the S. Francesco church in Atri (TE) [FR(At)] (Figure 11a), which was deeply modified
after the strong earthquake that struck the region in 1703 [16]. After that seismic event, the
Franciscan church resulted hugely damaged; the collapses interested the cross vault of the
apse, the timber roofing system, the bell tower and the façade, which in particular revealed the
activation of an out-of-plane mechanism. Such a damage description faithfully confirms the
outcomes of the numerical analyses.
Moreover, some evidences of the seismic behaviour of such a typology can be found also
considering the churches of S. Francesco in Amatrice (RI) and Norcia (PG), which were both
dramatically damaged after the swarm occurred in the Central Italy in 2016-17. Despite both
churches exhibited an almost total collapse due to the strong earthquake occurred on the 30th
October 2016 (epicentre in Norcia), they resulted seriously damaged also after the first
seismic event of August 2016, as shown in Fig. 11b and 11c. Therefore, as predicted by the
numerical investigation, the flat termination of the façade represents a significant
vulnerability indicator in the Franciscan type.
It is worth noting that, since many churches can reveal similar common geometrical
dimensions and constructional features, although they are related to few analysed cases, the
above outcomes can have a larger impact and could be extended to the whole category of the
examined churches.
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Figure 11: (a) S. Francesco church in Atri (TE) and significant seismic damage after the first seismic event of
the Central-Italy 2016-17 earthquake: S. Francesco churches in (b) Amatrice and (c) Norcia.

4

CONCLUSIONS

The present study deals with the seismic vulnerability assessment of monumental
buildings. Simplified numerical analyses based on a preventive in-depth historical
investigation of medieval Benedictine and Franciscan churches present in Abruzzi have been
carried out.
Based on a suitable typological characterization, simplified numerical analyses have been
implemented on two churches representative of the investigated typologies. The obtained
outcomes showed a good correspondence in terms of collapse mechanisms with the real
damage observed in examples of churches that experienced the L’Aquila (2009) and the
Central Italy (2016-17) earthquakes.
In the whole, the obtained results demonstrate the reliability of the adopted integrated
approach, which appears to be useful to perform large-scale studies and to provide suitable
preventive strategies for the protection of the architectural assets in the most earthquake-prone
areas.
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Abstract: The earthquake is a serious risk factor for archaeological heritage and, especially
in this thematic area, the preventive protection assumes a strategic importance due to the lack
of purpose that a reconstructive intervention would produce. However, the multiple problems
of conservation and enhancement of the archeological heritage make the planning of damage
mitigation complex, according to the criteria adopted for historical architecture.
From the evolutionary framework of the sectoral regulations in Italy emerges a generic
extension of the provisions for specific architectural monuments to the archaeological ones, in
which the absence of connections or their intrinsic weakness, if any, increases their
vulnerability.
Currently, it is clear that the absence of a specific "functional connotation" of ruins, apart from
the visit one, places these contexts on the margin of the most recent regulations
reconsiderations. Indeed, the current Linee Guida Mibact 2011 (Mibact Guidelines 2011)
introduce a rapid evaluation methodology on a territorial scale (LV1) which does not consider
the archaeological structures.
The paper proposes a rapid assessment method for the archaeological seismic vulnerability,
which tries to connect the knowledge system with the analytical result on a territorial scale.
This approach, based on a hierarchical system identification of structural 'morphos-types', is
developed with applications conducted on the Roman Forum structures. Specifically, the
attention is focused on the ruins constituted by walls without connections, whose structural
behaviour, far from the global one, can be assimilated to a 'macro-element'. The seismic risk
assessment is set according to the Carta del Rischio (the Risk Map) system methodology. This
method introduces an algorithm for calculating structural vulnerability able to grasp the
constructive and conservative specificities that influence the structural behaviour of the
archaeological pre-existences.
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1 THE SEISMIC RISK PROBLEM FOR THE ARCHAEOLOGICAL HERITAGE
The seismic risk and the archaeological heritage have always lapped. On the one hand, the
weak prevention, which often transforms the natural event into a catastrophic moment,
inevitably focuses the attention on the historical architecture still in use. On the other hand, the
complexities related to the conservation and enhancement of these pre-existences overshadow
the reflections on exceptional events like the earthquake and, consequently, the planning of
damage mitigation according to the criteria adopted for historical architecture. However, the
earthquake preventive protection assumes strategic importance due to the loss of meaning that
a reconstructive intervention would produce.
When we talk about archaeological ruins, we usually refer to structures whose height does not
exceed four meters, in which the instabilities caused by the earthquake rarely damage visitors.
However, the large monumental complexes (temples, amphitheaters, baths) are an exception.
The morphological complexity and the geometric relationships of their structures amplify their
vulnerability. In these cases, the potential risk has been managed for a long time by
implementing provisions such as the limitation of using and approaching the monument.
However, an exceptional event such as the earthquake, which is intrinsic with the geological
nature of the Italian territory, represents a risk not only for the public safety of the users but
also for the material conservation of the monument itself. Nevertheless, with the exception of
singular structures, for a long time the archaeological heritage seismic risk has been managed
as a secondary problem with respect to the more general conservative needs and the first
attention to the topic has been developed only in recent times.
2 THE EVOLUTIONARY PATH OF ANTI-SEISMIC LEGISLATION
In the last years of the previous century in Italy, there has been an evolution of the technical
legislation on the prevention of seismic risk, which has had a significant impact on the planning
of historical building interventions. There are several contributions in the literature on the
subjects. As an example, some of them are given below.
In the past, the preservation of the historical architectures had been entrusted for centuries to
continuous control, through the introduction of corrections suggested by the periodic
observation of the structural behaviour, or through the experimentation of reinforcement
techniques when a new instability arose. Starting from the end of the XVIII century and
throughout the XIX century, this tradition was implemented in the first anti-seismic regulations
[1]. With the advent of new construction technologies, the first seismological researches and
the first studies on the dynamic behaviour of buildings, the need to conduct safety checks arose,
giving a scientific aspect to the legislation [2]; but the attention to the historical and monumental
heritage is the result of a gradual process of awareness-raising on the theme, which became
explicit only in the early 1980s.
Indeed, the first seismic regulation of 1909 [3], provided for the adoption of the new building
rules in case of repair of masonry constructions, with the only possibility for protected buildings
to apply the "case by case" criterion. Although the historic building was formally excluded from
specific obligations, in many cases the need for a discreet structural safety led to the adoption
of technologically invasive solutions, regardless of the competences attributed to the
Superintendencies by the Law 1089 of 1939 [4] or by the contents of the Restoration Papers of
those years (Athens 1931, Venice 1964). The heavy impacts, produced both on the minor
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building and on the monumental heritage, immediately demonstrate the limits of the 1981
regulation, which establishes 'seismic adjustment' [5] in repairing post-earthquake damage.
With the Raccomandazioni of 1986 (Recommendations) [6], a technical-cultural reflection on
the conservation of historical and monumental heritage is articulated for the first time,
introducing the concept of 'improvement', conveyed through alternative and less invasive
interventions, acquired by reflection from the seismic regulation of 1986 [7]. It is in this context
that starts a different and more effective attention to the archaeological pre-existences theme,
with the idea of excluding them from the application of the rules valid for ordinary buildings.
This attention is explicit in the document drawn up during the National Seismic Engineering
Conference of 1991, which took place in Palermo [8]. However, the non-approval of the
document causes the marginalization of this issue in the following rules, as evidenced by the
Ministerial Decree of 1996 [9], with the result that the practice has recklessly continued to
extend the current architecture provisions to the archaeological heritage. If, with the redefinition
of the entire national territory seismic risk of 2003 [10] were introduced more stringent
structural checks even for protected buildings, the Norme Tecniche per le Costruzioni of 2008
(Technical Regulations for Constructions) [11] clarify the difference between 'improvement'
and 'adjustment' in the possibility of 'improving' a historic building by seeking a balance
between conservation and structural safety. The Linee Guida per la valutazione e riduzione del
rischio sismico del patrimonio culturale (Mibact 2011) [12] translate this concept by outlining
a methodological tool for the knowledge, the diagnosis and the project of conservation. The
choice of an appropriate level of safety to be achieved by controlling the nominal life of the
building also expresses a renewed approach to the seismic 'improvement', in which historical constructive knowledge, seismic risk and structural behaviour converge [13]. Once again, the
document, designed for the historical architecture in use, does not include specific indications
for archaeological artefacts. From the new technical standards' orientations of Norme Tecniche
per le Costruzioni of 2018 [14], which in case of 'improvement' interventions introduce a
minimum safety value to be reached according to the building class of use, it emerges that the
absence of a specific functional connotation of the archaeological heritage, apart from the visit,
continues to place these contexts at the edge of regulatory reconsiderations.
From the evolutionary scheme outlined, alongside the significant progress made towards the
conservation of cultural heritage, emerge the open problems and possible lines of development.
Undoubtedly, archaeological pre-existences take on a priority place, whose conservation does
not depend only on a methodologically correct project approach, but on the territorial
vulnerability knowledge towards the seismic risk, to which this paper is dedicated.
2.1 The Linee Guida Mibact 2011 and the three risk assessment levels
The Linee Guida Mibact 2011 articulate the assessment of seismic risk on three distinct
levels. Starting from some analysis which govern the territorial scale ('LV1' type), we move on
to more detailed assessments conducted on the architectural scale ('LV2' and 'LV3' type).
The simplified evaluation system ‘LV1’, suitable for a large area rapid control, estimates the
structural collapse acceleration through limited geometric and mechanical parameters and using
qualitative tools like the visual interrogation and the critical survey. Given the limited level of
knowledge, are adopted low 'Fc' confidence factors. The evaluation systems referring to the
'LV2' and 'LV3' levels, suitable for more complex analyses, requires the identification of the
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historical and construction specificities of the construction, an accurate characterization of the
mechanical properties of the materials, and greater precision of geometric relief.
The ‘LV1’ analysis models, based on the qualitative interpretation of seismic behaviour by
macroelements (architectural portions characterized by an autonomous behaviour with respect
to the rest of the building [15]), are introduced for three architectural typologies like palaces,
churches and towers, not contemplating archaeological structures.
2.2 The Linee Guida per la conservazione di architetture di interesse archeologico
(Guidelines for the conservation of architectures of archaeological interest)
To deal with the emergency that hit the archaeological area of Rome and Ostia Antica in
2008, with widespread conservation problems due to the rapid progression of the risk of
collapse, a working group was set up and coordinated by Roberto Cecchi, who drafted the
Schema di Linee Guida per la conservazione di architetture di interesse archeologico [16].
This document represents the most up-to-date status of studies on the assessment and reduction
of seismic risk relating to archaeological sites, because it complements the Linee Guida Mibact
2011 contents for a possible application to archaeological pre-existences. The methodological
peculiarity consists in combining the knowledge path proper to the stratigraphic analysis of
the elevated with the structural analysis. Given the number of archaeological artefacts at risk,
‘LV1-type’ assessments are used to define a preliminary ranking of territorial vulnerability.
Specifically for the archaeological artefacts made in itself, characterized by a behaviour similar
to that of historical architecture, the analysis models of the Linee Guida Mibact 2011 are
extended, defining seismic vulnerability indices for each construction phase identified with the
stratigraphic analysis. Whereas, for ruderal artefacts are proposed simplified models which
express the collapse mechanisms that can potentially be activated for construction components
which, although coming from different architectural types, are attributable to the same
behavioural scheme. This defines the 'domains' which, given the site's danger, indicate the
geometric and proportional characteristics of the archeological artefact beyond which the
verification is not satisfied. These include isolated blocks originating from vertical structures
(columns and wall fragments), single arch structures (triliths or triumphal arches) and linear
systems (bridges, aqueducts). The applications carried out on some monuments demonstrate the
strengths and limitations of this methodology. For the analysis of the Oratorio dei Quaranta
Martiri, taken as artefact made in itself, the 'palaces' model is adopted, verifying the secondway mechanisms that engage the shear wall resistance. However, in a stratigraphically complex
building with not always effective connections, collapse is more likely to occur due to off-plan
mechanisms. The inspection activities carried out in 2011 on some Pompeii Domus [17] further
develop the method, using the 'isolated blocks' domain of the ruined artefacts. This approach,
methodologically opposite to the previous one, assesses the safety of the entire complex by
verifying that the slenderness of each wall does not exceed that limit, ignoring the contribution
offered by the connections. While recognizing the difficulty in simulating the real behaviour of
the architectural complex, even in this case modelling involves significant approximations.
In general, it is clear that the path of knowledge proposed by the Schema di Linee Guida at the
territorial scale, strongly anchored to the tools of stratigraphic analysis, is weakly connected to
the analytical dimension, renouncing the control of material and conservative aspects in favour
of primarily geometric factors. If what has been illustrated so far represents a step forward
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towards the characterization of rapid analysis tools specific to archaeology, below it is an
attempt to implement the state of the art which tries to best combine the knowledge system with
the analytical dimension.
3 A METHODOLOGY FOR SPEDITIVE READING OF VULNERABILITY
The proposed methodological approach aims to a speedy assessment of the seismic
vulnerability of archaeological pre-existences [18]. To define a reading methodology based on
a knowledge system calibrated according to archaeological specificities, this study presents
some results obtained with applications conducted on structures and architectural components
of the Roman Forum. Leaving aside the ruins made in itself, which show an overall structural
behaviour attributable to that of historic buildings still in use, and for which the Linee Guida
Mibact 2011 indications are generally considered valid, attention has been focused on ruins
made up of walls without connections, whose structural behaviour, far from the global one, is
in itself comparable to that of a 'macroelement'. It should be remembered that in the
architectural context some experiences, such as the 1976 Friuli earthquake, promoted an
important analysis of the effects generated by the earthquake, allowing the identification of
precise breakdown mechanisms and recurring behavioural patterns for some building types. On
the contrary, in an archaeological context, there is no real systematization of the structural
behaviour of the ruins in the event of an earthquake. For this reason, direct observation
conducted in a sample site such as the Roman Forum represented an essential step for
identifying the main structural types. Believing that the stratigraphic reading involves a
significant difficulty in relating a large amount of data to be acquired and that clashes with the
need to carry out a speedy evaluation, a hierarchical identification system of structural
'morphologies-types' is used. These are in turn broken down in constructive elements, in order
to facilitate the identification of the main damage mechanisms that can be activated in an
archaeological pre-existence. The abacus of the morpho-typologies identified considers simple
typologies, such as vertical structures (columns, pillars and masonry fragments), and the more
complex systems according to the trilithic or triumphal arch, to single span or to multiple spans,
called linear systems. For the ruderal structures originated from the masonry buildings,
depending on the different level of conservation it is possible to identify incomplete, complete
or aggregate masonry cells. For the ruins originated from the remains of masonry buildings,
depending on the different level of conservation observed, it is possible to identify incomplete
wall cells (which at least preserve the angular connections between the walls); complete
masonry cells (in which the walls bordering the base cell and possible horizontal connections
are preserved); aggregate wall cells (with reciprocal connections between buildings).

Figure 1: Diagram of the morpho-typologies identifiable in an archaeological site
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In the north-western and central quadrant of the Roman Forum, components and buildings
sample were identified, as representative as possible of each morphology-type.
The structures analysed include nine isolated columns (the Colonna di Foca, the two Colonne
Onorarie, the columns facing the Via Sacra, the columns in front of the Tempio di Romolo and
two columns of the Basilica Emilia), four linear structures (Tempio di Vespasiano, Tempio di
Saturno, Tempio dei Castori, Portico degli Dei Consenti), and various wall cells with different
levels of articulation and complexity belonging to the complex of the Casa delle Vestali. The
direct reading conducted on the site was supported by the use of appropriate speedy and flexible
scheduling traces (the main section of which are declinable according to the specific features
of each structural 'morpho-typology') and, at the same time, homogeneous in the basic structure,
making it possible to compare heterogeneous structures. Therefore, starting from models
already tested by Mibact, the sections necessary for the structural aspects have been developed.
To the specifically registry section, follows the one that registers the presence of provisional
coverings, the conditions of access and approach to the monument and the presence of valuable
elements. Two sections describe the site's morphology and its seismic chronology respectively.
A subsequent part is dedicated to the geometric identification of the macroelements, indicating
the main geometric parameters and the external constraint conditions. Following are the
materials, the state of conservation and the dimensions of each construction element making up
the ‘morpho-typology’ examined. For each of these are also investigated the effectiveness and
state of conservation of the consolidations resulting from previous interventions (metal clamps,
pins, chains, circles, material additions etc.); mutual connections between the parties;
deterioration signs and structural discontinuity (flaking, potential breaking planes, integrity of
the elements etc.); the overhang conditions of coatings and the finishes. The last two sections
are dedicated respectively to the description of the state of damage (injuries, collapses,
expulsions, gaps, crushing, overhanging, differential settlements etc.) and to the interpretation
of the results.

Figure 2: Localization of the monuments analysed in the Roman Forum

Through the reorganization of the data collected with the scheduling activity, concerning the
isolated columns, the recurring aspects that prefigure conditions of vulnerability have been
highlighted, diversified according to the characterization of the shaft (monolithic or articulated
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in drums). These include the reduction of the resistant section caused by the gaps in the shaft,
the presence of reintegration sections and the bad contact between the drums.
Geometric features such as slenderness and top projections that influence global vulnerability
are associated with the material - construction evidence. Specifically, the presence of various
sections fractured and reintegrated with mortar was found for some of the highest columns of
the Basilica Emilia with monolithic shafts; a misalignment, albeit slight, of the drums of the
Colonna di Foca and the first Colonna Onoraria (for which the presence of pivots is ignored)
and various fractures and partitions in correspondence with the second Colonna Onoraria.

Figure 3: The isolated columns analysed in the Roman Forum

3.1 The Carta del Rischio system and the proposal of a calculation algorithm
The direct reading was followed by the vulnerability calculation phase of the structures
analysed. In this regard, a critical comparison between the different models of safety and
structural vulnerability assessment has been adopted by the Linee Guida Mibact 2011 and by
the system of Carta del Rischio del Patrimonio Culturale made by Mibact [19].
The Carta del Rischio system, drawn up in the nineties by the Istituto Centrale per il Restauro,
has made the concept of "preventive restoration" formulated by Cesare Brandi, intending to
define a rapid identification system for the most exposed monuments and the ones at risk of
loss, to plan intervention priorities objectively. If the Linee Guida Mibact 2011 set the structural
verification on the calculation of the safety index (concerning the acceleration that leads to the
collapse of the structure and the peak acceleration characteristic of the site), the Carta del
Rischio system expresses this according to the architectural vulnerability and the territorial
danger. For archaeological constructions, the vulnerability is estimated with the support of the
'Scheda Manufatto Archeologico’, which observes for each construction element of the preexistence six different forms of material and surface degradation, contemplating, only in
general, the specific structural problems [20]. From the comparative framework conducted, it
was decided to set the seismic risk assessment according to a coherent methodology with the
operative model of the Carta del Rischio system and, at the same time, calibrated according to
the setting already illustrated for an ‘LV1’ analysis regulated by the Linee Guida Mibact 2011.
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The development of a spreadsheet, connected to the previously illustrated scheduling layouts,
has allowed the calculation of the vulnerability index for each structure investigated through an
algorithmic formulation that is exemplified here for the isolated column morpho-typology.
The structure of the algorithm takes up the approach adopted in the Carta del Rischio system
and in previous experiences in managing the cultural heritage [21, 22]. The vulnerability is
calculated as a weighted average of 5 sub-indices, each of which depends on variables depicted
with the scheduling made on the site. The value of each variable is included in a range of six
intervals. The sub-inches are calculated as the arithmetic average of the variables on which they
depend. The arithmetic average represents an initial setting, which is subject to changes
downstream of the appropriate validation of the schedules. The direct on-site study highlighted
the main critical issues that affect the vulnerability of an archaeological artefact, such as the
geometric relationships between the overhangning parts; the quality of the connections; the
state of damage of the construction elements; etc. To each of these parameters, has been
assigned a sub-index.
The first sub-index registers the geometric parameters that have a moderate incidence in the
activation of a rigid body mechanism such as slenderness; the second evaluates the connection
and reinforcement elements present and the basic constraint conditions; the third records the
structural discontinuities through variables such as the integrity of the sections, the deterioration
of the materials and the presence of breakage planes; the fourth takes into account the presence
of protrusions and overhangs that can influence the activation of the mechanism; the fifth
registers, for each construction element, the variables that express the state of damage. Each
sub-index is currently set as the arithmetic mean of the values attributed to the variables on
which it depends, which are measured according to a maximum number of six intervals.
Iv = (p1* Igm + p2*Icn + p3*Ids + p4*Ia + p5*Isd) / (p1 + p2 + p3 + p4 + p5)

(1)

The direct study, for example, facilitated the identification of the collapse mechanisms
potentially activated for the isolated column morpho-typology, useful for calibrating the
formulation of the algorithm. The weight system, indeed, is determined according to the
incidence that each sub-index is believed to assume in activating the most plausible and heavy
damage mechanisms, as will be seen with an example. Through iterative corrections, an attempt
was made to improve the architecture of the algorithm, to make it more able to grasp the
constructive and conservative specificities that influence the structural behaviour of each
column. A further revision and calibration level are currently in progress, entrusted to the
comparison of the results from the 'LV1' type analysis conducted, with those of a more accurate
‘LV2’ analysis, which governs the architectural scale, performed on some sample structures.
The first index is based on a limited number of qualitative and quantitative parameters taken
from direct reading; the second index, instead, requires the identification of the historical and
constructive specificities, a more careful characterization of the materials mechanical
properties, and a more accurate relief.

Figure 4: Architecture of the calculation algorithm
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3.2 Example for the Colonna di Foca
The marble column of the Corinthian order, erected in the central sector of the Forum in 608
AD. in honour of Emperor Phocas, through the assembly of recovery elements from a thirdcentury monument, represents the last monument erected in the Roman Forum [23]. It consists
of seven grooved drums and stands 13.60 meters high on a marble-covered plinth placed on a
brick-lined cement base, once hidden by a wide staircase leading up to the podium, currently
poorly preserved. From the compilation of the schedule, more critical elements emerged such
as the misalignments of the drums (which could prefigure preferential planes of rotation or
sliding between the elements) and the significant inclination of the shaft. Doubts remain about
the presence of pivots between the elements, not directly deducible with the visual
investigation. The historiographic and technical documentation available has confirmed that
the inclination of the column was caused by a serious alteration of the support surfaces. As is
known, the column, which remained buried for a long time up to the base of the shaft, was
completely brought to light during the nineteenth-century excavations [24, 25]. Probably,
during the long burial period, the bedding layers of the marble slab placed as an elevation of
the podium must have suffered disruptions, causing the fracture of the slab itself, the reduction
of the support areas with the podium below and the consequent rotation of the shaft. The
archival documentation indicates that in 1980 the continuity of support was restored with mortar
additions, without, however, restoring the axiality of the shaft.

Figure 1: Scheduling traces Colonna di Foca
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For the construction of the algorithm, it is observed that the first sub-index ('Igm'), linked to the
geometry, assumes a rather high value, equal to 0.6, due to the slenderness of the column greater
than 1\10. The second sub-index ('Icn'), however, given the uncertain presence of pivots
between the stem's drums and on the nature constraint with the base and the upper capital,
assumes a lower value, equal to 0.3. Even lower is the third sub-index ('Ids'), linked to the
degradation and structural discontinuities of the elements, recently integrated, as it has been
ascertained. The projection of the capital with respect to the shaft and the related out of plumb
determine a value for the fourth sub-index ('Ia') equal to 0.4. The last sub-index ('Isd'), which
records the damage status for each element, is approximately equal to 0.3. Based on appropriate
reflections on the collapse mechanisms of a column divided into drums, the weights to be
attributed to each sub-index were set. If the horizontal sliding is subordinate to the nature of the
connections between the drums (in this case unknown), the overturning of the entire shaft or
parts of it can be influenced by misalignments, overhangs and slenderness. Based on the
evidence found, weights have been assumed that are useful for conducting a weighted average
between sub-index, determining, as follows, the final vulnerability index.
Iv= (0,4*0,6 + 0,1*0,317 + 0,1*0,213 + 0,2*0,4 + 0,2*0,313) / (0,4 + 0,1 + 0,1 + 0,2 + 0,2) = 0,438

(1)

In general, the vulnerability obtained for the columns is consistent with what emerged from the
direct knowledge gained during the first data collection. The most vulnerable structures include
the Colonna di Foca and the first Colonna Onoraria which, although different in slenderness
and state of damage, exhibit vulnerability indices between 0.3 and 0.5. The column in front of
the Tempio di Romolo, instead, due to its slenderness, the substantial flakes of the shaft, and the
considerable overhang of the top entablature, assumes a vulnerability index close to 0.6. The
remaining columns, although different in geometric and conservative characteristics, do not
present particularly compromised conditions, as well as indicating a lower vulnerability index.

Figure 6: Schematization of possible collapse mechanisms for the Colonna di Foca
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4 CONCLUSIONS
The illustrated methodology finds space in the complex relationship between conservation and
structural safety that the regulatory excursus reflects. Although in development, it offers the
possibility of integrating existing tools for the rapid assessment of the seismic risk of
archaeological pre-existences, combining the deck of the Linee Guida Mibact with the Carta
del Rischio. The set of knowledge, articulated around specific scheduling layouts, appropriately
relates to the analytical dimension, through algorithmic formulations with the high management
capacity of input data, as tested in initial and more recent experiences [26]. It should be
remembered that the formulations exemplified for the isolated columns analysed are based on
first working hypotheses and require appropriate checks and validations [27]. Lastly, it is
believed that the evaluation of particularly vulnerable structures such as archaeological preexistences represents a complex problem that cannot be trivialized with extremely simplistic
solutions. Therefore, through the use of confidence factors, in full consistency with the Linee
Guida Mibact 2011, the system designed for an 'LV1' level of analysis, is suitable for managing
a more complex knowledge coming from the Mibact databases available and the historiographic
study, which importance in structural safety assessments must not be overlooked.
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Abstract. Seven years after the earthquake occurred in Emilia-Romagna, the planning
phases related to the cultural heritage reconstruction are coming to a conclusion. At this
point, the Agency for reconstruction - earthquake 2012 has launched an unprecedented
process aimed at verifying, also through the recognition of the main critical issues, the
simplified damage assessment procedures whose application has allowed an aware and
sustainable management of the emergency. The Guidelines for the evaluation and reduction
of seismic risk on Cultural Heritage, and the Directive 12/12/2013 “Procedures for
management of activities for cultural heritage securing and safeguarding in the event of
emergencies caused by natural disasters” of MiBAC identify as first cognitive procedure
the compilation of sheet to provide vulnerabilities and damage level representation on
movable and immovable assets. In particular, they establish two important survey
instruments: the A-Church and the B-Palaces sheets.
These are the only two instruments used between 2012 and 2013 for the damage level
characterization of the cultural heritage caused by the “Emilia 2012” earthquake. The
widespread use of these sheets has brought to light several problems that have negatively
affected the successive economic assessment of the intervention. In fact, if these sheets well
describe the vulnerabilities of the specialized types Churches or Palaces, they are ill suited
to types with different features, which, in the Emilia-Romagna case, represent about 30%
of damage cultural heritage numerically and economically. In particular, the most relevant
sample in this set are the cemeteries.
After the analysis of sheets produced for the cemetery type, the need to implementation for
the already consolidated procedures has become clear, in order to be able to manage the
post-emergency phases on those types that, as cemeteries, represent an important part of
the local cultural identity, but that are not addressed in existing tools.
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1 INTRODUCTION
Seven years after the earthquake in Emilia in 2012, we have been witnessing an
extraordinary response capacity and transformation of the socio-economic system [1]. Now
that even the Architectural heritage - the last priority identified - are entering the
construction process [2], the key point in the reconstruction phase has been played by the
“invariant factors” [3], which can be adjusted to other similar disaster areas. The ambitious
project promoted by the Emilia-Romagna region, aiming at the capitalization of
experiences, is the analysis of what has been achieved so far and the identification of both
strong and weak points of the reconstruction process in order to implement the best policies.
The project led to the activation of specific research projects [4]. In the field of Cultural
Heritage the earthquake made us more aware of the building evolution [5] but at the same
time it puts to a test both its structures and its conservative principles [6]. The damage
survey is among the first operations to carry out in an emergency phase with the hard task
of identifying all buildings requirements (structural, conservative and economic).
In Emilia-Romagna 80% of the damaged public buildings is under protection and the
survey campaign has showed some peculiarities in the damage survey report. The
significant change in the grants provided for the reconstruction represents a first evidence
of this criticality nonetheless it shows the great potentialities in the evolution of the damage
survey research started in the Seventies.
One of the most challenging type of buildings is the cemetery, especially from an
economic point of view and for a lack of efficacy in the survey tools (Figure 1).

Figure 1: Heatmap of the all Architectural Heritage damaged by the earthquake (top right image) and
distribution of the damaged cemetery in the “crater”area of Emilia-Romagna.
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2 SHEETS TO MEASURE THE DAMAGE SURVEY ON THE
ARCHITECTURAL HERITAGE
The earthquakes occurred in the last 30 years have revealed the significant vulnerabilities
of architectural heritage. These are strictly related to the building construction quality, the
form and dimension of architectural components and anti-seismic devices which are
connected to the seismic activity of the area and to the time distance between
construction/renovation and the earthquake [7]. A proper identification both of the historic
buildings’ vulnerabilities and the related activation level of the collapse is a useful tool for
prevention and for managing the after-earthquake reconstruction phase. With the aim of
providing a support in the complex and delicate emergency management phase, in Italy a
series of sheets of different levels have been studied, that through a guided procedure should
eventually assess vulnerability, damage [8], practicability and lastly the intervention costs.
The sheets currently in use are the result of several studies and experiences. These range
from studies of the research unit coordinated by Doglioni on all churches in the Friuli region
damaged by the 1976 earthquake [9] - to whom we owe the decomposition of buildings in
macro-elements - to researches carried out by GNDT, INGV and the Department of
Engineering of Genova coordinated by Lagomarsino [10,11,12], regarding religious
buildings only.
The fact that churches are more vulnerable compared to other historical buildings led in
1987 to a practical application of the first damage survey sheet, the GNDT-S3, which later
would become the well-known “FORM A-DC church”. This sheet was officially adopted
for all religious buildings in 2001 [13], later modified and re-approved in 2006 [14] with a
change in the section regarding the collapse mechanisms. More sheets have been added over
the years, related both to movable assets and to other buildings types. Indeed the protocols
for unmovable assets are based on the tendency of same-type buildings of being damaged
in a similar way regardless of construction age, place, and materials used. Therefore, it was
created the “FORM B –DP palaces” [14] for the most relevant historical buildings, which
is quite recent and for this reason it is still object of discussion, improvement and
optimization. All these sheets were then incorporated by the Italian Ministry of Cultural
Heritage in the “Guidelines for the evaluation and reduction of seismic risk on Cultural
Heritage” [15] and in the Directive 12/12/2013 “Procedures for management of activities
for cultural heritage securing and safeguarding in the event of emergencies caused by
natural disasters which, together with the NTC2018, represent the most relevant legal texts
for any intervention on the architectural heritage damaged by earthquakes.
3 THE EMILIA-ROMAGNA CEMETERIES CASE
3.1 Morpho-typological observation on the Emilia-Romagna cemeteries
Modern cemeteries were born in 1804 with the Saint-Cloud edict through which
Napoleon Bonaparte regulated the cemeteries construction and definitely demanding to
build them far from urban areas. Through the edict, changes already taking place in burial
areas were normalised. As a matter of fact, in the 17th century, cemeteries finally gained a
topographic autonomy from the church’s holy area, opening a debate whether burials should
take place inside the church.
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Between the second half of the 17th century and the first half of 18th century, public
health debates and historical events affected the way people conceive death and especially
the concept of “individual” burial (before it was a prerogative of illustrious figures only or
for those who could afford it). Indeed through the Saint Cloud edict the individual burial
became a “universal” right and since then it has been considered the founding event of the
“culte des morts” (cult of the dead) in the modern western culture [16]. Subsequently
practices as the “perpetual use” (i.e. the hereditary property of the land) and the funerary
monuments became of common use. The modern cemetery, also called by some scholar
“cimitero borghese” (bourgeois cemetery) [17], was then defined and seen as a mirror of
the society and of a new hierarchical organization.
Furthermore, the decree of 12th June 1804 designated the garden-cemetery as a role
model for the cemetery, like for example the Paris Père Lachaise cemetery (France, 1803).
Contrary to basic building, which are strictly connected to the settlement area [18], the
specialised building such as cemetery does not undergo relevant changes in a diatopic sense
[19]. Once its features have become solid, they tend to duplicate irrespective of territorial
borders. The Père Lachaise model is the first example of the garden-cemetery typological
series and spread throughout most of Europe and America (e.g. Mount Auburn Cemetery
in Boston (USA, 1831).
In Southern Europe, the Saint Cloud edict collided with a still strong medieval tradition:
the “camposanto” (literally holy field). The pre-existent burial ground integrated new norms
and defined a second typological series, called by Donghi [20] “a pianta architettonica”
(architectural drawing series) and by Vovelle “paysage lapidaire” (lapidary landscape)
[21], in opposition to the garden-cemetery. This is a high architectural value solution,
characterized by quadrangular areas fenced by walls, with porticoes of different sizes, which
would have later become the most used solution in all small-and-medium-size cemeteries
in Italy, especially in the area that we are examining: the Emilia-Romagna Region.
Based on this model, we can identify three different variants: a cemetery delimited by
porticoes and with a central chapel, a cemetery delimited by porticoes without a central
chapel and the reuse and/or renovation of huge buildings outside the city (Figure 2).

Figure 2: The main typological series of modern cemetery. The garden cemetery (a) and the architectural
cemetery (b) with its three variants presented in Emilia-Romagna
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The third group includes two buildings which historically arose on the border of the city:
the chartreuses of the cities of Bologna and Ferrara which represent the only cases in Italy
of conversion from chartreuse to cemetery [22]. The other cemetery types are the most
common variants in the region, instead. They later have developed in different manners.
The requirements of the enlargement have led to a process that we can find in cities as
well. A first growth was made possible through an infill process of the enclosure, through
the porticoes extension (cemetery of Dosso (FE)), or the combination of family vaults next
to each other (cemetery of Vigarano Mainarda (FE)). Alternatively, the cemetery has
doubled in the area behind in the cases where an enlargement occurred within a large time
distance to last developing phase (cemetery of Finale Emilia (MO)).
Once the space of first enclosure was full, the enlargement has followed the successive
doubling law [18]. Cemeteries extended more and more and the whole area doubled in
volume. Depending on the morphology and on soil availability, the enlargement took place
in the area below (cemetery of Bondeno (FE)), or on one side (cemetery of Cento (FE) or
Monumental cemetery of Concordia sulla Secchia (MO)). It is worth mentioning also the
chartreuses of Ferrara where in the first half of the 19th century the renovation project
provided for the creation of a new cloister standing alongside the existent one.
Further observations on cemeteries in Emilia-Romagna can also be made from a
constructive point of view. The huge time windows of building development (from the
second half of the 19th century – ongoing) coincides in the initial phases with a great
transformation of the building process as a result of the introduction of new industrial
materials and techniques: reinforced concrete and steel. A first analysis reveals how
cemeteries were initially made of long porticoes, often in masonry, that enlarged over time
and showed a more frequent use of reinforced concrete. Due to this progressive add-ons and
juxtapositions cemeteries are an extremely complicated building type, also because
traditional technologies exist alongside with new materials like reinforced concrete and
steel. At the beginning porticoes are almost always covered by a non-structural bricks vault,
usually a barrel vault but still we find several examples of cross vaults as well. The arch
then progressively became a depressed-arch and finally turning into a false flat ceiling.
Another relevant typological-constructive feature is the presence of columbaria introduced
in the Italian cemeteries after the half of the 19th century in order to rationalise space. Indeed
it is still possible to find cemeteries (cemetery of Bondeno(FE)) where the “camposanto”
model is still a strong reference point. In this case columbaria are absent and the cemetery
is a closed arcaded enclosure with headstone set in the floors.
Finally, we should consider the roofing structures. In the first phase they were generally
made of wood and they show under two possible aspects: gable roof or single pitch roof
reclined outwards. It is interesting to note that the geographical distribution of the two
solutions has revealed a tendency in the Ferrara, Reggio Emilia and Bologna’s territories to
apply the first solution while in the Modena’s area they preferred the second one. They both
include elements as attics and/or decorations aimed at hiding pitches and crowning the
entablature above the portico arcade.
In conclusion cemetery is a complex building type, where morphological variants are
combined with a variety of building techniques and materials came up in the next
enlargement processes (Figure 3). Both of these aspects are essential features to better
understand the structure and the seismic response of an area.
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Cemetery of Padulle (BO)

Cemetery of Vigarano Mainarda (FE)

Cemetery of Finale Emilia (MO)

Cemetery of San Martino Spino (MO)

Cemetery of Dosso (FE)

Cemetery of Bondeno (FE)

Figure 3: Main morphological and constructive features of the cemeteries in Emilia-Romagna

3.2 Recurring mechanisms of damage shown by cemeteries in Emilia-Romagna
The earthquake in Emilia-Romagna shed light on the vulnerability of historical
cemeteries. Out of 300 protected cemeteries in the Region, over 100 were damaged
following aftershocks, some of which were affected by major collapses. On average, there
are two damaged cemeteries for each municipality in the area hit by the earthquake.
Although this is a small percentage when compared to the total architectural heritage
affected by the earthquake (more than 1800), issues of a hygienic-sanitary nature, but above
all of a socio-cultural nature, require a targeted analysis. As a matter of fact, cemeteries are
a place of memories and are an important component in the identity of places that must be
safeguarded, especially in earthquake centers.
The analysis of the damage status of cemeteries in Emilia-Romagna allows an initial
reflection, which can then be extended on a national scale, concerning the most recurrent
collapse mechanisms.
The first evident, typological characteristic that generates an intrinsic vulnerability in the
structure is, definitely, the presence of the portico. In this case, it is not a matter of a limited

3634

Vona Veronica, Zuppiroli Marco

extension within a larger volume, but of a macro-element which, when it is present, covers
large areas, often on all sides, extending in length even for several tens of meters. In most
cases, moreover, the portico is characterised by arches and vaults that add an additional
element of weakness to the structure.
Covering structures are another element of great vulnerability. In both typological
variants, these are thrust structures which generally have no seismic protection. In this
regard, the case of the monumental cemetery of Finale Emilia is relevant. The first core area
of the cemetery was built by two porticoed wings, with a single pitch, initially not connected
to one another. The project was not brought to immediate completion and it was only from
the 1930s onwards that the construction works of the monumental central atrium began. The
project for the first expansion dates back from 1945 and the significant modification of the
roof, changing it from a single pitch to a double pitch, occurred between 1930 and 1945.
From the analysis of the 1945 project, it can be seen that the new roof had tie rods for
reducing thrust. Following a survey of the attic of the cemetery, it can be observed that there
is no trace of these tie rods and, perhaps, there never was.
It should also be emphasised that, during the expansion phases of the cemeteries, the
roofing structure is the element that has undergone the greatest transformation with a
marked tendency to replace the wooden structure with a brick-cement structure that is more
rigid and heavier, which has entailed an additional burden on the wall structures subjected
to seismic action.
The considerations mentioned above are even more evident in light of the collapse
mechanisms activated most following the 2012 earthquake:
- Tipping over away from the colonnade floor (Figure 4). It represents the main collapse
mechanism of the porticoed wings of the cemeteries, activated for most of the damaged
units. This is a result of the summation of the seismic action to that of the thrust roof on
the point feature of the portico. Furthermore, the presence of large replaced parts has
almost always aggravated the situation, which in some cases led to collapse.

Figure 4: Cemetery of Mirandola - Tipping over away from the colonnade floor. It is worth mentioning the
use of reinforced concrete beams and elements in steel in the structures.
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-

Collapse and/or damage to the vaults and suspended ceilings (Figure 5). Secondary
mechanism with respect to that of the portico generally activated for the rotation of the
plinths due to the tipping over of the colonnade.

Figure 5: Cemetery of Bondeno (a) and cemetery of Mirabello - damage to the vaults

-

-

Damage by interaction of the structures. The heterogeneous set of buildings that develop
by successive additions (see the arms of the columbaria which are completed in the
extensions with the preparation of the walls for a new construction) is conducive to
triggering interaction mechanisms among the structures (see, for example the interaction
between the columbaria and the single central compartment, or when they are inserted
in the same building).
Tipping over of the projecting elements away from the floors (Figure 6). Although it
does not trigger a structural collapse mechanism, the presence of attic solutions, point
and/or linear architectural elements aimed at hiding the pitches of the roof constitutes a
serious vulnerability in the structure. The tipping over of these elements can take place
externally or inwards.

Figure 6: Monumental cemetery of Concordia Sulla Secchia -Tipping over of the projecting elements away.
In this case the projecting elements are collapsed inside the structures
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-

Mechanisms of the surrounding wall. The relationship between a modern cemetery and
sacred ground is substantiated with the presence of the wall that surrounds the
consecrated area. If the saturation of the perimeter has not been completed or if it was
carried out for subsequent doubling of the buildings or, also, if the cemetery is saturated
by burial in the ground (a typical feature of Israelite cemeteries), the surrounding wall
can only represent one of the first vulnerabilities. This manifests itself through the
activation of mechanisms of bottom subsidence or tipping over away from the floors.
Finally, the records described here do not deliberately take into account the presence of
the single central room, atrium or often chapel, present in almost all the cemeteries. In
general, part of the collapse mechanisms reported in “FORM A-DC church” describe the
various vulnerabilities that occur under seismic action for these elements.
3.3 The application of existing tools to cemeteries
“FORM A-DC church” and “FORM B –DP palaces” are, therefore, the models applied
in the 2012 earthquake in Emilia-Romagna. The use of these tools, strictly connected to the
type they describe, even if they are the only ones currently available, has highlighted the
need to intervene with appropriate adjustments, in particular with reference to types of a
different nature such as cemetery units. In this case, numerous problems have affected the
damage detection process.
First of all, the operators chose the most suitable form to use. The answer to this question
in 2012 was ambiguous and followed three different approaches. In some cases, the choice
fell on the use of only “FORM A-DC church”. This preference, which has the certain
advantage of embracing all the aspects borrowed from ecclesiastical buildings (chapels with
apses, domes, pediments, etc.), probably arises from the willingness to identify the element
of greatest vulnerability in the portico. When filling in the form of the cemetery of
Sant'Agostino, both mechanism 5 and 7 are identified as a vulnerability, i.e. 'transversal
response of the hall' and 'longitudinal response of the colonnade', so as to be able to insert
collapse mechanisms for both actions of the forces acting on the porch. In contrast, the
“FORM A-DC church” does not face a problem such as the large spatial articulation of
cemeteries, the wings of which can be damaged in different ways.
This is probably the motivation that led most compilers to use “FORM B –DP palaces”,
a model that, since it is studied for buildings, by means of dividing it into areas it allows
greater articulation in the description of the damage, considering the responses of the
structure and different mechanisms of collapse for the different parts examined. Although
from a first analysis, the form seems to allow greater descriptive freedom, it however lacks
the description of the typical mechanisms of large halls of an ecclesiastical nature. The
impossibility of indicating the mechanism in the section dedicated to the calculation of the
damage index (although it is often correctly reported in the note) prevents the correct
calculation of the index itself. Furthermore, it is the same freedom and at the same time the
descriptive rigidity of the form that causes excessive simplifications in relation to the
extension of the cemetery unit. In the monumental cemetery of Mirandola, with reference
to the precise cataloguing of the walls, we finally come to describe the state of collapse of
a portion of them but not the initial collapse of the surrounding areas, therefore indicating
only one part of the damage.
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The inadequacy is even more evident if it is reflected in the damage indices associated
with the two cemeteries mentioned above: 0.17 for the Sant'Agostino cemetery and 0.12 for
the Mirandola cemetery on a scale from 0 to 1. The first is severely damaged due to the
relative movement between the parts generated by the liquefaction of the soil. In addition
to collapsed areas, the second cemetery has large portions that are close to collapse. In both
cases, the damage index should have been greater than was actually calculated.
Probably, the need to interpolate both characteristics present in the two forms has led to
a percentage of compilers for the choice of breaking down the cemetery according to the
two models using “FORM A-DC church” for the mortuary chapel and “FORM B –DP
palaces” for the remaining areas. Although the choice seems to be the natural solution to
the problem of the inadequacy of the single instrument, in reality it does not provide a
uniform indication of the damage to the building.
Furthermore, the breakdown of the cemetery into multiple micro-units is an additional
problem. The use of multiple forms is in fact allowed in relation to the identification of a
structurally separate unit. Although this criterion seems to have been respected for some
cemeteries, where the subdivision follows the scan in separate blocks of the columbarium,
in other cases the unit is considered as unified giving up the compilation of separate forms
for each block and, in others, it is still divided into several parts (for example by construction
period), without which they can necessarily be considered structurally independent. In the
first case, there is a summary description of the damage. In the second case, there is also a
detailed description for each unit that does not necessarily take into account the probable
interaction between the different parts.

a)

b)

Figure 7: Different types of family chapels: a) chapels connected at columbaria and at the structures of the
cemetery; b) chapels as separated units.

Finally, a further issue found in the damage characterisation process is linked to the
experimentation, during 2013, of a “FORM B –DP palaces” aimed at facilitating the
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compilation of the one adopted to date, which is considered too complex and not very
expeditious. The attempt to simplify the new form - which no longer required a detailed
description of all the walls, but a twofold rating of the level of damage and on the level of
vulnerability - has proved to be particularly complex for compilers as evidenced by a
significant amount of forms where the only damage correctly reported is the one related to
the roof covering.
In the margin, a necessary reflection is added on whether family chapels are to be
considered as annexed bodies (on the same form) or else should they be considered as
structurally separate units (a new form)(Figure 7) ? On wall and/or statuary headstones, and
on other characteristics related to the cemeterial type. It is easy to understand how the tools
existing today are insufficient in damage detection operations.
4 CONCLUSIONS
The “2012 Emilia” earthquake has enabled us to identify both the strengths and the
weaknesses in the procedures of emergency management useful for the reconstruction.
The damage survey aims at giving a first description useful to understand the damage
level of the Architectural Heritage and at improving the safety measures. It also aims at
making a first economic assessment of the reconstruction costs, that is why if the evaluation
is as close as possible to the real needs we are more aware of the resource management and
easily identify priority actions.
Economically, in Emilia-Romagna the specialised types not including Churches and
Palazzos cost more than 300 million of euros, 59 of which are used for cemeteries. Through
a deeper analysis we can see that the costs - intervention by intervention - sometimes end
up totally different from what has been previously estimated in the sheets.
The analysis of the buildings damaged by “2012 Emilia” earthquake, belonging to
different specialised types, currently represents a great opportunity to implement the
existent instruments. Such as for previous earthquakes [9,10,11,12], the typological
analysis, the vulnerability evaluation, and the observation deriving from the same sheets
compiled after the “2012 Emilia” earthquake, would give us new tools to use together with
the existent ones.
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Abstract. The seismic protection of cultural heritage is an important topic that has been faced
by several researchers in the last decades. Seismic events of the past have highlighted the need
of achieving a proper knowledge of the vulnerability of cultural heritage, in particular of
churches, in order to put in the field proper mitigation measures at the large scale. According
to this premise, this paper deals with the damage scenario observed on eighty seven churches
hit by the 2016 Central Italy earthquake. In a first stage, the most important structural features
of the studied churches are discussed and threated by the statistical standpoint. The reported
information have been collected through the A-DC form, adopted by the Civil Protection
Department and by the Ministry of Heritage and Cultural Activity and Tourism (MiBACT),
which was used in the framing of the damage reconnaissance activity carried out by the ReLUIS
Italian consortium in the aftermath of the earthquake. Also, the form has been used in order
assess the damage of each macro-element and, then, to assign a damage index to each church.
The presented work is framed in a wider research activity that aims at providing a predictive
methodology for the vulnerability assessment of churches at the regional scale. This
methodology was already calibrated on the basis of the 2009 L’Aquila seismic event. The
outcomes presented in this paper will serve to further prove the reliability of the proposed
model.
1

INTRODUCTION

The last seismic sequence that hit the central regions of Italy began the 24th August 2016,
with an event of magnitude 6.0 MW occurred in Amatrice and Accumuli (in the district of
Rieti). Then, it had its peak the 30th October, with epicenter in Norcia, in the district of Perugia,
when a magnitude of 6.5 MW was reached. The whole seismic sequence affected 1200 square
kilometers in the central Apennines and included the Regions of Abruzzi, Lazio, Marche and
Umbria, as it is shown in Figure 1 when the affected areas and the epicenters are shown.
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Figure 1: Seismic sequence of Central Italy earthquake

Since the first shock it was immediately clear that the earthquake was capable to produce
devastating scenarios. In fact, 299 deaths and more than 300 injuries were registered, with the
destruction of entire municipalities such as Accumuli, Amatrice and Arquata del Tronto.
Fortunately, the following earthquakes did not provoke analogous quantities of deaths and
injuries, as people were properly dislocated, but several buildings in the affected urban centers
collapsed.
Churches undertook an outstanding damage: they showed, again, a high fragility following
a seismic event because of the high number of sources of fragility. An important example is the
cathedral of Norcia, where the central part of the church collapsed following the shock of the
30th October. Only the façade remained standing, becoming one of the saddest symbol of the
2016 Central Italy earthquake.
The work presented in this paper offers the possibility of outlining the damage suffered by a
group of 87 churches affected by the 2016 earthquake. This damage was analyzed following
the post-earthquake inspections conducted by the authors with the technicians of the Civil
Protection and of the Ministry of Cultural Heritage, through the application of the " A-DC"
form. The latter was used for emergency management purpose after the earthquake, with the
aim of evaluating the accessibility of Cultural Heritage.
The paper is articulated as follows. In Section 2, the seismicity of the area is briefly shown;
next the group of churches dealt with in the paper, as well as their characteristics, are described.
Then (Section 3) the damage scenario is analyzed by comparing the formulation of the A-DC
forms and the methodology proposed by the Cultural Heritage Guidelines. Finally, a statistical
analysis of the damage undertook by both the whole churches and the single macro-elements is
presented.
2 HISTORICAL SEISMICITY OF THE ANALYZED AREA
The 2016 Central Italy earthquake hit an area characterized by a relevant historic seismicity
[1][2][3]. In the core of the “seismic crater” (the area hit by the earthquake appointed by the
Italian government for economical support) the strongest event occurred in the 18th century,
during the 1703 earthquakes in Valnerina and L'Aquila (Magnitude 6.7 Mw). These
earthquakes were really devastating and caused tens of thousands of victims overall [4]. The
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Amatrice area suffered 4 strong historical earthquakes: those are the earthquake of 1627, with
the epicenter in Accumuli (5.3 MW), the earthquake of 1639 with epicenter in Amatrice (6.2
MW), the earthquake of 1646 with epicenter in Monti della Laga (5.9 MW) and the earthquake
occurred in 1672 with the epicenter in Amatrice (5.3 MW). In the southern area of the crater,
affected by the seismic event of the 18th January, the most historically important events are
those deriving from the Abruzzo area: in 1619 in the L’Aquila area, magnitude 5.3 MW, in
1950 in the Teramo area, magnitudo 5.7 MW and in the 2009, again in the L’Aquila area.
3

THE STUDIED CHURCHES

87 churches located in the area affected by the earthquake have been inspected by the
authors. For this analysis, the “A-DC” form, proposed by the Ministry of Cultural Heritage,
was used. This form allows to evaluate the state of usability of the churches according to the
severity of the collapse mechanisms activated by the earthquake on the single macro elements.
The considered churches were built at very different times, with a minimal prevalence of
17th century buildings (18%). They are distributed in the three regions of Abruzzi (70%), Lazio
(15%) and Marche (15%), with a larger distribution in the provinces of Teramo (Abruzzi) and
Ascoli Piceno (Marche). Overall the churches present features that are typical of the Apennine
areas.
The analyzed churches are often characterized by very regular plants. As shown in Figure
2a, 79% has a single rectangular nave, 5% has two naves and the remaining 16% is made of a
three naves plant.
Most of the churches are very small, often belonging to small municipalities and
characterized by a single nave, with a gabled facade and light coverage. A representative
example of the typology is the church of Madonna delle Grazie in Isola Del Gran Sasso (TE),
shown in Figure 2b.
100%
80%
60%
40%
20%
0%

1 nave

2 nave

3 nave

Figure 2: a) Typological distribution of churches; b) Madonna delle Grazie church in Isola del Gran Sasso (TE).

The analysis highlighted the different types of facades, with a predominance of gable façades
(51%) and a minority made of façades enclosed within two towers (1%), as shown in figure 3.
In figure 4a the frequencies of the observed types of bell tower is shown. A prevalence of
bell gables and tower bells (almost 40% each) has been revealed; cell bell tower have been
observed for the 10% of the cases, whereas, for the remaining 10 % no bell towers have been
observed.
The presence of the other architectural elements that generally characterize churches with
huge dimensions, such as transepts, domes and chapels, have been found seldom. In particular,
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the transept is present only in 2% of cases, the dome in 6%, the chapels in 21%. The results are
summarized in Figure 4b.

Figure 3: Different types of facades

Figure 4: a) Type of bell tower b) Presence/absence of the macroelements transept, dome and chapels

The 39% of churches present vaulted roofs. However, it should be considered that a
substantial number of churches (36%), have wooden cover. The remaining churches (24%) have
flat roof, and the 1% have present steel roofs that, evidently, were added recently.
4

DAMAGE ANALYSIS

4.1 Damage analysis according to the A-DC form
The damage analysis was carried out by collecting the information given by the A-DC form.
The form defines 28 potential collapse mechanisms, according to the Cultural Heritage
Guidelines (2010) [5]. These are listed in table 1.
or each mechanism, a judgment on the severity of the damage provoked by the earthquake
was given. This judgment consisted in a score dk ranging from k=0 to k=5 and increasing with
the severity of damage (d0=0 in case of absent mechanism, d5=5 for mechanisms associated to
collapse of the macroelement) .
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Table 1. The 28 mechanisms considered by the A-DC form
m
1.
2.
3.
4.
5.
6.
7.
8.
9.
10.
11.
12.
13.
14.
15.
16.
17.
18.
19.
20.
21.
22.
23.
24.
25.
26.
27.
28.

mechanism
Façade overturning;
Mechanism at the top façade
Mechanism in plane of façade
Narthex
Transversal response
Shear mechanism lateral walls
Longitudinal response
Central nave vaults
Aisles vaults
Transept façade overturning
Shear mechanism in transept
Transept vaults
Triumphal arches
Dome
Lantern
Apse overturning
Shear mechanism in apse
Apse vaults
Mechanism in roof of the nave
Mechanism in roof of transept
Mechanism in roof of apse
Chapel overturning
Shear mechanism in chapels
Chapel vaults
Plan-height irregularity
Architectural details
Bell tower
Bell cell

m
1
1
0.5
0.25
1
1
1
1
0.75
0.75
0.5
0.75
1
0.75
0.25
0.75
0.5
1
0.5
0.5
0.5
0.25
0.25
0,5
1
0.25
1
0.5

Then a damage index idA-DC, for each church, has been defined, according to the
expression eq(1).
n

idA DC 

d
m 1

k ,m

5n

(1)

where m is a generic mechanism to which the score dk,m is associated and n is the number of
possible mechanisms that are present in the analysed church.
4.2 Damage analysis according to Cultural Heritage Guidelines
The procedure described in Section 4.1, used for the purpose of defining an immediate
judgment for accessibility on the churches during the reconnaissance activity, does not actually
take into due account that the different collapse mechanisms may have a different importance
to the for the purpose of global stability. To take this into account, a second analysis was
conducted using the indications of the Guidelines on Cultural Heritage (2010) that associate to
the generic mechanism m a weight factors ρm to be introduced in the formulation of the damage
index id expressed in eq. (1), which is modified as reported in eq. (2).
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n

1 
idGuid
 m 1
5

 m  d k ,m

(2)

n


m 1

m

The ρm factor is 0 when the mechanisms that cannot be activated in the church due to the
absence of the macroelement, while it ranges between 0.5 and 1 in the other cases [6]. The
considered values of ρm, as indicated in [7], are given in Table 1.
4.3 Damage levels for the whole churches
The damage indices, obtained for each church by applying both the two procedures described
above, were used to define a global damage level Dk, variable from 0 to 5 (D0 = 0, D1 = 1 ... D5
= 5) according to criteria defined in the literature by Lagomasino and Podestà (2004) [8].The
criteria are summarized in table 2.
Table 2: Relation between the damage index id and the global damage level Dk, according to [8]

Dk
D0
D1
D2
D3
D4
D5

id
id ≤ 0.05
0.05 < id ≤ 0.25
0.25 < id ≤ 0.4
0.4 < id ≤ 0.6
0.6 < id ≤ 0.8
id > 0.8

The damage level Dk can be related to the limit states listed below [9]:
D0: no damage
D1: light damage
D2: moderate damage
D3: serious damage
D4: very serious damage (partial collapses)
D5: collapse
They are schematically represented in Figure 5.

Dk=1

Dk=2

Dk=3

Dk=4

Dk=5

Figure 5: Limit states corresponding to the five damage levels Dk

The obtained Dk, obtained according to the two procedures discussed in Section 4.1 and 4.2,
are reported in Figure 6 (organized in two graphs arranged on two rows). As it is possible to
observe, the two procedures give almost the same results except for six cases.
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Figure 6: Damage levels (Dk) for churches

4.3 Observed and predicted damage
The elaboration of the frequencies of the obtained Dk evaluated for the studied 87 churches
has allowed the definition of the so called Damage Probability Matrix (DPM), shown in Figure
7, which is as a useful tool for representing the occurred damage scenario.
It must be pointed out that the conducted analysis concerns a very large territory, with
macroseismic intensity varying between IV and VII measured in the MCS scale. For this reason,
the proposed DPM can be intended, in a predictive key, as a tool for the evaluation of the
vulnerability of the churches at regional scale. This evaluation can be generally applied also to
other territories presenting churches with the same features of the here analysed ones.
Always in Figure 7, it is possible to observe that the gathered frequencies could have been
predicted by applying the binomial probability distribution (DPF) provided in eq. (3), once that
the mean damage D had been assessed.
pk


5!
 
 D 
k ! (5  k )!  5 

where

k

  
 1  D 
5 


5

(3)



D 

 D
i 1
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Being  the number of analyzed churches.

Figure 7: Damage Probability Matrix (DPM) of the analyzed churches

This result confirms what has been found by other studied related to Italian churches hit by
earthquakes of the past (see, for example, [10]).
4.4 Macroelement analysis
The most important damages observed during the inspection in the churches were mostly
related to mechanisms involving the facades and roofing system in the central nave. Significant
damage levels were also found on the bell towers and gables.
With reference to failure mechanisms of the facade macro-element [11], the 26% of the
churches presented damage D0, the 17% damage D1, the 28% damage D2, the 14% damage D3,
the 7% damage D4 and the remaining 3% damage D5. An example of this type of mechanism
was found in the Church of Santa Giusta in Cortino (TE), which has very serious cracks in the
facade plan to which damage D4 has been attributed (Figure 8a).
Many of the out-of-plane mechanisms occurred in the presence of poor masonry. This is the
case of the church of San Michele in Valle Castellana (TE), which showed a collapse of a
portion of the facade. The poor wall quality and the absence of transverse connections
contributed to the delamination of the external material (Figure 8b).

Figure 8: a) Santa Giusta church in Cortino (TE); b) San Michele church in Valle Castellana (TE)

It is important to note that more than half of the bell towers or gables resulted seriously
damaged. These are slender elements, which often do not present any type of anti-seismic
devices. Therefore important damages and, in some cases, collapses have been observed. An
example is the bell gable of the church of San Paolo in Cortino (TE), where a partial collapse

3648

G. Cianchino, G. De Matteis and G. Brando

was found (Figure 9).

Figure 9: The damaged bell gable of San Paolo a Cortino (TE)

The damage analysis was also carried out for all the other macroelements. The data have
been gathered according to the observed mechanisms listed in Table 1 and organized as listed
below:
Out of plane (mechanisms number 1-10-16)
Facade (mechanisms number 2-3-4)
Lateral walls (mechanisms number 6-11-17-25)
Chapels (mechanisms number 22-23)
Columns (mechanism number 7)
Dome (mechanisms number 14-15)
Roofing system (mechanisms number 19-20-21)
Bell tower/gable (mechanisms number 27-28)
Arches and vaults (mechanisms number 5-8-9-12-13-18-24)
Decorations (mechanism number 26)
The frequencies of the reported damage are shown in Figure 10. It is interesting to note that,
also in this case, the associated damage levels can be well interpreted through the application
of the binomial probability distribution that, therefore, can be intended as a predictive tool also
when the prevision is carried out on the single mechanisms involving the single macroelements.
This result confirm what was found in [12] by the Authors with reference to the churches in
Abruzzi hit by the 2009 L’Aquila earthquake.
4

CONCLUSIONS

In this paper an extensive analyses of the damage observed on 87 churches hit by the 2016
Central Italy earthquake has been proposed. The main results can be summarized as follows:
 In the analyzed stock, mainly composed by small churches with a single nave and a
rectangular plan, the higher damage was observed on the façade and on the bell
towers/gables;
 The observed damage scenario has been represented in terms of Damage Probability
Matrix (DPM) and the gathered frequencies have been interpreted by means of the
binomial probability distribution that proved to be reliable in reproducing the
observed scenario once that the mean damage is known;
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a)

b)

c)

d)

e)

f)

g)

h)

i)
l)
Figure 11: Statistical analysis of damage by macroelements with probabilistic interpretation according to
binomial distribution (a) Out of plane, (b) Facade, (c) Lateral wall, (d) Chapels, (e) Column, (f) Dome, (g)
Coverage, (h) Bell tower, (i) Arches and vaults, (l) Decorations.
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As already discussed in previous studies carried out by the authors, DPMs are an
effective tool also to interpret the damage provoked by mechanisms involving single
macroelements.
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Ministry of Cultural Heritage (MIBACT). A part of the presented study has been extracted from
the graduation thesis of Dr. Cristina Schiavi.
REFERENCES
[1] Gruppo di Lavoro INGV sul terremoto in centro Italia, 2016. Rapporto di sintesi sul

Terremoto in centro Italia Mw 6.5 del 30 ottobre 2016, [DOI: 10.5281/zenodo.166019].
[2] Gruppo di lavoro INGV 2017. “Relazione sullo stato delle conoscenze sulla sequenza
sismica in centro italia 2016-2017 (Aggiornamento Al 2 Febbraio 2017).” 2017.
[3] Gruppo di lavoro INGV. 2016. “Second Summary Report of the Ml 6.0 Amatrice
Earthquake of August 24, 2016 (Central Italy).” 2016.
[4] Tashkov, L., Krstevska, L., Naumovski, N., De Matteis, G., Brando, G. 2010. Ambient
vibration tests on three religious buildings in Goriano Sicoli damaged during the 2009
L'Aquila earthquake COST ACTION C26: Urban Habitat Constructions under
Catastrophic Events - Proceedings of the Final Conference, pp. 433-438.
[5] Linee Guida per la valutazione e riduzione del rischio sismico del patrimonio culturale
allineate alle nuove Norme tecniche per le costruzioni (d.m. 14 gennaio 2008). Normativa
Italiana per la protezione dei beni culturali. Ministero per i Beni e le Attività Culturali,
2010. Circolare n.26.
[6] Criber, E., Brando, G., De Matteis, G., 2015. The effects of L’Aquila earthquake on the St.
Gemma church in Goriano Sicoli: part I—damage survey and kinematic analysis. Bulletin
of Earthquake Engineering, 13 (12), pp. 3713-3732.
[7] De Matteis, G., Criber, E., Brando, G. 2016. Damage Probability Matrices for Three-Nave
Masonry Churches in Abruzzi After the 2009 L’Aquila Earthquake. International Journal
of Architectural Heritage, 10 (2-3), pp. 120-145
[8] Lagomarsino, S., Podestà, S., 2004. Seismic Vulnerability of Ancient Churches: II.
Statistical Analysis of Surveyed Data and Methods for Risk Analysis. Earthquake Spectra,
Volume 20, No. 2, pages 395–412, May 2004.
[9] Grunthal, G., 1998. European Macroseismic Scale. Centre Européen de Géodynamique et
de Séismologie, Luxembourg; Vol. 15.
[10] De Matteis, G., Brando, G., Corlito, V., 2019. Predictive model for seismic vulnerability
assessment of churches based on the 2009 L’Aquila earthquake. Bulletin of Earthquake
Engineering. In press
[11] Brando, G., Criber, E., De Matteis, G. 2015.The effects of L’aquila earthquake on the St.
Gemma church in Goriano Sicoli: part II—fem analysis. Bulletin of Earthquake
Engineering, 13 (12), pp. 3733-3748.
[12] De Matteis, G., Criber, E., Brando, G. Damage Probability Matrices for Three-Nave
Masonry Churches in Abruzzi after the 2009 LAquila Earthquake (2016) International
Journal of Architectural Heritage, 10 (2-3), pp. 120-145.

3651

Vulnerability
G.
Brando, G.Assessment
Cocco, C. Mazzanti,
of Dwellings
M. Peruch,
in the Historic
E. Spacone,
Center
C. Alfaro,
of Cusco
K.(Peru)
Sovero and N. Tarque

12th International Conference on Structural Analysis of Historical Constructions
SAHC 2020
P. Roca, L. Pelà and C. Molins (Eds.)

VULNERABILITY ASSESSMENT OF DWELLINGS IN THE
HISTORIC CENTER OF CUSCO (PERU)
1*

1

1

1

1

G. BRANDO , G. COCCO , C. MAZZANTI , M. PERUCH , E. SPACONE , C.
2
2
3
ALFARO , K. SOVERO AND N. TARQUE
1

Department of Engineering and Geology,
University ‘‘G. d’Annunzio’’ of Chieti Pescara, Pescara, Italy
email: gbrando@unich.it (*corresponding author)
2 Department

of Engineering, Urb. Ingegneria Larapa Grande A-5
Universidad Andina del Cusco
San jeronimo, Cusco 08006, Peru
3 Department

of Engineering
Pontifical Catholic University of Peru (PUCP)
San Miguel 15088, Peru

Keywords: Seismic Vulnerability, Historic center, Cusco, Adobe, UNESCO sites
Abstract. The seismic vulnerability assessment of the historic center of Cusco (Peru), an
important UNESCO world heritage site, is dealt with in this paper. First, historical
development of the city is presented through an in-depth historical analysis of its
transformation over time, from the Inca empire to modern days. Then, an extensive in -situ
survey activity, that allowed to collect several information about the main structural features
concerning ordinary residential buildings, is shown.
Based on the collected data, an empirical method calibrated on Italian historic centers from
the authors is applied. It allowed to obtain Damage Probability Matrices and Fragility Curves
for different earthquake intensities, as well as to assess the probability of exceeding certain
levels of damage when seismic events of different intensities occur.
Based on these predicted damage frequencies, it is possible to prevent irremediable losses
and to propose retrofitting interventions which can lead to the seismic vulnerability mitigation
for the whole historic center.
1

INTRODUCTION

Seismic vulnerability of buildings is defined as their aptitude to present damages or collapses
due to seismic events. Considering the frequent occurrence of earthquakes, seismic
vulnerability assessment is an essential process for building heritage preservation, especially
when it is applied to UNESCO word heritage sites such as Cusco, which is dealt with in this
paper.
The Seismic Vulnerability Assessment is an issue that can be managed in different ways, to
be selected based on the problem size and the resources available. When the stock of buildings
to analyze is quite large, empirical methods represent an expeditious way for an assessment at
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the urban scale, based on engineering judgments and statistical data elaboration [1],[2].
Conversely, numerical methods, based on FEM (Finite Element Method) models characterized
by a high computational effort and time-consuming, allow to focus the attention on the seismic
response of a single building [3],[4], [5]. This kind of methodology is mainly used in case of
structures with an important historical/cultural/architectonical value. However, analyses with a
medium complexity can be applied by means analytical methods that, focusing the attention on
a stock of buildings considered representative of the whole historic center, allow to perform
analyses that are more feasible with respect to numerical analyses but more detailed in
comparison to the empirical methods [6],[7], [8] .
The methodology applied to the historic center of Cusco, presented in this paper, is an
empirical vulnerability index-based method, in which Vulnerability Indices were obtained
through observation procedures that have involved many residential adobe structures. The
application of this procedure allowed to evaluate the main vulnerability sources and, therefore,
to propose possible interventions aimed at mitigating the seismic risk of the whole historic
center.
To estimate the Vulnerability Indices, it was necessary to carry out a preliminary study
concerning the historical evolution of the historic center and an in-situ investigation in order to
collect all useful information, presented in Section 2 and 3. The applied Vulnerability Indexbased Method is explained in Section 4. Finally, Damage Probability Matrices, provided by the
method, and the related Empirical Fragility Curves are shown in Section 5.
2 THE CITY OF CUSCO AND ITS HISTORICAL EVOLUTION
The current urban configuration of Cusco is the result of several changes that took place over
a long time [9], going from the Inca period to the Spanish colonies, up to the Republican period
[10].
The different historical phases also had repercussions on the built heritage of the city. In fact,
the urban configuration of Cusco passed from the presence of common squares surrounded by
rectangular-shaped aggregate buildings with internal courtyards of the Inca period (Figure 1a),
to the reduction of the common squares extensions, during the Spanish domination, with the
construction of adobe buildings atop the ancient walls of the Inca period that worked as
foundations (Figure 1b), [11].

a)

b)

Figure 1: Evolution of structural typologies in Cusco: from the “kancha” of the Inca
period (a) to the colonial houses of the Spanish domination (b).
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Despite the succession of building types characterizing each historical phase, one of the main
factors that influenced the built heritage evolution of Cusco was the relevant seismic activity in
the area. Several seismic events led to continuous processes of reconstruction, shaping and
reshaping the configuration of the city, such as the one implemented after the destructive 1950
earthquake, which led to the collapse of several structures including adobe buildings, colonial
churches, but also new structures [12].
In addition, the large flow of tourists that every year involve the historic center of Cusco has
been the cause of the growing demand for hotels and shops located in the heart of the historic
center. For this reason, most of the adobe houses located close to the hugest squares experienced
changes of use and deep structural modifications, which led to the loss of the original vernacular
structure’s identity.
3

THE STRUCTURAL SURVEY OF ADOBE DWELLINGS

In order to assess the seismic vulnerability of dwellings in the historic center of Cusco, a
reconnaissance activity characterized by rapid surveys was necessary. A special form to collect
all necessary data was used for the purpose [13]. Each survey form served to identify the main
features of each structural unit belonging to a building aggregate: type of material, number of
floors, structural system typology, foundation system, roof characteristics, façade thickness and
site topographical features.
However, it has not been possible always to inspect all buildings from inside and, in some
cases, the survey was integrated with historical documents, books and aerial views. The survey
activity allowed to ascertain that, approximately 78% of residential buildings are built in ado be,
while the remaining 22% presents a reinforced concrete main structure (Figure 2).

Figure 2: Map of Cusco and territorial distribution of the main structural typologies.

Focusing the attention on adobe structural units, they are mostly organized on two or three
floors, with a height of about 2.5m. The adobe walls thickness ranges from 80cm to 100cm.
The foundation system extends above the street level, to isolate the adobe walls from the
humidity rising from the ground: stone foundations have been identified in about 77% of the
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analyzed buildings (Figure 3a), however, in 2% of the structures the ancient Inca foundations
are still recognizable (Figure 3b). These are made of very large granite blocks dry assembled.
Floors and roofs are made of wooden structures which, due to the poor connections with the
vertical walls, do not guarantee any type of restrain. Furthermore, sporadically, steel ties or ring
beams that act as anti-seismic devices have been identified.

a)

b)

Figure 3: Main foundation typologies: the most recent stone foundations (a) and the
ancient Inca foundations (b).

Single structural units identified during the survey activity belong to large building clusters
called “cuadra”, which have large internal courtyards typical of Spanish colonial houses and
which are surrounded by roads, as shown in Figure 4. For this reason, an entry concerning the
possible evacuation routes in case of a seismic event occurrence, has been also included in the
survey form. This represents an important factor, since the escape route can be blocked by the
collapse of a façade overlooking that street.
The collection of all these data and their statistical re-elaboration, allowed to ascertain that
a high percentage of the analyzed structures presents irregularities in plan (65%) and in
elevation (96%), poor quality connections and total absence of seismic protection (80%) [14].

Figure 4: Graphic representation of a typical block in the historic center of Cusco.
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4

THE VULNERABILITY INDEX-BASED METHOD

An empirical methodology has been applied. In detail, the data collected during the in-situ
investigations through observational procedures were used to evaluate vulnerability indices for
adobe dwellings.
A Vulnerability-index for each adobe dwelling presents in the historic center of Cusco has
been defined, considering the seven vulnerability parameters reported in Table 1. These
parameters come from a Vulnerability-Index Based Method calibrated through the damage
observation of masonry buildings belonging to the Italian historic centers [15], which led to the
definition of fourteen Vulnerability Parameters. However, considering the different structural
typologies present in Cusco and their main vulnerability sources, only seven of them have been
considered.
Table 1: Vulnerability parameters Pj considered for the proposed VI Method.

Vulnerability Parameters
P1
P2
P3
P4
P5
P6
P7

Vulnerability type
Position (in the cluster)
Number of stories
1st mode mechanisms
2nd mode mechanisms
Slabs
Irregularities
Site effects

ρk
1.5
1.5
1.5
1.0
1.0
0.8
1.5

Through a critical observation of each structural unit, engineering judgments have been
expressed based on these seven vulnerability parameters, so to compute the Vulnerability
Indices for about 340 structural units according to eq. (1):
𝑚𝑚
1 ∑𝑗𝑗=1 𝜌𝜌𝑗𝑗 ∙ (𝑣𝑣𝑗𝑗,𝑓𝑓 − 𝑣𝑣𝑗𝑗,𝑝𝑝 )
𝑖𝑖𝑣𝑣 = ∙
∑𝑚𝑚
6
𝑗𝑗=1 𝜌𝜌𝑗𝑗

(1)

Where:
- 𝜌𝜌 is a factor that weight the influence of the general parameter on the whole stability of
the building. It was calibrated based on damage reconnaissance activities carried out on
masonry buildings and its value can range from 0 to 1.5 [15];
- 𝑣𝑣𝑗𝑗,𝑓𝑓 is the fragility score that is higher as the structural feature makes the vulnerability
sources more severe;
- 𝑣𝑣𝑗𝑗,𝑝𝑝 is defined as the protection score which consider the effectiveness of the applied
anti-seismic device in order to contrast the development of undesired mechanisms
related to the vulnerability source 𝑃𝑃𝑘𝑘 .
Once the vulnerability indices for the considered structural units have been defined, their
average value 𝑖𝑖 ∗𝑣𝑣 has been computed. This allows the definition of the so-called vulnerability
factor 𝑉𝑉, suitably calibrated in [15] and defined by eq. (2):
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𝑉𝑉 = 0.53 + 1.16 ∙ 𝑖𝑖𝑣𝑣∗ − 4.00 ∙ 𝑖𝑖𝑣𝑣∗2 + 4.21 ∙ 𝑖𝑖𝑣𝑣∗3

(2)

This factor allowed the definition of an expected mean damage value 𝜇𝜇 𝐷𝐷 by means of eq. (3).
It has been computed for different seismic intensities 𝐼𝐼𝑀𝑀𝑀𝑀𝑀𝑀(expressed in the Mercalli – Cancani
- Sieberg Scale-MCS) and considering the ductility of analyzed buildings through the factor Q,
set equal to 2.3.
𝐼𝐼𝑀𝑀𝑀𝑀𝑀𝑀 + 6.25 ∙ 𝑉𝑉 − 13.1
)]
𝜇𝜇 𝐷𝐷 = 2.5 ∙ [1 + 𝑡𝑡𝑡𝑡𝑡𝑡ℎ (
𝑄𝑄

(3)

Then, the mean damage 𝜇𝜇 𝐷𝐷 has been used to evaluate the probability 𝑝𝑝[𝑘𝑘|𝐼𝐼] of achievement of
a certain damage level 𝑘𝑘 for each seismic intensity 𝐼𝐼𝑀𝑀𝑀𝑀𝑀𝑀, through a binomial probability
distribution expressed by eq. (4):
𝑝𝑝[𝑘𝑘 |𝐼𝐼𝑀𝑀𝑀𝑀𝑀𝑀] =

5!
𝜇𝜇 𝐷𝐷 𝑘𝑘
𝜇𝜇 𝐷𝐷 5−𝑘𝑘
∙ ( ) ∙ (1 − )
𝑘𝑘! ∙ (5 − 𝑘𝑘) ! 5
5

(4)

The coefficient 𝑘𝑘 represents the damage level according to Grünthal [16]. It can vary from 0 to
5 based on the damage extension:
- k = 0 No structural damage;
- k = 1 Negligible to slight damage. No structural damage, slight non-structural damage.
Hair-line cracks in very few walls; fall of small pieces of plaster; fall of loose stones
from upper parts of buildings in very few cases;
- k = 2 Moderate damage. Slight structural damage, moderate non-structural damage.
Cracks in many walls; fall of large pieces of plaster; partial collapse of chimneys;
- k = 3 Substantial to heavy damage. Moderate structural damage, heavy non-structural
damage. Large and extensive cracks in most walls; roof tiles detach; chimneys fracture
at the roof line; failure of individual non-structural elements;
- k = 4 Very heavy damage. Heavy structural damage, very heavy non-structural damage.
Serious failure of walls; partial structural failure of roofs and floors.
- k = 5 Destruction. Very heavy structural damage. Total or near total collapse.
5

FINAL RESULTS

The empirical methodology implemented in this study allowed to assess the expected
damage scenarios through the Damage Probability Matrices (DPMs) for different seismic
intensities 𝐼𝐼𝑀𝑀𝑀𝑀𝑀𝑀. These are shown in Figure 5a and allow to assess how the damage scenarios
evolve when the seismic intensity increases. Moreover, by summing the estimations coming
from the DPMs, it was possible to define the Fragility Curves, shown in Figure 5b. They
represent the probability of exceeding a certain damage level 𝑃𝑃 [𝐷𝐷 > 𝐷𝐷𝐷𝐷], in relation to a given
Peak Ground Acceleration (𝑃𝑃𝑃𝑃𝑃𝑃). To move from the Macroseismic Intensity 𝐼𝐼𝑀𝑀𝑀𝑀𝑀𝑀, in which the
Damage Probability Matrices are expressed, to the 𝑃𝑃𝑃𝑃𝑃𝑃, the relation proposed by Margottini in
1992 was used [17].
Information that can be derived from these Fragility Curves are of considerable importance.
For instance, if Cusco is hit by an earthquake characterized by a PGA/g equal to 0.6, the fragility
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curves allow to predict the following damage scenario: about 60% of the buildings will have
total collapses or collapses affecting more than 50% of the structure (D > D4); serious damage
(D > D3) recognizable by large cracks and activation of overturning mechanisms, will affect
30% of the analyzed buildings; while, the remaining 10% of the examined stock will suffer
damages that go from negligible to moderate (D0 < D < D3).
The vulnerability index-based method not only allows a prediction of the expected damage
scenarios, but also a critical assessment of the structural deficiencies found , as well as possible
proposal of interventions, through the analysis of fragilities (𝑣𝑣𝑗𝑗,𝑓𝑓 ) and protections (𝑣𝑣𝑗𝑗,𝑝𝑝 ) (Figure
6a and 6b), computed according to the procedures previously presented.
From their analysis it was possible to notice that, most of the buildings belonging to the
analyzed stock, have a high vulnerability with respect to overturning mechanisms and site
effects. Although the latter cannot be avoided in any way, the undesired kinematic mechanisms
can be limited through the insertion of anti-seismic devices, like iron ties or buttresses, able to
restrain more effectively vertical walls. These interventions, if implemented on an urban scale,
would lead to a lowering of the average vulnerability index 𝑖𝑖 ∗𝑣𝑣 from 0.72 to 0.65 [12]. If further
interventions are added, so to also improve the slab performance and to enhance the wall
textures, a remarkable seismic vulnerability mitigation of the whole historic center of Cusco
would be achieved.

a)

b)

Figure 5: Expected Damage Scenarios represented by means of Damage Probability Matrices (a) and
Fragility Curves in terms of Peak Ground Acceleration (b).
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a)

b)

Figure 6: Statistical distribution of the scores (a) ν mf and (b) νmp.

6

CONCLUSIONS

This paper dealt with the seismic vulnerability assessment, carried out on the urban scale of
a large area of the historic center of Cusco, in Peru, focusing the attention on adobe dwellings.
This analysis was carried out through the application of an empirical methodology calibrated
on masonry buildings belonging to several Italian historic centers and adapted to the building
types observed after a careful reconnaissance activity.
The first phase of analysis was historical-critical and was devoted to the knowledge of the
evolution processes of the historic center. After that, investigations that allowed the collection
of all needful data for the seismic vulnerability assessment were performed. The consequent
Vulnerability Indices computation allowed to elaborate the expected damage scenarios for
different seismic intensities, by means Damage Probability Matrices and Fragility Curves.
The main conclusions that can be defined are the following:
- the current configuration of the historic center of Cusco and its buildings are the
result of several transformation processes, mostly related to the seismic history of the
area;
- the analyzed buildings are characterized by a structural organization on two or three
floors with stone foundations, wooden horizontal slabs and poor connections;
- the most common vulnerability sources are related to the lack or ineffectiveness of
seismic prevention devices able to guarantee an effective connection of the
orthogonal walls and between vertical and horizontal elements;
- since the implemented method represents a procedure calibrated on Italian masonry
buildings, with characteristics that are different from the Peruvian adobe dwellings,
the results will have to be confirmed by means of more detailed analysis.
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Abstract. The extensive damage occurred to the Italian historical and architectural heritage
during the 2016-2017 earthquake sequence, and particularly to unreinforced masonry
churches, highlights the need to better recognize the vulnerability of religious buildings. A
sample of 158 churches belonging to the four stricken regions is studied and their performance
analysed statistically. Structural behaviour of these churches is described in terms of
mechanisms affecting the so-called macroelements, being portions of the building behaving
more or less independently. In order to define fragility curves correlating the damage related
to each collapse mechanism against ground motion intensity and churches’ specific
characteristics, the observed behaviour of the sample is herein analysed by means of statistical
procedures accounting for possible local collapse mechanisms. Several regressions strategies
are considered, accounting for vulnerability modifiers increasing/reducing the vulnerability of
each macroelement, since the severity of shaking alone is not capable to fully explain the
observed damage, strongly influenced by structural details that can worsen the seismic
performance or improve it through earthquake-resistant elements. A synthetic damage index,
purely based on observed data, is used to summarise the overall severity of damage related to
relevant mechanisms, highlighting the contributions of ground shaking and building
vulnerability. Results show the relevance of the proposed multi-linear regression models for
the national heritage of churches and the advisability of extending mechanism-based
regressions to other countries besides Italy. The proposed global damage index can be used as
predictive tool to support seismic vulnerability mitigation at a territorial scale.
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1

INTRODUCTION

In 2016-2017 a strong seismic sequence struck a wide area of Central Italy within the
boundaries of Latium, Abruzzi, Umbria and Marche regions (Figure 1), causing severe damage
and hundreds of casualties. The first two events, occurred on August 24 (Mw 6.0 and 5.4) caused
299 fatalities and several hundreds of injuries, mostly affecting the municipalities of Amatrice,
Arquata del Tronto, and Accumoli. The strongest event took place on October 30, 2016 (Mw
6.5) and caused extensive damage to the municipalities of Norcia and Castelsantangelo sul
Nera, with no further fatalities.
The building portfolio of the affected area is characterised by numerous historical
constructions, which were strongly damaged by the seismic swarm. The October event was
particularly destructive for the religious buildings in the city of Norcia, where almost all
churches suffered extensive damage and collapses [1]. In fact, it is widely known that churches
frequently exhibit a seismic vulnerability higher than ordinary buildings [2], because of their
architectural and structural characteristics such as open plan, large wall height-to-thickness and
length-to-thickness ratios, and the use of thrusting horizontal structural elements for vaults and
roofs [3]. As known, historical unreinforced masonry (URM) buildings, and particularly
churches, tend to respond to earthquakes with local mechanisms rather than with a global
behaviour, with a set of different architectural components, commonly called macro-elements,
behaving more or less independently one from the adjacent [4–7]. According to such
observation, the behaviour of a sample of 158 URM churches is herein analysed accounting for
28 possible local collapse mechanisms (Table 1), as currently adopted in Italy for postearthquake assessment of churches [8]. In order to correlate the observed damage related to
each collapse mechanism against ground motion intensity and churches’ specific
characteristics, several statistical procedures are used.
Table 1: List of the possible 28 collapse mechanisms
Ref. no.
1
2
3
4
5
6
7
8
9
10
11
12
13
14

Description
Overturning of the façade
Gable mechanisms
Shear in the façade
Damage in the porch
Transversal response of the nave
Shear in longitudinal walls
Longitudinal response of the columns
Vaults in the main nave
Vaults in the aisles
Overturning of the transept
Shear in the transept
Vaults in the transept
Triumphal arch
Dome

Ref. no.
15
16
17
18
19
20
21
22
23
24
25
26
27
28
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Roof lantern
Overturning of the apse
Shear in the apse
Vaults in the apse
Interactions between the nave and its roof
Interactions between the transept and its roof
Interactions between the apse and its roof
Overturning of the chapels
Shear in the chapels
Vaults in the chapels
Interactions next to irregularities
Projections
Bell tower
Belfry
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Figure 1: Locations of the 158 URM churches pertaining to the four regional boundaries, along with the
epicentres of the main seismic events

Generally, when the interpretation of observed damage is of interest, a macroseismic
intensity is used [9,10] because it is directly assigned to stricken locations on the basis of the
occurred effects on the built and natural environment. Consequently, Mercalli-Cancani-Sieberg
(MCS) macroseismic intensity (Figure 1) is considered as intensity measure in this study. Local
values of MCS intensity [11,12] are attributed to each church location using a triangulationbased linear 2-D interpolation when macroseismic intensity was not available for the settlement
of interest. Either one of the two main earthquakes of the sequence, the August 24, 2016 (Mw
6.0) or the October 30, 2016 (Mw 6.5) shock is used as reference event, depending on the
location of the church and the following date of survey. Therefore, the damage of 49 churches
out of 158 is referred to the August 24 shock, and that of 109 churches to the October 30 shock.
The majority of churches experienced a macroseismic intensity equal to V (20%), VII-VIII
(15%) and VIII-IX (13%). The remaining churches’ distribution decreases with MCS
intensities, ranging between V-VI (10%), and XI (2%).
2

LOCAL DAMAGE ASSESSMENT



The assessment of the damage occurred to the Central Italy churches was carried out by
assigning six levels of damage, ranging between 0 (no damage) and 5 (total collapse), to each
possible collapse mechanism in Table 1 following the qualitative expert judgment approach of
the European Macroseismic Scale [13]. The percentage of mechanisms whose activation was
identified is presented in Figure 2, in conjunction with the percentage of the possible
mechanisms. Some of the 28 mechanisms in Table 1 were rarely observed in the analysed stock
because they are related to macro-elements that were seldom present. Nevertheless, some of
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them (#9, #11) showed systematic activation (above 80% in the buildings where possible)
although their macro-elements (vaults in the aisles, transept) were present in few buildings.
Because of their rather poor sample size, these mechanisms, together with #10, 12, 15, 20, 24,
are not further discussed in the following, reducing the number of accounted mechanisms to
twenty-one.
As already pointed out in Marotta et al. 2017 [14], the seismic vulnerability of URM
churches is strongly modified by structural details that can improve the seismic performance,
(such as connections between walls and to horizontal structures, buttresses, tie rods, top beams,
lateral restraint, lintels, braced roof pitch), or worsen the seismic performance (such as poor
masonry quality, asymmetry conditions, thrusting elements, large slenderness, large openings,
heterogeneous materials, vertical-stacked-bond vaults, lunettes). For this reason, the presence
and effectiveness of the aforementioned fifteen vulnerability modifiers (Table 2) were also
recorded during the investigation, and the influence of each of them on the damage of single
mechanism was addressed in a disaggregated fashion, following the approach in Marotta et al.
2018 [15] originally proposed for URM churches damaged by the 2010-2011 Canterbury, New
Zealand, seismic sequence.
The vulnerability of each analysed mechanism is evaluated by using multi-linear regressions,
in which the response, d, representing the observed damage, and the considered explanatory
variables are fitted by a linear formulation, according to:
d = m0 I + m1 x1 + m2 x2 ... + mv xv + b + 

(1)

where I represents the MCS intensity measure univocally assigned to each church location and
referred to one of the two main shocks; x1, x2, … xv are the vulnerability modifiers considered
for each mechanism; m0, m1, m2, … mv are the obtained regression coefficients; b is the intercept
and  is the error term.

Figure 2: Percentages of possible (over the sample of 158 churches) and activated (over the sample of
possible) mechanisms mentioned in Table 1
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Table 2: List of the vulnerability modifiers, xv, used in the multi-linear regression models
Ref. no.
x1
x2
x3
x4
x5
x6
x7
x8
x9
x10
x11
x12
x13
x14
x15

Description
Tie rods
Lateral restraint
Buttresses
Lintels
Thrusting elements
Large openings
Top beam
Heterogeneous materials
Connections
Braced roof pitch
Slenderness
Asymmetry conditions
Poor masonry quality
Vertical-stacked-bond vaults
Lunettes

The influence of each vulnerability modifier is considered assigning it a score as indicator
of either the absence or presence of a characteristic and its effectiveness. The scores range
between −1 and 0 as for the structural details that are expected to improve the seismic
performance, or between 0 and 1 as for the structural details that are expected to aggravate the
seismic performance. Consequently, a modifier reducing the vulnerability, such as an
earthquake-resistant element, will score close to −1 if effective and 0 if ineffective or absent.
On the contrary, a modifier increasing the vulnerability will score close to 1 if present and 0 if
absent or negligible. The effectiveness of an earthquake-resistant element and the incidence of
a vulnerability increaser are entrusted to an expert judgment.
Two statistical procedures, namely Stepwise and Best Subsets [16], were used to determine
the variables that generate the most efficient predictive model: the Stepwise selection method,
which consists in inserting variables in turn until the regression equation involves a p-value
below a selected threshold, and the Best Subsets procedure, which selects the subset of
parameters that optimises an objective criterion, such as having the largest coefficient of
determination. Since the coefficient of determination, R2, automatically increases when
numerous variables are considered, for multiple-linear regressions the best regression model is
identified by means of the adjusted coefficient of determination, R2adj:


n −1 
2
= 1 −  1 − R2
Radj
n − (v + 1) 


(

)

(2)

where n is the sample size of churches and v + 1 is the number of considered explanatory
variables , including the MCS intensity measure.
Differently from a generic multi-linear regression model, the two procedures used allow to
identify those parameters that can be neglected, while providing both a better damage prediction
and the possibility of a faster territorial-scale vulnerability assessment [17].
For the twenty-one mechanisms considered, the coefficients defining the selected multiplelinear regressions of Eq. (1) are presented in Table 3.
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Table 3: Computed coefficients of the selected regression models according to Eq. (1) for MCS as intensity
measure
Variable

Mech.
No.

1
2
3
4
5
6
7
8
13
14
16
17
18
19
21
22
23
25
26
27
28

I

0.203
0.392
0.193
0.788
0.395
0.240
0.228
0.136
0.239
0.325
0.175
0.268
0.142
0.429
0.509
0.191
0.342
0.424
0.219
0.197
0.545

x1

x2

x3

x4

0.384

0.590

x5

0.757 -1.023

0.731

2.245

0.323
0.540

1.843

0.837

0.847

0.487

1.015
1.184

0.708

Mech.
No.

x9

2.211
1.987
1.306

x10

0.681
0.714

0.577
0.334
0.732
0.936

1.357

2.388
1.456

1.636
1.316
1.484
1.180

x11

0.577
0.638

x12

1.605

0.786

1.236
1.123
1.976

1.154
1.048
0.792
1.885

1.163
1.485
1.600
2.724
0.730

1.554

0.820

0.565

1.250

0.898
1.045
3.425
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x13

1.877
2.314
2.039
2.941
1.085
1.333
2.226
2.349
1.450
1.416
1.409
1.784
1.423
1.341
1.828
1.649
0.887
2.447
2.275
1.606

1.001

1.983

Variable
1
2
3
4
5
6
7
8
13
14
16
17
18
19
21
22
23
25
26
27
28

1.172

2.156
1.280

0.738

0.851
0.314
0.552

0.487

x8

1.136

0.610
0.575

x7

0.958

0.513

0.482

x6

x14

x15

b

1.213
-2.610
0.931
-5.974
1.801
-1.037
1.952
0.052
-3.074
-0.435 0.194
1.010
-0.880
0.998
0.822
1.481 -0.008
-0.292
-1.581
-0.444
-1.387
-0.412
-0.731
1.932
-2.293
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Although not included in the current Italian form, poor masonry quality was found to be
crucial for at least twenty mechanisms. It is also important to highlight that the presence of poor
masonry can lead to wall fragmentation (example in Figure 3a), before a rigid-body mechanism
can be triggered. In the case at hand, this phenomenon was observed in 21% of the activated
mechanisms. Therefore, masonry performance is confirmed to be crucial and the investigation
of its mortar is highly recommended [18]. Other very relevant modifiers are connections,
between intersecting walls (example in Figure 3b) or between walls and horizontal structures,
which influence twelve mechanisms. On the contrary, despite it is widely known that tie rods
help to reduce wall overturning [19,20], they seem to play a negligible role, probably due to the
predominance of other modifiers such as connections. Similarly, buttresses only slightly
influenced the predicted damage, but their presence was detected only in about 15% of the
investigated churches. Large slenderness noticeably influenced the two mechanisms associated
with the presence of dome and belfry (#14 and #28).

a)

b)
Figure 3: a) Example of poor quality masonry causing wall disintegration: Santa Maria Assunta (Torrita,
Amatrice); b) Example of the relevance of connections: San Lorenzo (San Lorenzo e Flaviano, Amatrice)

a)

b)
Figure 4: Examples of reed-mat vaults: a) Santa Chiara (Camerino); b) Santa Maria in Via (Camerino),
released from the Corps of Firefighters (www.vigilifuoco.it)
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Other parameters, such as large openings (whose combined length exceeds 1/3 of the wall
length), heterogeneous materials (assigned in case of reed-mat vaults, Figure 4, for mechanism
#8 and when two adjacent structural elements are made of different masonry types), asymmetry
conditions (e.g., due to eccentricity of a projection with respect to the underlying masonry, or
due to juxtaposition of a new extension) and the presence of vertical-stacked-bond vaults, are
relevant for specific mechanisms. Negative values of the coefficients are obtained in two cases,
since related to vulnerability modifiers rarely present in the relative mechanisms and will
require further investigation.
3

GLOBAL DAMAGE INDEX

In buildings where multiple local collapse mechanisms take place, it is important to define a
synthetic index expressing the overall severity of damage. Commonly, a normalized average,
id, proposed by Lagomarsino et al. [6], and computed as the mean of the damage scores, dk,
assigned to each of the N mechanisms that might have been activated in the church (twenty-one
at most in the present case), weighted by the coefficients ρk, is used:
N

1
id = k =1N
5

k dk


k =1

(3)
k

where the factor 1/5 normalizes id in the range [0,1].
The normalized average, id, can be transformed into a discrete variable, varying from 0 to 5,
using the correlation suggested by Lagomarsino and Podestà [21]. In order to overcome a
conventional estimation of the ρk weights, an alternative synthetic damage index has been
proposed in Marotta et al. [15]. Re-expressing in vector form Eq. (1), it follows:
d = m0 I + c + b + ε

(4)

where d represents the vector of observed damage, m0 is the vector of the regression coefficients
of the intensity measure I, vector c groups the regression modifiers associated with the twentyone mechanisms (e.g., for the j-th mechanism: c j = m j1x j1 + m j 2 x j 2 ... + m jv x jv ), b is the vector of
intercepts and  is the vector of error terms. The ground motion parameter I that best fits the
observed damage can be obtained by minimizing the sum of squares of the error terms:
I=

m T0 (d − b − c) m T0 (d − b )
m T0 c
=
−
m T0 m 0
m T0 m 0
m T0 m 0

(5)

The ground motion parameter x1 is equal to the difference of two terms, where the first
depends on observed damage (including intercepts) and can be considered as a damage index,
Ds:

Ds =

mT0 (d − b )
mT0 m0
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The second term depends on the vulnerability modifiers alone, and can be considered as a
vulnerability index, V:

V=

mT0 c
mT0 m0

(7)

Accordingly, Eq. (5) can be rewritten as:
I = Ds − V

(8)

A simple additive model is therefore established, where the ground motion parameter, I, is
computed as the difference between the synthetic damage index, Ds, and the vulnerability index,
V, and all quantities share the same unit of measure. The synthetic damage index of Eq. (6) is
an observed damage, which can be used for comparisons and model validation. A comparison
of the observed synthetic damage index with the normalised average id, computed for Central
Italy churches according to Eq. (3) assuming ρk = 1, is provided in Figure 5a, and a good
correlation is achieved, confirming the efficacy of the proposed index.
As Eq. (8) establishes a relationship between three quantities, once damage and vulnerability
are known (e.g. after an earthquake) it is possible to estimate the ground motion severity,
gaining a quantitative alternative to the conventional macroseismic intensity, which enables an
estimate of ground motion severity on a specific class of buildings accounting for their
vulnerability. The limited correlation (Figure 5b) between the MCS intensity assigned after the
seismic sequence and the ground motion parameter, I, obtained with Eq. (8) depends on the
different stock of buildings considered for their computation, in the case of x1 solely churches,
whereas all constructions for the attribution of MCS intensity (in the case at hand mostly
ordinary unreinforced masonry buildings).

a)

b)

Figure 5: a) Correlation between normalised average, id, computed for Central Italy churches following Eq. (3)
and observed synthetic damage index, Ds, obtained with Eq. (6); b) Comparison between assigned MCS intensities
and ground motion parameter, I, computed following Eq. (8)
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On the other hand, when the expected ground motion and vulnerability are provided (e.g. in
a risk analysis), the expected damage can be forecasted as follows:
Ds = I + V

(9)

Considering the long timespan covered by Italian macroseismic catalogues [22], law of
occurrence and expected intensities can be estimated for most places. Therefore, the coefficients
in Table 3 can be used in future preventive assessments, as done by Marotta et al. [15], wherein
a worked out example is shown.
4

CONCLUSIONS

The 2016–2017 Central Italy earthquake sequence caused extensive damage to the national
architectural heritage, especially to unreinforced masonry churches. The damage data collected
in the aftermath of the main events for a sample of 158 religious buildings in the affected area
highlighted once again the intrinsic structural vulnerability of this architectural type.
Because unreinforced masonry churches respond to earthquakes as a composition of macroelements, observed damage was interpreted mechanism by mechanism, also accounting for
differences in vulnerability besides the severity of shaking alone. Such investigation was
conducted by using multiple-linear regressions, according to statistical procedures, in order to
obtain the model having the largest coefficient of determination together with the smallest
number of relevant modifiers for a faster territorial scale application. Accordingly, the
coefficients defining the regression models of twenty-one mechanisms were computed.
Commonly, damage occurred to churches is analysed by computing a global damage index,
based upon summing up and weighting separate mechanism damage levels. Herein, an
alternative synthetic damage index has been identified, by minimizing the sum of squares of
the difference between expected and observed damage. The proposed index has the advantage
of not requiring a conventional estimation of the weights used in previous definitions of a global
damage index and is exclusively based on observed data. The applied method, already
calibrated on observed damage from other earthquakes affecting unreinforced masonry
buildings, and herein recalibrated for the assessment of the global response of the Central Italy
unreinforced masonry churches, provides good results and a good correlation when compared
to a mean damage. An innovative advantage of the proposed damage index, which is a
combination of a ground motion intensity measure and building vulnerability, is the possibility
to highlight the specific influence to damage of each component, separating the role of ground
motion severity from that of building vulnerability.
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di Protezione Civile – Consorzio RELUIS”. The opinions expressed in this publication are those
of the authors and are not necessarily endorsed by the Dipartimento di Protezione Civile.
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